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Preface 

The IABSE Congress Nanjing 2022 was organized by the Chinese Group of IABSE in co-operation with Tongji 
University and Southeast University, and was held in Nanjing, one of the metropolises with a 3100-year history that 
had once been the capital of six dynasties in ancient China.  

Bridges and structures are symbols of urban development and expansion. They are not only functional and 
presentational, but also deeply affect human’s lifestyle. The Congress theme “Bridges and Structures: 
Connection, Integration and Harmonisation“ reflects the influence of the infrastructure development on the 
evolving cities and city life. The three sub-themes, i.e., Future Trends and Innovations in Material, Design and 
Construction;   Assessment, Strengthening and Management; Sustainability, Durability and Harmonization of 
Structures with more than 10 topics for each, explain our understanding of the theme from technical point of 
view. 

This congress proceeding includes a printed version with two-page extended abstracts and an electronic version 
with the full papers available for download. There were 465 accepted abstracts and 281 papers selected by the 
Scientific Committee for oral presentation during the Congress. 

Eight eminent engineers and scholars recommended by the Scientific Committee and the Chinese Group of IABSE 
provided Keynote Lectures during the plenary sessions. In addition to the plenary sessions and six parallel sessions, 
there will also be three special sessions including SS1 (Recent Structures in China), SS2 (Recent Bridges in China) and 
SS3 (Industrial Session: OVM Technology Forum) in the congress.  

The congress was held in a hybrid format (on-site and online). International delegates who were not able to come to 
Nanjing in person attended the congress online. For technical visits, all participants and accompany persons had the 
privilege to visit two world record-breaking bridges, i.e., Chang-Tai Cable-stayed Bridge with a main span of 
1176m and Zhang-Jing-Gao Suspension Bridge with a main span of 2300m. 

We thank all our colleagues for their contributions and support to make this congress possible, especially the 
Scientific Committee members, the experienced staff of IABSE Secretariat,  local Professional Conference 
Organizers, all the members of the Organizing Committee, the Advisory Committee, the Supporting 
Organisers, and the Sponsors and Exhibitors.

Limin Sun   
Gang Wu 
Co-Chairs, Organising Committee  
IABSE Congress Nanjing 2022 

Dong Xu      
Naeem Hussain 
Co-Chairs, Scientific Committee 
IABSE Congress Nanjing 2022   

Nanjing, September 2022
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Abstract 
Impact factors that are more rational for bridges were proposed in 1995 using the vehicle-bridge 
interaction (VBI) element derived, by which the term VBI first appeared. Resonance and cancellation 
conditions were proposed for highspeed (HS) railway bridges, by which the optimal span length L 
was proposed to be 1.5 times the carriage length. Based on the VBI, the vehicle scanning method 
(VSM) for extracting bridge frequencies was proposed in 2004, which was followed by a huge 
amount of research not restricted to our research group, but all over the world. Extension was made 
to construction of mode shapes and detection of damages, damping ratios, etc., of the bridge. Later, 
pavement roughness was resolved by using the residual of dual vehicles, while vehicle’ frequency 
eliminated by using the vehicle-bridge contact point response. Research continues to grow nowa-
days on applications to thin-walled beams and railway bridges. 

Keywords: bridge; damage; damping; frequency; mode shape; vehicle; vehicle-bridge interaction; 
vehicle scanning method. 

1 Introduction 
The journey to research on vehicle-bridge interac-
tion (VBI) problems and vehicle scanning method 
(VSM) for bridges since the 1990s has been very in-
teresting and rewardable. Partly due to the con-
struction of long-span bridges worldwide and the 
promotion of high-speed railways in some coun-
tries, research on VBI problems continues to grow 
in a rapid speed. 

2 Impact factors for bridges 
In bridge engineering, the impact factor I to ac-
count for vehicle’s dynamic amplification is 

𝐼𝐼 = 𝑅𝑅𝑑𝑑𝑑𝑑(𝑥𝑥)−𝑅𝑅𝑠𝑠𝑑𝑑(𝑥𝑥)
𝑅𝑅𝑠𝑠𝑑𝑑(𝑥𝑥)

 (1) 

where 𝑅𝑅𝑑𝑑𝑑𝑑(𝑥𝑥) and 𝑅𝑅𝑠𝑠𝑑𝑑(𝑥𝑥) are the maximum dy-
namic and static responses, respectively, at point x 
of the beam. What attracted us first to this subject 

is that the impact formula of the AASHTO Specifi-
cations (1989) did not look meaningful from the 
point of physics, in that the impact factor I is re-
lated to a static parameter, i.e., span length L, but 
not any dynamic parameter of the bridge. In this 
regard, a dynamic parameter called the speed pa-
rameter s was adopted instead:  

𝑠𝑠 = 𝜋𝜋𝜋𝜋
𝜔𝜔𝜔𝜔

 (2) 

which is a combination of vehicle speed v, fre-
quency 𝜔𝜔 and span length L of the bridge. The span 
length L for simple beams should be interpreted as 
the characteristic length for continuous beams. 
Both the non-dimensional impact factor I and 
speed parameter s can be related by 

𝐼𝐼 = 𝑎𝑎𝑠𝑠 (3) 

where a is a coefficient specific for each condition. 
Using the VBI element presented in [1], a set of im-
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pact factors was proposed for the deflection, bend-
ing moment, and support shear for both simple and 
continuous beams [2]. Both uni- and bi-directional 
moving vehicles are considered. 

3 Optimal span length for bridges 
Railway vehicles are regular and repetitive, which 
imply some frequencies. Certain dynamic phenom-
ena may occur for HS railways built on simply sup-
ported beams. As shown in Figure 1, all the front 
(or rear) bogies of the carriages can be modelled as 
a series of moving load p spaced at interval d over 
the beam of length L. 

Figure 1. Schematic of a moving train 

Given the car length d, the resonant speed param-
eter is: 𝑠𝑠 = 𝑑𝑑/(2𝑖𝑖𝑖𝑖) with i = 1,2,3, … Under such a 
condition, the bridge response will build up as 
there are more loads passing the beam. On the 
other hand, cancellation will occur on the bridge 
for s = 1/(2i – 1), with i = 1,2,3, … Under such a con-
dition, no residual response will remain on the 
bridge for the load leaving the beam [3]. 

By letting the above two conditions be equal, the 
optimal design rule is obtained as [3]: 

𝜔𝜔
𝑑𝑑

= 𝑖𝑖 − 0.5 for 𝑖𝑖 = 1,2,3 … (4) 

For i = 2, the optimal span length is 𝑖𝑖 = 1.5𝑑𝑑, by 
which the cancellation condition is fulfilled and the 
vibration of the beam reaches the minimum under 
any vehicle speeds. 

Such a condition has been utilized by Museros and 
Alarcon to explain why no resonance was observed 
for an ICE train moving over a beam with 𝑖𝑖 = 1.5𝑑𝑑 
[4]. According to Cho et al. [5], the 1.5 times rule 
was adopted in the preliminary design of the 
Honam HS Railway Line in Korea, as well as in the 
Yamanashi test track of the superconducting mag-
lev train in Japan. In China, it was also adopted in 
the design of some HS railway bridges. 

4 Other resonances for railways 
The resonance and cancellation conditions re-
viewed in Section 3 is based on the first flexural 
modes of the bridge. In fact, resonance is the result 
of coincidence of any frequencies of the two sub-
systems of vehicle/train and bridges. For instance, 
pitching resonance may also be induced by a car-
riage with rigid car body [6].  

For a train composed of a number of cars moving 
over a bridge, train-induced resonance on the 
bridge may occur, while for a vehicle moving over 
a series of bridges, bridge-induced resonance may 
also be induced [7]. Under certain circumstance, 
the above two types of resonance may occur sim-
ultaneously [8]. 

Other types of structures may also encounter the 
phenomenon of resonance when subjected to a se-
ries of moving loads, e.g. elastically supported 
beams [9], curved beams [10,11], and thin-walled 
beams [12]. 

Figure 2. Sprung mass moving over a bridge 

5 Vehicle scanning method (VSM) for 
bridges 

After years of working on VBI problems, the idea of 
extracting bridge frequencies from the moving ve-
hicle response was proposed in 2004 [13] and field 
tested to be feasible next year [14]. As shown in 
Figure 2, the test vehicle fitted with an acceleration 
sensor is modelled as a sprung mass. When set into 
motion, the vibration of the bridge will be transmit-
ted to the test vehicle. In this sense, the test vehicle 
serves both as an exciter and message carrier of the 
bridge.  

Such a method was initially known as the indirect 
method for measuring bridge properties, to distin-
guish from the conventional direct method that re-
lies directly on the bridge response recorded by 
fixed sensors on the bridge. Later, it was renamed 
as the vehicle scanning method (VSM) for bridges 
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for better conveyance of the meaning involved [15]. 
The VSM is featured by mobility, economy and ef-
ficiency, since no sensors need to be mounted on 
the bridge, while only one or few sensors are 
mounted on the test vehicle. 

Bridge surface roughness has been a disturbing fac-
tor to the efficacy of the technique. It was resolved 
through use of identical dual vehicles for scanning. 
With this, the effect of roughness can be elimi-
nated by using the vehicles’ residual response for 
bridge property identification [16]. The other ad-
vance is the construction of bridge mode shapes 
based on the Hilbert transformation (HT). The data 
recorded by the test vehicle was processed by the 
HT to yield the instantaneous amplitude for con-
structing the mode shapes [17].  

On the world scale, the VSM technique was ex-
tended quickly to the identification of bridge damp-
ing ratios, damages, etc. An up-to-date review on 
the technique is given in Ref. [18]. 

6 Contact response for removing ve-
hicle frequency 

The other disturbing factor to the VSM technique is 
that the vehicle frequency is too outstanding in the 
vehicle spectrum for the bridge frequencies to be 
visible. It was shown that if the contact point re-
sponse (shown as the red dot in Figure 2) is used 
instead, rather than the vehicle response itself, 
then the vehicle frequency will be totally elimi-
nated [19-21]. 

The contact response can be back-calculated from 
the vehicle response recorded in the field, based on 
the vertical equation of equilibrium of the test ve-
hicle [19]. It has been demonstrated that using the 
contact response enables us to detect higher 
modes of the bridge [22], multi damages [21], etc. 
Besides, the contact residue of dual vehicles can be 
utilized for simultaneous removal of vehicle’s fre-
quency and surface roughness in bridge scanning 
[23]. The procedure is simple and straightforward. 
It has also been adopted by global researchers for 
various purposes [18]. 

7 Conclusions 
Starting from the 1990s, research on the VBI prob-
lems and VSM for bridges has been growing in a 

very rapid speed. Due to the limit in paper length, 
no report has been given on the side of application 
of the VSM to railways. The confidence is that the 
VSM will continue to boom for detection of the dy-
namic properties of the sustaining structures for 
moving vehicles, including the bridges in highways 
and railways, and the rails and tracks in railway 
lines,  
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Abstract 
The design of specific infrastructures in relationship with their landscapes is a constant challenge, 
to achieve public acceptance through a harmonious integration. In the last three decades, we chose 
to work on this topic over a geographical, and technical point of view. This design path is explained 
over four different projects, in various contexts and at different scales– where consistent attention 
to the city, landscape, fabric and structural behavior subtly combines into specific designs: how 
asymmetry orientates the project in Bordeaux; the meeting of two districts over the railways in La 
Rochelle; a viaduct that offers an urban roof in Paris neighborhood; and a dialog between city and 
landscape in Linz (Austria). 

Keywords: infrastructure, landscape, bridge, specificity, geography, structure 

1 Introduction 
We take a positive look on the infrastructure. 
Beyond usage, it is an appropriated and shared 
space which can always be enhanced. 

Our experience and knowledge gained as 
Architects and Engineers allows us to develop, 
based on the infrastructure, projects that release 
themselves from constraints to offer generous 
urban or territorial situations. 

Bridges obviously occupy a significant part of our 
work. In France, China or elsewhere we identify the 
local conditions; the site and geographic ones, but 
also the resources, the knowhow, the local skills 
which inform our work in order to give priority to 
local situations and therefore design specific 
structures. 

Every experience adds value to the specific over the 
generic, the local over the global, and allows to 
express the location’s qualities as well as the work’s 
expertise, by developing an attentive materiality to 
a world transformed by Architecture. 

We always give priority to the capacities that an 
infrastructure must go beyond its functional 
characteristics to constitute public realm offered 
for sharing. 

Bridges always magnify the site’s environment and 
offer to everyone shared and appropriable realm. 
This skill about infrastructures and the technical 
knowledge on which it is based on, enabled us to 
expand our projects to specific architectural 
programs, developing approaches such as 
inhabited bridges.  

Figure 1. Aerial view of the La Rochelle Train Station 
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Spanning over the infrastructural urban fractures 
to generate necessary urban continuity. 

We want to associate our work to a technical and 
sensible experience which transforms 
infrastructure projects into public realm, territorial 
crossings into enhancers of the site’s specific 
topography, buildings into inhabited bridges 
creating new qualities of life. 

The infrastructure is often the expression of a 
rootless technical globalization, an unavoidable 
damage. Our work goes beyond this defeatist 
attitude. These projects generate value. 

The thought of a geographical and technical 
specificity as well has led the design of following 
four projects: in Bordeaux, La Rochelle, Paris 
neighborhood and Linz, we had to deal with bridges 

in cities, and develop each infrastructure in 
relationship with its specific landscape, and 
technical context.  

Figure 2. Rendering of the RATP Viaduct in Paris 

Figure 3. Elevation of the Palombe Bridge in Bordeaux 

Figure 4. Elevation of the new Danube Bridge in Linz 
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2 Palombe Bridge in Bordeaux 

Figure 5. Section of the Palombe Bridge 

The new Amédée Saint-Germain Bridge is first and 
foremost designed to be an essential urban 
improvement for the regeneration of the Saint-
Jean Belcier district in Bordeaux. The central 
feature of the project to open Bordeaux’s districts, 
the bridge can be understood as a tool in the 
dialogue with the infrastructure—train station, 
railways—that we prefer to see in a positive light as 
a service for the city where the railway lines flow 
like a river. 

It presented a significant challenge, involving local 
attitudes to public spaces and decisions about the 
siting of the new development. 

The project is above all a celebration of public 
spaces, achieved by the creation of a generous 
cantilevered walkway for pedestrians and bicycles, 
independent of and divided off from the section 
with lanes for motorized vehicles. 

Regard for the quality of public space is a priority 
for the project. In collaboration with the station, 
Gare St. Jean, our aim is to design it so that it 
becomes part of a continuity of the public space, of 
the land, and of the zones to be improved.  

2.1 Symmetric landscape, asymmetric 
cross section 

Bordeaux’s landscape is a very flat one, with a city 
lying along the Gironde. This characteristic 
landscape is emphasized by lower constructions, as 
those to be found about the station. This very train 
station dominates these  

horizontal lines, becoming a signal, an orientation 
mark, in addition to the sun lightings. The specific 
cross section of our project dialogues with this 
landscape, introducing a horizontal, symmetric 
elevation crossing the railways and connecting the 
two parts of the city, when the asymmetrical cross 
section, described by the position of the 
superstructure and the pedestrian cantilever 
highlights the orientation along the railways, after 
the station.  

2.2 Perforation de la superstructure 

The asymmetric cross section is highlighted by the 
superstructure of the bridge, developed in two 
curved beams, with significantly high webs. This 
orientation, induced by the shifted position of the 
longitudinal beams, is not creating a wall between 
pedestrian and traffic. We worked on the material, 
to find transparency, porosity, to let this beam 
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become a protective “claustrum” instead of a long 
blind wall. 

This transparency is significant on different scales: 
it refines the shape of the bridge, creates 
interesting shadows on the deck, and separates the 
pedestrian without depriving him to look at the city 
and the train station. These goals are achieved 
through a structural argumentation, working on 
the right way to find a meaningful perforation, 
optimizing the material, revealing the strength 
flows in the web. The asymmetrical concept was 
pushed up to the stiffeners system, uncoupled on 
each side of the web.  

Figure 6. Photography of a curved beam 

Figure 7. Axonometry and elevation of a curved 
beam 

3 La Rochelle – Footbridge over the 
railways 

Figure 8. Photography of the footbridge model 

In many points, the situation and context of this 
footbridge is similar to the one we just described in 
Bordeaux, but this infrastructure doesn’t simply 
connect two renewed districts, this is part this time 
of the city’s growth, the station and the significant 
width of the railways creating a border between 
the old city and the Tasdon’s swamp. 

3.1 Urban meeting over the railways 

The footbridge in La Rochelle takes part in a 
redevelopment scheme along the edges of the 
railway, the entrance to the station and its public 
areas. The bridge is not a mere functional 
connector; instead, it is part and parcel of a 
broader pattern of walks and footpaths. Continuing 
from the station’s public concourses, the 
footbridge forms a locale, reaching beyond the 
standard practical uses of the station. Supple and 
graceful, curved, and tensile, it seems to span the 
rails with a minimum of effort. Its relationship to its 
context, expressed via ramps and stairs, will make 
it possible to incorporate forthcoming programs 
(bike lanes, ticket offices, shops, etc.). Sheltered 
from the elements and wider than a purely 
functional thoroughfare, it effectively expresses 
the link between the two sides of the railway and 
becomes a fully-fledged public space at the point 
where it doubles in width. This provides a place to 
pause for a while, suspended above the tracks, 
allowing users to enjoy a unique view over the city 
which, depending on the direction in which they 
are walking, either welcomes them or bids them 
farewell. The footbridge thus occupies a unique 
position, providing a particular visual sequence and 
a unique experience for users in relation to the 
surrounding cityscape.  
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3.2 Boiler making industry – reduced 
maintenance 

Figure 9. Photography of the footbridge 

The structure of this footbridge is specific in many 
ways – first the twisted form of the structure, 
consisting of a large box girder, on many supports. 
This principal beam forms the deck of the bridge, 
covered by a canopy, building together the shape 
of a Vierendeel structure, in dialog with the 
tympanum of the monumental train station. Along 
the calm, old riveted steel girder under the glass 
façade, we designed a twisted shape of steel sheets. 

The main box girder is bordered by twisting wings, 
variating to adjust the inertia to the bending 
moments on the bridge – while the canopy follows 
this wave, inducing a slight vibration along the 
whole bridge over the railways. 

Structurally speaking, we worked on this specific 
structure, fitting the wings to the solicitation, and 
working on refining the plate’s thicknesses to allow 
the double curvature in their manufacture, without 
risking buckling on the compressed areas of these 
large steel sheets – choosing carefully the place of 

the stiffeners. This question was all the more 
complex, as we designed the whole pedestrian 
bridge on very delicate, fine, and supple supports, 
all embedded in the deck, which induces stress 
concentration on the support points – but allows to 
avoid maintenance on bearing devices over the 
railways – in this way, the context leads to a rare 
technical specificity, with a 220m length pedestrian 
footbridge without sliding bearings, since the 
smooth pile support the bending induced by 
dilatation. 

Figure 10. Photography of the footbridge over the 
railways in the La Rochelle train station 

4 RATP Viaduct – Paris

Figure 11. Elevation of the viaduct 
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4.1 Roof on a public space – ribbon in the 
landscape 

The future viaduct for the extension of Metro Line 
11 in Paris is a public transport service that can also 
become a protective public space. In this eclectic 
urban landscape, and its rolling topography, it must 
create a sense of urban unity, reunify the different 
browsed areas – between park, hill, and trade zone 
and highway, through obvious identification of the 
aerial sequence, between two underground parts 
of the tracks. 

The whole picture of the bridge is formed by this 
long slope over the landscape, and the 
progressively declining protective shields to both 
ends, on the tunnels entrance. The station raises in 
the middle of this ribbon, as a delicate signal of the 
shared space and public service. However, the 
primary condition for that unity is embodied in its 
measured, constant roof spans, which creates a 
unifying feeling of rhythm, punctuating this 
covered public space, offered for gathering and 
leisure.  

Figure 12. Photography of the construction site 

This rhythm must be qualified: cast steel columns 
make the structure coherent, providing great 
clarity and reflecting the special attention paid to 
public space. These columns are a nod to the 
tradition of elevated Metro lines in the 19th 
century.  

4.2 Cast steel 

As a reminiscence of ancient aerial Metro lines in 
the city, these cast columns dominate and 
punctuate the space. This technical specificity is an 
expression of a special care to the public space, 
through highly technical specifications. 

This key-part of the project was at first explored 
with simple calculation models, based on beam 
elements and variable sections to find the 
structural condition for the column, and then first 
approached sizes of the different parts of this 
unusual object. The deck is supported on the 
columns over sliding bearings, which induces 
principally vertical loads, as well as horizontal loads 
induced by wind and traffic loads – eventually, the 
pile works as a vertical cantilever, embedded in the 
foundation. We built also, in a second step, several 
models of three-dimensional finite elements, to 
study in details locally as well as generally the 
behavior of the column, and refine the shape of 
each junction. 

After this calculation phase, the third step was the 
making of one column element, as a prototype, to 
measure the different issues during manufacturing, 
before producing it as a “serial element” for the 48 
columns of 7,5-meter length and 12 tons each, 
poured in sand mould. 

Figure 13. Making of the columns 
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5 New Danube Bridge in Linz 

Figure 14. Photos of the New Danube Bridge – Integration into the landscape 

5.1 A dialog between city and landscape 

Historically, the city developed along the south 
bank of the Danube. Today, the development of 
the Urfahr district is slowly recentering the city 
around the river. This balanced south-north 
redevelopment process involves a project that 
embraces the Danube in its entirety, from Linz to 
Urfahr, while remaining attentive to the unique 
features of the riverscape. In this asymmetrical 
landscape, the unifying project creates a 
connection from city to city without neglecting the 
river. Two of the cantilevers are centered on the 
minor bed with its navigable channel, while the 
third span the major bed to the north.  

Providing a genuine public space 

The infrastructure must be capable of being 
modified at any time as the city’s transport systems 
evolve: it must be able to accommodate all future 
modes of transport. This is why there is no 
superstructure on the central section of the bridge. 

We have paid special attention to the pathways 
across the bridge, providing both cycle lanes and 
footpaths. The light, transparent superstructures 
provide a variety of different views over the city 
and the river. 

The bridge we proposed stands gently and 
discreetly on the site and makes optimum use of its 
geographical features: not only those of the 
landscape and the river, but also those of the city 
through which it flows. This attention paid to the 

surrounding area and to users of the bridge is what 
makes the project so coherent. This integration in 
the landscapes is achieved in two very distinct 
scales, firstly over the Danube in the valley, 
reintroducing a unitary object in an asymmetric 
valley, and secondly in the general landscape of the 
city, reunifying two districts which were once, in 
the fifties, a border between American and Soviets 
occupied zones. 

5.2 Revisiting a cantilever 

Create one unitary object spanning over the whole 
Danube valley wasn’t going together with the 
former isostatic spans structural scheme of the 
ancient one – however, we wanted to work paying 
special attention to this balanced landscape, and 
discretion of the former structure in front of the 
massive highway bridge – we decided to follow this 
arch shape. The structural scheme is this time 
totally different, since we chose to work on the 
former usual cantilever system (as for the famous 
Firth of Forth Bridge), in a redesigned way. 

This cantilever was designed in a careful 
decomposed way, to refine the structure in few 
pieces, for a better legibility. The upper member, 
designed in an arch shape, is in fact a slightly curved 
tensed part of variable inertia, following the 
bending moments in the structure. Two strong 
pieces are added, forming a V-figure on the piles, 
and stretching the arch form: these two members 
are strongly under compression, leading all the 
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loads to the bearing points on the piles. The upper 
part is split in two parts, to allow an elegant 
connection with the V-figured struts. The deck 
itself works as a compression member between 
arch feet and pile. This particular system allows us 
to design astonishing little section for these arch 
feet. 

Figure 15. Photo of a cantilever element 

Figure 16. System proposed for the Firth of Forth 
Bridge in Scotland, Edinburgh, 1879 

6 Conclusions 
Four different projects, for different landscapes, 
sites, and functions – but only one inference: the 
work on a specific design, based on the 
understanding of local context is a necessary, 
indispensable condition to let people accept 
infrastructure as common assets, instead of a 
necessary evil. Infrastructure vital character 
doesn’t have to be longer considered as the price 
to pay for our modern uses of space, our current 
travelling customs, this is on the contrary the 
occasion to appropriate landscape and places, in a 
constant and careful dialogue with technical 
argumentation and necessary sobriety. 
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Abstract 
For better cooperating river-crossing highway and railway with waterway transportations, larger 
spanning capability of a bridges is more demanding than ever before. Larger spans lead to 
supersized structural components, bringing new technical challenges to the design and 
construction of bridges. This paper summarizes several recent engineering innovations in the 
design and construction of supersized structural components for super long span bridges, 
including thermal-adapting tower-deck restraint system, spatial diamond-shaped tower, steel-box 
and core-concrete composite anchorage system, scour-mitigating skirted caisson foundation, and 
vortex-induced-vibration control of the main girder, so as to provide viable solutions for the design 
and construction challenges brought by supersized structural components of long span bridges. 

Keywords: structural scale; thermal-adapting tower-deck restraint system; spatial diamond-
shaped tower; steel-box and core-concrete composite anchorage system; scour-mitigating skirted 
caisson foundation; VIV; long-span bridge. 

1 Introduction 
Cable-stayed and suspension bridges are two 
common structural types of long-span bridges in 
China. The spanning capability of the bridge has 
significantly increased with the development and 

construction of bridges in China. In terms of 
highway cable-stayed bridges, the first cable-
stayed bridge is the Yunyang Tangxi River Bridge, 
which was built in 1975 with a main span of only 
76 m. Shanghai Nanpu Bridge was opened in 1991 
and adopted the composite girder with a main 
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span of 423 m. The Second Yangtze River Bridge of 
Wuhan was constructed in 1995 and made of 
concrete girders with a main span of up to 400 m. 
The Sutong Yangtze River Bridge, built in 2008, has 
a main span of more than 1000m for the first time. 

Regarding railway cable-stayed bridges, the first 
cable-stayed bridge in China is the Hongshui River 
Bridge, built in 1977, which only has a span of 96 
m. The main span of the Wuhu Yangtze River
Bridge opened in 2000, is 312 m, then the
Tianxingzhou Yangtze River Bridge was
constructed in 2009 and had a span of 504 m, and
the Suhutong Yangtze River Bridge was opened in
2020 and had a span increased up to 1092 m. For
better cooperating river-crossing highway and
railway with waterway transportations, a larger
spanning capability of a bridge is more demanding
than ever before. Changtai Yangtze River Bridge is
a cable-stayed bridge under construction, which
adopts a main span of 1176 m. One other highway
suspension bridge currently under construction
has an even larger main span, which has exceeded
2000 m.

A long-span bridge is composed of many types of 
structural components. Generally, the size of the 
components on the bridge is positively correlated 
to the span of the bridge. That is, the size of the 
components would subsequently increase with 
the increase of the spanning capability. For a 
cable-stayed bridge, the base bending moment of 
the bridge tower is one of the most sensitive loads 
to the increase of the main span among all the 
loading effects of main components of bridges, 
including girder, tower, and cables. For example, 
the main span of the Wuhan Second Yangtze River 
Bridge is 400 m, and the base bending moments 
of the tower under the controlling load 
combination is approximately 0.5×106 kN.m. While 
the main span of the Changtai Yangtze River 
Bridge is 1176 m, the base bending moment has 
reached up to more than 10.5×106 kN·m. The 
cross-section at the base of the towers for both 
bridges is illustrated in Figure 1. Compared with 
Wuhan Second Yangtze River Bridge, the main 
span of the Changtai Yangtze River Bridge is 
increased by less than three times, while the base 
bending moment is enlarged by 21 times. The 
longitudinal dimension of the tower increases 

from 7 m to 21 m, and the wall thickness increases 
from 0.8 m to 3.0 m. 

Figure 1: Tower base section of Wuhan Second 
Yangtze River Bridge (left) and Changtai Yangtze 

River Bridge (right) (unit: m) 

As the spanning capabilities and loadings of the 
bridges increase, many bridge components have 
been enlarged to an unconventionally large scale 
to fulfil the required design strength. This increase 
in structural component sizes brings technical 
challenges for super long-span bridge construction 
and service in areas such as bridge safety, 
transportation serviceability, and long-term 
durability.  

On the basis of the bridge engineering practices in 
recent years, the rest of the paper summarizes 
several recent technical innovations in the design 
and construction of supersized structural 
components for super long span bridges, including 
structural system, tower configuration, stay cable 
anchorage system, skirted caisson foundation, and 
vortex-induced vibration (VIV) control of the main 
girder. 

2 Technical innovation for 
supersized structural components 

2.1 Thermal-adapting Tower-Deck 
Restraint System (TARS) 

The thermal deformations can be released by 
removing the longitudinal restriction between the 
bridge tower and deck for the cable-stayed 
bridges with a semi-floating system. However, the 
longitudinal live and wind loads could increase 
internal loads in towers and deformation on deck 
for such a system. Suppose Changtai Yangtze River 
bridge adopts the conventional semi-floating 
system. In that case, the tower base bending 
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moment under a controlling loading combination 
could exceed 10.5×106 kN·m, the longitudinal 
dimension of the tower section could reach 21 m, 
and the thickness of the wall could reach 3 m. 
Firstly, crack control is difficult for such a large 
thick-wall concrete block. Secondly, the deck-end 
displacement (calculated as 2800 mm) poses a 
challenge for the serviceability of the bridge and 
its durability of expansion joints. When the 
longitudinal restraints were installed on the bridge, 
the load path of the longitudinal live and wind 
load could be optimized, and the tower base 
bending moment and deck-end displacement 
could be lowered. In that case, it restricts the 
release of temperature deformation of the deck 
but creates large temperature loads on the 
structure. 

To maintain the longitudinal restriction between 
tower and deck and release the temperature-
induced deformation on the deck simultaneously, 
the thermal-adapting tower-deck restraint system 
(TARS) was proposed [1][2]. Figure 2 illustrates the 
concept of the TARS system. 

The TARS utilizes the temperature inert property 
of CFRP material, which has a low thermal 
expansion coefficient (equals 1/20 of that of steel). 
As illustrated in Figure 2, the TARS connects points 
B and C to point A by a horizontal CFRP cable, 
which provides longitudinal restraint between the 
tower and deck. When temperature changes, the 
temperature deformation of cable AB and AC is 

negligible. Since point A is at the mid-span and 
remains in the same place during the temperature 
change, the temperature deformation of the 
girder can be released without creating additional 
structural internal loads.  

According to the analysis of the Changtai Yangtze 
River bridge, the application of TARS reduces the 
deck-end displacement by 23%, reduces live load 
induced tower base bending moment by 19%, and 
reduces the tower base bending moment under 
wind by 39%, compared with the conventional 
semi-floating system. 

2.2 Spatial diamond-shaped tower 

Long-span cable-stayed bridges constitute 
significant load effects within the structure. The 
component would exceed ordinary scale, if only 
the cross-sectional dimensions of components 
were increased to enhance the structural strength. 
The tower of Changtai Yangtze River Bridge has a 
longitudinal size of 21 m and a thickness of 3 m. 
Such a large block of thick concrete wall suffers 
from many construction challenges, including 
early-stage shrinkage, liquefaction temperature 
change, late-stage creep, daily temperature 
change, and seasonal temperature change. The 
crack control in the transverse direction for the 
tower is challenging. Numerous engineering 
practices have revealed that the crack control in 
the transversal direction is a problem yet to be 
solved for bridge towers with a wall thicker than 
15 m. 

From an engineering perspective, it is better to 
adopt structural measures instead of increasing 
sectional dimensions to resist the large external 
loads. The most common design measure utilized 

on bridge towers is to break down a single tower 
leg into two legs to form a frame-like structure in 
the longitudinal direction. On the one hand, the 
frame-like structure reduces the cross-sectional 
dimension of tower legs and lowers the crack 

controlling difficulty. On the other hand, the 

Figure 2: The TARS system 
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tower's bending moments are converted to axial 
loads on the two legs and therefore enhance the 
push-over capability of the tower. Figure 3 plots 
the proposed spatial diamond-shaped tower [3]. 

Figure 3: Planar (left) and Spatial (right) Diamond 
shaped towers 

2.3 Steel-box and core-concrete Composite 
Anchorage System (SCAS) 

The spotlight on the architectural aesthetics of 
cable-stayed bridges shines on bridge towers. For 
diamond-shaped and Inverse-Y-shaped towers, 
proper coordination between the length of the 
anchorage area and the tower height is essential 
for visual aesthetic effects. The distance between 
cables on the bridge tower is relatively fixed. 
Therefore, longer-span cable-stayed bridges with 
taller towers require more predominant 
anchorage points for stay cables on the towers.  

The distance between anchorage points for stay 
cables on cable-stayed bridge towers is controlled 
by structural configuration within the tower. For 
the commonly used bridge tower structure (steel 
anchored deck and steel anchored box), the 
smallest distance between anchorage points is 
approximately 2.8 m. Improperly configurated 
anchorage point distance would lead to poor 
visual aesthetic effects.  

Considering that 50% of upper tower cross-
sectional load is axially loaded, a steel-box and 

core-concrete composite anchorage system (SCAS) 
was proposed to reduce the distance between 
anchorage points and enhance the crack control 
of thick concrete walls [3], shown in Figure 4. 

Figure 4: Section view (left) and elevation view 
(right) of the SCAS system 

The core concrete is a vital part of the anchorage 
system and a structural component of the tower 
load path. The stay cables from both sides of the 
tower are anchored on the steel-box core-
concrete in a crossing manner. Distance between 
anchorage points is reduced from 2.8 m to 2.2 m, 
the anchorage area is reduced dramatically, and 
the visual effects are significantly enhanced. 
Figure 5 shows the visual effect comparison 
between two different anchorage point 
configurations. 

Figure 5: Steel anchorage system (left) and the 
SCAS system (right) from bridge deck view 

2.4 Scour-mitigating Skirted Caisson 
Foundation 

 The bridge substructure is a critical component 
that transfers the loads from the superstructure to 
the foundation. Pile group is usually applied as the 
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substructure for long-span bridges in China. The 
Wuhan Second Yangtze River Bridge tower utilizes 
19 bored piles with a diameter of 2.5 m and pile 
caps with a diameter of 21 m. If a pile group 
foundation is used as the substructure for the 
Changtai Yangtze River Bridge, it requires 27 
bored piles with a diameter of 2.5 m and a pile cap 
with a diameter of more than 100 m. However, 
such a scheme is not feasible due to the 
randomness of scouring on the riverbed and the 
pile group effect. The non-uniform load 
distribution among the group piles caused by 
uneven scouring is hard to predict. If a caisson is 
used as the foundation structure, the difficulty of 
caisson construction and installation could be very 
high due to the large caisson size, deep scouring 
depth, and deep burial depth. 

The Scour-mitigating Skirted Caisson Foundation 
was proposed to solve the abovementioned 
problem [4], as shown in Figure 6. The skirt 
formed in the novel foundation protects the 
sediment bed from the downflows and horseshoe 
vortex, controls the scouring of the riverbed, 
weakens the local scour depth, and effectively 
reduces the construction difficulty and budget.  

Figure 6: The SRCF system 

The successful caisson settlement depends on the 
caisson's sinking process in the riverbed. The 
sinking resistance of the caisson is mainly caused 
by the side wall frictions and bottom resistance 
force. For the conventional caissons, the wall-side 
friction dominates the sinking resistance. 
Therefore, a conventional caisson's sinking 
construction mainly focuses on reducing the side 
friction.  

Table 1 lists the portion of side friction and front 
and the bottom resistance force in the sinking 
process of caissons with different scales. It is clear 
that, as the size of the caisson increases, the 
portion of the bottom resistance increases and 
eventually becomes the primary resistance. 
Therefore, the bottom resistance force should be 
reduced for the successful sinking of the ultra-
large caisson. 

Table 1. Caisson comparison 

Caiss
on 

Dimen
sion 
[m] 

Parame
ter/ 
wall 
area 

Sidewall 
friction/C

aisson 
weight 

Bottom 
resistance/C

aisson 
weight 

Dingy
in 

Bridg
e 

φ16 0.58 0.86 0.14 

Taizh
ou 

Bridg
e 

58.4×4
4.4 0.24 0.59 0.41 

Chan
gtai 

Bridg
e 

95×57.
8 0.16 0.37 0.63 

To reasonably determine the bottom resistance 
during sinking stage of super-sized caisson 
foundation, a method based on the critical width 
and depth of soil fracture was proposed [4], 
illustrated in Figure 7. The loaded conditions of 
the soil under the caisson were firstly changed by 
borrowing the soil from the blind area of the 
partition, which reduces the width of the soil wall 
under the foot blade. Then, the soil in the blind 
area under the bottom of the caisson is either 
taken out by the equipment actively or destroyed 
and collapsed zone by zone. Finally, a stable and 
controllable sinking of such a large caisson was 
realized successfully. 

17



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Figure 7: Critical width control of soil under the 
foot blade of a caisson 

2.5 VIV control for long-span bridges 

Recently, Vortex-induce Vibrations (VIV) on long-
span bridges have become increasingly frequent. 
Although VIV would not harm the structural 
integrity of bridges, its relatively large amplitude 
could still be alarming to the general public and 
undermine public confidence in long-span bridges 
and other infrastructures. Therefore, the VIV on 
long-span bridges requires more attention. 

The amplitude of the bridge deck of VIV is 
correlated with the damping of the bridge. 
Structural damping is a determining factor for 
both the initiation of the VIV and its amplitude. 
The bearing plate's friction is a significant source 
of the bridge structure's structural damping 
capability. The lower the friction force and 
distance on the bearing plate, the smaller the 
kinetic energy dissipation (damped energy). 

Table 2 lists the mode frequency, the mode shape, 
and the mode displacement ratio (deck end 
bearing horizontal displacement/ maximum deck 
vertical displacement) of the first three modes for 
a suspension bridge with a main span of 2200 m. 
Two observations can be made from Table 2. 

a. Values for mode frequencies are close, and all
three vertical mode shapes analyzed could all be
induced within the VIV wind speed range.

b. The mode displacement ratio for the 3rd order
symmetrical vertical bending mode is 0.005, which
indicates small horizontal displacements for deck
bearings when high order VIV is induced.

Table 2. Modal characteristics of a 2200m 
suspension bridge 

Mode Mode shape Frequency 
[Hz] 

Mode 
displacement 

ratio 

2 

1st order 
asymmetrical 

vertical 
bending 

0.06 0.750 

12 

2nd order 
asymmetrical 

vertical 
bending 

0.14 0.150 

3 

1st order 
symmetrical 

vertical 
bending 

0.08 0.180 

8 

2nd order 
asymmetrical 

vertical 
bending 

0.11 0.090 

21 

3rd order 
asymmetrical 

vertical 
bending 

0.18 0.005 

*Mode displacement ratio: deck end bearing horizontal
displacement/ maximum deck vertical displacement

Moreover, the bearings are only used to support
the part of deck sections that are not supported
by hangers. As the span of the bridge increases,
the portion of the load supported by bearings
would decrease.

Therefore, as the span of the suspension bridge
increases, the structural damping capability
decreases. The damping ratio of a long-span
composite beam suspension bridge is 0.235%
according to on-site testing, which is lower than
the commonly adopted value of 0.3%, indicating
that the damping ratios of long-span suspension
bridges have been potentially over-estimated

Proper structural redundancy is necessary to
ensure structural integrity and functional
serviceability during the operation stage of
bridges. In the design phase of bridges,
appropriate redundancy is represented by load
effect redundancy and structural resistance
redundancy, which serves as a safety net once
unexpected scenarios occur. However, the VIV
occurs in several wind speed ranges rather than at
a certain threshold of wind speed. Therefore, load
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effect redundancy is insufficient to guarantee 
safety. From a practical point of stand, damping 
redundancy should be a promising solution for 
such a problem.  

3 Concluding remarks 
With increasing requirements of waterway 
transportation safety and blooming spanning 
capabilities of bridges, the bridge load effects 
have grown in an exponential way. The super 
long-span bridges lead to supersized structural 
components, bringing new technical challenges 
for bridge design and construction. This paper 
introduced several engineering innovations for 
resolving such challenges, including the thermal-
adapting tower-deck restraint system, the spatial 
diamond-shaped tower, the steel-box and core-
concrete composite anchorage system, the scour-
mitigating skirted caisson foundation, and a 
method determining the bottom resistance during 
sinking stage of super-sized caisson foundation. 
Additionally, a novel concept of providing safety 
redundancy for VIV control was summarized 
based on the assumption of damping capability 
redundancy. 
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Abstract 
The paper deals with the controversy that arose over the effects of the construction of a tunnel in 
Barcelona, for the High-Speed train, on the Temple of the Sagrada Familia. The construction of the 
tunnel was considered by many as a great structural risk for the temple, as well as for the Casa 
Milà, both by the famous architect Gaudí. The preventive measures taken, the monitoring 
implemented, the structural modelling, the control carried out and the results obtained will be 
explained. It is an example of how to address the risks of a construction which could affect 
UNESCO World Heritage. 

Keywords: tunnelling; world heritage; buildings; subsidence. 

1 Introduction 
The High-Speed Rail Tunnel Madrid-Barcelona- 
French Border Line crosses the city of Barcelona 
connecting Sants and Sagrera Stations. It is a 5.664 
Km long tunnel, mostly built by a single EPB shield 
machine. At both ends of the tunnel, cut and 
cover stretches were designed for the connection 
with the stations.  

The tunnel crosses a residential area of the city 
developed at the beginning of the 20th Century 
called “Ensanche” which is known for its 
modernist architecture.  Most of the buildings are 
about 100 years old, with brick bearing walls and 
from 5 to 8 storeys high, being quite sensible to 
ground displacements. Most of the have very 
shallow foundations. 

The tunnel follows to of the main streets of the 
district, Mallorca and Provenza. At Mallorca street 
two of the main buildings designed by world 

famous architect Antonio Gaudí, are located, 
Sagrada Familia Temple and Casa Milà. Both of 
them are included in the World Heritage 
Catalogue by UNESCO. Figure 1 shows a plan view 
of the tunnel and Figure 2a longitudinal profile, 
with the location of the Sagrada Familia Temple. 

Sagrada Familia Temple occupies a large block of 
Mallorca street. The parts built by Gaudi are the 
crypt, apse and the “Nativity” façade before his 
death, dated in 1926. The temple is still under 
construction. The façade facing Mallorca street is 
the “Gloria” façade, which was started in 2002 
and not completed yet. 

The tunnel at the Sagrada Familia Temple location 
is a 11.475 m external diameter reinforced 
concrete precast lining. Seven segments 0.38 m 
thick form the lining. The overburden is about 25 
m over the crown. The tunnel cross-section is 
shown in Figure 3. 
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Figure 1. Plan view of the tunnel and the Sagrada Familia Temple 

Figure 2. Longitudinal profile of the tunnel 
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Figure 3. Tunnel cross-section 

2 The technical and social challenge 
The high-speed train tunnel was a technical and a 
social challenge at the same time 

2.1 Technical challenge 

There were three main technical challenges: 

1. To avoid structural damage to the 100-
year old buildings of the “Ensanche”.
Those buildings have very shallow
foundations and their structure is formed
by brick bearing walls, with up to 7-8
stories. Thus, reduced settlements, below
5 mm, were necessary

2. Not affect the World Heritage listed
buildings, as Sagrada Familia and Casa
Milà. Special analyses and measures to
avoid any risk were mandatory

3. The tunnel and the special measures in

Sagrada Familia and Casa Milà should not 
create any significant change in the 
natural groundwater flow in the city (see 
Figure 4). 

2.2 Social challenge 

In 2005 there was a tunnel collapse in the city 
during the construction of an extension of a metro 
line. The construction method was NATM (New 
Austrian Tunnel Method). The collapse of the 
tunnel led to the demolition of several residential 
buildings and sowed distrust in tunnel 
construction [1]. 

The Sagrada Familia is an expiatory temple, 
financed by private donations. Its board of 
directors opposed the project from the beginning, 
raising objections and using the previous collapse 
as a premonition of what was to come. 

The controversy over the risk to the Sagrada 
Familia generated more than a hundred 
newspaper articles, as well as dozens of front 
pages (Figure 5).  

Figure 5. Some of the front pages and newspaper 
articles on the Sagrada Familia risk 

Figure 4. Natural groundwater flow 
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Figure 6. Joke about the Sagrada Familia collapse 
because of the train 

There was an intense campaign on social networks 
(Figure 6), leading to demonstrations against the 
construction of the tunnel (Figure 7). 

Figure 7. Demonstration against the tunnel 

As a consequence of both the technical and the 
social challenges, the construction works were 
performed under a tight control. For that reason: 

- All buildings close to the tunnel were
inspected before tunnelling and
structurally classified. Monitoring

thresholds were determined for each type 
of building. 

- A UNESCO Board of Experts for the
Monitoring of the State of Conservation of
the World Heritage Property “Works of
Gaudí” in Vicinity of the AVE Tunnel
Prooject was created. This board was
informing UNESCO officials in a regular
basis

- The City Hall also created an independent
International Committee of Experts.

3 The Soil 
The geotechnical characteristics of the soil close to 
Sagrada Familia Temple are extensively described 
in [2, 3, 4].  

As a summary, the soil at the tunnel depth is 
basically a stiff Pliocene substratum described as 
an irregular sequence of sandy clay and clayey 
sand. Standard penetration test counts varied 
between 40 and 50, indicating a strong material. 
On top of this layer, a soil was deposited. It can be 
described as a sequence of silts, sands and clays, 
including some gravels and carbonate concretions. 
These soils are stiff materials, constituting a good 
base for shallow foundations. A sketch of the soil 
packages at the Sagrada Familia is shown in Figure 
8. 

Figure 8. Geotechnical profile near to Sagrada 
Familia 

Water level is located within Pliocene substratum 
at depths of 15-16 m. The average water pressure 
on the tunnel spring line is about 150 kPa [5]. 

4 Gloria façade protection 
Figure 9 shows a schematic cross-section of the 
Sagrada Familia foundations supporting the Gloria 
façade and the columns of the main church nave. 
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It also shows the position of the tunnel and the 
first idea to protect the Temple.  

It is important to highlight that the Gloria façade 
and the main church nave are modern structures, 
with a well-designed deep foundation with piles 
and pile caps. The ancient part of the temple, 
which is the original from Gaudi, with a poorer 
foundation is far from the tunnel. 

The idea was to build a jet-grouting enclosure 
before tunnelling and the EPB was planned to drill 
through this jet-grouting block. There was a 
concern on the displacements induced by the jet-
grouting itself, during its injection, on the Temple. 
That was the reason why it was discarded. 

Figure 9. Initial proposal for the tunnel in front of 
the Gloria Façade 

The protection finally adopted is shown in Figure 
10. 

A pile wall, with 1.5 m diameter piles separated 
2.0 m, 41 m deep, was built between the tunnel 
and the Sagrada Familia foundation. Pile heads are 
connected by a pile cap. To reduce the lateral 
displacements of the pile cap a big concrete block 
was connected to the cap beam. The distance 
between the axis of the pile wall and the Sagrada 
Familia façade was 2 m. The separation between 
piles allows for free water passage, avoiding any 
effect on the natural groundwater flow [6]. 

The use of pile walls to protect buildings in front 
of tunnelling settlements is widely extended. 
Some examples can be seen in [7]. Analytic 
solutions to obtain the interaction between tunnel 
construction and building foundation are also 
extensively explained in [7]. 

Figure 10. Final design of the Gloria façade 
protection 

5 The Temple 
The Sagrada Familia is an “expiatory” church, 
financed by private donations. Its construction 
started in 1882. In 1883 Gaudí was appointed as 
director of the construction works, changing the 
original design, which was neo-gothic, to 
modernist (art nouveau) style. After Gaudí’s death 
in 1926, his close collaborators continued the 
construction. In 1936, at the beginning of the 
Spanish Civil War, a deliberate fire destroyed most 
of the drawings. The plaster models survived and 
they have been used since them to interpret 
Gaudí’s design. 

5.1 Modelling 

The interaction between the tunnel and the 
foundations was modelling using Flac3D®. The 
Sagrada Familia itself was modeled by ANSYS®

Software (Figure 11).  Details on the models are 
explained in [8]. Other models with Plaxis® were 
also developed [7].  
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Figure 11. FEM Model of the Gloria façade [8] 

5.2 Monitoring 

Monitoring included the Temple, the tunnel lining 
and the ground around both.  

Figure 12. Plan view of the ground monitoring 

Ground monitoring included levelling marks, rod 
extensometers, incremental extensometers, 
inclinometers and piezometers (Figure 12). 

Crack monitoring of the Temple included 
displacement transducers, fibre optical 
extensometers and traditional crack monitors. 
Displacements were measured using cable 
extensometers, optical extensometers, levelling 
marks, … Vibrations induced by tunnelling were 
measured by accelerometers. 

Figure 13. Monitoring of the displacements 

Finally, weather conditions as wind speed and 
direction and temperature, were also recorded. 

6 The Construction 

6.1 Pile Wall 

As shown in Figure 10, the pile wall was designed 
at a distance of only 0.76 m from the tunnel lining. 
Also, the distance between piles was only 0.50 m, 
when their length was 41 m. Thus, verticality was 
a very important issue. Furthermore, as the pile 
wall was so close to the Gloria façade, vibrations 
during drilling could also generate cracking in the 
structure. 

The construction of the pile wall began at the end 
of the wall that was farthest from the Temple. So, 
it was possible to measure the vibrations and 
displacements induced in the soil, to confirm the 
ground strata, to test verticality using ultrasonic 
techniques (Koden) and to verify integrity using 
cross-hole tests.  After those first piles, the 
construction method was validated. 
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The displacements induced in the Temple 
foundation during the pile wall construction were 
negligible and in the error range of the monitoring. 

6.2 Tunnelling 

During the tunnel passage, all the monitoring was 
continuously measuring all the parameters. Here, 
the settlements at the center of the Gloria façade 
are shown in Figure 14. Computed settlements 
correspond to a volume loss of 0.5%, whereas 
measured ones represented a volume loss of 
about 0.04%.  

Figure 14. Measured and computed vertical 
displacements due to the tunnel excavation. 

So, maximum measured displacements were only 
about 2 mm over the tunnel crown, which are 
about 1/10 of the thermal movements of the 
Temple. Behind the wall, most od the movements 
were below the range of accuracy of the 
measuring instruments used, being completely 
negligible. No new cracks or variation of width of 
existing cracks were noticed. 

In the figure the settlements after passage and 
long-term ones are also compared. No long-term 
settlements were observed. 

The effect of the pile wall was clear, reducing 
drastically the settlements behind them, proving 
to be a very good technique to reduce the 
settlements of the Temple. 

Figure 15 shows a sketch on how a protecting wall 
affects a settlement trough. The maximum 
settlement at the tunnel crown increases but the 
settlements behind the pile wall are dramatically 
reduced, protecting the existing buildings. 

Figure 15. A sketch showing the effect of a 
protecting wall on settlement trough 

7 Conclusions 
The paper explains a successful experience about 
reducing and controlling settlements due to 
tunnelling on historical buildings, as the Sagrada 
Familia Temple, which is a UNESCO World 
Heritage building. 

The project aroused extreme criticism and social 
controversy. The fear of the collapse of the 
Sagrada Familia temple was real among the 
population. 

To restore the confidence on the project it was 
necessary to establish a UNESCO Board of Experts, 
to perform multiple analysis on the tunnelling, the 
effect on the groundwater level, the effect on the 
Temple, …to design an extensive monitoring plan 
and to introduce a protective pile wall which was 
extremely efficient to reduce the settlements. 

It was also important to reduce the volume loss of 
the EPB (up to only 0.04%) by closely controlling 
all the EPB parameters (which where optimized 
during the tunnelling before arriving to the 
Temple by monitoring). The cutting head was 
inspected and repaired in a shaft one block away 
from the Temple before the passage. 

This case shows a successful experience on 
protecting a historical building from the effects of 
tunnelling.  
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Abstract 
The strong side winds threaten the stability of running vehicles over the sea-crossing bridges due 
to the high altitude of the deck and free exposure to the upcoming winds. Therefore, bridge 
operators control the speed limit or close the bridges when the wind speed reaches 
predetermined criteria. Since the sea-crossing bridges play an essential role in transportation 
networks, the traffic control strategy, including complete closure, requires a careful assessment of 
the critical wind speed at which vehicle instability can occur. As the aerodynamic forces on 
vehicles depend on several influence factors, including the geometrical shape of the 
superstructure, the critical wind speeds variate bridge by bridge. This study demonstrates a 
framework to determine the critical wind speed. This study reports two overturning accidents 
experienced in a double-deck suspension bridge and a cable-stayed bridge. By applying the 
proposed framework to the cases, the authors successfully explained the cause of accidents. For 
this investigation, the authors used a wind tunnel measurement of aerodynamic loads on vehicles 
and the vehicle dynamics to determine critical wind speed curves. The authors also extended the 
procedure to the probabilistic risk assessment by adding the long-term wind data analysis of the 
bridge site. In this way, this study provides a guideline for bridge operators on balancing the 
driving safety and the continuous mobility of the sea-crossing bridges under hazardous high wind 
conditions. 

Keywords: driving safety; traffic control; strong wind; probabilistic assessment; sea-crossing bridge; 
short-term wind prediction. 

1 Introduction 

The Korean peninsula is on the typhoon path, and 
the sea-crossing bridges are often subject to 
strong side winds. The total number of cable-
supported bridges has increased to reach more 
than 90. Generally, those bridges are closed at a 
wind speed of more than 25 m/s on a 10-minute 

average. However, several bridges also have 
speed control protocols based on experiences or 
other benchmarks.  
Even though there is a speed control protocol for 
each bridge, the bridge operators have difficulties 
taking timely actions for several reasons. The 
bridge closure requires pre-discussion with the 
police department in advance and preparation 
time on site. Also, the wind speed fluctuates all 
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the time, and hard to predict a 10-minute average 
based on gust wind speed measured on the bridge 
deck in advance to secure time to prepare for such 
action of the bridge closure [1].  
However, there is another critical issue that the 
bridge owners do not understand well. The vehicle 
speed control or bridge closure protocol was 
determined heuristically and may not be relevant 
for specific bridges [2-5]. This paper shows two 
bridge cases illustrating the importance of a 
bridge-fitted operating strategy for vehicle safety 
under strong winds. One bridge comprises sea-
crossing spans in the form of a suspension bridge 
and its approaching spans. The other bridge is 
composed of a cable-stayed bridge with 
approaching spans too.  The former bridge is 
referred to as GAB and the latter one as SHB.  
Both bridges showed a couple of roll-over 
accidents almost at the exact locations. This study 
applied the risk assessment procedure to 
demonstrate the root cause of those accidents. 
Also, the proposed framework effectively 
compares potential measures to mitigate the risk 
index. This study showed the importance of the 
vulnerability assessment of driving safety by 
considering bridge geometry inputting wind and 
traffic data.  

2 Examined Bridges and Accident 
Reports 

2.1 GAB – a double-deck suspension bridge 

Figure 1 shows a general overview of the GAB, 
including the main span and approach spans. 
There were consecutive roll-over accidents in 
2012 with an hour interval almost at the exact 
location on the lower deck at the approaching 
spans (marked in Figure 1). 

(a) 

(b)                                         (c) 
Figure 1. GAB (a) bridge overview(b) A roll-over 

accident (c) Another roll-over accident 

The corner points along the approaching spans 
were identified as vulnerable spots, and the root 
cause needs to be explained via a risk assessment 
framework.  

2.2 SHB – a cable-stayed bridge with 
approach spans with a transition region 

Figure 2(a) shows a general overview of the SHB, 
including the main and approach spans. A 
transition region of the deck offers a sudden 
change in deck width, as shown in Figure 2(b).  
A roll-over accident was reported in 2012 in the 
transition region, as shown in Figure 2(c). 
According to the CCTV, all the vehicles hesitated 
to cross the transition spots. The overturned truck 
was also stopped at the point before the accident. 
This demonstrates that the transition region was 
indeed subject to accelerated wind conditions.  

(a) 

(b) (c) 
Figure 2.SHB (a) bridge overview (b) transition 

region (c) A roll-over accident 

3 Risk Assessment Framework 

Figure 3 shows the proposed risk assessment 
framework for the root cause analysis and 

29



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

mitigation strategy. The framework includes a 
wind tunnel test, vehicle analysis, wind-
environment analysis with long-term wind data, 
fragility analysis, and risk assessment.  

Figure 3. Risk assessment framework [6] 

3.1 Wind Tunnel Test 

A wind tunnel test was performed using the 
scaled-down bridge and vehicle models to 
estimate aerodynamic coefficients considering the 
effect of girder shape. Six aerodynamic loads 
acting on vehicle models were measured on each 
traffic lane using a small-size six-axis load cell. A 
particular jig system was utilized as Figure 4(a), 
which allowed us to measure the coefficients 
according to incident wind angle by rotating the 
bridge model from -40° to +40° along the vertical 
axis (Figure 4(b)). Variations of aerodynamic 
coefficients for all wind directions were obtained 
through sine curve fitting (Figure 4(c)). 

(a) 

Side force Rolling moment 

(b) 

(c) 

Figure 4. (a) Wind tunnel test using particular zig 
(b)measured coefficients(c) fitted coefficients

result 

3.2 Critical Wind Speed Curves (CWC) 

CWCs of vehicles were estimated based on the 
dynamic simulation of running vehicles. 
TruckSim/CarSim and Simulink could simulate 
vehicle models, running speeds, wind conditions, 
and road geometries. For simplicity, the quasi-
static procedure was adopted without loss of 
generality. Critical wind speeds were estimated 
from the tire reaction forces by considering two 
accident types: rollover and side slip [7,8]. Figure 
5shows a sample of the estimated CWCs of the 
truck on the lower deck of an approaching span 
for the GAB when the vehicle speed is restricted 
to under three different speeds. CWC was 
calculated not only for the main span but also for 
the approaching spans. Traffic control wind speed 
can be determined for all vehicle types by 
selecting the lowest value of CWC.  

Figure 5. Example of Dangerous Wind Speed 
Graphs by Speed Limit (vehicle type: truck, 

accident probability: 5%) 

-10
-8
-6
-4
-2
0
2
4
6
8

-180 -150 -120 -90 -60 -30 0 30 60 90 120 150 180

Si
de

 fo
rc

e 
co

ef
fic

ie
nt

Wind directions (°)

Estimated sine function
Test result

30



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

3.3 Risk Index and Assessment 

The risk index was estimated through wind 
environment analysis [3]. Long-term wind data 
collected from nearby weather stations were used, 
and probability distribution functions of wind 
speed were evaluated for 16 wind directions. 
Using previously estimated CWC, the annual 
accident occurrence frequency NE was calculated; 

𝑁𝑁𝐸𝐸 = 365 × 𝐴𝐴 × 𝑄𝑄𝑑𝑑 × 𝑅𝑅𝑣𝑣 × 𝑅𝑅𝐿𝐿 × � 𝑃𝑃𝑖𝑖 × 𝑃𝑃𝐸𝐸|𝑑𝑑𝑖𝑖𝑑𝑑=𝑖𝑖

16

𝑖𝑖=0
 (1)

where 𝑄𝑄𝑑𝑑 is the annual average daily traffic of 
bridges, 𝑅𝑅𝑣𝑣 is the vehicle type ratio, and 𝑅𝑅𝐿𝐿 is the 
ratio of traffic volume for traffic lanes.𝐴𝐴 is the 
modification factor, which can be smaller than 1.0 
by considering the empty vehicle ratio and the 
closed shipping container vehicle ratio. 𝑃𝑃𝑖𝑖 is the 
ratio of the occurrence frequency of wind speed 
by the wind direction and may be calculated 
through wind environment analysis. 𝑃𝑃𝐸𝐸|𝑑𝑑𝑖𝑖𝑑𝑑=𝑖𝑖  is 
the accident probability for the i-th wind direction 
and can be calculated based on the driving 
restriction wind speed applied to the bridge. 

4 Root Cause of Accidents 

4.1 The GAB 

A series of wind tunnel tests demonstrated the 
increased wind speed between the upper and 
lower deck due to the so-called wind tunnelling 
effect. This accelerating phenomenon of wind 
speed is more significant in the approaching spans 
without truss members between decks. The 
substantial increase in vehicle side force and 
rolling moment at the lower deck explained the 
consecutive rollover accidents in 2012.  
According to the analysis results, the truck was the 
most vulnerable vehicle type compared to the 
sedan and tractor-trailer. The risk index of the 
truck, the annual accident frequency, reached to 
0.34 per year. Traffic control following Table 1 can 
be an efficient solution to reduce the risk index. 
The construction of a windscreen on the 
vulnerable point along the bridge is a demanding 
option since the required range of the screen is 
limited to the corner part of the approach span 
when the dominant wind direction was included in 

the risk assessment. As shown in Figure 6, the 
windscreen can reduce the risk index. In this figure, 
the second bar denotes the windscreen case for 
one side of the road and the third bar for both 
sides. 
After one more recent rollover accident, the 
bridge owner reduced the speed limit wind speed 
for the time being. 

Table  1. Proposal for improvement of traffic 
control strategy for the GAB 

Response Wind speed 
(existing) 

Wind speed 
(improved) 

Level 0 
Speed 

limit 110 
km/h 

0~14 m/s 0~16 m/s 

Level 1 
Speed 

limit 80 
km/h 

14~21 m/s 16~19 m/s 

Level 2 
Speed 

limit 50 
km/h 

21~25 m/s 19~22 m/s 

Level 3 Bridge 
closure 25 m/s~ 22 m/s~ 

Figure 6. Changes in the risk index of the truck 
according to the installation location of the 

windscreen 

4.2 The SHB 

A series of wind tunnel tests were conducted to 
understand the wind speed variation at the 
transition region. The structural details, including 
the double installation of roadside barriers, 
induced the wind speed acceleration over the 
open deck, increasing side force and rollover 
moment three to four times that of general 
approach spans. The risk assessment procedure 
proposed to lower the traffic control wind speed 
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by 1~3 m/s to be acceptable (Table 2.) by the 
Korean guideline [6].  
Figure 7indicates the risk index according to the 
traffic control plans for the transition section—the 
risk index decreases with the decrease of the 
restricted wind speed. It is meaningful to adopt 
the second or third plan rather than the first one, 
which has no significant difference from the 
current one. 
However, a windscreen installation in the 
transient region could be more effective from the 
mobility point of view, as shown in Figure 8. 

Table  2.Proposal for improvement of traffic 
control strategy for the SHB 

Response 
10-minute-average

wind speed
Strategy.1 

(-1 m/s) 
Strategy.2 

(-2 m/s) 
Strategy.3 

(-3 m/s) 

Level 0 
Speed 

limit 80 
km/h 

14 m/s 

Level 1 
Speed 

limit 50 
km/h 

19 m/s 18 m/s 17 m/s 

Level 2 Bridge 
closure 24 m/s 23 m/s 22 m/s 

Figure 7.Changes in the risk index according to 
the improvement plan for the SHB 

Figure 8. Changes in the risk index according to 

the windscreen installation on the transition 
section 

5 Short-term Prediction of Wind 
Speed 

When strong wind is expected on a bridge deck, 
the decision of bridge closure should be made at 
least one or two hours in advance. The reopening 
time also needs to be announced based on the 
wind speed prediction over the bridge deck. 
Therefore, a short-term prediction technology of 
wind speed is necessary. 
Due to the rapid evolution of deep learning 
algorithms, many approaches were introduced, 
including Artificial Neural Network (ANN), a time-
series prediction approach [9], and other added 
wind-related meteorological data such as pressure 
and temperature [10]. The combined use of 
satellite data with local wind speed measurement 
is also proposed [1]. 

Figure 9. Sample prediction of wind speed over 
the bridge deck during a typhoon 

6 Conclusions 

This study demonstrates the importance of a 
probabilistic risk assessment procedure in 
determining traffic control strategy during strong 
side winds for the safety of crossing vehicles.  The 
proposed risk assessment framework successfully 
explained the root cause of the rollover accidents 
observed in two examined bridges. The interesting 
fact is that the vulnerable spots are not always in 
the main span of the sea-crossing bridges with a 
high altitude and more exposure to open space. 
The weak spots located on the approach span 
contrary to the expectation. It was found that the 
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geometrical characteristics of the bridge deck 
seem to be the most influential parameters which 
affect the risk of overturning accidents. For the 
examined bridges, the geometric issues involved 
double deck configuration and road width 
transition regions along the sea-crossing bridges. 
The long-term wind speed evaluation was also an 
essential component with consideration of wind 
direction. The findings support that the traffic 
control or bridge closure during strong side winds 
should be decided for each bridge by considering 
bridge geometry, alignment, traffic volume, and 
wind environment at the site.  
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Abstract 
Most of the existing old structures are vulnerable under seismic actions, due to certain weaknesses 
that result from poor design knowledge at the time of construction. Critical matters concerning the 
behaviour of RC structures under earthquake actions were ignored, such as ductility, capacity design, 
adequate code provisions for detailing of RC elements (minimum number of stirrups, lower limit for 
compressive and upper limit for tensile reinforcement). A number of approximations and 
simplifications were adopted in the analysis. Computers were not in use; 3D analysis was impossible 
and 2D analysis was rarely used. Usually, beams and columns were considered as independent 
elements. Seismic actions considered in the past were lower than those currently accepted for new 
structures. In this context, some crucial questions arise: Which structures are more vulnerable and, 
therefore, have priority to be strengthened and how to identify them? Is it possible (or is it worth) 
strengthening these structures and to what extent? Is this preferable when compared to the 
demolition and reconstruction solution? What resources (materials, methods, techniques) are 
available to intervene and under what standards are they to be applied? Which is the framework to 
assess the seismic capacity of an existing structure and how to further design the necessary 
intervention for retrofitting or strengthening? What are the quality control procedures for 
intervention works?  

Redesign of existing structures is a much more complicated task than the design of new ones. Not 
only there is limited knowledge on this subject, but also existing codes and regulations are relatively 
new, with the engineering practice not being familiar with them. Furthermore, the configuration of 
an existing structural system may not be permitted or may be wrong according to our present 
knowledge, however, it exists and we must deal with this. Usually, there is also a high uncertainty 
in the general data (geometry, materials, details, hidden errors or faults, etc.). In the present 
keynote lecture, assessment and retrofitting procedures are analyzed in five stages. In the first stage, 
the data of the existing structure is documented. Different data knowledge levels define different 
confidence factors, depending on the extend and detail of the data documentation. Stage two 
concerns the assessment of the seismic capacity of the structure. The acceptable level of damage is 
defined through different performance levels or limit states. The third stage involves the decision 
on whether a structural intervention is required and to what extent. The fourth stage includes the 
design of the structural intervention, following certain seismic strengthening strategies. The fifth 
and final stage concerns the construction of the intervention work. Since during this stage new data 
might arise, frequently the design of the intervention (stage four) should be updated accordingly. 

Keywords: seismic assessment; retrofitting procedures; earthquake; RC structures. 
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Abstract 
Earthquakes can happen in Washington State at any time, and history indicates there may be 
substantial shifting of land during a seismic event. The State Department of Transportation’s 
manages approximately 18,500 highway lane miles and more than 3,600 bridges on the state’s 
highway system.  One of the agencies objectives is to ensure that state highways will be able to 
provide emergency responders access to damaged portions of the community quickly to provide 
Recovery life-saving services.  State Highways will also need to provide the capability for the state 
economy and the movement of freight and goods to be re- stored as quickly as possible. 

In an earthquake, damage to infrastructure bridges is more closely related to ground motion rather 
than magnitude. In addition, the ground type can significantly influence ground acceleration. Base 
on the geographic area and historical data geologists can create seismic hazard maps which show 
likely earth-quake ground motion zones.  This paper discusses the seismic design requirements for 
bridges and challenges to achieve these requirements for new and existing bridges.   

Keywords: seismic; tsunami; resiliency; performance. 

1 Bridge Seismic Resiliency 
Seismic design of bridges begins with a global 
analysis of the response of the structure to 
earthquake loadings and a detailed evaluation of 
connections between the superstructure and the 
supporting substructure. Ductile behavior is 
desirable under earthquake loadings for both the 
longitudinal and transverse directions of the bridge. 
Further, the substructure must be made to either 
protect the superstructure from force effects due 
to ground motions through fusing or plastic hinging, 
or to transmit the inertial forces that act on the 
bridge to the ground through a continuous load 
path.  Plastic hinging is often considered as a 
mechanism to form and facilitates transverse and 
longitudinal movement of bridge bents and frames. 

Every bridge shall be designed with an Earthquake 
Resisting System that ensures a load path for 
gravity loads and provides sufficient strength and 
ductility to achieve the specified performance 
criteria. 

The plastic hinge ductility or other means of energy 
dissipation/bridge damping shall be adequate to 
satisfy the deformation demands imposed by the 
“design seismic hazards” while minimizing the 
probability of bridge collapse. 

Earthquake Resisting Systems shall consist of the 
following: 

• Seismic critical members – ductile structural
members that are intentionally designed to deform 
inelastic through several cycles without significant
loss of strength, thereby limiting the forces
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transmitted to adjoining capacity protected 
members,  

• Capacity protected members (CPMs) - structural
members that remain Recovery elastic after the
adjoining members fuse or form plastic hinges,

• Earthquake resisting elements – bridge elements 
that undergo inelastic deformation, dissipate
energy, or increase bridge damping, and

• Sacrificial elements – Bridge elements that are
typically designed to disengage in order to limit
forces transmitted to adjoining capacity-protected
members.

Bridges are considered as Critical, Recovery, or 
Ordinary for their operational classification as 
described below. Two-level performance criteria 
are required for design of Recovery and Critical 
bridges. Recovery and Critical bridges are 
designated by the Regions or Local Agencies, in 
consultation with Bridge and Structures Engineer 
and Geotechnical Engineer. 

Critical bridges are expected to provide immediate 
access to emergency and similar life-safety facilities 
after an earthquake. The Critical designation is 
typically reserved for high-cost projects where 
intends to protect the investment or for projects 
that would be especially costly to repair if they 
were damaged during an earthquake. 

Recovery bridges serve as vital links for rebuilding 
damaged areas and provide access to the public 
shortly after an earthquake. 

Ordinary Bridges, all bridges not designated as 
either Critical or Recovery are designated as 
Ordinary.  

Expected Bridge Seismic Performance: 

The seismic hazard evaluation level for designing 
Ordinary bridges is the Safety Evaluation 
Earthquake (SEE), and the seismic hazard 
evaluation level for designing Recovery and Critical 
bridges is both the Safety Evaluation Earthquake 
and the Functional Evaluation Earthquake (FEE) as 
specified in Table 1. 

1.1 Expected Post-earthquake Service 
Levels 

1. No Service – Bridge is closed for repair or
replacement.

2. Limited Service – Bridge is open for emergency
vehicle traffic: A reduced number of lanes for
Ordinary traffic is available within three months of
the earthquake; Vehicle weight restriction may be
imposed until repairs are completed. It is expected
that within three months (Recovery Bridges) or
within three days (Critical Bridges) of the
earthquake, repair works on a damaged bridge
would have reached the stage that would permit
Ordinary traffic on at least some portion of the
bridge.

3. Full Service – Full access to Ordinary traffic is
available almost immediately after the earthquake.
The expected post-earthquake damage states and
service levels of Critical bridges are included in
Table 2 to provide an indication of their expected
performance relative to other bridge categories.

1.2 Expected Post-Earthquake Damage 
States 

• Significant – “imminent failure,” i.e., onset of
compressive failure of core concrete. Bridge
replacement is likely. All plastic hinges within the
structure have formed with ductility demand
values approaching the limits specified in Table 2.

• Moderate – “extensive cracks and spalling, and
visible lateral and/or longitudinal reinforcing bars”.
Bridge repair is likely but bridge replacement is
unlikely

• Minimal – “flexural cracks and minor spalling and
possible shear cracks”. Essentially elastic
performance

• None – No damage

The Design Spectrum for Safety Evaluation 
Earthquake (SEE) is taken as a spectrum based on a 
7% probability of exceedance in 75 years (or 975-
year return period). BDM Section 4.2.3 provides 
the ground motion software tool SPECTRA to 
develop spectral response parameters. 
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Table 1 Seismic Hazard Evaluation Levels and Expected Performance 

Bridge Operational 
Importance Category 

Seismic Hazard 
Evaluation Level 

Expected Post 
Earthquake Damage 

State 

Expected Post 
Earthquake Service 

Level 

“Ordinary Bridges” SEE Significant No Service 

“Normal Bridges” – High 
Seismic (Not Lifeline) 

SEE Significant No Service 

FEE Minimal Full Service 

“Recovery Bridges” 

(Lifeline) 

SEE Moderate Limited Service 

FEE Minimal Full Service 

“Critical Bridges” SEE Minimal to Moderate Limited Service 

FEE None to Minimal Full Service 

Table 2 Displacement Ductility Demand Values, μD 

Seismic Critical Member Ordinary 
Bridges 

Recovery Bridges 

(Lifeline) 
Critical Bridges 

SEE FEE SEE FEE SEE FEE 

Wall Type Pier in Weak Direction 5.0 1.5 2.5 1.5 1.5 1.0 

Wall Type Pier in Strong Direction 1.0 1.0 1.0 1.0 1.0 1.0 

Single Column Bent 5.0 1.5 2.5 1.5 1.5 1.0 

Multiple Column Bent 6.0 2.0 3.5 2.0 1.5 1.0 

Pile/Shaft-Column with Plastic Hinge 
at Top of Column 

5.0 2.0 3.5 2.0 1.5 1.0 

Pile/Shaft-Column with Plastic Hinge 
Below Ground 

4.0 1.5 2.5 1.5 1.5 1.0 

Superstructure 1.0 1.0 1.0 1.0 1.0 1.0 

2 Seismic Resilient Self-Centering 
Columns 

Innovative Bridge Construction is simply an idea 
that encourages outside the box thinking 
encouraging engineers to consider principles that 
will enhance bridge performance, speed up 
construction, or add any other benefit to the 
industry. There is no single or handful of ideas that 

can contain or describe Innovative Bridge 
Construction. 

Self-centering columns are constructed with a 
precast concrete column segment with a duct 
running through it longitudinally. They rest on 
footings with post-tensioning (PT) strand 
developed into them. Once the precast column 
piece is set on the footing, the PT strand threads 
through the duct and gets anchored into the 
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crossbeam above the column. The PT strand is unbonded to the column segment. As a column experiences 
a lateral load, the PT strand elastically stretches to absorb the seismic energy and returns to its original 
tension load after the seismic event. 

Figure 1. Self-Centering Column Energy Dissipation 

Figure 2.  Concrete filled Steel Tubes Self-Centering Pier Concept 

Like self-centering columns, Shape Memory Alloy 
(SMA) and Engineered Cementitious Composite 
(ECC) products are introduced into bridge design to 
improve ductility, seismic resilience, and 
serviceability of a bridge after an earthquake. 

SMA is a class of alloys that are manufactured from 
either a combination of nickel and titanium or 
copper, magnesium, and aluminum.  The alloy is 
shaped into round bars in sizes like conventional 
steel reinforcement. When stressed, the SMA can 
undergo large deformations and return to original 
shape.  
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Figure 3. Shape Memory Alloy Stress-Strain and Cyclic Models 

3 Seismic Resiliency of Tunnel 
Structures 

Tunnels, in general, have performed better during 
earthquakes than have above ground structures 
such as bridges and buildings. Tunnel structures are 
constrained by the surrounding ground and, in 
general, cannot be excited independent of the 
ground or be subject to strong vibratory 
amplification, such as the inertial response of a 
bridge structure during earthquakes. Another factor 
contributing to the reduced tunnel damage is that 
the amplitude of seismic ground motion tends to 
reduce with depth below the ground surface. 
Adequate design and construction of seismic 

resistant tunnel structures, however, should never 
be overlooked, as moderate to major damage has 
been experienced by many tunnels during 
earthquakes.   Underground tunnel structures 
undergo three primary modes of deformation 
during seismic shaking: ovaling/racking, axial and 
curvature deformations. The ovaling/racking 
deformation is caused primarily by seismic waves 
propagating perpendicular to the tunnel 
longitudinal axis, causing deformations in the plane 
of the tunnel cross section. Vertically propagating 
shear waves are generally considered the most 
critical type of waves for this mode of deformation. 
The axial and curvature deformations are induced 
by components of seismic waves that propagate 
along the longitudinal axis. 

Figure 4. Tunnel Transverse Ovaling and Racking Response to Vertically Propagating Shear Waves 
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4 Tsunami Wave Impact on Bridges 
Tsunami Load Cases on Bridges - When determining 
the loads using the methods of this Section, three 
load cases shall be considered: 

Case 1 – Maximum flow speed with reduced flow 
depth - The maximum flow speed determined by a 
Probabilistic Tsunami Hazard Analysis (PTHA), 𝑢𝑢max, 
shall be used in the loading equations, in 
conjunction with a reduced flow depth equal to 2/3 
of the maximum flow depth, 𝜂𝜂max. No large debris 
impact forces shall be included in this load case. 

Case 2 – Maximum flow depth with reduced flow 
speed - The maximum flow depth determined by a 
PTHA, 𝜂𝜂𝜂𝜂ax, shall be used in the loading equations, 
in conjunction with a reduced flow speed equal to 
80% of the maximum flow speed, 𝑢𝑢𝜂𝜂ax. No large 
debris impact forces shall be included in this load 
case. 

Case 3 – Reduced flow speed and depth with large 
debris impact forces - Both the flow depth and flow 
speed shall be taken as half the maximum values 
determined by a PTHA. A horizontal force 
representing large debris impact forces shall be 
included, as 𝐹𝐹𝐹𝐹r. 

The three load cases and their parameters are 
summarized in Table 3.  

Table 3—Load Cases 

5 Superstructure Loads 
Superstructure loads shall include horizontal and 
vertical upward and downward loadings, as well as 
moments. Horizontal loads shall be applied 
concurrently with both the vertical upward, or 
vertical downward loadings, but only one vertical 
loading will occur at a time. Concurrent application 
of both vertical upward and downward loads shall 
not be made. Superstructure loads shall also include 
moments with the concurrent application of 
horizontal and vertical loads. 

1. Horizontal Force – Perpendicular: The horizontal
force perpendicular to the longitudinal axis of the
bridge on a bridge superstructure due to tsunami
loading FHP (kip/ft).

2. Horizontal Force – Longitudinal: The horizontal
force parallel to the longitudinal axis of the bridge
on a bridge superstructure due to tsunami loading
FHL (kip/ft). The effects of debris on the magnitude
of loading experienced by a bridge during a tsunami
can be significant.

3. Vertical Force – Upward:  The vertical upward
force on a bridge superstructure due to tsunami
loading, FU (kip/ft). For open girder cross sections,
an assumption regarding the amount of air trapped
between girders is required. This can be
conservatively taken as the full volume to the
bottom of the girders.

4. Vertical Force – Downward: The vertical
downward force on a bridge superstructure due to
tsunami loading, FD (kip/ft), shall be taken as:

5. Debris Loading - Consideration shall be given to
the potential for large, massive items to be present
in the tsunami flow over and around the bridge.

6 Foundation Type Selection 
For new bridges, deep foundations are preferred 
since they can be extended to depths well below 
potential scour depth.  Large diameter piles or 
shafts have the benefit of large lateral stiffness and 
capacity even when surficial sediments are lost due 
to scour. Such foundations also tend to be smaller, 
for a given lateral capacity, and thus reduce scour 
and hydrodynamic loads relative to larger footings 
utilizing smaller pilings.   

Spread footings should not be used when 
constructed on top of potentially erodible soils. 
Spread footings may be used when placed directly 
on rock not susceptible to erosion.  Undermining, 
where some or all the soil directly below the footing 
is eroded away, can lead to catastrophic footing 
failure.  Due to potentially low sliding resistance, 
keying the footing into the rock or use of tie down 
anchors should be considered. 
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7 Conclusion 
The bridge seismic performance objective is to 
ensure that state highways will be able to provide 
emergency responders access to damaged portions 
of the community quickly to provide Recovery life-
saving services.   

The SMA and ECC bridge piers can provide an 
energy-dissipating mechanism like conventional 
steel reinforced plastic-hinge zones while limiting 
residual displacement and eliminating spalling 
damage so that bridges can remain operable after 
significant earthquake displacements. 

The tsunami resiliency and risk assessment of 
coastal tunnel structure may be achieved by 
considering the maximum total loads applied on 
rigid structures, but also the distribution of this load 
to individual structural components that are 
necessary for the survival of the structure,  
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Abstract 
Over recent years there has been considerable development in bridge engineering. Thirty-two bridge 
projects have received IABSE Outstanding Structure Awards during the past two decades in recognition of 
the most remarkable, innovative, creative, or otherwise stimulating structures. Several creative structural 
forms have been created such as two twin-box girder suspension bridges, three spatial main cable 
suspension bridges, six multi-main-span cable-supported bridges and one cable-stayed and suspension 
hybrid bridge. Various innovative material combinations have been developed and used in two steel truss 
and PC flange composite girder bridges, one butterfly web extradosed bridge, one multiple material 
strength bridge and one long-life concrete cable-stayed bridge. Some remarkable functional technologies 
have been invented for two remarkable movable bridges, two innovative cable-stayed bridges, two 
extreme seismic function cable-supported bridges and two environmental coordination bridges. Many 
stimulating bridge projects have been awarded as Winners or Finalists including three extradosed bridges, 
four arch bridges, two cable-stayed bridges and four sea-crossing bridges. The innovation and creation of 
recent bridge engineering has been recognised by IABSE Outstanding Structure Award reflecting the 
creative structural forms, the innovative material combinations, the remarkable functional technologies 
and the stimulating bridge projects.  

Keywords: Recent bridge; structural form; material combination; functional technology; 
stimulating structure. 

1 Introduction 
The International Association for Bridge and 
Structural Engineering (IABSE) was founded in 
Zurich, Switzerland on October 29, 1929. After 
more than 90 years of development, IABSE has 
become one of the most prestigious institutions 
dealing with all types of structures, all materials 
and worldwide membership from over 100 
countries. The mission of IABSE is to exchange 
knowledge and to advance the practice of 
structural engineering in the service of the 
profession and society. For this purpose, IABSE 

established the Outstanding Structure Award 
(OStrA) in 1998, one of the highest distinctions 
awarded by IABSE and recognized in different 
regions of the world for the most remarkable, 
innovative, creative, or otherwise stimulating 
structures [1]. During the past 22 years from 2000 
to 2021, 28 building structures and 32 bridge 
structures have been awarded as the OStrAs, 
including 33 Winners and 27 Finalists [2]. From 
2022, IABSE will launch the IABSE Project and 
Technology Awards for Small Projects, Building 
Structures, Pedestrian and Cycle Bridges, Road 
and Rail Bridges, Infrastructure, Rehabilitation, 
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Innovation in Construction, International 
Development and Gold Star Award instead of a 
single OStrA and finalists. It is an appropriate time 
to review and summarise the past OStrAs in 
creation, innovation, remarkability and 
stimulation in bridge and structural engineering.  
The total of 32 bridge projects from fourteen 
countries have been awarded with IABSE OStrAs, 
including 15 winners and 17 finalists as listed in 
Table 1 [2], in which seven bridges are from China, 
four from Korea, three from France and Spain, two 

from Denmark and Japan, and one each from 
Switzerland, Greece, Germany, USA, Turkey, 
Norway, Canada and Ireland. There are 21 cable-
supported bridges, including 8 cable-stayed 
bridges, 4 multi-main-span cable-stayed bridges, 3 
suspension bridges, 2 self-anchored suspension 
bridges, 2 multi-main-span suspension bridge and 
one cable-stayed and suspension hybrid bridge. 
The other 12 bridges consist of 4 arch bridges, 3 
girder bridges, 3 extradosed bridges and 2 
moveable bridges [2]. 

Table 1. Bridge projects awarded by IABSE OStrA 

No Bridge Name Bridge Type Country Year 

1 Sunniberg Bridge Extradosed bridge Switzerland 2001 
2 Miho Museum Bridge Cable-stayed bridge Japan 2002 
3 Oresund Fixed Link Sea-crossing cable-stayed bridge Denmark 2002 
4 Bras de la Plaine Bridge Cantilever girder bridge France 2003 
5 Gateshead Millennium Bridge Moveable bridge UK 2005 
6 Rion-Antirion Bridge Multi-main-span cable-stayed bridge Greece 2006 
7 Millau Viaduct Multi-main-span cable-stayed bridge France 2006 
8 Shanghai Lupu Bridge Arch bridge China 2008 
9 Tri-Countries Bridge Pedestrian arch bridge Germany 2009 

10 Sutong Bridge* Cable-stayed bridge China 2010 
11 Pont Gustave Flaubert* Moveable bridge France 2011 
12 Stonecutters Bridge* Cable-stayed bridge China 2011 
13 Busan-Geoje Fixed Link* Sea-crossing cable-stayed bridge Korea 2012 
14 Xihoumen Bridge* Suspension bridge China 2012 
15 Yi Sun-sin Bridge* Suspension bridge Korea 2013 
16 Taizhou Bridge Multi-main-span suspension bridge China 2014 
17 San Francisco Oakland Bay Bridge New East Span Self-anchored suspension bridge USA 2015 
18 Nanjing Dashengguan Yangtze River Bridge* Arch bridge China 2015 
19 Viaduct over River Ulla* Continuous girder bridge Spain 2016 
20 Dandeung Bridge* Self-anchored suspension bridge Korea 2017 
21 Yavuz Sultan Selim Bridge Cable-stayed and suspension hybrid Turkey 2018 
22 Circle Bridge* Continuous girder bridge Denmark 2018 
23 Viaduct over River Almonte* Arch bridge Spain 2018 
24 Queensferry Crossing* Multi-main-span cable-stayed bridge UK 2018 
25 Mersey Gateway Bridge Multi-main-span cable-stayed bridge UK 2019 
26 Widening of the bridge over the Rande Strait* Cable-stayed bridge Spain 2019 
27 Mukogawa Bridge* Extradosed bridge Japan 2019 
28 Hong Kong Zhuhai Macao Bridge Sea-crossing cable-stayed bridge China 2020 
29 Cheonsa Bridge* Sea-crossing cable-supported bridge Korea 2020 
30 Halogaland Bridge* Suspension bridge Norway 2020 
31 Samuel De Champlain Bridge* Cable-stayed bridge Canada 2020 
32 Rose Fitzgerald Kennedy Bridge Extradosed bridge Ireland 2021 

 Note: * the Finalist of IABSE OStrA. 
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Based on these thirty-two bridge projects 
awarded with IABSE OStrAs, the recent 
development of bridge engineering can be 
reviewed and summarized in various ways, for 
example, structural materials including steel, 
concrete and steel-concrete composite or hybrid, 
bridge types including girder, arch, cable-stayed 
and suspension bridges, bridge activities including 
design, analysis, construction, maintenance and 
rehabilitation, bridge spans including short, 
medium and long span length. In retrospect it is 
important to consider the recent developments in 
bridge engineering in the original definition of 
IABSE OStrA which considered most remarkable, 
innovative, creative, and stimulating ways in 
bridge structures [1]. The recent development of 
cable-supported bridges is related to creative 
structural forms in twin-box girder, spatial main 
cables, multiple main span, and cable-stayed and 
suspension hybrid. Innovative material 
combination of steel and concrete is also a main 
recognition in cantilever or continuous girder 
bridges, extradosed bridges, arch bridges and 
cable-stayed bridges. Some remarkable functional 
technologies have been invented for movable 
bridges, girder erection, seismic resistance and 
environmental consideration. Finally, several 
stimulating bridge projects have been created as 
extradosed bridges, arch bridges, cable-stayed 
bridges and sea-crossing bridges. 

2 Creative Structural Form 
It is always important to create new structural 
forms in bridge engineering development, and 
creative structures are one of the most important 
recognitions of IABSE OStrA. Twelve creative 
structural forms can be recognized in the awarded 
cable-supported bridges, including two twin-box 
girder suspension bridges, three spatial main cable 
suspension bridges, six multi-main-span cable-
supported bridges and one cable-stayed and 
suspension hybrid bridge. 

Twin-box girder suspension bridges 

With the increase in span length, suspension 
bridges are becoming lighter and more flexible 
with lower damping, which results in them being 
more sensitive to wind actions related to 

aerodynamic flutter instability and aerostatic 
torsional divergence. Twin-box girder bridges have 
proven to be the most effective structural form to 
improve the flutter stability of long-span 
suspension bridges.  

The 1,650m span Xihoumen Bridge has been built 
in a typhoon prone area of China with the flutter 
stability requirement of 78.4 m/s. Besides 
traditional single box girder, the box girder with a 
central stabilizer and two more twin box girders 
with central slots of 6m and 10.6m, were 
investigated through wind tunnel testing. 
Although the experimental results of critical 
flutter speeds showed the other three girders can 
meet the flutter requirement, the twin box girder 
with a 6m slot was finally selected as the 
proposed scheme, which was further modified to 
the final configuration as shown in Figure 1. Twin 
box girder has been firstly adopted for the 
purpose of aerodynamic stabilization in 
suspension bridge in 2009, and Xihoumen Bridge 
was a Finalist of IABSE OStrA 2012[3]. 

Figure 1. Xihoumen Bridge (unit: mm) 

Yi Sun-sin Bridge in Korea is another long-span 
suspension bridge with the central span of 1,545m. 
According to the flutter stability, twin-box girder 
was also adopted with a slot of 4.3m in Figure 2. Yi 
Sun-sin Bridge was a Finalist of IABSE OStrA 2013 
[4]. 

Figure 2. Yi Sun-sin Bridge (unit: m) 

The Canakkale 1915 Bridge in Turkey has the 
record-breaking span length of 2,023m 
supplanting the 1,991m span Akashi Kaikyo Bridge. 
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In order to improve the flutter stability, the twin-
box girder was designed with a wider slot of 9m, 
Figure 3. Canakkale 1915 Bridge was opened to 
traffic in February 2022 [5]. 

Figure 3. Canakkale 1915 Bridge (unit: m) 

In order to deal with the span length limit, a 
typical three-span suspension bridge with a 
5,000m central span and two 1,600m side spans 
has been designed. A widely slotted twin-box 
girder with a central slot of 40m, Figure 4 can 
meet the flutter checking speed of 65m/s through 
a full aeroelastic model testing [6]. 

Figure 4. 5000m suspension bridge (unit: m) 

Spatial cable system suspension 
bridges 

Traditional suspension bridge used to be designed 
with two parallel and planar main cables and 
vertical hangers. Creative spatial cable system 
composed of spatial main cables and inclined 
cable planes not only enrich the structural form of 
self-anchored suspension bridges, but also 
improve the torsional stiffness and vibration 
frequency to increase the critical speeds of 
aerodynamic flutter and aerostatic torsional 
divergence for long span suspension bridges.  

The signature portion of the New Eastern Spans of 
the San Francisco Oakland Bay Bridge is a single 
pylon and asymmetric self-anchored suspension 
bridge with a 385m main span and a 180 m back 
span, Figure 5. Twin steel box girders are 
suspended from two inclined cable systems 
supported on a single tower. Unlike a traditional 
suspension bridge with parallel cables anchored 
into the ground, this self-anchored suspension 
bridge has two 3-dimensional main cables that are 

anchored into the east end of the box girder, 
passes over the tower top, and loops around 
saddles at the west pier. Each parallel wire strand 
has its own anchorage, which is detailed into the 
framing that transmits the entire cable force into 
the box girders. The bridge received the IABSE 
OStrA 2015 [7]. 

Figure 5. San Francisco Oakland Bay Bridge New 
East Span 

The Dandeung Bridge in Korea is also a single 
pylon, asymmetric self-anchored suspension 
bridge, but with the record-breaking twin-box- 
girder main span of 400m, Figure 6. This self-
anchored suspension bridge has two main cables  
that are parallel in the back span without hangers 
and spatial in the main span with inclined hangers 
to suspend twin steel box girders. The bridge was 
a Finalist of IABSE OStrA 2017 [8]. 

Figure 6. Dandeung Bridge 
The Hålogaland Bridge with a main span of 
1,145m is the world longest suspension bridge 
built north of the arctic circle. The Hålogaland 
bridge’s distinctive and recognizable appearance 
has been achieved by A-pylons, unique spatial 
cable system and simple closed steel box girder as 
bridge deck, Figure 7. The combination of a 
slender bridge and 2.2m high safety railings to 
prevent would-be-suicides jumping on impulse 
from the bridge poses a severe design challenge 
to fulfil the aerodynamic stability requirement of 
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56m/s at bridge deck level. The creative spatial 
cable system does improve the fundamental 
torsional vibration frequency and increase the 
critical flutter speed of the bridge, which was a 
Finalist of IABSE OStrA 2020 [9]. 

Figure 7. Halogaland Bridge 

Multi-main-span cable-supported 
bridges 

Bridging wider river or sea body requires 
longitudinal bridging capacity innovation in not 
only single longer span but also multiple main 
spans based on very deep-water environments. 
Traditional three-span cable-supported bridges 
have now been achieved with a single main span 
of 1,104m for cable-stayed bridge and 2,023m for 
suspension bridge, and it is necessary to 
innovatively develop double or even multiple 
main-span scheme of cable-supported bridges to 
increase longitudinal bridging capacity. There are 
six multi-main-span cable-supported bridges that 
have been awarded with IABSE OStrAs, including 
four cable-stayed bridges and two suspension 
bridges.  

The problem of a cable-supported bridge with two 
or more spans is well recognized. Since the middle 
pylons cannot obtain direct support by being tied 
back to piers or anchors like two side pylons, the 
overall stiffness of the bridge decreases 
significantly, leading to the deterioration of the 
static and dynamic characteristics and the 
aggravation of wind-induced vibration, which 
directly affects the construction and operation 
safety of a multi-main-span cable-supported 
bridge. In order to increase the stiffness of the 
middle pylons, several effective structural 
methods, for example, improving the stiffness of 
middle pylons or bridge girder, stabilizing cables 

from the top of the middle pylons and installing 
cross stay cables, have been created and applied 
in multi-main-span cable-supported bridges.  

For multi-main-span cable-stayed bridges, the 
greater the stiffness of the middle pylons, the 
better the static and dynamic characteristics. But 
the greater the stiffness of the bridge system, the 
higher the cost of the bridge. The IABSE OStrA 
Winner 2002, Rion-Antirion Bridge with three 
main spans of 560m used very stiff middle pylons, 
Figure 8 [10], and Mersey Gateway Bridge, the 
winnner of IABSE OStrA 2019, adopted the side 
pylons of 110m and 125m and the shorter middle 
pylon of 80m to relatively increase the middle 
pylon stiffness in Figure 9 [11]. As another winner 
of IABSE OStrA 2002, Millau Viaduct with six main 
spans of 342m was designed with a combination 
of stiffness in the deck and a moment connection 
to the pylons, Figure 10 [12], and the cross stay 
cable method, to overlap or cross the stay cables 
in the mid span of each main span, was developed 
for Queensferry Crossing, Figure 11, a Finalist of 
IABSE OStrA 2018 [13]. 

Figure 8. Rion-Antirion Bridge 

Figure 9. Mersey Gateway Bridge 

Figure 10. Millau Viaduct 
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Figure 11. Queensferry Crossing 

When very stiff middle pylons are adopted in 
multi-main-span suspension bridges, the vertical 
displacements at the mid-span decks and the 
longitudinal displacements at the middle pylon 
tops will be relatively small, but the safety factor 
of sliding resistance and the maximum and 
minimum stresses in a middle pylon will be 
relatively unfavorable for main span less than 
1,500m. The IABSE OStrA Winner 2014, Taizhou 
Bridge consists of four steel box girder spans 
including double 1,080m main spans and two side 
spans of 390m, Figure 12. In order to select an 
appropriate stiffness of the central pylon, the 
inversed Y-shaped steel pylon was optimized with 
four decisive factors, including the pylon 
displacement at the top, the deck displacement at 
the mid-span, the maximum and minimum pylon 
stresses and the safety factor of sliding resistance 
[14]. The Section II of Cheonsa Bridge, a Finalist of 
IABSE OStrA 2020, is the first sea-crossing multi-
span suspension bridge, Figure 13. The 1,750m 
long bridge has been designed with two main 
spans of 650m and two side spans of 225m with 
three pylons. The central pylon has a stiffness of 
about 6.5 times higher than that of the side tower, 
which is an optimized cross-section for slip 
resistance of cables and deflection at the pylon 
top [15].  

Figure 12. Taizhou Bridge 

Figure 13. The Section II of Cheonsa Bridge 

Cable-stayed and suspension hybrid 
bridge 

Since cable-stayed bridge has better structural 
stiffness, and suspension bridge has ability to offer 
longer spans, the combination of these two 
structural systems can achieve very long span 
cable-stayed and suspension hybrid bridge. The 
suspension part of the hybrid bridge can be 
reduced effectively by replacement of suspender 
cable by cable stays, which results in reducing the 
axial force in the main cables to diminish main 
cable construction and massive anchorage. On 
comparing with cable-stayed bridge with the same 
span length, hybrid bridge can decrease the 
number of stay cables, and reduce the height of 
the pylon, length of stays and the axial forces in 
the deck. Therefore cable-stayed and suspension 
hybrid bridge becomes an effective and attractive 
alternative in the design of long span bridges. 

The Winner of IABSE OStrA 2018, Yavuz Sultan 
Selim Bridge, also known as the 3rd Bosphorus 
Bridge in Turkey, is a long span sea-crossing bridge 
with a main span of 1,408m and overall length of 
2,250m. The bridge carries 8 lanes of road traffic 
and twin track heavy rail, all on a single deck of 
59.4m width. Due to the height limitation of 
pylons of a traditional cable-stayed bridge, it has 
been designed as a cable-stayed and suspension 
hybrid bridge, Figure 14, and it is the first and the 
longest of its type in the world [16]. 
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Figure 14. Yavuz Sultan Selim Bridge 

3 Innovative Material Combination 
The bridge development also depends on the 
development of structural materials. Although 
main structural materials in bridge engineering are 
still steel and concrete, these two materials can be 
combined in various innovative ways, for example, 
composite structure, hybrid structure, multiple 
strength materials, long-life concrete and so on. 
Innovative material combination is one of the 
most important recognition by IABSE OStrA, and 
six innovative material combination projects can 
be recognized in two steel truss and PC flange 
composite girder bridges, one butterfly web 
extradosed bridge, two multiple material strength 
bridges and one long-life concrete cable-stayed 
bridge. 

Steel truss and PC flange composite 
girder bridge 

With the increase of span length of prestressed 
concrete (PC) girder bridges, the durability 
challenge has emerged in excessive deflection at 
the middle of main spans, which is attributed to 
shrinkage, creep and cracking of PC box girder. 
Gradual deflection results in more cracks in top, 
web and bottom plates of PC box girder, and the 
increase of cracks reduces structural rigidity 
thereby further increasing deflection. Besides the 
effective methods to reduce shrinkage and creep 
of concrete, the most innovative way is to adopt 
steel truss webs or corrugated steel webs in PC 
box girder so that the web cracks can be totally 
avoided and the girder weight can be cut down 
20~40%, Figure 15. Typical cross sections of PC 
box girder with steel truss webs and corrugated 
steel webs are shown in Figure 16. 

Figure 15. PC Box girder and webs 

(a) Steel truss webs         (b) Corrugated steel webs
Figure 16. PC Box girder with steel webs 

The Winner of IABSE OstrA 2003, the Bras de la 
Plaine Bridge is an unusual cantilevered composite 
bridge with a huge main span of 281m across one 
of the deep gorges on Réunion Island of France, 
Figure 17. The main span is essentially two bridges, 
each composed of a cantilevered steel truss with 
PC top and bottom plates that meet in the middle. 
The slender span is a perfect marriage of the two 
most basic building materials with two vertical 
planes of steel tubing sandwiched between two 
horizontal, thin slabs of concrete[17].  

Figure 17. Bras de la Plaine Bridge 

A Finalist of IABSE OStrA 2016, the Viaduct over 
River Ulla is a high speed railway bridge with 10 
spans of 100 + 150 + 180 + 240 + 240 + 240 + 180 
+ 150 + 150 +100m, Figure 18. These main spans
have been designed with a double composite steel
truss and PC deck, with double composite action
in hogging zones, and a total depth ranging from
9.15 m at the midspan section to 17.90 m at the
section over the piers [18].

Reduced weight 
20%~40% 
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Figure 18. Viaduct over River Ulla 

Butterfly web extradosed bridge 

Although corrugated steel web bridges have been 
applied in many projects over the world, more 
maintenance is required for the durability of the 
composite structure. A new type of composite 
structure called “butterfly web” has been 
developed with butterfly-shaped concrete panels 
utilized in the web of the main girder as a means 
for erecting the bridge more efficiently and for 
reducing construction and maintenance cost. With 
respect to shear force acting on the web, it 
behaves similarly to a steel Warren truss, Figure 
19. The material for the components of the web is
concrete and tensile stress areas are reinforced
with prestressing single steel [19].

Figure 19. Structural properties of butterfly web 

The Finalist of IABSE OStrA 2019, Mukogawa 
Bridge is an extradosed bridge with butterfly webs 
on the Shin-Meishin Expressway in Japan. The 
butterfly panels shown in Figure 20 were used for 
main girder webs to improve seismic resistance 
and increase the ease of construction. Together 
with the extradosed structure and constant girder 
height, this web design also contributed to a 
significant reduction in the weight of the 
superstructure [11]. 

Figure 20. Details of butterfly web 

Multiple material strength bridge 

Innovative material combinations not only cover 
the two main structural materials, steel and 
concrete, but also enable composite or hybrid 
structures but also include single material, steel or 
concrete in combinations in a single bridge. 

The Winner of IABSE OStrA 2021, Rose Fitzgerald 
Kennedy Bridge is noted for its low pylon heights, 
Figure 21 when compared with conventional 
cable-stayed bridges. While aesthetically pleasing, 
such an approach puts additional demands on the 
materials that make up the bridge, with higher 
strength concretes typically required. High 
strength concrete mixes including C50/60, C60/75 
and C80/95 were required to meet these demands. 
While the use of C50/60 concrete is relatively 
common, the use of C60/75 and in particular 
C80/95 concretes in Ireland is rare, and a wide 
range of trials were conducted to assess both the 
plastic and hardened properties of the concrete 
mixes, including workability, workability retention, 
pumpability and compressive strength [20]. 

Figure 21. Rose Fitzgerald Kennedy Bridge 

Long-life material bridge 

One of the most challenging problem of 
innovative material combinations is to develop 
high quality and long-life materials, over 
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commonly 100-year design life, including steel and 
concrete. As a Finalist of IABSE OStrA in 2020, 
Samuel De Champlain Bridge has innovative 
material combinations to achieve its 125-year 
design life, and its sustainability has been 
recognized with an Envision Platinum Award from 
the Washington-based Institute for Sustainable 
Infrastructure. 

The existing Champlain Bridge is one of the 
busiest bridges in Canada built in 1962, and 
displays signs of serious deterioration. Samuel De 
Champlain Bridge was designed and constructed 
on a very aggressive accelerated schedule to 
replace the existing bridge. It includes the 2,044m 
West Approach with 80.4m typical span, the 529 
m asymmetric cable-stayed bridge with a 240m 
main span and the 762 m East Approach with a 
109m maximum span, Figure 22. In order to 
achieve spectacular aesthetic and architectural 
qualities, lightweight composite structures with 
prefabricated steel and concrete elements are 
used extensively to accelerate the construction. 
The most important principal objective for the 
project was to ensure a new bridge of a very high 
quality and endowed with an extended design life, 
125 years for all non-replaceable elements. The 
key design requirements for 125 years include [21]: 

• Use of stainless-steel reinforcement in 100% of
all deck slabs and at other strategic locations
subjected to salt spray or salt leakage.

• Good deck drainage system.
• Time-to-corrosion modelling for concrete

components.
• Fatigue resistance of components to be

considered over the design life.
• Reserve capacity for structure design allowing

for the replacement of a cable stay with traffic
and for the potential loss of multiple stays in
an extreme event.

• Limitation on the number of expansion joints
to eight, including the expansion joints at the
abutments.

Figure 22. Samuel De Champlain Bridge 

4 Remarkable Functional Technology 
With the development of bridge technology, some 
remarkable functional technologies have been 
created for different demands and various bridges. 
Remarkable functional technology is one of the 
most important recognition of IABSE OStrA, and 
eight remarkable functional technology projects 
can be recognized in two remarkable movable 
bridges, two innovative constructed cable-stayed 
bridges, two seismic function cable-supported 
bridges and two environmentally coordinated 
bridges. 

Remarkable moveable bridges 

There are two remarkable moveable bridges 
which have been awarded the IABSE OStrAs. One 
is Gateshead Millennium Bridge with the 
innovative movement awarded as the Winner in 
2005, and the other is Pont Gustave Flaubert 
Bridge with vertical lift awarded as a Finalist in 
2011. 

Gateshead Millennium Bridge is a movable arch 
bridge for pedestrians and cyclists with a 105m 
span across the River Tyne in London, UK. After 
due consideration of four conventional and well 
developed movable options, including draw bridge, 
swing bridge, retractable or telescopic bridge and 
lift bridge, the fifth dimension mode of movement 
innovated for and adopted in Gateshead 
Millennium Bridge by rotation in a vertical plane 
perpendicular to the direction of travel. The 
remarkable movement mode resulted in an 
innovative and adventurous design in the form of 
a tilting bridge formed of a pair of steel arches, 
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pivoting from a common springing point within 
concrete pile-caps, Figure 23 [22]. 

Figure 23. Gateshead Millennium Bridge 

Pont Gustave Flaubert in France is a large vertical 
lift bridge with a simple and efficient design, 
Figure 24. The conceptual design of the lifting 
bridge had two independent spans carrying three 
roadway lanes and a 2.5m wide walkway, which 
would lead to 18m wide decks. The concept was 
developed to place towers in between the spans, 
with lifting equipment overhanging out on both 
sides, symmetrically. The lifting principle chosen 
was to have cables attached to overhanging 
structures located at the top of the towers [23].  

Figure 24. Pont Gustave Flaubert 

Innovative constructed cable-stayed 
bridges 

There are two innovative constructed cable-
stayed bridges which have been awarded with the 

IABSE OStrAs. One is Millau Viaduct with the 
innovative launching method awarded as the 
Winner in 2006, and the other is the project of the 
widening of the cable-stayed bridge over the 
Rande Strait in Spain awarded as a Finalist in 2019. 

Millau Viaduct is a multi-span cable-stayed bridge 
with two side spans of 204m and six intermediate 
spans of 342m. The deck cross-section is a 
streamlined orthotropic steel box with two 
vertical webs required by the selected erection 
technique. The steel box-girder deck was erected 
with the launching method from both ends, with a 
final closure made above the Tarn River. 
Intermediate temporary supports were installed 
at each mid-span except for the closure span to 
reduce the launching span to about 150m. Each of 
the two launched structures was equipped with its 
front pylon and with six stay-cables to reduce 
bending moments during launching. The launching 
system developed is highly innovative in  directly 
balancing friction forces within each support with 
active launching bearings, Figure 25. Horizontal 
hydraulic jacks at the bearings produced the 
horizontal motion with a central command from a 
computer and sensors to control that the 
displacement was the same on all supports at all 
times [12]. 

Figure 25. Launching erection of Millau Viaduct 

The Atlantic Motorway crosses the Vigo Estuary in 
Spain by means of a 400m spanned cable-stayed 
bridge with a composite deck over the Rande 
Strait which was completed in 1981. To increase 
the bridge’s traffic capacity, the most favourable 
solution found was a widening project, which 
consists of two new external composite decks 
positioned along both the outer sides of the 
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existing deck next to the main piers without either 
interrupting the traffic on the existing bridge or 
affecting the Vigo estuary. The new lateral decks 
are formed by a main 1.5m wide and 2.3m deep 
longitudinal steel box girder set adjacent to the 
outer faces of the main piers’ shafts. This steel box 
girder is combined with a 0.2m thick reinforced 
concrete upper slab, to form a steel concrete 
composite cross-section, which substantially 
improves its structural behaviour compared to a 
purely steel cross-section. The two main box 
girders are suspended by stays from their mid-
width vertical plane, and supported on the edges 
of the existing deck by means of transversal 
Warren trusses with an ending hinge at every 
10.53m spacing, Figure 26 [24]. 

Figure 26. Widening erection of the cable-stayed 
bridge over the Rande Strait 

Seismic function cable-supported 
bridges 

There are two seismic function cable-supported 
bridges which have been awarded the IABSE 
OStrAs. One is Rion-Antirion Bridge with the 
innovative deep-water seismic foundation 
awarded as the Winner in 2006, and the other is 
San Francisco Oakland Bay Bridge New East Span 
with the innovative seismic energy-absorbing 
shear link beams in the single pylon as the Winner 
in 2015. 

Rion-Antirion Bridge is an exceptional cable-
stayed main bridge with three central spans of 
560 m and two side spans of 286 m. The main 
bridge is located in a severe environment which 
consists of deep water (65m), deep soil strata 
(500m) weak alluvium and strong seismic spectral 
acceleration (1.2g) with possible slow but 
important tectonic movements (2m) in vertical 

and horizontal direction. In addition, the pylons 
have to withstand the impact of a big tanker 
(180,000t) moving at a speed of 30 km/h. The 
innovative deep-water seismic foundation 
developed comprise of two separate parts, the 
reinforced soil, which is a clay steel composite 3D 
structure, and the pylon bases, which are rigid 
bodies not subject to any unusual strength 
problems, shown in Figure 27 [10]. 

Figure 27. Reinforced soil and foundation of Rion-
Antirion Bridge 

The main bridge of San Francisco Oakland Bay 
Bridge New East Span is the world’s longest and 
widest self-anchored suspension span bridge with 
a single pylon. It is located in a high seismic zone 
between two major faults capable of producing 
large earthquakes. Specific structural members 
and zones were then designed to carry the 
inelastic seismic deformations, while all other 
members of the bridge were capacity protected. 
Such seismic innovations are to be found in the 
main architectural feature: the single, 160-metre 
steel pylon. Based on leading research on shear 
link beams used in eccentrically braced building 
frames, the pylon is composed of four legs that 
are interconnected with fusible shear link beams. 
The shear links are designed to supply the pylon 
with the required stiffness, absorb seismic energy, 
and limit damage in the pylon shafts during an 
earthquake, Figure 28. The main bridge is the first 
bridge in the world to use fusible shear links in its 
pylon [7]. 
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Figure 28. Fusible shear ling beams connecting the 
pylon legs of San Francisco Oakland Bay Bridge 
New East Span 

Environmentally coordinated bridges 

There are two environmentally coordinated 
bridges which have been awarded the IABSE 
OStrAs. One is Miho Museum Bridge with the 
coordination of bridge morphology and 
environment awarded as the Winner in 2002, and 
the other is Circle Bridge with the environmental 
harbor platform awarded as a Finalist in 2018. 

With a harmonious union of aesthetic and 
technical considerations, Miho Museum Bridge 
was designed as the processional entrance to the 
Miho Museum in Shigaraki, Japan. The bridge was 
intended as a transition between the region’s 
beautifully rugged terrain and the Miho Museum. 
The bridge design uses innovative elements from 
the technology of post tensioned, cable-stayed, 
and cantilever bridges to produce a visually 
elegant and highly efficient structural system, 
Figure 29. Due to the high quality of the 
underlying rock, the tunnel was selected as the 
element for cantilevering the bridge over the 
valley. The cantilever is achieved by a moment 
couple formed between the axial compression in 
the space frame at the bottom of the tunnel 
mouth and the axial tension in the post-tensioned 
cables anchored around the top of the tunnel 
mouth [25]. 

Figure 29. Miho Museum Bridge 

The Copenhagen’s harbour consists of a large 
number of small canals, and walking or riding a 
bike along the Harbour front is interrupted by the 
many canals that have been bridged. The 
Municipality of Copenhagen got the idea not just 
to build a bridge across Christianshavns Canal but 
to create a link which would be a piece of art and 
create a space in the city where people could 
meet. The 35m long bridge was designed with five 
steel platforms that vary in diameter from 10 to 
14m, namely Circle Bridge, Figure 30, and are 
arranged to create a staggered, zigzag path across 
the water, a testimony to the unique history of 
the local environment. Five platforms are topped 
by tall masts from which thin steel cables extend 
to the platform’s circular railings, outlining barely 
perceptible conical screens around the masts – 
the highest of which rises 25m above the bridge. 
Two of them are fixed to the foundations whereas 
the remaining three are the moveable part of the 
bridge [13]. 

Figure 30. Circle Bridge 
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5 Stimulating Bridge Project 
Stimulating bridges  are bridges that can create 
stimulation in bridge engineering and in engineers, 
with enjoyable exciting or interesting structures, 
which have won IABSE OStrA. Thirteen stimulating 
bridge projects have been awarded as Winners or 
Finalists including three extradosed bridges, four 
arch bridges, two cable-stayed bridges and four 
sea-crossing bridges. 

Stimulating extradosed bridges 

With the increase of girder span, the most 
challenging problem is the bending moment 
capacity of girder at intermediate piers of 
continuous rigid frame bridges. The ultimate limit 
of bending moment was firstly experienced in 
Humen Secondary Bridge with the world’s record-
breaking span of 270m in 1997. The maximum 
bending moment in the girder cross section at the 
top of the intermediate piers is about 4,000 MN-m 
due to dead load and live load, which has never 
been exceeded by any girder bridge although 
there are several girder bridges longer than 
Humen Secondary Bridge. 

The most effective way to solve this challenging 
problem is to build extradosed bridge with 
external tendons and shorter pylons, in which 
prestressing cables are placed outside the deck 
with large eccentricity over the piers, as opposed 
to tendons in the interior section of the girder as 
in a cantilever constructed girder bridge. The top 
ten longest span extradosed bridges completed in 
the world are listed in Table 2, including four in 
China, two in Japan and one in Palau, Canada, 
Ireland and Mexico, respectively. 
Table 2. Top ten longest span extradosed bridges 

No Bridge Name Main Span [m] Country Year 

1 Kisogawa 160+3X275+160 Japan 2001 
2 Ibigawa 157+4×271.5+157 Japan 2001 
3 Chongqing Jiayue 145+250+245 China 2010 
4 Luzhou Qiancao 128+248+128 China 2012 
5 Koror-Babeldaob 82+247+82 Palau 2002 
6 Golden Ears 121+3×242+121 Canada 2009 
7 Hemaxi 125+230+125 China 2007 
8 Rose F. Kennedy 2X 230 Ireland 2020 
9 Huiqing Yellow Riv. 133+220+133 China 2011 

10 Puente Barra Vieja 140+220+140 Mexico 2016 

As the first IABSE OStrA Winner in 2001, Sunniberg 
Bridge is a curved extradosed road bridge with low 
outward-flaring pylons above the roadway edges, 
Figure 31. It has three central spans of 128m, 
140m and 134m and two side spans of 59m and 
65m. It is very notable because of its creative 
design and aesthetically pleasing appearance 
sensitive to its surroundings [26]. 

Figure 31. Sunniberg Bridge 

Mukogawa Bridge is one of Japan's most 
innovative bridge spans and was an IABSE OstrA 
Finalist 2019. The 5 spans and 442m long 
extradosed bridge structure is supported by 4 pre-
cast circular piers that support a deck consisting of 
fiber-reinforced concrete butterfly web panels. 
Above the deck each of the 8.5 metre tall pylon 
masts supports 10 cable stays connected to a 
100mm thick steel plate, Figure 32. “It is an 
innovative extradosed bridge, which is elegant and 
provides a unique solution implementing 
advanced materials to reduce the deck's self-
weight.” [11] 

Figure 32. Mukogawa Bridge 

As the latest IABSE OStrA Winner, Rose Fitzgerald 
Kennedy Bridge is 887m long with two main spans 
of 230m extradosed concrete deck, Figure 33. 
Three pylons following an asymmetrical 
configuration give the bridge a unique profile, 
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with a shallow single central plane cable system in 
a pure extradosed structural system. The structure 
is impressive in scale and slenderness. “A 
landmark structure with three towers and iconic 
profile that has pushed the boundaries for the 
span of a concrete extrados bridge.” [18] 

Figure 33. Rose Fitzgerald Kennedy Bridge 

Stimulating arch bridges 

Arch bridge is an ancient bridge type originated 
from stone arch with short span. Modern concrete, 
steel and concrete filled steel tube (CFST) arch 
bridges can cross with almost double span length 
of girder bridges. In 1930’s, two famous long-span 
steel arch bridges were completed, namely the 
504m Bayonne Bridge and the 503m Sydney 
Harbour Bridge, which were the longest arches for 
about 45 years, till the emergence of 518m New 
River Gorge Bridge in 1977. In the past two 
decades, China has built several stimulating arch 
bridges with very long spans, and seven of them 
have been included in the top five longest span 
steel or CFST and concrete arch bridges completed 
in the world as listed in Table 3. Among these two 
top five arch bridges, two of them have won IABSE 
OStrAs. 

As the Winner of IABSE OStrA 2008, Lupu Bridge is 
a half-through tied-arch bridge across Huangpu 
River in Shanghai, China. The main arch of Lupu 
Bridge has a span combination of 100+550+100m 
and a crown height of 100m. Compared with the 
existing steel truss arch bridges such as the 518m 
New River Gorge Bridge, a box-arch bridge was 
designed to be a visually simpler and more 
durable structure that is aesthetically pleasing and 
structurally sustainable. Since the bridge is 
supported on particularly soft soil foundation in 
Shanghai, 16 strong horizontal cables were placed 

between the two ends of both side span arches in 
order to balance the huge horizontal thrust of the 
main arch, Figure 34. “A soaring box-arch bridge 
of record span with clean impressive lines and 
innovative use of the side spans of the arch and 
the deck to resist the thrust of the main arch” [27]. 

Table 3. Top five longest span steel or CFST and 
concrete arch bridges 

No. Bridge 
Name 

Span 
[m] 

Arch 
Ribs 

Country 
Located 

Built 
Year 

1 3rd Pingnan 575 CFST China 2020 

2 Chaotianmen 552 Steel China 2009 

3 Lupu 550 Steel China 2003 

4 Bosideng 530 CFST China 2012 

5 New River Gorge 518 Steel USA 1977 

1 Beipanjiang Rail 445 RC China 2016 

2 Wanxian 420 RC China 2000 

3 Krk 416 RC Croatia 1980 

4 Nanpanjiang Rail 416 RC China 2016 

5 Almonte Railway 384 RC Spain 2016 

Figure 34. Shanghai Lupu Bridge 

Tri-Countries Bridge, which won IABSE OStrA 2009, 
connects Germany and France near the border 
with Switzerland by a slender arch bridge with a 
span of 230m, Figure 35, and is the world´s largest 
span for pedestrian bridges. The very slender arch 
bridge has the best fitness for purpose to meet 
the functional and aesthetical requirements, 
resulting in a very elegant appearance. The 
northern vertical tubes have two hexagonal steel 
box cross sections, the southern circular hollow 
section is inclined. The inclined locked coil rope 
hangers connecting the orthotropic deck with the 
arch, use open sockets to permit the adjustment 
of the cable lengths. In order to make efficient use 
of materials and to save money, the amount of 
structural steel was minimized to 1020 tons, or 
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about 120kg/m2, and the cost of the whole project 
was 9 million EUR, or about 1050 Euro/m2 [28]. 

Figure 35. Tri-Countries Bridge 

As a Finalist of IABSE OStrA 2015, Nanjing 
Dashengguan Bridge is a key project on the 
Beijing–Shanghai high-speed railway. The main 
bridge has a large-span continuous steel arch truss 
structure with a total length of 1,615 m. The two 
main spans over the main navigational channels of 
the Yangtze River are steel arch trusses of 336 m, 
the longest high-speed railway arch bridge at that 
time, Figure 36. The bridge accommodates six 
railway tracks and is characterized by its heavy live 
load, large span and width. If the design adopted a 
conventional double-plane truss, the maximum 
force of members would be as much as 150MN. 
The arches comprise three truss planes above the 
orthotropic deck [29]. 

Figure 36. Nanjing Dashengguan Bridge 

The High Speed Rail (HSR) between Madrid and 
Extremadura crosses over River Almonte through 
a 996 m long viaduct with a 384 m concrete arch, 
Figure 37, the largest HSR arch bridge built to date. 
The deck is designed as a continuous beam with 
sliding bearings on the piers and a fixed bearing at 
the arch crown. The arch performs all the critical 
functions in the transfer of the dynamic forces 
generated by trains travelling at speeds of up to 
350 km/h. The Viaduct over River Almonte was a 
Finalist of IABSE OStrA 2018 [13]. 

Figure 37. Viaduct over River Almonte 

Stimulating cable-stayed bridges 

Although cable-stayed bridge construction can be 
traced back to the 18th century, Stromsund Bridge 
completed in 1955, is often cited as the first 
modern cable-stayed bridge with a main span of 
183m. The span length of cable-stayed bridge was 
almost doubled in the first 20 years in the 404m 
spanned Saint-Nazaire Bridge in 1975 and the 
second 20 years later in the 856m Normandy 
Bridge in 1995. During the past 20 years, three 
further record-breaking spans were realized in the 
890m Tatara Bridge in 1999, the 1088m Sutong 
Bridge in 2008 and the 1104m Russky Bridge in 
2012. The top ten longest span cable-stayed 
bridges completed in the world are shown in Table 
4, and two of them won IABSE OStrAs. 

Table 4. Top ten longest span cable-stayed bridges 

No. Bridge 
Name 

Span 
[m] 

Deck 
Type 

Country 
Located 

Built 
Year 

1 Russky 1104 Box Russia 2012 

2 Hutong 1092 Truss China 2020 

3 Sutong 1088 Box China 2008 

4 Stonecutters 1018 Twin-box China 2009 

5 Qingshan 938 Box China 2021 

6 Edong 926 PK Box China 2010 

7 Jinyue 920 Box China 2019 

8 Tatara 890 Box Japan 1999 

9 Normandy 856 Box France 1995 

10 Chizhou 828 Box China 2019 

As a Finalist of IABSE OStrA 2010, Sutong Bridge is 
located in the southeast of Jiangsu Province, China, 
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which is in the lower reaches of the Yangtze River. 
The main bridge is a cable-stayed bridge with the 
world record 1088m span at that time, Figure 38. 
The bridge substructure was designed and 
constructed with the emphasis on sustainable 
development and environmental protection of the 
mother river of China, Yangtze River. This aim was 
achieved through selecting group pile foundation 
instead of caisson to alleviate the impact on the 
river flow, installing various scour protection to 
minimise the erosion in the river bed, and 
adopting partially hydrolysed polyacrylamide 
system for clay mud treatment to reduce the 
disposal of bored pile construction. One of the 
most significant challenges in the construction of 
this super-long cable stayed bridge was geometry 
control. The unique complexity of Sutong Bridge 
required specially developed methods and 
procedures to control the geometry profile and 
safety of the bridge during the construction period 
[30]. 

Figure 38. Sutong Bridge 

As a Finalist of IABSE OStrA 2011, Stonecutters 
Bridge in Hong Kong, Figure 39, is a truly 
outstanding structure which has been designed 
and built to the highest quality standards. 
Following concept selection via an international 
design competition, significant technical 
challenges in design and construction were 
overcome through state-of-the-art techniques of 
modelling, testing, planning, and erection. It is an 
interesting departure from other long-span cable-
stay bridges with A-shaped, inverted Y-shaped, or 
diamond-shaped pylons and single decks. The 
pylons are the highest freestanding monopole 
bridge pylons in the world and incorporate a 

unique composite stainless steel–concrete upper 
section. The streamlined split deck is ideally suited 
to cope with severe typhoon winds. A 
comprehensive set of facilities for inspection and 
maintenance of the structure has been included in 
the design [23]. 

Figure 39. Stonecutters Bridge 

Stimulating sea-crossing bridges 

In general, there are two kinds of structures to 
provide a sea crossing, bridge structure over the 
sea or tunnel structure below the sea. The 
construction of both bridges and tunnels can be 
traced back over thousands of years, and bridge-
tunnel combinations that use islands as sea-
crossing fixed link have only a history of of 85 
years since San Francisco–Oakland Bay Bridge was 
completed in 1936. During the past two decades, 
four sea-crossing bridge-tunnel projects, as shown 
in Table 5, have been built over the world, and 
three of them have won IABSE OStrAs. 

Table 5. Four bridge-tunnel combinations 

No. Bridge 
Name 

Length 
[km] 

Country 
Located 

Built 
Year 

1 Oresund Fixed Link 16.0 Denmark 2000 

2 Shanghai Yangtze River 25.5 China 2009 

3 Busan–Geoje Fixed Link 8.2 Korea 2010 

4 Hong Kong Zhuhai Macao 55.0 China 2018 

Oresund Fixed Link, Denmark–Sweden, Figure 40, 
received IABSE OStrA 2002 for being “a major 
piece of infrastructure, recognised for its 
innovative planning, design, contracting and 
construction management”. The 16km long 
Oresund Fixed Link comprises of four major 
sections including a 0.9km2 reclaimed peninsula 
near the Copenhagen airport at Kastrup, a 3.8km 
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immersed tunnel under the main navigation 
channel between Kastrup and the islet of Saltholm, 
the world’s largest immersed tunnel in terms of 
volume at that time, a 4.0km long artificial island, 
Peberholm, south of the existing Saltholm Island, 
which is a protected wildlife sanctuary, and, a 
7.8km long bridge between Peberholm and 
Lernacken in Sweden and was Europe’s longest 
combined road and railway bridge at that time. A 
relocated shipping lane is crossed by a 490m 
cable-stayed span with a navigational height of 
57m, the largest cable-stayed bridge in the world 
in terms of length combined with traffic load at 
that time. This project is also remarkable for 
having been completed on schedule, within 
budget and fulfilling strict environmental 
requirements [31]. 

Figure 40. Oresund Fixed Link 

As a Finalist of IABSE OStrA 2012, Busan Geoje 
Fixed Link, a dual two-lane highway, connects 
Geoje Island with Gaduk Island in Busan of Korea, 
Figure 41. This link has a total length of 8.2km and 
comprises three major structures including a 
three-pylon cable-stayed bridge of 230m main 
spans with approach viaducts between Geoje and 
Jeo Island, a two-pylon cable-stayed bridge of 
475m main span with approach viaducts between 
Jeo and Jungjuk Islands, and an immersed tube 
tunnel between Jungjuk and Gaduk Islands of 
3.7km length. It is located in the open sea and 
thus exposed to extreme wind and wave 
conditions originating from typhoons. These 
conditions with wave heights up to 13 m and 
critical wind speeds up to 80 m/s have governed 
the design. In addition, because of the proximity 
to major shipping facilities, the structure is also 

prone to extreme vessel collision loads. Owing to 
the proximity of the naval base, requirement on 
the concessionaire to provide for security reasons 
a tunnel under the principal navigation channel, 
rather than a bridge, was indispensable. Several 
special methods were developed to overcome the 
difficult conditions. To minimise off-shore work, 
large pre-cast units were used for all the 
structures except pylons [32]. 

Figure 41. Busan-Geoje Fixed Link 

IABSE OStrA 2020 was presented to Hong Kong–
Zhuhai–Macao Bridge, China: “It is the world’s 
longest sea-crossing link and consists of 
reclamations, artificial islands, immersed tunnel, 
marine viaducts and cable-stay bridges. It can be 
seen from land, sea and air and its design has 
been driven by aesthetics, environmental, 
engineering and durability aspects”. The 55km 
long Hong Kong–Zhuhai–Macao Bridge consists of 
three sections including the 29.6km Main Bridge, 
the 13.4km Hong Kong Link Road and the 12km 
Zhuhai Link Road. The Main Bridge, Figure 42 
includes a 22.9km viaduct and a 6.7km immersed 
tube tunnel that runs between two artificial 
islands, the Blue Dolphin Island on the west and 
the White Dolphin Island on the east. The viaduct 
crosses the Pearl River estuary with three cable-
stayed bridges spanning between 280 and 460 
metres, allowing shipping traffic to pass 
underneath. Significant use has been made of 
large prefabricated elements to achieve quality 
and construction speed. Several innovations were 
implemented in this project [33].  

• Precast pile caps and pier columns as a single
unit were lowered onto composite piles with
temporary cofferdams supported off the pile
caps, permitting connection to the piles to be
carried out in the dry.

• Combined precast pile caps and pier columns
avoided challenging wet works in a sea
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environment and enabled durable and quality 
construction to be achieved in reduced 
construction time.  

• Sail-type and dolphin-type towers for the
Jiuzhou and Jianghai bridges, respectively, are
stiff in the longitudinal direction and
eliminated the need for intermediate back
span anchor piers in Jiuzhou Bridge and gave
the required stiffness for the central tower of
Jianghai Bridge.

Figure 42. Hong Kong-Zhuhai-Macao Bridge 

As a Finalist of IABSE OStrA 2020, Cheonsa Bridge, 
Figure 43 is located in the south-western part of 
Korea to connect the islands of Amtae and Aphae 
to develop Sinan County’s diamond-shaped group 
of islands. The bridge has a total length of 7,224m, 
of which 1,004m is a free cantilevered pier table-
anchored cable-stayed bridge, 1,750m is a three-
pylon multispan suspension bridge. The “angel’s 
wing” concept was applied for the bridge. “Angel”, 
translated into Korean, is “Cheonsa”, which also 
means the number 1,004. The concept is 
appropriate as Sinan is composed of 1,004 islands. 
The cable-stayed bridge is 1,004m long, with two 
A-shaped pylons. The pylons and cables form a
shape of an angel’s wing. Also, the nine bundled
cable arrangement and the diamond-shaped
tower cross-beams were applied to convey the
role of the bridge as the entrance gate to Sinan’s
nine-island diamond system. Various structural
plans are applied to each cable bridge to ensure
wind safety and improve the safety level of the
structural system [34].

Figure 43. Cheonsa Bridge 

6 Conclusions 
The technological innovation and engineering 
creation of recent bridge projects have been 
recognized with IABSE Outstanding Structure 
Awards, in particular through thirty-two awarded 
bridge projects in the past two decades. Four 
creative structural forms have been used as twin-
box girder in two suspension bridges, spatial main 
cable in three suspension bridges, multi-main-
span in six cable-supported bridges and cable-stay 
and suspension hybrid in one bridge. Four 
innovative material combinations have been 
developed in steel truss and PC flange composite 
deck for two girder bridges, butterfly web for an 
extradosed bridge, multiple material combinations 
for one extradosed bridge and long-life concrete 
for one cable-stayed bridge. Four remarkable 
functional technologies have been invented for 
two movable girder bridges, innovative 
construction methods in two cable-stayed bridges, 
seismic function in two cable-supported bridges 
and environmental coordination in two pedestrian 
bridges. Several stimulating bridge projects have 
been awarded as Winners or Finalists including 
three extradosed bridges, four arch bridges, two 
cable-stayed bridges and four sea-crossing bridges. 
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Abstract 
The 4th Ring Transportation Corridor in Zhengzhou, Henan, China (the Project) is implemented in 
accordance with the design scheme of integral bridge structures and the short-line match casting 
method. This paper focuses on key technologies of segment precasting used in the Project, involving 
the design and layout of precast yards, the formwork design for precast segments and the geometry 
control in the precast yards as well as the application of information technology in precast yards. It 
can be used as references for projects related to precast segment production in the industry. 

Keywords: 4th ring; Zhengzhou; precast bridge; segment; precast yards; geometry control; match 
cast; short-line; small radius; information technology 

1 Introduction 
Located in Zhengzhou, Henan Province, the 4th Ring 
Transportation Corridor in Zhengzhou has a total 
length of 93.3km. It is an urban transportation 
mega project with enormous investment and the 
engineering dimensions are among China’s largest 
urban expressway construction projects. 

Situated in the main urban area of Zhengzhou, the 
4th Ring Transportation Corridor passes through 
several administrative districts of the city. 
Approximately 70% of the total line are elevated 
viaducts. Both the government and local residents 
were in urgent need for a bridge construction plan 
featuring the shortest construction schedule, with 
minimal construction impact, most convenient 
transportation of raw material, lowest cost, and 
minimized maintenance for the future. The 
innovative design scheme of integral bridge 

structures and the short-line match-casting 
method are used for this project, ensuring 
environmental protection, energy conservation 
and emission reduction and optimizing economic 
factors to the greatest extent. 

There are 27 interchanges and 39 pairs of on and 
off ramps along the 4th Ring Transportation 
Corridor. A challenge was the complicated 
alignment conditions along the 4th Ring 
Transportation Corridor, which influenced the 
layout of the elevated expressway significantly. The 
general design concept for the elevated 
expressway was to build the bridges in the center 
above the existing road with piers in the existing 
greenbelt. Where, due to space restrictions or 
utility line interference, it was not possible to build 
the bridge in the center, the elevated viaducts were 
constructed at the outsides of the existing road. 
This led to alignments with the elevated 
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expressway transitioning from the center to the 
outside. The bridges viaducts shall be compatible 
with the complicated alignment and meet the 
needs of the project by the maximized 
implementation of the industrial bridge design, 
manufacturing, transportation and erection. 

There were about 50,000 precast segments, which 
were produced in eight precast yards through 
standardized procedures based on strict standards 
for finished products, precast guidelines and 
process manuals. The work efficiency was greatly 
increased and a fabrication cycle of only 1.5 days 
per segment was achieved at peak times. The 
balanced cantilever construction method was used 
for the erection of bridge segments, and 
appropriate erection equipment were used in 
accordance with different boundary conditions. 

The main line of the elevated expressway of the 
project was opened to traffic at the end of 2019, 
and the 4th ring line was fully operational and 
officially opened to traffic on April 30, 2021. 

2 Design and construction of 
precast yards 

2.1 Site selection of precast yards 

From the perspective of transportation, the precast 
yard should be located as close as possible to the 
construction site. It is recommended that the 
distance from the production of the precast 
segments to the erection of the segments should 
not exceed 60km. The precast yard locations were 
selected based on in-depth research results which 
considered the length of the segment transport, 
geographical conditions and the original nature of 
the land use. In case of the construction of a large-
scale precast yard factory future market needs 
within the regional planning concept need to be 
considered. The precast yard factory needs to be 
designed so that the layout and machinery is 
compatible with other types of precast projects, 
like different PC bridge components, PC girders, 
and PC tunnel segments, etc. According to the 
initial project planning, eight precast yards were 
planned, designed, and constructed within 5 
months. With these eight precast yards about 
50,000 precast box girder segments were needed 
for the entire project and were produced within 18 
months.  See Figure 2-1.

Figure 2-1 Distribution map of the precast yards for the 4th Ring Transportation Corridor in Zhengzhou
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The eastern area of the city of Zhengzhou is 
relatively new developed and has limited space for 
the construction of precast yards. Therefore, nearly 
all precast yards were located in the western area 
of the city. The precast segment transportation 
distances ranged from 30km to 50km. Some of the 
precast yards were designed for future sustainable 
development and were either kept for production 
of precast segments or transformed for production 
of tunnel and building precast components after 
completion of the project. Therefore, three of the 
precast yards were designed as permanent precast 
factories. Most of the existing conditions were kept 
and updated as appropriate, some of the precast 
yard areas needed modifications for the future use 
of the precast yard. 

2.2 Capacity estimation for precast yards 

At the time of the design of the precast yards, the 
scale of the precast yards and the number of 
formworks was developed based on the scale and 
the construction schedule of the project. Based on 
past experience, the impact of the following 
aspects should be considered: 

(1) Overall scale of the project: The total number of
precast segments for the project should be
estimated.

(2) Time limit of erection of precast segments and
the daily number of precast segments to be erected:
The daily number of precast segments to be
produced should be estimated based on the time
cycle of the production of one precast segment in
the precast yard. The efficiency of different
construction methods to erect the precast
segments at the site also need to be considered.
Generally speaking, in the case of span-by-span
erection, a span can be erected in three to four
days; in the case of cantilever bridge construction,
two pairs of segments (four segments) can be
erected in five hours. When estimating the
construction schedule, the time for lifting precast
segments, installation with applying epoxy,
prestressing, grouting, and moving and transfer of
erection equipment need to be considered.

(3) Efficiency of segment fabrication: When
estimating the efficiency of segment fabrication,
different conditions need to be considered, which
include the segment production, the construction
conditions in different seasons, and different

environmental impacts, etc. According to 
preliminary estimation, a standard segment can be 
produced in two days, a non-standard segment 
(hunched precast segments for long span bridges or 
precast segments with small radius for interchange 
ramps) can be produced in 2.5 days. This time shall 
be increased by 25% if the work is carried out 
during the wintertime. 

(4) Influence of efficiency reduction factors: In
addition, it is necessary to consider efficiency
reduction in the first two months of fabrication due
to the startup phase, learning and training of the
workforce, coordination between construction
teams, workers’ proficiency in operations and team
management efficiency. The efficiency of the
precast yards shall be 30% in the first month, 60%
in the following month, and the full efficiency in the 
third month and beyond. After the team gets into
the production routine and the groups work well
together, they can increase the efficiency if needed.

The production statistics of the five major precast 
yards for the project between May 2018 and May 
2019 is shown in Figure 2-2. 

Figure 2-2 Statistics about monthly segment 
production of five precast yards 

Figure 2-2 shows that the precast yards started very 
slowly in the month from May to July. During the 
first three months the precast yards weren’t fully 
operational, precast forms were installed, precast 
yard staff was trained, the processes were 
implemented, and the precast yard management 
focused on the quality of the segments. The 
segment production started slow during this time 
period. In August the precast yards with the 
management team and the entire workforce was 
ready for the industrialized segment production 
and the weekly output gradually increased. During 
the months of October and November the weekly 
segment production reached its peak period. In 
November all precast yards slowed down the 
production of precast segments due to weather 
and festival. The precast yards began to enter the 
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winter production phase. The steam curing 
equipment was installed at each formwork and 
successfully used, which increased the time for the 
production and maintenance of segments. The 
segment production at all precast yards slowed 
down, then gradually returned to peak after spring 
festival. 

2.3 The overall layout of precast yards 

The overall planning, layout and detail design of 
precast yards have a direct impact on the quality, 
cost and construction schedule of the entire project 
for precast segment production. The following 
principles shall be followed for the design of 
precast yards: 

(1) Meet the requirements of short-line match-
casting;

(2) The production efficiency needs to meet the
requirements of the overall schedule for the
fabrication of precast box girder segments.
Enough storage area needs to be reserved at
the precast yard or close vicinity for storage
of precast box girder segments;

(3) The materials preparation area, the pre-
casting area, the patching area and the
segment storage area shall be reasonably
located and follow a workflow procedure.
The production processes shall be
coordinated to meet the workflow
requirements, interlinked procedures need
to be connected and it needs to be ensured
that finished precast box girder segments
can be effectively and timely transferred and
stored;

(4) The temporary patching area and storage
areas shall be reasonably arranged for
efficient and shipment of precast segments;

(5) The precast segment production shall start
as soon as possible and need to be
coordinated with the storage area, with the
segment transport, with the precast
segment erection at the construction site,
and with the available resources.

Precast yards for short-line match-casting of 
precast segments are categorized into indoor 
precast yards (or factories) and outdoor precast 
yards. Indoor precast yards or factories tend not to 
be affected by weather and temperature and have 

a higher efficiency. They are categorized into 
precast yards with a large precast workshop 
(industrial factories with many formworks in 
production line, see Figure 2-3) and precast yards 
with independent precast workshops (housing / 
cover / canopy for a single formwork) and by the 
number of formworks in the workshop. For the 
outdoor precast yards, a canopy must be placed 
above the precast formwork station and the rebar 
jig. The canopy will prevent rebars from rusting and 
will protect the top surfaces of the precast 
segments from being damaged by rainwater, see 
Figure 2-4. 

Figure 2-3 Precast yard with large precast 
workshop 

Figure 2-4 Outdoor precast yard 

The primary focus during the planning of a precast 
yard is to maximize the production capacity. The 
layout of precast yards shall coincide with the main 
line of segment production and should lead to the 
storage area. The principle “everything serves the 
precast segment production” and based on the 
characteristics of the site, these conditions 
determine the layout and design of precast yards. 
A precast yard needs to consider the following 
seven functional areas: pre-casting workshop, 
offices and staff rest area, segment storage area, 
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rebar processing workshop, concrete batch plant, 
material storage area, and living quarters. See 

Figure 2-5. 

Figure 2-5 Functional areas of precast yard

It needed to be considered that the precast 
segment production was ongoing year-round 
during all-weather conditions. Also, the 
reutilization of land and resources at the site after 
the completion of the project needed to be 
considered and therefore two or more industrial 
steel structural plants were built at the precast 
yards. One or more industrial factory buildings, 
based on the actual precast segment production 
capacity, were erected for the pre-casting 
workshop. These factory buildings housed the 
formworks and rebar jigs. Another factory building 
was used for the rebar raw material storage, rebar 
processing, cutting, and bending. The concrete 
batch plant was another factory facility, including 
the storage area for raw material, parking, loading 
and unloading area for the concrete trucks. The 
entire infrastructure for a precast yard needed to 
be designed. This included the layout and design of 
a road and traffic control system within the precast 
yard area for the delivery of raw materials, the daily 
traffic flow of the workforce, and the 

transportation of the precast segments, the layout 
and design for utility lines, mechanical and 
electrical lines, water supply lines, sewage and 
drainage lines, as well as steam lines.  

3 Key technologies for precast 
segment production 

Match-Casting is a method of precasting segments 
whereby each segment is cast against an existing 
segment to produce a matching joint. When 
segments are separated and re-assembled in the 
structure, the mating surfaces fit together to 
reproduce the "as-cast geometry." Short-Line 
Casting is a method of precasting each segment in 
a special form called a casting cell that has a fixed 
bulkhead at one end and a previously cast segment 
at the other. The form is only one segment long, 
hence the term "short-line." Both together is called 
Short-Line Match-Casting and the main procedures 
are shown in Figure 3-1.
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Figure 3-1 Main procedures of short-line match-casting segment production 

3.1 Installation of short-line precast formworks

Formwork manufacturers offer installation services 
of the precast formwork and need to cooperate 
with the precast yard. The geometrical relationship 
of the formwork setup is essential for the precast 
segment production and essential for the success 
of the project. Before the formwork, also called 
casting cell, will be installed, the survey tower and 
target tower need to be constructed. These two 
towers need to be monitored for a period of time, 
to ensure that the towers have no deviations or 
settlements. When installing a formwork, the 
precast yard survey team shall cooperate closely 
with the formwork installation team to ensure 
correct geometric relationship between the 
formwork and the survey system. The fixed 
bulkhead of the short-line match-casting formwork, 
is generally used as an axis (transverse axis) for the 
geometry control coordinate system, because the 
fixed bulkhead is a stable and rigid structure and 
shall not deform during the production process. 
The line connecting the survey tower and target 
tower is the baseline for the longitudinal axis, 
which is perpendicular to the fixed bulkhead. These 
two axes form the local coordinate system for one 
casting cell. The following geometric relationship 
shall be met: a. The center line of the formwork 
coincides with the baseline of the survey tower and 
target tower; b. The front casting face of the fixed 
bulkhead is vertical plumb; c. The track of the 
bottom form is parallel with the measuring baseline 
of the survey tower. See the Figure 3-2. 

Figure 3-2 Layout of the measuring tower 

3.2 Core technologies of the short-line 
casting method: geometry control 
and precision survey 

With 50,000 precast segments and the accelerated 
schedule, time was the biggest constraint. The 
short-line match-casting operation for such a great 
quantity of segments requires a well-organized, 
efficient, and accurate data management for the 
logistics and for the precise geometry control.  

The global coordinates of each segment and 
precast set were derived from the global 
coordinates of the bridge alignment, including the 
erection camber form the construction stage 
analysis (SW, PT, ADL, time dependent effects), 
including the fabrication camber of the precast 
segment production with the deviation correction 
of each segment. The geometry control software 
performs the deviation correction analysis for all 6 
points for each segment. The correction from the 
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actual to the theoretical coordinates is performed 
within the orientation of the match-cast segment 
and the relationship to the as-cast or wet-cast 
segment. The survey equipment (total station 
survey equipment) for the accurate survey of the 6 
segment control points required a high equipment 
precision of 0.5mm and a survey matching 
precision of less than 2mm. According to statistics 
of a precast yard, nearly 80% of the produced 
precast segments had a matching deviation of less 
than 2mm, 16% had a matching deviation of 2-4mm, 
2% had a matching deviation of 4-6mm, and 0.4% 
had a matching deviation greater than 6mm. 

A state-of-the-art data management and geometry 
control software SUN-SEG-3D was combined, 
implemented, and very successfully used for this 
project. The geometry control part of this software 
system recorded the data for 6 control points for 
each precast segment with a total station survey 
equipment, which was connected to a survey-APP 
via smartphone, then transferred the data back to 
the platform, analyzed the data for the current 
segment and prepared the data, including 
correction analysis, for the next segment. This 
process followed a rigorous quality control 
procedure, and the target data were submitted 

back to the survey team, within a very short time 
frame. After the survey team received the 
confirmed coordinates for the new segment via 
survey-APP, they proceeded to the next step. For 
one segment, starting with the positioning data, 
wet-cast data, as-cast data, match-cast data, and 
the survey of the control points on the fixed 
bulkhead, 135 data were recorded, and with 12 
segments per bridge span and 3 spans per bridge 
frame about 5,000 data were processed. With this 
state-of-the-art management system thousands of 
data were processed daily. This entire paperless 
process was extremely efficient, allowing the 
production of 200 precast segments every day.   

The main function of the platform is the geometry 
control tool, but the data management system is 
also able to track not only the final precast segment 
from the fabrication in the precast yard, to the 
storage area, to the transport to the construction 
site, all the way to the erection of the precast 
segment, but also able to track the raw material, 
material testing, and quality control of the used 
material. The process of the SUN-SEG-3D 
management platform, the geometry control 
software, the survey APP, and the Total Station is 
shown in Figure 3-3.

a) 3D geometry control system
b) Precision survey system c) Data platform system

Figure 3-3 Information management platform 

The SUN-SEG-3D system connects the Total Station 
via Survey APP, and the geometry control platform, 
which greatly simplifying the survey process. This 
survey system is 20 to 30 times more efficient than 
the manual survey operation using manual 
recording and the geometry control efficiency is 4 
to 6 times higher. Survey operators and geometry 
control team members can be significantly reduced. 
The labor cost can be reduced by 80%. The in-depth 

integration between industrialization and smart 
technologies has solved the problem of 
compatibility within different professional 
technologies. 

3.3 Matching of segments 

Except for the first segment, each other segment is 
casted by matching the segment before the current 
segment. The matched segment needs to be 
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positioned in accordance with the theoretical data 
of segment match provided by the geometry 
control team. The general procedure is discussed 
below. Preliminary adjustment shall be made 
before the accurate adjustment of the match-cast 
segment. In general, during the preliminary 
adjustment, the elevation positioning of the 
segments does not need to be considered. An 
onsite formwork operator will use a steel ruler to 
measure the length between the left/right side of 
the fixed bulkhead to the match-cast segment 
given the theoretical structural length of the next 
segment. This will significantly reduce the difficulty 
of accurate adjustment in the later stage and will 
increase the work efficiency. The survey team will 
adjust the detail segment position of elevation and 
horizontal plane in accordance with the matching 
data. At that time the accurate adjustment of 
elevation shall be performed before the horizontal 
plane position will be adjusted. The control points 
above the webs (ABCD) are used to adjust the 
elevation and check the coordinates. The control 
points in the middle of the segment (EF) are used 
to adjust the horizontal coordinates and check the 
elevation. At the time of the precise survey 
operation with the Total Station equipment of the 
match-cast segment, the mutual relationship 
between the control points on the segment surface 
shall be paid attention to and need to be adjusted 
if necessary right away. A single-point control and 
adjustment shall not be conducted and will not be 
effective. 

3.4 Match-Cast surface treatment 

Match-cast surface refers to the interface between 
the match-cast segment and the newly-cast 
segment. In general, there could be problems with 
defective shear keys and displaced or blocked 
corrugated ducts. If these deficiencies are not 
handled in a timely manner, this will have a big 
impact during the erection.  

The integrity of good fit shear keys with concave-
convex surface within the interface of the 
segments will influence the effects during the 
erection and installation and will affect the 
mechanical properties of the segments. The main 
causes for these effects are discussed below: the 
concrete strength of the segment has not yet met 
the strength criteria for formwork removal; poor or 

insufficient application of formwork releasing 
agent will influence the formwork removal process. 
The formula and application process of releasing 
agent needs to be determined through repeated 
experiments to ensure good releasing effects. The 
releasing agent for the matching surface and for 
the surface of the formwork is different. During the 
erection of the precast segments the match-cast 
surface must be sealed with an epoxy compound to 
prevent leakage. Damaged shear keys need to be 
prepared, so that there are no gaps or possible 
leakage areas during the construction process. If 
necessary segments need to be rebuilt.  

The displacement of corrugated ducts will change 
the joining angle between the interface surfaces 
and increase the friction values. In case the 
blockage cannot be resolved, and it will be 
impossible to insert the PT strands, the segment 
needs to be rebuilt. Extraordinary measures need 
to be taken in order to strengthen the corrugated 
duct locations and to prevent them from being 
displaced due to external forces during the casting 
operation. Currently, corrugated duct interfaces 
are connected to the fixed bulkhead and in addition 
duct casings, duct liners and connectors are used to 
keep the ducts in the correct position. The 4th ring 
road project had achieved good results by using 
additional interface duct casings and duct liners. 

3.5 Prefabrication of segments on curved 
alignment with small radius 

Even though the short-line match-casting can be 
used to produce bridge structures on any 
alignment, it is difficult to prefabricate a segment 
on a curved alignment with small radius, 
particularly if the superelevation also changes. The 
geometry control is extremely important for 
bridges with a distorted or twisted surface. The 
precast segment production requires a high degree 
of coordination between the rebar cage production, 
the tightening of the side forms of the formwork 
and the survey operation. 

The impacts on the integral construction need to be 
considered for the precast segments with small 
radius. The initial segment, also called starter 
segment, is produced between the fixed bulkhead 
and the floating bulkhead. Since both are relatively 
rigid, the starter segment has a rectangular surface. 
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This will cause that the longitudinal segment joint 
is not perpendicular to the centerline of the 
alignment. The smaller the radius, the larger the 
angle. This will also result in a difference of the 
outside and inside width of the bridge structure, 
which could influence the closure pour or wet joint. 
In extreme circumstances the closure pour or wet 
joint does not meet the minimum length 
requirements of wet joint length. For a precast 
segment with radius, the vertical and horizontal 
rebar layout in the rebar jig need to be based on 
the actual segment length. Particular attention 
shall be paid to the web rebars. If there are larger 
spaces between horizontal rebars, additional rebar 
shall be added within the larger spaces. Due to 
large horizontal angle between adjacent segments 
on curved alignments with small radius, a large 
curvature at the connecting position of the 
prestressed ducts between two segments will 
occur. This will increase the difficulty in positioning 
the prestressed ducts. During the stressing 
operation of the PT tendons the concrete at the 
connection of these ducts with the increased angle 
tends to be damaged. Special care needs to be 
taken while positioning the ducts, placing 
additional rebars in this area, and adding spacer 
bars. These measurements are also discussed in the 
design manuals and appropriate detailing need to 
take place.  

For precast segments on curved alignments with 
small radius, the horizontal rotation angle between 
match-cast segment and formwork is relatively 
large. There is a relatively large overlapping length 
between the match-cast segment and the 
formwork. The match-cast segment tends to be 
displaced while the outside forms are tightened. 
This will result in large matching deviations after 
completion of the casting procedure. The 
positioning of the match-cast segment and the 
closing or tightening of the outside form needs to 
be coordinated carefully within the formwork crew 
and the survey team.  

4 Conclusions 
The Design Joint Venture team developed 
elaborate design concepts for the project to save 
costs, simplify construction processes, improve 
construction quality, limit the impact on the public 

during construction, as well as taking 
environmental and aesthetic factors into 
consideration. The precast segments were 
fabricated in the precast yards off-site, which 
greatly reduced the amount and duration of work 
performed along the 4th Ring Transportation 
Corridor. The innovative design scheme of integral 
bridge structures and the short-line match-casting 
method was successfully implemented and used 
for the 4th Ring Transportation Corridor in 
Zhengzhou. By effectively managing the precast 
process, appropriately using key technologies, 
solving key technical problems, and using state-of-
the-art technology tools in order to strengthen the 
management, we have ensured high quality, 
increased construction efficiency and achieved 
green construction for the project. 

The precast segmental bridge technology was key 
in meeting the requirements for green construction 
and a driving force for “green” industrial 
transformation and upgrading, with remarkable 
economic and social returns. The successful 
application of the short-line match-casting 
technology for this mega project has further 
boosted promotion and encouraged the 
application of this technology in China. 
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Abstract 
Major railway bridges across the Hajar mountain range belonging to the Etihad Rail Package D of 
Stage Two of the UAE National Railway Network are built above important wadis and roads. 

Standard railway bridges are articulated in 40m long simply supported spans. Tall piers and 
abutments are required due to the complex terrain and the rail alignment configuration. 

Construction logistics and program being key constraints, solutions featuring precast elements have 
been favoured. The bridge section is made of 7 post-tensioned precast I-girders of 2.50m depth and 
a reinforced concrete top slab supporting the ballasted track system. 

The aim of this paper is to describe the structural system as well as to discuss some important design 
related aspects related to the precast girder type railway bridges built across the Hajar mountains. 

Keywords: railway bridges; heavy freight; precast girders; post-tensioning; rail-structure interaction; 
scour; seismicity. 

1 Introduction 
The Etihad Rail Package D of Stage Two of the UAE 
National Railway Network project (ER2D) 
comprises the design and construction of the 
permanent-way infrastructure works carrying dual 
track freight and passenger trains from Sharjah to 
the Fujairah Port, through approximately 145km. It 
will allow completing the first rail connection 
between the northern ports to the rest of the 
United Arab Emirates. 

ER2D will cross the Hajar mountain range through 
a succession of 9 tunnels, in addition to the 
construction of 35 bridges and 32 underpasses. 
This area is characterized by steep sided mountains 
with exposed rock surface and marked V-shaped 
wadis. Detailed hydraulic modelling has been 
required to capture the complex terrain highly 

susceptible to flash floods and position the 
hydraulic crossings appropriately at the location of 
high flows. Railway viaducts also provide grade 
separated access for highways, sand tracks utilized 
locally as well as for camel crossings. 

Figure 1. Etihad Rail network 
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2 Structural system description 
Railway bridges are referred to in Etihad Rail 
Project’s terminology as ‘underbridges’. There are 
a total of 14 precast girder type underbridges built 
along the stretch of the main line going through the 
Hajar mountains range (HJR line). Indeed, 
construction logistics and program being key 
constraints, solutions featuring precast elements 
have been favored, especially for crossings above 
wadis where cast-in-situ solutions requiring 
ground-based falsework are not recommended. 
These railway bridges are articulated in typical 40m 
long simply supported spans. 

Structural configuration based on simple spans was 
retained because of the following reasons:  

• Replacement of a single span without
impacting the whole bridge.

• Simple spans allow a favorable stress
distribution in the continuous welded rail
and rail expansion joints (REJ) can be avoided.

• Standardization from both design and
construction point of view.

The bridge section is made of 7 post-tensioned 
precast I-girders of 2.50m depth and a reinforced 
concrete top slab supporting the ballasted track 
system. 

Figure 2. Underbridge at HJR ch.39+731 under 
construction 

2.1 Functional bridge section 

Railway bridges along the main line carry the 
ballasted track-system (ballast, sleepers and rails) 
and are designed for two tracks spaced at 4.50m. 
Liquid spray applied waterproofing as well a 20mm 
thick ballast mats layer are laid over the concrete 

deck. Provision for derailment containment is 
incorporated using guardrails and cast-in-situ 
concrete kerbs terminated 200mm above the top 
of rail level to the outer side of the tracks. The 
space between the derailment kerb and deck edge 
is used to accommodate the drainage trough, the 
cable troughs carrying the signaling and telecom 
cables as well as other third-party cables, the 
future OHLE posts, and a concrete upstand 
supporting the steel edge railing. 

The maintenance and evacuation walkways run 
along the outer side of the tracks and are 
connected with the walkways at the approaches on 
the embankment. The cover lids of the different 
troughs are used as walkway surface. 

Figure 3. Typical section for precast girder type 
underbridges 

The total width of the double-track underbridge 
deck has been set to 14.77m and allows 
accommodating track curvature within the straight 
span for radii up to 2,100m, which is the minimum 
radius at locations along the main line where the 
precast girder solution is employed. 

2.2 Superstructure 

Structural system is made of 7 precast post-
tensioned I-girders of 2.50m depth and a 
reinforced concrete top slab supporting the 
ballasted track system. Precast post-tensioned 
girders are placed at constant spacing of 2.035m 
across the width of deck. Top slab of 300mm 
minimum thickness is built cast in-situ over stay-in-
place non-structural panels and 2% crossfall 
towards the edges.  

Cast-in-situ end diaphragms as well as two 
intermediate diaphragms are required to 
strengthen the precast I girder deck as well as to 
meet the AREMA specifications. 

Total superstructure depth of 2.80m leads to a 
depth-to-span ratio (L/D) of 14.3 which is within 
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the typical range for railway bridges made of simply 
supported spans for designs speeds less than 
200km/h. 

The 250mm thick web has been carefully studied 
from both design and construction perspective. 
Such dimension allows accommodating the post-
tensioning ducts and the web reinforcement while 
respecting the 50mm clear cover required for 
durability. One main concern was to ensure that 
there was sufficient space for concrete to flow 
(maximum aggregate size of 20mm) and avoid 
honeycombing. A girder mock-up was constructed 
and tested to confirm the constructability of the 
proposed arrangement. Due to the impossibility of 
using pocket vibrators through the web, shutter 
side vibrators have been used for the compaction 
of the concrete at the bottom part of the girders. 

At beam ends, the webs are thickened to increase 
the shear resistance and to allow the local 
transmission of forces to the bearings. Roughened 
concrete finishing has been specified at the 
sections of the girders coincident with the cast-in-
situ diaphragms and also along the upper surface 
of the girder in order to increase the shear friction 
resistance. 

I-girders require 9 post tensioning (PT) tendons to
resist the heavy super-imposed dead loads and
freight train loads. 7 tendons (9T15) are stressed at
a first stage at the precasting yard, and the
remaining two (11T15) are stressed on site after
girder erection, construction of diaphragms, and
casting of the majority of the top slab. This two-
stage prestressing is required to control the
stresses in the concrete along the construction
sequence.

Second stage PT had to be anchored either along 
the sides or at the top. Accessibility for stressing 
from top was deemed to be more appropriate in 
terms of safety during construction therefore 
girders have been designed with two partially 
recessed blisters above the upper flange. 
Remaining deck slab is cast after the second stage 
stressing providing ample concrete cover in deck 
slab thickness for the PT devices anchored at the 
top.  

Figure 4. Post-tensioning in precast I-girders 
(mid-span section left, anchorage section right) 

2.3 Bearings 

Project specifications required a service life for 
bearings of 50 years. Additionally, bearing 
manufacturer must provide a warranty of 20 years. 
Given these requirements, solutions based on 
elastomeric bearings could not be implemented, 
and spherical bearings were retained for 
underbridges. 

Each precast girder rests on one spherical bearing 
at each support line. Therefore, each span is 
supported on two lines of 7 spherical bearings. 

Transverse movements of each span are restrained 
at both support lines by the three central spherical 
bearings. Longitudinal restraint is provided at one 
end of the span, for each girder. The bearing 
arrangement is as shown below: 

Figure 5. Bearing articulation scheme 

Bearings are designed to be replaceable within the 
service life of the structure. Suitable jacking points 
have been incorporated into the permanent works 
design (ie. end diaphragms) such that no removal 
of structural concrete or welding of temporary 
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attachments to steelwork is required. All 
mechanical bearings are provided with secondary 
plates (top and bottom) to facilitate rapid bearing 
removal and replacement.  

In order make the bearing fabrication simultaneous 
to the precast girder production and take this first 
activity out from the critical path, most of the 
girders are cast with 75mm diameter sleeves 
around the bearing zone as per the applicable 
dowel arrangement of the bearing upper plate. 
Once bearings are delivered to the site, girders are 
erected on them and the gap between the dowel 
and the sleeve is filled with epoxy grout. 

Arrangement of local girder reinforcement around 
the bearing dowels has been carefully studied via 
3D models in Tekla. 

Figure 6. View of 3D girder model in Tekla 

Only some specific spherical bearings requiring 
tension anchors apart from the shear dowels were 
cast-in with the girders at the casting yard as the 
standard solution described above could not be 
applied. 

2.4 Substructure and Foundations 

With the alignment passing through various types 
of road crossings, valleys and floodplains, the 
adopted substructure solutions vary. 

Piers are standard and consist in a reinforced 
concrete column terminated in a ‘hammerhead’ 
type pier head. Height ranges from 5m to 40m, 
depending on which solid or hollow column 
sections are used. 

Figure 7. Cast-in bearing plate 

Figure 8. 3D rendering of typical pier 

For abutments, and depending on various 
constraints such as the height of the embankment, 
susceptibility for scour, etc., mainly three solutions 
are employed: 

• U-shape type abutments with return walls
for cases where the abutment is placed in the 
floodplain.

• Open abutments consisting in two blades
surrounded by a reinforced gabion slope and
topped by a capping beam for cases of very
tall abutments built in steep slopes.

• Cantilever stem wall abutments with MSE
wing walls for road crossing viaducts not
impacted by scour. Typical bank seat
abutments with MSE wall in front were
avoided due to concerns of settlement and
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any future maintenance affecting rail 
operations. 

Figure 9. Open abutment under construction 

Most of the foundations are with bored piles and 
pile caps. Spread footings are also used where 
there are favorable soil conditions away from 
hydraulic actions. 

2.5 Constructability 

Once substructure elements are constructed, and 
with precast girders delivered to the site, the 
following sequence is followed: 

• Girder erection by crane on temporary sand
jacks.

• Lateral stabilization of the girders using push-
pull props.

• Grouting of gap between upper bearing plate 
and girder soffit and bearing sleeves.

• Installation of formworks required to build
the intermediate and end diaphragms.

• Diaphragm reinforcement cage installation.
• Casting of intermediate and end diaphragms.
• Installation of non-structural panels for

casting of deck.
• Casting of deck slab excluding end region

around the second stage PT anchorages.
• Installation and stressing of second stage PT

tendons when the concrete has attained
80% of the 28-day concrete strength.

• Casting of remaining deck slab.
• Removal of sand jacks and temporary

supports.

Figure 10. View of spherical bearing, sand jacks 
and props on pier head 

Figure 11. Crane lifting one girder 

2.6 Bridge drainage 

Water infiltrating through the ballast is drained 
transversely towards the edges as per the 2% 
crossfall given to the deck slab. Weepholes at 
regular 2.50m spacing are provided through the 
derailment kerbs to convey the water to the 
hydraulic troughs. 

Water is then drained longitudinally along these 
channels up to the joint in between two spans. 
where it is collected in a  grated hopper and 
discharged through downpipe embedded in pier or 
abutment. In order to ensure the effective water 
flow the deck is provided with a minimum 
longitudinal slope of 0.3%.  
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Figure 12. Drainage arrangement at pier 

3 Design aspects 
The structural design criteria were based mainly on 
AREMA. Additional specifications and loading 
related to passenger trains were included from 
Eurocode, with guidance from UIC for capturing rail 
structure interaction effects. The application of 
loading and design criteria from different codes 
such as heavy freight train loadings from AREMA, 
high serviceability requirements for rail bridges 
from Eurocodes along with the considerable 
superimposed loading from ballasted railway 
functional cross-section, each influenced different 
aspects of the design.  

3.1 Analysis models 

A 3-D model of the entire bridge is built in LARSA 
4D based on the project specific materials, 
geometry, and section properties. Static, time-
dependent, moving, and seismic loads are applied 
into the models as per the project specific design 
criteria. Forces and deformations from the models 
are extracted and post processed/combined as per 
project specific design criteria. These results are 
verified for the most onerous criteria for applicable 
codes and specifications. 

Figure 13. Screenshots showing LARSA models 

3.2 Rail-Structure Interaction (RSI) 

RSI studies were carried out to find out the most 
appropriate bearing articulation scheme and to set 
the stiffness of the substructure elements based on 
the different criteria related to the axial rail stress 
limits and maximum relative longitudinal 
deformations at the end of the decks. 

The main reason for getting high relative 
displacements between deck ends that may cause 
the ballast deconsolidation or an increase of the 
rail stresses is a sudden change in the substructure 
stiffness. This typically happens in bridges 
constructed over V-shape wadis, where significant 
different in height is normally found in piers 
supporting the end spans, and relative movements 
between adjacent spans under train longitudinal 
forces becomes significant.  

Similar phenomenon also happens at the joint 
between the embankment and the start of the 
bridge deck. It was verified that, in order to avoid 
high relative displacements between deck and 
abutment, it was convenient to place the 
longitudinally fixed spherical bearings at the 
abutment and the free sliding spherical bearings at 
the pier supporting this end span. Such is the usual 
bearing arrangement adopted in the HJR line 
bridges, unless other circumstances such as 
unfavourable seismic behaviour were presented. 

3.2.1 Long bridges with tall piers 

The RSI behaviour is influenced by the structural 
configuration and stiffness of all the elements of 
the bridge, but or bridges with tall piers, it was 
observed that the factor playing a key role in the 
behaviour was the foundation stiffness. One 
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example to illustrate this is the bridge at HJR 
ch.39+731 to ch.40+331, which is a 600m long 
multi-span simple supported viaduct over a local 
road and through a wadi. This structure is the 
tallest in the Etihad Rail project, with piers of 40m 
height, articulated in 15 spans of 40m span length.  

Piers are designed with 5.5m x 5.5m hollow 
columns. Despite of the stiff substructure, some 
iterations were required to fix the rotational 
stiffness of the foundation by increasing the 
spacing between the rows of piles, to manage to 
comply with the limits for the deck longitudinal 
displacements under the traction/braking loads of 
the train. 

The final foundation consists in 2 rows of 2 piles, 
the longitudinal spacing of the piles was increased 
from 6m to 9m, and the impact in the reduction of 
rail stresses was around 15%. 

Figure 14. Bridge at HJR ch.39+731 to ch.40+331 

3.2.2 Three-span bridges over V-shape wadis 

Another interesting aspect was observed in some 
three-span bridges built over V-shape wadis, 
featuring short abutments and two tall central 
piers. Normally, robust and stiff piers could be 
expected for railway bridges made of simply 
supported spans, to limit the deformability of the 
system. However, for bridges with such a 
configuration, it was checked that an important 
amount of the longitudinal forces applied on the 
bridge are redistributed by the continuous welded 
rail towards the embankment approaches. This 
enabled to design slender piers as for example at 
the bridge located at HJR ch.23+181 to ch.23+286. 

This bridge is made of 3 spans of 35m length, being 
105m the total length. The height of the two 

central piers is 20.2m and 24.2m, with cross 
sectional dimensions of 2.00m in the longitudinal 
direction and 4.50m in the transverse direction. 
The longitudinal bearing articulation is “fixed-free” 
looking towards the increasing chainages for all the 
spans.  

The interesting result for this case is that due to the 
bridge length and the slender piers, longitudinal 
train forces applied on the bridge are transferred 
towards the stiff zone of the system which is the 
embankment. The following graphic shows the 
longitudinal shear force taken by the supports 
obtained from the RSI analysis. As it can be 
observed, most of the force is taken by the fixed 
bearings at the abutment and by the embankment. 
The longitudinal force at the piers is too low as 
compared to what it would have been expected 
and, in this way, it is possible to have slender piers 
and reduce the seismic demand in the foundation. 

Figure 15. Longitudinal shear at supports under 
train traction/braking loads. Bridge HJR ch.23+181 

to ch.23+286 

3.3 Dynamic analysis 

The static stresses and deformations (and 
associated bridge deck acceleration) induced in a 
railway bridge are increased and decreased under 
the effect of moving traffic loads. The dynamic 
effects on bridges induced by trains are of two 
different types: 

• Impact effect due to the speed of the traffic
crossing the structure and the inertial
response (impact) of the structure.

• Resonance of the structure, due to the
passage of successive loads with
approximately uniform spacing which can
excite the structure and under certain
circumstances create resonance.
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Dynamic effects are addressed in accordance with 
the requirements set in EN 1991-2: 

• Static analysis with representative static
loads (Cooper E-80 or LM71 & SW/0)
amplified with the applicable
impact/dynamic factor as per the code
requirements).

• If required, a dynamic analysis is performed
using « real » train set characteristics in
order to avoid any resonance phenomenon.

It is observed that the first natural bending 
frequency of the precast girder bridges loaded by 
permanent action is away from the critical values 
for which a dynamic analysis is required as pet the 
flowchart in section 6.4.4 of EN 1991-2. However, 
to validate the proposed structural arrangement, a 
dynamic analysis was undertaken at the beginning 
of the design stage using the Eurocode load models 
HSLM-A for a series of speeds from 40 m/s (144 
km/h) up to 1.2 times the maximum design speed 
of 200 km/h. 

It was observed that the vertical accelerations of 
the deck were below the limit of 3.5 m/s² that may 
cause wheels to leave the rails and the ballast to be 
shaken from the deck, with the risk of detachment 
of the rails. 

The graphic below shows the curves of the vertical 
accelerations of a 40m simply supported span 
double-track precast girder type deck, for the 10 
HSLM-A trains and the maximum mass boundary 
case. 

Figure 16. Outputs from dynamic analysis 

3.4 Seismic design 

Railway bridges are designed for seismic loads 
based upon AREMA Manual 2018 Chapter 9, with 
reference to the Etihad Rail Seismic Hazard 
Assessment. 

AREMA uses a three-level ground motion 
performance approach for seismic design, with a 
return period range to be considered for each 
ground-motion performance level. In case of 
bridges located across the Hajar mountains, peak 
ground acceleration was of 0.09g for the 
serviceability earthquake, 0.18g for the ultimate 
earthquake, and 0.31g for the survivability 
earthquake. 

The main design challenge for the substructure of 
railway bridges articulated in simply supported 
spans is to find a compromise between a system 
stiff enough to restrain bridge movements under 
service conditions to ensure safety of train 
operations on the bridge, and a system with a 
certain flexibility to avoid capturing very high 
seismic loads and jeopardize foundation design. 

Adopted seismic design provisions are as follows: 

• Piers: designed for limited ductility and
plastic hinging with confinement
reinforcement provided at the base of the
column in both the directions.

• Foundations: designed for full elastic seismic
design forces and no plastic hinging
provisions are allowed in the piles, where
ductility detailing is incorporated at the joint
with the pile cap and at the pile cap itself.

The high stiffness and horizontal restraints of the 
mechanical bearings added another layer of 
complexity to the seismic design considering the 
multiple bearing lines. 

3.5 Scour at bridge supports 

The bridge supports, though generally narrow, do 
obstruct some of the flow and constrain the flow 
beneath the bridge. As a result of the contraction 
and obstruction, the flow increases in scour 
potential at the bridge structures and in the wadi 
bed beneath the bridge. 

Maximum scour depth has been assessed using 
HEC-RAS model and has been determined for a 
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peak flow of 200-years return period, a peak flow 
of 500-years return period and for a failure of the 
dam located in the bridge area whenever this 
extreme event case was applicable. 

Contraction scour impacting the wadi bed in its 
entirety is checked to be minimal, and therefore 
local scour around bridge supports has mainly had 
to be assessed. 

All the piers and portions of the foundations within 
the floodplain from highest water level to 
maximum scour depth can be subjected to forces 
of flowing water and is designed to resist the forces 
induced. Water velocity and scour depth obtained 
from the HEC-RAS model along with substructure 
dimensions and soil properties is used to calculate 
the hydraulic pressure to be applied on the 
structure as well as protection against local scour 
to be provided as per HEC 18 manual: 

• Riprap placed around piers and abutment
foundations.

• The use of partially grouted riprap offers the
opportunity to use smaller rock sizes and
therefore to reduce the scour protection
depth.

Figure 17. Velocity maps in the region of bridge at 
HJR ch.43+327 for 500-year return period flood 

4 Conclusions 
Etihad Rail Package D of Stage Two of the UAE 
National Railway Network, currently under 
construction, will allow connecting Sharjah in the 
Persian Gulf with Fujairah in the Gulf of Oman. 

Considering accessibility for viaduct construction in 
the difficult terrains of the Hajar mountains and the 
tight program related to a fast-track design and 
built project, superstructure using precast post-
tensioned I-girders with cast-in-place deck slab was 

deemed to be the preferred choice from both 
design and construction point of view.  

Limits for precast girder weight, transportation and 
lifting, as well as the heavy loading, imposed 
limitations to the girder dimensions. These led to 
an optimized design of prestressed girder spans up 
to 40m, stressed in two stages.  

Substructure and foundation design was impacted 
by the use of multiple mechanical bearings 
restraining the horizontal movements of the deck, 
the seismic context, the risk of scouring, and the 
serviceability design criteria for railway bridges 
(limits for structure deformations and 
accelerations). 
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Abstract 
There is great potential for increased productivity in the production of bridges in terms of optimizing 
material use, time and cost for design and production. Hence, the environmental impact and cost 
can be optimized. To find out how standardisation of parts of bridges and which parameters are of 
most importance for increased productivity in the production of bridges, a quantitate study was 
performed on the Swedish bridge construction industry. The questionnaire received 151 responses. 
The results show in which aspects and parameters the industry’s three major actors – engineers, 
contractors, and clients – see greatest potential in order to increase the productivity. By 
standardising parts in bridges, there is great potential in making the construction of bridges more 
productive. 

Keywords: bridge building; bridge design; efficiency increase; productivity 

1 Introduction 
The construction industry in Sweden is behind in 
becoming more productive [1]. Wodalski et al., [2] 
even mention that it is documented that the 
productivity in the construction industry has 
decreased since the 1960s. Some estimations 
indicate that the construction industry in Sweden 
has a cost increase which is twice as high as other 

industries for the last 20 years [3]. Because of the 
increased cost of many projects, every project 
needs to work on reducing their costs [4]. However, 
the actual productivity is hard to measure [3, 5]. 
For example, the bridges that are constructed 
today are designed to carry higher loads than 
bridges built in the 60s. This increase in load 
carrying capacity will increase the amount of 
material which often leads to increased building 
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time. However, a lack of increased productivity 
does not necessarily mean that a project has been 
a failure. Knut Samset lists several projects that 
missed both budget and time and still became 
successful in the end [6].  

The bridge construction industry has some 
similarities with the ship building industry in terms 
of that every project is unique [7]. By implementing 
lean manufacturing principles, the ship building 
industry has potential to improve the productivity 
by at least 45% and the built time by 85% [8]. For 
infrastructure projects, studies have shown that 
the value-added time during rebar installation of a 
bridge deck is only 32% while 29% is pure waste [2]. 
The lack of productivity in the Swedish 
infrastructure sector has been studied by Harryson 
[9], Larsson [10] and Simonsson [11] to mention 
some. Lack of productivity may also lead to higher 
climate impact according to Simonsson, and to 
reduce the climate impact is an important goal for 
the Swedish Transport Administration (STA) [12]. 
Larsson identifies four strategies (lean philosophy, 
lean construction, standardization and 
prefabrication) with the potential to increase 
productivity in the infrastructure sector [10]. Other 
strategies that has potential to increase 
productivity could be implementation of Early 
Contractor Involvement (ECI) [13] and digitalization 
[7]. Digital tools allow a more efficient 
collaboration and a more detailed design earlier in 
the process, which will help to take the right 
decisions and also create better planning of 
upcoming work [7].  

In this study, activities were defined as tasks that 
may be repetitive and lead to serial production. 
Tasks in one project should then be applied to 
other projects [2]. In the first place it should at least 
be used in the same project repeatedly. One 
example where this was implemented is in the 
work with the Modena bridge in Italy [14]; serial 
production of bridges has been mentioned as one 
step to increase the productivity in the industry 
[15].  

Workers and management should develop 
standardised work tasks together. If each project 
uses the same standard techniques, these can 
become standard and thereby reduce the learning 
curve on each new project [2].  

Productivity in this paper follows the definition 
given by Nilsson et al. as: “Productivity means that 
the value added to the product increases despite 
the same amount of resource being used as before, 
or that the need for resource decreases to produce 
the same value” [5].  

2 Objective and Limitations 
The overall objective of this study was to gain a 
better knowledge about the potential to 
standardize parts in bridge structures, and which 
parameters the major actors (client, contractor, 
and engineer) believe influence the productivity in 
the bridge construction industry. To the best of the 
authors knowledge, there is no research performed 
on the major actor’s view of the possible gain with 
standardisation and which parameters to address 
for increased productivity.  

This study has only looked at the conditions in 
Sweden and the respondents are currently working 
in the Swedish bridge construction sector. 
However, since all the companies represented in 
the survey are working on the international arena 
and a major part of the developed countries 
probably face similar problems, we believe the 
results from this research are applicable 
internationally.  

This study has been designed for slab frame bridges 
since it is a common bridge type in Sweden. In 
numbers it stands for 28% of the total number of 
bridges that has been built from 2010 and to the 
first half of 2021 [16]. However, the method and 
theories could apply to other bridge types. The year 
2010 was chosen because that was the year for 
implementation of Eurocode in Sweden.  

3 Method 
For this paper, a quantitative approach has been 
chosen in terms of a questionnaire for collection of 
data. The reason for choosing a questionnaire was 
because it is a time-efficient way to collect many 
responses [17].  

3.1 Design of questionnaire 

The questionnaire was developed in two 
workshops within the group of authors of this 
paper. After the final workshop, a pilot test of the 
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questionnaire was sent to six industry 
representatives, evenly distributed between client, 
contractor, and engineers. This was done to obtain 
their opinion about whether the questions are 
understandable and relevant for the topic, this is 
also mentioned by Bell et. al. as one way to 
increase the quality of the questionnaire [17]. The 
respondents were also asked to give feedback if 
there were questions that they did not understand, 
if they thought that any question was missing or if 
any question should be removed. After the pilot 
testing, the questionnaire was finalised and 
distributed in September 2021. 

The questionnaire consisted of 24 questions and up 
to five sequential sub-questions. Except for five 
initial questions about age, time in the industry etc., 
the respondents were asked to what extent 
different parameters affect the efficiency in design 
and production of bridges. The questions were 
divided into t different categories: organisational 
and technical. In this paper only the technical 
aspects are addressed. The questions were 
measured on a 7-point Likert scale. Many 
researchers prefer a 5-point Likert scale, for 
example [17], but there are research  showing that 
a 7-point Likert scale is a better choice [18]. The 
authors chose to have a 7-point Likert scale since 
this provides a more nuanced answer compared to 
a 5-point Likert scale but still keeps it simple 
enough for the respondent to choose, this is also in 
line in what [19] mentions in his work. By more 
nuanced we mean that with a 5-point Likert scale 
many respondents have difficulty in placing a 5 but 
have no problem in marking a 6 on a 7-point Likert 
scale.    

3.2 Data collection 

It was considered important to receive as many 
responses as possible and to have a shorter 
questionnaire is one way to improve the chances to 
obtain a higher response frequency [17]. To further 
increase the response rate the respondents were 
given a brief written introduction to the aim of the 
survey. Finally, reminders were sent to 
respondents that had not responded nor finalized 
the questionnaire. The questionnaire was available 
for the respondents during 19 workdays. The 
questionnaire was distributed to 470 recipients out 
of which 175 were engineers at eight large 

consultant companies, 246 contractors at nine 
different companies, and 49 clients from the 
Swedish Transport Administration (STA). Some of 
the contractors also had their own technical 
departments which can be seen as “inhouse-
consultant”. The questionnaire was intended to 
reach white colour workers that work with new 
bridges.  

In total, 151 respondents, 76 engineers, 37 
contractors and 38 clients, completed the 
questionnaire, which gives an answer frequency of 
32%. The results from the questionnaire were 
analysed by categorising the data based on the 
three actors and plotting and analysing the like-
scale diagrams. Since this was a self-completed 
questionnaire, there are possible dishonest 
answers.  

4 Results and discussion 

4.1 Phases and actors’ contribution 

A fundamental part to be able to increase the 
productivity is to put the right effort at the right 
time. It is common to say that you have the most 
potential to influence time, cost and climate impact 
early in the process. This was addressed by asking 
the respondents about the possible impact on 
efficient design and production in the 
Development of land acquisition plan (a legal 
process) and tendering of design-built (DB) and 
design-bid-build (DBB) delivery models.  In contrast 
to what [20] concluded, the results showed that 
most of the respondents thought that the phase 
during the tendering process of a DB model was the 
phase with the largest potential to create the right 
conditions for high productivity, see Figure 1. The 
engineers were the only respondents that thought 
that the possibility is almost the same in all phases. 
The contractors were the respondents who were 
least positive to any of the three phases.  
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Figure 1. Possibility to impact the conditions for 
efficient design and production in different phases 

That the contractor perceived the DB as the phase 
where you had the most impact to be able to create 
the right conditions for efficient design and 
production might not be that strange, it could be 
that all of them had not worked in the land-
acquisition plan phase. It is interesting that the 
contractor does not think that there is higher 
possibility to create right conditions in the land-
acquisition plan phase. Specially since it is common, 
in projects, that they think that there are too many 
restrictions in traditionally DB contracts. By this, 
they should be able to see, or at least think, that 
there is great potential to create right conditions in 
this phase. That the client does not see that this is 
the most important phase since this is where the 
foundation is set, that is a little bit worrying. If the 
right conditions are not set in this phase, there is a 
risk that possibilities to create the right conditions 
later might already be lost. This also shows in which 
perspective the respondents see this question, 
they focus on details and see potential in for 
example the reinforcement layout, but they miss 
the larger perspective.  

The second questions addressed the actors view on 
their and the co-actor’s possibility to create 
conditions for efficient design and production. It is 
very clear that the engineers and contractors 
thought that the client has the largest possibility to 
create the right conditions, see Figure 2. This was 
also concluded by [11] and as STA is the largest 
client in the infrastructure sector they should drive 
the changes [9]. The client thought that the 

contractor has the largest possibility to create the 
right conditions.  

Figure 2. The three major actors’ possibility to 
create the right conditions for efficient design and 
production 

That the client was considered to have the most 
important role to create the right conditions for 
efficient design and production of bridges might 
not be strange since they “own the question” and 
also own some of the regulations. The importance 
of the client was also concluded by [9] and this 
research further strengthens the important role of 
the client. That the client thinks that the contractor 
has the largest possibility might not seem strange 
from a client point of view. Sweden has increased 
the number of DB contracts during the last years, 
and this has been one step to involve the 
contractor earlier in the process and thereby get 
their buildability knowledge and then also be able 
to increase the productivity. 

4.2 Important parameters 

The third part addressed design for production. We 
asked the industry about six different parameters 
and how they influence and increase the 
productivity. Of the parameters that we asked, the 
reinforcement design was the most important 
when all responses were counted together. The 
second most important was to have simple 
geometries. All the questions and responses for 
this question are shown in Figure 3.  
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Figure 3. Respondents' thought about important 
parameters  

The fourth part addressed mounting and the design 
of reinforcement. Reinforcement is traditionally 
manually mounted in Sweden. Therefore, the 
respondents were asked to assess the different 
design and mounting alternatives addressing bar-
diameter, c-c distance, shear-reinforcement and 
pre-fabrication of cages and nets. The responses 
are shown in Figure 4 - Figure 6. The respondents 
indicate strongly that manual mounting is negative 
while pre-fabricated cages/nets and minimising 
shear reinforcement are positive for efficient 
production. 

If many similar parts were to be built, it was more 
important that the reinforcement had the same 
spacing and that the dimensions varied between 
different structures. For the shear reinforcement, 
the contractors did not see any difference between 
using C-bars or G-bars. Reducing the shear 

reinforcement has been shown to be an important 
parameter to increase productivity [19, 21].  

Figure 4. Standardisation of spacing or 
reinforcement dimensions 

Figure 5. Respondents' thoughts about shear 
reinforcement 

Figure 6. Different ways of mounting of 
reinforcement 
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Most of the respondents thought that 
prefabricated reinforcement cages were the most 
productive way to mount the reinforcement. That 
manually mounted reinforcement is the least 
efficient way was also concluded by Simonsson, 
who studied prefabricated cages and 
reinforcement carpets compared to manually 
mounted reinforcement, and he showed that it 
could be possible to save about 2/3 of the 
production time on site by using reinforcement 
carpets [11]. However, to the best of the authors 
knowledge, manually mounted reinforcement is 
the most common way to mount reinforcement in 
bridges in Sweden. One reason could be that from 
the production operatives point of view, there is no 
advantage in increasing the productivity since they 
are often solely employed on the project [11] . 

Slab frame bridges in Sweden are often designed 
with haunches and they are used to be able to 
reduce the amount of shear reinforcement, see 
example [21]. Whether the haunches should be 
used or not is of interest since it creates extra 
working steps during construction of the formwork. 
The respondents were asked how they thought 
that three different solutions for the underside of 
the slab in a slab frame bridge would affect the 
productivity. The result showed that all the 
respondents agree that to build this kind of bridge 
without haunches would lead to higher 
productivity. Everyone also thought that to build 
the bridge with a radius on the underside of the 
slab would be the least efficient way from the 
perspective of production, Figure 7.  

Building slab frame bridges without haunches was 
considered to increase the productivity of some 
parts of the construction. However, a consequence 
of building slab frame bridges without haunches 
that might have been neglected by the 
respondents, can be the increased amount of 
reinforcement if the haunches are removed.  This 
also shows that it can be difficult to predict the 
total effect from a choice that is made. An 
interesting thought with building the underside in 
radius instead of using haunches is that this shape 
follows the moment curve in the structure in a 
more natural way which might decrease the 
amount of reinforcement [21]. 

Figure 7. Different ways too build the underside of 
a slab frame bridge and the respondents thought 
about the productivity 

4.3 Standardisation 

The STA has in its regulations implemented a 
possibility to use repeated construction documents 
for structures that are similar [22, 23]. Even though 
this possibility has been available since 2013 it has 
very seldom been used. We asked the participants 
if they knew about this and it showed that only 63% 
of the client, 22% of the contractors and 46% of the 
engineers knew about this possibility.  

An interesting finding was that most of the 
respondents did not seem to be aware of the 
possibility to use repeated construction documents. 
The reason for this is hard to know but that it could 
be used more often was something that the 
participants thought. For this to be realised we 
think that STA must be pragmatic in its 
implementation and support the industry with its 
implementation. If the potential gain with this 
implementation falls out well it could be profitable 
for the entire industry.  

To be able to achieve increased productivity, we 
asked how the respondents thought that three 
different scenarios would increase the efficiency in 
design and production of bridges. To standardise 
typical bridges showed to be the best way for 
increased productivity according to the 
respondents, see Figure 8.  
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Figure 8. Three scenarios of standardization 

To be able to achieve the positive effects from 
standardisation, we believe that a certain number 
of structural elements needs to be built. To get an 
idea about how the industry sees this we asked 
about the number of parts that would be needed 
to reach the full efficiency by repetition and how 
many parts can be built in one project by one work 

team (this was under the assumption that there is 
a project with more than 10 similar bridges). Most 
of the participants thought that positive effects 
would be reached with less than five similar parts. 
To reach the full potential of the efficiency, 
between 5-10 similar parts is needed and it would 
be reasonable to think that one work team could 
build less than five parts in the same project. Figure 
9 shows how the respondents answer to this 
question.  

To get positive effects from doing more of the same 
is excepted. Most of the respondents thought that 
standardise common bridge types are the best way 
to obtain a higher productivity. However, the 
contractors were slightly more positive to 
standardise by parts compared to standardise the 
entire bridge. One interesting thing with 
standardised bridges is that STA has had standard 
drawings for commonly used bridges before, but 
they were very seldom used and was thereby 
removed.  

Figure 9. Standardisation of part 

5 Conclusion 
The overall objective of this study was to gain a 
better knowledge about the potential to 
standardize parts and which parameters the three 
major actors in the industry find important to 

address to increase the productivity in design and 
production of bridges.  

For standardisation, most of the respondents 
thought it is efficient to standardise common 
bridge types. The contractors where most positive 
to standardise by parts, and they were also more 
positive to standardisation compared to the client 
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and engineers. This is an opportunity for 
contractors to create their own standard bridges. 
We did see a problem with this since most of the 
respondents did not know about this opportunity 
in the design regulations from STA. If it takes less 
than five units to get positive effects from the 
standardisation, it would be profitable for a 
contractor to develop standardized parts. To 
catalyst this development we believe that a 
pragmatic attitude from the client is needed.  

For a large project with many similar bridges the 
most important parameter to increase the 
productivity was the reinforcement design. To 
work with prefabricated reinforcement cages was 
considered as one way to increase the productivity. 

The number of respondents is quite few (151) 
which makes it hard to draw general conclusions. 
The total population is also hard to estimate, and 
the number of respondents may be too few to be 
representative for the entire industry. However, 
we believe that the results are of great importance 
and that the results can give more insight on this 
topic.  

6 Future research 
For future research it would be important to 
investigate how different parameters affect the 
productivity. Another important factor is to find 
out how increased productivity might affect the 
climate impact.  
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Abstract 
The City of Zhengzhou is a major transportation hub in the heart of China. The fast-growing city was 
in need of an additional elevated expressway to increase the traffic capacity from 10 lanes to 18 
lanes on the 4th Ring Transportation Corridor. The additional elevated expressway has a total length 
of 93.3 km and faced complex boundary conditions. 1,200 different bridge-frames were designed 
for the elevated expressway. The precast segmental bridge frames are continuous girders or rigid 
frame systems. The short-line match-casting system was utilized for the fabrication of close to 
50,000 unique segments. Parameter studies were performed to better understand the influence of 
the boundary conditions and to optimize the camber analysis. This approach reduced the modeling 
effort tremendously and allowing the camber data for 1,200 bridge-frames to be analyzed in an 
accelerated time frame. The largest precast segmental bridge project in the world was partially 
opened to traffic in 2020 and is now fully operational. 

Keywords: Zhengzhou; elevated expressway; precast segmental bridge technology; short-line 
match casting; fabrication camber; erection camber; optimized camber analysis; geometry control. 

1. Introduction
The city of Zhengzhou, with a history of over 5,000 
years, is the capital of the Henan Province and a 
major transportation hub. Zhengzhou has a 
population of 10.1 million. Due to the poverty-
alleviation relocation project, within the next 10 
years roughly 5 million more people will move into 
the city, making large infrastructure projects 
imperative. To satisfy the needs of the fast-growing 
city, the 4th Ring Transportation Corridor was 
developed. This expansion is considered one of the 
largest transportation projects in China. The 4th 

Ring Transportation Corridor in Zhengzhou is an 
elevated viaduct expressway above the existing 4th 
Ring around the city center. It increased the traffic 
capacity from 10 lanes to 18 lanes and improved 
the connection of the inner city with its suburban 
areas. The industrialization technology of bridge 
design, fabrication, erection, and construction has 
been fully implemented to the greatest extent in 
this project.  

1,200 different bridge frames were designed for 
the entire elevated expressway. The expressway 
has a total length of 93.3km, with additional 
90.0km of interchanges and on & off ramps. The 
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precast segmental bridges are continuous girders 
or rigid frame systems with or without bearings, 
consisting of 2, 3 or 4 spans, generally ranging from 
34m to 46m per span. Some of the ramps at the 
interchanges had shorter spans (with a minimum 
span-length of 25m) while the special precast 
bridges for river, rail or road crossings needed 
longer spans (up to a maximum span-length of 
66m).  

The pre-camber of the bridge-frames needed to be 
built into the precast segments maintaining a 
stress-free state so that the members could 
become the intended shape at a specific time. 
Detailed construction stage analysis was necessary  
to develop the fabrication camber and erection 
camber of each individual bridge frame.  For this 
accelerated project time was of the essence. The 
pre-camber data for the 1,200 different bridge-
frames were similar, but still different. It was 
important to categorize the bridge-frames and 
determine the various boundary conditions, 
structure type, and alignment influence. Parameter 
studies were performed to better understand the 
influence of the boundary conditions. Parameter 
models were developed for shortest and longest 
span and interpolated for the various frame lengths 
within the range, to evaluate the camber for each 
of the precast segmental bridge frames. With this 
approach the modeling effort was reduced 
tremendously, and the camber data for 1,200 
bridge-frames was able to be analyzed on an 
accelerated schedule. This facilitated the geometry 
control effort, 50,000 precast segments were able 
to be produced within 18 months, including the 
fabrication camber.  

Figure 1. West Ring Road 

2. Investigation of Camber Models
Camber is defined as a member or surface raised 
upwards, meaning this member or surface is bent 
higher than the target shape. In the context of 
precast segmental bridges, camber is made in 
advance to maintain a stress-free state so that the 
member can become the intended target 
alignment at a certain time, this type of camber is 
called fabrication camber.  

For the construction stage analysis, a structural 
analysis program is used to simulate reality and 
activate new segments/elements for each stage 
based on their initial undeformed shape. Previous 
activated segments/elements have deflections 
(displacements) based on the construction loads 
(self weight, PT, construction loads, time 
dependent effects), but the segments/elements at 
the current stage are created in an initial stage 
excluding the effects before the current stage. The 
shape of the deflection in the final stage has a 
sawtooth-shaped discontinuity. By taking the 
inverse of this shape, the camber, also erection 
camber, is calculated. 

The Zhengzhou 4th Ring Line Express Way has 
many different frame layouts and boundary 
conditions: the span length vary from 36m to 46m; 
with 2 spans, 3 spans and even 4 spans per frame; 
with rigid frames, continuous girders, and rigid 
frame in the center with bearings at the end as 
boundary conditions. There are over 1200 different 
frames which need to be investigated, since the 
camber of the structures will be slightly different. 
The following factors will influence the camber and 
need to be investigated: 

1. Frame Definition and Span Length
2. Boundary Conditions
3. Construction Equipment
4. Roadway Alignment
5. Bridge Position

2.1. Frame Definition and Span Length 

• 2 span Frames with span length varying from 36m 
x 36m and 46m x 46m, with a 1 m step

• 3 span Frames with span length varying from 36m 
x 36m x 36m and 46m x 46m x 46m, with a 1 m step
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With the large number of different systems an 
analysis solution required development so that the 
intermediate span length could be effectively 
interpolated.  

2.2. Boundary Conditions 

The different boundary conditions will not 
influence the variation of camber during the 
construction stages, since the pier segments are 
temporarily supported.  During construction, the 
segments can be assumed fixed. After all precast 
segments for a particular frame were erected, the 
closure pour was finished, the continuity tendons 
were stressed, and the temporary pier supports 
were removed. At this time, different structural 
systems are active. The concrete barrier, wearing 
surface, and the long-term effects are acting on the 
final structural system and influence the camber. 

Since the elevated expressway has a total length of 
93.3km, its development faced complex boundary 
conditions, including 27 main interchanges with 
additional 90.0km, 12 railway crossings, 21 river 
crossings and underground utility relocations. 

From the overall expressway 70%, 65.3km, are 
elevated viaducts, while the length of segmental 
bridges is about 45.7km for the main line and 
50.0km for the interchange ramps. The elevated

Figure 2. Different Boundary Conditions 

2.3. Construction Equipment 

Given the large number of continuous bridge 
frames, interchange on and off ramps with small 
horizontal curves, and special bridge frame 
structures on high piers, the balanced cantilever 
erection method was the ideal choice for the 
center piers while simple falsework was used for 
the last portion of the end spans. The contractors 
were not limited to specific erection equipment but 
were able to select their preferred construction 
equipment varying from overhead gantries, 
travelers, mobile cranes, portal cranes, or simple 
falsework. With this erection method and the 
flexibility of the type of construction equipment, 
the bridge contractors were able to work at 

multiple locations simultaneously throughout the 
entire project site. At peak times there were 50 
bridge erection sites at once. The erection speed 
for the precast bridge frames was an average of 
800m per day, with a maximum erection speed of 
1,500m per day. The various construction 
equipment was evaluated, and it was concluded 
that the fabrication camber of the precast 
segments was not influenced significantly.  

Figure 3. PC segment erection with Portal Crane 

2.4. Roadway Alignment 

The roadway alignment of the 4th Ring Road with 
radii ranging from 400m for the main line and radii 
as small as 80m for some interchanges, and on and 
off ramps, needed to be considered, and the 
influence for the camber investigated.  

Figure 4. Dahe North-West Interchange 

2.5. Bridge Position 

The general design concept for the elevated 
expressway was to build the bridge frames in the 
center above the existing road with piers in the 

Rigid Frame System 

Mixed System w/ Rigid Frame and Bearings 

Continuous Girder on Bearings 
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existing greenbelt. Where, due to space 
restrictions or utility line interference, it was not 
possible to build the bridge in the center, the 
elevated viaducts were constructed at the outsides 
of the existing road. This led to alignments with the 
elevated expressway transitioning from the center 
to the outside. The bridge viaduct in the center was 
erected on two cast-in-place piers with prestressed 
pier-caps. With this configuration two single cell 
precast box girders were erected using the 
balanced cantilever method for the center spans. 
The outside viaducts and most of the interchanges, 
as well as on and off ramps, were designed with a 
single cell precast box girder on an integral pier. 

The camber of the pier cap was investigated, and it 
was concluded that it will not influence the 
fabrication camber significantly but needed to be 
considered for the erection of the bridge frames.  

With these parameters, a matrix was developed to 
reduce the analysis models to determine the 
various camber models. 

Figure 5. Alignment in the Middle of the Road 

Figure 6. Alignment on the Outside of the Road 

Influence of Camber: 96 Models 

Frame Definition 2 span or 3 span Frames w/ 36m and 46m 4 models 

Boundary Conditions 3 different conditions x 3 12 models 

Construction Equipment Gantry, Crane, or Traveler x 2 24 models 

Roadway Alignment Straight or Curved Alignment x 2 48 models 

Bridge Position In the middle or outside of the road x 2 96 models 

Table 1. First approach to reduce the Camber Analysis Models 

Influence of Camber: 26 Models 

Frame Definition 2 span or 3 span Frames w/ 36m to 46m 4 models 

Boundary Conditions 3 different conditions x 3 12 models 

Roadway Alignment Straight or Curved Alignment x 2 24 models 

Separate Camber investigation 

Construction Equipment Sensitivity Study + 1 model

Bridge Position Sensitivity Study +1 model

Table 2. Second approach to reduce the Camber Analysis Models 

After in-depth study of the alignment and the bridge frames and further discussions between the Design 
Team and the Geometry Control Team, the following table (3) shows all the models considered for the 
camber analysis for the standard / regular bridge frames. With these camber analysis models, the fabrication 
camber was able to be developed for 95% of the regular bridge frames. 
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Table 3. Summary table for the Camber Analysis Models for the Standard Bridge Frames 

Figure 7. Analysis Models for various Standard Bridge Frames 

Number of Models for Camber Calculation

No. Frame ID Frame Definition Boundary Conditions Roadway Alignment Bridge width Bridge Position

1 2x36-R&B-str-16.5-M 2x36m Rigid Frame and Bearing Straight 16.5m Middle

2 2x36-R&B-400-16.5-M 2x36m Rigid Frame and Bearing R=400m 16.5m Middle

3 2x36-R&B-str-10.0-M 2x36m Rigid Frame and Bearing Straight 10.0m Middle

4 2x36-R&B-400-10.0-M 2x36m Rigid Frame and Bearing R=400m 10.0m Middle

5 2x46-R&B-str-16.5-M 2x46m Rigid Frame and Bearing Straight 16.5m Middle

6 2x46-R&B-400-16.5-M 2x46m Rigid Frame and Bearing R=400m 16.5m Middle

7 2x46-R&B-str-10.0-M 2x46m Rigid Frame and Bearing Straight 10.0m Middle

8 2x46-R&B-400-10.0-M 2x46m Rigid Frame and Bearing R=400m 10.0m Middle

9 3x36-R&B-str-16.5-M 3x36m Rigid Frame and Bearing Straight 16.5m Middle

10 3x36-R&B-400-16.5-M 3x36m Rigid Frame and Bearing R=400m 16.5m Middle

11 3x40-R&B-str-16.5-M 3x40m Rigid Frame and Bearing Straight 16.5m Middle

12 3x40-R&B-400-16.5-M 3x40m Rigid Frame and Bearing R=400m 16.5m Middle

13 3x40-CoG-str-16.5-M 3x40m Continuous Girder Straight 16.5m Middle

14 3x46-CoG-str-16.5-M 3x46m Continuous Girder Straight 16.5m Middle

15 3x46-CoG-400-16.5-M 3x46m Continuous Girder R=400m 16.5m Middle

16 3x46-R&B-str-16.5-M 3x46m Rigid Frame and Bearing Straight 16.5m Middle

17 3x46-R&B-400-16.5-M 3x46m Rigid Frame and Bearing R=400m 16.5m Middle

18 3x46-CoG-str-10.0-M 3x46m Continuous Girder Straight 10.0m Middle

19 3x46-CoG-400-10.0-M 3x46m Continuous Girder R=400m 10.0m Middle

20 2x36-RiF-str-16.5-O 2x36m Rigid Frames Straight 16.5m Outside

21 2x46-RiF-str-16.5-O 2x46m Rigid Frames Straight 16.5m Outside

22 2x46-RiF-400-16.5-O 2x46m Rigid Frames R=400m 16.5m Outside

23 3x36-RiF-str-16.5-O 3x36m Rigid Frames Straight 16.5m Outside

24 3x46-RiF-str-16.5-O 3x46m Rigid Frames Straight 16.5m Outside

25 3x46-RiF-400-16.5-O 3x46m Rigid Frames R=400m 16.5m Outside

#5: 2x46-R&B-str-16.5-M 

#21: 2x46-RiF-str-16.5-O 

#9: 3x36-R&B-str-16.5-M 

#23: 3x36-RiF-str-16.5-O 
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3. Optimization of Camber Analysis

3.1. Boundary Conditions 

Figure 8 shows the vertical fabrication camber 
diagram for the three span frame structures with 
span length of 40m, with continuous girder (#13) 
and rigid frames (#11) in the center and bearings at 
the end. This shows that the boundary conditions 
at the final stage with continuous girder or rigid 
frame and end bearings do not influence the 
camber diagram. The main reason for this behavior 
is that the girders are temporarily supported (fixed 
at the piers) during construction and the final 
boundary condition is only effective for the 
wearing surface, the barriers, final time dependent 
effects, and the live load. 

Figure 8. Vertical Camber for 3x40 Frames 

For the main line and the bridge structure on the 
outside of the roadway there is only one bridge 
girder in the centerline integral with the pier. This 
frame systems have only rigid frames throughout 
(at all pier locations). The boundary condition for 
this rigid frame system is different from the other 
two conditions (continuous girder and rigid frame 
with end bearings) and also the camber diagram is 
different and cannot be mixed with the other two 
systems. 

Figure 9. Vertical Camber for 3x46 Frames 

3.2. Roadway Alignment 

The change of alignment for the main line from a 
straight alignment to a radius of 400m was 
investigated. The diagram in Figure 10 show the 
influence of the alignment change (straight bridge 
or a curved bridge with a radius of 400m). 

Figure 10. Vertical Camber for 3x46 Frames 

Figure 11. Deviation of Vertical Camber 

It can be concluded that the alignment change 
(straight or R=400m) for the main line does not 
influence the geometry control of the precast 
segments. The variation between the outside 
bridge and inside bridge is about +/- 4mm. This 
change results from the weight difference (outside 
bridge is longer than the inside bridge), which 
generates slightly larger dead load deformation. 
The vertical camber diagrams shall be updated with 
a constant value of +4mm (outside) and -4mm 
(inside) for bridge structures with R=400m to 
R=1000m, +/- 2mm for structures with R=1000m to 
R=1500m, and no additional values for the 
remaining bridge structures. 

The transverse camber for the main line bridges in 
the middle with center piers and bridge girders on 
both sides was also investigated. With a constant 
transverse camber of +/- 4 mm about the center 
line and a maximum transverse shift of about 3 mm 
for an alignment radius of 400m, it can be 
concluded that transverse camber does not need 
to be considered for the fabrication of precast 
segments and will not influence the geometry 
control of the main line of the frame structures. 

#11: 3x40-RiF-str-16.5-O #13: 3x40-CoG-str-16.5-O 

#14: 3x46-CoG-str-16.5-M, #16: 3x46-R&B-str-16.5-M 

#24: 3x46-RiF-str-16.5-O 
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Figure 12. Transverse Camber for Straight Frame 

Figure 13. Transverse Camber for Frame w/ R400 

3.3. Frame Definition and Span Length 

Since there are over 1200 frames for this project, it 
was imperative to investigate how the camber 
diagrams for various span length configurations 
can be evaluated effectively.  

Figure 14 shows the vertical camber diagram for 
the two span frame structures with rigid frames in 
the center and bearings at the end, with span 
length of 36m, and 46m. 

Figure 14. Vertical Camber for 2x36 & 2x46 

Figure 15 shows the vertical camber diagram for 
the three span frame structures with rigid frames 
in the center and bearings at the end, with span 
length of 36m, 40m, and 46m. 

Figure 15. Vertical Camber for 3x36 & 3x40 & 3x46 

These diagrams show that the shape and form of 
the graphs are similar. There are several analytical 
and graphical methods available, two possible 
analytical options are discussed herein.  

Method 1: Indirect 2-way Interpolation 

Figure 16 shows the vertical camber diagrams for 
the 3x36m Frame and 3x46m Frame combined. The 
goal is to find the camber curve for various span 
length for this 3-span configuration.  

Figure 16. Vertical Camber Curves for 3x36 & 3x46 

The 1st part of the camber curve, which represents 
the end span at pier 1, will be built on falsework. 
The falsework at the end needs to be 50mm lower 
for the 3x46m Frame and about 30mm lower for 
the 3x36m Frame. 

Figure 17. Part 1 of Camber Curves for 3x36 & 46 

Since the segment length of the 3x36m and 3x46m 
frames are different, and the precast segment 
layout is also different (3x36m frames have 6 
segments for the precast units and the 3x46m 
frames have 7 segments for the precast units) the 
frames need to be transferred to a unit length. The 
new configuration with the span length L will also 
have a different length and segment layout. The 
3xLm frame will also be transferred to the unit 
length. Then, for these new locations, the values 
for the camber curve 3x36 and 3x46 will be 
interpolated. 

Figure 18. Unit Length of Part 1 of Camber Curves 
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Based on the interpolated values for the 3x36 and 
3x46 camber curve, the camber values for 3xL 
frame will be interpolated on the unit length 
system.  

Figure 19. Interpolated Curve on Unit Length 

The newly interpolated camber values for the 3xL 
frame will be transferred back to the correct 
segment length system. This process needs to be 
performed for all three parts of the camber curves. 

Figure 20. Interpolated Camber Curve for 3xL 

This is a step-by-step process and needs to be 
automated in order to be effective and useful. 

Method 2: Factored adding of Polynomial Functions 

Below are the vertical camber diagrams for the 
3x36m Frame and 3x46m Frame separate and 
combined. The goal is to find the camber curve for 
various span length for this 3-span configuration.  

For the 3-span frames the camber diagram will be 
separated in three different curves. Within excel 
every portion of the diagram will be assigned a 
proper polynomial trendline to the order of 2 or 3. 

Figure 21. Camber with Trendline for 3x36 

Figure 22. Camber with Trendline for 3x46 

The camber diagram for 3xL is evaluated by adding 
the weighted trendlines based on span length L. 

𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷 𝑓𝑓(𝑥𝑥) =
46 − 𝐿𝐿

46− 36
∗ 𝑇𝑇𝐷𝐷𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝐷𝐷𝑇𝑇𝑇𝑇(36)

+
𝐿𝐿 − 46

46 − 36
∗ 𝑇𝑇𝐷𝐷𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝐷𝐷𝑇𝑇𝑇𝑇(46) 

The following figure shows the vertical camber 
diagram for the 3x40 Frame configuration 
evaluated with the trendlines and also analyzed 
with a structural analysis software tool. The 
absolute maximum deviation between the two 
camber diagrams is 3.1mm and deemed to be 
satisfactory. 

Figure 23. Camber with weighted Trendlines 

3x36-R&B-str-16.5-M 36 60.0%
Camber 1st Part y = 0.119709x2 + 8.913218x + 136.708765
Camber 2nd Part y = -0.001848x3 - 0.158933x2 - 2.874143x - 7.161227
Camber 3rd Part y = 0.001266x3 - 0.010919x2 - 0.583818x + 4.187133

3x46-R&B-str-16.5-M 46 40.0%
Camber 1st Part y = 0.120984x2 + 11.564756x + 226.425709
Camber 2nd Part y = 0.002566x3 + 0.219626x2 + 7.348042x + 89.605196
Camber 3rd Part y = -0.004294x3 - 0.222724x2 - 2.460663x + 14.681337
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Figure 24. 40 Camber Diagrams for Interchange 
Ramps between 3x28 to 3x40 

4. Conclusions
From the onset of the project, the Design Joint 
Venture team developed elaborate design 
concepts for the project to save costs, simplified 
construction processes, improved construction 
quality, limited the impact on the public during 
construction, and took environmental and 
aesthetic factors into consideration. The precast 
segments were fabricated in the precast yards off-
site, which greatly reduced the amount and 
duration of work performed along the 4th Ring 
Transportation Corridor.  

With 1,200 bridge frames, 50,000 precast 
segments and accelerated schedule, time was the 
biggest constraint, but quality was never sacrificed. 
The short-line match-casting operation for such a 
great quantity of segments requires a well-
organized, efficient, and accurate data 
management for the logistics and for the precise 
geometry control. The camber analysis (fabrication 
camber and erection camber) is only one part of 
the geometry control and needs to be considered 
for each precast segment. The optimized and 
standardized camber analysis approach supported 
the production of the precast segments and the 
erection of the bridge frames while keeping the 
entire project on schedule   

The analysis approach with the factored adding of 
polynomial functions reduced the modeling effort 
tremendously and the camber data for 1,200 

bridge-frames were able to be analyzed in an 
accelerated time frame.  

The largest precast segmental bridge project in the 
world was opened partially to traffic in 2020 and is 
now fully operational. 

Figure 25. Elevated Expressway in the Center 
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Bridge 
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Abstract 
The Zhangjinggao Yangtze River Bridge currently under construction is located in the lower reach of 
the Yangtze River in Jiangsu Province, China, connecting the cities of Zhangjiagang, Jingjiang, and 
Rugao. It consists of two river-crossing bridges, one on the south channel and the other on the north 
channel of the Yangtze river. The south channel bridge is a double-span suspension bridge. In order 
to minimize the impact of bridge construction on the water traffic and the ecological environment 
of the Yangtze River, the beam span layout is designed to be 2300 m +717 m, and the cable span 
layout is 660 m + 2300 m+ 1220 m. When the construction is completed, it will become the world's 
longest span bridge, which is a veritable world-class mega structure. Since the bridge span breaks 
the records of all the existing bridges in the world, there is no standard to refer to and no experience 
to learn from. In order to solve the technical problems brought by the mega long span, the project 
construction team has utilized technological innovations, proposed six new world concepts, and 
therefore set six world records. 

Keywords: Zhangjinggao Yangtze River Bridge; Longest span suspension bridge; Self-balancing 
structural system; Steel box and steel tube confined concrete composite tower; Double-loop 
composite diaphragm wall anchorage foundation; Technological innovation. 

1 Introduction 
The Zhangjinggao Yangtze River Bridge is a crucial 
river-crossing link to be constructed during China’s 
14th Five Year Plan Period as highlighted in both 
the Yangtze River Principal Arterial River-Crossing 
Layout Plan (2020-2035) and the Comprehensive 
Transportation Corridor Plan of Jiangsu Yangtze 
River Economic Belt (2018-2035). In order to 
implement the national strategy of integrated 
development of both the Yangtze River Delta 

region and the Yangtze River Economic Belt, to 
optimize the design of the Yangtze River crossing, 
to improve the layout of the regional road network, 
and to promote the construction of the Yangtze 
River city cluster, early completion and operation 
of the ZhangJinggao Yangtze River Bridge is of great 
significance.  

The total length of the project route is about 30 km, 
and it consists of two bridges to cross the 
Fujiangsha channel and the Rugao middle branch 
channel of the Yangtze River, respectively. For the 
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south channel bridge with a main span of 2300 m, 
the project construction team paid extreme 
attention to the technical challenges and risks in 
the construction of long-span suspension bridges 
and carried out a large amount of research on the 
key technological issues about bridge structural 
system, tower, cable, anchor, beam, saddle, and 
other important structural components. The first 
set of construction drawings was approved on 
March 17, 2022. The bridge construction has 
already begun, and the whole planned 
construction period is six years. 

2 Construction Condition 

2.1 Meteorology 

The project is located in the Yangtze River estuary 
area, which is of subtropical and marine climate 
characteristics. The annual average air 
temperature of the project area is 15.1℃, with an 
extreme maximum temperature of 39.5℃ and an 
extreme minimum temperature of -13.4℃ . The 
annual average wind speed in this area is 2.4 m/s 
and the measured maximum wind speed is 18.5 
m/s. 

2.2 Engineering geology 

The Zhangjinggao Yangtze River Bridge crosses the 
Rugao Shaqun section of the Chengtong Section of 
the Yangtze River, which belongs to the fluvial 
marine alluvial plain. The coating layer of the whole 
route is thick, mainly consisting of sand, silt, silty 
clay, as well as medium and coarse sands. The 
bedrock is medium weathered limestone, buried 
more than 120 m deep. 

2.3 River regime evolution 
The river section where the bridge crosses is a 
multi-branch river type. After years of evolution 
and multi-department comprehensive 
management, the sandbars in the river merged or 
banked, so the river width has gradually shrinked 
and the overall river regime gradually tends to be 

stable. The cross-sectional layout of Fujiangsha 
channel is shown in Figure 1. 

2.4 Ecological and environmental 
protection 

The south channel bridge is within two provincial-
level ecological space control areas, namely the 
Jiangxinzhou wetland and the Zhangjiagang 
wetland of the Yangtze River. 

3 Structure Design Scheme 

3.1 Overall Design 

In order to adapt the navigable holes of the bridge 
span layout to the changes of waterway, to reduce 
the influence of engineering construction on river 
regime, flood control, and environmental 
protection, and to maintain the stability of Yangtze 
River bank slope, the south channel bridge is 
designed to be a steel box girder suspension bridge 
with a main span of 2300 m.  The cable spans are 
660 m + 2300 m + 1220 m, the beam spans are 2300 
m + 717 m, and the main cable span ratio is 1/9. 
Because the south side span is as large as 1220 m 
and the side-to-middle span ratio is high at 0.53, an 
auxiliary tower was set in the south span to 
enhance the stability of the main cable and to 
reduce the stress in the main cable. The bridge 
layout is shown in Figure 2. The main technical 
indicators of the South Channel Bridge are as 
follows: 

 Road grade：Highway
 Number of lanes： Two-way six lanes
 Design speed：100 km/h on main bridge
 Vehicle load：Chinese Highway-I level
 Design flood frequency：once in 300 years
 Navigation standard ： The design highest

navigable water level is 5.09 m; The south
channel bridge single-hole bidirectional
navigation section dimensions: 900 m × 62 m

 Earthquake: Zone VI, basic peak acceleration
0.05 g

 Baseline design life of bridge structure: 100
years
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Figure 1.  Fujiangsha waterway cross-sectional variation 

Figure 2.   Bridge layout of South Channel Bridge 

3.2 Tower and Foundation 

The main tower adopts a composite structure of 
steel box and steel tube confined concrete. The 
tower is 350 m high with three lateral steel beams. 
The cable tower materials are Q420D steel and C60 
self-compacting concrete. In order to improve the 
aerodynamic performance of the tower, rectangle 
with groove structure is adopted in the outline of 
the tower. The cross section dimensions are 18.6 m 
× 12 m (longitudinal × transverse) at the top of the 
tower, and 16.5 m × 12 m (longitudinal × transverse) 
at the bottom of the tower, with circular curve 
transition in between. The steel box is equipped 
with four steel tubes of 3.6 m in diameter filled with 
concrete, which is integrated with the steel box by 
web and diaphragm. The cable tower foundation 
adopts the structural form of integral cap with pile 
group foundation, and the tower base is an 
octagonal prismatic structure, as shown in Figure 3. 

Auxiliary tower adopts a steel shell concrete 
composite structure. The height of the tower is 130 
m and the top of the tower is equipped with a vice 
cable saddle. Only one steel beam is set below the 
main girder for lateral support. The auxiliary tower 
is made of Q355D and C55 self-compacting 
compensation shrinkage concrete. The transverse 
outline size of the tower gradually changes from 6 
m at the top to 15.5 m at the bottom. The middle 
of the tower is hollow and the transverse width of 
the outer limb is 3 m. The transverse width of the 
inner limb varies from 4 m to 6 m. The auxiliary 

tower foundation consists of a dumbbell cap and a 
pile group foundation, as shown in Figure 4. 

Figure 3.   Structural form of the main tower 

Figure 4.   Structural form of auxiliary tower 

100



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

3.3 Stiffening Girder 
The main girder of the south channel bridge adopts 
a flat streamlined monolithic steel box girder 
section, as shown in Figure 5. The beam is 4.5 m 
high and 51.7 m wide (including the air nozzle). The 
bridge deck is made of orthotropic steel deck. To 
improve the anti-fatigue performance of the bridge 
deck, the vertical rib of the roof adopts apple-
shaped hole and L-shaped rib. Solid-web 
diaphragm is set inside the steel box girder with a 
standard spacing of 3.2m. An inverted T-shaped 
transverse rib is arranged between two diaphragm 
plates. U-shaped stiffener rib is used on the bottom 
plate of the steel box girder. The material of the 
steel box girder is Q355D steel.  

Figure 5.   Structural form of stiffening girder 

3.4 Anchorage Foundation 

A diaphragm wall foundation is adopted for the 
anchorage foundation, which is used as an 
temporary supporting structure during 
construction, and then transformed into a 
permanent structure. The dimensions are 110 m × 
75 m × 83 m for the south anchorage foundation, 
and 118 m × 75 m × 67 m for the north anchorage 
foundation. The concrete diaphragm wall is 1.5 m 
thick, and the distance between the double walls is 
4.3 m. The concrete diaphragm wall is used to 
separate the double walls into several rectangular 
partitions, which are made of reinforced concrete 
structures and form a 7.3 m thick composite wall 

with the double wall. The concrete diaphragm wall 
adopts C35 concrete, and the structural form is 
shown in Figure 6. 

Figure 6.   Structural form of anchorage 
foundation 

To ensure the integrity of the concrete diaphragm 
wall and the reliability of load transmitting, the 
joint of the first and second phase utilizes rigid joint, 
which is connected by shape steel and steel bars. 
The concrete diaphragm wall is not only used as the 
supporting structure during excavation, but also a 
part of the permanent structure. The first phase is 
divided into five types: "—" type, L-type, T-1, T-2 
type, and cross type. The second-stage slot is 
divided into three types: "—" type, T-1, and T-2 
type. The rigid joint is shown in Figure 7. 

Figure 7.   Structure form of "—" type  rigid joint 
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3.5 Cable and Sling 
The whole bridge is provided with two main cables 
with a transverse spacing of 42.9 m and a diameter 
of 1114 mm inside the cable clamp. The main cable 
adopts a prefabricated parallel high-strength steel 
wire cable strand (PPWS), which is composed of 
247 through-length cable strands and 5 main cable 
ventilation pipes. The ventilation pipes are 
arranged around the cable and in the center 
respectively, as shown in Figure 8. Each cable 
strand is composed of 127 high strength galvanized 
aluminum steel wires with a diameter of 5.65 mm 
and a nominal tensile strength of 2200 MPa. Two 
ends of the cable strands are provided with cable 
strands anchor head, which adopts hot-cast anchor. 
Zinc-copper alloy is poured into the anchor cup to 
connect the main cable wire with the anchor cup. 

The sling adopts parallel steel wire sling with tensile 
strength of 1770 MPa. The standard sling spacing is 
16 m and the diameter is 82 mm. The tower side 
sling spacing is 22 m and the diameter is 116 mm. 

Figure 8.   Section of PPWS main cable and cable 
strand 

3.6 Saddle 

Fully welded roller type main cable saddles are set 
on the top of the tower. The longitudinal size of the 
cable saddle is 18.6 m and the transverse size is 8.3 
m. Double longitudinal ribs and 20 transverse ribs
are set to transmit vertical pressure. The steel of
cable saddle is Q420R and the saddle is of all-
welded assembly type. Due to the large length of
the cable saddle, the saddle is divided into two
parts longitudinally in order to facilitate
manufacturing and installation. Saddle is
assembled by high-strength bolts and positioning
pins. The structural form of the main cable saddle
is shown in Figure 9.

Figure 9.   Structural form of main cable saddle 

The south and north anchors are equipped with 
pendular-type splay saddle. The splay saddle 
adopts all-welded structure and steel Q420R. 
Before the cable strands diverge, the width of the 
saddle groove is 1277.5 mm. Vertical dividers are 
set in the saddle groove and three compression 
beams are set at the top of the saddle groove to 
press the main cable in the saddle groove. The 
structural form of the loose cable saddle is shown 
in Figure 10. 

Figure 10.   Structure form of splay saddle 

The auxiliary tower is equipped with the vice saddle, 
which is used to support the main cable and realize 
the displacement and rotation for the main cable. 
The vice saddle is designed as an up-down 
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contralateral structure, and the two halves of the 
saddle are connected by screw. The vice cable 
saddle is made by casting of ZG20Mn material. A 
one-way movable cylinder support is set under the 
vice saddle to realize the relative displacement 
between the vice saddle and the auxiliary tower. 
The structural form of the vice saddle is shown in 
Figure 11. 

Figure 11.   Structure form of vice saddle 

4 Technological Innovations and 
Breakthroughs 

Faced with the situation of lack of construction 
standards and reference experience, the 
construction team proposed to use scientific and 
technological innovations as the lead at the 
preliminary stage, and carried out numerous 
specific research in six aspects: mega-long span 
suspension bridge design standards, structural 
static and dynamic characteristics, new structural 
systems, new materials and new key structures, 
bridge industrialization and intelligent construction, 
and bridge construction-maintenance integration, 
and proposed six world-first technologies. 

4.1 Main Cable Self-Balancing Structure 
System of Mega-long span suspension 
bridge 

Because the side-midspan ratio of the bridge is as 
high as 0.53, the unbalanced cable force at the top 
of the tower will control not only the anti-sliding 
stability of the cable saddle, but also the cable 
tower force and the foundation scale of cable 
tower. In order to reduce the adverse effect of the 
unbalanced cable force at the top of the tower, a 
self-balancing structure system is put forward. 
When the cable tower is subjected to a high 
unbalanced cable force, the longitudinal relative 

displacement between the saddle and the cable 
tower is made to release the force. A balance is 
achieved between the horizontal forces of the main 
cable and the rolling friction of the cable saddle 
under normal loading scenarios, so the bending 
moment at the bottom of the cable tower is 
reduced and the foundation scale is effectively 
controlled. 

Figure 12.  Main cable self-balancing structure 
system 

4.2 Mega High Steel Box and Steel Tube 
Confined Concrete Composite Tower 

For the 350 m super-high cable tower, if a 
reinforced concrete structure scheme was adopted, 
the foundation scale would be overly large, which 
would lead to a high construction risk and a long 
construction period. If a steel tower scheme was 
used, although it has a small foundation scale, it 
has a higher cost and a lower stiffness, which is 
associated with wind-induced vibration problems. 
Therefore, the steel box and steel tube confined 
concrete composite cable tower scheme is 
proposed. This scheme has the following 
characteristics: 

(1) The high compressive strength of concrete
and the high tensile strength of steel structure
are fully utilized and the stiffness of the
composite structure is relatively moderate.
Meanwhile, the aerodynamic shape of cable
tower can be improved by steel section.

(2) Self-weight is light, which is only half of the
weight of a concrete tower. This reduces the
scale of the foundation.

(3) Steel box and steel tube confined concrete can 
be constructed by an assembly scheme using
components prefabricated in a factory, which
can greatly shorten the construction period.

movable movable 
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4.3 Mega-scale Supporting Structure 
Transmitted into Permanent Structure  
Composite Concrete Diaphragm 

Because the horizontal and vertical forces for 
anchorage foundation are relatively large, the 
project is located in the Yangtze river region with 
poor geological conditions, and the distance to the 
Yangtze river leeve is less than 50 m, the anchorage 
foundation design faced significant technical 
challenges. Therefore, the mega-scale supporting 
structure composite concrete diaphragm wall 
anchorage foundation is proposed, which has the 
following features: 

(1) The double-loop ground wall is used to form a
compartment and the method of underwater
excavation and underwater bottom sealing is
adopted to ensure the safety during
construction.

(2) After the completion of the compartment
excavation, a composite structure composed
of double-loop ground wall and core filling
reinforced concrete is used to form a strong
external wall structure to ensure the safety of
foundation excavation and to reduce the
influence on the leeve of Yangtze river.

(3) The depth of foundation excavation and
construction risk can be greatly reduced by
strengthening the deep foundation.

4.4 Mega Large Self-propelled Assembly 
Cable Saddle 

In order to realize a self-balancing structure system, 
rollers were set at the bottom of cable saddle to 
realize longitudinal sliding between the cable 
saddle and the cable tower under vehicle and 
temperature loads. To ensure structural safety, 
longitudinal retaining blocks are set to allow the 
cable saddle to have only limited displacement. In 
view of the occasional effects of strong wind and 
earthquake, the cable saddle is in the braking state 
by damper, etc, to ensure the safety and stability of 
the whole bridge. 

Figure 13.  Self-propelled assembly cable saddle 

4.5 Intelligent Replaceable Anchorage 
System 

Since it is impossible or very difficult to replace the 
existing main cable anchor system after damage, a 
new type named intelligent sensing replaceable 
anchor system is proposed. During replacement 
operation, by pre-embedding fixed-end anchors on 
both sides of connector on the front anchor surface, 
installing self-locking tie rod and two-piece 
pressure plate, the replacement of connector, tie 
rod assembly, and prestressed anchor system may 
be integrated into a single operation. By burying 
detection devices such as humidity sensors and 
detectors, intelligent perception is realized to 
better monitor the working status of the anchorage 
system. 

Figure 14.  Replaceable anchorage system with 
intelligent sensing 
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4.6 Intelligent Integrated Anti-corrosion 
System of the Whole Bridge 

In order to better solve the corrosion problem of 
the main cable steel wire, a centralized-and-
distributed dehumidification system for the main 
cable is proposed. Six sets of air preparation 
stations are set in the whole bridge. Through the 
overall optimization of air distribution, the main 
cable, saddle room, anchor room, main girder and 
cable tower share the dehumidification equipment 
as much as possible. There are four ventilation 
pipes around the main cable and one ventilation 
pipe in the center, so that the inner and outer steel 
wires of the main cable are placed in a low-
pressure dry air environment. By embedding 
temperature and humidity detection sensors, the 
main cable of the whole bridge can be monitored 
intelligently to ensure the best working 
environment of the main cable.  

Figure 15.  Intelligent integrated anti-corrosion 
system of the whole bridge 

4.7 Six World Records 

After completion, the project will surpass the 
Canakkale Bridge, which has the world's largest 
span for now, and set six world records: 

(1) The world's largest span suspension bridge;
(2) The world's highest suspension bridge tower;
(3) The world's longest high-strength main cable;
(4) The world's largest composite diaphragm wall

anchorage foundation;

(5) The world's largest continuous length steel
box girder;

(6) The world's maximum displacement
telescopic device.

5 Expectation 
According to the geological, meteorological, 
hydrological, ecological and navigable conditions of 
the construction area, the south channel bridge of 
the Zhangjinggao Yangtze River Bridge is 
determined to adopt the structure form of a 
suspension bridge with a main span of 2300 m. 
When the construction is finished, it will realize the 
bridge with the largest span in the world and it is a 
world-class mega project worthy of the name. The 
construction team has conducted numerous 
specific studies on six aspects: mega-long span 
suspension bridge design standards, structural 
static and dynamic characteristics, new structural 
systems, new materials and new key structures, 
bridge industrialization and intelligent construction, 
and bridge construction-maintenance integration. 
The construction team aims to build: 

"The Iconic Project of Jiangsu Landmark of Strong 
Transportation Network Country,  

The Representative Project of Chinese Bridge 
Technology Innovation, 

The Milestone Project of World's Extra Large Span 
Suspension Bridge Construction." 

The construction of the bridge will also provide 
new ideas for the development of world's super-
large span bridges and bridge full life cycle 
construction. 
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Abstract 
The Hong Kong–Zhuhai–Macao Bridge (HZMB) is located at the Pearl River Estuary on the south 
of China, It is the longest sea-crossing infrastructure made of island, tunnel and bridge. It links 
Hong Kong in the east with Zhuhai-Macao in the west with a total length of 55 km. The HZMB was 
built according to the highway standard of due three lanes. It has a design life of 120 years to meet 
the Hong Kong standard that is the first in China Mainland. The HZMB has greatly improved traffic 
conditions on the east and west sides of the coast of the Pearl River Estuary and strengthened the 
communication, transportation, and economic integration of the three regions, thus accelerating 
the formation of the Guangdong-Hong Kong-Macao Greater Bay Area. This paper outlines the key 
construction technologies and strategies used in HZMB to provide references for the design and 
construction of other mega-projects in China or abroad.  

Keywords: Hong Kong-Zhuhai-Macao Bridge; Artificial Island; Immersed Tunnel; Sea-crossing 
Bridge; Construction. 

1 Introduction 
The 55-km-long Hong Kong-Zhuhai-Macao Bridge 
is the longest sea-crossing bridge made of island, 
tunnel and bridge in the world, which consists of a 
six-lane highway connecting Hong Kong with 
Zhuhai and Macao at the mouth of the Pearl River 
Estuary in China, as shown in Figure 1. The project 
was completed in February 2018 and was opened 
to traffic in October 2018. The HZMB had 
improved traffic conditions on the east and west 

sides of the coast of the Pearl River Estuary and 
strengthened the communication, transportation, 
and economic integration of the three regions, 
thus accelerating the development of the 
Guangdong-Hong Kong-Macao Greater Bay Area 
[1-2].  

The HZMB main bridge has a length of 29.6 km，
The tunnel is approximately 6.7km in length, with 
2 artificial islands approx. 625m long and the 
immersed tunnel part approx. 5.7km long and at 
about 20m below the sea bed. The immersed 
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tunnel comprises of 3-cell, 180m long precast 
concrete segments. The bridge has a length of 
22.9km ， including three navigation channel 
cable-stayed bridges, and approximately 15km 
long steel box girder marine viaducts with 110m 
spans and 5km long concrete-steel composite box 
girder viaducts with 85m spans. 

Figure 1. General layout of HZMB project. 

Undoubtedly, this is a huge challenge to the 
construction of HZMB. To meet this challenge，
HZMB Authority（Bridge owner）had spent 8 
years to set up a series critic guiding construction 
philosophies in the early preliminary stage(Before 
construction), including: ① life-cycle planning and 
demand-oriented design: The needs both in the 
construction and maintenance periods had been 
synthetically considered in the preliminary project 
plan, to ensure that the structure function can 
meet the requirements in the whole design 
service life of 120 years while minimizing costs. ② 
The philosophy of the “Four standardizations” 
(standardization, large-scale, industrialization, and 
prefabrication) [3]; That means the most 
components of HZMB should be manufactured in 
factory and assembled by automatic technologies, 
changing the off shore construction into in-land 
fabrication or manufacture, to improve the quality 
and durability of HZMB. ③  Cooperating with 
global engineering resources. ④  Green and 
sustainable development.  

The HZMB’s construction have the following 
distinct characteristics: ① The work scale was 
supremely large, over 5.8 million m2 coating, 2 
million m3 concretes, 1.24 million tons steel  were 
used in HZMB; ② The tunnel’s alignment is 20 m 
below the seabed, and thus set a world record for 
the deepest buried immersed tunnel. Furthermore, 
the worksite was in a complex environment that 

included typhoons, strong convection, flooding in 
summer, and monsoons in winter; the passing by 
of over 4000 vessels per day; and the passage of 
the island tunnel site through the core 
conservation region for the Chinese white dolphin, 
which required a very high level of environmental 
protection. Under these conditions, the 
underwater foundation, prefabrication, and 
marine installation of the immersed tunnel and 
bridge, which was over 29.6 km long, were 
implemented successfully. ③ 425 000 t of steel 
was used for the superstructure, thereby breaking 
a world record; First automatic and intelligent 
production line for plate element in China was 
developed in HZMB. The quality of steel bridge in 
China had been significantly improved. ④ Over 
200 piers of the non-navigational bridge were 
prefabricated in the factory and installed in one 
piece so as to ensure the schedule and safety and 
better manage the risk; Assembly rate of HZMB 
had reached 90%. ⑤ The tower of the three 
navigation bridges were designed to symbolize a 
Chinese knot, a dolphin, and a wind sail, 
respectively. In particular, the dolphin tower with 
a height of around 100 m and weight of 3100 t; it 
was prefabricated and erected in one piece.⑥
Different jurisdiction regions, management mode 
and philosophy, and design and construction 
standards, which brought a series of difficulties 
that were first encountered in China. The mega 
infrastructure project management theory and 
system was firstly established in China. 

Based on“Four standardizations” philosophies, 
HZMB had been completed with high quality, and 
achieved many remarkable achievements. In the 
following discussion, the typical construction 
techniques or achievements of this mega-project 
will be introduced. 

2 Sea-crossing Bridge Construction 

2.1 General philosophies 

The construction and life cycle cost of sea-crossing 
long bridge is dependent upon the cost of site 
establishment and preliminaries such as 
fabrication and assembly yards, transportation, 
availability and cost of large floating cranes, 
launching gantries, maintenance costs, etc. 
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Considering the length of HZMB, minimisation of 
construction period, marine conditions, typhoons 
and durability requirements, etc, an early decision 
was made to base construction on use of large 
pre-fabricated elements manufactured under 
factory conditions and erection by large floating 
cranes and custom built cranes [4], namely “Four 
standardization” construction philosophies.  

2.2 Marine Viaducts 

A number of long sea and river crossings have 
recently been constructed in China such as Sutong 
Bridge, Donghai Bridge, Hangzhou Bay Bridge, 
Shenzhen Bay Bridge. In all of these bridges two 
separate prestressed concrete box girder decks 
had been used for the viaducts, each supported by 
single column piers under each deck. For HZMB, 
from environmental considerations, it was 
decided to use single column piers to support 
either two separate decks or a single wide deck, 
so as to provide the least obstruction to water 
flow. To further minimize obstruction to water 
flow, the pile caps have been buried in the sea-
bed[4], as Figure 2. 

Figure 2. Layout of the single column pier. 

On the west side of the Pearl River Estuary the 
water is shallow whereas it gets deeper towards 
the middle and east side of the estuary. In almost 
all of the earlier sea-crossing viaducts in China the 
span of the viaducts has generally been 50m-70m. 
For HZMB with the need to have minimum 
obstruction to flow and reduced the time and 
scale of offshore construction the spans were 

chosen to be 85m in shallow water and 110m in 
deeper water.  

The substructure comprises of large diameter 
composite piles, precast pile-caps and hollow 
precast pier columns, thus helping in minimizing 
environmental impact and shortening the 
construction period. Steel composite piles were 
adopted firstly in China as they have better 
ductility and stronger anti-seismic capacity than 
that of the bored piles.  

The short span marine viaducts are 5km in length 
with a span of 85m and comprise of two individual 
constant depth composite box girders supported 
by a T-head single hollow column. The long span 
marine viaducts are 15km in length and comprise 
of 110m single constant depth orthotropic box 
girders. There are over 425,000t steel structures 
for superstructure in total. 

Figure 3. Seperated flexible sealing method 
between precast pile caps and pile 

Figure 4. Three-dimensional assembled cofferdam 

An innovative technique was used to connect the 
precast pile caps with the composite pile as shown 
in Figure 3. A steel cofferdam was lowered around 
the piles as shown in Figure 4, so that work could 
be done in the dry environment. The precast pile 
cap with stub columns had oversize holes in them 
with shear keys. The pile cap was lowered onto 

Steel case

3-axis adjust 

suspension 

Shear key

Horizontal adjustWater seal 
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the flanges off the piles. A gasket type water stop 
closed the gap between the bottom of the soffit of 
the pile cap and the pile, and then the hole was 
concreted, Figure 5 shows the precast pile cap and 
column with temporary cofferdam fixed to the 
pile cap, and Figure 6 shows the whole assembly 
being lowered onto the composite piles by a 
floating crane. The largest combined pile cap and 
pier was 40m in height and weighed 3000t. 

Figure 5. Completed precast pier with cofferdam 

Figure 6. Precast pier offshore installation. 

2.3 Marine Navigation Channel Bridges 

HZMB Authority was very keen on the navigation 
channel bridges being visually unique with 
individual character and representing the setting 
of the Delta and its environs. All three navigation 
channel bridges are cable stay bridges. 

Jiuzhou Bridge with a total length of 693m and a 
main span of 268m can be seen from the 

promenade in Zhuhai and a nautical theme was 
adopted for the towers with a mast that 
represented the mast of a sailing boat, as Figure 7. 
The deck is a composite box girder with a central 
array of stay cables. The tower had sufficient 
stiffness to not have an intermediate anchor pier 
and this bridge. The steel tower was erected with 
a floating crane. 

Figure 7. Jiuzhou navigation channel bridge. 

Figure 8. Steel tower installation of Jianghai bridge. 

Figure 9.“Good luck Chinese Knot” Qingzhou 
navigation channel bridge at sunset. 

Jianghai Bridge steel tower was installed with two 
floating cranes[5], as Figure 8. This is a 994m long, 
3-tower cable stay bridge with two main spans of
258m.

Qingzhou Bridge is a 1150m long, 2-tower bridge 
with a main span of 458m and the good luck 
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Chinese Knot motif was adopted for the towers, 
which symbolises the close relationship between 
Hong Kong, Zhuhai and Macao, as Figure 9. 

2.4 Novel Achievements of HZMB Steel 
Structure Fabrication 

2.4.1 China’s first automatic and intelligent 
steel plate production line 

The traditional methods for assembly and welding 
the steel deck plate include semi-automatic or 
manual welding, as Figure 10, but for 425 000t of 
steel structure and limited work time, it might be 
very difficult to control the quality and ensure the 
efficiency. To achieve the “four standardization” 
construction philosophies and to ensure the 
requirement of the long life cycle and high quality 
of steel bridge, the orthotropic deck of HZMB, 
which is a basic component of the steel bridge, is 
fabricated in a new advanced automatic 
production line [2], as Figure 11. 

Figure 10. Traditional manual welding workshop 
before HZMB

Figure 11. Advanced automatic production line of 
HZMB 

A gantry-type automatic welding system based on 
welding robot has been developed—with 
intelligent arc tracking, contact sensing, offline 
programming functions, etc, meanwhile 
developed an automatic swing hydraulic welding 
rack, as Figure 11. Compared with the traditional 
manufacturing process, the fatigue strength of 
weld is significantly improved, the repair and 
maintenance work after welding is reduced by 
more than 80%, the welding efficiency is increased 
by more than twice, and the first pass yield of 
welding reaches 99.8% .  

2.4.2 Large segment workshop assembly and 
installation 

It is well known that workshop assembly or 
painting can obviously improve the manufacture 
quality, such as the best-known Honshu-Sikoku 
bridge of Japan [6]. Aiming to improve the 
manufacture quality, the HZMB Authority had 
changed the traditional outdoor assembly mode, 
as Figure 12, and took the lead in realizing the 
“workshop assembly” of steel structure (Figuer 
14). The “long line” assembly technology was used 
for workshop assembly of HZMB. In every round 
of general assembly, at least 11 small segments 
(each 10m long, around 200tons) were 
synchronously manufactured in workshop, so as 
to effectively improve the assembly quality and 
accuracy, as well as greatly shorten the assembly 
period. In this way, the assembly of 6 × 110 m 
steel box girder was completed in 50 days, with a 
total weight of more than 12,000 tons. 

Figure 12. Traditional outdoor assembly mode 
before HZMB 
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Figure 13. Workshop-based production model of 
HZMB 

The large girder segments of marine viaducts were 
installed, adjusted, and welded span-by-span. The 
weld joints were located near the zero-moment 
point of each span not on the pier top. Large 
floating cranes (4000 t, 3200 t, and 2200 t) were 
adopted for hoisting, with the weight (excluding 
slings) ranging between 1600 and 2900 t. The 
maximum hoisting weight of HZMB’s large girder 
segments were approx. 3500 t (excluding slings), 
as shown in Figure 14. 

Figure 14. Large segment steel girders offshore 
installation for non-navigable viaducts. 

3 Key Construction Technologies Of The 
Tunnel and Island 

3.1 Combination of Advanced Foundation 
Techniques 

The tunnel foundation had realized a gradual and 
balanced transition from soft to rigid soil stratum 
for immersed tunnel elements. Pre-stressed High 
Strength Concrete piles foundation for the cut and 

cover tunnel section, Jet grouting piles foundation 
for the deep part of the cut and cover tunnel 
section and the shallow part of the immersed 
tunnel section, Sand Compaction Piles, were used 
respectively. A composite foundation layer (Gravel 
layer + Rammed cobble layer) was first used with 
a high accuracy of +/- 40 mm to create optimum 
foundation conditions for the immersed tunnel[7], 
as Figure 15 . 

Figure 15. Combination foundation of inmmersed 
tunnel of HZMB. 

3.2 Rapid Artificial Island Construction with 
Large Steel Cylinders 

If adopting traditional method, the construction of 
two artificial islands of 100 000 m2 should need at 
least 10 million m3 silt excavation and would take 
3 years to form island. An innovative design of 
deep driven steel cylinders was adopted to form 
the two artificial islands in a very rapid way [8]. 
Steel cylinders of 22 m diameter and up to 50m 
height were driven deep into the soft underlying 
stratum around the island. 2 cylinders could be 
placed in one day, as Figure 16. By adopting this 
innovative rapid construction technology, the 
artificial islands had been formed successfully in 
221 days. This is a new engineering record for 
completing two large offshore artificial islands in 
such short time and protecting the environment at 
the same time. 

Figure 16. Large Steel Cylinder construction. 
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3.3 The tunnel element production factory 

The factory method was adopted and a new 
tunnel element production factory was built on 
the Zhuhai Guishan Island  to produce the 33 
tunnel elements[9]，that were termed the 3rd 
generation modern-factory for tunnel precast by 
Client from Fehmarn crossing from Europe (Figure 
17). The factory occupied a land area of 438 
000m2. This factory integrated a series advanced 
technologies and equipment，including flowing 
steel production and processing line, hydraulic 
pouring formwork in full-section, concrete 
production and crack control system, large 
segment push system. The tunnel’s wall is 1.5 m 
thick. Each segment was cast in one pour with a 
volume of 3400 m3. Zero cast cracking of nearly 1 
000 000 m3 concrete was realized using a natural 
and standard environment cracking-control 
scheme, including a full-section simultaneous 
casting method. 

Figure 17. Layout of tunnel precast factory 

3.4 Transportation and installation of 
tunnel elements 

The transportation(Figure 18) and installation of 
the tunnel elements had to take place under the 
challenging offshore conditions. A reliable 
construction window is vital for tunnel installation. 
It requires a forecast for a small area, lasting 2-3 
days, being sufficiently accurate and for multiple-
parameters including flow velocity, wave height, 
wave period, visibility and wind parameters, etc. 
Therefore, a sophisticated mode calculation was 
carried out by National Marine Environment 
Forecast Centre and South China Sea Institute of 
Oceanology of Chinese Academy of Science. The 
calculation includes 4 mode areas. It starts from 
GF system and zoom to-East Asia – South China 

Sea – Lingding Ocean. The FY-2 Metrological 
Satellite & Sunway series Super Computer has 
played a vital role in this forecast. 

Figure 18. immersed tunnel transportation 

Tunnel transportation and installation is a very 
dedicated job. For that an integrated control 
system was built, as Figure 19-20 is the installation 
barge where the centre-control-room is located. It 
includes remote control of winch system, 
ballasting system, pull system, remote survey and 
control of tunnel position & orientation and CCTV 
monitoring system, a so-called brain for tunnel 
transportation and installation. 

Figure 19. intelligent integrated control system for 
tunnel installation 

Figure 20.Layout of underwater sinking and joining 
system 
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3.5 Final closure joint 

An innovative closure joint concept had been 
developed using a full sandwich steel structure 
filled with high fluid concrete as the basic 
structure, this structure type later was widely 
used in China Shen-Zhong Link afterwards [10-12]. 
In longitudinal direction the closure joint has a V-
shape that eases the installation of the approx. 
6000ton weighing structure. An active and 
automatic jacking system is designed to actively 
achieve hydraulic joining with Gina gasket, as 
Figure 21. The final joint was built in Shanghai and 
shipped to HZMB construction yard over a 
distance of 1600km. The high fluid, self-
compacting concrete was placed in Zhuhai after 
arrival. Thereafter the final joint element was 
placed on a barge and transported to the situ 
where one of the worlds’ biggest floating crane 
(300 000t) installed the element in less than half a 
day, as Figure 22. 

Figure 21. Layout of final closure joint 

Figure 22. Installation of the final closure joint. 

3.6 Engineering management and safety 
performance 

Different from most part of the HZMB were 
constructed under a “Construct-only” contract, 
the HZMB tunnel and island was built under a 
“Design & Building” contract, considering this 
mega tunnel project was firstly constructed in 
China. It was clearly recognized that such contract 
form would be an opportunity to combine the 
design and construction together, this would be 
beneficial to the project and to the contractor 
improving its innovation capability. 

The safety management of tunnel and island part 
was successful and well recognized from the 
project commencement to completion. The safety 
performance statistic is showed as Table 1, the 
incident rate is lower than other projects. The 
Project Safety Statistics is as per OSHA definitions. 
In total, 58,662,800 Man-hours record with no 
fatality case in Jan. 2011-Dec. 2017. TRIR (Total 
Recordable Incident Rate) during 2011-2017 is 
below 0.2. LWCR (Lost Workday Case Rate) during 
2011-2017 is below 0.15, as showing figure 23.   

Table 1.   Project Safety Statistic ( 2011.01-2017.12) 

Total 
Manhour 

Total Recordable 
Incident Rate 

Total Lost 
Time Case 

Rate 
2011 5376450 0.11 0.07 

2012 5814450 0.17 0.14 

2013 9271000 0.04 0.02 

2014 9814850 0.10 0.10 

2015 9895150 0.04 0.02 

2016 9636000 0.06 0.04 

2017 8854900 0.05 0.05 

Figure 23. Project Safety Statistic ( 2011.01-
2017.12). 
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4 Concluding remarks 
Hong Kong-Zhuhai-Macao Bridge is a clustered 
mega sea-crossing infrastructure jointly built by 
the Hong-Kong, Zhuhai and Macao, three regional 
governments. The planning, design, construction 
and maintenance of HZMB constitute many 
challenges to bridge and tunnel engineering. 
Aiming to achieve the project objectives, through 
the selection of a world-class design, consulting 
and construction teams, establishment of mega 
project coordination management systems and 
working mechanism, referring to the international 
standards, and innovations of project 
management and construction technologies, 
HZMB Authority had made considerable fruitful 
efforts in both aspects of management and 
technical innovation, from the early feasibility 
stage to the operation and maintenance stage. 
The quality expected of a landmark structure had 
been achieved. Since the beginning to completion, 

The HZMB had withstood the test of over 38 
Typhoons, including two super strong Typhoon 
Hato and Mangkhut.  

After completion, the next important mission was 
to ensure durable, easy to maintain and safe to 
operate, and much efforts have been spent to 
achieve operation and maintenance goals. Now an 
ongoing forward-looking research focused on 
integrated intelligent Operation and Maintenance 
is being carried out by the HZMB Authority, aiming 
to increase the service life and reduce the O&M 
cost. In future, more mega-projects will be 
undertaken, the successful experiences of HZMB 
would be of great value for those mega-project in 
China or abroad. 
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Abstract 
The ShiZiYang suspension bridge in the GuangDong province in China will when constructed have a 
world record main span of 2180 m and carry an impressive 2 x 8 lanes of traffic on the two levels 
truss girder. 

Due to its size, ShiZiYang bridge requires extensive main cable area with diameter nearly 1.5 m 
representing the largest main cable ever constructed. An option of dual main cables can be 
considered with smaller main cables including simpler compaction. However the construction time 
is extended, all adjacent structures such as saddles, anchorages and cable clamps become 
significantly more complex and the separate cables behave as independent members.    

The paper discusses the main key challenges regarding design and construction of large main cables 
with diameter above 1m and alternatively dual main cables. 

Keywords: ShiZiYang bridge; suspension bridge; main cable; high strength cable steel; single main 
cable; dual cables; cable system erection; cable system structures 

1 Introduction 
The technological development is pushing the 
boundaries of span lengths of suspension bridges 
together with the increasing deck weights carried 
by the main cables. ShiZiYang bridge in GuangDong 
province in China is a bright example with the 
planned main span of 2180 m carrying 2 x 8 lanes 
of traffic on 2 level truss girder deck. A rendering of 
the bridge is displayed in Figure 1-1.  

Due to the length of the span and the considerable 
deck weight, the main cable diameter will be 
significantly bigger in comparison to the current 
record breaking longest span suspension bridge, 
Canakkale bridge (Turkey, 2023 m main span, 
maximum main cable diameter 0,881 m) that has 
opened to traffic March 2022. The largest ever 
constructed main cable diameter measures 1,3 m 

and is applied on the WuFengShan Yangtze River 
Bridge (road and railway combined with a main 
span of 1092m) in China. In comparison, the main 
cable of ShiZiYang bridge is expected to slightly 
exceed 1,4 m in diameter.  

There are several challenges connected to the main 
cable with size beyond the constructed bridges 
related to both, design and construction. An option 
to avoid the main cables of such significant size is 
to split the single cable into a dual cable which has 
been previously used in Verrazzano-Narrows 
Bridge (USA) as the longest span suspension bridge 
with the dual main cable.  

The present paper describes the main design 
aspects for main cables, discusses use of high 
strength cable steel, compares the design of main 
cable system with single and dual cables and 
identifies possible construction related issues. 
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2 Design aspects 
Main cables are the main load carrying 
components of the suspension bridges. They define 
the geometry of the bridge and control the 
displacements of both, deck and towers.  

The key parameter for the main cable design is 
represented by sag to span ratio. A ratio of 1/9 is 
the most commonly used as it has been proven to 
be an optimal solution from technical, economical 
and aesthetical point of view. For a structure such 
as ShiZiYang Bridge, a higher sag-to-span ratio 
could be considered to reduce the requirement of 
cable steel. It has been estimated that increasing 
the ratio to 1/8 would lead to approximately 12% 
reduction in the required cable area with a penalty 
of 9% increase in tower quantity. The final cost 
would be positively influenced as a reduction in 
cable steel causes considerably higher impact on 
the final cost of the bridge in comparison to 
increase in tower concrete. This might however 
result in some undesirable architectural side 
effects as the towers become higher in comparison 
to the span length as well as main cable curvature 
becomes steeper and deeper.  

In case of the main cables in side spans, in recent 
built bridges it is preferred to arrange them with 
steeper angles (up to 30° to horizontal) in 
comparison to the main span (approximately 25°). 
This increases the stiffness of the structure, reduce 
the vertical deflections of the main span and 

reduce the cable quantity in the side spans. 
Naturally, the force in the side span cables is 
increased with increased angles leading to a higher 
cable area in side spans however the total quantity 
is reduced due to shorter cables. Side span cables 
of ShiZiYang bridge have been designed as slightly 
shallower due to the fixed position of the 
anchorages. Consequently, no difference in the 
side span and main span cable area is necessary.  

Generally, main cables are governed by the 
permanent deck loads with a contribution to the 
main cable force of approximately 80%. The 
remaining 20% is related to the traffic load on the 
bridge. Other loads represented mainly by 
environmental loads (temperature, wind) are 
normally responsible for only approximately 1-2% 
main cable force. Thus, the focus of the design is on 
reducing the suspended weight to a minimum.  In 
case of ShiZiYang project, the contribution from the 
permanent loads is higher than usual due to 
heavier truss girder and estimated to 
approximately 87%. Therefore, there should be 
even higher emphasis to limit the permanent loads 
as much as possible. 

The suspended weight of ShiZiYang Bridge 
assumed in the General Scheme Design is given in 
Table 1. As apparent from the table the total 
weight is equal to 53,9 t/m. In comparison, in case 
of Canakkale Bridge, this value is equal to 
approximately 19,1 t/m which represents roughly 
35% of the suspended weight of ShiZiYang Bridge.  

Figure 1-1. ShiZiYang Bridge rendering (Knight Architects) 
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Table 1 Suspended weight – ShiZiYang Bridge 

Load case Load 
[t/m] 

Deck – structural steel 35,6 

Surfacing (75 mm) 13,9 

Other superimposed dead load 4,4 

Total suspended weight 53,9 

The large difference is explained by the fact that 
ShiZiYang bridge will carry 16 lanes of traffic in 
comparison to 6 in case of Canakkale Bridge, which 
leads to similar weight proportions of the 
suspended deck weights (factor 16/6 difference). 

It is also noted that the surfacing thickness is 
assumed as 75 mm. On a suspension bridge of this 
scale, lower pavement thickness is generally used 
without compromising the performance and 
leading to significant benefits in terms of material 
savings. Thus, it would be reasonable to consider 
limiting the thickness to 55 mm which would lower 
the suspended weight by roughly 4 t/m and 
consequently lead to approximately 7% reduction 
in main cable quantity. 

The total ULS cable force of ShiZiYang bridge is 
estimated to 1426 MN in accordance with 
Eurocode load combinations. Applying the design 
approach of main cables generally used in Europe 
(refer to Canakkale Bridge), the safety factor of 1,8 
is considered. With the steel strength of 2060 MPa 
(refer to section 3), this concludes into a main cable 
with an area of 1,248 m² and a corresponding 
diameter of 1,409 m. 

The design approach according to the Chinese 
standards (JTG, both load factors and material 
factors) has been compared resulting in roughly 5% 
higher main cable area.  

The size of the main cable naturally influences the 
sizes of other members of the cable system, 
namely cable clamps and saddles. Certain 
difficulties may be related to fabrication and 
installation of the tower saddles as their size and 
weight become significant. These issues are 
discussed in chapter 5. 

A view of the ShiZiYang bridge from the mid span 
towards the tower is shown in Figure 2-2. 

Figure 2-2. ShiZiYang Bridge – view from the mid 
span towards tower (Knight Architects) 

3 High strength cable steel 
An obvious tendency of using high strength 
materials is connected with the increasing 
availability of these materials on the market. 
However, since the structures with high strength 
materials require smaller dimensions without any 
modification to the Young modulus, the stiffness of 
these structures is reduced. Thus, more slender 
structures are able to provide equal resistance to 
the load. However, the observed displacements 
will become more important. In connection to the 
suspension bridges and main cable steel quality, 
using higher steel strengths will result in deck 
deflections higher than known from the previous 
projects.  

In recent constructed bridges, main cables with the 
yield strength of 1770 MPa and 1860 MPa are 
commonly used. In Canakkale bridge, a higher 
quality steel has been used with yield strength of 
1960 MPa and therefore it is considered that this 
steel quality can be used in suspension bridge 
projects of similar scale.  

The tendency in Eastern Asia is heading towards 
even higher cable steel strengths. Stay cables of 
steel strength of 2160 MPa have been installed on 
the Saemangeum bridge in South Korea in 2021. 
Nevertheless, this high strength cable steel has 
never been used for a main cable on a suspension 
bridge before. It would likely be possible to 
fabricate the strands of this high steel strength 
however it would require extensive testing in order 
to ensure the requested performance. Also, there 
are presently only limited manufacturers able to 
supply such strands. 
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In ShiZiYang bridge concept design, the cable steel 
strength of 2060 MPa has been considered. It is 
assumed that a slight increase in main cable steel 
strength in comparison to previously used would 
be realistic to achieve and justify.  

4 Single cable and dual cable 

4.1 Dual main cable 

Since the main cables of ShiZiYang bridge are 
expected to become significantly larger than any 
existing suspension bridge main cables, an 
alternative with dual main cables would eliminate 
the issues connected to the size of individual cables. 
This concept is relatively common on historical 
suspension bridges in USA, the longest span (1298 
m) bridge with this arrangement is represented by
Verrazzano-Narrows Bridge shown in Figure 4-1.
The dual cable arrangement has been also
considered in detail design of Messina Bridge (Italy),
with planned main span of 3300 m.

Figure 4-1. Verrazzano-Narrows Bridge with dual 
main cables [3] 

For ShiZiYang Bridge, the dual main cable system 
would require 4 separate main cables of a diameter 
just below 1 m.  

Apart from the reduction in main cable size to the 
dimensions that have been previously constructed, 
the use of dual cable also leads to easier 
compaction of the main cables which is one of the 
main concerns of the large single cables. 

However, it needs to be noted that the individual 
cables within the dual cable behave as separate 
members which might conclude into slight 

differences between the forces carried by the 
separate cables.  

Previous studies carried out for Messina Bridge 
have also identified problems with the wake 
galloping of the dual main cables in the side spans 
where the deck is not suspended on the main 
cables and therefore there is considerable free 
length of the cable that does not contain any 
members limiting its movement. A solution to this 
problem would be to provide anchor cables with 
certain spacing connected to the side span deck, 
similar to hangers. However, this leads to increase 
in cost and undesirable aesthetic effects. 

Due to a risk of tangling of wires between the 
individual cables in case of high wind speeds during 
construction, the cables would require certain 
clearance to avoid this issue. Potentially, 
alternative methods preventing the tangling of 
individual cables could be developed but would 
naturally require additional material and add 
complexity to the construction.  

In case an independent hanger system for each 
cable would be considered as in case of 
Verrazzano-Narrows Bridge, the clearance 
between the main cables should be considered also 
emphasizing the space requirements for hanger 
anchorages at the deck level. It is reminded that the 
hangers are designed to shorter service life 
(standardly 50-60 years) than most of the other 
structural members and therefore they should be 
replaceable. Preferably it should be possible to 
replace individual hanger without dismantling the 
other hanger in the pair and thus the space 
between the hanger anchorages should allow for 
removal and installation of the pin.  

An alternative of a hanger system considering a 
single hanger per dual cable could be developed 
similar to the Messina Bridge arrangement. The 
cable clamp would connect the 2 individual cables 
at the hanger location and distribute the load into 
the separate cables. However, the cable clamps 
would become considerably more complex in 
comparison to individual cable clamps, as 
demonstrated in Figure 4-2. Even though, this 
arrangement would not require as much additional 
space at the deck level as the Verrazzano-Narrows 
Bridge arrangement, additional deck width would 
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be required due to hanger center line at wider 
position.  

Figure 4-2. Messina Bridge cable clamp 

As described above, any increase in space 
requirements would lead to the additional deck 
width and consequently negatively affect the deck 
weight. As a result, also a higher main cable area 
would be required.  Therefore, the use of dual main 
cable would generally lead to increase in both, deck 
and main cable quantity itself in comparison to a 
single cable. 

The principle of Verrazzano-Narrows Bridge dual 
cable with individual cables with sufficient center-
to-center distance enables a use of separate 
saddles, refer to Figure 4-3. As a result, the weight 
of the separate saddles would be smaller and thus 
simpler to install and possibly fabricate. Yet, this 
would have a negative consequence on the 
increased space requirement at the tower tops and 
splay chambers.   

Figure 4-3. Verrazzano-Narrows Bridge tower 
saddles [2] 

In case of Messina Bridge, the saddles are designed 
as double trough single-bodied. In consequence, 
the saddles become considerably more complex 
and heavier in comparison to a single cable saddle. 
This will result in added difficulties in fabrication as 
well as installation. The Messina Bridge tower 
saddle is illustrated in Figure 4-4. 

Figure 4-4. Messina Bridge tower saddle 
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In terms of anchorages, the splay in transverse 
direction of individual cables can only be provided 
sideways from the center line of the dual cable 
given the arrangement of the cables. This is also 
considered as added complexity to the design. It is 
also expected that the anchorages for the dual 
cables would be bigger than in case of a single cable 
since the splay chamber would need to provide 
more space. The Figure 4-5 shows the Verrazzano-
Narrows Bridge anchorage of the dual main cables. 

Figure 4-5. Verrazzano-Narrows Bridge anchorage 
(splay chamber) [2] 

Except for the cable compaction, the installation of 
dual main cables is considered more complex than 
the installation of single cable.  

The catwalks enabling the main cable erection 
become significantly wider in case of the dual 
cables due to the space between the individual 
cables.  

The free space required at the tower top to allow 
for installation of the strand hauling system is also 
increased in case of the dual cable compared to a 
single cable. The hauling system itself is more 
complex for dual cables and must ensure the 
installation of strands at 2 different transverse 
locations.  

Due to higher number of individual cables, the 
compaction of the dual cable is assumed to last 
significantly longer than in case of single cables. 
Also cable wrapping operation is expected to be 
extended.  

4.2 Single main cable 

The single main cables, even with unusually high 
cable diameter, represent a conventional solution 
with known challenges and arrangements.  

First of all, the single main cable avoids any 
potential issues related to the wake galloping in 
case of non-suspended side spans identified for 
dual main cables.  

In terms of adjacent structures, the saddles and 
clamps are of course larger than for existing bridges, 
however the size would likely represent the only 
challenge for fabrication. Due to the increased 
weight of the saddle, it may also require developing 
a special solution for lifting such weight to the 
considerable height at the tower top. However, 
compared to Messina Bridge saddle type (Figure 
4-4), the complexity of single cable saddle is lower
in terms of design, fabrication and installation.

Referring to above section, there is no additional 
space requirement for deck width in case of single 
cables other than respecting the clearance profiles. 
Therefore, in case of single cables, the deck weight 
is minimized and the main cable quantity in 
connection as well.  

The main disadvantage of the single cable is 
represented by the uncertainty during compaction 
to achieve the prescribed air void ratio due to its 
size as it will be much larger than any suspension 
bridge main cable ever constructed. This is further 
described in section 5. 

Overall, from the design point of view, the choice 
of the single main cables seems more convenient, 
yet the concerns related to compaction may lead to 
a decision of using dual cables even though this is 
expected to lead to increase in cost.  

5 Construction issues 
As mentioned in chapter 4.2, the main concern of 
the large diameter main cable is to reach the 
predefined air void ratio after compaction.  

A crucial aspect for successful compaction is to 
secure the strands against tangling of the wires in 
between the individual strands related to 
movements due to wind, temperature differences 
between day and night and main cable rotations 
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imposed by one side of the cable exposed to 
sunlight and other side in the shadow.  

Normal procedure preventing the strand tangling is 
to use plastic bands separating the individual 
strands as shown in Figure 5-1. These bands are 
usually removed from the strands on the main 
cable perimeter prior to the compaction process, 
the bands at inner strands remain in place 
permanently.   

Figure 5-1. Canakkale Bridge – strand separating 
bands  

The compaction of such large main cable is also a 
challenge since the existing compaction machines 
could likely not be used for this size and therefore 
new and bigger machines would have to be 
produced.   

However, other issues may arise during 
construction that are not known until this point as 
this size of the main cable is unprecedented. 

During the concept design phase of ShiZiYang 
Bridge, also concerns in relation to the slippage of 
the cable clamps have been raised. The design of 
the cable clamps needs to of course address the 
matter of providing sufficient clamping force to 
generate friction necessary to secure the clamp 
against slipping along the main cable. In 
construction, the clamp bolt tension is normally 
measured and adjusted several times during 
construction. Naturally, the bolts are tensioned at 
the clamp installation, re-tensioned again prior to 
hanger installation and after prior to deck erection 
to specific hanger. Usually, the bolt tension is 
adjusted at any point when relaxation is observed, 
therefore regular tension measurements should 

verify that the prescribed values are achieved at 
the end of construction. It is also important to carry 
out regular bolt tension checks to monitor their 
status and re-tension if necessary. 

The other members of the cable system also reach 
significantly bigger sizes compared to experience 
from existing suspension bridges. Problems with 
fabrication of these members may occur since 
there may be size limitations and lack of facilities 
able to produce this size of saddles and cable 
clamps. However, this should not influence the 
overall feasibility of the cable system but may lead 
to considerably higher costs.  

When fabricated, the tower saddle is expected to 
weigh around 200 tonnes or more. In comparison, 
the Canakkale tower saddle weight is below 100 
tonnes. Therefore, it will be a significant increase in 
lifted weight. From the design point of view, the 
preferable solution would be to design the lifting 
equipment to lift the saddle in one piece. As an 
example, Canakkale Bridge tower saddle has been 
lifted to the tower top by a tower crane, as shown 
in Figure 5-2. This method is mostly convenient for 
suspension bridges with steel towers as the tower 
crane capacity is governed by the tower segments. 

Figure 5-2. Çanakkale Bridge tower saddle lifting 

Another example, on Great Belt Bridge the tower 
saddle was lifted along the tower leg surface using 
wooden cylinders protecting both, the saddle and 
the tower surface from contact, as illustrated in 
Figure 5-3. This method is more appropriate for 
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concrete tower which is also a case of ShiZiYang 
Bridge. 

Figure 5-3. Great Belt Bridge tower saddle lifting 
[4] 

Alternatively, saddles may be split into two pieces 
by a transverse vertical cut (split to rear and front 
piece) and welded at the tower top. This method is 
commonly used in East Asia. It is however 
undesirable from the design point of view as 
imprecisions may lead to stress variation in the 
main cable. It will also require a perfect fit between 
the two pieces and therefore very limited site 
tolerances.  

Another possibility is to split the saddle horizontally 
into two pieces: trough and the body, which are 
welded at the tower top. To explain, the saddle 
trough is the cast part of the saddle directly in 
contact with the main cable ensuring the deviation 
of the cable at the tower top while the saddle body 
is standardly a plated structure supporting the 
saddle trough and transferring the load from the 
trough to the tower top. This would include heavy 
overhead welding at considerable heights.  

Another alternative would be to change the saddle 
design. A saddle with Messina Bridge type of 
trough (refer to Figure 5-4) would allow to split the 
trough into smaller plates assembled at the tower 
top since plates A-J are individual trough plates. 
Nevertheless, these pieces are characterized by 
spatial curvature and each piece with a different 
one, thus the fabrication would become 
considerably complex due to high requirement in 
precision. It is noted that this type of trough has 
been developed on a concept level and its 
constructability requires a further confirmation.  

Figure 5-4. Messina Bridge saddle trough 

Other alternative design is represented by a saddle 
trough sitting on a concrete plinth. This has been 
previously done on Hardanger Bridge (Norway). 
However, the forces transferred by the saddle are 
significantly lower than in case of ShiZiYang Bridge. 

6 Discussion 
The limitations to what size of main cable can be 
considered as realistic seem to be related mainly to 
construction concerns. From the design point of 
view, the main cables of 1,409 m diameter appear 
feasible.  

Table 2 provides an overview of cable size 
depending on the cable strength. Also, the 
contribution of cable self weight to the 
characteristic load in the cable is evaluated. It can 
be seen that the cable weight contributes by a 
maximum of 26% to the total cable force. However 
the differences between the diameters may lead to 
conclusion that some of the cable strengths are not 
practical due to construction related concerns. 
Naturally, the quantities increase with the 
reduction of cable strength. 
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Table 2. Cable diameter dependance on cable 
strength 

Cable strength 
[MPa] 

Cable 
diameter 

[m] 

Self weight 
load 

contribution 
[-] 

2160 1,379 22% 

2060 1,409 23% 

1960 1,447 24% 

1860 1,483 25% 

1770 1,533 26% 

7 Conclusion 
The main cables of ShiZiYang Bridge are 
considerably larger than any previously 
constructed and raise concerns related to their 
feasibility due to lack of experience with such sizes. 

Design-wise, the evaluation comes to a conclusion 
that the main cable of roughly 1,4 m diameter 
seems feasible. In terms of construction, an 
additional assessment led by the bridge contractor 
in a detail design stage should provide further 
conclusions whether this size of the cable can be 
constructed. 

Considering an option with dual main cables, there 
are several disadvantages and generally it leads to 
increased complexity and cost, yet the concerns 
related to compaction my lead to decision of 
selecting this alternative for ShiZiYang Bridge. 
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Abstract 
From 20th century, infrastructure in China has experienced rapid development, especially in mega 
cable supported bridges. COWI had the honour and opportunity to participate in some of the 
prestigious mega bridge/sea crossing projects, and thus gained in-depth knowledge in the bridge 
design following Chinese traditions. The mutual corporation on these projects between COWI and 
the Chinese designers as well as Chinese project owners has closed the knowledge gap of design 
and construction methods by Chinese tradition and Danish tradition, and also enhanced the 
technical development and know-how of modern bridge design.   

In this paper, some of the challenging issues for mega suspension bridges are presented, where the 
Chinese way and Danish way in addressing aerodynamic flutter stability, design of hanger system, 
and anchor block & foundation are described and discussed. 

Keywords: cable supported bridges; suspension bridges; aerodynamic performance; flutter check 
wind speed; flutter critical wind speed; hanger system; anchor block; anchor block foundation. 

1 Introduction 
From 20th century, infrastructure in China has 
experienced rapid development, especially in 
mega cable supported bridges. By 2022, for the 
bridges completed or under construction, among 
the world top ten longest sea crossing links, cable 
stayed bridges and suspension bridges, more than 
60% are built in China. 

COWI has had the honour and opportunity to 
participate in some of the prestigious mega cable 
supported bridge projects in China, and thus gained 
in-depth knowledge in the bridge design following 
Chinese traditions. The mutual corporation on 
these projects between COWI and the Chinese 
designers as well as Chinese project owners has 
closed the knowledge gap of design and 

construction methods by Chinese tradition and 
Danish tradition, and also enhanced the technical 
development and know-how of modern bridge 
design. 

Worldwide, COWI has participated in the 
construction of many world-famous modern 
suspension bridges, among them are Great Belt 
suspension bridge, High Coast bridge, Osman Gazi 
(Izmit) bridge, 3rd Bosporus bridge, Hålogaland 
bridge, 1915 Canakkale bridge etc. 

Although the engineering world is often considered 
as an exact science, things are not always black and 
white. In many cases, there could be several 
solutions which are equally feasible and optimal, all 
depending on construction conditions, project 
owner’s and designer’s preferences towards safety 
and risks, construction methods, construction cost, 
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durability and life cycle cost etc. Therefore, the 
solutions for the topics discussed in this paper are 
not meant to say which are right or wrong, which 
are good or bad, it is merely to demonstrate the 
different solutions by Chinese and Danish way. 

In this paper, the options by Chinese way and 
Danish way on the following key issues for the 
mega suspension bridges are presented and 
discussed: 

• Aerodynamic performance – flutter stability

• Hanger system design

• Anchor Block & foundation Design

2 COWI's involvement in Chinese 
mega suspension bridges 

Since 2000, COWI has been involved in a number of 
mega bridges and sea crossing projects in China, 
example as below: 

Bridge Name/location Bridge type/main span 

Main bridge of Sutong 
Bridge, JiangSu province 

Cable stayed bridge 
main span 1088m 

Main bridge of ShangHai 
Yangtze River Bridge 

Cable stayed bridge 
main span 730m 

Shanghai 2nd Minpu 
Bridge 

Cable stayed bridge, 
double deck truss girder 
main span 251m 

CangKou bridge of 
QingDao Bay Crossing 

Extra dosed bridge 
Main span 260m 

Main bridge of JinTang 
Bridge, Zhejiang 
province 

Cable stayed bridge 
main span 620m 

XiHouMen bridge, 
ZheJiang province, 

Suspension bridge 
Main span 1650m 

HongKong-ZhuHai-
Macao Bridge, 
GuangDong province 

Sea crossing, main part 
appro. 24km, including 
immersed tunnel of 
6.7km, approximately 
17km of bridges, and 2 
artificial islands 

JinShaJiang railway 
bridge, YunNan province 

Suspension bridge for 
railway, main span 660m 

Main bridge of 
ShengZhong Link, 
GuangDong province 

Suspension bridge 
Main span 1666m 

XianXin Road bridge,  
Jiangsu province 

Suspension bridge 
main span 1760m 

Main bridge of 
ZhangJingGao Bridge, 
Jiangsu province 

Suspension bridge 
Main span 2300 

Main bridge of ShiZiYang 
bridge, GuangDong 
province 

Suspension bridge 
Double deck truss girder 
Main span 2180m 

2.1 Mega Chinese suspension bridges 
which COWI are involved 

Among the Chinese bridge projects, the suspension 
bridges and COWI's work scope are briefly 
described below. 

• XiHouMen Suspension bridge

The bridge is located in ZhouShan Island in ZheJiang 
province. It is a suspension bridge with main span 
of 1650m, twin box girder, carrying 2x4 traffic lanes. 
The bridge was opened to traffic in 2009.  

Figure 2-1. XiHouMen Bridge [4] 

Employed by the bridge owner Zhoushan Liandao 
Projects Construction Headquarter, COWI carried 
out independent aerodynamic study including 
independent wind tunnel tests focusing on vortex 
induced vibration and bridge flutter stability. 

• JinShaJiang railway suspension bridge

The bridge connects LiJiang and XiangGeRiLa 
crossing JinShaJiang. The bridge has main span 
660m, truss girder, carrying railway traffic with 
design speed 120km/h. The bridge construction 
was completed in 2020. 
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Employed by China Railway ErYuan Engineering 
Croup Co. Ltd., COWI carried out the independent 
design review and consultancy for preliminary 
design and detailed design. 

Figure 2-2. JinShaJiang suspension Bridge [5] 

• LingDingYang suspension bridge of ShenZhong 
Link

The bridge is the main bridge of ShenZhong Link, 
main span of 1666m，carrying 2x3 traffic lanes. 
The bridge is under construction in 2022. 

Figure 2-3. LingDingYang suspension bridge (under 
construction) [6]

Invited by Administration Center of ShenZong Link, 
COWI participated in the general design concept 
competition of the ShenZhong link. In the following 
stages, COWI carried out the independent design 
review of the preliminary design and detailed 
design as well as construction following up of the 
LingDingYang bridge, in joint venture with SMEDI, 
CCCC CFHCC and China railway CRTDI. 

• XianXin Road suspension bridge

The bridge is located in Nanjing crossing Yangtze 
River, main span 1760m, carrying 2x6 traffic lanes. 
The bridge is under construction in 2022. 

Employed by the project owner Nanjing Public 
Project Construction Center, COWI carried out the 
independent review of aerodynamic performance 
of the bridge. 

Figure 2-4. Rendering of XianXin Road suspension 
bridge (under construction) [7] 

• ZhangJingGao Yangtze River bridge

The bridge crosses Yangtze River connecting 
ZhangJiaGang and RuGao in Jiangsu province. The 
main bridge is a suspension bridge with main span 
of 2300m, carrying 2x4 traffic lanes. The bridge is 
under construction in 2022.   

Figure 2-5. Rendering of ZhangJingGao suspension 
bridge (under construction) [8]

COWI is the international sub-consultant for BRDI 
(China Railway Major Bridge Reconnaissance & 
Design Institute, Co. Ltd.), work scope included the 
independent design review and consultancy for the 
preliminary design, focusing on the general 
performance, bridge articulation, aerodynamic 
performance, and anchor blocks as well as its 
foundation. 

• ShiZiYang suspension bridge

The bridge is located in Pearl River Delta area in 
GuangDong province, main span 2180m, double 
deck truss girder, carry 2x8 lanes of traffic on the 2 
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levels of truss girder. The bridge is planned to start 
construction in 2023. 

COWI is the international sub-consultant to HPDI 
(CCCC Highway Consultants Co. Ltd), work scope 
includes preparing an option of general scheme 
design, independent design review and consulting 
of the preliminary design, and afterwards review 
and consulting on specific issues in the technical 
design stage. 

Figure 2-6. Rendering of ShiZiYang suspension 
bridge (under construction) [9] 

3 Aerodynamic performance – 
flutter stability 

For mega suspension bridges, flutter stability is one 
of the most critical issues when selecting 
suspended girder type, for example, whether the 
girder should be twin box girder or even triple box 
girder or simply a mono box girder. The different 
approach towards safety and risk related to flutter 
stability plays an important role in evaluation of the 
bridge flutter stability. 

3.1 Flutter check wind speed – Chinese 
code 

In Ref. [1] JTGT 3360-01-2018 Wind Resistance 
Design Code, the flutter check wind speed is 
determined in clause 7.5.8: 

𝑉𝑉𝑓𝑓 = 𝛾𝛾𝑓𝑓𝛾𝛾𝑡𝑡𝛾𝛾𝛼𝛼𝑉𝑉𝑑𝑑 (1) 

Where: 

𝑉𝑉𝑓𝑓 – flutter check wind speed (m/s) 

𝑉𝑉𝑑𝑑 – Design reference wind speed (m/s), a mean 
wind speed at height z corresponding to basic 
wind speed with 100 years return period. 

𝛾𝛾𝑓𝑓– partial coefficient of flutter stability, related 
to how the flutter check wind speed is 
determined. If the flutter stability is verified 
by wind tunnel test, 𝛾𝛾𝑓𝑓=1.15. 

𝛾𝛾𝑡𝑡– Partial coefficient of spatial influence of wind 
speed fluctuation, related to main span 
length, taken from table 7.5.8. For bridge 
with main span of 2000m, 𝛾𝛾𝑡𝑡=1.17.

γα – Partial coefficient of wind attack angle. For 
wind attack angle a -3o, 0o and -3o, 𝛾𝛾𝛼𝛼=1.0. 

Example of a fictive bridge: 

Take an example of a fictive bridge, main span 
2000m. The design reference wind speed at deck 
level is Vd=47.5m/s. Flutter stability is verified by 
wind tunnel tests, both section model and full-
bridge model. Wind attack angle is from +3 o ~ -3 o. 

According to Eqn. (1), the flutter check wind speed 
is thus: 

𝑉𝑉𝑓𝑓 = 1.15 × 1.17 × 1.0 × 47.5 = 63.9𝑚𝑚 𝑠𝑠⁄

𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓 𝑠𝑠𝑠𝑠𝑓𝑓𝑓𝑓𝑓𝑓𝑠𝑠 𝑓𝑓𝑠𝑠𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓 
𝑉𝑉𝑓𝑓
𝑉𝑉𝑑𝑑

= 1.35 

3.2 Flutter check wind speed – European 
practice 

According to Ref.[2] PD 66881-4 2009, BSI British 
Standards-Background information to the NA BS 
EN 1991-1-4 and additional guidance, Annex A.5, 
it states: 

- For bridges where stability with respect to
divergent amplitude response is established
by section-model wind tunnel tests, the
testing stability should be demonstrated up
to the wind speed criterion 𝑉𝑉𝑊𝑊0 given by
formular A.35:

𝑉𝑉𝑊𝑊𝑊𝑊 = 𝐾𝐾1𝑉𝑉𝐾𝐾1𝐴𝐴𝑉𝑉𝑚𝑚(𝑧𝑧)(1 + 2𝐼𝐼𝑉𝑉(𝑧𝑧)√𝐵𝐵2)  (2)

- In case the stability is verified by full-model
testing, the criterion should be wind speed
𝑉𝑉𝑊𝑊𝑊𝑊 given by formular A.37:

𝑉𝑉𝑊𝑊𝑊𝑊 = 𝐾𝐾1𝑉𝑉𝐾𝐾1𝐴𝐴𝑉𝑉𝑚𝑚(𝑧𝑧)(1 + 𝐼𝐼𝑉𝑉(𝑧𝑧)�𝐵𝐵2)  (3)

Where: 
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𝐾𝐾1𝑉𝑉–  a factor to cover the uncertainties of 
prediction in this field. Default 𝐾𝐾1𝑉𝑉=1.1 

𝐾𝐾1𝐴𝐴 − a coefficient selected to give an appropriate 
low probability of occurrence of these 
severe forms of oscillation. For location in 
UK, 𝐾𝐾1𝐴𝐴=1.25. Higher values for other 
locations, typically 𝐾𝐾1𝐴𝐴=1.4 for a tropical 
cyclone-prone location. 

𝑉𝑉𝑚𝑚 − Mean wind speed at the deck. 

𝐼𝐼𝑣𝑣(𝑧𝑧) − turbulent intensity at height z(m), in 
bridge longitudinal direction. 

𝐵𝐵2 − the background factor allowing for the lack 
of full correlation of the pressure on the 
structure surface. It may be calculated 
according to EN 1991-1-4:2007 Annex B, 
formular (B.3). On safe side, 𝐵𝐵2 can be taken 
as 1. 

It should be noted that the flutter check wind 
speed formula in European practice is correlated 
for a basic wind speed with 50 years return period. 
For wind with 100 years return period, the 
parameters in the formulas might need to be re-
adjusted. However, due to lack of information, we 
still assume the formula mentioned above can be 
used for wind with 100 years return period as well. 

Example of a fictive bridge: 

Take the same example of a fictive bridge as in 
section 3.1. Assume the bridge location is in the 
area where 𝐾𝐾1𝐴𝐴=1.25 is justified. 
The turbulent intensity is taken from Chinese code 
JTGT 3360-01-2018, table 4.3.1 for height 
70m<z≤100m, i.e. 𝐼𝐼𝑣𝑣=0.11 for terrain type A.  

When the flutter stability is verified by section 
model wind tunnel test, the flutter check wind 
speed according to Eqn. (2) is: 

𝑉𝑉𝑊𝑊𝑊𝑊 = 1.1 × 1.25 × 47.5 × (1 + 2 × 0.11 × √1)
= 79.7𝑚𝑚 𝑠𝑠⁄

𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓 𝑠𝑠𝑠𝑠𝑓𝑓𝑓𝑓𝑓𝑓𝑠𝑠 𝑓𝑓𝑠𝑠𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓 
𝑉𝑉𝑊𝑊𝑊𝑊

𝑉𝑉𝑚𝑚
= 1.68 

When the flutter stability is verified by full bridge 
model wind tunnel test, the flutter check wind 
speed according to Eqn. (3) is: 

𝑉𝑉𝑊𝑊𝑊𝑊 = 1.1 × 1.25 × 47.5 × (1 + 0.11 × √1)
= 72.5𝑚𝑚 𝑠𝑠⁄

𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓 𝑠𝑠𝑠𝑠𝑓𝑓𝑓𝑓𝑓𝑓𝑠𝑠 𝑓𝑓𝑠𝑠𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓 
𝑉𝑉𝑊𝑊𝑊𝑊

𝑉𝑉𝑚𝑚
= 1.53 

If 𝐼𝐼𝑣𝑣(𝑧𝑧)=0, i.e. no turbulence is taken into account, 
there is no difference in the flutter check wind 
speed if the stability is checked by section model or 
full bridge mode wind tunnel test, the flutter check 
wind speed becomes: 

𝑉𝑉𝑊𝑊 = 𝐾𝐾1𝑉𝑉𝐾𝐾1𝐴𝐴𝑉𝑉𝑚𝑚(𝑧𝑧) = 1.1 × 1.25 × 47.5
= 65.3𝑚𝑚 𝑠𝑠⁄

𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓 𝑠𝑠𝑠𝑠𝑓𝑓𝑓𝑓𝑓𝑓𝑠𝑠 𝑓𝑓𝑠𝑠𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓 
𝑉𝑉𝑊𝑊𝑊𝑊

𝑉𝑉𝑚𝑚
= 1.375 

3.3 Flutter check wind speed – discussion 

By the flutter check wind speed calculated 
according to Chinese code and European practice, 
it can be seen that: 

› The ratio of flutter check wind speed over
design reference speed, i.e. so called flutter
safety factor, formula (2) and (3) yields a much
higher value than Chinese code formula (1).

› In European practice, different flutter check
wind speeds are defined for section model
wind tunnel test and full-bridge model wind
tunnel test, taking into account that the full
bridge model wind tunnel tests lead to a more
reliable simulation of the bridge stability
performance. Whereas in Chinese code,
whether the flutter stability is verified by
section model or by full bridge model wind
tunnel tests, there is no difference in flutter
check wind speed.

› In European practice formula of flutter check
wind speed, the factor K1V =1.1 is to cover the
uncertainties in wind engineering. Similar
factor might be hidden in the parameter γf in
Chinese code, but it is not clearly indicated.

› The flutter safety factor obtained by formula
in Chinese code is 1.35. A similar flutter safety
factor of 1.375 is obtained by formulas in
European practice where no turbulent is taken 
into account and the bridge is not located in a
tropical cyclone-prone area.

With the climate change, there may be a high risk 
of more extreme wind conditions in the future 
(within the lifetime of the bridges). Therefore, in 
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bridges designed by COWI, a sufficient safety 
margin between the flutter critical wind speed and 
the flutter check wind speed is recommended 
when appropriate, allowing the room for possible 
future deteriorated wind conditions. Alternative, a 
higher value of basic reference wind speed than 
codified value could be selected to take the climate 
change into account when designing in cyclone-
prone areas. 

3.4 Flutter stability – additional additives 
on bridge deck 

From the suspension bridges in China where COWI 
has been involved, we see a tendency that the 
bridge designers prefer to maintain mono box 
girder by installing so called stabilizing plates on the 
deck in order to increase the flutter critical wind 
speed. The stabilizing plates, height in the range of 
1.2m to 1.4m, are installed on bridge deck, for 
some bridges stabilizing plates beneath the girder 
bottom are also necessary.  

By installing such stabilizing plates, the wind tunnel 
tests showed an increased flutter critical wind 
speed, which enabled the bridge with mono box 
girder to barely meet the flutter check wind speed 
with small margin. 

For the bridges designed by COWI, the intention 
normally is to ensure that the permanent 
structures have sufficient flutter stability, so the 
flutter performance does not rely on the additional 
additives on the bridge. The main concern for not 
letting the bridge flutter stability rely on additional 
additives is that the lifetime of the bridges normally 
is more than 100 years, and the additional additives 
might fall off or be removed or be modified in the 
bridge lifetime due to mal maintenance or need of 
road usage or oblivion of the functions, in this case 
the bridge might be endangered. Besides, it is 
always prudent to have some spare measures for 
unforeseeable worse conditions which might occur 
in the bridge lifetime. 

Instead of the additional additives on bridge deck, 
COWI design normally would adopt a twin-box 
girder option when mono box girder option fails to 
satisfy the flutter stability requirement. For 
example, the Canakkale bridge in Turkey, main 

span is 2023m, the basic wind speed is 29m/s, the 
design mean wind speed at deck level is 45.5m/s, 
the flutter check wind speed according to European 
practice is 68.8m/s. Twin box girder option is 
selected, and the full bridge model wind tunnel 
tests showed flutter critical wind speed >93m/s in 
smooth flow.  

4 Hanger system design 
In principle，when considering the connection of 
hanger ropes with cable clamps and deck, there are 
2 types of hanger system, so called pin-to-pin 
hanger system and over-slung hanger system. 

4.1 Preference of Chinese way 

On the Chinese mega suspension bridges where 
COWI has been involved, we see a tendency that 
over-slung hanger systems are widely applied, 
example is illustrated in Figure 4-1. 

4.2 Preference of Danish way 

In the suspension bridges designed by COWI, since 
the Little Belt suspension bridge which was 
designed and constructed in 1960s, the hangers 
normally are pin-to-pin system. The similar hanger 
system has also been adopted on Great Belt 
suspension bridge, Hålogaland bridge, Izmit Bridge 
and Canakkale suspension bridge where external 
HDPE sheathing is extruded to increase durability 
and reduce maintenance work during the 
operational phase. In comparison, the alternative 
with paint requires significantly more extensive 
maintenance. Figure 4-2 shows the hangers 
applied on Hålogaland suspension bridge. 

Figure 4-1. Hangers on XiHouMen Bridge [10] 
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Figure 4-2 Hangers on Hålogaland bridge 

4.3 Discussion 

Both hanger systems are feasible and widely 
used on suspension bridges worldwide. 

However, there are some special issues in the 
over-slung hanger system that the design shall 
pay attention to: 

• When a relatively large displacement between
bridge deck and main cable are found at places
such as mid-span or at anchor block, for
example under seismic load or wind loads, in
longitudinal as well as transverse direction, this
will result in a larger hanger rotation in the short 
hangers in both longitudinal direction and
transverse direction. These hanger rotations are
especially observed when the central lock at
lower point of main cable is removed. The
central lock has been used to minimize deck
movement and was used on the Great Belt
bridge. This solution is however costly and the
introduction of buffer systems at towers are
now widely used.

• The hanger rotations lead to higher stresses in
the wires due to bending of the hanger cables.

• The cable clamps should be designed to allow
for certain angle change. It should be checked
that the clamps have sufficient capacity to
accommodate the change of angles due to the
possible large rotation of hangers

• Bending of the hanger cables at the sockets
could be reduced by introducing spherical
bearings, especially to the shorter hangers. The
spherical bearings allow both longitudinal and
transverse rotations. Below is the example of
Great Belt Bridge where spherical bearings were 

installed for shorter hangers at expansion joints 

[14]

No matter which hanger system is used, special 
attention should be paid to the short hangers 
which may subject to dynamic loads (from winds 
and traffic) and bending in transverse direction due 
to transverse wind and unbalanced traffic loads. 

5 Anchor block design 
Gravity type anchor blocks where the main cable 
force is resisted entirely by gravity is commonly 
seen in suspension bridges, offshore or onshore. 
Construction of the anchor block and its foundation 
constitutes a substantial part of the total 
construction cost. Due to its size, the anchor block 
also impacts the aesthetic view of the bridge 
significantly. 

5.1 Preference of Chinese way 

In the mega suspension bridges in China, quite a 
few anchor blocks have the anchor chambers 
above ground or water. Example as shown below. 

Figure 5-1.Anchor block of NanSha bridge [11]
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Figure 5-2. Anchor block of WuFengShan Bridge [12] 

5.2 Preference of Danish way 

The Great Belt suspension bridge was designed by 
COWI in 1990s. The bridge was opened to traffic in 
1998. The anchor block of Great Belt bridge is 
shown in Figure 5-4, where the post tensioned 
tendons are anchored below sea level, and the 
ducts of the post tensioned tendons are grouted. 
The splay chamber is dehumidified. 

Recent completed suspension bridges designed by 
COWI, where gravity anchor blocks are adopted, 
such as Osman Gazi bridge (also known as Izmit 
bridge) and 1915 Canakkale bridge in Turkey, the 
anchor block arrangements are shown in Figure 5-5 
and Figure 5-6, where the post tensioned tendons 
are anchored below water level. The ducts of the 
post tensioned tendons are not grouted, instead 
dehumidification system is installed for corrosion 
protection of the post tensioned tendons. 

Figure 5-3. Anchor block of Great Belt Suspension 
bridge [14] 

Figure 5-4. Anchor block of Osman Gazi bridge [13]

Figure 5-5. Anchor block of Canakkale bridge [3] 

There are significant advantages by choosing such 
arrangement of anchor blocks:  

• Reduced quantities for anchor block due to
synergy between foundation and anchor block

• Reduced overturning moment from main cable
force due to lower splay saddle point and hence
reducing the required overall foundation size.

• Inspection and even replacement of tendons
can be done in case a dehumidification system
is installed.

• Improved aesthetic view

5.3 Discussion 

By technical discussions with the Chinese designers, 
it is understood that one of the main arguments for 
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placing the anchor chamber high is due to 
consideration of durability of the post tensioned 
tendons for anchoring the main cables. Another 
reason is that sufficient weight is necessary for 
providing the friction in order to resist the large 
horizontal components of the main cable forces. 

The preference of Danish way is to optimize the 
loads on the anchor block by synchronizing the 
anchor block with its foundation, thus optimizing 
the quantities. The horizontal shear resistance is 
increased by some special structural measures, for 
example on Canakkale bridge anchor block 
foundation, barrettes (diaphragm panels) are 
installed to enhance geotechnical resistance in the 
bridge longitudinal direction [3].  Sand ballast can be 
used to achieve a cost-efficient mass as done for 
the Great Belt bridge. 

The resulting position of the prestressing 
anchorage system partly below ground water level 
or sea water level should be carefully considered in 
the design and during construction of the 
dehumidified PT ducts and the surrounding 
concrete to guarantee watertightness. Instead of 
standard PT-duct special high pressure watertight 
pipes should be used, combined with 
dehumidification.  

6 Conclusions 
The Chinese way and the Danish way of addressing 
some critical aspects in mega suspension bridges 
are described and discussed. The different ways are 
feasible and applied worldwide. For mega 
suspension bridges, the assessment and decision 
on selecting flutter check wind speed is critical 
when evaluating the bridge flutter stability which 
will dictate the choice of bridge deck type and the 
additional additives. The choice of hanger systems, 
anchor block and its foundation will impact on the 
construction cost, maintenance cost, durability as 
well aesthetic view of the bridge. It is believed that 
by sharing knowledge and experiences in bridge 
design, construction and operation internationally, 
the future mega suspension bridges will become 
safer, more cost-effective and more durable.  
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Abstract 

The ShiZiYang suspension bridge in the Guangdong province in China will when constructed have a 
world record main span of 2180 m and carry an impressive 2 x 8 lanes of traffic on the double-deck 
truss girder. A bridge of this previously unmatched proportion requires innovative design concepts 
to develop a feasible and constructable bridge. The ShiZiYang Crossing owner organization invited 
three well-known bridge design companies in the initial design process to develop different options 
for overall configuration of girder, tower, anchorage, and cable system. Each of the different 
concepts have their own merits and regardless which one is chosen it will be on the limit to what 
has previously been achieved. While focusing on minimizing the deck weight, many other items 
must be taken into consideration such as aerodynamic stability, operation and maintenance, 
construction, cost, and aesthetic value. Comprehensive comparison of various options was thus 
carried out to select promising options that can serve as the basis for work of the next phase.   

Keywords: ShiZiYang; general scheme design; suspension bridge; truss girder; double deck 
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1 Introduction 
The proposed ShiZiYang Crossing stretching a 
length of around 35km is located in the heart of the 
Pearl River Delta, some 3.6km away from the 
upstream Nansha Link and 8.0km away from the 
downstream Humen Bridge. Its main bridge – the 
ShiZiYang Bridge – is a two-level truss-girder 
suspension bridge that is designed to fly across the 
ShiZiYang Sea with a record main span of 2180m. 
The river-crossing section of the ShiZiYang Crossing 
is to be built as 2 x 8 lanes expressway.  

The ShiZiYang Bridge when constructed will 
become the longest two-level truss-girder 
suspension bridge in the world. The Bridge will set 
records in span, load, and deck width, and will have 
to tackle challenges from coupling effects of 
various factors including violent typhoons and 
hygrothermal environment.  

With the Bridge’s daunting technical difficulty and 
high-quality requirements in mind, a new working 
arrangement was made by engaging three bridge 
design companies to work simultaneously in the 
general scheme design stage of the preliminary 
design phase. The three companies are: CCCC 
Highway Consultants Co. Ltd. (hereinafter HPDI), 
the bid winner of package A2-1; China Railway 
Major Bridge Reconnaissance & Design Institute 
Co., Ltd. (hereinafter BRDI), the bid winner of 
package A2-2; and Denmark COWI A/S (hereinafter 
COWI), the design consultant of the main bridge. 
To make sure the final chosen option for the main 
bridge is the most suitable one for its construction 
conditions, the three companies investigated 
various suspension options (two-truss two-cable, 
two-truss four-cable, three-truss two-cable, three-
truss three-cable solutions; vertical cable plane and 
spatial cable plane solutions) and cable-stayed 
suspension hybrid options. During the 
brainstorming almost all possible options were 
argued and compared, and the state-of-art 
technologies in mega suspension bridges at home 
and abroad were considered and reflected in 
design results.  

The purposes of the general scheme design are to 
decide main technical parameters, collect design 
basis data, perform necessary subject studies, and 
make conceptual design for ShiZiYang Bridge which 
covers truss girder types, cable materials and 
parameters, pylon design and configurations, 
anchor block and foundation, etc. 

In this paper proposals from HPDI and COWI that 
can respectively represent China and overseas are 
presented. The two companies based on their own 
understanding had contributed varied and 
distinctive proposals.  

2 General Conditions 

2.1 Main technical parameters 

The scheme design uses the following basic 
technical parameters: two-level deck of 8+8 
carriageways in expressway standard and with 
design speed of 100km/h; 100 years of design life 
of the major structure; highway Grade-I load for 
vehicle load category; Earthquake action E1 (10% 
exceedance probability of 100 years) and 
earthquake action E2 (4% exceedance probability 
of 100 years) for seismic design. The basic wind 
speed Us10 of the Bridge is 37.9m/s. The impact 
force to the west pylon is 26.2MN in the transverse 
direction and 13.1MN in the longitudinal direction. 

2.2 Main principles to be followed in the 
General Scheme Design 

In view of the fact that the Shiziyang Bridge shall 
satisfy the functional requirements of carrying 16-
lanes expressway on double-decks and with main 
span up to 2180m, it is characterized by its super 
large span, super heavy load and super wide deck, 
the main principles to be followed in the General 
Scheme Design are: 

o Structural safety, applicability
o The rationality of life cycle cost, and

economics of the structures
o Bridge landscape and aesthetic value
o Construction method that is feasible, mature,

advanced and efficient
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o Fast and convenient operation and
maintenance etc.

2.3 Unified basis for the General Scheme 
Design 

The three design companies in the general scheme 
design stage have been working with the below 
unified basis. 

o Alignment plan and profile: follow the same
parameters.

o General layout: Framed by navigation, flood
control and landscape conditions, general
layout such as the bridge span, locations of
pylons and anchor blocks are almost fixed. The 
bridge elevation is shown in Figure 1.

o Girder type: two-level steel truss girder.
o Design code: relevant Chinese codes.
o Safety factor of the main cable: 2.3.

Figure 1. Elevation of ShiZiYang Bridge (unit: m) 

Figure 2. Plan of ShiZiYang Bridge (unit: m) 

3 General Scheme Design Option - 
HPDI [1] 

3.1 General thoughts 

The main span of 2,180m of the main bridge can be 
achieved either by suspension system or 
suspension cable-stayed hybrid system. Steel 
trusses can be in two or three pieces. Number of 
main cables can be two, three, or four, either in 
vertical cable plane or spatial cable plane.  

Spatial cable plane is helpful in improving the 
structure’s rigidity, but in the case of ShiZiYang 

Bridge, vertical cable plane can provide sufficient 
rigidity and aerodynamic stability as well. It thus 
was decided to drop spatial cable plane solution for 
its intimidating construction challenges and risks.  

Application of suspension cable-stayed hybrid 
system will mean ground anchor for the stay cables 
because the east side span is located in a 1108m 
horizontal curve. The resulting woes such as poor 
applicability, high construction risks, and 
unpleasant aesthetic appearance made the design 
team drop this solution as well. 

As a result, three solutions including two-truss two-
cable, two-truss four-cable, and three-truss three-
cable solutions were studied in equal depth.  

3.2 Architectural design 

The ShiZiYang Bridge with its location in the core 
area of the Greater Bay Area will become an icon 
that attracts great attention. This calls for the 
Bridge to fit well into the surroundings and to 
represent state-of-art technologies and 
architecture. The unsurpassed dimensions of the 
Bridge and the surrounding environment require 
the Bridge to be simple, natural, elegant, and 
modern, a timeless structure that the audience will 
never get tired of. Architectural design of the 
Bridge has to obey basic aesthetic principles in 
proportions, balance, and rhythm.  

With the above-mentioned principles in mind, 
HPDI, together with Denmark DISSING + WEITLING 
(architect), proposed a classic H pylon option and 
an elegant portal pylon option. 

The H pylon is as shown in Figure 3. It is a classic 
design with novel details. With the pylon leg 
section consisting of four slight arches the pylon 
looks soft and gentle. The cross beams are in arch 
shapes as well and connect with the pylon legs 
seamlessly. Looking up you will find the cross 
beams appear in bow tie shapes, giving both 
consistent and rich visual effect. This pylon is 
conventional in configuration, but stands out with 
its unmatched slenderness and elegant 
proportioning and detailing. 
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The portal pylon shown in Figure 4 appears like a 
slab with three oval block outs or perhaps rather 
like a frame round three oval forms. It’s sculpture 
form is elegant and beautifully proportioned, 
making the pylon unique and instantly recognizable. 
The long-lasting circle element symbols strong 
inclusiveness and infinite potential, which agrees 
well with the openness and inclusiveness of the 
Greater Bay Area. Simple elements here have 
created rich and ordered visual feelings.  

Figure 3. H pylon 

Figure 4. Portal pylon 

3.3 Parameters of the truss girder 

Figure 5 shows truss types normally used. 

Figure 5. Truss types 

Warren truss is used for its unified chord 
specification, less nodes, simple appearance, and 
clear force transfer path.  

The segmental model wind tunnel test of the main 
girder and the double-deck clearance requires the 
truss height to be 13.5m.  

Calculation shows that force bearing is the best 
when each truss segment is 16m long and the web 
inclination is about 60°.  

Combination of slabs and trusses is adopted as it 
can improve structural rigidity, reduce operation 
and maintenance workload, boost driving comfort, 
and save about 15% steel consumption.  

Open and closed deck system for both the 
undersides of upper and lower decks were argued. 
Open deck system is applied for the moment 
considering various factors of load bearing, steel 
consumption, maintenance, and durability. Study 
of this will continue in next phase combining the 
results of wind performance of the completed 
bridge.  

3.4 Design schemes 

In this section the two-truss two-cable, two-truss 
three-cable, and three-truss three-cable solutions 
are briefed.  

3.4.1 Two-truss two-cable solution 

(1) Girder

V-shaped warren truss of 13.5m height is used. The
chord member is in box section and the inclined
web in I shape. The cross beam is of variable
heights.
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Figure 6. Typical cross section of two-truss two-
cable girder (unit: mm) 

Figure 7. Perspective of two-cable girder 

(2) Pylons

Three types of pylons including concrete pylon, 
steel-concrete pylon and steel pylon were looked 
into. Steel-concrete pylon is recommended in this 
phase for its many merits such as sound load 
bearing capacity, good plasticity and resilience, 
convenient construction, eye-pleasing appearance, 
and durability. The pylon is 330m high, as shown in 
Figure 8.  

Figure 8. Elevation of two-cable pylon (unit: cm) 

(3) Main cables

Prefabricated parallel wire system (PPWS) is 
proposed for main cable erection. Each of the two 
main cables has a maximum calculated cable force 
of 1170,000kN and a diameter of 1.435m which is 
the largest in the world. Each main cable consists 

of 520 cable strands made of steel wires of 5.9mm 
diameter.  

(4) Anchor block

Foundation of the anchor block is in “8” shape 
diaphragm wall as shown in Figure 9. The 
diaphragm wall totals 158m long along the bridge 
direction and consists of two circles each in 
diameter of 100m. The bearing stratum of the 
foundation is of moderately weathered 
argillaceous sandstone.   

Figure 9. Typical configuration of anchor block 
(unit: cm) 

3.4.2 Two-truss four-cable solution 

There are not many suspension bridges in the 
world that use two cables at one side. The rare 
cases with 1000m-level span include George 
Washington Bridge and Verrazano Bridge. The 
four-cable solution uses similar pylon and anchor 
block as that of the two-cable solution. Herein only 
the girder and the main cables are briefly described. 

(1) Girder

Except that the hanger anchorages are specially 
designed to accommodate two cables at one side, 
the girder is identical to that of the two-cable 
solution, refer to Figure 10.  
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Figure 10. Typical cross section of two-truss four-
cable girder (unit: mm) 

(2) Main cables

Using four parallel main cables instead of two large 
main cable can reduce cable force and cable 
diameter. Two main cables each side are arranged 
transversally with horizontal spacing of 3m to 
provide space for cable construction machinery.  

Each main cable has a maximum calculated cable 
force of 590,000 kN and a diameter of 1.02m.  

3.4.3 Three-truss three-cable solution 

In this solution three main cables and three trusses 
are arranged in the transverse direction of the 
bridge.  

(1) Girder

The cross section is widened by 1.9m, as shown in 
Figure 11, to allow the central cable to go to the 
anchor block through the central gap in the girder. 

Figure 11. Typical cross section of three-truss 
three-cable girder (unit: mm) 

(2) Pylons

To accommodate three main cables, two inverted 
triangular shapes are designed in the pylon top, as 
shown in Figure 12.  

Figure 12. Three-cable pylon (unit: cm) 

(3) Main cable

Each main cable has a maximum calculated cable 
force of 780,000 kN and a diameter of 1.18m. It 
consists of 331 cable strands made of steel wires of 
5.15mm diameter.  

4 General Scheme Design Option - 
COWI [2] 

With the technical requirements, construction 
conditions and the owner’s vision for the ShiZiYang 
Crossing, COWI, together with Knight Architects, 
also prepared a concept option for ShiZiYang main 
bridge. 

Since the alignment, the length of the main span, 
the truss deck, the locations of anchor blocks are 
pre-determined by previous investigations, COWI 
studied various tower shapes, truss types, number 
of cable planes, anchor blocks and constructability, 
compared the costs of various options where the 
extra cost related to aesthetic aspects and 
construction challenges are taken into account as 
well. 

The features of the general scheme design option 
recommended by COWI are: 

o A-shaped towers, which naturally leads to
spatial cable planes
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o Pure Warren type longitudinal truss with box
deck at both levels

o Two cable planes with single large diameter
main cables at each side

o Triangular shaped anchor blocks which are
consistent with the triangular shapes in the
tower and Warren trusses of the deck.

Figure 13. ShiZiYang suspension bridge option 
recommended by COWI & Knight Architect 

The details of the COWI recommended design 
option are described below. 

4.1 Architectural Appreciation 

The vision of the proposed option is to, within the 
complex engineering constraints, becoming a 
fitting addition to the natural and built landscape, 
to provide an exceptional user spectator 
experience, as well as contributing to placemaking 
and aiming to become an important part of the 
future identity of the area. A unique bridge for a 
unique part of the world as the Pearl River Delta is, 
with a design in which functionality, structure and 
architecture are indissoluble. 

At the ShiZiYang Crossing site, NanSha suspension 
bridge is located 3.6 km upstream and the HuMen 
suspension bridge is located 8.0 km downstream. 
Due to the width of the water course and the flat 
topography, these bridges will be perceived as a 
group in views.  

Therefore, the ShiZiYang main bridge must be a 
harmonious addition to a valuable landscape which 
celebrates its unique character, use, and history. 
The scheme should capture the public imagination, 
galvanise ambition and contribute to unlock the 

wider value of the whole area. The key design 
elements that offer the opportunity to achieve this 
are: 

o Tower geometry and shaping
o Deck truss type and proportions
o Geometry of anchor blocks for the main cables 

4.2 Tower geometry and shaping 

The towers, because of their scale and verticality, 
are the elements of a suspension bridge with the 
highest impact in how the crossing is perceived and 
remembered. Suspension bridges with similar 
towers may be difficult to distinguish by the non-
specialised public. 

A-shaped towers are selected with the main
reference being the form of the masts of some of
the barges and boats transporting goods along the
ZhuJiang Delta at the beginning of the 19th Century. 
The towers (both for structural and architectural
reasons) will be elegant, memorable, and rooted in
the history of the site. The triangular shape,
combined with the expressive three-dimensional
tapering geometry created by the main cables, will
make the bridge unique, but still part of the family
of bridges crossings in the Delta due to the scale
and common bridge type.

Figure 14. A-shaped tower with deep ocean blue for 
the triangle inserts 

With the aim of making the tower composition 
clear and clean, a faceted dome made of 
translucent fiber reinforced polymer (FRP) is placed 
above the main cable saddles to extend the shape 
and narrow its top. It will glow at night and act as a 
roof for a potential vantage point at the tower tops, 
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a great placemaking opportunity providing 
dramatic panoramic views of the ZhuJiang Delta 
and contributing to the interest of the bridge as a 
destination. 

Figure 15. Tower night view and the panoramic 
view of Pearl River Delta from tower top 

4.3 Deck 

The bridge deck is made up of two closed girders, 
one for each traffic level with triangular edges, 
linked with two planes of diagonals with 
rectangular hollow sections in a Warren truss 
arrangement. This is the cleanest design option 
within the fixed truss cross section.  

The clear voids created by the diagonals relate to 
the triangular shapes in the towers and anchor 
blocks. This provides visual consistency through 
self-similarity, considered an intrinsically aesthetic 
property, without departing from structural 
honesty. The shaped triangular edges of the box 
girders break their visual depth into two by creating 
two different shadows, providing aerodynamic 
benefits, and increasing the perceived slenderness 
of the deck. 

Figure 16. Deck with Warren truss arrangement 

Figure 17. ShiZiYang Bridge - Deck and bridge view 

4.4 Anchor block 

The triangular shape in elevation emerging from 
the pure structural requirements for the anchor 
blocks is an excellent starting point from a visual 
point of view, also consistent with the triangular 
shapes in the tower and Warren trusses of the deck. 

A faceted geometry has been used for the blocks at 
both ends, in a similar approach as in the shaping 
of the towers, to sculpt the base structural shape 
into different surfaces that will vary in how they 
reflect the light. This helps not only to increase the 
visual quality of the blocks, and their apparent 
slenderness, but also to achieve a common 
language across the different bridge elements. 
Inserts in the internal faces of each block add visual 
coherence, contributing to the holistic appearance 
of the crossing. 

Figure 18. Anchor blocks on east and west ends of 
the bridge respectively 
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4.5 Cable configuration 

The main cables are considered as parallel wire 
strand cables of steel strength of 2060 MPa. The 
main purpose of applying the higher steel strength 
is to reduce the main cable diameter. This is an 
advantage considering easier compacting and 
reduced related structures (anchor blocks, saddles, 
cable clamps). However, reduced cable also results 
into more flexible structure 

The main cable diameter is in the order of 1.41 m 
which cross section consists of wires of 5.8 mm 
diameter and each strand is formed of 127 wires.  

Hangers are parallel wire strands (PWS) of steel 
strength 1860 MPa. A standardly used wire 
diameter of 7 mm is assumed. 

The hanger system consists of single hangers with 
the spacing of 20 m. Single hangers have been 
selected due to simpler arrangement of the cable 
clamps and hanger anchorages without using 
excessive hanger section. 

The hangers are connected to cable clamps by 
means of pinned connections at the top, and also 
with pinned connections at the bridge deck eye 
plates.  

4.6 Constructability 

The key construction stages are evaluated for the 
construction aspects of the spatial cable system in 
order to cover all aspects of the spatial cable 
system and provide confidence in the concept. All 
construction aspect has been justified and proven 
by both designer and suspension bridge 
contractors on other projects 

All cable structures and elements of a spatial cable 
system would be almost identical with those of a 
conventional vertical cable plane system, except 
that in the spatial cable system the main cables 
shall be pushed apart before erection of the bridge 
deck. As the catwalks are suspended from the main 
cable, they will follow automatically, requiring only 
minor adjustments. Cross beams/struts between 
the catwalks providing stability and access from 
one catwalk to the other are then installed. 

The successful completion of the Hålogaland 
Bridge in Norway [3], a suspension bridge with 
spatial cable planes opened to traffic in 2018, may 
provide experiences for constructing ShiZiYang 
Bridge.   

4.7 Cost comparison 

Qualitative comparison and quantitative 
estimation of construction cost are carried out for 
the spatial cable plane option and conventional 
vertical cable plane option, where the extra costs 
related to construction aspects are also taken into 
account. For the spatial cable plane option, the 
extra cost of construction is related to stabilization 
of catwalks, pushing apart the main cables before 
erection of the bridge deck. The quantitative 
estimation shows that the material cost for this 
large-scale bridge is very dominant. 

5 Conclusions 
The ShiZiYang Bridge with its unprecedented scale 
brims with technical challenges, which requires 
systematic integration of and innovative 
breakthrough in existing technologies, crafts, 
materials, and equipment. This paper presents the 
schemes from HPDI and COWI, which demonstrate 
the two specialized companies’ expertise, talent, 
and experience in mega suspension bridges.  

The general scheme design results have 
incorporated the latest technology of supper-long 
span suspension bridges at home and abroad. The 
involvement of three bridge design companies 
gained collective insights. The spatial cable plane 
solution is not competitive enough in ShiZiYang 
Bridge for its difficult erection, high construction 
risks, and tough maintenance. The three-cable 
solution is helpful in improving the transverse force 
bearing of the trusses, but anchorage of the central 
cable makes the main bridge and the west 
approach girder even wider which is more costly, 
and stiffening girder of this type is more difficult to 
be manufactured and maintained. It is agreed that 
both the two-cable and the four-cable solutions are 
worthy of further development, which will be 
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further studied in next phase in cable erection, 
accuracy control, cable tightening, wire wrapping, 
cable clamp sliding control, aerodynamic 
performance, and management and maintenance.  
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1 Introduction 

The author of the book "Aesthetics of Bridge 
Design" [1], when introducing the Li River Bridge in 
Guilin and the Taihu Lake Bridge, which he designed, 
quoted a famous architecture professor from Tongji 
University: Guilin is so beautiful that bridges cannot 
compare with it in any way. The bridge could only 
be built there "quietly". 

In order to realize this concept “quietly” to the 
fullest extent possible, the author proposed to the 
author of the book the idea of building an 
underwater bridge in BaiYangDian Lake. This bridge 
was named BaiYangDian-Archimedes Bridge by him. 
According to the Chinese People's Volunteer Army 
team during the war against the United States [2], 
the so-called underwater bridge is this bridge to the 
surface of the water forty or fifty centimetres. It 
enables the river not to flood the exhaust pipe of 
the car, but also hides the bridge well.  Of course, in 
the current era of peace, the bridge in the water 
does not need to be so deep. 

The following is the conceptual design of a 3x50m 
Archimedes (underwater) bridge for a site in 
BaiYangDian Lake. 

2 The bridge position and its 

hydrological situation profile 

According to the website Baidu, the situation of 
BaiYangDian Lake[3] is as follows. According to the 
measurement in 2009, BaiYangDian Lake has a 
water area of 108.8 square kilometres (water level 
7.09 meters). The total area is 336 square 
kilometres (when the Dagu elevation is 10.6 meters), 
with 102.4 million cubic meters of water storage, 
and the ground landscape is dominated by water. 
More than 3700 horizontal and vertical ravines 
divide the entire lake into 143 small lakes of 
different sizes. It is also reported that in recent years, 
the annual diversion of water from the Yellow River 
105~200 million m3 of water is injected into 
BaiYangDian Lake. Its usual water level is 
maintained at 6.6~7.0m; and 105~200 million 
m3/108.8km2m. 

The form of the bridge deck cross-section, or the 
corresponding roadway grade, depends on the 
roadway to be connected at both ends of the bridge. 
If the existing ground beneath the bridge does not 
meet the space requirements for the bridge box, the 
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existing ground will have to be excavated until it 
does. 

For the purpose of the conceptual design of the 
bridge and the visual effect of the drawings, it is 
assumed that the 3x50m bridge is orthogonal, the 
design centreline of the bridge has no flat 
longitudinal curve within the bridge ends, and the 
horizontal and vertical slope of the bridge deck is 0; 
the more beautiful end of the bridge alignment is in 
the north direction; the north-south median of the 
water surface at the bridge location passes through 
the middle area of the second span. 

3 Bridge concept design 

The main bridge for traffic and the underwater 
pedestrian bridges on both sides of the bridge are 
complementary, but spatially separate. Both ends 
of the bridge have height-adjustable roadways or 
steps (+ ramps) at the shore approaches. They are 
connected to the (pedestrian) roads near the shore 
in the north and south directions respectively. The 
vent pipes at the top of the pedestrian bridges near 
directly above the 1 and 2# foundations are to 
extend beyond the water to the same height. They 
give navigation guidance to the navigable parts 
under spans 1 and 3 of this main travel bridge. See 
related BIM presentation for details. 

(I) Main bridge for traffic

Superstructure: 3 kinds of box girders

It is roughly planned that the main bridge is 
"erected" on the 1st, 2nd and 3rd span of 0&1#, 
1&2# and 2&3# foundation respectively. The part of 
the structure is 50m span from south to north: pre-
stressed concrete box girder, steel box girder and 
laminated box girder. These three types of box 
girders (except the steel structure part) can be 
towed from the prefabricated assembly workshop 
on the shore of BaiYangDian Lake to the bridge 
position by waterway. Special attention should be 
paid to some of the reserved positions mentioned 

below when prefabricating the box. The two sides 
of the box along the bridge direction should be set 
up as a separate mezzanine space with high 
confinement, similar to a submarine. In addition to 
the mezzanine space corresponding to the bottom 
of the box of water contact and the outside of the 
reserved positions to leave holes. These holes are 
used for water supply and drainage in the 
mezzanine space. The holes can be opened and 
closed automatically. Please refer to the related 
BIM demonstration for details. 

The structural design of these three types of box 
girders may not take into account the buoyancy 
effect to offset its own (+ both sides of the 
pedestrian bridge) self-weight, i.e., calculated 
according to the conventional specifications, in 
order to prevent accidents such as no water under 
the bridge, but the geometry of these three types of 
box girders should be designed in such a way that 
they can be submerged or floated like a submarine. 

The result of the geometry of these three types of 
box girders is to ensure that they can dive or float 
under water like a submarine. See the BIM 
presentation for details. 

The winter anti-icing method of the bridge deck is 
to adjust the bridge deck to be just above the water 
surface before the water in BaiYangDian Lake 
freezes in winter. At the same time, the collision 
barriers that can "fall down" are all adjusted to a 
long-term upright state. 

Lower structure: 2 types of "support" method 

The mezzanine space in the box of the above bridge 
has the function of drainage and is also used to 
properly reduce the pressure or tension at these 
two "supports". It is better to make it always near 0 
force state, it has the extraordinary ability to 
overcome the vehicle overload.  So it is called 
"overload nemesis". 

Regarding the 1st and 3rd span, the location of the 
bearing needs special treatment.  It should be able 
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to stretch up and down in the highly confined 
columnar cavity reserved in the foundation like a 
jack, and adjust the bridge deck height within a 
certain range with the change of water surface 
elevation. See related BIM demo for details. 

Regarding the second span, the bottom 4 corners of 
the floating bridge box in the water and the corners 
of the corresponding underwater foundation 
between 4 points each use the formation of 
inverted trigonometric space of 3 stainless steel 
(carbon fiber?) chain bolted. The smart telescopic 
rods are installed at the proximity of this chain to 
the bottom corners of the box. This 3x4=12 smart 
telescopic rods can be synchronized to telescope, so 
that the box can float up and down smoothly with 
the change of water surface elevation. In order to 
minimize the swaying of the box caused by the 
asymmetric balance of the traffic load between the 
left and right half of the lane, a balancing device 
similar to a fish's "ventral fin" or "anal fin" can be 
installed at a reserved position along the centre line 
of the box. It can be spread down or retracted. In 
the box along the bridge on both sides of the 
reserved position need to install the balance device. 
This device is similar to the "pectoral fin" and can be 
retracted to the oblique side. In case there is no 
water under the bridge, this span is still equipped 
with the " bearing" method as described above for 
spans 1 and 3. See related BIM demonstration for 
details. 

(II) Navigation

Overview of navigation under span 1 and 3.

In principle, the 1st span is only navigable for the 
incoming vessels traveling from west to east. The 
3rd span is opposite to it. In other words, the 
incoming vessels must follow the principle of "keep 
right". The navigable structure is improved with the 
similar functional structure of Three Gorges Project. 
In other words, a large pit is dug under the navigable 
span from its original ground to accommodate: "the 
three sides near the shore" can be formed into a 

rectangle. The far shore is "concave to the near 
shore direction (the most concave place in the 
design centreline of the bridge and the span of the 
far shore foundation of the cross bridge to the 
centreline of the 2 lines in the water projection 
intersection point) into the halberd blade shape" of 
the upper and lower two layers of concrete 
structure. When the stern of the incoming ship sails 
into this flat concave lens-shaped concrete 
structure in front of the bridge range, from the four 
walls of the flat concave lens-shaped structure rose 
out of the wall to the water surface (the wall, the 
main bridge box and the sidewalk bridge 
underwater conflict need to do some modelling 
treatment. The purpose is to allow it to withstand 
the superstructure, especially in this span of the 
pedestrian bridge due to navigation and so on. 
When there is no water underneath it, it is 
subjected to the pressure caused by both self-
weight and live load), thus encasing the incoming 
ship in a flat concave lenticular "tank" consisting of 
four walls of the upper layer and a rising barrier wall. 
Then open the leakage holes in the "floor" between 
the upper and lower layers. The water in the box 
leaked into the original water-free next layer, until 
the water level in the box dropped to the incoming 
ship can pass smoothly under the bridge, and then 
close the "floor" leak hole. When the stern of the 
incoming ship passes from under the bridge, let the 
water holes reserved for the wall open in order from 
bottom to top when the water level in the "tank" is 
close to it. When the water level in the tank returns 
to the same level as the water level outside, the wall 
is lowered back to its initial position, and then the 
incoming boat leaves. See the related BIM 
demonstration for details. 

It is expected that the above-mentioned opening 
will attract many tourists to experience the boat. 
Therefore, the cell phone APP can be developed, 
which can only be used after paying online each 
time, and only by certain boat bosses who are 
designated and can be identified remotely by means 
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of "face recognition" and other means. They shall 
then coordinate and direct the scheduling of the 
vessels inside and outside his side of the "water tank” 
and carry out the relevant prescribed operations in 
accordance with the "process" described in the 
above paragraph. If we want to use the "standby 
bearing" of the 2nd span for the relevant 
maintenance, only the two "halberd-blade" 
isolation walls under the 1st and 3rd span will be 
raised, and the "halberd-blade tips" in the east and 
west directions will be closed tightly. The place must 
be tightly closed into a convex lens-shaped "pool". 
Then the water in the pool will be discharged to the 
next layer of the next door on both sides of it, but 
the water situation on the first layer can be 
unchanged. At that time the pool of non-bridge, 
especially "halberd edge & tip", can be planted lotus, 
reeds and other water plants to highlight the edge 
of the pool contours for navigational guidance. Of 
course, if the 1st and 3rd span also carry out 
maintenance, according to the maintenance theory 
of the 2nd span. See the related BIM presentation 
for details. 

The navigational plan should also consider the 
needs of international shallow water type (up to 
1.5m water depth) events, such as triathlon, ICF 
kayaking [4] and so on. When the event is held, 
water and land need to be closed for a short time. 
At the same time, span 2 must retract the "fin" 
balancing device to its original reserved position, 
and the bridge has to be submerged to the required 
water depth. See the BIM presentation for details. 

(III) Pedestrian bridge spatially separated from
the main bridge

The underwater pedestrian bridges on both sides of 
the main bridge are like symmetrical broad 
shoulders. They are "picked" in all the pre-crossing 
and "inserted" in the upper part of the bridge box, 
which is a "broad (north-south direction facing east 
and the length of the main bridge) shoulder" of the 
steel structure. The "stretcher" on both ends of the 

two strings of toughened glass thick tube, the top 
height and the main bridge deck is basically the 
same. They are composed of non-partitioned 
toughened glass or embedded large pieces of 
toughened glass. The "thick tubes" on the east side 
of the main bridge are in principle used by travellers 
from south to north and vice versa on the west side. 

On the 1, 3 span "thick tube", extending its 
centreline along the bridge to the top of the bridge 
to the top of the cross-bridge, respectively, there 
are two curved glass symmetrical arrangement. 

When there is no water above (for example: when 
navigable), the two pieces that are brought together 
at the centreline of the bridge can be slightly 
bounced up and then slid to the lower slope 
respectively, and finally completely attached to the 
piece next to it. 

Underneath it is a traffic space consisting of 2 
vertical surfaces and 1 flat glass. It allows enough 
space for pedestrians and non-motorized riders to 
use. When there is no water on both sides (e.g., 
when navigating), the upper part of the vertical 
glass can first pop out slightly before sliding down 
and finally clinging completely to its lower part. So 
the walkers in the "thick tube" can reach out and 
wave to the navigating tourists who are looking up 
below them. 

The additional parts below the flat glass at the 
bottom of the pedestrian bridge are as follows. 

In the semi-cylindrical curved surface of the down-
bridge direction midline position, are two ½ semi-
circular thin-walled structures that can be 
symmetrically closed. The hollow, airtight semi-
cylindrical mezzanine space formed by them is filled 
with counterweights. Such as iron ore sand and 
other high-density inexpensive materials. But in 
case of emergency (such as "thick tube" accidentally 
a lot of water), you can open the ½ semi-circular 
structure of the closure to unload the 
counterweight itself. In order to properly reduce the 
"stretcher" at the pull or top force, it can also be 
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reunited and do the purpose of drainage. It is best 
to make it often for nearly 0 force state. See related 
BIM demonstration for details. 

The simple, flat cylindrical tempered glass with the 
lower half in a highly recognizable colour can be 
bolted at any time, and the horizontal non-&-
submersible boat can be unbolted at any time to 
swim under the bridge box. 

The top of this boat is flat and conical. According to 
its height, when it is the upper part of the non-
submarine use, it can be cracked from the top of the 
cone into a number of equal flaps of glass, slightly 
popped up and then respectively slide and finally 
fully attached to its corresponding lower part. This 
makes it easier for the crew to look around and grab 
the glass through the round hole left in the upper 
part. 

A ventilation hole is provided at the top of the "thick 
pipe" on the north-south centre line just above the 
1&2# foundation under span 2 and slightly above 
the water level of the bridge. This vent pipe is 
connected to a flexible vent pipe that can be 
stretched up and down and retracted straight out of 
the water. There are two vent pipes on each side of 
the main bridge, making a total of four vent pipes. 
They are similar to buoys on the water, with big 
arrows, facing the direction of incoming boats and 
pointing straight to the near shore, indicating that 
this side is only navigable. While the similar buoy on 
the other side of the main bridge in the direction of 
going boats is a striking no navigation sign. See 
related BIM demo for details. 

If the tempered glass mentioned in the above 3 
paragraphs can not meet the actual requirements of 
the current economic and technical indicators and 
related technology, other materials (such as: 
bamboo, wood, hard plastic, ...) can be used instead. 

(IV) Collision barriers, road markings,
approach roads to the main bridge and other
ancillary works

The collision barriers on both sides of the bridge are 
of stainless steel construction. At the bottom of the 
two ends of each section of the guardrail, there are 
spindles placed in the reserved position on both 
sides of the bridge box. When there is no traffic on 
this section they automatically "crouch" 
underwater in the direction of the bridge and can 
therefore not be seen. When upright, the outer side 
of the bridge, which is adjacent to the water, shows 
a long scroll of images such as "Carp jumping from 
the dragon's gate" and "Yan Ling team lying in the 
water to fight the devils". See the BIM presentation 
for details. The colour-changing neon lights are the 
preferred traffic 'markings' on the underwater 
bridge deck. When the neon markings fail due to 
water turbulence etc., alternate 'fish float' type 
markings are ejected from the reserved position 
next to the neon markings. The alternate marker 
must also be able to automatically retract into its 
original reserved position. See the BIM presentation 
for details. The steel sub-base of the main bridge 
approach is multi-layered and multi-blocked. In 
order to ensure that the pneumatic mats bulge or 
deflate in a balanced manner and to allow the 
roadway of the approach to rise and fall in a 
balanced manner, there is a smooth connection to 
the roadway at both ends and to the Archimedes 
Bridge which can be raised and lowered without 
jumping off. The pedestrian bridge also has a 
corresponding approach problem. See the BIM 
presentation for details. 

4  Outlook 

Based on the above conceptual design of the 
BaiYangDian-Archimedes Bridge, which is only 
suitable for "static" water bodies (lakes, 
sediments, ... etc.), it can be used as the second 
span of a new generation of military pontoon 
bridges in particular. Some perspectives for 
"moving" and particularly deep and wide bodies of 
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water (Nujiang River, Taiwan Strait, ... etc.) are as 
follows. 

The foundation under the second span will then be 
replaced by a huge "anchor" like structure. It will be 
anchored to the continuous box floating on the 
surface of the river and the sea by means of a special 
chain [5]. It is to be made into a giant cavity floatable 
body "with a number of external plugs". Above or 
below the surface (depending on the amount of 
water pre-filled in the cavity) it can be detached and 
returned to the power unit when the waterborne 
vessel or submarine or even the self-carrier has run 
out of water. Once it has been towed to a 
predetermined position, it can either stay 
periodically or even move on its own, or it can be 
gradually "unplugged" and filled into the water 
column and lowered to a designated place under 
the water. To bring it to the surface again, of course, 
the "plugs" have to be inserted and drained from 
the cavity again. The toughened glass structure of 
the submerged footbridge mentioned above is 
modified and placed on top of the vehicular bridge 
deck, and an additional closed compartment at the 
bottom of the bridge box is filled with a high-density, 
inexpensive counterweight that can also be 
discharged in case of emergency. This hybrid bridge 
& tunnel Archimedes bridge with a ½ + semi-circular 
toughened glass cover that can be lifted & opened 
on both sides[6] is able to 'float' below the water 
surface at a certain level in order to maintain 
navigation in certain waters. The spectacular thing 
is that once all these 'anchor' like structures are in 
their predetermined position underwater until a 
certain point, they all lower themselves to their 
designated place under the water and release their 
own special chains to swim to their corresponding 
continuous boxes, which are also waiting in their 
predetermined position underwater and ready to 
float, and then The bridge is then quickly bolted, 
formed and opened to traffic. In the middle of the 
crossing let the driver of the lead vehicle throw a 
copy of 20,000 Leagues Under the Sea out of the 

window, fly through the half-open toughened glass 
cover on the side of the bridge and float away to the 
ocean! See the related BIM presentation for more 
details. 

If this 2+G Archimedes Bridge could be built in the 
Taiwan Strait, the 

bridge name can be: Taiwan Liberation Bridge
（ Taiwan side） , Liberation Taiwan Bridge( the 
mainland side). 

For the technical details mentioned above, please 
visit the relevant BIM demonstrations at:  

www.doctorbridge.com/ArchimedesBIM
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Abstract 
This paper is to introduce construction technologies of a thousand-meter scal high-speed railway 
suspension bridge in China, Wufengshan Bridge. There are basic principles applied throughout the 
bridge construction process: 1) To pay attention to innovations in bridge design method and basic 
theory by emphasizing both life cycle optimization design and durability design; 2) To advance key 
bridge construction technology; 3) To grasp the state deterioration mechanism and evolution law 
of the bridge operation and maintenance process in advance; 4) To build a whole life-cycle 
management framework system. This paper involves the design method, calculation theory, and 
the corresponding technical standards of high-speed railway suspension bridges in China. 
Keywords: railway bridge; suspension bridge; construction; anchorage; cable saddle; steel beam 
erection 

1 Introduction 
The Wufengshan Yangtze River Bridge is an 
essential part of the Lianzhen Railway. The bridge 
is about 39KM upstream from the Runyang 
Yangtze River Highway Bridge and 28KM 
downstream from Taizhou Yangtze River Highway 
Bridge. The total length of the bridge is 
6,408.909M, which includes a 1,432M main bridge 
for the river crossing, a 1,444.799M approach 
bridge for the railway and highway joint section, 
and a 3,532.11M approach bridge for the railway-
only section[1-3]. The bridge is shown as Figure 1. 

The main bridge is a steel truss suspension bridge 
of 1,092M with the rise-span ratio of 1/10. The 
side span of the main bridge is 350M. A total of 

two main cables are used in the bridge, and the 
transverse distance is 43M. The stiffening beam 
uses a continuous steel truss beam with five spans: 
84M, 84M, 1092M, 84M, and 84M.  

Figure 1.  Wufengshan Yangtze River Bridge 

The longitudinal design of the bridge is 
symmetrical. The main towers on both sides of the 
bridge are comprised of a portal frame concrete 
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structure supported by a large-diameter group 
pile foundation. Gravity anchorages are used on 
both sides. On the Yangzhou side, the anchorage 
is 200 meters away from the outer side of the 
levee with a caisson foundation form. In contrast, 
the anchorage on the Zhenjiang side is located at 
the foot of Wufeng Mountain with a diaphragm 
wall foundation[4-6]. The layout of the main 
bridge is shown in Figure 2. 

Figure 2.  The layout of the main bridge (Unit: M) 

The cross-section of the main bridge is arranged 
differently for the upper and lower deck. The 
upper deck, which is used as a highway, is 
designed according to the standards of an 8-lane, 
2-direction expressway with a bridge deck width
of 40.5M, and a total upper deck width of 46M.
The lower deck is designed to be used as a 4-lane
railway. The length of the 2-lane Lianzhen Railway
and the 2-lane reserved intercity railway are both
4.6m, and the distance between the centerline of
the Lianzhen Railway and the reserved intercity
railway is 14.6M. The main truss width of the
lower deck is 30M[7-8]. The layout of the cross
section is shown in Figure 3.

Figure 3.  The layout of the cross section (Unit: M) 

The approach bridge for the railway and highway 
joint section is also arranged by the upper and 
lower deck. The upper layer is a two-deck highway 
bridge with a total width of 40.5M. By contrast, 
the lower deck is a railway with a total width of 
12.2M[9]. 

2 Construction Technologies 

2.1 Anchorage Construction 

The North Anchorage Foundation of the bridge is 
the largest open caisson in the world. It includes a 
rectangular structure with a maximum plane size 
of 100.7M×72.1M and a height of 56M. The 
foundation is made up of 10 sections (8M＋6M＋

6×5M＋4M＋8M =56M), which are connected 
and sunk in three times (the first time for  sections 
1-3, the second time for sections 4-6 and the third
time for sections 7-10). The shaft wall and
partitions are constructed using the large steel
formwork turn-over method. The surrounding
geology of the open caisson is complex, which
creates some difficulty regarding sinking
construction. At the same time, construction
control requirements are high. However, the
deviation values of the elevation, plane position,
inclination, and torsion angle are controlled far
less than the design error during construction. The
construction site of the North anchorage can be
seen in Figure 4.

Figure 4. The North Anchorage construction site 

The South Anchorage Foundation is supported by 
a circular diaphragm wall with an outer diameter 
of 90M and a thickness of 1.5M. Core filling 
concrete is poured to form an enlarged circular 
foundation with a diameter of 87M after 
excavation. Figure 5 shows the South Anchorage 
construction site, while Figure 6 and Figure 7 show 
the division of the anchorage wall section and the 
elevation of the anchorage diaphragm wall, 
respectively. 
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Figure 5. The South Anchorage construction site 

Figure 1. Division of anchorage wall section 

Fig. 2. Elevation of anchorage diaphragm wall 

Subsidence data results show that the technical 
innovation of the north anchorage is remarkable. 
First, the "cross groove" excavation technology 
ensures uniform sinking at the initial stage of the 
large open caisson and thereby effectively 
prevents its sudden sinking. Second, the "reserved 
core soil" excavation technology ensures that the 
structural stress meets the material requirements 
in the later stage of sinking. Third, the “3D sonar 
detection” technology application in monitoring 
the sinking foundation soil has a good effect. 

2.2 Main Tower Construction 

The main bridge foundation consists of 6 piers and 
209 bored piles. The 3rd and 4th piers are 
dumbbell-shaped structures. The plane size is 
20.0M×22.0M on the top surface and 
24.0M×26.0M on the bottom surface, with a 

height of 5m. There are two tower piers for one 
main tower. 

The height of the 3rd main tower is 203M, while 
the height of the 4th main tower is 191M. Both 
main towers adopt an H-shaped reinforced 
concrete frame structure composed of upper, 
middle, and lower tower columns; upper and 
lower beams; and a saddle cover on the top of the 
tower. The selection of hydraulic self-climbing 
formwork system, tower crane lifting capacity, 
tower crane and upper construction process 
adaptability, concrete pumping technology 
(including the reliability of high tower concrete 
pumping for one step), tower body positioning, 
dimensional accuracy control measures, and 
safety of each process are mainly focused on site.x 

2.3 Anchor System Construction 

The main cable anchorage system of the bridge is 
composed of a back-anchor beam and anchor rod. 
The back-anchor beam, anchor rod, and base 
plate are all constructed with Q345qD steel 
material. An H-shaped section is used for the 
anchor, and 192 anchors are arranged at one end 
of the anchor body corresponding to each main 
cable and includes 32 single strand anchors and 
160 double strands anchors. The anchor is made 
in two sections. The lower section ends are 
connected between the back-anchor beam and 
the upper section, and the upper section is 
extended out of the front anchor surface and then 
connected with the main cable strand anchor 
head. 

2.4 Cable Saddle Manufacturing and 
Installation 

The main cable saddle is composed of saddle body, 
upper bearing plate, lower bearing plate, 
mounting plate, diaphragm, zinc filling block, tie 
rod, sealing belt, and copper lining plate. It is a 
cast welded composite structure material, with 
the ZG270-480H of the saddle head. The base 
adopts a Q345R steel plate and forging welding 
structure. The length, width, and height of the 
splay saddle body are 10.910M×5.100M×4.500M, 
respectively, with a weight of 360t and a minimum 
groove width of 1.381M. The theoretical center 
radius of the main cable in the saddle groove is 

154



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

R11500MM. For the sake of manufacture and 
installation convenience , the main cable saddle 
body is divided into three parts, including: the 
saddle body of the side span, the middle saddle 
body, and the saddle body of the main span, 
which are then locked by high-strength bolts. The 
weight of a single saddle body is approximately 
120t. 

2.5 Cable System Construction 

The cable system consists of main cables, cable 
clamps, suspenders, and auxiliary structures. The 
alignment diagrams are shown in Figure 8. 

Figure 3. Main cable alignment diagram 

There are two main cables in the whole bridge. 
The main span is 1,092M, and both of the side 
cable spans are 350M. The IP point elevation of 
the main cable is + 193.0M, and the theoretical 
splay cable point elevation is + 50.0M. There are 
43M in the transverse direction between the two 
main cables. Each main cable consists of 352 
strands, and each strand consists of 127 
galvanized aluminum high strength steel wires 
with a diameter of 5.5M and the standard 
strength of 1,860MPa. After being extruded, the 
outer diameter of the cable clamp is 1,300MM 
(with a void ratio of 20%). The cross section of the 
cable is shown in Figure 9. 

Figure 4. The cross section of the cable 

Several reference strands are set in the process of 
erecting the cable strand. For large diameter 
cables, special attention should be paid to the 

influence of temperature. To facilitate the on-site 
control, accurate layer spacing should be set when 
erecting general strands. Because of anchor span 
tension error during the erection process, the 
appropriate cable tension identification methods 
are discussed according to the actual situation. As 
a result, the influence of temperature, splay 
saddle, and other parameters on anchor span 
tension is analyzed. The cable force adjustment is 
summarized and combined with the actual 
situation. The influence of temperature on the 
cable tension is as shown in Figure 10. 

Figure 5. Influence of temperature on the cable 
tension 

3 Conclusions 
There are basic principles applied throughout the 
bridge construction process.  

The first principle is to pay attention to 
innovations in bridge design method and basic 
theory by emphasizing both life cycle optimization 
design and durability design.  

The second principle is to advance key bridge 
construction technology. For example, the 
Wufengshan Yangtze River Bridge controls 
construction quality by making use of a new 
information method, new technology, and new 
technical conditions for equipment.  

The third principle is to grasp the state 
deterioration mechanism and evolution law of the 
bridge operation and maintenance process in 
advance. According to studying and establishing 
the evaluation system for safety and reliability 
level, strengthening the research on intelligent 
maintenance technology and equipment, the 
transformation of maintenance mechanism from 
“maintenance by planning" to "maintenance by 
state" is promoted. The fourth principle is to build 
a whole life-cycle management framework system. 

155



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

The standardization of management, the 
achievement of a new design concept, forming a 
replicable and promotable technology, and 
management mode are all involved. 

By relying on the Wufengshan Yangtze River 
Bridge life-cycle management system, the key 
work of the project is promoted by coordinating 
the design, construction, and operation. The 
durability design of the bridge is solidified 
according to the specified standards and the latest 
research results. At the same time, the 
construction quality and service status are 
intelligently controlled to realize the pertinence 
and effectiveness of the bridge. 
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Overall Design of the Nanjing Jiangxinzhou Yangtze River Bridge 
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(CCCC Highway Consultants Co., Ltd., Beijing, 100088) 

Abstract: This paper systematically introduces the overall design concept of the Nanjing Jiangxinzhou Yangtze River
Bridge. The main bridge is a three-tower cable-stayed bridge featuring a longitudinal diamond cable tower and dual central 
cable planes. The bridge span is designed to be a total of 80+218+600+600+218+80 = 1796m. A steel-shell composite cable 
tower design is adopted, with the main girder including a high-performance steel-coarse aggregate reactive powder concrete
（CA-RPC） composite girder structure. The cable tower uses cast-in-situ bored pile group foundations, and the stay cables 
are formed of steel strands. The south and north approach bridges use segmented prefabricated prestressed concrete box 
girders. The bridge over the river dyke uses a continuous box girder made of prestressed corrugated steel webs for the 78m 
span and the construction technology of segmented prefabrication has being used for the first time.  Nanjing Jiangxinzhou 
Yangtze River Bridge has become a classic engineering structure which not only environmentally-friendly, but also meets all 
requirements of industrial construction  attributed to the application of a high-performance composite structure for the 
main bridge, as well as large-scale prefabricated assembly structures for approach bridges and bridges over river dykes. 

Key words: Nanjing Jiangxinzhou Yangtze River Bridge; steel shell-concrete composite cable tower; CA-RPC; segmented 
girder bridge made of corrugated steel webs through prefabricated assembly; industrial construction 

1 Overview of Nanjing Jiangxinzhou 
Yangtze River Bridge Project  
Nanjing is one of the four ancient capitals of China, also 
the economic center and transportation hub of East 
China. The Yangtze River runs through the city and 
becomes a natural moat cutting off the city. Nanjing 
Jiangxinzhou Yangtze River Bridge is in the center of the 
city and connecting the two banks of the Yangtze River. 
The bridge improves the regional road networks, greatly 
alleviates the difficulty of crossing river transportation, and 
promotes the integrated development of the city on both 
banks. 

Route of this project starts from Wuli Bridge in Pukou 
District of Nanjing, connects with the reconstructed 
Jiangbei Avenue, crosses the main channel of Yangtze River, 
passes through Meizizhou, dives down the south bank of 
Jiajiang River and connects with the completed Jiangshan 
Avenue. The total length is 10.334 km, including 4134m 
Yangtze River main channel bridge, 1754.6m Jiajiang 
tunnel and about 4.4km other sections. This paper mainly 
introduces the design of the main channel bridge across 
the Yangtze River. 

2 Main Design Standards 
 Highway class: First-class two-way six-lane highway

 Class of vehicle load: Class-I Highway

 Design speed: 100 km/h

 Bridge structural design baseline period: 100 years

 Basic design wind speed: 31.7 m/s

 Basic seismic intensity: Zone VII

3 Design of Main Bridge 

3.1 Bridge Span Arrangement 

The bridge site finds at the main river surface of the 
Yangtze River, with 3km in width and of busy 
shipping. Considering the factors such as navigation, flood 
control, investment and aesthetics, Nanjing Jiangxinzhou 
Yangtze River Bridge adopts the cable-stayed bridge with 
three towers and double main spans 
(80+218+2×600+218+80)m over the Yangtze River. The two 
600m main spans effectively cover the area with a water 
depth of 10.5m, fully adapting to the shipping 
development and the requirement for multi-line 
navigation.  
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Figure 1 Construction drawing of Main Bridge across the River 

3.2 Structural System 

To make the structure simple and efficient, the middle 
tower is opened along the longitudinal direction of the 
bridge, which greatly improving the longitudinal stiffness 
of the cable tower, therefore increased the overall stiffness 
of the three-tower cable-stayed bridge. 

The constraint system layout of the main girder is shown in 
Figure 2. The middle tower and the side tower are 
equipped with two rows and four groups of vertical elastic 

tension-compression bearings (elastic stiffness of 
16000t/m), which effectively restrain the vertical 
displacement, transverse torsion and vertical rotation of 
the girders. Meanwhile, supports are set up to restrain the 
vertical and horizontal relative displacement between the 
tower and the girder to avoid the construction of a 
complex tower-girder consolidation structure. The 
auxiliary pier is provided with vertical bearing, transverse 
wind-resistant bearing and longitudinal E-type power 
dissipation device. The transition pier is provided with 
vertical bearing and transverse wind-resistant bearing. 

Figure 2 Support System Layout of Main Bridge 

3.3 Cable Tower Design 

3.3.1 Conception of Steel Shell Concrete Composite Cable 
Tower Structure 

As for the cable towers, steel cable towers have the 
advantages of factory-based manufacturing, assembly-
based erection and less labor investment on the bridge 
site, but the compressive stiffness and flexural stiffness (EI 
and EA) are relatively small, and the construction cost is 
high under the condition of same overall 
dimensions; concrete cable towers is a typical labor-
intensive structure with high compressive stiffness ,high 
flexural stiffness, and low cost, but a lasting on-site 
construction period, a huge workload and a high labor 
input. Nanjing Jiangxinzhou Yangtze River Bridge adopts 
the first steel shell concrete composite cable tower which 
makes the steel shell and concrete under the cooperative 
stress. The tower inherits the advantages of both steel 
towers and concrete towers, makes up for their 
disadvantages. In addition to excellent bearing ability and 
structural ductility, the cable tower also has the 
advantages of convenient on-site construction, lower labor 

investment and excellent structural durability during 
operation. 

The steel shell concrete composite cable tower is 
composed of inner and outer steel shells, stressed 
reinforcement attached to the steel shells and concrete 
between steel shells. Horizontal and vertical stiffeners are 
arranged on the inner and outer panels of the steel shells 
to improve the rigidity of the steel shell wall panels and 
meet the requirements of the function as formwork during 
construction. The horizontal and vertical stiffening ribs are 
perforated, and the longitudinal and transverse reinforced 
bars have inserted them to form longitudinal and 
transverse two-way reinforced concrete tenon shear 
connector groups. By use of the good shear stiffness and 
strength of PBL, the steel shell and concrete form a steel-
concrete joint section with excellent synergistic 
performance. The PBL shear connector groups can not 
only transfer the shear force at the interface between the 
steel shell and concrete, but also reduce the free width of 
the steel shell wall, improve the stability and ensure that 
the buckling of the steel shell is not earlier than the 
collapse of the concrete so that the two work can together 
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in the whole loading process (Figure 3). 

Related tests show that compared with the reinforced 
concrete structure with the same sectional dimensions 
and steel content, the bearing capacity of steel shell-
concrete composite structure is increased by 49%, the 
cracking load of concrete is increased by 150%, the 
ductility is increased by 50%, and the mechanical 
properties of cable towers are significantly improved 
(Table 1). Based on these characteristics, the transverse 
width of the tower columns at the main girder of the 

transverse single-column cable tower is 4.6m-5.8m, which 
meets the requirements of structural stress and bending 
stability. For steel-concrete composite girder cable-stayed 
bridge with a main span of 600m, the 4.6m-5.8m width 
transverse tower column not only creates the lightest 
cable tower, but also reduces the width of main girder, 
thus systematically saving the material input of the whole 
bridge. 

Table 1 Comparison of Mechanical Property Test for Composite Cable Tower Structure and Reinforced Concrete Structure 

Structural Type Yield Load 
(kN) 

Ultimate load 
(kN) 

Yield deflection 
(mm) 

Limit deflection 
(mm) 

Initial stiffness 
(kN/mm) 

Cracking load 
(kN) Ductility coefficient 

TL1 Steel plate thickness 14mm 11973 15392 26 166 531 2500 6.4 

TL2 Same amount of steel 
reinforced-concrete structure 10206 10304 30 56 351 1000 1.9 

Figure 3 Schematic Diagram of Steel Shell Concrete 
Composite Cable Tower Structure 

3.3.2 Structure Design of Steel Shell Concrete Composite 
Cable Tower  

Based on the above conception, the structural design of 
the steel shell composite cable tower for the main bridge 
is completed. 

The cable tower adopts a vertical diamond-type cable 
tower and transverse single column tower. It adopts the 
steel shell concrete composite structure. The steel 
structure is made of Q345C slabs and Q235B profile, and 
the concrete adopts C50 compensation shrinkage 
concrete. The middle tower is 175.407m in height, and the 
side tower is 167.7m in height. The lower tower column is 
provided with vertical double legs, each leg is a hexagonal 
section with a single box and three chambers and grooves 
on the outer side, with 13.8m in the transverse direction, 
7m in the longitudinal direction (6m for the side tower), 
and 1.2-1.4m in wall thickness. The bottom is combined 

with 14m in the longitudinal direction (12m for the side 
tower), and gradually separated upward to 21m in the 
longitudinal direction (17.6m for the side tower) at the top 
of the lower tower. The middle tower column is a 
longitudinal double leg, and each leg is a quadrilateral 
section with grooves on the outside of a single box and 
single chamber, with a transverse direction of 5.8m, a 
longitudinal direction of 7~5.686m (side tower 6~5.024m), 
and a wall thickness of 1.2~1.4m; The upper tower column 
is combined into a single box and single room, with a 
transverse direction of 5.8m and a longitudinal direction of 
11.328~5.0m (side tower 10.066~5.26m). The lower cross 
girder is a steel structure, 2.0m high and 4.6m wide, with 
prestressing along the bridge direction.  

The plate thickness of the outer steel shell is 14~20mm, 
and considering that the inner steel shell is close to the 
neutral axis, and makes less bending contribution, 
therefore, the plate thickness of the inner steel shell is 
only 6mm; longitudinal and transverse stiffener are 
arranged on the wall plate of the steel shell at a spacing of 
400mm; the stiffening girders are 10mm in thickness, and 
stiffeners are perforated so that the longitudinal and 
transverse load-bearing bars are inserted them to form 
longitudinal and transverse two-way reinforced concrete 
tenon (PBL) shear connector groups. 
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（a）Lower Tower Column Section （b）Middle Tower Column Section （c）Upper Tower Column Section 

Figure 4 Section and Dimensions of Steel Shell Concrete Composite Cable Tower Structure 

3.3.4 Construction Processes of Steel Shell Concrete 
Composite Cable Tower Structure 

The construction processes of steel shell - concrete 
composite cable tower (Figure 5) mainly includes five parts: 
reinforcement steel shell processing, reinforcement 
positioning and assembly, reinforcement steel shell 
assembly connection at bridge site, reinforcement 
connection and concrete construction. The processing of 
the reinforced steel shell and the positioning and 
installation of the reinforcement are the most complicated 
parts which both require largest workloads. Therefore, the 
two parts must be completed in the factory accurately and 
controllably to ensure the construction quality. The main 
construction processes are as follows: 

1) Multi-ribbed stiffened plate unit processing: in this
process, the transverse perforated steel bars are
perforated, positioned, and bent for forming.

2) The multi-ribbed stiffened plate unit is assembled into
steel shell segments, and the internal truss system is
installed.

3) The vertical perforated steel bars are inserted into it

after the steel shell is assembled, and then bounded to the 
perforated side of plate rib through the positioning hole 
reinforcement. 

4) The 1+1 vertical matching is conducted between
adjacent segments of the cable tower. To ensure the
accuracy of vertical reinforcement connection between
segments, the vertical reinforcements are pre-connected
in the matching process. After the first connection is
completed, positioning tools are set at the top of the
vertical reinforcements in each segment to position the
vertical reinforcements.

5) After matching, install the matching parts among
segments in a complete set.

6) The reinforced steel shell segments are transported to
the bridge site and hoisted in place, and the position
relationship between adjacent segments is accurately
determined according to the matching parts.

7) Weld the steel shell, connect steel bars and then remove
the positioning tools of reinforcement.

8) Concrete pouring and curing.

(a)Reinforced steel shell unit (b)Segment welding of steel
shell with steel bars 

(c)Attached steel shell vertical
matching 

Figure 6 Steel shell concrete 
composite structure cable tower 

construction process on site 
Figure 5 Manufacturing of cable tower sections with rebar attached on steel shell 

The practice of Jiangxinzhou Yangtze River Bridge 
demonstrated that 80% of the steel shell concrete 
composite cable tower works can be completed in the 
factory, the construction speed of is increased from 0.7m/ 

day(traditional speed of the concrete cable tower) to 
1.2m/ day, the installation deviation of steel shell is only 
1/6000, which is far better than the 1/3000 required for 
concrete cable tower, and the elevation deviation is only 
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7mm. The on-site labor input is reduced from 70 to 20 
people/day. The application of steel shell concrete 
composite cable tower effectively lowers the project 
investment, shortens the construction period of cable 
tower, reduces the occupation of equipment, and 
minimizes the impact of construction to environment. 

3.4 Main Girder Design 

3.4.1 Structural Design Concept of Main Girder 

The main girder of the long-span cable-stayed bridge is the 
steel-concrete composite girder made of reinforced 
concrete slabs instead of the orthotropic steel bridge deck, 
which improves the structural stiffness of bridge deck, 
avoids fatigue cracking of steel bridge deck system, and 
effectively reduces construction and maintenance 
costs. However, the huge gap of material performance 
between steel and concrete makes the steel performance 
cannot effectively play in the steel-concrete composite 
structure; the heavy bride deck makes the larger structure 
weight; the internal force redistribution between the steel 
and concrete becomes uncertain under the long-term load, 
as well as the matching degree of structure form and 
industry-based manufacturing needs to be improved, all 
these problems become the technical bottlenecks 
restraining span of the bridge developed into next 
level. The newly developed ultra-high-performance 
cement-based materials can improve the performance of 
matching degree of steel and concrete materials in 
composite girders and the overall performance of the main 
girder and reduce the structure weight so that the steel-
concrete composite girders can better adapt to factory-
based and automatic manufacturing. 

In order to reduce the dead weight of steel-concrete 
composite girders and improve the comprehensive 
performance of the structure, it is necessary to improve 

the material performance of concrete for a better 
matching degree of steel and concrete in the composite 
structure. Based on the theory of reactive powder 
concrete design, through the research on the competitive 
hydration mechanism of complex gel system and the 
regulation mechanism of interface microstructure under 
the condition of extremely low water-binder ratio, and the 
research and development of a series of functional 
materials such as nano-reinforcement, multi-scale 
toughening, multi-element shrinkage reduction, the 
technical bottleneck of the ultra-high performance 
concrete, which must contain coarse aggregate and must 
receive thermal curing, has been broken through. 
Therefore, the coarse aggregate reactive powder concrete 
(CA-RPC), with high elastic modulus (> 54 GPa), high first 
cracking strength (≥13MPa), low shrinkage (< 300με) and 
low creep (creep coefficient < 0.35) was invented. The 
main mechanical properties of CA-RPC with conventional 
curing is shown in Table2. 

The toughness behavior of reinforced CA-RPC slabs and 
the synergistic reinforcement mechanism of fiber-
reinforced steel were experimentally researched, and 
successfully set up a a complete reinforced concrete 
design theories along with relative methods based on CA-
RPC slabs in bending, shear, and fatigue resistance. By 
using the CA-RPC slab as bridge deck of the steel-concrete 
composite girder, we effectively improve the matching 
degree of steel and concrete materials in the composite 
structure and reduce the structure weight by 35%. The 
composite connection structure between steel and 
concrete members is developed to reduce the existence of 
concrete wet joints in the joint structure and improve the 
overall performance of steel-concrete composite 
girders. Table 2 shows the main performance indexes and 
comparison of coarse aggregate active powder concrete.  

Table 2 Comparison of Main Material Performance 

No. Comparison Indexes Coarse Aggregate Reactive Powder Concrete Ultra-High-Performance Concrete Ordinary Concrete 

1 Compressive Strength (MPa) 168 170 60 

2 First Cracking Strength (MPa) 13.2 13.7 2.6 
3 Bending Tensile Strength (MPa) 24.6 25 5.0 
4 Elasticity Modulus (GPa) 56.7 44 36 
5 Total Shrinkage (με) 285 700 360 
6 Creep Coefficient 0.31 0.8 1.15 
7 Tensile Toughness (kJ/m3) 22 23 0.57 

3.4.2 Structural Design of Main Girder 

The main girder of the bridge is designed based on those 
above design concept. 

The main girder adopts flat streamlined integral box steel-
concrete composite girder, and the road shoulders on both 

sides are cantilever structure with open bottoms. The 
standard width and height of the main girder are 35.6m 
and 3.6m (at the center line of the composite girder), 
respectively. The standard cross section is shown in Figure 
7. 
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Figure 7 Standard Cross-Section of Main Girder 

Mould pedestal Mixture 
inserting vibrating equipment 

CNC paving equipment health 
equipment 

Array type numerical control Plane vibrating and coating 

Figure 8 CNC automated CA-RPC bridge deck production line 

Steel concrete composite girder is a single-box three-
chamber structure, the widths of the three chambers are 
12.05m, 5.6m and 12.05m respectively, the width of the 
cantilevers on both sides are 2.95m; the middle chamber, 
located at the intersection of the cable tower and the 
girder, is widened to 6.2m. 

The standard thicknesses of the bottom plate and inclined 
bottom plate of the side boxes on two sides of the 
standard girder segment is 12mm; the thickness of the 
side web is 20mm, and the thickness of the diaphragm at 
the non-cable part is 10mm. The thickness of the 
diaphragm side box at the cable is 14~16mm; the standard 
spacing of the diaphragm is 3.65m, the plane sizes of the 
CA-RPC bridge deck are 11550*7300mm, and the standard 
thickness is 17cm. 

From the main cross-section parameters of steel CA-RPC 
composite girder, the self-weight of the composite girder is 
decreased from 38~40t/m to 27~28t/m as the bridge deck 
is lighter than the common concrete bridge deck, and the 
smaller self-weight of the main girder makes steel girder 
plate the thinner the, and the amount of steel used for the 
main girder is only 322kg/m2. At the same time, due to the 
lower self-weight of the main girder, on the premise that 
the girder segment length is same as the steel box girder, 
the weight is only 408t.Therefore, the girder section can be 
hoisted with a single deck crane. 

In comparison with traditional steel-concrete composite 
girder, the application of the Jiangxinzhou Yangtze River 
Bridge demonstrates that the cracking strength of steel-
coarse aggregate reactive powder concrete is increased 

from 2.5MPa to 10.0MPa, and the shrinkage and creep 
stress of steel girder are reduced by 70%; the concrete 
consumption is reduced by nearly 40% and the steel 
consumption is reduced by 17%. Due to the longer girder 
segments, the number of girder segments are reduced 
from 29 to 20 and the lifting time of girder segment is 
reduced by 30%. 

3.4.3 Construction Process of Main Girder 

In order to give full play to the material properties of CA-
RPC bridge deck, the design group have developed a series 
of intelligent equipment featured with uniform distribution, 
array vibration, exhaust leveling and lamination based on 
the material properties, and established the topological 
relationship of multi-equipment cross operation to build 
the world’s first CNC automated CA-RPC bridge deck 
production line(Figure 8). The design group invented the 
high-precision mold pedestal control technology, realizing 
the closed-loop control of concrete slab and steel structure 
with identical precision, and mixed components can be 
assembled easily with identical precision, invented the 
industrial manufacturing technology of factory-based 
manufacturing, assembling and erection. It effectively 
guarantees the manufacturing quality and product 
homogeneity of 11856m3 CA-RPC bridge deck, the 
manufacturing efficiency of plates is increased by 70%, and 
the labor is reduced by 80%. The lightweight high-
performance steel CA-RPC composite girder reduces the 
engineering cost of the whole bridge and improves the 
durability of the structure. 
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Figure 9 Steel-concrete composite girder construction process on site 

3.5 Stay Cable Design 

Considering the convenience of installation and 
replacement after construction, the stay cable adopts steel 
strand stay cable with a standard tensile strength of 
1860MPa. According to the different number of steel 
stranded cable forces, the whole bridge adopts anchors in 
six specifications: 15.7-31, 15.7-37, 15.7-43, 15.7-55, 15.7-
61 and 15.7-73. The bridge has 240 stay cables in 
total. The stay cables are anchored by steel anchor box on 
the main girder, and the cable tower is anchored by the 
steel anchor girders, and the tension end is found at the 
girder end. 

3.6 Cable Tower Foundation 

The middle tower foundation consists of 30 pieces of 
D2.8m bored piles in quincunx arrangement (Figure 8). The 
bearing platform is round, 43m for diameter and 8m for 
thickness. The circular table shaped tower is found on the 
bearing platform with a top diameter of 20m, a bottom 
diameter of 24m and a thickness of 2.0m. There is a steel 
box on the bearing platform as permanent anti-collision 
box, and anti-collision rubber fenders are arranged on the 
outer wallboard of the box. 

The side tower adopts the foundation consisting of 24 
pieces of D2.8m bored piles in quincunx arrangement 
(Figure 9). The bearing platform is hexagonal, and its plane 
sizes are 29.6 (along the bridge) × 40.2m (transverse the 
bridge), and the thickness is 8.0m. The circular table 
shaped tower is found on the bearing platform with a top 
diameter of 18m, a bottom diameter of 22m and a 
thickness of 2.0m. The steel casing of the bearing platform 
is also used as a permanent anti-collision casing, and anti-
collision rubber fenders are arranged on the outer 
wallboard of the casing. 

Figure 8 General Structure of 
Middle Tower Bored Pile Group 

Foundation (cm)  

Figure 9 Side Tower and Cable 
Tower Foundation of Main 

Bridge (cm) 

3.7 Auxiliary Pier, Transition Pier and 
Foundations 

The auxiliary pier adopts the foundation consisting of 
bored pile group with 12 pieces of D2.2m bored piles. The 
bearing platform has a rectangular and circular chamfering 
section, plane sizes of 15.2m (along the bridge) × 21.4m 
(transverse the bridge) and a thickness of 4.5m. The pier 
body has a rectangle grooved section, plane sizes of 4.5m 
(along the bridge) × 10m (transverse the bridge) , and 
groove of 0.3m in depth and 2.8m in width at the center 
cross bridge. 

The transition pier adopts the foundation consisting of 
bored pile group with 12 pieces of D2.2m bored piles. The 
bearing platform is a rectangular and circular chamfering 
section, plane sizes of 15.2 (along the bridge) ×21.4 
(transverse the bridge) m and a thickness of 4.5m. The pier 
body is separating solid pier; the plane sizes of single pier 
are 4.5 (along the bridge) ×4.2 (transverse the bridge) m, 
and the net distance between the two pier bodies is 
4.2m; the bent cap has a rectangular section, the plane 
sizes of 4.5 (along the bridge) ×23.4 (transverse the bridge), 
the height of 2.8m; the height of the cantilever section on 
both sides changes from 1.2m to 2.8m. 
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4 South and North Approach Bridges & 
Embankment Bridge   

4.1 South and North Approach Bridges 

The south and north approach bridges adopt prestressed 
concrete continuous girders, and the north approach 
bridge has the five spans of (5×42) +(49+4×52)+3× 
(5×52)m, with a total length of 1247m. The spans of south 
approach bridge are
(5×52)+(4×52)+(3×52+49)+(3×42)+(4×32)m, with a total 
length of 927m. The prefabricated box girder is 3m in 
height, and the roof width of the standard box girder is 
14.9m. 

4.2 Embankment Bridge 

The left and right spans of the embankment bridge is 
arranged according to staggered piers, the left span is 
arranged as 41+78+45m, the right span is arranged as 
45+78+41m, with a total length of 164m. All bridge spans 
are found on curved sections with a radius of 4000m and 
the route width is 38m. It is the first time in China to adopt 
segmental prefabricated prestressed concrete box girders 
made with corrugated steel webs (Figure 10 and 11). The 
main girder holds single box and double chambers, and 
standard box girder is 18.65m width at top plate, 2.2m 
height at middle beam, and 4.5m height at root beam; and 
the thicknesses of the corrugated steel webs are 14mm, 
16mm and 18mm. 

Figure 10  #1 Segment 
Prefabrication of Embankment 

Bridge 

Figure 11 Single Span Closure of 
Embankment Bridge 

5 Conclusion 
The main bridge of Nanjing Jiangxinzhou Yangtze River 
Bridge is the world's first steel-concrete composite cable-
stayed bridge. It pioneered the first steel-shell concrete 
composite cable tower, developed CA-RPC and applied to 
the main girder of the bridge, formed a lightweight high-
performance steel-concrete composite girder. It was the 
first time to adopt segmental prefabrication and assembly 
construction technology in the box girder made corrugated 
steel web for the embankment bridge. Based on the 
principle of "High Quality Project", the design adopted the 
factory-based, assembly-based and standardized 
prefabrication and installation scheme as the main 
consideration of bridge solution, about 80% of the work 
were completed in the factory therefore not only minimize 
intensity and difficulty of over-water and on-site operation, 

but also guaranteed the engineering quality and improved 
the level of industrialization in the bridge construction 
effectively. 
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Abstract 
Owing to the buckling problem of corrugated steel webs, up to now the span of prestressed concrete 
box girder bridges with corrugated steel webs has not exceeded 200m . Based on the analysis of 
buckling strength of corrugated steel webs, a new type of large span prestressed concrete box girder 
bridge with double-limb corrugated steel webs is proposed in this paper. It reduces the free height 
of the corrugated steel webs by filling core concrete between the double-limbed corrugated steel 
webs, and increases buckling strength of the webs. Additionally, the optimization technique of 
strong top plate and thin bottom plate is applied to reduce the self-weight of constant load without 
reducing the cross-sectional stiffness. The result of the trial design shows that this bridge type is 
applicable and economical, which can achieve a breakthrough in the span of prestressed concrete 
box girder bridges with corrugated steel webs. 

Keywords: girder bridge; corrugated steel web; double-limb; buckling strength; Core Concrete; Thin 
bottom plate. 

1 Introduction 
Prestressed concrete box girder bridges with 
corrugated steel webs are made by replacing the 
concrete webs of traditional prestressed concrete 
box girder bridges with corrugated steel webs, 
which have excellent mechanical properties and 
efficient material utilization. It is increasingly being 
used in bridge projects because it overcomes the 
problems such as web cracking and continuous 
deflection of conventional prestressed concrete 
girder bridges. With the development of 
application, the maximum span of prestressed 
concrete box girder bridges with corrugated steel 
webs has been broken through. At present, the 

world's largest span prestressed concrete box 
girder bridge with corrugated steel webs is the 
179m Yasukawa Bridge in Japan [1-2]. In China, 
prestressed concrete box girder bridges with 
corrugated steel webs have made rapid progress 
although they started late [3]. In 2010, the 120m 
Juancheng Yellow River Bridge was built in 
Shandong Province completed [4]. In 2019, the 
160m Qianshan River Bridge was completed in 
Guangdong Province [5]. In 2021, the 185m Feilong 
bridge under construction in Guangxi Autonomous 
Region is the largest prestressed concrete box 
girder bridge with corrugated steel webs under 
construction at present [6]. Despite the rapid 
development of prestressed concrete box girder 
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bridges with corrugated steel webs, the buckling 
problem of corrugated steel webs becomes a 
controlling factor in the design after the bridge 
span and main girder height reach a certain level. If 
no corresponding engineering measures are taken, 
the buckling of corrugated steel webs will occur 
before shear yield. Except for extradosed cable-
stayed bridges with corrugated steel webs [7], the 
span of prestressed concrete girder bridges with 
corrugated steel webs has not yet exceeded 200m 
and the buckling instability of corrugated steel 
webs has been limiting their development in bridge 
engineering. 

2 Span lifting 

2.1 Reducing the dead load 

The use of more lightweight and high-strength 
materials in girder bridges could decrease the self-
weight of the bridge and significantly reduce the 
bending moment, shear force and stress caused by 
the constant load of the girder bridge, which 
increased the span. Song J et al. proposed to 
replace PC with RPC from the perspective of 
optimizing CSW box girder, which not only 
improved the material strength of the box girder, 
but also reduced the thickness of the top and 
bottom slabs of the box girder. It reduced the 
constant load effect, and was conducive to 
increasing the span [8]. From the perspective of 
optimizing the CSW structural system, Nie J et al. 
put forward to optimize the concrete bottom slab 
for flat steel slab in part of mid-span, which also 
realized the reduction of dead load [9]. 

2.2 Buckling strength of CSW 

There were generally three kinds of instability 
states of corrugated steel webs, local buckling, 
overall buckling and synthetic buckling, which 
corresponded to the three formulas [10] for the 
buckling strength as follows: 

( )
2

w

w
2

22

w

w
Lcr, a

t
ν112

Eπ)
h
a4.0(5.34τ 








−








+= (1) 

( )
2
ww

3/42

w

w

w

3
w

1/4

w2

3
w

cr,G ht

1
t
d

6α
Etα

ν112
Et

36χτ



























+
















−

=
(2) 

cr,GLcr,Icr, τ
1

τ
1

τ
1

+= (3) 

tcoefficien embedment Overall—χ
ratio  sPoisson'—   ν

elasticityof    Modulus—   E
CSWof    actor  Shapeα

steel  corrugatedof    height  Wave—d
CSWof    Height—h

CSWof    Thickness—t
 strip  sCSW'of    Width—a

stress  buckling  Composite—τ

stress  buckling  Global—τ

stress  buckling  Local—τ

w

w

w

w

w

Icr,

cr,G

Lcr,

f—

Derived from equation (3): 

G

L

cr

Gcr
I ,cr

,cr

G,

,
,cr

1
τ

τ
τ

τ
τ ≤











+

=
(4) 

Empirically, the local buckling strength was much 
greater than the overall buckling strength, The 
synthetic buckling strength was close to the overall 
buckling strength. Therefore, the overall buckling 
strength was the control term for buckling strength. 

Derived from equation (2): 
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Among them: 
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For simplification: 
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Equation (6) was derived: 
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From equation (6), it could be seen that the overall 
buckling strength of corrugated steel web exhibits 
an inverse relationship with hw and a positive 
relationship with tw and dw. According to the power 
number, the influence order of each factor was hw, 
dw and tw, and the measures to improve the overall 
buckling strength were to reduce the web height, 
increase the corrugated steel wave height and 
thickness in that order. Based on the current Code 
for the Design of Steel Structures [11], the goal of 
improving buckling strength was to ensure that 
buckling will not occur prior to shear yielding, as 
equation (7). 

0.64
f

τ vy
cr,G > (7) 

According to the above classical buckling theory of 
corrugated steel webs, Dai G and Shang X 
presented a scheme of double-limb corrugated 
steel webs, and filled concrete between the 
double-limb corrugated steel webs to reduce the 
free height of webs, increasing the buckling 
strength of corrugated steel webs [12]. Song S et al. 
suggested three options, such as increasing the 
corrugated steel wave height, composite 
corrugated steel web, and the height of the top and 
bottom slabs [13]. Liu D et al. demonstrated that 
the lined concrete not only significantly reduces 
the stress of the waveform steel webs, but also 
increases the stability of the steel webs However, 
lined concrete also increases the dead weight of 
box girders [14]. Dai L et al. found that using 
horizontal bars between steel webs can reduce the 
free height of webs and prevent buckling [15]. 
Dong H and Wang W proposed polyurethane 
composite corrugated steel webs [16]. Shangguan 
B et al. propose a continuous rigid frame bridge 
with corrugated steel web  composite box girder 

based on the double-limb corrugated steel web 
scheme with optimized top and bottom slabs [17]. 

2.3 Solution summary 

The above solutions were summarized in Table 1. 

Table 1. The combination of Box-Girder with CSW 

Top 
 Slab 

Bottom 
 Slab Web Plan 

RPC RPC CS expensive 
difficult 

PC S CS complex 

PC PC DLCS heavy 

PC PC CCS immature 

RPC PC DLCS Ⅰ

RPC PC(Thin) DLCS Ⅱ

Notes: CS: Corrugated Steel; DLCS: Double-Limb 
Corrugated Steel; CCS: Composite Corrugated Steel; 
S: Steel; PC: Prestressed Concrete; RPC: 
Prestressed Reactive Powder Concrete. 

In line with the principles of safety, economy and 
applicability, this paper focused on the structural 
calculations of the latter two schemes. The major 
difference between the two schemes was that the 
core filled concrete in Plan Ⅰ mainly limits the 
buckling deformation of corrugated steel webs and 
does not participate in the overall stress of box 
girders. In the Plan Ⅱ, the core-filled concrete not 
only restricted the buckling deformation of 
corrugated steel webs, but also participated in the 
overall stress of box girders. 

3 Trial design 

3.1 General arrangement of trial design 

The superstructure of this design was a three-span 
corrugated steel web prestressed concrete  
continuous rigid structure bridge with the span 
arrangement of 155m+270m+155m, was shown in 
Figure 1, side to center span ratio of 0.57, girder 
height of middle fulcrum of 15m and girder height 
to span ratio of 1/18. Girder height at mid-span and 
side support point were 6m. Girder height to span 
ratio was 1/45 and the rest of the girder height 
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varied by 1.8 times parabolic. The general structure 
of the main girder was shown in Figure 2. 

Figure 1. The span arrangement (units: m) 

Figure 2. The general structure of the main girder 
(units: cm) 

3.2 Connecting structure of CSW 

The corrugated steel webs were connected to the 
top slab concrete using Twin-PBL shear connectors, 
and to the bottom slab concrete using welded nails 
and PBL's shear connectors. According to the 
design intent, the corrugated steel web in Plan Ⅰ 
was equipped with welded nails to form a weak 
connection with the core-filled concrete, while the 
corrugated steel web in Plan Ⅱconsisted of welded 
nails, bolts, and PBL (including steel bar) to form a 
strong connection with the core-filled concrete, as 
shown in Figure 3. 

Figure 3. Connective structure diagram 

3.3 Design of composite box girder 

The girder adopted single box and single chamber 
section, and the top slab of the girder was 15.75m 
wide. The bottom slab was 8.75m wide and the 
flange plate was 3.5m wide. The girder was a 
corrugated steel web composite box girder section, 
with RPC for the top slab and C60 concrete for the 
bottom slab. The webs were made of Q345 
corrugated steel webs. The section near the middle 
pier adopted double-limb corrugated steel webs 

and filled concrete between the webs to improve 
the buckling strength of the webs. C40 concrete 
was used for core-fill concrete in Plan Ⅰ, and C60 
concrete was used for core-fill concrete in Plan Ⅱ. 
The side span was set with three diaphragms and 
the middle span was set with six  diaphragms with 
a thickness of 50cm. Figure 4 and Figure 5 showed 
the fulcrum cross sections and the mid-span cross 
sections for two schemes. 

Figure 4. The fulcrum cross sections (units: cm) 

Figure 5. The mid-span cross sections (units: cm) 

3.4 Design of core-filled concrete height 

As the height of the core-filled concrete increased, 
the free height of the corrugated steel web 
decreased and the buckling strength increased 
substantially. The corrugated steel webs of two 
plans both adopted the commonly 1600 type with 
a wave height of 220mm. The web thickness of the 
fulcrum cross section was 16mm, and the thickness 
of other stages varied according to shear force and 
buckling strength. Figure. 6 showed the buckling 
strength of the corrugated steel at different web 
heights calculated by Equation (5). 

The minimum target for the design height of the 
core-filled concrete was vycr,G fτ > , preferably up to 

168



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

64.0/vycr,G fτ > . In this project, 160MPafvy = , the 
free height of the web was 7.50-9.35m, and the 
maximum girder height of this project was 15m. 
After deducting the free height of the web and the 
thickness of the top and bottom slabs, the 
maximum height of the core-filled concrete was 
proposed to be 5m. 

15 10 5 0
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τ c
r,G
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Web height(m)

(9.35, 160)

(7.5, 250)

Figure 6. The curve of buckling strength 

3.5 Design of thinning bottom slab 

Compared with Plan I, the core-filled concrete in 
Plan II participated in the overall stresses of the box 
girder, and the design of thinning bottom slab  was 
able to offset the increased constant weight of the 
core-filling  without significantly reducing the 
cross-sectional stiffness, as shown in Figure. 7-9, 
thus significantly improving the competitiveness of 
the double-limb corrugated steel web scheme with 
core-filling. The difference between the support 
force of Plan Ⅱ and that without core filling was 
even no more than 5%. 
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3.6 Prestress design 

Both plans were designed as full prestress concrete, 
divided into internal prestressing tendon and 
external prestressing tendon. 

Internal prestressing bundle adopted single strand 
diameter 15.20mm steel strand with standard 
strength 1860MPa. In Plan Ⅱ, top slab cantilever 
bundle adopted 32ɸs15.2、30ɸs15.2、22ɸs15.2 
total 120 bundles, and side span top slab merging 
bundle adopted 12ɸs15.2 total 12 bundles. A total 
of 4 bundles of 17ɸs15.2 were used for the middle 
span top slab bundle and 14 bundles of 12ɸs15.2 
were used for the middle span bottom slab bundle. 
Additionally, side span bottom slab bundle adopted 
12ɸs15.2 total 16 bundles. The stress level of both 
solutions reached the same level by adjusting only 
the prestressing steel bundle in the core-filled 
concrete girder section from 32ɸs15.2 to 35ɸs15.2, 
although the bending moment of Plan Ⅰ was large, 
owing to the fall of the neutral axis. 

External prestressing steel strand bundle adopted 
22ɸs15.2 epoxy coated steel strand rope with 
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standard strength 1860MPa and HDPE sheath. Six 
bundles were used for the middle span and four 
bundles were used for each side span for a total of 
eight bundles. 

4 Structural calculation 

4.1 Finite element model 

Midas Civil software was used to build a spatial rod 
system model for longitudinal overall analysis, and 
a total of 84 units were built for the whole bridge. 
The role of the girder diaphragm was reflected in 
the form of nodal load, and the internal and 
external prestress reinforcement was realized by 
defining the prestress load of steel beam. The main 
pier was consolidated on the top of the platform, 
and the side pier was set as vertical support. The 
finite element model of the whole bridge was 
shown in Figure. 10. 

Figure 10. The finite element model 

4.2 Load and load conditions 

(1) Dead load

The weight capacity of concrete top and bottom 
slab were calculated by 25 kN/m3 , steel density 
was calculated by 7850 kg/m3. The total dead load 
of the main bridge deck was 54 kN/m in the second 
phase. 

(2) Vehicle loading.

The automobile load class was highway grade I and 
the car live load was arranged according to 4 lanes. 
The transverse eccentricity coefficient of 
automobile load was taken as 1.15 when 
calculating the force on the top and bottom 
concrete slabs of box girder, while the transverse 
eccentricity coefficient of automobile load was 

taken as 1.25 in calculating the force on the 
corrugated steel web of box girder. 

(3) Support settlement.

The support settlement of the main pier was 
calculated by 10mm, and that of the transition pier 
was calculated by 5mm. 

5 Results 

5.1 Flexural capacity of normal section 

The bending moment envelope diagram of normal 
section bending capacity of PlanⅡwas shown in 
Figure. 11 and the checking calculation results of 
flexural capacity of normal section were shown in 
Table 2. 
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Figure 11. Envelope diagram of flexural capacity of 
normal section in Plan Ⅱ 

Table 2. Flexural capacity of normal section 

Site 
Md 

（KN.m） 
MR 

（KN.m） MR/Md 

Fulcrum 
Max -4046068 -5058599 1.25 

Min -4518149 -5058599 1.12 

Mid-
span 

Max 233853 292595 1.25 

Min 116902 292595 2.50 

5.2 Normal stress 

The calculation of serviceability limit state in 
permanent state showed that no tensile stresses 
appear at the upper and lower edges of the main 
girder, and all sections meet the requirements of 
the positive section crack resistance of fully 
prestressed concrete members. The stress 
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calculations for the short term condition members 
showed that all sections satisfy the code 
requirements, and the positive stress test results of 
Plan Ⅱ were shown in Table 3. 

Table 3. Normal stress (Plan II) 

Site 
Upper edge 
（MPa） 

Lower edge 
（MPa） 

Persistent 
state 

Max -0.93 -4.28

Min -12.10 -18.20

Transient 
state 

Max -0.48 -3.41

Min -12.20 -19.10

5.3 Shearing stress 

The shear stresses of the corrugated steel webs of 
the pivot sections for Plan I and II under ultimate 
loads were shown in Table 4. 

Table 4. Shear stress 

Plan uτ vyf Gcr,τ
0.64
fvy

Plan I 120.6 160 250 250 

Plan II 109.1 160 250 250 

5.4 The comparison between the two 
plans 

The comparison between the two plans were 
shown in Table 5. The support reaction force of 
Plan Ⅱ was 318907.3kN, which was 4.6% less than 
that of Plan Ⅰ. The long-term displacement of the 
girder was 27.0cm, which was 5.1% more than Plan 
1 and less than L/600=45cm, satisfying the 
specification requirements. The bridge 
fundamental frequency of Plan Ⅱ  was 0.337Hz, 
which was smaller than that of Plan Ⅰ , and 
conducive to seismic design. The concrete of Plan 
Ⅱ is 613.8m3 less than that of Plan Ⅰ, and the 
prestressed reinforcement of Plan Ⅱ is 10432kn 
less than that of Plan Ⅰ. 

Table 5. Scheme comparison 

Project Plan Ⅰ Plan Ⅱ 

Maximum reaction (kN) 334339 318907 

Maximum deflection (cm) 25.7 27.0 

fundamental frequency (Hz) 0.339 0.337 

Material 

RPC(m3/m2) 0.36 0.36 

Concrete(m3/m2) 0.75 0.68 

Prestress(kN/m2) 72.97 70.04 

BSW(kN/m2) 87.61 88.26 

6 Conclusions 
Based on the trial design of a new type long-span 
double-limb prestressed concrete box girder bridge 
with corrugated steel webs, the following 
conclusions were drawn: 

1. The overall buckling strength of the corrugated
steel web is inversely related to hw and positively
related to tw and dw. The measures to improve the
overall buckling strength are to reduce the web
height, increase the corrugated steel wave height
and thickness in that order.

2. The top plate of box girder adopting RPC can
effectively reduce the thickness of the top slab, the
dead load and increase the span.

3. Filling core concrete between the double-limb
corrugated steel webs can reduce the free height
of the corrugated steel webs, increase the buckling
strength of the webs, satisfying the needs of large
spans.

4. The optimization technology of thin bottom slab
can reduce prestressed reinforcement by about 2%,
save concrete and decrease web shear stress by
about 10% without reducing section stiffness,
which is conducive to increasing span.

5. In summary, a new type of large span
prestressed concrete box girder bridge with
double-limb corrugated steel web proposed in this
paper was applicable and economical, which can
achieve an effective breakthrough in the span of
prestressed concrete box girder bridge with
corrugated steel web.
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Abstract 
It has been shown that the nonlinear differential equations representing the structural system of a 
suspension bridge exhibit nonlinear modal coupling that can lead to large torsional vibrations of 
the bridge deck. Such nonlinear coupling could play a role in the stability of cable-supported 
bridges under wind effects. Therefore, this paper presents an investigation of nonlinear modal 
coupling in cable-supported bridges with an emphasis on coupling between pairs of non-
analogous modes, i.e., modes having a weak correlation along the bridge deck between the verti-
cal displacement and torsional rotation. A procedure for assessing nonlinear coupling that relies 
on nonlinear generalized stiffness parameters is utilized for this purpose. Results of nonlinear gen-
eralized stiffness analysis for suspension bridges indicate that non-analogous modes have a weak-
er nonlinear coupling compared to analogous modal pairs. 

Keywords: cable-supported bridges; suspension bridge; finite element analysis; nonlinear static 
analysis; geometric nonlinearities; structural dynamics; modes of vibration. 

1 Introduction 
The first few decades of the 20th century were 
marked by a rapid increase in span length for sus-
pension bridges. This went on until dynamic wind 
effects were observed on some of the suspension 
bridges designed in this era, even those by promi-
nent engineers like Othmar Amman and David B. 
Steinman. The collapse of the Tacoma Narrows 
Bridge is obviously the event that triggered what 
has been more than 80 years of research on the 
dynamic effects of wind on bridges. Going from 
wind tunnel testing, finite element analysis to 
computational fluid dynamics, this research has 

made possible super long-span bridges like the 
Çanakkale Bridge and Messina Strait Bridge. As 
span lengths are getting longer, nonlinear struc-
tural phenomena in cable-supported bridges could 
play a role on the safety and stability of these 
bridges when subjected to wind effects. Similar to 
what happened in the case of dynamic wind ac-
tions at the beginning of the 20th century, nonlin-
ear structural phenomena have been omitted in 
the design process due to a lack of information 
about them. 

Regarding nonlinear structural phenomena, there 
have been some demonstrations of nonlinear 
mode coupling made by mathematicians using 
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nonlinear differential equations of continuum 
models of suspension bridges [1-4]. It has been 
shown that dynamic vertical forcing can induce 
large torsional oscillations due to nonlinear struc-
tural coupling. The nonlinear effect described 
previously seems to be attributed to a dynamic 
instability called internal parametric resonance [5]. 
To the authors' knowledge, such nonlinear dynam-
ic phenomena have never been demonstrated 
experimentally in a wind tunnel. However, a tran-
sition from an antisymmetric flutter mode to a 
symmetric flutter mode was observed on a full-
aeroelastic model of a double-main-span suspen-
sion bridge [6]. A possible explanation for this 
would be internal resonance due to nonlinear 
effects of the aeroelastic-structural bridge system 
[7]. 

As nonlinear structural effects combined with 
aeroelastic effects could lead to unexpected in-
stabilities, it appears that further research on 
structural nonlinearities in long-span bridges is 
needed, especially on nonlinear coupling between 
modes of vibration. Therefore, this paper presents 
an assessment of nonlinear mode coupling in ca-
ble-supported bridges. An emphasis is made on 
the coupling for non-analogous modal pairs, i.e., 
modes having a weak correlation along the bridge 
deck between the vertical displacement and tor-
sional rotation. 

First, the key aspects of nonlinear generalized 
stiffness analysis for cable-supported bridges in 
the case of vertical-torsional modal pairs are re-
viewed. Using this analysis technique, nonlinear 
generalized stiffness parameters for nine suspen-
sion bridges with main spans between 1,2 km and 
4,14 km were calculated. Comparing the results 
for analogous modal pairs and non-analogous 
ones allows identifying the more critical modal 
pairs with regard to nonlinear structural coupling. 

2 Two-mode nonlinear generalized 
stiffness 

Nonlinear generalized stiffness analysis provides a 
way to measure the nonlinear structural behavior 
of a bridge in terms of its dynamic properties or 
more specifically, its modes of vibration. This is 
achieved by applying static loads proportional to 
selected modes of vibration to a nonlinear finite 

element model of a cable-supported bridge. The 
reader is referred to [8] for further information on 
nonlinear generalized stiffness analysis. 

Since material nonlinearities are unlikely under 
wind loads in a properly designed cable-supported 
bridge, only geometric nonlinearities are of con-
cern in this study. As shown in Eqns. (1-2), nonlin-
ear generalized stiffness analysis in this paper 
accounts for two modes, i.e., mode 𝝓𝝓𝑖𝑖 and mode 
𝝓𝝓𝑗𝑗: 

𝐟𝐟𝑆𝑆𝑆𝑆(𝐮𝐮𝑛𝑛𝑛𝑛) = 𝐩𝐩𝑖𝑖𝑗𝑗  (1) 

𝐩𝐩𝑖𝑖𝑗𝑗 = 𝐩𝐩𝑖𝑖 + 𝐩𝐩𝑗𝑗 = 𝑎𝑎𝑖𝑖𝜔𝜔𝑖𝑖
2𝐌𝐌𝝓𝝓𝑖𝑖 + 𝑎𝑎𝑗𝑗𝜔𝜔𝑗𝑗2𝐌𝐌𝝓𝝓𝑗𝑗 (2) 

where 𝐟𝐟𝑆𝑆𝑆𝑆(𝐮𝐮𝑛𝑛𝑛𝑛) is the internal force vector of the 
nonlinear geometric system; 𝐮𝐮𝑛𝑛𝑛𝑛 is the nonlinear 
displacement vector obtained from nonlinear stat-
ic analysis; 𝐌𝐌 is the mass matrix calculated using 
the finite element method; 𝑎𝑎𝑖𝑖  and 𝑎𝑎𝑗𝑗 are respec-
tively the modal load coefficients for mode 𝝓𝝓𝑖𝑖 and 
mode 𝝓𝝓𝑗𝑗; 𝜔𝜔𝑖𝑖 and 𝜔𝜔𝑗𝑗  are respectively the natural 
angular frequencies for mode 𝝓𝝓𝑖𝑖  and mode 𝝓𝝓𝑗𝑗 . 
The dead-load configuration of the bridge is used 
as the reference state for the nonlinear static 
equation in Eqn. (1) and the calculations of the 
modal properties. Also, vertical and torsional 
modes are of interest for this study. They are 
normalized such that the maximum vertical dis-
placement of the bridge deck is unity for vertical 
modes. For torsional modes, the maximum tor-
sional rotation is unity. 

After solving Eqn. (1), 𝐮𝐮𝑛𝑛𝑛𝑛 can be approximated as 
follows: 

𝐮𝐮𝑛𝑛𝑛𝑛 ≈ 𝝓𝝓𝑖𝑖𝑧𝑧𝑖𝑖 + 𝝓𝝓𝑗𝑗𝑧𝑧𝑗𝑗 = 𝚽𝚽𝑖𝑖𝑗𝑗𝐳𝐳𝑖𝑖𝑗𝑗 (3) 

where 𝚽𝚽𝑖𝑖𝑗𝑗 = [𝝓𝝓𝑖𝑖 𝝓𝝓𝑗𝑗]  and 𝐳𝐳𝑖𝑖𝑗𝑗 = [𝑧𝑧𝑖𝑖 𝑧𝑧𝑗𝑗]T ; 𝑧𝑧𝑖𝑖  
and 𝑧𝑧𝑗𝑗  are the generalized displacements for 
modes 𝝓𝝓𝑖𝑖 and 𝝓𝝓𝑗𝑗. Because of the mode normali-
zation considered here, the generalized displace-
ments correspond to the maximum deck dis-
placement or rotation in the direction under con-
sideration. 

It is possible to rearrange Eqn. (3) in order to find 
the generalized displacements (see [8]). By varying 
the modal load coefficients, a force-displacement 
relationship can be obtained for the generalized 
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modal forces as functions of the generalized dis-
placements. This relationship is utilized to calcu-
late the two-mode tangent nonlinear generalized 
stiffness matrix  𝐊𝐊�𝑖𝑖𝑗𝑗𝑡𝑡 : 

𝐊𝐊�𝑖𝑖𝑗𝑗𝑡𝑡 �𝐳𝐳𝑖𝑖𝑗𝑗� =
𝜕𝜕𝐩𝐩�𝑖𝑖𝑗𝑗  
𝜕𝜕𝐳𝐳𝑖𝑖𝑗𝑗

 =

⎣
⎢
⎢
⎢
⎡
𝜕𝜕𝑝𝑝�𝑖𝑖
𝜕𝜕𝑧𝑧𝑖𝑖

𝜕𝜕𝑝𝑝�𝑖𝑖
𝜕𝜕𝑧𝑧𝑗𝑗

𝜕𝜕𝑝𝑝�𝑗𝑗
𝜕𝜕𝑧𝑧𝑖𝑖

𝜕𝜕𝑝𝑝�𝑗𝑗
𝜕𝜕𝑧𝑧𝑗𝑗 ⎦

⎥
⎥
⎥
⎤
 (4) 

It should be noted that 𝐩𝐩�𝑖𝑖𝑗𝑗 = 𝚽𝚽𝑖𝑖𝑗𝑗
T𝐩𝐩𝑖𝑖𝑗𝑗 =

[𝑝𝑝�𝑖𝑖 𝑝𝑝�𝑗𝑗]T = �𝑎𝑎𝑖𝑖𝜔𝜔𝑖𝑖
2𝑚𝑚�𝑖𝑖 𝑎𝑎𝑗𝑗𝜔𝜔𝑗𝑗2𝑚𝑚�𝑗𝑗�

T
. Also, we have

that 𝑚𝑚�𝑖𝑖 = 𝝓𝝓𝑖𝑖
T𝐌𝐌𝝓𝝓𝑖𝑖 and 𝑚𝑚�𝑗𝑗 = 𝝓𝝓𝑗𝑗

T𝐌𝐌𝝓𝝓𝑗𝑗. By account-
ing for two modes in the modal load, it is possible 
to study the nonlinear structural coupling be-
tween these modes. This is demonstrated by the 
off-diagonal terms in the matrix shown in Eqn. (4) 
as well as by the fact that the matrix entries are 
functions of both generalized displacements, 𝑧𝑧𝑖𝑖  
and 𝑧𝑧𝑗𝑗. 

3 Numerical models of cable-
supported bridges 

This study focuses on suspension bridges since 
they showed a stronger nonlinear mode coupling 
than cable-stayed bridges. Table 1 presents the 
nine suspension bridges considered for this analy-
sis on nonlinear coupling between non-analogous 
modes. Finite element models were developed for 
these bridges using the fishbone modeling ap-
proach where the bridge deck, modeled as Timo-
shenko beam elements, is connected to the cable 
system through rigid elements. The cable system 
is modeled using tension-only truss elements, for 
which the cable pretensions are applied using 
temperature loads. As mentioned previously, the 
geometric nonlinearities are considered for these 
numerical models. It is also worth noting that the 
hydraulic buffers, which are designed to limit lon-
gitudinal deck motions, are considered as inactive 
in this study. 

Table 1. Description of cable-supported bridges 

Bridge Type Main span 
[m] 

Buffers? Elevation view 

SU1 Three-span suspension 
Continuous girder 1550 Yes 

SU2 Three-span suspension 
Continuous girder 1624 Yes 

SU3a Three-span suspension 
Partially continuous girder 2460 Yes 

SU3b Three-span suspension 
Partially continuous girder 3300 Yes 

SU3c Three-span suspension 
Partially continuous girder 4140 Yes 

SU4a Single-span suspension 
Girder restrained at towers 1200 Yes 

SU4b Single-span suspension 
Girder restrained at towers 1800 Yes 

SU4c Single-span suspension 
Girder restrained at towers 2400 Yes 

SU4d Single-span suspension 
Girder restrained at towers 3000 Yes 

4 Results 
In this section are presented the nonlinear gener-
alized stiffness analysis results for the dead-load 
configuration of the bridges in Table 1. First, Sec-
tion 4.1 presents nonlinear generalized stiffness 

parameters in the case of modal pairs consisting 
of one vertical mode and its analogous torsional 
mode. Section 4.1 serves as a basis of comparison 
for the results in Sections 4.2 and 4.3. Section 4.2 
is used to assess the mode coupling caused by 
geometric nonlinearities between vertical and 
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torsional effects for non-analogous modes. In the 
case of Section 4.3, the nonlinear coupling be-
tween pairs of modes of the same type are stud-
ied. For the sake of brevity, only results in the case 
of symmetric modes are included herein. Com-
pared to symmetric modes, nonlinear coupling 
between antisymmetric modes is negligible [8]. 
This observation is also valid for nonlinear cou-
pling between a symmetric mode and an anti-
symmetric mode. 

For the calculation of the nonlinear generalized 
stiffness matrix 𝐊𝐊�𝑖𝑖𝑗𝑗𝑡𝑡 , the range of values for the 
modal load coefficients was chosen such that the 
nonlinear behavior can be observed. A total of 81 
values for each of the modal load coefficients 
were used, therefore forming an 81×81 grid with a 
total of 6561 points. However, the presentation of 
the results in Sections 4.1 to 4.3 is limited to gen-
eralized displacement limits determined in [8]. 
They were determined based on the nonlinear 
static response under mean wind loads calculated 
from finite element analysis. A displacement al-
lowance was also included in order to account for 
the dynamic wind effects, which were estimated 
from wind tunnel results. 

4.1 Nonlinear coupling for analogous 
modes 

For the sake of comparison with the case of non-
analogous modes, Figure 1 presents the terms of 
the nonlinear generalized stiffness matrix for 
analogous modes. Results for the modal pair 
formed by the first symmetric vertical mode (VS1) 
and the first symmetric torsional mode (θS1) are 
shown. Results for mode VS2 and mode θS2 are 
also included. 

It is also worth noting that the results are pre-
sented in a normalized format. Diagonal terms are 
normalized with respect to the corresponding 
linear generalized stiffnesses. For example, the 
diagonal term relative to mode VS1 is presented 
as 𝑘𝑘�𝑉𝑉𝑆𝑆1,𝑉𝑉𝑆𝑆1

𝑡𝑡 𝑘𝑘�𝑉𝑉𝑆𝑆1⁄ where 𝑘𝑘�𝑉𝑉𝑆𝑆1,𝑉𝑉𝑆𝑆1
𝑡𝑡 and 𝑘𝑘�𝑉𝑉𝑆𝑆1 are re-

spectively the nonlinear generalized stiffness and 

linear generalized stiffness for mode VS1 (𝑘𝑘�𝑉𝑉𝑆𝑆1 =
𝝓𝝓𝑉𝑉𝑆𝑆1
T 𝐊𝐊𝝓𝝓𝑉𝑉𝑆𝑆1 with 𝐊𝐊 being the stiffness matrix of 

the bridge). In the case of modal pair VS1-θS1, the 
off-diagonal terms are normalized as 
�𝑘𝑘�𝑉𝑉𝑆𝑆1,𝜃𝜃𝑆𝑆1

𝑡𝑡 𝑏𝑏𝑐𝑐𝑛𝑛⁄ � 𝑘𝑘�𝑉𝑉𝑆𝑆1⁄ and �𝑘𝑘�𝜃𝜃𝑆𝑆1,𝑉𝑉𝑆𝑆1
𝑡𝑡 𝑏𝑏𝑐𝑐𝑛𝑛� 𝑘𝑘�𝜃𝜃𝑆𝑆1⁄ , 

where 𝑏𝑏𝑐𝑐𝑛𝑛 is half of the distance between the main 
cables. This is done because 𝑘𝑘�𝑉𝑉𝑆𝑆1,𝜃𝜃𝑆𝑆1

𝑡𝑡  and 𝑘𝑘�𝜃𝜃𝑆𝑆1,𝑉𝑉𝑆𝑆1
𝑡𝑡  

have different units than the linear generalized 
stiffnesses 𝑘𝑘�𝑉𝑉𝑆𝑆1  and 𝑘𝑘�𝜃𝜃𝑆𝑆1 . The quantity 
𝑘𝑘�𝑉𝑉𝑆𝑆1,𝜃𝜃𝑆𝑆1
𝑡𝑡 𝑏𝑏𝑐𝑐𝑛𝑛⁄  can be seen as a vertical generalized

stiffness at the location of the cable connections 
to the deck. The quantity 𝑘𝑘�𝜃𝜃𝑆𝑆1,𝑉𝑉𝑆𝑆1

𝑡𝑡 𝑏𝑏𝑐𝑐𝑛𝑛 represents 
an equivalent torsional generalized stiffness. In 
the case of modes VS1 and θS1, these normalized 
stiffnesses are expressed as functions of the nor-
malized generalized displacements 𝑧𝑧𝑉𝑉𝑆𝑆1 𝐿𝐿𝑠𝑠𝑠𝑠𝑠𝑠𝑛𝑛⁄  
and 𝑧𝑧𝜃𝜃𝑆𝑆1𝑏𝑏𝑐𝑐𝑛𝑛 𝐿𝐿𝑠𝑠𝑠𝑠𝑠𝑠𝑛𝑛⁄ , where 𝐿𝐿𝑠𝑠𝑠𝑠𝑠𝑠𝑛𝑛 is the main span 
length. The results for modes VS2 and θS2 are also 
presented in a similar normalized format. 

4.2 Nonlinear coupling for non-analogous 
modes 

Figure 2 presents the results of nonlinear general-
ized stiffness analysis in the case of non-analogous 
pairs formed by a vertical mode and a torsional 
mode. Modal pair VS1-θS2 and modal pair VS2-
θS1 were considered. Results are presented in a 
normalized form similar to what is used in Section 
4.1. 

4.3 Nonlinear coupling for same-type 
modes 

It is also of interest to assess the nonlinear cou-
pling between modes of the same type, e.g., for 
two vertical modes or two torsional modes. There-
fore, Figure 3 presents the nonlinear generalized 
stiffnesses between modes VS1 and VS2 as well as 
those for modes θS1 and θS2. In this case, the 
diagonal and off-diagonal generalized stiffness 
terms are directly normalized with respect to the 
linear generalized stiffnesses because they have 
consistent units since modes of the same type are 
used. 
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(a) Modes VS1 and θS1 (a) Modes VS2 and θS2
Figure 1. Nonlinear generalized stiffness terms of suspension bridges for analogous vertical and torsional 

modes 
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(a) Modes VS1 and θS2 (a) Modes VS2 and θS1
Figure 2. Nonlinear generalized stiffness terms of suspension bridges for non-analogous vertical and tor-

sional modes 
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(a) Modes VS1 and VS2 (a) Modes θS1 and θS2
Figure 3. Nonlinear generalized stiffness terms of suspension bridges for same-type modes 
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5 Discussion 
As in it can be observed in Figures 1 to 3, the diag-
onal terms of 𝐊𝐊�𝑖𝑖𝑗𝑗𝑡𝑡  relative to the vertical modes 
mainly show a one-mode nonlinear behavior. For 
example, 𝑘𝑘�𝑉𝑉𝑆𝑆1,𝑉𝑉𝑆𝑆1

𝑡𝑡  varies with 𝑧𝑧𝑉𝑉𝑆𝑆1, and it is only 
slightly affected by the second generalized dis-
placement (𝑧𝑧𝜃𝜃𝑆𝑆1 for Figure 1, 𝑧𝑧𝜃𝜃𝑆𝑆2 for Figure 2 and 
𝑧𝑧𝑉𝑉𝑆𝑆2 for Figure 3). This is explained by the fact that 
vertical cable modal displacements for symmetric 
modes involve a change of cable tension causing a 
variation of the geometric stiffness [9]. Additional-
ly, from these results, it is evident that the three-
span suspension bridges with short side spans 
(SU3a, SU3b and SU3c) and the single-span sus-
pension bridges (SU4a, SU4b, SU4c and SU4d) 
show a stronger nonlinear modal coupling than 
the three-span suspension bridges (SU1 and SU2). 
Also, a span length effect can only be observed in 
Figure 1. 

By comparing Figure 2 to Figure 1, it is clear that 
the non-analogous case for one vertical mode and 
one torsional mode is less nonlinear compared to 
the analogous one. This is better demonstrated by 
the off-diagonal terms and the torsional diagonal 
terms. Regarding the modal coupling between 
modes of the same type, Figure 3a for the vertical 
modes shows a stronger nonlinear coupling than 
for the torsional modes in Figure 3b, which clearly 
shows a linear behavior. This indicates that the 
nonlinear behavior between modes of vibration 
mainly originates from the vertical movement of 
the bridge structure. 

From this analysis, it appears that nonlinear mode 
coupling is stronger for pairs formed by analogous 
vertical and torsional modes. This indicates that 
further research on the effect of nonlinear struc-
tural coupling on the stability of bridges subjected 
to wind should focus on analogous modal pairs. 

6 Conclusions 
According to theoretical research, nonlinear struc-
tural coupling in cable-supported bridges could 
potentially lead to unexpected instabilities involv-
ing large torsional bridge-deck oscillations. Such 
coupling could have an effect on the stability of 

bridges subjected to wind. Therefore, this paper 
presented an analysis of nonlinear coupling in the 
case of non-analogous modes. The procedure for 
nonlinear generalized stiffness analysis was ap-
plied to nine suspension bridges for different 
mode pairings. It was found that non-analogous 
modes have a weaker nonlinear coupling than 
analogous modes. This indicates that future re-
search should focus on analogous modes in the 
assessment of the effect of structural nonlineari-
ties on the stability of bridges under wind effects. 
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Abstract 
Prestressed concrete continuous rigid frame bridge is one of the main types of long-span bridges 
due to its mature construction technology and low cost during construction and operation. The 
corresponding design theory and construction technology were focused on the control and 
prevention technology of cracking and deflection. Based on an actual bridge inspection, obvious 
connected effect of separated structures was found that additional deformation and stress increase 
of the amplitude structure induced by the influence of the central transverse connection (diaphragm, 
central guardrail consolidation base, etc. ) can not be ignored. Suggestions including raising safety 
coefficient or adopting refined analysis model are provided. 

Keywords: prestressed concrete continuous rigid frame bridge; connected effect of separated 
structures; spatial grid model. 

1 Introduction 
Prestressed concrete rigid frame bridge is one kind 
of the common structural system in construction of 
long-span bridges due to its mature construction 
technology and low cost during construction and 
operation period. It plays an important role in the 
construction of bridges with a span of 100m~300m 
crossing waterways and mountainous areas[1]. 

This type of bridge structural system integrates the 
force characteristics of continuous beam bridge 
and T-shaped rigid frame bridge, with a continuous 
beam which is fixed with the piers. Based on the 
difference of pier thrust stiffness, the rigid frame 
system or continuous rigid frame hybrid system can 
be selected flexibly. The stress characteristics of 
the superstructure are essentially the same as 
those of the continuous beam, but the bending 
moment in the main girder can be adjusted 
through reasonable pier stiffness. Compared with 

the continuous beam, the positive moment of 
continuous rigid frame bridge is smaller than that 
of continuous beam bridge under live load, and 
their negative moments are close; under the action 
of the dead load, their bending moments are also 
closer. The piers and the girders are fixed together, 
which can reduce construction and maintenance 
cost of large-tonnage bearings, and improve the 
mechanical performance of the structure under 
horizontal load (such as seismic load). Therefore, 
this kind of bridge has been widely used all over the 
world[2][3]. 

According to the long-term engineering practice 
and operation tracking, there are some common 
and prominent defects of long-span PC continuous 
rigid frame bridges. The most typical defects are 
structural crack and midspan deflection, which also 
limit the widespread application of this type of 
bridges. In the past 20 years, the above problems 
have become the research hotspots in the 
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construction technology of such bridges, and the 
relevant design theory and construction 
technology have been continuously developed and 
improved, especially in the fields such as control 
and prevention of structural crack and midspan 
deflection, the refined analysis method of structure. 

Besides the above conventional problems, in 
combination with the actual bridge test during the 
operation period, it has been found that the rigid 
frame bridge with separated main structure 
presents obvious connected effect of the 
separated structure due to the action of transverse 
connection (diaphragms, fixed bases of medial 
divider, and other structures), that is, loading at 
one side may cause obvious deformation and stress 
increment of the bridge at un-loading side. The 
above phenomenon has been identified in loading 
tests of several long-span PC continuous rigid 
frame bridges in China. Due to the lack of relevant 
studies, it has not drawn adequate attention in 
bridge operation management agencies and design 
institutes. 

Based on the actual loading test of a long-span PC 
continuous rigid frame bridge, this paper compares 
the measured results with the theoretical 
calculation results, analyzes the force situation of 
the whole structure and local positions such as 
flange plates by using multi-scale finite element 
analysis models, and studies the change of the 
transverse stress transfer mode induced by 
connected effect of the separated structures. This 
paper discusses connected effect of the separated 
structure, and proposes the technical measures in 
the design stage and the key parts needing 
attention in the operation stage. 

2 Connected effect of the separated 
structures 

The main girder of the PC continuous rigid frame 
bridge should consist of a box section. If the 
number of lanes is greater than or equal to 6, they 
are distributed in the right part and left part of the 
bridge. Meanwhile, a transverse connecting beam 
is provided at the top of the fixed pier, and the base 
of the medial divider is "overlapped" between the 
flange plates of the separated structures. In the 
structural design and calculation, mutually 
independent structures are analyzed and 

calculated without considering stress transfer 
contribution of the transverse connection. 

However, during the load test of actual bridges, it 
has been found that there is an obvious transverse 
stress transfer effect between the loading side and 
un-loading side of bridge. During the takeover and 
acceptance of the auxiliary channel bridge of 
Humen Bridge, it can be observed that the 
connected effect of the right and left box-girder 
parts of the bridge is obvious, and the deflection 
ratio of the middle span of the box girders at the 
loading side and the un-loading side is 0.574:0.426. 
Same characteristics were found in the subsequent 
load tests of bridges with similar structural systems. 

For the connected effect of the separated 
structures, in addition to the force situation which 
is inconsistent with the design expectation, the 
flange plates suffer “extra” effect of transverse 
stress transfer, which may change the stress state 
of local position and cause unexpected disease 
phenomena, requiring more in-depth study and 
analysis. 

3 Actual bridge loading test 
The actual bridge loading test is conducted on the 
long-span PC continuous rigid frame bridge in 
China. The basic information of the bridge is as 
follows: 

The tested bridge consists three spans of 
140+268+140m, and the superstructure and 
substructure are separated into independent single 
bridges. The two single bridges are provided with 
four transverse diaphragms at the pier cap (14m 
high × 0.5m thick × 9.9m wide) which are 
connected as a whole, and rebars with a diameter 
of 16mm are inserted into the central barrier base 
at an interval of 20cm along the bridge direction to 
connect with the flange plates. The detailed 
structure is shown in Figure 3.1 and Figure 3.2 
below. 
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Figure 3.1 Structural Details of Diaphragm Plate 

Figure 3.2 Structural Details of Central Isolation Zone 

Loading case 1, 2, 3 

Figure 3.3 Loading Location Layout 
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In order to verify the actual performance of the 
bridge during the operation period, a special 
inspection of load test is carried out. Three loading 
cases are provided to verify the connected effect of 
the separated structures. The layout diagram of 
loading vehicles under various loading cases is 
shown in Figure 3.3. 

The measured deflection results of the box girders 
at loading side and un-loading side under various 
test cases are shown in Table 3.1 below. 

Table 3.1 Measured Deflection Results (mm) 

Position Case 1 Case 2 Case 3 
Loading side 29.5 35.6 36.8 

Un-loading side 17.6 22.2 18.6 

Deflection 
ratio 

Loading 
side 62.6% 61.6% 66.4% 

Un-
loading 

side 
37.4% 38.4% 33.6% 

The measured results show that there is obvious 
coherence between the separated structures. The 
average deflection ratio at the loading side and un-
loading side is 63.55% and 36.45%, which is close 
to the distribution ratio of 6:4. The above 
proportional relationship is close to the measured 
results of similar bridges, showing certain similarity. 

4 Calculation and analysis 

4.1 Introduction to cross-scale model 

In order to clarify the stress transfer mechanism of 
connected effect of separated structures and 
determine the impact on the responses of 
structures , a spatial grid model and a solid finite 
element model are established to simulate the 
three loading cases[4].  

The spatial grid model replaces each plate element 
of the box girder structure with a cross orthogonal 
girder grid, and the plate elements are recombined 
into a spatial structure after discretization [5] [6].  

The spatial grid model is separately established for 
the left and right parts, and the detailed 
discretization of the section is shown in Figure 4.1, 
and the finite element model of the whole bridge is 
shown in Figure 4.2. Articulation constraints are 
used between the base unit and the flange plate 
unit. 

While the full bridge model is analyzed by using a 
spatial grid model, a solid model is established to 
investigate the detailed characteristics of local 
stress of connected effect of the left and right parts. 
Concrete units are simulated by solid65 element, 
with material property: E = 3.545 × 104MPa and 
V=0.167; Rebars are simulated by link8 element, 
with material property: E = 2 × 105 MPa, v=0.3. The 
linear displacement coupling constraint is used 
between the base nodes of the central crush 
barrier and the nodes of the flange plates. 

4.2 Comparative analysis of results 

The comparison of deformation results under 
various cases is shown in Table 4.1 and Figure 4.3-
Figure 4.4.  

Table 4.1 Comparison between Measured Results 
and Theoretical Calculation 

Case Loading 
side 

Un-
loading 

side 

Deflection 
ratio 

Case 
1 

Measured 29.5 17.6 63:37 
Theoretical 47.3 31.3 60:40 

Check 
coefficient 0.62 0.56 / 

Case 
2 

Measured 35.6 22.2 62:38 
Theoretical 51.5 36.7 58:42 

Check 
coefficient 0.69 0.60 / 

Case 
3 

Measured 36.8 18.6 66:34 
Theoretical 53.4 38.2 58:42 

Check 
coefficient 0.69 0.49 / 

Note: the theoretical  values are derived from the 
spatial grid finite element model. 
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Figure 4.1 Division of box girder section 

Figure 4.2 Spatial grid model of the whole bridge 

Case 1 

Case 2 

Case3 

Figure 4.3 Comparison Between Measured Results and Theoretical Calculation（1） 
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Figure 4.4 Comparison between Measured Results 
and Theoretical Calculation (2) 

The measured results and theoretical calculation 
results show that:  

(1) There is obvious connected effect between the
bridges with separated structure and central
connection, and the action effect of the loading
side is borne by the un-loading side. The deflection
ratio calculated by using the spatial grid model is
close to 6:4, which is basically consistent with the
measured results.

(2) The average value of the check coefficient of the 
loading side is 0.67 < 1.0, and the average value of
the check coefficient of the un-loading side is 0.55
< 1.0. The measured results are less than the
theoretical calculation results, which is related to
the fact that the stiffness contribution of the crush
barriers, pavement and other structures which is
not considered in the finite element model.

(3) There is obvious transverse bending effect on
the flange plates in the middle connection of the
right and left parts of the bridge. The detailed
characteristics of the local stress of the structure
under the connected effect of the right and left
parts are investigated by using the solid finite
element model. Under the simulated loading
(inconsistent with the actual loading case), the
maximum deflection due to deformation of each
part of the model is shown in Figure 4.5. The
average deflection on the loading side is 4.2cm, the
average deflection under un-loading side is 1.9cm,
and the deflection ratio is 69:31.

Figure 4.5 Virtual loading results of solid finite 
element model 

See Figure 4.6 and Table 4.2 for the transverse 
stress results of the section.  

a. Cloud diagram of transverse stress
distribution of section 

b. Lateral stress distribution of loading
side flange plate 

c. Transverse stress distribution diagram
of central guardrail base 
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d. Transverse stress distribution diagram
of un-loading side flange plate 

Figure 4.6 Transverse Stress Distribution Diagram 

Table 4.2 Calculation Results of Transverse Stress 

Part 
Compressive 

stress（MPa） 

Tensile 
stress

（MPa） 
Loading side 
flange plate 2.17 2.17 

Central guardrail 
base 2.82 2.07 

Un-loading side 
flange plate 4.78 4.81 

4.3 Lateral stress transfer mechanism 

The analysis shows that the transverse stress 
transfer path of the bridge structure with structure 
separation and central connection is: flange plate 
at loading side- central crush barrier base - flange 
plate at un-loading side, and the additional vertical 
stress of the webs is caused by the action of the 
transverse frame.  

The following Figure 4.7 shows the position of each 
observation point, and the stress conditions are 
shown in the following Table 4.3.  

Figure 4.7 Location of Observation Points 

Table 4.3 Stress results of observation points 

Observation 
point 

Compressive 
stress（MPa） 

Tensile stress
（MPa） 

1 2.54 2.45 
2 2.17 2.17 

3 2.82 2.07 
4 4.78 4.81 
5 2.36 2.55 

The results show that: 

(1) In consideration of the transverse connection
(diaphragms, fixed base of medial divider, and
other structures), the transverse stress law of box
girder section is obviously different from the
traditional transverse frame stress mode, and the
central side flange plate changes from the simple
cantilever force state to the continuous force
transfer state.

(2) The connected effect of the right and left parts
of the bridge may cause obvious stress
increasement on the flanges, webs and other parts
of the separated bridge, and structural crack if
there is gradient temperature and other effects.

(3) As the connected effect of the separated bridge
can effectively share the structural stress at the
loading side, it can improve the structural safety
factor under vehicle loading and contribute to the
overall stress of the structure. Meanwhile, more
attention shall be paid to the longitudinal cracks in
the central flange plates and webs. Due to the high
girder height or lack of maintenance access, the
above positions are the blind areas of inspection
and maintenance during the operation period, and
inaccessible methods or accessible supports shall
be considered for key inspection and evaluation.

5 Conclusions 
According to the loading test results of the actual 
bridge and the results of the cross-scale finite 
element analysis model, the following conclusions 
are drawn: due to the action of transverse 
connection (diaphragms, fixed base of medial 
divider and other structures), the left and right 
parts of the bridge with structure separation have 
obvious connected effect, and the stress mode is 
different from the traditional concept. The above 
effects may cause obvious stress increase on the 
flanges, webs and other parts of the separated 
bridge, and structural crack if there is gradient 
temperature and other effects. The theoretical 
calculations show that this type of the connection 
structure can still produce obvious coherence law 
even when the concrete at the connection is 
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cracked and the force is transferred only by the 
rebars, resulting in about 40% of the deflection 
distributed at un-loading side, and the stress 
incensement that cannot be ignored at the flanges, 
webs and other parts, which may cause crack and 
other defects. 

It is suggested to take different measures in the 
design and operation management stage to 
eliminate the impact of the connected effect of the 
separated structure:   

(1) In the design stage, the spatial grid model or
other refined finite element model can be used to
establish the analysis model considering the
transverse connection force transfer, strengthen
the shear and bending reinforcement design at the
flange plate position, and attention shall be paid to
the anti-cracking design at the web position.

(2) In the operation stage, inaccessible methods or
accessible supports can be considered to check and 
evaluate the above blind areas.
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Abstract 
Towers are highly visible and characteristic structural components in long-span bridges. Although 
several tower arrangements have been proposed for medium-span cable-supported bridges, few 
solutions have been feasible and optimal for long-span suspension bridges. The most widely 
adopted form is the H-frame, where vertical (or slightly inclined) legs are connected by one or more 
cross beams. Another solution is the A-frame in which two inclined legs, not necessarily connected 
by intermediate cross beams, merge at the tower top. On a few occasions single-shaft towers, often 
used in cable-stayed bridges, have also been used in suspension bridges. This paper compares 
alternative tower forms for long-span suspension bridges, based on COWI experience in recent 
bridge design projects. Different arrangements are investigated, with the objective of improving 
structural efficiency and reducing material quantities. Finally, constructability aspects and the 
interaction between the towers and other bridge elements are discussed.  

Keywords: suspension bridges; bridge towers; pylons; long-span structures. 

1 Introduction 
In long-span suspension bridges, aesthetics is often 
as important as structural efficacy since these 
structures represent way more than mere 
crossings. They are landmarks affecting the way 
people live and interact with the environment. 
Towers are the most visible element of a 
suspension bridge, and their form can become as 
iconic as the whole structure.   

Several structural forms have been adopted for 
cable supported bridges; however, long-span 
structures impose several constraints on the tower 
design, thus reducing the available options. This 
paper investigates the concept design of towers for 
long-span suspension bridges. First, structural 
aspects related to design and construction are 
analysed. Then, advantages and limitations of 

typical tower forms are highlighted. Finally, some 
reference projects from COWI portfolio are 
presented to compare competing solutions in 
terms of efficiency and aesthetics.  

2 Concept design of suspension-
bridge towers 

This section highlights the key factors driving the 
conceptual design of long-span suspension bridges. 

2.1 Material 

As the predominant force carried by the tower is 
compressive axial load from the cables, combined 
with bending due to eccentricities and horizontal 
loads, concrete towers are typically the first choice. 
However, the considerably increased self-weight 
over that of an equivalent steel structure may 
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result in uneconomic foundation requirements, 
especially when ground conditions are relatively 
poor or in areas subject to severe earthquake 
conditions. 

Steel towers are typically more expensive than 
concrete towers; however, steel solution could 
speed up construction and simplify erection 
operations, especially for offshore towers. 
Moreover, steel towers exhibit a ductile post-
elastic performance that can be advantageous 
under seismic loads [1]. Figure 1 shows two 
examples of steel towers for long-span suspension 
bridges in seismic regions.    

Figure 1. Steel towers designed by COWI. The 1915 
Çanakkale Bridge (left) and the Osman Gazi Bridge 

(right) in Turkey  

2.2 Governing load conditions 

In suspension bridges, towers support the main 
span cable at a height sufficient to provide the 
required cable sag above the level of the deck. 
Therefore, bridge towers are mainly subjected to 
compressive axial force, combined with 
longitudinal and transverse bending from wind and 
traffic loading. An increase in the vertical load on 
either of the spans supported by the tower 
generates an out-of-balance force in the horizontal 
component of the cable tension at the tower top. 
This out-of-balance force is balanced by allowing 
towers to bend and, consequently, cable saddles to 
move horizontally [2].  

The design loading is defined by the most adverse 
combination of cable vertical loads and coincident 
longitudinal displacements at the tower top. 

Longitudinal displacements of the tower top induce 
bending moments in the tower legs, while the 
movement of the tower axis from the vertical 
induces second order bending stresses in the legs, 
in addition to the direct compressive stresses. 
Theoretically, economical design of suspension-
bridge towers is achieved by exploiting the tower 
slenderness. This is limited by the need for:  

i. an adequate margin against global buckling of
vertical tower elements,

ii. sufficient strength and stiffness for the tower
to be safely erected as a free-standing vertical
cantilever subject to wind loading.

To prevent tower leg transverse buckling and 
effectively resist wind loading in the transverse 
direction, individual tower legs can be connected. 
A diagonal cross-bracing system is the most 
efficient as it relies on axial forces instead of 
bending. However, the bracing system must be 
interrupted at deck level to provide clearance for 
traffic, with lateral forces being transferred locally 
by bending and shear. Also, cross bracings are not 
easy to install and to maintain. Alternatively, 
diagonal bracing systems can be replaced by one or 
more crossbeams, so that the tower acts as a 
vertical moment-resisting frame.  

Effectiveness of tower cross sections in term of 
bending stiffness is achieved by placing the 
structural material at the maximum practical 
distance from the section centroid. Structural 
efficiency is often achieved through the adoption 
high strength materials which help reduce overall 
material quantities. Benefits of reduced quantities 
for massive structures such as bridge towers are 
not limited to savings in the project budget. Lighter 
structures are easier to erect and typically involve 
lower embodied carbon compared with heavier 
solutions [3]. 

Finally, in addition to permanent and transient 
loads, accidental load conditions shall be 
considered. For example, the seismic oscillation of 
the bridge or the impact of a vessel against tower 
legs or the tower foundation can become a critical 
loading scenario, which may govern the design.       

2.3 Structural forms 

In the distant as well as recent past, a range of 
alternative tower forms has been proposed for 
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cable supported bridges [4]. However, long-span 
suspension bridges are typically designed with 
portal-frame towers. Portals consists of vertical 
elements (i.e., legs) connected by transverse 
elements (i.e., cross beams or bracings). In H 
frames, legs are parallel or slightly inclined inwards, 
while in A frames legs merge at the tower top.  

As mentioned in Section 2.2, connecting the legs of 
portal frames helps avoid leg buckling, improves 
the aerodynamic stability, and stiffen the tower 
against torsion effects. As an alternative to cross 
beams, bracings between tower legs have been 
adopted in a few suspension bridges such as the 
Akashi Kaikyo Bridge. Although bracings may be of 
interest for aesthetic reasons (Figure 2), they add 
several complications to the tower construction in 
particular because of the joints between bracing 
elements and tower legs. 

Figure 2. Tower bracings (Knight Architects) 

More recently, an alternative form consisting of a 
mono-leg tower has been proposed for suspension 
bridges such as the Lingding Bridge of the 
Shenzhong Link (Figure 3) or the Tsing Lung Bridge 
(refer to Section 3.2). Although the mono-tower 
layout has not been adopted on major suspension 
bridges yet, this solution has been successfully 
employed for large cable-stayed bridges like the 
Stonecutters Bridge. 

Figure 3. COWI proposal of mono-tower for 
Shenzhong Link in China 

In addition to the leg inclination in the transverse 
plan, some towers are longitudinally inclined 
toward or away from the main span (e.g., refer to 
Figure 4). This can be done if such a design can be 
justified structurally and aesthetically. However, 
longitudinally inclined towers must be carefully 
considered since they involve extra costs due to 
more complicated erection.  

Figure 4. Inclined towers at the Noryang Bridge in 
South Korea (KWANSOO E&C Ltd.) 

The leg cross section is typically reduced while 
moving from the leg foundations to the cable 
saddles. The tapering can be either constant 
throughout the tower height or it can occur right 
above the joints between legs and cross beams. 
Alternatively, the leg cross section could be 
minimum at about 2/3 of the tower height – where 
bending moment is low – and gradually increase 
towards both the tower top and the foundations.   

Tower foundations are designed according to the 
geotechnical conditions of the site and often 
consist of pile caps supported by large-diameter 
bored piles or direct foundations made by concrete 
caissons. In case the tower layout consists of portal 
frames, each tower involves one foundation at the 
base of each leg. To optimize the foundation layout, 
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diamond-shape towers with inward-leaning legs 
below the deck have been proposed especially for 
medium-span cable-stayed bridges such as the 
Farø Bridge (Figure 5). However, this solution is 
often not feasible for long-span suspension bridges 
due to the magnitude of deviation forces in the legs 
at the kink. 

Figure 5. Diamond shaped towers at the Farø 
Bridge in Denmark 

2.4 Tower interaction with deck and cables 

The tower height is defined by the sag-to-span ratio 
of the main and cables, which is typically in the 
range between 1/9 to 1/8. The deck level is 
optimised given some constraints such as the 
ground profile, the levels of existing infrastructure, 
or the required clearance between the deck and 
the terrain (or water surface) below. 

In portal-frame towers, the distance in between 
the legs at the deck level shall be able to 
accommodate the deck width including 
articulations.  To minimize the width of the tower 
frame, the deck service lanes could be placed 
outside the tower legs. However, this solution is 
often disregarded for aesthetic reasons. The 
opposite situation occurs for mono-towers (i.e., 
towers consisting of a single shaft), which are 
located in between the deck carriages, resulting in 
increased overall deck widths at tower locations. 
This solution can be advantageous when the deck 
consists of twin-box girders. However, for mono-box 
or truss girders it is complicated since the girder 
would need to split. 

The width of the tower top depends mainly on the 
cable profiles. The standard solution for suspension 
bridges is to have parallel main cables (i.e., the 
transverse distance between the cable centers is 
constant along the bridge length). Having vertical 
cable planes and vertical hangers helps simplify the 
cable erection; however, it also implies that the 
tower top is as wide as the transverse spacing 
between hangers. This reveals why H-towers – with 
vertical or slightly inclined legs – represent the 
default solution for suspension bridges. Anyway, 
solutions with A-towers and inclined cable planes 
have been successfully adopted for long-span 
suspension bridges – refer to Section 3.3. Finally, 
the planar dimensions of the tower top shall be 
able to accommodate the cable saddles and to 
allow the cable curvature in the longitudinal plane. 
When 2 or 4 main cables are required, saddles are 
located right above the tower legs, while for a 
monocable or 3 cable planes the most appropriate 
saddle location is at the tower centre line. The 
former situation favours H-towers, while A-towers 
could be advantageous in the latter situation. In H-
towers, saddles might be located at the tower 
centre line by using a deep transfer structure 
connecting the leg top portions; however, this 
solution is neither structurally optimal nor easy to 
construct.   

Finally, the bridge articulation is largely defined at 
tower locations. At the towers the suspended deck 
may be supported on a cross beam below the deck 
to accommodate an expansion joint separating the 
deck in the main span from the side spans (or the 
approach ramps). If the side spans are cable 
supported, the deck is often not vertically 
supported at the towers, since this would give and 
undesirable support that is very stiff compared to 
the cable system. Sudden longitudinal movements 
due to braking of cars and longitudinal gust wind 
are dampened by hydraulic buffers, which shall 
also accommodate displacements due to 
accidental loading scenarios (e.g., seismic 
oscillations). Wind loads in the transverse direction 
are typically taken in vertically placed spherical 
bearings between the tower leg and the deck.   
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2.5 Constructability aspects 

Towers constructed of reinforced concrete are 
usually cast in forms that are removed and reused 
or jumped to the next level. Concrete placing 
heights are usually restricted to about 6 to 12 m 
to limit form pressure from the freshly placed 
concrete. Reinforcing bar cages are usually 
preassembled on the ground or on a work barge 
and lifted into position by crane. This requires the 
main load carrying reinforcing bars to be spliced 
with each lift. Lapped splices are the easiest to 
make but are not allowed in seismic areas. 

Slip forming is an alternative method that uses 
forms that are pulled slowly upward, reinforcing 
bars positioned and the concrete placed in one 
continuous operation around the clock until the 
tower is completed. Slip forming can be economical, 
particularly for constant-cross-section towers. 
Some changes in cross section geometry can be 
accommodated.  

Bridge towers with legs sloped toward each other 
to form an A, an inverted Y, a diamond, or similar 
shapes are not as difficult to construct as the 
longitudinally inclined. The sloping concrete forms 
can be supported by temporary supports and cross 
struts that tie the concrete forms together. This 
arrangement braces the partly cast concrete tower 
legs against each other for support. As the sloped 
legs are erected, the inclination will induce bending 
moments and lateral deflection in the plane of the 
slope of the legs. Both secondary effects must be 
adjusted by jacking the legs apart by a calculated 
amount of force or displacement to release the 
locked-in bending stresses. An example of 
temporary props between tower legs is shown in 
Figure 6. If the amount of secondary stress is small, 
then cambering the leg to compensate for the 
deflection and adding material to lower the 
induced stress can be used. The jacking procedure 
adds cost but is an essential step in the tower 
erection. Neglecting this important construction 
detail can “lock-in” stresses and deflections that 
will lower the factor of safety of the tower thus 
altering the geometry assumed in the design. 

Tower construction usually requires special 
equipment to erect steel components or concrete 
forms to the extreme height of the tower. 

Suspension bridges require cable saddles to be 
erected on the tower tops. Tower cranes, 
connected to the tower as it is erected, can be 
employed for most tower designs and are a good 
choice for handling steel forms for the erection of 
concrete towers. Because the tower erection must 
be done in stages, each stage must be checked for 
stability and for stresses and deflections. Moreover, 
factors such as erection tolerances and geometry 
imperfections shall be carefully considered, 
especially for steel towers since they tend to 
accumulate during the erection process. 

Concrete towers have thick reinforced walls which 
for a given compressive strength produce a high 
structure mass and, although generally of 
rectangular shape, usually have rounded corners 
that decrease to some extent the intensity of any 
shed vortices. Concrete towers are therefore 
unlikely to suffer from vortex-induced vibrations 
and although galloping excitation could occur, this 
will only be at very high wind speeds [2]. 

Figure 6. Temporary props on the Sungai Kebun 
Bridge in Brunei (Haegang systems) 

By contrast, the rectangular cross-section of steel 
towers is made up from welded stiffened plate (e.g., 
refer to Figure 1) and for a comparable 
compressive strength has a much lower mass, has 
low internal damping, and the sharp corners of the 
cross-section can produce strong shed vortices. It is 
possibly therefore that a steel tower will have a 
natural frequency coinciding with that of vortex 
shedding at wind speeds likely to occur during the 
construction period. In such a case additional 
damping shall be provided. 
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3 Reference projects 
This section presents a range of reference projects 
with different tower solutions in which COWI has 
been involved on various grounds. 

3.1 ShiZiYang Bridge 

The ShiZiYang Bridge is a suspension bridge in 
China under design with a main span of 2180m. As 
part of the concept design, COWI has proposed a 
comparison of four tower layouts. The two most 
promising solutions – shown in Figure 7 – consist of 
an A-tower and a H-tower. In the following the two 
layouts are compared in terms of structural 
efficiency and material quantities. 

Figure 7. Proposed tower layouts for ShiZiYang 
bridge. A-tower (top) and H-tower (bottom) 

The A tower offers some structural advantages in 
comparison with the H tower. This can be observed 
by comparing the internal forces in two frames 
having identical total heigh and cross sections.  

Figure 8 shows the comparison of axial force in the 
legs and bending moment in the cross beams. 
Diagrams for the axial force and the longitudinal 
bending are similar for both the A-tower and the H-
tower. The cross beams in the A tower are 
governed by the load applied directly to the cross 
beams while in the H tower they are governed by 
the frame corner moments (Mz in Figure 9). Cross 
beams in the A tower experience bending actions 
under the ultimate-limit-state (ULS) load 
combination 40% lower than the cross beams in 

the H tower. This is mainly due to moment being 
transformed into push-pull effect because of the A-
frame shape and the reduced crossbeam lengths. 
The most critical key sections with peak transverse 
bending moments are located at the base of tower 
legs, on the tower leg right above the connection 
with cross beams, and on cross beams at the 
connection with tower legs. Locations of critical 
cross sections are shown in Figure 10. 

In addition to the reduced bending moments, A 
towers allow reducing the material quantities for 
the towers mainly because of the saving in the 2 
cross beams. Given the tower height it is assumed 
that propping of tower legs during construction 
(refer to Section 2.5) will be necessary to ensure 
stability regardless the selected tower shape.  

Figure 9 shows the transverse bending moment 
and the tower deflection under serviceability-limit-
state (SLS) transverse gust wind. The A tower 
experiences bending actions under the most 
unfavourable transverse gust-wind load 65% lower 
than the H tower. Similarly, the lateral deflection of 
the A tower is about 1/3 of the H-tower lateral 
deflection. This occurs since A towers lateral forces 
are transferred through push-pull reactions in the 
two legs rather than by vertical bending of the legs. 

The design of tower legs for the in-service situation 
is governed by the section forces under the ULS 
envelope of axial force (Ns) and bending moments 
(My and Mz). The crossbeam design is governed by 
maximum crack width under the quasi-permanent 
SLS envelope of maximum positive and negative 
longitudinal bending moments (My+ and My-). The 
crack-width criterion is not governing the leg 
design since the large axial force compensates the 
bending actions due to lateral actions (mainly wind, 
and the envelope of traffic loads).  

Tower legs below the deck can be governed by the 
wind load in phase of free-standing tower due to 
missing spring support at the top of the tower in 
the longitudinal bridge direction provided by the 
main cables. Also, the normal compression force in 
the free-standing situation is reduced due to the 
absence of the deck. The absence of vertical 
compression makes tension in the tower legs more 
critical for the free-standing tower. 
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Figure 8. Comparison of ULS section forces 

Figure 9. Comparison of SLS bending and 
deformation at the tower top  

Results of the in-service verifications for the A-
tower and the H-tower are reported in Table 1 and 
Table 2. To simplify the comparison, the same cross 
sections are adopted for the legs and cross beams 
of both the A-tower and the H-tower. 
Reinforcement ratios are changed in order to 
obtain analogous UR values and crack width. From 
the tables above it can be seen that all results 
comply with design requirements, which specify UR 
values lower than 1.0 and a maximum crack width 
of 0.3mm. Given the large reinforcement ratios 
(>2%) required in the H-tower cross beams in order 
to satisfy the maximum crack-width requirement, 
post tensioning of cross beams could be an option. 
Finally, it is worth noticing that UR values for the A 
tower are lower than those related to the H tower, 

which demonstrates potential optimization of the 
A tower dimensions.  

The free-standing tower analyses for the two 
layouts result in UR values (section S1) for the ULS 
of about 0.3 for the A tower and 0.35 for the H 
tower. The maximum crack width is automatically 
verified since the tower is in full compression at the 
SLS. Therefore, it can be concluded that the free-
sanding tower situation is not critical in this 
situation.  

Material quantities resulting from the concept 
design are reported in Table 3. The concrete 
amount includes only the tower walls, hence 
diaphragms at the tower top and at the deck level 
are disregarded. Quantities related to the tower 
foundations are omitted.Results show that the H-
tower design requires about 7,000 cubic meter of 
concrete (+10%) and 3,200 ton of reinforcement 
(+40%) more than the A tower. The increased 
quantities mainly refer to the cross beams and the 
additional reinforcement required in the tower legs 
– especially at the joints with the cross beams – due
to the portal behaviour of the H-tower frame.

Table 1. Cross-section utilisation for A-tower 

Table 2. Cross-section utilisation for H-tower 

ρ L

[%]
UR N 
(ULS)

UR My 
(ULS)

UR Mz 
(ULS)

Max crack 
width [mm]

S1 0.8% 0.71 0.58 0.48 -

S2 0.8% 0.69 0.57 0.50 -

S3 1.0% 0.73 0.56 0.53 -

ρ L

[%]
UR My+

(ULS)
UR My- 

(ULS)
UR Mz 
(ULS)

Max crack 
width [mm]

S4 1.3% 0.47 0.22 0.06 0.29

S5 1.1% 0.27 0.27 0.04 0.22

ρ L

[%]
UR N 
(ULS)

UR My 
(ULS)

UR Mz 
(ULS)

Max crack 
width [mm]

S1 1.2% 0.78 0.51 0.75 -

S2 1.2% 0.80 0.60 0.78 -

S3 1.5% 0.79 0.59 0.79 -

ρ L

[%]
UR My+

(ULS)
UR My- 

(ULS)
UR Mz 
(ULS)

Max crack 
width [mm]

S4 2.3% 0.26 0.46 0.06 0.26

S5 2.3% 0.42 0.47 0.06 0.26

S6 2.1% 0.29 0.47 0.18 0.29
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Figure 10. Comparison of tower layouts  

Table 3. Comparison of material quantities 

3.2 Tsing Lung Bridge 

The Tsing Lung Bridge is a suspension bridge in 
Hong Kong under design (Figure 11). For a concept 
with a main span of 1252m, COWI prepared a 
feasibility study for two alternative tower layouts: 
i) a mono-tower solution, and ii) a H-tower.

Figure 11. Mono-tower concept for Tsing Lung 
Bridge in Hong Kong  

As shown in Figure 12, the outer shape of the 
mono-tower is a double-D shape up to the girder 
level with the longer dimension in the transverse 
direction of the bridge. Above the girder level the 

outer shape is circular, and the steel deck is 
supported on bearings placed on corbels below the 
bridge girder. 

The outer dimensions and the inclination of the 
tower legs in the transverse direction have been 
selected to achieve sufficient space for the girder 
at the lower cross beam and distance between the 
saddles at the tower top. Critical sections in the 
tower legs are found at the base and at the two 
cross beams. For the cross beams the critical 
section is at the interface to the tower legs. 

The free-standing tower condition during 
construction is shown to be governing for bottom 
sections of the H-tower due to higher load and less 
favourable geometry in comparison to the mono-
tower which is not sensitive to wind loading in free 
standing state. For the H-tower, the wind action 
represents the most severe load for both cross 
beams. The most critical sections for ULS 
verifications are therefore located at the leg 
connections. As the lower cross beam provides the 
support for both main and side spans, the SLS crack 
width becomes critical at the sections at the 
bearing locations since the variable load effects are 
reduced by combination factors and the dead load 
is considered in full value. 

The mono-tower is governed by axial force and 
bending in the longitudinal direction of the bridge. 
In the transverse direction, the extreme wind load 
is critical. However, section-force peaks for the in-
service condition are observed at corbels 
supporting the deck. This requires additional 
detailing such as tower diaphragms.  

Figure 12. Tower concepts for Tsing Lung Bridge: 
mono-tower (left), and H-tower (right) 

A-tower H-tower
Legs - concrete [m3] 56,356 59,624
Legs - rebars [ton] 3,888 6,719

Cross beams - concrete [m3] 5,584 9,500
Cross beams - rebars [ton] 544 981

Total concrete [m3] 61,940 69,124
Total rebars [ton] 4,432 7,700
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Material quantities for the two layouts are 
reported in Table 4. Results show that H-towers 
require substantially larger material quantities 
than mono-towers. The required reinforcement in 
the cross beams of the H-towers is high, requiring 
use of large bar diameter and consequently use of 
mechanical couplers for lapping these bars. 
Therefore, an alternative solution based on use of 
post-tensioning in the top and bottom slabs of the 
cross beams could be considered. 

Table 4. Comparison of material quantities 

3.3 Hålogaland Bridge 

The Hålogaland suspension bridge in Norway 
designed by COWI has a main span of 1145m [5]. 
Architectural considerations played a crucial role in 
the development of the bridge concept. The 
combination of a narrow bridge deck and high 
pylons gives the architect the possibility to design 
elegantly pointed pylons that match with the 
pointed peaks of the local landscape.  

Figure 13. The Hålogaland Bridge in Norway 

The design takes advantage of the special 
conditions on the site and the need for an 
attractive structure. For a long span bridge with an 
extremely narrow deck an A-tower is an optimal 
solution. An H-tower was not aesthetic appealing 
due to the tall height and narrow width required. 
Also, a mono- tower was impractical given the 
mono-box deck with only two lanes. The lower part 
of the pylon legs is tapering downwards to 
minimize the transverse dimension of the tower 
legs at the bottom section thereby achieving a 
lighter appearance. 

The A-tower allows the main cables to have slightly 
tilted vertical planes instead of the traditional 
parallel planes. As a result, this bridge is the 
World’s longest suspension bridge with a spatial 
cable system. Finally, the tower is topped with an 
enclosure shaped as an inverted pyramid, which 
provides space for circular windows and lighting,  

4 Conclusions 
Tower forms for long-span suspension bridges shall 
fulfil several requirements that inevitably reduce 
the range of available options. H-towers represent 
the most conventional solution; however, results 
show that alternative forms such as A-towers and 
mono-towers can be competitive in terms of 
structural efficiency, constructability, and 
aesthetics. 
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Mono-tower H-tower

Legs - concrete [m3] 13,400 19,113
Legs - rebars [ton] 2,800 2,625

Cross beams - concrete [m3] - 4,896
Cross beams - rebars [ton] - 1,225

Total concrete [m3] 13,400 24,009
Total rebars [ton] 2,800 3,850
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Benefits and Challenges of the Twin-box Bridge Girder 
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Abstract 
The aerodynamics of the twin-box bridge is considered to highlight the reasons for making this type 
of bridge deck superior to the conventional trapezoidal mono-box for suspension bridges having 
span lengths longer than 1800 m. The paper proposes a simple theoretical model yielding physical 
insight into the flutter stability and presents a design example comparing the flutter performance 
of a 2000 m main span suspension bridge designed with either a mono-box or a twin-box bridge 
girder. Experience from vortex induced vibration of twin-box bridges is discussed to demonstrate 
that a twin-box girder can be designed to avoid vortex induced for practical damping levels. 

Keywords: flutter instability; suspension bridge dynamics; mono-box bridge girder; twin-box bridge 
girder; vortex induced vibrations; cross girder connection. 

1 Introduction 
As the technologies advance and the demands for 
longer bridge connections arise, additional 
challenges meet the bridge designer. One being the 
structural performance of the bridge girder 
particularly for long span cable supported bridges 
in areas where the wind climate is harsh and 
weather extremes will become more frequent and 
intense because of global warming. 

The wind performance of the conventional mono-
box girder layout, as used for some of the longest 
bridges in the world such as the Great Belt bridge 
in Denmark and the Osmangazi bridge in Turkey, 
may have reached its limit once the spans approach 
the 1800 - 2000m mark. The alternative: A twin-box 
girder.  

From the perspective of aerodynamic performance, 
the twin-box has some merits, as it reduces the 
self-excited aeroelastic loads in torsion leading to 
higher wind speeds for onset of flutter. The 
downside of the twin-box is that vortices shed 

rhythmically from the upwind girder hull may 
impact on the downwind girder hull and lead 
vortex induced vibrations at low wind speeds 
commonly encountered for every day operation. 

From a structural point of view separating the two 
boxes increasing the lateral stiffness around a 
vertical axis will naturally be beneficial to some 
extent, however in doing so cross girders are 
required to connect the girders to achieve this 
effect. Herein lies a challenge, since the Vierendell 
effect of the girder system may impose some 
localised effects at the connection between the 
longitudinal girders and the cross beams. This 
connection will require special attention, and the 
knowledge of this effect shall be considered in the 
early phases of the design, since it may have direct 
impact on the general layout of the bridge girder 
system. 

2 Flutter instability 
Aerodynamic instability of long span suspension 
and cable stayed bridges manifests itself as flutter 
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- a condition where the bridge is set into oscillatory
torsion dominated motion triggered by an
otherwise steady wind. The amplitude of the
oscillatory motion increases with increasing wind
speeds until structural failure or collapse.

For cable supported bridges two types of flutter 
may be encountered depending on the cross-
section shape of the bridge girder. Plate girders 
having vertical edge beams or deep rectangular box 
sections are commonly found to enter into one-
degree-of-freedom (1 DOF) flutter sometimes also 
referred to as the 𝐴𝐴2∗  instability. This type of flutter 
starts at the wind speed at which the aerodynamic 
damping in torsion precisely balances the 
structural damping. For increasing wind speeds the 
amplitude of the torsion motions increase 
gradually whereas the frequency of the oscillations 
remains equal to the natural frequency in torsion 
of the bridge obtained for no-wind conditions. 

Semi-streamlined shallow mono- or twin-box-
girders known from many contemporary long span 
suspension bridges will enter into two-degree-of-
freedom (2 DOF) flutter when exposed to 
sufficiently high wind speeds. In contrast to 1DOF 
torsion flutter 2DOF flutter combines a torsion and 
vertical motion at a common frequency about an 
aerodynamic axis situated windward of the elastic 
axis of the bridge. The force driving 2DOF flutter is 
the increasing loss of torsion stiffness due to the 
increased aerodynamic loading generated at 
increasing wind speeds. A characteristic feature of 
2DOF flutter is that the frequency of the 
torsion/vertical flutter motion falls in between the 
torsion mode and the vertical bending mode 
having similar mode shapes. Another characteristic 
of 2DOF flutter is that the amplitude of the 
oscillatory motion often is found to increase 
exponentially once the critical wind speed for onset 
is exceeded. 

2.1 A simple model for 2DOF flutter 

To promote an understanding of the parameters 
governing critical wind speed for onset of 2DOF 
flutter it is useful to consider a section of the bridge 
deck as elastically supported 1DOF torsion 
oscillator subjected to wind loading, Figure 1. 

Figure 1. 1DOF oscillator model of bridge deck. 

The equation of motion (Newtons 2nd law) for the 
rotary system is written as: 

𝐼𝐼𝜔𝜔2𝛼𝛼 = 𝐾𝐾𝛼𝛼 − ½𝜌𝜌𝑈𝑈2𝐵𝐵2 �𝐶𝐶𝑀𝑀0 +
𝑑𝑑𝐶𝐶𝑀𝑀
𝑑𝑑𝑑𝑑

𝛼𝛼� (1) 

Where: 𝐼𝐼 [kgm2/m] is the section mass moment of 
inertia, 𝜔𝜔 [1/s] is the oscillation radian frequency 
of the system subjected to wind loading, 𝛼𝛼 [rad] is 
the oscillation amplitude, 𝐾𝐾  [N] is the torsion 
stiffness, 𝜌𝜌  [kg/m³] is the density of atmospheric 
air, 𝐵𝐵 [m] is the bridge deck width, 𝑈𝑈 [m/s] is the 
wind speed, 𝐶𝐶𝑀𝑀0 is the moment coefficient at zero 
inflow angle and 𝑑𝑑𝐶𝐶𝑀𝑀 𝑑𝑑𝑑𝑑⁄  is the slope of the 
moment curve, both non-dimensional. 𝐶𝐶𝑀𝑀0  and 
𝑑𝑑𝐶𝐶𝑀𝑀 𝑑𝑑𝑑𝑑⁄   are commonly obtained from wind 
tunnel tests or numerical computations. 

Inserting 𝐾𝐾 = 𝐼𝐼𝜔𝜔𝛼𝛼2  in (1) where 𝜔𝜔𝛼𝛼  is the natural 
frequency of the oscillator the following expression 
is obtained for the oscillation amplitude of the 
system loaded by the wind: 

𝛼𝛼 =
½𝜌𝜌𝑈𝑈2𝐵𝐵2𝐶𝐶𝑀𝑀0

�𝐼𝐼𝜔𝜔𝛼𝛼2 − 𝐼𝐼𝜔𝜔2½𝜌𝜌𝑈𝑈2𝐵𝐵2 𝑑𝑑𝐶𝐶𝑀𝑀
𝑑𝑑𝑑𝑑
�

(2) 

Torsion amplitudes 𝛼𝛼  will tend to infinity if the 
denominator of (2) tends to zero. This establishes 
the flutter condition: 

𝐼𝐼𝜔𝜔𝛼𝛼2 − 𝐼𝐼𝜔𝜔2½𝜌𝜌𝑈𝑈2𝐵𝐵2
𝑑𝑑𝐶𝐶𝑀𝑀
𝑑𝑑𝑑𝑑

= 0 (3) 

(3) can then be solved to yield the wind speed 𝑈𝑈 as
function of the structural and aerodynamic
parameters:

𝑈𝑈 = 𝜔𝜔𝛼𝛼𝐵𝐵�
2𝐼𝐼 �1− � 𝜔𝜔

𝜔𝜔𝜃𝜃
�
2
�

𝜌𝜌𝐵𝐵4 𝑑𝑑𝐶𝐶𝑀𝑀
𝑑𝑑𝑑𝑑

(4) 
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Experience shows that flutter sets in when the 
aerodynamic loading causes the structural stiffness 
in torsion to decrease such that the frequency of 
the loaded oscillator 𝜔𝜔𝑐𝑐𝑐𝑐 falls between the vertical 
bending frequency 𝜔𝜔ℎ  and the torsion frequency 
𝜔𝜔𝛼𝛼  i.e.: 𝜔𝜔ℎ < 𝜔𝜔𝑐𝑐𝑐𝑐 < 𝜔𝜔𝛼𝛼 . From experience a fair 
estimate of the flutter frequency is 𝜔𝜔𝑐𝑐𝑐𝑐2 = �𝜔𝜔ℎ

2 +
𝜔𝜔𝛼𝛼2�/2. Further, it is useful to express the section 
mass moment of inertia as the radius of gyration 
squared 𝑅𝑅2 times the section mass 𝑚𝑚: 𝐼𝐼 =  𝑅𝑅2𝑚𝑚. 
Inserting in (4) yields a simple algebraic expression 
for the critical wind speed 𝑈𝑈𝑐𝑐𝑐𝑐 for onset of flutter: 

𝑈𝑈𝑐𝑐𝑐𝑐 = 𝜔𝜔𝛼𝛼𝐵𝐵�
𝑅𝑅2𝑚𝑚�1 − �𝜔𝜔ℎ

𝜔𝜔𝛼𝛼
�
2
�

𝜌𝜌𝐵𝐵4 𝑑𝑑𝐶𝐶𝑀𝑀
𝑑𝑑𝑑𝑑

ℱ
(5) 

The empirical factor ℱ  applied to the moment 
slope serves the same purpose as the Theodrsen 
circulation function (real part) in "flat plate" 
aerodynamics. The purpose is to model the 
depreciation of the lift slope caused by the 
oscillatory wake developing for the oscillatory 
section. 

It is noted that (5) takes the same form and involves 
the similar structural parameters as the Selberg 
equation recommended by the Norwegian code of 
bridge design for preliminary prediction of critical 
winds speeds for onset of flutter of cable 
supported bridges. Taking 𝑅𝑅 𝐵𝐵⁄  = 0.3, 𝑑𝑑𝐶𝐶𝑀𝑀 𝑑𝑑𝑑𝑑⁄  = 
𝜋𝜋 2⁄  ("flat plate" moment slope) and ℱ  = 0.55 
makes the critical wind speed predicted by (5) 
coincide with the prediction obtained from the 
Selberg equation. 

Two observations are immediately apparent from 
(5): 1) The critical wind speed increases 
proportional to the torsion frequency, the radius of 
gyration and the square root of the mass.  2) The 
critical wind speed increases proportionally to the 
square root of decreasing moment slope 𝑑𝑑𝐶𝐶𝑀𝑀 𝑑𝑑𝑑𝑑⁄ . 

2.2 Suspension bridge test cases 

The Osmangazi and the 1915 Çanakkale suspension 
bridges are both situated in Turkey and designed 
for carrying six lane highways across water. The 
Osmangazi bridge which crosses the Izmit bay 
features main span length of 1550 m and side spans 

of 566 m. The 1915 Çanakkale bridge which crosses 
the Dardanelles strait features a main span length 
of 2023 m and side spans of 700 m. 

The deck of the Osmangazi bridge, Figure 2, 
features a 35.8 m wide trapezoidal steel mono-box 
with external maintenance walkways cantilevered 
from the apex of the box girder. The mono-box 
section of the Ozmangazi bridge is 4.75 m deep. 

Figure 2. Osmangazi suspension bridge deck cross 
section with cantilevered maintenance walkways. 

The deck of the 1915 Çanakkale bridge, Figure 3, 
features a 45.06 m wide trapezoidal steel twin-box 
with an air gap of 9 m between the road girders. 
The road girders are rigidly connected by 2 m wide 
and 3.5 m deep cross beams at 25 m intervals 
corresponding to the hanger separation. The 
maintenance walkways are cantilevered in a similar 
fashion as on the mono-box bridge but carry 4 m 
tall wind screens of 50% open area ratio for 
sheltering of the road traffic and enhancing the 
aerodynamic stability. The twin-box section of the 
1915 Çanakkale bridge is 3.5 m deep. 

Figure 3. 1915 Çanakkale suspension bridge deck 
cross section with cantilevered maintenance 

walkways carrying wind screens. 

The Osmangazi and 1915 Çanakkale bridges are 
ideal for highlighting the aerodynamic stability 
performances as they are designed to almost 
identical structural specifications and traffic load 
carrying capacity. The over-all width of the solid 
deck surface (road- and walkways) is almost 
identical (45.06 m – 9 m = 36.06 m compared to 
35.8 m) save 0.26 m which is needed to 
accommodate the inner parapets facing the air gap 
of the twin-box. 
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The main structural key parameters of relevance to 
(5) is summarized in Table 1.

Table 1. Key properties of the Osmangazi and 1915
Çanakkale suspension bridges. 

Property Osmangazi 1915 Çanakkale 

Structural properties 

 𝑚𝑚𝑑𝑑  [kg/m] 14.79∙103 21.29∙103 

 𝑚𝑚𝑐𝑐  [kg/m] 6.30∙103 7.56∙103 

𝑚𝑚 [kg/m] 21.09∙103 28.85∙103 

𝐼𝐼 [kgm2/m] 2.506∙106 6.215∙106 

𝑅𝑅 [m] 10.9 14.68 

𝑓𝑓ℎ [Hz] 0.091 0.072 

𝑓𝑓𝛼𝛼 [Hz] 0.268 0.146 

Aerodynamic properties 

𝑈𝑈𝑐𝑐𝑐𝑐  [m/s] 62 65 

𝑎𝑎− , 𝑎𝑎+ 5.28,   3.25 7.27,   3.60 

𝑏𝑏− , 𝑏𝑏+ 1.88,   1.30 2.10,   0.94 

𝐶𝐶𝑀𝑀0 0.032 -0.021

ℱ 0.62 0.65 

The aerodynamic properties of the bridge girders 
were measured in wind tunnel section model tests. 
Static load coefficients giving the drag lift and 
moment of the wind acting on the girder sections 
were measured in a static force balance. The 
critical wind speeds for onset of flutter were 
obtained by means of spring suspended models. 

The measured aerodynamic moments normalized 
by 𝐵𝐵 = 35.8 m are shown in Figure 4. 

Figure 4. Measured moment coefficients as 
function of inflow angle for the mono-box (blue) 

and twin-box (red) deck cross sections. 

The x'es and +'es in Figure 4 signify the direct 
measurements, [1], [2]. The solid lines represent 
2nd order parabolic curve fits to the measured 
coefficients. It is noted that the parabolic curve fits 
are well adopted to the measurements save at 
negative inflow angles < -6 deg (-0.1 rad). By 
differentiation the polynomial expressions for the 
moment slopes 𝑑𝑑𝐶𝐶𝑀𝑀 𝑑𝑑𝑑𝑑⁄  become linear functions 
in the inflow angle 𝑑𝑑: 

𝑑𝑑𝐶𝐶𝑀𝑀(𝑑𝑑)
𝑑𝑑𝑑𝑑

= 𝑑𝑑 ∙ 2𝑎𝑎− + 𝑏𝑏−:  𝑑𝑑 < −0.02 𝑟𝑟𝑎𝑎𝑑𝑑 

𝑑𝑑𝐶𝐶𝑀𝑀(𝑑𝑑)
𝑑𝑑𝑑𝑑

= 𝑑𝑑 ∙ 2𝑎𝑎+ + 𝑏𝑏+:  𝑑𝑑 > −0.02 𝑟𝑟𝑎𝑎𝑑𝑑 

(6) 

Numerical values for the coefficients 𝑎𝑎−  , 𝑎𝑎+  and 
𝑏𝑏− , 𝑏𝑏+ are summarized in Table 1. 

Introducing (6) into (5) and comparing to the 
measured critical wind speeds allows calibration of 
ℱ as shown in Table 1. 

A calibrated equation for prediction of the critical 
wind speed of mono- and twin-box bridges akin to 
the considered deck section geometries follows:  

𝑈𝑈𝑐𝑐𝑐𝑐(𝑑𝑑) = 2𝜋𝜋𝑓𝑓𝛼𝛼𝐵𝐵
� 𝑅𝑅2𝑚𝑚�1− �𝑓𝑓ℎ

𝑓𝑓𝛼𝛼
�
2
�

𝜌𝜌𝐵𝐵4(𝑑𝑑2𝑎𝑎± + 𝑏𝑏±)ℱ
 (7) 
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2.3 Mono-box / twin-box comparison 

To highlight the favourable aerodynamic stability 
properties of the twin-box deck compared to a 
mono-box deck a design example is carried out 
considering a 2000 m single span suspension bridge 
having a span to sag ratio of 10. The bridge is 
assumed to be fitted with a mono-box deck section 
being 𝐵𝐵 = 35.8 m wide while the centreline to main 
cable distance is 15 m and the radius of gyration is 
𝑅𝑅 = 10.9 m. The linear mass of the deck is taken as 
𝑚𝑚𝑑𝑑 = 14∙103 kg/m. The main cable area is chosen to 
yield a deadload stress of 600 MPa resulting in a 
linear main cable mass 𝑚𝑚𝑐𝑐 = 6.6∙103 kg/m. 

The twin-box deck section features a 9 m wide gap 
yielding an over-all deck width of 35.8 m + 9 m = 
44.8 m, a centreline to main cable distance of 15 m 
+ 4.5 m = 19.5 m and a radius of gyration 𝑅𝑅 = 10.9
m + 4.5 m = 15.4 m for comparison. The linear mass 
of the twin-box deck is assumed to be 𝑚𝑚𝑑𝑑  =
16.1∙103 kg/m yielding a 15% increase to allow for
cross beams and additional inboard parapets. The
linear mass of the main cables becomes 𝑚𝑚𝑐𝑐  =
7.6∙103 kg/m. The torsion constant is taken as 𝐽𝐽 =
7.0 m4 for both bridge girder cross sections.

The above structural data is sufficient for 
estimation of the eigenfrequencies in vertical 
bending and torsion applying Richardson's Raleigh-
Ritz type beam-cable model [3]. Comparison of 
eigenfrequencies determined by the R-R model 
and detailed Finite Element analyses for three 
suspension bridges [4] yields good accuracy for the 
lowest eigenmodes governing the flutter 
performance. Key structural parameters and 
resulting eigenfrequencies entering (7) for the 
2000 m single span design example are 
summarized in Table 2. 

Table 2. Key properties for a 2000 m mono-box / 
twin-box suspension bridge example. 

Property Mono-box Twin-box 

𝑚𝑚 [kg/m] 20.6∙103 23.7∙103 

𝑅𝑅 [m] 10.9 15.4 

𝑓𝑓ℎ [Hz] 0.109 0.109 

𝑓𝑓𝛼𝛼 [Hz] 0.225 0.190 

The deck width of both bridges is taken as 𝐵𝐵 = 35.8 
m in agreement with the analysis presented in 
section 2.2. 

The critical wind speed for the mono-box and twin-
box bridge is calculated for inflow angles 𝑑𝑑  = 00, 
±30 (±0.05 rad) following common engineering 
practice for wind tunnel flutter tests of bridge 
girder sections, Table 3. 

Table 3. Critical wind speed for onset of flutter for 
a 2000 m mono-box / twin-box suspension bridge 

example. 

Inflow angle 𝜽𝜽 Mono-box Twin-box 

-30 (-0.05 rad) 53 m/s 61 m/s 

00 45 m/s 72 m/s 

+30 (+0.05 rad) 62 m/s 92 m/s 

From Table 3 it is observed that the mono-box 
bridge will fail a stability requirement or flutter 
checking wind speed of 60 m/s which will be typical 
for many bridge sites in Europe. The twin-box 
bridge on the other hand will pass the requirement. 

It is of interest to investigate how much additional 
structural mass would be required to meet the 60 
m/s stability requirement. Taking the same 
approach as above the deck mass needs to be 
increased by 45% to 20.3∙103 kg/m which in turn 
will require the main cable mass to be increased to 
9.6∙103 kg/m to meet the required dead load stress 
of 600 MPa. The increased deck mass could be 
effectuated by increasing the hull plate thickness of 
the girder. Assuming that half of the surplus 
structural mass is spend increasing the hull plates, 
the torsion constant is estimated to increase from 
7.0 m4 to 17.7 m4 which in turn increases the 
torsion frequency to 𝑓𝑓𝛼𝛼 = 0.246 Hz. 

The advantage of the twin-box girder for very long 
suspended span is obvious from the increase of the 
critical wind speeds listed in Table 3. Another 
testimony to the advantage of twin-box super 
structure is that a mono-box superstructure is 
required to be approximately 25% heavier than the 
twin-box superstructure to meet the requirement 
to aerodynamic stability. 

The ability of the twin-box girder to develop higher 
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critical wind speeds than the mono-box girder 
which increases with increasing inflow flow angles 
is linked to the development of the moment 
coefficient. From Figure 4 it is noted that moment 
slope  𝑑𝑑𝐶𝐶𝑀𝑀 𝑑𝑑𝑑𝑑⁄  of the twin-box section decreases 
continuously as 𝑑𝑑 approaches the peak of the 𝐶𝐶𝑀𝑀 
curve at approximately 70. This effect can be 
explored further by calculating the inflow angle as 
function of wind speed - A task accomplished by 
equating the elastic moment capacity of the deck 
section to the moment load of the wind: 𝐾𝐾𝑑𝑑 =
½𝜌𝜌𝑈𝑈2𝐵𝐵2𝐶𝐶𝑀𝑀(𝑑𝑑) . The result, the inflow angle as 
function of wind speed 𝑑𝑑(𝑈𝑈)  shown as the blue 
curve in Figure 5. Having determined 𝑑𝑑(𝑈𝑈)  the 
critical wind speed for flutter as function of the 
onset wind speed 𝑈𝑈𝑐𝑐𝑐𝑐(𝑈𝑈)  is obtained from (7) 
taking the positive branch of the moment curve 
(constants  𝑎𝑎+, 𝑏𝑏+) and in Figure 5 (red curve). 

Figure 5. Measured moment coefficients as 
function of inflow angle for the mono-box (blue) 

and twin-box (red) deck cross sections. 

From figure 5 it is noted that the critical wind speed 
for flutter increases continuously as the inflow 
angle increases with increasing wind speed. First 
slowly at wind speeds below 60 m/s but then at a 
higher and higher rate driven by the increase of the 
inflow angle. This effect is termed the "nose-up" 
effect. The details of the aerodynamics involved in 
the "nose up" effect and ways of exploiting it in 
future bridge girder design is explored a PhD 
project currently being undertaken by a colleague 
of the authors [5]. A prerequisite for the "nose-up" 
effect to work is that the moment coefficient at 00 
inflow angle is positive, 𝐶𝐶𝑀𝑀0 > 0, as is the case for 
the 1915 Çanakkale deck cross section (Table 1). 

3 Vortex induced vibrations 
While the twin-box bridge deck can be designed to 
have excellent flutter performance at extreme 
wind speeds problems with vortex induced 
vibrations have been reported at low wind speeds. 
The Xihumen suspension bridge, China, is built with 
a main span of 1650 m and a 36 m wide, 3.5 m deep 
twin-box deck section featuring a 6 m wide gap 
between the roadway girders. This bridge is 
reported to be set in vertical vibrations at common 
low wind speeds ranging from 5 m/s to 12 m/s. The 
vibrations reached maximum amplitudes of about 
240 mm [6] being clearly visible from the deck as 
well as from the shore. The monitoring programme 
revealed that the wind excited the four lowest 
vertical bending modes having natural frequencies 
𝑓𝑓ℎ  = 0.183 Hz, 0.230 Hz, 0.276 Hz and 0.327 Hz. 
Wind tunnel tests carried out as part of the 
research programme revealed that vortices formed 
along the bottom plate of the upwind roadway 
girder hull were shed from the corner of the lower 
bottom plate / side panel to be convected across 
the gap and impinging on the inner panel of the 
downwind girder hull. 

A similar action of vortices was found in wind 
tunnel tests of the Stonecutters bridge deck twin-
box section [7]. The wind flow along the bottom 
plate of the deck section and particular in vicinity 
of the central gap is very important for the 
development of vortex induced vibrations. The 
tests show that large fluctuating pressures are 
formed on the downwind girder hull if the wind 
flow is allowed to separate, form and shed a vortex 
at the knuckle line of the upwind girder hull, Figure 
6 (top). 

Figure 6. Fluctuating pressures (rms) measured on 
the Stonecutters bridge deck section without (top) 

and with guide vanes (bottom) to prevent 
separation. 
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If flow separation is prevented by fitting a guide 
vane at the separation point, the fluctuating 
pressures can be effectively reduced to prevent 
vortex induced vibrations, Figure 6 (bottom). 

Wind tunnel tests carried out by the authors 
company as part of a design check assignment [8] 
recorded vertical vortex induced vibrations at the 
order of 280 mm to be expected for the Xihumen 
bridge. Figure 7 shows that vortex induced 
vibrations are to be expected and found in a 
narrow interval of the reduced wind speed 0.5 < 
𝑈𝑈 𝑓𝑓ℎ𝐵𝐵⁄  < 1.0 and that vibration amplitudes 
predicted by section model tests are found for the 
full-scale structure. 

Figure 7. Measured amplitudes of vertical vortex 
induced vibrations in model and full-scale. 

Xihumen bridge. 

The examples discussed above demonstrate that 
vortex induced vibrations of twin-box bridges can 
be predicted from wind tunnel tests and mitigated 
through careful consideration of the wind flow into 
the central gap. For the 1915 Çanakkale bridge 
vortex induced vibrations were studied by large 
scale (1:30) section model tests and controlled by 
trimming the inclination angle of the lower inward 
facing panels of the central gap and placement of 
gantry rails, Figure 8. For a situation without gantry 
rails mounted along the bottom plate and at a 
structural damping level 𝜁𝜁 = 0.18% maximum full-
scale amplitudes of 200 mm were recorded. 
Placement of the gantry rails almost halved to the 
maximum amplitudes to 110 mm. Keeping the 
gantry rails and increasing the structural damping 
level to 𝜁𝜁 = 0.34% completely prevented excitation. 

Figure 8. Measured amplitudes of vertical vortex 
induced vibrations of a 1:30 scale model of the 

1915 Çanakkale bridge at damping levels of 0.18% 
and 0.34% rel-to.crit. 

The 1915 Çanakkale bridge was opened to traffic 
on 18 March 2022. At the time of writing vind 
induced vibrations of the bridge has not been 
observed supporting the design measures adopted 
for control of vortex induced vibrations of the 
bridge. 

4 Structural focus point 
One of the structural challenges of the twin box 
girder design is the connection between the 
longitudinal girder and the cross girder. The global 
behaviour of the bridge girder causes a longitudinal 
deformation of the longitudinal girders and 
corresponding forced skewing of the cross girders, 
as illustrated below. The behaviour is known as the 
Vierendeel effect.  

Figure 9. Global deformation, twin box girder 

The connection stiffness poses an additional 
restraint to this deformation, which introduces 
transverse stresses in the top and bottom flanges, 
hence increasing the overall stress level in this 
region.  
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This is sought solved by introducing a rounding 
plate facilitating the stress flow and limiting the risk 
of fatigue. The radius of the rounding has been 
examined at R1000, R500, R200 and R100, where 
R200 was found optimal for the 1915 Canakkale 
bridge. 

The larger radii of R1000 and R500 poses an even 
larger restraint to the forced deformation of the 
cross girder with corresponding larger transverse 
stresses. Using a radius of R100 falls out of any 
standard fatigue detail category and does not 
transfer the stress concentration away from the 
corner point and hence could not be used. 

Based on simple parameter studies it has become 
evident however that the geometrical layout of 
cross girders, local stiffness and global 
performance of the bridge etc. all affects the 
optimal layout of the rounding detail, and hence a 
different layout may be more suitable for other 
bridges.  

In the case of the design for the 1915 Canakkale 
bridge load scenarios have been identified using 
the global IBDAS FE-model, which can maximise a 
stress state in a selected point. Stress points have 
been defined in the perimeter of the box section 
and by fixing the determined load case 
corresponding to the maximised stress the correct 
load configuration can be applied to the local FE-
model. The local model is illustrated below.  

Figure 10. Layout and load application to Abaqus 
FE-model 

The loads applied to the model are beside gravity, 
surfacing and UDL traffic the hanger tension, 

tandem system and sectional forces at the 
longitudinal girder ends corresponding to global 
IBDAS sectional forces to obtain the correct global 
behaviour in the model. The boundary conditions 
are applied to the girder ends as simple supports in 
the vertical and horizontal direction as well as a 
central node is retrained in the longitudinal 
direction. 

The following was considered for verification: 

› Full non-linear RIKS analysis in Abaqus
verifies the strength and stability of the cross
girder to longitudinal girder connection
following EN 1993-1-5, Annex C and with
buckling shapes incorporated as equivalent
geometric imperfections

› Corner plate examination in Abaqus with
following acceptance criteria:

› ULS: Yielding zone in corner region, but
full nonlinear RIKS analysis proves
plastic redistribution, no loss of stability
and spare capacity

› SLSc: (Characteristic) Minor yielding
zone in corner region, which does not
influence the functioning or appearance
of the bridge

› SLSf: (Frequent) No yielding in any load
combination

When using the RIKS algorithm the post buckling 
behaviour can be predicted and analysed, hence a 
stopping (failure) criterion needs to be defined. For 
the purpose of this analysis the resistance is 
adopted at the load level, where the ultimate strain 
is reached in a single point, i.e. the analysis stops 
when e=eu. This is quite conservative, as fracture in 
a single point will not lead to failure of the structure 
as a whole. 

For the 1915 Canakkale bridge well defined yield 
areas were found in the corner plate as seen below, 
but for SLSf the yeld criteria was not exceeded and 
hence sufficient capacity of the detail could be 
proven.  
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Figure 11. ULS stress concentrations. ULS (top) and 
SLSf (bottom) 

In order to ensure that the yield limit was not 
exceeded locally the corner panel was made of high 
strength S550 steel. 

Figure 11. Local area with increased quality, S550 

5 Conclusions 
A simple mathematical model for flutter stability of 
bridge girder sections is developed acknowledging 
the influence of the steady state moment 
coefficient on the aerodynamic stability. 
Acknowledging the necessary simplifications made 
the model explains the advantages of the twin-box 
deck cross section compared to the mono-box deck 
cross section for very long suspension bridges. 
Experience from wind tunnel tests demonstrated 
that the twin-box bridge deck section can be 
designed to avoid vortex induced vibrations levels 

of structural damping commonly associated with 
long span suspension bridges. 

Even considering the large global deformations 
leading to stress concentrations at connections 
between longitudinal and cross girders and proper 
detail could be developed ensuring sufficient 
strength, stability and fatigue performance. 
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Intensity Area 
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Contact: 178775715@qq.com 

Abstract 
The background project is Xiyan Bridge, Pingcheng Street, Datong city, Shanxi Province. The bridge 
crosses both railway marshalling yards and multiple important railway lines. The span arrangement 
is (41+50+163) m. The overall design, key structure design and calculation of the main bridge are 
introduced in detail for high intensity areas and for large spans with width and bidirectional 
asymmetric main girders. The main point is placed on the comparison, selection and analysis of the 
main tower as an all-steel structure and steel-concrete composite structure for its seismic system 
design. The linear control, weighing and counterweight scheme are simulated for the main 
construction process of the whole bridge without setting up the closing section of a rotating body 
on site. The calculation proves that the structure design is reasonable and that the construction is 
safe and reliable. It can provide a reference for the design and construction of similar bridges. 

Keywords: bidirectional asymmetry structure; hybrid beam cable-stayed bridge; seismic system 
design; weighing and counterweight; rotation construction. 

1 Background project and 
introduction 

The project is located on the west extension line of 
Pingcheng Street, north of the ancient city of 
Datong city, Shanxi Province. This line crosses the 
existing railway marshalling yards and several 
important railway lines. It is planned as the main 
urban road with a width of a 50 m red line. 
Pingcheng Street Road is an east–west street, and 
the main line viaduct starts from Wuzhouxiyi Road 
in the west and crosses Wuzhou Road, the Planning 
Road, the railway marshalling yard (approximately 
340 m wide), Xihuan Road and the Yunzhong Road 
tunnel, ending approximately 150 m west of Weidu 
Avenue with a total length of approximately 1716 
m. To facilitate rapid access to the long-term
planning of the West Ring expressway, the planning 

scheme considered in the west of the west ring 
road set up two ramps linked with the main line of 
Pingcheng Street, the near ramp access to the 
ground of the West Ring Road, through local 
reconstruction, into the West Ring elevated 
expressway main line in the long future to achieve 
rapid interconnection of Pingcheng Street and the 
West Ring expressway. The engineering plane 
location is shown in Figure 1. 

Figure 1. Geographical location of the background project 
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The Pingcheng Street West Extension Bridge is a 
control project for crossing the railway of the west 
extension line. It adopts a hybrid beam cable-
stayed bridge with a tower-beam consolidation 
system, and the span layout is (41+50+163) m [1]. 
The main tower is located on the west side of the 
railway, and the vertical distance between the cap 
and the rail slope foot is approximately 8 m. The 
main tower stayed on the cable, and the steel-
concrete hybrid segment above the top of the cap 
(T0 section) was approximately 11 m long. The 
remaining sections are steel box structures. The 
main girder is also a hybrid girder, including a 78 m 
side span, which is a prestressed concrete box 
girder, and the rest is a steel box girder. The steel-
concrete joint surface is located 13 m away from 
the axis of the main tower. The stay cable adopts 
the central cable surface arrangement, double 
cable parallel, the horizontal spacing is 1.0 m; at the 
side span, cable spacing on the main girder is 6 m, 
while at the steel box girder side, cable spacing is 
12 m, cable spacing on the tower is 1.5 m. There 
are 24 pairs of cables of the whole bridge. The 
rotating construction scheme is adopted. The 
center of the rotating shaft is located in the cap of 
the main tower, and the main beam is set up and 
formed along the railway direction before rotating. 
After the tension stay cable falls down for the first 
time, it is rotated 72° clockwise to take place. The 
overall elevation layout of the main bridge is shown 
in Figure 2. 

Figure 2. Overall elevation layout of the main bridge 
(unit: m) 

2 Main design criteria 
The main line is planned as an urban expressway, 
with a design speed of 50 km/h and 6 lanes in both 
directions. See Figure 3 for the standard cross-
sectional layout. The vehicle load is calculated 

according to the city-A standard and increased by 
30%; the seismic fortification intensity of the 
project area is 8 degrees, and the design basic 
seismic acceleration value is 0.2 g, as in the 2nd 
design earthquake group. The designed basic wind 
speed V10 is 33 m/s during the 100-year return 
period. The design service life is 100 years with a 
100-year design reference period.

Figure 3. Standard cross-sectional arrangement (unit: m) 

3 Structural design and overall 
calculation 

3.1 Structural design 

3.1.1 Tower 

The tower of the bridge facade is an inverted Y-
shaped structure. The total height of the tower is 
88.9 m. From the bottom to the top, there are a 2.8 
m embedded cap concrete tower, 11.07 m steel-
concrete hybrid segment and 75.03 m steel tower. 
The column section is box-shaped. The transverse 
width of the lower part of the bridge is 6.7 m, and 
the width of the single limb is 4.47 m along the 
bridge. The transverse width of the part above the 
bridge is 2.75 m, and in addition to the tower crown, 
the transverse width of the two single limbs 
combined into one with 6.6 m. To save steel, 
reduce plate thickness and control welding 
deformation, the cable tower adopts Q420qE 
material, and the plate thickness is below 50 mm. 
The general layout of the cable tower is shown in 
Figure 4. 
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As the bridge is a nonriver bridge, there is no 
influence of water level change on the surface 
corrosion of the steel structure. Therefore, the 
steel-concrete joint location is preferably on the 
top of the cap. The steel-concrete bonding section 
(T0 section) is the key force structure in which the 
internal force of the structure on the cable tower is 
transferred to the substructure cap. PBL and shear 
nails are used in the design as load transfer 
components. According to the force calculation 
and structural layout, the section is 13.87 m high, 
including the 2.8 m part of the embedded cap. The 
wall panel deep into the cap is provided with a 300 
mm diameter pipe to ensure that the stressed steel 
bar passes through, promote the flow of concrete 
and ensure the overall force with the cap. 

Figure 4. Tower layout & typical section 

The main beam and cable tower adopt rigid 
consolidation. The vertical force of the main beam, 
the transverse force and the vertical force of the 
main tower need to be transferred at the combined 
part of the tower and the beam. The two straight 
webs and diaphragm plates in the middle of the 
main beam are aligned with the two direction 
panels of the main tower. The cable tower passes 
through the top and bottom panels of the main 
beam along the bridge and forms the whole plate 
with the straight webs of the main beam. The 
transverse bridge wall panels are welded to the top 
and bottom, and the inner side of the main beam is 
arranged with equal thickness plate alignment. The 
steel box girder roof, bottom plate and web are 
partially thickened to 40 mm within the 
consolidation range of the tower girder, and the 
diaphragm plate is set at the corresponding 

position of the diaphragm plate and the rib in the 
main tower to ensure the direct and smooth force 
transmission of the structure. 

3.1.2 Main girder 

Influenced by the road line layout, the centerline of 
the road adopts a curve with radius R=700 m in the 
length range of 58.4 m on the main span side. The 
standard cross section of the side span and part of 
the main span is 26.5 m wide. According to the 
requirements of the interchange layout, the width 
of the steel box girder at the transition pier side of 
the main span is 40.104 m, and the length of the 
section gradient section is 60.0 m. The left and right 
sections of the road centerline have asymmetrical 
gradients, from 13.25 m in width to 17.25 m and 
22.852 m, respectively. 

The prestressed concrete box girder adopts single-
box five-chamber inclined web section, concrete 
strength grade is C50, deck width is 26.5 m, bottom 
width is 18.97 m, cantilever length is 3.0 m, web 
slope is 3:1, and beam height at road centerline is 
3 m. Considering the arrangement of the side span 
and side stay cable, a 6 m diaphragm is set, the 
thickness of the cable anchorage area is 0.65 m, the 
thickness of the other sections is 0.45 m, and the 
transverse prestress is configured. To improve the 
vertical shear strength of the box girder anchored 
by the cable, a certain number of vertical 
prestressed steel bars were arranged in the middle 
web of the cable anchored area so that the main 
girder formed a vertical and horizontal three-
direction prestressed system. 

To align with the web of the concrete box girder 
and facilitate the transfer of internal force, the 
standard steel box girder is also equipped with five 
webs, with the exception of the outermost two 
oblique webs using the outer contour alignment 
and the four straight webs in the middle using the 
centerline alignment. To meet the steel box girder 
bridge deck width to ensure that the cantilever 
length looks the same and the cable anchorage 
zone between the web continuously, on the left 
side of the centerline of the road, the number of 
webs transformed from one into two, while on the 
right side, by a gradual transition from one into 
three. The control box room width is not more than 
5 m to increase the effective cross-sectional area of 
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the roof and floor and reduce the shear lag effect. 
The web thickness of the cable anchor segment is 
28 mm with 16 mm thickness of the side inclined 
web and 12 mm thickness of the middle web to 
save the amount of steel. The steel box girder 
material is Q345qE. The layout of the main bridge 
is shown in Figure 5. 

Figure 5. Main girder layout (unit: cm) 

3.1.3 Foundation and rotation system 

The main tower (KP14) and pier are located to the 
west of the railway. According to the geological 
survey report, the site is alluvial and diluvial plain, 
covered with thick Quaternary strata, and no 
geological structure is exposed. The 95 m depth has 
been investigated for coarse sand and silty clay soil 
layers, and no groundwater has been found. The 
main pier cap’s height is 9.0 m with a 4.0 m height 
of the lower cap, the plane size is 25.6x25.6 m as a 
square, the upper cap is 5.0 m thick, and the plane 
is round with a 20.7 m diameter. The 0.8 m-thick 
and grade C50 microexpansion concrete 
postpouring belt is set in the middle, and the 
rotation system is located in the upper cap. At the 
bottom of the cap, 25 friction bored piles with a 
diameter of 2.2 m are set, and the pile length is 
85.0 m. To effectively resist the seismic force of the 
pile foundation of the main pier caused by the 
consolidation system of the tower and beam in the 
high intensity area, the measures of steel casing 
and postgrouting at the bottom of the pile are 
adopted in the design, which effectively avoids the 
pile length of over 100.0 meters and reduces the 
difficulty and risk of pile foundation construction. 
The wall thickness of the steel casing is 22 mm, the 
length of the steel casing of the outer ring pile is 
18.0 m, and the length of the inner ring pile is 15.0 
m. Figure 6 shows the layout of the main pier
foundation.

Figure 6. Layout of the main pier foundation (unit: cm) 

The rotating system is composed of the upper 
turntable, the lower bearing table, the rotating 
bearing with the embedded plate, the support foot, 
the slideway, the traction cable, the traction 
reaction seat, the rotating traction system, the 
booster system and the fine-tuning system. The 
rotating system is mainly supported by the rotating 
bearing, and the support foot controls the stability 
of the rotating body. The design bearing capacity of 
the rotating system is 250,000 kN, and the rotating 
bearing type is ZTQZ-Z-250MN. The footwall is the 
foundation for supporting all the weights of the 
rotating structure, with a plane size of 25.6×25.6 m 
and a height of 4.0 m. After the rotation is 
completed, it forms the foundation together with 
the upper rotating plate, and the height of the 
structure is 8.0 m after the rotation is completed 
and outsourced. Figure 7 shows the rotating 
system layout. 

Figure 7. Layout of the rotation system (unit: cm) 

3.2 Structure calculation 

The overall static calculation of the main bridge is 
carried out by the BSAP program, and the 
calculation model is shown in Figure 8 and verified 
by Wiseplus software. These two Chinese native 
bridge analysis software programs have been 
verified by a number of practical projects. 
According to the current specifications of bridges, 
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the dead weight, live load, temperature load 
(integral and partial), wind load and settlement are 
taken into account. The prestressed concrete box 
girder, steel box girder and cable tower are 
checked and calculated according to the ultimate 
combination of bearing capacity and the ultimate 
combination of normal use. The main calculation 
results are shown in Table 1. The two calculation 
programs are basically consistent, and all meet the 
requirements of the code. The main stress and 
deformation of the main girder and tower are 
shown in Figures 9-11. 

Figure 8. Calculation model of BSAP and Wiseplus 
Software 

Figure 9. Stress envelope diagram of the steel beam 
under the standard combination (unit: MPa) 

Figure 10. Stress envelope diagram of the main 
tower under standard combination (unit: MPa) 

Figure 11. Deformation under the automobile load 
of the main girder (unit: mm) 

Table 1. Summary of the main calculation results (unit: 
MPa) 

Item BSAP 
program 

Wiseplus 
software 

PC box girder  
(maximum compressive stress) -15.0 -16.0

Steel box girder  
(basic combination) -188.0 -202.0

Steel tower  
(basic combination) -230.0 -236.0

Note: “-” indicates compressive stress. 

4 Research on key problems of 
seismic resistance in high-intensity 
areas 

The bridge is located in the zone of 8-degree 
seismic intensity, and the designed basic seismic 
acceleration value is 0.2 g. According to the seismic 
safety evaluation of the engineering site of the 
bridge, the site normalized dynamic amplification 
coefficient β=2.5, the surface horizontal peak 
acceleration under the E1 earthquake is 0.22 g, the 
characteristic period is 0.55 s, and the surface 
horizontal peak acceleration under the E2 
earthquake is 0.43 g. The characteristic period is 
0.80 s. 

According to the Code for Seismic Design of Urban 
Bridges, the floating system should be given 
priority to cable-stayed bridges built in areas with 
a basic intensity of 8 degrees or above. Considering 
that the bridge adopts the rotating construction 
scheme and vertical and horizontal two-way 
asymmetry to reduce the risk of construction 
impact on railways, the tower and girder 
consolidation system with an unfavorable seismic 
system is selected in the design. Therefore, in 
addition to the conventional seismic calculation, 
the seismic support system and the main tower 
structure are mainly studied. 
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Midas/Civil software was used to establish the 
spatial dynamic nonlinear analysis model of the 
main bridge. To accurately analyze the seismic 
response and seismic performance of the structure, 
the influence of adjacent approach bridges should 
be considered. Therefore, continuous beam 
bridges connected to the east and west of the 
single-tower cable-stayed bridge were established 
as the boundary conditions of the main bridge. The 
model was established as shown in Figure 12. 

Figure 12. Seismic calculation model 

4.1 Comparison and selection of the 
seismic bearing system 

To further study the load-sharing capacity of the 
transition pier and auxiliary pier and reduce the 
lateral displacement of the trabecular end under 
seismic loading, four schemes, including lead 
rubber bearing (scheme A), ordinary bearing + 
damper (Scheme B), friction pendulum bearing + 
damper (scheme C) and friction pendulum bearing 
+ limit block (scheme D), were analyzed and
compared. The parameters of the lead-core rubber
bearing in Scheme A are shown in Table 2.

Table 2. Parameters of the lead rubber bearing of 
scheme A 

Position 
Bearing 
capacity 

(kN) 
Model 

Stiffness 
before 
yield 

(kN/m) 

Stiffness 
after 
yield 

(kN/m) 

Yield 
load 
(kN) 

KP12 7000 L1 21600 3300 417 

KP13 13000 L2 32700 5000 771 

KP14 5000 L3 14700 2300 323 

Note: L1: J4Q920*920*260G1.0; L2: J4Q1220*1220*299G1.0; 
L3: J4Q770*770*256G1.0. 

In scheme B, a viscous damper is added between 
the pier beams at the auxiliary pier and the 
transition pier. The velocity index is 0.3, the 
damping coefficient is 1500 kN/(m/s)0.3, and the 
friction resistance and friction coefficient of the 
support are 0.05. In scheme C, a viscous damper is 
added between the pier and beam of the main span 
transition pier, with a velocity index of 0.3 and a 
damping coefficient of 1500 kN/(m/s)0.3. In scheme 
D, a transverse limit block is added between the 
transition pier and pier beams, a rubber pad is 
attached to the block, and the elastic stiffness is 
3x106 kN/m. The analysis results of the four 
schemes are compared with those using only the 
friction pendulum support. 

Scheme A can effectively reduce the stress level 
and bearing displacement of the girder under 
transverse earthquake action, and the seismic 
response of the transition pier increases slightly. In 
schemes B and C, the stress level and bearing 
displacement of the main beam and tower are 
reduced under transverse seismic action, but in 
scheme B, the reduction is greater. The seismic 
response of the pier with a damper increases, and 
that of the main pier decreases slightly. The first 
three schemes can satisfy the seismic performance. 
Scheme D reduces the stress level and support 
displacement of the main beam under transverse 
earthquake action and increases the stress level of 
the main tower. However, the response of the 
foundation at the bottom of the KP15 pier 
increases too much, so the section and 
reinforcement should be enlarged. 

4.2 Tower structure analysis and selection 

When the seismic intensity is small, concrete 
structure tower columns are generally selected for 
cable-stayed bridges with rotary construction piers 
and beam consolidation systems. For example, the 
upper span railway bridge on Dongfeng Road in 
Siping city is a (169+90) m asymmetric single tower 
cable-stayed bridge with a seismic intensity of 6 
degrees [2], and the bridge tower is a reinforced 
concrete structure. In the area of high intensity, it 
is obviously inappropriate to use concrete bridge 
towers. Therefore, based on the area of high 
intensity, the steel structure tower and steel-
concrete composite section tower are mainly 
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studied under the condition of keeping the same 
shape and size. 

4.2.1 Seismic response of superstructure 

The section of checking calculation is the section 
with large stress in the steel tower: at the bottom 
of the anchorage zone (37 m below from the top of 
the tower) and the joint of the tower with the 
girder. During the checking calculation, the 
thickness of the outer steel plate at the bottom of 
the anchorage zone is 40 mm, and at the joint 
segment of the tower with beam is 60 mm. The 
main analysis results are shown in Table 3. 

Table 3. Ratio of the steel-concrete composite 
scheme to the steel tower scheme (under the E2 

earthquake) 

Section 
position 

Longitudinal/Transverse + vertical 

Axial force 
(kN) 

Shear 
(kN) 

Beading 
moment 
(kN.m) 

Bottom of 
anchorage 

zone 
0.9/1.14 1.84/1.77 1.91/2.00 

Join of 
tower and 
beam (top) 

1.83/2.23 3.03/3.11 1.13/1.76 

Join of 
tower and 

beam 
(bottom) 

1.74/1.43 4.69/2.70 0.85/1.53 

Lateral E2 earthquake action is the control 
condition of the main tower. The bending moment 
and shear of the steel-concrete composite section 
scheme are increased by more than 50% compared 
with those of the steel tower scheme under the 
action of the E2 transverse earthquake, and the 
thickness of the outer steel plate required is not 
much different from that of the steel tower. 

4.2.2 Seismic response of substructure 

Compared with the steel tower scheme, the 
dynamic axial force of the KP14 pier under the E2 
longitudinal earthquake increases by more than 
70%, and the bending moment decreases by 
approximately 10%. The dynamic axial force of the 
KP14 pier under the E2 transverse earthquake 
increases by more than 60%, the bending moment 
increases by more than 20%, the bending moment 

of the KP14 pile foundation increases by 30%, and 
the dynamic axial force of the KP14 pier foundation 
increases by 30% under the E2 transverse 
earthquake. 

By comparing the seismic response of the steel-
concrete cross section scheme and the steel tower 
scheme, the steel tower scheme significantly 
reduces the seismic response of the main tower 
above the bridge deck. The seismic response of the 
main beam, KP14 pier bottom and pile foundation 
of the steel-concrete composite section scheme 
increases slightly under transverse seismic action. 
From the construction convenience and time limit 
considerations, steel towers have more advantages. 
Therefore, the consolidation system of the tower 
pier beam in the high intensity area is more 
reasonable than that of the steel tower. 

5 Construction process and analysis 
The rotating construction method is used for the 
whole bridge construction [3-4]. After the lower base 
and rotation system completion, erection of tower 
crane pillar for tower segmental hoisting 
construction, synchronized girder bracket set along 
railway lines, assembling steel box girder 176 m 
one time on site and casting side span concrete box 
girder 78 m. After the concrete strength of 
concrete box girder meet the 90% design strength, 
prestressing tendons will be tensioned. Reasonable 
counterweight was calculated, and the formworks 
were detached for the first time. The tower crane 
and part of the support are removed, weighing and 
counterweighting are carried out, and a rotation 
test is performed. After successful test rotation, 
the bridge is turned 72° at one time to the right 
place. Then, the sealing hinge and support are 
installed, the cable force is adjusted, and the 
counterweight is gradually removed to complete 
the system transformation. The remaining auxiliary 
construction is completed, the cable force is finally 
adjusted, and the construction of the main bridge 
is completed. 

Because the main span has a transverse 
asymmetric width, in the process of construction 
monitoring, the longitudinal bridge direction 
weighting should be given more attention, 
especially to the transverse weight analysis. The 
weighing test of the rotating structure includes 
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testing the unbalanced torque, eccentricity, 
friction resistance and friction coefficient. After the 
weighing test, it should be compared with the 
theoretical calculation value to make the rotating 
structure balanced in both the vertical and 
horizontal directions to ensure the smooth 
construction of the rotating structure. 

Because the bridge does not have a closing section, 
to place both sides of the main girder on the pier at 
the same time, the main girder alignment control is 
the key in the construction process[5]. In the 
construction simulation design, the cable should be 
tensioned to 50% of the cable force of the first 
stage, 100% of the counterweight should be added, 
and then the cable force should be adjusted to 100% 
of the design value. After the body is in position, 
the cable force is adjusted for the second time, and 
the counterweight is removed at the same time. 
During counterweight removal, 50% of the 
counterweight is first removed, 50% of the cable 
force is adjusted, all the counterweight is removed, 
and the cable force is adjusted to the second design 
value. Through simulation calculation, the 
minimum safety factor of the cable in the 
construction stage is 2.2, which meets the 
requirement of greater than 2.0. 

6 Conclusions 
The background bridge is a 41+50+163 m 
bidirectional asymmetric hybrid girder and single 
tower cable-stayed bridge with a central cable 
plane. The bridge has the characteristics of high 
intensity, large width and bidirectional asymmetric 
main girder. 

(1) According to the structural characteristics, the
overall static calculation of the main bridge is
carried out by the BSAP program and verified
by WisePlus software. The results show that
the structural performance and stiffness meet
the specification requirements.

(2) Regarding the large-span single-tower cable-
stayed bridge in a high-intensity area, the
structural responses of different seismic
support systems are analyzed and compared,
and the results show that multiple seismic
support systems can be adopted.

(3) The steel structure and steel-concrete
composite structure are compared for the

main tower structure. The results show that 
steel structures should be preferred in the 
high-intensity area of such bridges. 

(4) The construction process of the bridge and the
cable force control requirements are
controlled by the main cable analyzed and
simulated.
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Abstract 
Multilevel decomposition optimization method decomposes a large problem into small 
subproblems to be solved separately and maintain effects between subproblems effectively by 
sensitivity derivatives, and it serves as a useful tool for design engineer team to work on a large 
structural optimization problem simultaneously and effectively. The present paper illustrates the 
application of this method on the optimization of a portal frame of a multi-story steel structure, and 
three level of substructure is chosen to solve the optimization problem. The 1st level is the entire 
structural system constrained to total lateral displacement, the 2nd level is each story frame 
constrained to story drift, and the 3rd level is related element sizing based on local constrains due 
to strength, serviceability, and member stability.  

Keywords: optimal design; multilevel decomposition model; multi-story structure. 

1 Introduction 
Structural optimization is one of key aspects of 
efficient designs, and, with a large numbers of 
available optimization methods, structural 
engineer team shall know which approach to adopt 
in the interest of efficiency in achieving required 
design goals with limited time and resources. One-
level optimization process which requires 
iterations of the whole structure might be 
overwhelming, costly, and unmanageable, 
especially, when it comes to large projects with 
large numbers of design variables and design 
constraints.  

Multilevel decomposition structural optimization 
method is the process of partitioning a big problem 

(a system) into small subproblems (subsystems), 
solving them independently and simultaneously, 
coupling effects between different levels, and 
iterating whole process to a converged point, and, 
importantly, this method also provides trackability 
to the problem solving [1]. This method has been 
adopted in many works such as optimization of 
prestressed concrete via two-level optimization [2], 
steel frame optimization [3], and space truss 
optimization [4]. 

In structural design application, a system (an entire 
structures) is seen as a hierarchical system and is 
decomposed into several levels. Generally, 1st level 
is always the entire system (a whole structures) 
while the lower levels (subsystems) are arranged 
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hierarchically (which can be based on physical or 
field perspective). 1st level (entire system) is often 
subjected to global constraints such as lateral 
displacement or frequencies which are affected by 
global variables such as cross-section area, and 
planar and polar moment of inertia while objective 
function such as minimum structural weight is also 
controlled at the 1st level. At lower levels 
(subsystems), it is often related to subsystem 
constraints such as relative constraints, member 
stress, member stability, local stress, or local 
stability which are controlled by subsystem design 
variables (which can be cross-section dimension) 
while objective functions (also known as 
cumulative constraint) measuring the degree of 
constraint violation is to be minimized. The 
optimization is achieved by minimizing or 
maximizing objective functions and minimizing 
cumulative constraint through the process of 
iterating back and forth between the solution of 
the system and subsystems until a convergence is 
reach. 

2 Optimization framework 
A framework to optimization of three-story portal 
steel frame (shown in Figure 1) for minimum 
structural weight is presented in this paper. The 
frame is subjected to lateral load from wind and 
concentrated gravity loads from self-weight of 
structure, superimposed deadload, and live load.  

Based on physical features, hierarchical system 
(shown in Figure 2) consists of three levels: entire 
system level, frame level, and element level. At 
entire system level, the objective is minimum 
structural weight, and the design variables are 
member section properties to control total lateral 
displacement. At story level, each frame is 
constrained to story drift control, and eventually, 
at element level, each structural member cross-
section is then determined based on constraints 
such as strength, deformation, and member 
stability. Design objectives, design variables, and 
design constraints at each level are summarized in 
Table 01.  

Figure 01. Portal steel frame subjected to lateral 
and gravity load 

Figure 02. Hierarchical system of portal steel 
frame 

Optimization is considered to be completed when 
controlling utilization ratio of column and beam is 
within target utilization ratio (0.9 <U3jk < 1.0). 
Moreover, it is also worth mentioning that global 
constraint (absolute lateral displacement 
measured at top of 3rd story) is satisfied through 
the controlling story drift at each story. Thus, once 
controlling story drift at each story is satisfied, so 
does global design constraint. Computation of 
utilization ratios is shown in following equations.  
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Table 01. Optimization and flow of information 

Level 01: Entire portal frame 

Objective Minimum structural mass 

Design variables Section properties of entire frame 

Constraints Total lateral displacement 

Level 02: Story frame 

Objective Serviceability utilization ratio 

Design variables Section properties of columns 

Constraints Story drift 

Level 03: Member at each frame 

Objective Optimum strength and serviceability utilization ratio 

Design variables Beam and column cross sections 

Constraints For columns: design strength 
For beams: design strength and deflection 

o Story drift utilization ratio, 𝑅𝑅2𝑘𝑘1
𝑘𝑘 = 1 → 3 

𝑅𝑅2𝑘𝑘1 = 𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷2𝑘𝑘1
𝐴𝐴𝐴𝐴𝐴𝐴𝐴𝐴𝐴𝐴𝐴𝐴𝐴𝐴𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷2𝑘𝑘1�  (1) 

𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷2𝑘𝑘1 = 𝑋𝑋𝐷𝐷𝐷𝐷𝑋𝑋𝑘𝑘 − 𝑋𝑋𝐷𝐷𝐷𝐷𝑋𝑋𝑘𝑘−1 (2) 

𝐴𝐴𝐴𝐴𝐴𝐴𝐴𝐴𝐴𝐴𝐴𝐴𝐴𝐴𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷2𝑘𝑘1 = 𝐻𝐻𝑘𝑘/500 (3) 

Where 

𝑅𝑅2𝑘𝑘1: story drift utilization ratio at story k 

𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷2𝑘𝑘1: story drift at story k 

𝑋𝑋𝐷𝐷𝐷𝐷𝑋𝑋𝑘𝑘: lateral displacement at story k 

𝐴𝐴𝐴𝐴𝐴𝐴𝐴𝐴𝐴𝐴𝐴𝐴𝐴𝐴𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷𝐷2𝑘𝑘1: allowable story drfit at story k 

𝐻𝐻𝑘𝑘: story height at story k 

o Beam utilization ratio, 𝑅𝑅3𝑘𝑘𝑘𝑘

𝑘𝑘 = 1 → 3 

𝑅𝑅31𝑘𝑘 = max (𝑅𝑅31𝑘𝑘𝑆𝑆𝑆𝑆𝑆𝑆 ,𝑅𝑅31𝑘𝑘𝑆𝑆𝑆𝑆𝑆𝑆) (4) 

Where 

𝑅𝑅3𝑘𝑘𝑘𝑘: utilization ratio of member 3kj 

𝑅𝑅3𝑘𝑘𝑘𝑘𝑆𝑆𝑆𝑆𝑆𝑆 : Strength utilization ratio of member 3kj 

𝑅𝑅3𝑘𝑘𝑘𝑘𝑆𝑆𝑆𝑆𝑆𝑆: Deflection ult. ratio of member 3kj 

o Column utilization ratio, 𝑅𝑅3𝑘𝑘𝑘𝑘

𝑘𝑘 = 1 → 3 

𝑅𝑅32𝑘𝑘 = 𝑅𝑅32𝑘𝑘𝑆𝑆𝑆𝑆𝑆𝑆  (5) 

Where 

𝑅𝑅3𝑘𝑘𝑘𝑘: Utilization ratio of member 3kj 

𝑅𝑅3𝑘𝑘𝑘𝑘𝑆𝑆𝑆𝑆𝑆𝑆 : Strength utilization ratio of member 3kj 

o Controlling utilization ratio of beam

𝑘𝑘 = 1, 2, 3 

𝑈𝑈31𝑘𝑘 = 𝑅𝑅31𝑘𝑘 (6) 

o Controlling utilization ratio of column

𝑘𝑘 = 1, 2, 3 

𝑈𝑈32𝑘𝑘 = max (𝑅𝑅2𝑘𝑘1,𝑅𝑅32𝑘𝑘) (7) 

Once controlling utilization of each member is 
computed, each member size is adjusted based on 
following conditions:  

𝐷𝐷𝐷𝐷 𝑈𝑈3𝑘𝑘𝑘𝑘 < 𝐿𝐿𝐿𝐿, 𝐷𝐷𝐴𝐴𝐴𝐴𝑟𝑟𝑟𝑟𝐴𝐴 𝑆𝑆𝐴𝐴𝑟𝑟𝐷𝐷𝐷𝐷𝐴𝐴𝑆𝑆3𝑘𝑘𝑘𝑘  

𝐷𝐷𝐷𝐷 𝑈𝑈3𝑘𝑘𝑘𝑘 > 𝑈𝑈𝐿𝐿, 𝐷𝐷𝑆𝑆𝑟𝑟𝐷𝐷𝐴𝐴𝑖𝑖𝑋𝑋𝐴𝐴 𝑆𝑆𝐴𝐴𝑟𝑟𝐷𝐷𝐷𝐷𝐴𝐴𝑆𝑆3𝑘𝑘𝑘𝑘  

𝐷𝐷𝐷𝐷 𝐿𝐿𝐿𝐿 ≤ 𝑈𝑈3𝑘𝑘𝑘𝑘 ≤ 𝑈𝑈𝐿𝐿 , 𝑟𝑟𝑆𝑆𝑟𝑟ℎ𝑖𝑖𝑆𝑆𝑎𝑎𝐴𝐴 𝑆𝑆𝐴𝐴𝑟𝑟𝐷𝐷𝐷𝐷𝐴𝐴𝑆𝑆3𝑘𝑘𝑘𝑘  
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Where 

𝐿𝐿𝐿𝐿:  lower limit of utilization ratio 

𝑈𝑈𝐿𝐿: upper limit of utilization ratio 

After decomposing and determining design 
objective, design variables, and design variables at 
each level, optimization of portal frame can be 
achieved by using procedure which is explained in 
detailed in Table 02. 

Table 02. Optimization Procedure 

Entire frame level Story frame level Element level 

1. Define loads
2. Define loads combinations

3. Initialize I and A for beam
and columns

4. Define story drift constraint

5. Initialize detailed
dimensions based on I and
A from story frame level

6. Analyse the portal frame
for displacement and
internal forces.

7. Check story drift constraint
(R2k1)

8. Check utilization ratio of
column and beams (R3jk)

9. Check controlling utilization
ratio of column and beam
(U3jk)

10. Adjust member size based
on data from controlling
utilization ratio of column
and beam (U3jk)

11. Repeat step 6 to 10 until
controlling utilization is
within targeted utilization

12. End of Optimization

3 Case study 
In this section, a three-storey portal steel frame 
shown 01 is designed by procedure mentioned in 
Section 2. The frame is subjected to gravitational 
concentrated loads transferred from secondary 
steel beam with the span of 6.0m and spacing of 
2.5m. The basic input data is summarized in table 
03. 

Regarding to design standards, stability design 
method, Direct Design Method, and member 
design are based requirements on ANSI/AISC 360-
16 [5], Specification for Structural Steel Buildings. 
Moreover, minimum load on frame is based on 
ASCE 7-16 [6]. Moreover, minimum design load 
value on frame is based on ASCE 7-16, Minimum 
Design Loads and Associated Criteria for Buildings 
and Other Structures. 

Table 03. Basic input data 

Material input 

Steel specification ASTM A36 

Yield Strength, Fy 245 MPa 

Modulus of Elasticity, Es 200,000 MPa 

Mass density of steel, ρ 7,850 kg/m3 

Utilization limit 

Lower limit, LL 0.90 

Upper limit, UL 1.00 

Design case load 

Structural Self-weight Varies 

Superimposed DL, WSDL 3.00 kPa 

Live Load, WLL 2.4 kPa (Office use) 

Wind load, PWL 18.00 kN 
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Based on Direct Design Method, analysis and 
design assumption are as follows: 

1. Structural Analysis
- Elastic first-Order analysis

2. Secondary effect being considered
- Global effect, P-Δ: NOT considered
- Local effect, P-Δ: Amplified first-order

3. Stiffness reduction factors
- Reduction method: Tau-b fixed
- 𝜏𝜏𝑏𝑏 = 1.0

In ultimate limit state 
- 𝐸𝐸𝐼𝐼∗ = 0.8𝜏𝜏𝑏𝑏𝐸𝐸𝐼𝐼 
- 𝐸𝐸𝐴𝐴∗ = 0.8𝐸𝐸𝐴𝐴 

In serviceability limit state 
- 𝐸𝐸𝐼𝐼∗ = 𝐸𝐸𝐼𝐼 
- 𝐸𝐸𝐴𝐴∗ = 𝐸𝐸𝐴𝐴 

4. Notional load
- Notional coefficient: 0.003
- Notional load: applied to gravity combination

only.

Based on ASCE7-16, load combinations are as 
follows: 

1. Serviceability Limit States:
- Drift and lateral displacement
 𝑆𝑆𝐿𝐿𝑆𝑆01 = 𝐷𝐷𝐿𝐿 + 0.5𝐿𝐿𝐿𝐿 +𝑊𝑊𝑎𝑎 

- Beam deflection 
 𝑆𝑆𝐿𝐿𝑆𝑆02 = 𝐷𝐷𝐿𝐿 + 𝐿𝐿𝐿𝐿 

2. Ultimate Limit States
𝑈𝑈𝐿𝐿𝑆𝑆01 = 1.4𝐷𝐷𝐿𝐿 + 1.4𝑁𝑁𝐷𝐷𝐿𝐿 
𝑈𝑈𝐿𝐿𝑆𝑆02 = 1.2𝐷𝐷𝐿𝐿 ± 1.2𝑁𝑁𝐷𝐷𝐿𝐿 + 1.6𝐿𝐿𝐿𝐿 ± 1.6𝑁𝑁𝐿𝐿𝐿𝐿
𝑈𝑈𝐿𝐿𝑆𝑆03 = 1.2𝐷𝐷𝐿𝐿 ± 1.0𝑊𝑊𝐿𝐿 
𝑈𝑈𝐿𝐿𝑆𝑆04 = 1.2𝐷𝐷𝐿𝐿 ± 1.0𝑊𝑊𝐿𝐿 + 1.0𝐿𝐿
𝑈𝑈𝐿𝐿𝑆𝑆05 = 0.9𝐷𝐷𝐿𝐿 ± 1.0𝑊𝑊𝐿𝐿 

Since optimization of steel portal frame starts from 
feasible starting, optimization is assumed to be 
reach once controlling utilization ratio of all 
elements are within lower limit and upper limit of 
utilization ratio.  

4 Results and discussion 
Table 04. Comparison of member sizes 

Initial values Final values 
Total Area 
(cm2) 1704 1047 

C1 

As (cm2) 153 107 
d (cm) 60.00 50.22 
b (cm) 24.00 20.09 
tw (cm) 1.50 1.26 
tf  (cm) 1.30 1.09 

C2 

As 153 102 
d 60.00 49.00 
b 24.00 19.60 
tw 1.50 1.22 
tf 1.30 1.06 

C3 

As 153 124 
d 60.00 54.12 
b 24.00 21.65 
tw 1.50 1.35 
tf 1.30 1.17 

C4 

As 153 107 
d 60.00 50.26 
b 24.00 20.10 
tw 1.50 1.26 
tf 1.30 1.09 

C5 

As 153 102 
d 60.00 49.00 
b 24.00 19.60 
tw 1.50 1.22 
tf 1.30 1.06 

C6 

As 153 124 
d 60.00 54.12 
b 24.00 21.65 
tw 1.50 1.35 
tf 1.30 1.17 

B1 

As 262 123 
d 80.00 54.72 
b 32.00 21.89 
tw 2.00 1.37 
tf 1.70 1.16 

B2 

As 262 129 
d 80.00 56.12 
b 32.00 22.45 
tw 2.00 1.40 
tf 1.70 1.19 

B3 

As 262 129 
d 80.00 56.12 
b 32.00 22.45 
tw 2.00 1.40 
tf 1.70 56.12 
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Figure 04. Portal steel frame and section ID 

Table 04 compares values of member section 
properties between initial point and final point of 
optimization, and member ID is given in Figure 04.  

History of cross-section area of selected members 
is shown in Figure 05 while history of utilization 
ratio of selected members is shown in Figure 06. 

Figure 05. History of cross-section area of selected 
members  

From figure 05, it can be seen that a downward 
direction is the overall trend in change in section  

Figure 06. History of utilization ratio of selected 
members  

for all elements. However, member C3 also 
experienced increase in member size, and, 
according to figure 06, it can be said that it was due 
member C3’s utilization ratio exceeding upper limit 
in utilization ratio. Moreover, final member sizes 
are also reasonable and acceptable, and this shall 
also be noticed that, compared to column sizes at 
lower story, columns size at 3rd story is bigger, and 
it is related to larger required bending moment at 
column’s top end. 

5 Conclusion 
Multilevel Decomposition Method is optimization 
procedure which provides trackability and 
independent subproblem solving by decomposing 
a large problem into subproblems, solving for 
optimum condition for each subproblems, and 
coupling effects between level to level by 
sensitivity derivatives. A framework of 
optimization of multi-storey steel frame has been 
developed based on algorithm from Multilevel 
Decomposition Method. The framework is mainly 
involved in decomposing an entire structure into 
smaller substructure and determining design 
objective and variables at each subsystem, and this 
is also worth mentioning that sensitivity derivatives 
were not employed in the algorithm since it might 
not work well in predicting behavior of constrain 
satisfaction. Based on design results, the 
framework developed based Multilevel 
Decomposition Method can be said to be able to 
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effectively achieve optimization objective since, 
after each iteration, the design result becomes 
closer and closer to targeted result or objective and 
is reasonable. 
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Abstract 
Rail transit bridges must meet stringent requirements for deflection control throughout the 
operation period. To provide a reference for the selection of bridge type and structure for long-span 
rail transit bridges, this paper conducted a comparative study of four PC(prestressed concrete) 
combination structure bridge types’ long-term deflection control performance. The structural 
configurations of the bridge types under research were trial designed using the same arrangement 
with a main span of 250 m and design parameters, and the Finite Element models for long-term 
deflection calculations were developed. According to the findings, all of these bridge types exhibit 
high vertical structural stiffness and excellent long-term deflection control performance, satisfying 
rail transit's technical requirements. Additionally, Excess weight and prestress loss have a less 
detrimental effect on arch-assisted girder bridges. 

Keywords: hybrid system；creep effect；influencing factors； long-term deflection prediction. 

1 Introduction 
Prestressed concrete (PC) girders offer the 
advantages of high structural stiffness, low 
vibration and noise, competitive prices, and 
minimal maintenance, able to meet the 
smoothness, stability, and reliability requirements 
of urban rail transit. However, as operation time 
increases, excessive deflection with cracks is the 
common issue for long-span PC  girder bridges [1]. 

In comparison to highway bridges, the deformation 
control for urban rail transit bridges should be 
more stringent. The deflection of the deck of a rail 
transit bridge will proportionately increase the 

acceleration and load shedding rate, affecting the 
smoothness and safety of train operation [2]. As a 
result, the long-term deflection effect of the main 
girder must be strictly controlled. According to 
Chinese code for urban rail transit bridges [3], the 
long-term creep deflection of PC girders with a 
minimum span of 50 m and without ballast should 
not exceed L/5000. Based on statistics of the 
deflection of long-span PC continuous girder or PC 
continuous rigid frame bridges in the world, the 
aforementioned requirements are no longer suit 
for the bridges with the main span exceeds 200 
meters [4]. While an all-steel main girder structure 
is feasible in terms of force and long-term 
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deflection control, it is not yet cost-competitive in 
this span range due to high vibration noise, high 
project costs, and additional maintenance work. 
The combined bridge is an innovation that 
incorporates two or more major construction 
materials or traditional structural systems. It will 
reduce self-weight significantly and improve span 
capacity and structural performance. The PC 
composite structure provides significant benefits in 
terms of force, stiffness, noise reduction, and 
whole life cost. Thus, studies on the long-term 
deflection effect are of significance for rail transit 
bridges with long-span PC combination structures. 

To research the long-term deflection effect of long-
span PC composite structure rail transit bridges, 
the structural performance of four different bridge 
types under the same conditions are compared.  

2 Project background 
An urban rail transit bridge is located in a U-shaped 
river valley slope landscape surrounded on both 
sides by residential land. In the bridge location area, 
the average temperature is 18.3°C, the average 
monthly temperature ranges from 5.7°C to 28.1°C, 
the maximum daily temperature ranges from -
1.8°C to 43°C, and the average relative humidity is 
79 percent. The main span arrangement for 
140+250+140m was determined by the 
topography, hydrology, and navigation 
requirements. Elevation control raises the bridge 
deck approximately 75 meters above the ground. 
The bridge are designed for a rail transit with a 
maximum speed of 100 km/h, and a layout of 
double-line ballastless track layout with a 5.2 
meters line spacing is used in this project. 

3 Bridge type and main girder 
structure form selection 

3.1 Selection of bridge type 

Firstly, according to the topographic conditions, 
navigational and flooding requirements, three 
bridge types, beam, arch, and cable-stayed bridges 
are all feasible. However, due to the significant rise 
and fall in water level, the deck arch bridges are 
unsuitable and the arch feet risk colliding with ships 

at the high water level. Additionally, the adjacent 
upstream bridge is a cable-stayed one, while the 
adjacent downstream bridge is a half-through arch 
bridge. To contribute to the  bridge-type diversity 
for the river, the new bridge should avoid using the 
same type of bridge as the adjacent bridges. As a 
result, cable-stayed bridges with single or twin 
pylons, as well as half-through arch bridges, are 
incompatible. The following bridge types are 
suitable: 

• A continuous rigid-frame bridge.
• An arch-assisted girder bridge.
• A Continuous rigid-frame-flexible-arch

combined bridge.
• An extradosed bridge.

3.2 Main girder structure form selection 

Vibration and noise issues to urban rail transit 
bridges cannot be ignored, even more so with steel 
wheels and rails, the integrated noise of the rail 
transit bridge is primarily composed of four 
components: wheel track, aerodynamic, bow 
network system, and bridge structure noise. 
Furthermore, the bridge structure noise accounts 
for the most significant part of low-frequency noise. 
As a result, when designing the bridge's main girder 
structure, noise reduction is a critical factor. 

The steel girder is unsuitable for use throughout 
the total length of this bridge due to consideration 
of the structural noise. A concrete box girder is an 
excellent choice due to its high damping, low 
vibration, and rapid noise abatement. Steel 
concrete hybrid girders can be used, in which the 
part consists of concrete box girder, can be used in 
side-spans adjacent to residential areas, while the 
part consists of steel box girders can be used in 
mid-span regions away from residential areas. 

4 PC combination structure bridge-
type research 

It is possible to effectively control the structure's 
low-frequency noise by utilizing a concrete girder. 
However, the main span of this urban rail transit 
bridge is 250 meters. If a conventional PC 
continuous rigid frame bridge is being used, the 
structural performance would be degraded due to 
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the significant increase in self-weight, increasing 
the possibility of the main span deflection caused 
by girder cracking and other defects. As a result, 
this bridge is unsuitable for use with a traditional, 
singular bridge structure system utilizing a 
concrete girder structure. Therefore, the PC 
combination structure is appropriate for ensuring 
that the bridge's design meets stiffness, long-term 
deflection, and noise control requirements. 

4.1 PC combination bridge structure form 
and bridge type study 

In general, bridges with a PC combination structure 
are classified into three categories: 

Type I: structural system combinations, such as 
girder-arch combinations or cable-assisted girder 
combinations. 

Type II: a structure composed of multiple materials 
along its longitudinal axis, such as a steel-
prestressed concrete hybrid girder bridge. 

Type III: a structure composed of multiple materials 
in the same cross-section, such as a steel girder-PC 
combination girder or a wave-form steel web (steel 
truss web members)-PC combination girder. 

For rail transit or railway bridges with a minimum 
span of 200 meters, Type I and Type II have been 
widely applied in China. As for Type III, the bottom 
plate of steel box combination girder in the root 
zone is too thick under the enormous pressure and 
this type of structure has significant web stability 
problems. Steel web (or steel truss web) 
combination girder torsional and deformation 
resistance stiffness is low in the waveform. It is 
challenging to meet the requirement of the vertical 
deformation difference between the main girder 
and the two rails in the same cross-section for a rail 
transit bridge. Thus, whether Type III can apply to 
rail transit bridges longer than 200 meters requires 
additional research. 

The following four bridge types with the same span 
arrangement were proposed to investigate the 
long-term deflection control performance of long-
span PC combined structure rail transit bridge 
forms: Bridge-type A is a steel-concrete hybrid 
continuous rigid-frame bridge, Bridge-type B is an 

arch-stiffened girder bridge, Bridge-type C is a 
combined through arch-girder bridge and Bridge-
type D is an extradosed bridge. Figure 1 illustrates 
the arrangement of each bridge type. 

Figure 1. Arrangement of the PC combined structure rail 
transit bridge to be studied 

4.2 Structural system and configuration 

All bridge types are rigid-frame structures. For 
bridge-type A, steel-mixed combination sections 
are used to connect the steel box girder and the 
concrete girders. In bridge-type B, the main girders, 
lower chord arches, and main piers are solidified 
together, and the columns are rigidly fixed to the 
main girder and lower chord arches. In bridge-type 
C, the arches' footings are consolidated with the 
main girders. For bridge-type D, the pylons, girders, 
and piers are all fixed firmly. 

The variable height main girders are used for all 
bridge types. The bottom curve of bridge type A is 
1.5 times parabolic, while the bottom curves of 
bridge types B to D are quadratic parabolic. 

The Prestressing system is designed as fully 
prestressed concrete members with high strength, 
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low relaxation strands for all bridge types 
consistently. Figure 2 illustrates the structure and 

arrangement of prestressed tendons for each 
bridge type.
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Figure 2. The main structure and prestressed tendons  layout of each bridge type 

To ensure a consistent effect of the main pier's 
structural stiffness on the force and deformation of 
the main girders, the piers are of the same height 
and cross section for each bridge type. The cross-
sections of the main pier are shown in Figure 3. 

Figure 3.  Typical cross-section of the main pier 

Each bridge type has main girders made of C60 
concrete and main piers made of C50 concrete 
(pylons). Q345qD steel is used for the steel box 
girder in bridge-types A, as well as the steel main 
arch structure in bridge types C. Cables on bridge-
type C are made of 1670MPa high-grade parallel 
steel wires, while stayed cables on bridge-type D 
are made of 1860MPa steel strands. 

4.3 Overall construction methods 

The girders of the four bridge types are constructed 
using a balanced cantilever segmental construction 
method with form travelers. 

For bridge-type A, the side span is closed first, then 
the entire middle span steel box girder is lifted. The 
main girders and lower chord arches of bridge-type 
B are constructed simultaneously using form 
travelers and temporary erection cables. Since the 
upper girders and lower chord arches converge, 
the remaining segments continue to use the form 
travelers for construct. After completing the cast-
in-place section of the side span, close the side 
span first, followed by the middle span. Bridge-type 
C is constructed using the "first girder, then arch" 
method, in which the main girders are constructed 
first, followed by the arch rib segments being lifted 
onto the bridge and vertically rotated to form the 
main arch. The bridge-type D's main girder is 
constructed using form travelers and a balanced 
cantilever casting method, which is also closes the 
side span first, then the middle span.  

5 Finite element model and 
calculation parameters 

To accurately predict the long-term structural 
performance of each bridge type, three-
dimensional finite element (FE) models using 
Midas/Civil were developed for each bridge type, 
as illustrated in Figure 4. Considering the 
construction method and duration of a concrete 
bridge have a significant impact on the creep 
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deformation of the bridge, it is critical to 
incorporate calculations. 

Figure 4.  3D finite element model of each bridge type 

All of these FE models use forward iteration to 
accurately simulate the entire structural formation 
process. Figure 5 illustrates the major phases of 
construction for each bridge type. Due to the 
limited amount of space available, the critical 
construction steps are featured exclusively in the 
figure. The FE models take into account the 
concrete's age, prestressing loss, the time required 
to tension the prestressed tendons, and the time 
required to apply the second phase load. Figure 6 
illustrates the specific procedure for resolving long-
term deflection for each bridge type. 

Figure 5. The major construction  phases of each bridge type 

Figure 6.  Procedure for solving the long-term deflection

The dead load is accurately simulated and loaded 
according to the structure configuration in the 
calculation. Temporary cable's initial tensions 

during bridge-type B formation, initial cable 
tensions for bridge-type C, and initial stayed cable 
initial tensions for bridge-type D are determined 
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based on the inverse extrapolation of structural 
stress feasible domain according to rational 
finished bridge state. The secondary dead load is 
taken as 80kN/m according to the statistics of the 
ballastless rail deck system. Live load is taken as the 
8-car formation of the "AS" model with a maximum 
axle weight of 150kN, using influence line loading.
Additional force to consider the system
temperature difference and the main girder
gradient temperature effect, in which the steel
structure overall lift temperature ± 30 ℃ , the
concrete structure takes the lifted temperature ±
18℃ , the gradient temperature to take positive

temperature difference 14 ℃ , negative
temperature difference 7℃.

The prestress loss parameters were calculated 
using the Chinese design code for urban rail transit 
bridges. A rational loading age has an effect on the 
control of deflection in long-span concrete 
segmental bridges. Thus, when calculating the 
construction phase, the concrete loading age is set 
to 7 days, the construction of the main girder 0# 
block to 30 days, the remaining portion of the 
cantilever casting segments to 12 days, and the 
bridges to 90 days before laying the track structure. 
The shrinkage and creep of concrete should be 
calculated following CEB-FIP (2010), and the 
creepage should be calculated up to 10950d (30 
years). 

6 Long-term deflection comparison 
In summary, the following predicted results for 
long-term deflection were obtained. Table 1 shows 
the rail transit live load stiffness indicators and 
long-term creep deflection values after 30 years of 
calculation.  

Table 1. Rail transit live load stiffness indicators 
and long -term creep deflection calculated values 

Structure 
system 

Rail transit live load stiffness 
indicators 30 year long 

-term mid-
span creep
deflection

(mm)     
Mid-span 
deflection         

(mm) 

Girder-end 
bending angle           

(rad) 

Bridge-type 
A 

89.2             
(1/2803) 1.639‰ 30.50             

(1/8187) 

Bridge-type 
B 

25.7             
(1/9720) 1.152‰ 45.2             

(1/5531) 
Bridge-type 

C 
60.3            

(1/4145) 1.705‰ 14.0            
(1/17921) 

Bridge-type 
D 

108.8            
(1/2298) 2.006‰ 34.2           

(1/7310) 
Note: The data in parentheses refer to the main span's 

deflection span ratio. 

As shown in Table 1, the stiffness of each bridge 
type under live rail traffic loads, as well as the 
calculated indicators for long-term deflection 
control, all fulfill code requirements (girder-end 
bending angle less than 3rad, mid-span deflection 
span ratio of long-term creep less than 1/5000). 
Figure7 illustrates the normal stress variations in 
the top and bottom edges of the main girders for 
each bridge type from completion to 30 years after 
the operation, taking into account the effects of 
dead load (including self-weight, long-term 
concrete shrinkage, and creep effect). 

Figure 7.  Normal stress variations of the main girders 
for each bridge type 

As illustrated in Figure 7, the stresses in the main 
girders vary insignificantly from completion to 30 
years after the operation, owing to the fact that 
each bridge type is a composite structural system.  

To evaluate the long-term deflection control 
performance of each bridge type, the mid-span 
deflections of the main girders were calculated at 
0.5, 1, 2, 5, 10, 20, and 30 years from the date of 
completion. As illustrated in Figure 8, the 
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deflection predicted calculation values and trends 
at various termination times. 

Figure 8.  Growth of mid-span deflection of the main 
girder with the termination time of the creep calculation 

7 Long-term Deflection Influencing 
factors Analysis 

The loading age, ambient relative humidity, 
prestress loss, structural stiffness degradation due 
to concrete cracking, and self-weight increase due 
to excess concrete weight and deck pavement 
placement errors during bridge construction are all 
key causal factors in the excessive deflection of 
long-span concrete bridges. However, given the 
relatively stable climatic conditions at the bridge 
location, the ambient relative humidity is relatively 
constant. Additionally, by rationally controlling the 
construction schedule, long-term deflection of 
long-span concrete bridges caused by creep 
deformation at the loading age can be minimized. 
As a result, this chapter analyses only three critical 
factors: structural excess weight, prestress loss, 
and cracks. 

7.1 Effect of excess weight 

Due to construction errors, formwork deformation, 
and other factors, long-span concrete bridges are 
constructed using a balanced cantilever segmental 
method with form travellers, easily exceeding the 
design value. Assuming that the structure's self-
weight is overweighted by 2%, 4%, 6%, and 8%, the 
long-term deflection ratio of the main span under 
various overweight ratios is calculated for each 
bridge type, as shown in Figure 9. 

Figure 9.  Long-term deflection ratio of mid-span caused 
by overweight for each bridge type 

From Figure 9, it can be seen that the increased 
self-weight will enlarge the long-term deflection. 
The bridge-type C is the most sensitive to the 
increase of deflection by excess weight. 

7.2 Effect of prestress loss and cracks 

In general, live loads on rail transit bridges will not 
exceed the design load. However, prestress loss is 
difficult to estimate accurately. Additionally, the 
effective prestressing force varies with time. 
Excessive prestress loss will lead to the cracking. 
Even though cracking deteriorates structural 
stiffness and performance, it exacerbates the 
development of cracks and main girder deflection. 

According to the method reported in the literature 
[5], when prestress loss is less than 20%, the tensile 
stresses at the top and bottom edges of the main 
girders do not exceed the concrete's cracking 
strength, and the main girder's stiffness would not 
be reduced. When prestress loss exceeded 20%, 
the main girder cracked caused by the tensile stress 
overrun. The rate of stiffness loss is rapid during 
the cracking process, and then slows and stabilizes 
as prestress loss increases. Figure 10 illustrates the 
relationship between prestressing loss and 
variation in cross-sectional stiffness. 

Figure 10.  Relationship between prestress loss and 
variation in cross-sectional stiffness 

230



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Assuming the effective prestress of all longitudinal 
prestress tendons were discounted by 5%, 
10%,15%, 20%,30%,40%, and 50% respectively, the 
long-term deflection ratio caused by prestressing 
loss and cracks are calculated for each bridge type 
as shown in Figure 11. 

Figure 11.  Long-term deflection of mid-span caused by 
prestress loss and cracks for each bridge type 

From Figure 11, it can be seen that prestress loss 
and cracks will significantly enlarge the long-term 
deflection, the most sensitive among the four 
bridge types is bridge-type C. 

8 Conclusions 
This paper conducted a comparative study of the 
long-term deflection control performance of four 
PC combination structure bridge types under the 
same general arrangement with a main span of 
250m and uniform design load parameters. A few 
conclusions can be drawn from the comparison: 

The Continuous rigid-frame bridge, arch-assisted 
girder bridge, continuous rigid-frame-flexible-arch 
combined bridge, and extradosed bridge all exhibit 
the remarkable performance of high vertical 
structural stiffness and long-term deflection 
control. All of these bridge types are capable of 
fulfilling the technical requirements for rail transit 
bridges. 

Theoretically, The continuous rigid-frame-flexible-
arch combination bridge demonstrates the most 
effective control of long-term deflection growth. 
However, it is highly sensitive to prestressing losses, 
as well as structural excess weight caused by 
construction errors. As a result,  this type of bridge 
requires considerable precision in construction 

control to satisfy the design expectations. Owing to 
the high structural stiffness of the arch-assisted 
girder bridge, it is insensitive to the 
aforementioned influences and exhibits balance 
and stable performance. 

When excess weight due to construction errors are 
kept within a reasonable range, it will not 
dramatically increase long-term deflection, but the 
loss of prestressing has a significant effect on the 
increase in long-term deflection for a PC 
combination structure bridge. To ensure the 
effectiveness of longitudinal prestressing, the 
compressive stress reserve in the main girder 
should be increased appropriately during design, 
and prestressing loss must be strictly controlled 
during construction. 

9 Acknowledgments 
This work was supported by technological 
innovation and application demonstration project 
of Chongqing city(cstc2018jscx-mszd0430). 

10 References 
[1] Wang H, Xie C, Liu D,et al. Continuous

Reinforced Concrete Rigid-Frame Bridges in
China. Practice Periodical on Structural
Design and Construction,2019,24(2):
05019002-1-05019002-10.

[2] Qin Q H. Influence of Linear Change of Urban
Rail Transit Bridge on Train Running
Behaviour. Railway Engineering,2018,58
(7):142-146(in Chinese).

[3] GB/T51234-2017, Code for design of urban
rail transit bridge.

[4] Guo T, Chen Z H. Deflection Control of Long-
Span PSC Box-Girder Bridge Based on Field
Monitoring and Probabilistic FEA. Journal of
Performance of Constructed Facilities, 2016,
30 (6): 04016053-1-04016053-10.

[5] Liu C, Xu D. Influence of cracking on
deflections of concrete box girder bridges.
The Baltic Journal of Road and Bridge
Engineering, 2012, 7(2): 104-111.

231



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Study on Mechanical Property of Reticulated Shell Structure Canopy 
Considering Elevated-effect of Viaduct in High-speed Rail Station 

Chuanping Liu, Jian Jia 

Tongji University, Shanghai, China 
Architectural Design & Research Institute of Tongji University (Group) Co., Ltd., Shanghai, China 

Contact: liuchuanping@126.com 

Abstract 

Some high-speed rail stations use reinforced concrete reticulated shell as its canopy structure in 
China. This structure has advantages of beautiful shape, large span and convenient maintenance. 
This paper mainly studies the influence of the viaduct structure on mechanical property of 
reticulated shell structure upper, and establishes the overall finite element model of station 
including the viaduct and canopy structure. The study results show that due to the relatively large 
structural stiffness of the viaduct, it can select a separate model of the canopy from the whole 
station structure to analysis, and can meet the safety requirements of the canopy structure. 

Key words: reticulated shell structure; viaduct; elevated effect; rise-span ratio; double-columns. 

1. Introduction
Reticulated shell structure belongs to curved space 
grid structure, which has the multiple advantages of 
simple construction in beam structure and reliable 
force of thin shell structure. It can cover relatively 
large span and has rich and colorful modeling, and 
can be played freely according to the architect's 
creative intention. It is deeply favored by architects. 

Built in 1957, the Little Sports Palace in Rome 
(Figure 1) has a spherical dome on its roof and a 
circular plane diameter of 60 meters. It is famous for 
its beautiful dome ceiling modeling around the 
world. The Auditorium of Tongji University was built 
in 1962 (Figure 2), which is an assembly integrated 
concrete reticulated shell structure. The hall is 40 
meters wide and 56 meters long. The diamond-

shaped structure grid in the arched roof is 
completely exposed, which is very rhythmic, 
achieve the result by different methods of the Little 
Sports Palace in Rome.  

Figure 1. The Dome of Little Sports Palace in Rome 
Figure 2. The Auditorium of Toni University 

Reticulated shell structure is also widely used in 
high-speed railway station. For example, the waiting 
hall roof of Tianjinxi Station built in 2011 (Figure 3) 
adopted cylindrical single-layer oblique steel 
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reticulated shell structure. Built in 2015, the Yujiapu 
Station (Figure 4) adopted the shell spiral linear 
structure on the roof, and the shell dome adopted 
the design concept of combining steel mesh shell 
and membrane structure. Zhengzhounan Station 
(Figure 5) is the first case of adopting assembly 
integrated and reticulated shell structure and fair-
faced concrete in large railway stations in China.  

Figure 3. The waiting hall of Tianjinxi Station 

  Figure 4. The shell dome of Yujiapu Station  
Figure 5. The reticulated shell structure canopy of 

Zhengzhounan Station 

Researchers and Scholars such as Zhou Pengfei et al. 
[1-3] have carried out extensive studies on the 
analysis of force and deformation law of reticulated 
shell structure and its seismic theory, covering 
dynamic stability analysis, earthquake failure mode 
and failure mechanism research. Fan Feng et al. [4] 
have conducted on the failure modes and failure 
determination methods of reticulated shell 
structures under earthquake action.  

Zhang Chao [5], Liu Chenjun [6] et al. analyzed the 
influence of lower structure on seismic 
performance of reticulated shell structure upper, 
and believed that the influence of stiffness of the 
support structure should be considered to 
reasonably choice the calculation model in shell 
structure design. Nie Guibo et al. [7] studied the 
strong earthquake behaviour of single-layer 

cylindrical reticulated shell structure by considering 
the lower supporting effect.  

Zhengzhounan Station is close to Xinzheng 
International Airport, with an overall floorage of 
nearly 400,000 m2. The elevated station scheme is 
adopted within 450m of the platform, and the main 
passenger waiting hall, departure passenger lane, 
and platform canopy all located above the viaduct.  

Combined with the station building plane and the 
use requirements of the space under the bridge, the 
arrival-departure tracks floor within the 450m 
platform adopts the frame structure in the form of 
"bridge-station combined structure", besides the 
main tracks that adopted the bridge structure. 
Joints are set on both sides of the bridge to separate 
it from the arrival-departure tracks floor structure 
(Figure 6).  

Figure 6. The section of track floor and canopy 

The platform canopy is 97.2 m long along the rail 
and 363.8m wide, and the column grid is 21.5m 
(vertical rail) ×22.8m (along rail). The canopy adopts 
fair-faced reinforced concrete reticulated shell 
structure (Figure 7). 

Figure 7. The canopy of platform 

This paper combined with the case of 
Zhengzhounan Railway Station, mainly studies the 
influence of the viaduct structure on the mechanical 
property of the reticulated shell structure, by 
establishing the overall model of the station 
including the viaduct and canopy structure, and 
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analyze the influence of lower structure, the rise-
span ratio of shell structure on the mechanical 
property, studies the anti-lateral thrust structure of 
the side span in ultra-long continuous arch without 
landing, and puts forward a structural solution.  

2. Canopy structure and calculation
model establishment
The canopy of Zhengzhounan Railway Station 
adopts reinforced concrete reticulated shell 
structure. The thickness of shell plate is 120mm, and 
it is composed of 60mm thick prefabricated plate 
+60mm thick cast-in-place plate. The section of shell 
ribbed beam is 200x600mm. The cross-section of
canopy columns that stand among the track lines is
octagonal section, and the size is 1000x1000mm.
The lower yard column grid is 21.5mx11.4m, and
adopts cast-in-place reinforced concrete frame
structure. The column size is 2000x2300mm, and
the main frame beam size is 1000x1600mm.The
column and beam of the lower yard all adopt
composite steel concrete structure (Figure 8).

Figure 8. The section of canopy(local) 

To study the influence of the viaduct structure to 
the reticulated shell canopy upper on mechanical 
property, this paper set up finite element model of 
the canopy and viaduct structure by SAP2000. The 
calculation models are shown in figure 9.  

（at）The single model 

(b) The overall model

Figure 9. The calculation model of canopy structure 

3. Analysis the mechanical property
on reticulated shell structure

3.1 Analysis on stress and deformation of 
shell structure 

The stress and deformation of the reticulated shell 
structure are analyzed by taking a separate model
（Figure 9a） .The envelope diagram of bending 
moment of canopy shell structure under normal 
service condition is shown in Figure 10. It can be 
seen from the figure that the bending moment at 
beam-column joints and side columns is larger. The 
maximum bending moment occurs at the bottom of 
the side columns, which is about 4207 KN-m /3017 
KN-m in the double-columns, and the maximum 
axial force is also in the double-columns, which is 
about 10299 KN (pressure) and -2758 KN (tension). 
The maximum bending moment of the ribbed beam 
is 185KN-m at the beam end and 70 KN-m at the 
mid-span. The deformation of canopy structure is 
shown in Figure 11. The maximum deflection is 
26.2mm, which is less than L/300. The maximum 
horizontal deformation occurs at the top of side 
columns, which is 18.8mm and the displacement 
angle is 1/640, and meeting the design 
requirements well. 

Figure 10 The envelope diagram of bending 
moment of canopy structure 
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Figure 11 The deformation of canopy structure 

3.2 Influence of arch rise on stress and 
deformation of shell structure 

In order to study the influence of arch rise (f) on the 
stress and deformation of canopy structure, a single 
model of canopy structure was established. Table 1 
shows the calculation results of the reticulated shell 
structure under different arch rises(f).  

It can be seen from the calculation and analysis: 

(1) The mechanical properties of concrete
cylindrical reticulated shell structure are obviously
different from those of ordinary plate frame
structure. The horizontal thrust (shear) and lateral
displacement of the reticulated shell structure at
the top of side span columns is larger, while the
vertical displacement in the middle span is smaller.

(2) The larger the rise (f) of the reticulated shell is,
the smaller the horizontal displacement on the top
of side span columns, and the smaller the bending
moment and shear force (horizontal thrust) of the
columns, and the more obvious the arch effects.
However, when the rise of the arch is higher than a
value (f>4 in this project), the change trend of the
internal force and deformation of the arch structure
becomes slower, and the enhancement of the arch
effect is no longer obvious (Figure 12).

Figure 12. The influence of rise on shell structure 

By the above studies, the final design scheme that 
the rise (f) of reticulated shell structure choices 
3.9m, and the rise-span ratio is 1/5, it meets the rule 
of the rise-span ratio of cylindrical reticulated shell 
structure should not be less than 1/8 in the code of 
Reinforced Concrete Thin Shell Structure Design 
Regulations.  

Table 1. Influence of different rise height (f) on stress and deformation of arch structure 

rise f
（m） 

horizontal 
deformation on 
the side column 

top （mm） 

vertical 
deformation 

in span 
（mm） 

bending moment 
on the side 

column bottom
（KN·m） 

bending 
moment on the 
side column top

（KN·m） 

Shear force 
on the side 
column top

（KN） 

shell plate 
stress 

（N/mm2） 

0.0 0.62 132.8 -202.6 1371.0 486.5 25.61 

1.0 29.88 49.9 -6930.0 4690.4 2371.0 11.96 

2.0 20.27 27.6 -4662.3 3127.2 1616.0 8.94 

3.0 15.02 19.2 -3440.5 2330.3 1221.7 7.75 

3.9 12.31 15.3 -2810.1 1928.4 1021.3 7.76 

5.0 10.24 12.3 -2329.9 1630.5 871.9 7.82 

6.0 9.01 10.6 -2043.2 1459.2 785.8 7.87 

8.0 7.49 8.5 -1687.8 1261.7 686.6 8.04 
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3.3 Influence of temperature on stress and 
deformation of ultra-long shell structure  

For the ultra-long slab concrete structure, the 
change of temperature will cause great internal 
force and deformation in the structure. According to 
the work status of the canopy in this project, only 
seasonal and sunshine temperature difference are 
considered when calculating the influence of 
temperature change on the structure, and only the 
overall temperature effect is considered. The 
closing temperature of the shell structure design 
was set at 10~20℃. Considering the reduction 
factors of shrinkage, creep and cracking stiffness of 
the concrete structure, the temperature was finally 
set at 15℃ for calculation and analysis (Figure 13). 

(a) SAP2000 Model   (b)MADIS Model
Figure 13. Calculation model of canopy structure 

Table 2. The deformation of canopy under various 
load conditions  

calculation 
software 

Displacement at the top of side column
（mm） 

Dead 
load(D) 

Live 
load(L) 

Temp 
(T) 

Combination 
(D+L+0.6Tup) 

SAP2000 18.64 1.36 0.68 20.4 

MIDAS 18.21 1.34 0.67 19.9 

The calculation results of canopy structural 
deformation under dead load, live load and 
temperature load are shown in Table 2. The results 
show that the deformation of reticulated shell 
structure under temperature is significantly 
different from that of flat plate structure. The 
horizontal deformation of canopy is 0.68mm under 
single heating condition (Figure 14), while the 
deformation of flat frame structure is about 15mm 
under the same working condition. Because the 
shape variability of arched structure leads to a 
natural release effect on the deformation along the 

arch direction under temperature action, the 
temperature effect of ultra-long reticulated shell 
structure is much less than that of the flat structure. 

Figure 14. The deformation of continuous shell 
structure under heating up 

4. Impact analysis of viaduct on seismic
performance of shell structure

4.1 Impact of viaduct on self-vibration 
characteristics of shell structure upper 

Based on SAP2000 calculation software, the 
contrast models are established to study the impact 
of the lower support structure of viaduct on the self-
vibration characteristics of the reticulated shell 
structure. The contrast models include the single 
model of canopy structure and the overall model of 
combined lower viaduct and upper canopy 
structure.  

Table 3 shows the three vibration modes ahead of 
the reticulated shell structure analyzed by the single 
model and the whole model respectively. It can be 
seen from the calculation results that the self-
vibration frequencies of the canopy taking account 
of lower structure are all less than that of the single 
model. Those research results indicate that the 
computational stiffness of reticulated shell 
structure canopy considering the viaduct structure 
will be reduced, and the reduced value is about 
(1.5~2.5) %.  

The reason is that the section of columns in lower 
viaduct is 2.0mx2.3m, while the size of upper 
canopy columns is 1.0mx1.0m, The stiffness of 
lower viaduct column is about 24 times that of the 
upper canopy column. Due to a large stiffness 
difference of the structure, the stiffness of the 
upper canopy structure is relatively weak, and the 
deformation upper is mainly in the whole structure, 
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and has the same change rule for the vibration 
frequencies of single model of canopy structure. 

It can also be seen from the table 3 that the 
deformation forms of the three modes ahead of the 
reticulated shell structure are almost the same, and 
the differences begin to increase from the sixth 
mode. The calculation results show that the 
stiffness of the lower viaduct structure has a great 
impact on the self-vibration mode of the whole 
structure, especially on the higher mode. On the 
whole, the overall stiffness of the upper reticulated 
shell structure will decrease, the vibration period 
and the deformation of the canopy structure will 
increase by considering the viaduct supporting.  

Table 3. Vibration modes diagram of single model 
and overall model of canopy 

Vibration modes diagram 

single model overall model 

The first mode: Y-vibration 

T1 = 1.736s T1 = 1.763s 

The second mode: Y-antisymmetric vibration 

T2 = 1.459s T2 = 1.487s 

The third mode: X-antisymmetric vibration 

T3 = 1.413s T3 = 1.446s 

4.2 Seismic performance analysis of shell 
structure considering elevated effect  

By analyzing the vibration mode changes of the 
single model and the whole model of canopy 
structure under the action of design earthquake and 
strong earthquake, it can be seen that during the 
design earthquake, the lower supporting structure 
and the upper canopy structure columns remain 

elastic state, the maximum lateral displacement 
angle of the lower supporting structure is 1/1451(X) 
and 1/1514(Y), and the maximum displacement 
angle of canopy columns upper is 1/203(X) and 
1/166(Y).  

Under the action of strong earthquake, the lower 
supporting columns and the upper canopy columns 
no yield while the ribbed beams of reticulated shell 
structure yield and enter into plastic state. At this 
point, the maximum lateral displacement angle of 
the lower columns is 1/705(X) and 1/734(Y), and 
The maximum displacement angle of the upper shell 
structure is 1/92(X) and 1/74(Y)，all less than the 
limit value 1/50. 

4.3 Analysis and design of anti-lateral thrust 
structure in canopy without landing  

Reticulated shell structure is a kind of curved or 
mansard structure, which mainly uses the principle 
of "arch effect" to bear the vertical load and convert 
it into the axial pressure in the shell, and is balanced 
by the anti-lateral structures at both side of the shell. 
It is a kind of high-efficiency structural form which 
can make full use of the compressive strength of 
concrete. In order to ensure the stability of the arch 
structure, we should take effective measures to 
balance the horizontal thrust at the arch foot. The 
horizontal thrust at the arch foot can generally be 
treated with the following ways in projects:  

(1) directly bearing horizontal thrust with arch foot
foundation. (2) Use the lateral resisting structure on
arch foot to bear the horizontal thrust. (3) Set
tension bar on the arch foot to bear the horizontal
thrust.

Due to the reticulated shell canopy of Zhenzhounan 
Station is located on the viaduct, and serves a mass 
of railway passengers, the above ways (1) and (3) 
are not feasible. The design finally adopts the anti-
lateral thrust structure scheme with double-
columns in the side span to solve the problems of 
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horizontal thrust and arch structure stability, as 
shown in Figure 15.  

Figure 15. Plane and section of anti-lateral thrust 
structure in side span of canopy  

SAP2000 is used to analyse the force and seismic 
performance of the anti-lateral thrust structure 
(Figure 16). The calculation parameters are as 
follows: the roof constant load is 2.5kN/m2(not 
including its self-weight), the live load is 0.5kN /m2, 
and the temperature rise is considered to be 
15℃.The analysis process and calculation results 
are shown in Table 4 below.  

Table 4. Comparison of anti-lateral thrust double-
columns schemes in side span of canopy  

Anti-lateral 
thrust 
schemes of 
side column 
（YPZ2a+YPZ2b） 

axial 
compre
ssion 
ratio 

displacement at the top of 
side column(mm) 
dead 
load 
(D) 

Temp 
(T) 

combinat
ion 
(D+L+0.6T) 

Φ900 
+Φ1000

0.76 
>0.65 38.51 1.39 42.1 

Φ1000 
+Φ1200

0.66 
>0.65 18.60 0.67 20.3 

Φ1100 
+Φ1100 0.46 18.64 0.68 20.4 

口 1200x800 
+Φ1000

0.47 17.28 0.68 19.0 

Note: The limited value of axial compression ratio of the 
column is 0.65 by code for seismic design of building in 
China. 

Through comparing several schemes for the anti-
lateral thrust structure in side-span columns of 
canopy, the double-columns scheme is adopted. 
The section of outer and inner columns of the 
double-columns are all octagon, and the size of the 
octagon column is 1100x1100mm (Figure 17). The 
displacement at the top of the double-columns is 

20.4mm, and the axial compression ratio is 0.46. 
The reinforcement ratio of the outer column (YPZ2a) 
is 2.0% (bearing pressure), and the inner column 
(YPZ2b) is 4.5% (bearing tension), all of which meet 
the design requirements of the seismic grade I of 
frame structure. 

Figure 16. The SAP2000 model of double-columns 
structure in side span of canopy  

Figure 17. The structural detail of double-column in 
side span of canopy 

5  Conclusions 

The platform canopy of Zhengzhounan Railway 
Station adopts fair-faced concrete combined 
prefabricated and reticulated shell structure, and it 
is the first application and design innovation in the 
construction of high-speed railway in China. In this 
paper we analyse and study the single model of 
canopy structure and the overall model including 
the lower viaduct structure, and the main 
conclusions are as follows:  

(1) In high-speed railway station, due to the
relatively large structural stiffness of the viaduct,
considering that the elevated effect of lower
structure has little impact on the natural vibration
characteristics and seismic performance of the
upper shell structure, it can select a separate model
of the shell structure from the whole station
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structure to analysis, and can meet the safety 
requirements of structure design of the canopy.  

(2) The larger the shell rise-span ratio of reticulated
shell structure is, the smaller the horizontal thrust
and deformation of the columns supporting the
shell roof. When the arch rise(f) increases, the arch
effect becomes more obvious, but when the arch
rise(f) increases to a certain value, the arch effect
increases weaker. It is recommended that the rise-
span ratio of the arch should not be less than 1/6.

(3) The research shows that due to reticulated shell
structure variability in the shape of arch span
direction, it has a natural buffer and release effect
in ultra-long concrete structure deformation caused
by temperature action, the internal force and
deformation are smaller.

(4) The double-columns scheme can perfectly solve
the problems of seismic stability and lateral
horizontal thrust in side span columns of reticulated
shell structure canopy without landing.
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Abstract 
Ultrahigh performance concrete (UHPC) has been broadly endorsed for many applications in the 
construction industry due to its superior mechanical properties and excellent durability. 
Nevertheless, UHPC utilization as full and large structural components is still limited due to the lack 
of standardized design guidelines and consistent mechanical models. This study presents a 
numerical investigation on the flexural behavior of UHPC T-beams under the influence of the tensile 
grade of UHPC, and the reinforcement ratio. The behavior is studied under three conditions relating 
the UHPC tensile strain to the reinforcement yielding strain. That is, UHPC peak tensile strain is 
smaller than, equal to, or larger than the yielding strain of the rebar, reflecting the sequence of crack 
localization and yielding of rebars. Each condition is examined against a reinforcement ratio ranging 
from low to high ratio. The nonlinear finite element modeling approach is validated by experimental 
data available in the literature.  

Keywords: UHPC; flexural behavior; strain-hardening; multiple cracking; peak strain. 

1 Introduction 
Ultrahigh performance concrete (UHPC) is one of 
the state-of-the-art construction materials 
developed in recent decades that demonstrate 
outstanding mechanical properties, including 
compressive strength of more than 150MPa, 
sustained post-cracking tensile strength and 
pronounced durability [1,2] .  UHPC has attracted 
worldwide attention from researchers for its high 

potentials in the construction sector. Even so, its 
approval as full and large structural components is 
still limited by several constraints including a lack 
of consistent and practical design models, low 
knowledge of the production procedures and 
quality control, demand for rigorous curing regimes, 
and the high production cost [3,4] 

The inconsistencies and complications in the design 
models are attributed to the sensitivity of UHPC to 
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a large number of factors involving reinforcement 
ratio, fiber contents, properties and orientations, 
matrix constituents and characteristics, and casting 
and curing methods [5,6].  

Several studies have been conducted to evaluate 
the influence of fibers and reinforcement ratios on 
the capacity and ductility of UHPC flexural 
members. Generally, higher reinforcement ratios 
result in higher ultimate capacities and enhanced 
ductility [7–9]. Adding fibers has also been found to 
offer higher post-cracking stiffness and ultimate 
capacities, and good crack control at service states. 
[7,8]. 

A large body of experimental research on R/UHPC 
has demonstrated that members made of UHPC 
show unique failure modes, and hence the ductility 
criteria of reinforced UHPC are distinctive and not 
only regulated by the reinforcement, as in 
conventional concrete, but also by the fiber ratios 
and characteristics. It is known that the essential 
goal of adding fibers is restraining (bridging) the 
cracks and providing sustained post-cracking 
resistance. However, when the strain of UHPC (or 
crack width) reaches a certain threshold, named 
crack localization, the fiber bridging effect starts to 
fade and rapidly progresses. Baby et al. [10] 
observed that, in strain-hardening UHPC, the 
combined contribution of fibers and reinforcement 
is effective when the structural crack localization 
strain capacity of the UHPC is much larger than the 
steel yielding strain. Yoo and Yoon [7] reported that 
including 2% steel fibers largely increased the load-
carrying capacity of UHPC beams, yet decreased 
their ductility in comparison with typical specimens 
without fibers as the reinforcement locally 
deformed at the localized cracks. Shao and 
Billington  [11] suggested that the ductility of UHPC 
is also affected by the strain-hardening capacity of 
the reinforcement which compensates for the loss 
in the resistance caused by the decline of the fiber 
bridging effect. Hence, the ductility is influenced by 
the tensile strength of UHPC, reinforcement ratio 
(yielding capacity) and the ultimate strength of the 
reinforcing rebars (steel strain-hardening capacity). 

This paper presents a numerical investigation on 
the flexural behavior of UHPC-T beams and sheds 
light on the impacts of the UHPC tensile strain 
(peak strain) and its correlation with the yielding 

strain of the. Three strain scenarios are considered; 
namely, UHPC peak tensile strain is smaller than, 
equal to, or larger than the yielding strain of the 
reinforcement. Each condition is assessed with a 
reinforcement ratio ranging from low to high. A 
nonlinear finite element model is proposed and 
validated by experimental data available in the 
literature.  

2 Specimen design 
The T-beam has a center-to-center span of 
2500mm and a height of 500mm. The beams are 
designed to be loaded in a four-point bending 
scheme. A dense transverse reinforcement is used 
to avoid shear failure. The geometry and loading 
set-up are presented in Figure 1 

Figure 1. Geometry and reinforcement layout 
(Units: mm) 

A total of 18 beams are used to investigate the 
influence of tensile grade and reinforcement ratios. 
The samples are sorted into three groups; each 
group represents a tensile grade with a 
corresponding fiber content ratio, as presented in 
Table 1. 

Table 1. Groups of T-beams 

Group Number Fiber ratio
[%] 

Strain 
condition 

TB-1 6 1 𝜀𝜀𝑈𝑈𝑈𝑈𝑈𝑈 < 𝜀𝜀𝑦𝑦 

TB-2 6 2 𝜀𝜀𝑈𝑈𝑈𝑈𝑈𝑈 ≈ 𝜀𝜀𝑦𝑦 

TB-3 6 3.5 𝜀𝜀𝑈𝑈𝑈𝑈𝑈𝑈 > 𝜀𝜀𝑦𝑦 
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In each group, the reinforcement ratio varies from 
a low ratio 1.9% to a high ratio 12.3%. The details 
of the reinforcement for group TB-1 are presented 
in Table 1. The other two groups follow the same 
labeling and have typical reinforcing ratios.  

Table 2. Reinforcement ratios of T-beams 

Label Reinforcement 𝝆𝝆𝒔𝒔 
[%] 

TB-1-R1.9 6 ϕ 12 1.9 

TB-1-R2.6 6 ϕ 14 2.6 

TB-1-R3.4 6 ϕ 16 3.4 

TB-1-R5.4 6 ϕ 20 5.4 

TB-1-R8.5 6 ϕ 25 8.5 

TB-1-R12.3 6 ϕ 30 12.3 

3 Non-linear finite element model 

3.1 Modeling 

A Finite element model (FEM) was established in 
the commercial software ABAQUS. An 8-node 
linear brick with reduced integration element 
(C3D8) was used for the UHPC and a 2-node linear 
3-D truss element (T3D2) was used to model
reinforcement steel. As illustrated in Figure 2. A
perfect bonding between the reinforcement and
concrete was adopted, which was implemented
through fully embedding the truss elements in the
solid continuum. The loading procedure was
performed using a displacement-controlled loading
protocol.

The concrete damage plasticity model (CDP), 
developed by Lubliner [12], was employed to 
model the behavior of the UHPC. The CDP is a 
plasticity-damage-based model that follows the 
concept of isotropic damage elasticity in 
conjunction with isotropic tensile and compressive 
plasticity to describe the inelastic response and 
fracture of concrete. The CDP can effectively 
capture the mechanical behavior of concretes with 
regards to tensile cracking and concrete crushing 
under monotonic straining, as well as tensile-
compressive stiffness degradation under cyclic 

straining [13].  The CDP model allows for defining 
strain hardening and softening in compression and 
strain softening or stiffening in tension.  

Apart from the constitutive laws, the CDP model 
definition requires five additional parameters 
incorporating the dilation angle 𝜓𝜓, flow potential 
eccentricity  𝜉𝜉 , the ratio of initial equibiaxial 
compressive yield stress to initial uniaxial 
compressive yield stress 𝜎𝜎𝑏𝑏0/𝜎𝜎𝑐𝑐0, the ratio of the 
second stress invariant on the tensile meridian to 
that on the compressive meridian 𝐾𝐾 , and a 
viscosity parameter 𝜇𝜇 . The default values for these 
parameters were 39o, 0.1, 1.16, 2/3, and 0.0001, 
respectively.  

Figure 2. FEA model 

3.2 Constitutive models 

The considered average compressive strength 𝑓𝑓𝑐𝑐′ is 
190 MPa, assuming that the fiber content ratio had 
minimal impact on the peak strength. Many studies 
in the literature have suggested empirical 
expressions for the development of the 
compressive stress-strain relationship, this study 
defines the compressive constitutive law as follows: 

In the linear stage, for 0 < 𝑓𝑓 ≤ 0.7𝑓𝑓𝑐𝑐′ , the 
relationship is simply given as 

𝑓𝑓𝑐𝑐 = 𝜀𝜀𝑐𝑐𝐸𝐸𝑐𝑐 (1) 

Where 𝐸𝐸𝑐𝑐 ,  𝜀𝜀𝑐𝑐  are the elastic modulus and the 
compressive strain, respectively. In the nonlinear 
stage in the ascending branch, for  0.7𝑓𝑓𝑐𝑐′ < 𝑓𝑓 ≤ 𝑓𝑓𝑐𝑐′, 
this study adopts the relationship proposed in a 
previous study [14], given as  

𝑓𝑓𝑐𝑐 = 𝜀𝜀𝑐𝑐𝐸𝐸𝑐𝑐  (1 − 𝛼𝛼) (2) 

Where 𝛼𝛼 is a reduction factor expressed as 
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𝛼𝛼 = 𝑎𝑎𝑒𝑒 
𝜀𝜀𝑐𝑐𝐸𝐸𝑐𝑐
𝑏𝑏 𝑓𝑓𝑐𝑐′ − 𝑎𝑎 (3) 

Here, 𝑎𝑎 and 𝑏𝑏 are empirical fitting parameters that 
can be selected as 0.001 and 0.24 for steam-
treated UHPC, or 0.011 and 0.44 for untreated 
regimes, respectively. The elastic modulus 𝐸𝐸𝑐𝑐,  and 
the peak compressive strain 𝜀𝜀𝑐𝑐𝑐𝑐   are estimated 
based on the simple expressions  proposed by Shao 
and  Billington [15], expressed as   

𝐸𝐸𝑐𝑐 = 3680 �𝑓𝑓𝑐𝑐′ (4) 

𝜀𝜀𝑐𝑐𝑐𝑐 = −0.724 ×
𝑓𝑓𝑐𝑐′

𝐸𝐸𝑐𝑐
− 0.0016 (5) 

Although Eqn. (2) was intended to describe the 
ascending nonlinear branch until peak stress, it can 
give an acceptable prediction on the descending 
(softening) branch until a stress value 
corresponding to 25-30% of the peak stress, after 
which a residual strength plateau is assumed.  

Since UHPC has high compressive strength and 
typically exhibits an almost linear response in 
compression, the failure takes place before 
reaching the ultimate compressive strength. 
Consequently, the elastic stiffness degradation in 
compression can be ignored. Yet, for general 
modeling, especially when large reinforcement 
ratios are used, stiffness degradation needs to be 
accounted for.Hence, this study takes into account 
the stiffness degradation. In accordance with 
previous studies on UHPC modeling [16], the 
compression damage parameter is computed by  

𝑑𝑑𝑐𝑐 = 1 − �
𝑓𝑓𝑐𝑐/𝐸𝐸𝑐𝑐

0.2𝜀𝜀𝑐𝑐𝑖𝑖𝑖𝑖 + 𝑓𝑓𝑐𝑐/𝐸𝐸𝑐𝑐
� (6) 

Where 𝜀𝜀𝑐𝑐𝑖𝑖𝑖𝑖 is the inelastic strain, computed as 

𝜀𝜀𝑐𝑐𝑖𝑖𝑖𝑖 = 𝜀𝜀𝑐𝑐 −
𝑓𝑓𝑐𝑐
𝐸𝐸𝑐𝑐

(7) 

The stress-strain curves for tension were 
proportionally determined according to  [17] and 
were idealized as trilinear curves. The tension 
damage parameter can be determined by  

𝑑𝑑𝑈𝑈 = 1 −
𝑓𝑓𝑈𝑈
𝑓𝑓𝑈𝑈𝑈𝑈𝑈𝑈

(8) 

Where 𝑓𝑓𝑈𝑈  is the tensile stress, and 𝑓𝑓𝑈𝑈𝑈𝑈𝑈𝑈  is the 
tensile strength. The constitutive laws of UHPC 
used in the model are presented in Figure 3 

Figure 3.UHPC constitutive laws: (a) 
compression;(b) tension 

The reinforcement steel considered in this study 
was HRB400. The stress-strain relationship of the 
steel used in the model was obtained from a 
uniaxial tension test, as shown in Figure 4 
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Figure 4.Reinforcement constitutive law 

3.3 Model validation 

The FEA model was validated by experimental tests 
available in the literature conducted by Hasgul et al. 
[9]. Three UHPC beams were selected for validation, 
B1-F, B2-F, and B3-F with reinforcement ratios of 
0.009, 0.019, and 0.028, respectively. The failure 
states of the beams captured in the test are 
compared with predictions of the FEA model, as 
shown in Figure 5. Although the cracking 
phenomenon is naturally random and uncertain, 
the FEA model can reasonably describe the failure 
modes, including strain concentration reflecting 
crack localization.  

Figure 5. Failure modes of FEA and tests from 
Hasgul et al. [9]  

The load-displacement results of the tests and the 
FEA model are presented in  Figure 6. Even though 
the FEA model gives slightly stiffer responses in the 
post-cracking stage up to the onset of yielding of 
reinforcing rebars, particularly with a small 
reinforcement ratio, it still demonstrates good 
capability in capturing the general response and 
correlates well with test data. There, the FEA model 
can be reliable to give a general assessment of the 
flexural responses of beams.  
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Figure 6. Load-displacement curves of FEA and 
tests from Hasgul et al. [9] 

4 Results and discussion 

4.1 Failure modes 

The failure states of the T-beams for each strain 
condition with low reinforcement are presented in 
Figure 7. It can be seen that when the steel strain 
value is less than the yielding of steel as in TB-1-
R1.9, the damage is fairly distributed and two 
localized cracks appear in the beam. As the strain 
of UHPC increases, accompanied by an increase in 
the tensile strength, the concentration of crack 
localization becomes more significant. This can be 
attributed to the capability of the fibers (hardening 
phase) to restrain the cracks, and thus only the 
weakest crack would grow. At the same time, the 
low reinforcement ratio and the hardening 
capacity of the rebar are not enough to restrain the 
localized crack and induce multiple localized 
cracking and multiple straining of reinforcement. 

On the other hand, when a high reinforcement 
ratio is used, the failure modes take different paths, 
see Figure 8. In the case where the UHPC peak 
strain is less than the yielding of reinforcement, the 
damage scope is wider and the response is more 
ductile compared to that with a low reinforcement 
ratio. With the increase of the UHPC strain capacity, 
the cracking tends towards localization. Yet, unlike 
samples with a low reinforcement ratio, the high 
ratios slow down the progression of the localized 
crack and adequately compensate for the loss of 
tension resistance, resulting in a small loss of the 
overall resistance. In other words, crack 
localization appears but at a slower rate such that 
it does not compromise the ductility of the member. 

Figure 7. Failure modes for each strain condition 
with low reinforcement ratio 

Figure 8. Failure modes for each strain condition 
with high reinforcement ratio 

4.2 Load-displacement response 

The load-displacement curves for each strain 
condition with variable reinforcement ratios are 
presented in Figure 9. It can be noted that 
increasing the reinforcement ratio results in a 
stiffer response, especially after cracking,  and 
higher capacities. In addition, the deformation 
capacity increased with increasing the 
reinforcement ratio. For low ratios less than 3.4%, 
after reaching the peak load, the load-
displacement curve shows a quick drop in the load, 
more significantly in the third condition where the 
UHPC strain is larger than the yielding strain. This 
decline fades away with the increase in 
reinforcement ratio as the engagement of the 
reinforcement in sustaining loads after the peak 
load becomes more pronounced.  
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Figure 9. Load-displacement curves:(a) TB-1; (b) 
TB-2; (c) TB-3 

Generally speaking, the influence of the 
reinforcement ratio has an almost typical effect on 
all the strain conditions.  

To evaluate the effect of the ultimate (peak) strain 
of UHPC on the load-displacement responses, the 
strain conditions are assessed against low and high 
reinforcement ratios. For low reinforcement ratios, 
presented in Figure 10, the increase in the strain of 
UHPC results in an increase in the capacity, and 
meanwhile, in a decrease in the post-peak load-
carrying capacity. This is because the UHPC 
contribution in carrying the load is substantial. This 
contribution suddenly drops upon the onset of 
crack localization, and since the reinforcement is 
not adequate to counterbalance this loss, which 
eventually leads to a drop in the overall load-
carrying.  

Figure 10. load-displacement curves for low 
reinforcement ratio with different strain conditions 

Figure 11. load-displacement curves for high 
reinforcement ratio with different strain conditions 

With higher reinforcement ratios, shown in Figure 
11, the effect of the UHPC peak strain is noticeable 
on the peak load capacity. However, after reaching 
the peak load, the drop in the post-peak load-
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carrying capacity is minimal, and the high 
reinforcement ratios demonstrate good capability 
in maintaining large plastic deformations. Overall, 
higher peak strains of UHPC lead to higher 
capacities with all reinforcement ratios, lower post-
peak load carrying capacity (i.e. ductility) with low 
reinforcement ratios, and higher deformation 
capacities with high reinforcement ratios. 

4.3 Peak load capacity 

The influence of the reinforcement ratio and the 
UHPC peak strain on the value of the peak load is 
presented in Figure 12. The peak load linearly 
increases with increasing the UHPC peak strain, and 
this pattern is consistent with all reinforcement 
ratios. On the other hand, increasing the 
reinforcement ratio increases the peak load 
exponentially until the reinforcement ratio of 8.5%, 
after which the increasing level declines. 

Figure 12. Influence of UHPC peak tensile strain 
and reinforcement ratio on the peak load 

4.4 Ductility 

The ductility is evaluated through two ductility 
indices,  𝜇𝜇𝑐𝑐  for describing the pre-peak ductility, 
and  𝜇𝜇𝑈𝑈 for the ultimate ductility, computed by. 

𝜇𝜇𝑐𝑐 =
∆𝑐𝑐
∆𝑦𝑦

(9) 

𝜇𝜇𝑈𝑈 =
∆𝑈𝑈
∆𝑦𝑦

(10) 

Where ∆𝑦𝑦,  ∆𝑐𝑐  and ∆𝑈𝑈  are the deflections 
corresponding to the yielding, peak, and ultimate 
(failure) states, respectively. The results of the 
ductility indices are presented in Figure 12. The 

increase in the UHPC peak tensile strain has almost 
a stable effect in increasing the value of 𝜇𝜇𝑐𝑐 , but 
variable influence on  𝜇𝜇𝑈𝑈 as it substantially 
increases its values with low reinforcement ratios 
and minimally impacts it with high reinforcement 
ratios. Increasing the reinforcement ratio enhances 
both ductility indices until the ratio approaches 
8.5%, after which the ductility declines again as the 
section proceeds toward compression-controlled 
failure.  

Figure 13. Ductility indices 

5 Conclusions 
This paper investigates the flexural behavior of 
UHPC T-beam under the influence of the UHPC 
peak tensile strain and its relation with the yielding 
strain. The following conclusions are drawn:  

1. The proposed finite element approach gives
acceptable predictions for the load
displacement responses and failure modes.
The FEA model is simple and computationally
efficient.

2. The influence of increasing the reinforcement
ratio is almost typical with all the strain
conditions, which results in increasing the load
capacity and ductility. On the other hand,
higher ultimate strains of UHPC lead to higher
capacities with all reinforcement ratios, lower
post-peak ductility with low reinforcement
ratios, and higher deformation capacities with
high reinforcement ratios.

3. During the pre-peak stage, the ductility is more
influenced by the UHPC strain. After peak load,
however, the ductility is more influenced by
the capability of the rebars to sustain loads,
which depends on the reinforcement ratio and
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the hardening capacity of the reinforcing 
rebars.  

4. The observations made in this study still need
further experimental investigation, which is an
ongoing work conducted by the authors.
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Abstract 
The wind induced response of the steel tall building is obvious. Controlling the wind induced 
response of steel tall building can effectively improve the comfort, stiffness and strength 
performance of the structure. A large number of studies have shown that equipping damping device 
is a more effective wind-induced vibration control measure than increasing the structure stiffness. 
Viscous damps can achieve multi-load and multi-performance structure vibration reduction and 
have a very broad engineering application prospect. In this paper, the wind induced response of 
steel tall building and the viscous damper system are studied to ascertain the optimal arrangement 
and quantity of viscous damps and a 150m steel residential tower is taken as an engineering case, 
which shows that the integrated viscous damps can effectively improve the structure performance 
of steel tall building under wind load and reduce the steel consumption of the structure. 

Keywords: viscous damper; steel tall building; wind induced response analysis; high-rise buildings. 

1 Introduction 
Recently, to respond to "dual carbon" strategy, the 
Ministry of Housing and Urban-Rural Development 
has vigorously promoted development of 
prefabricated buildings. The assembly feature of 
steel structures ensures their wider application in 
residential building. Steel structure has light mass 
and high flexibility. Wind load is often the 
controlling load case for overall performance of the 
structure. The viscous damper can improve the 
comfort, stiffness and strength of the structure 
under wind load. In addition, it has relatively small 
volume and low price, and is easy to install and 

maintain. It could be better applied in residential 
projects. 

Since 1990, Makris et al. proposed application of 
viscous dampers in civil engineering structures [1], 
and domestic and foreign scholars have continued 
to promote development and application of 
viscous dampers. In 1999, TAYCO DEV INC applied 
invention patent of the toggle brace motion 
amplification device (patent No.: US5870863[2] 
and US 5934028[3]), which significantly improved 
the energy consumption efficiency of viscous 
damper and achieved wider application of viscous 
damper. Xin Zhao and Haojia Ma studied 
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application of toggle brace viscous damper in 
optimization design of wind-induced comfort of 
super high-rise building and proved practicality of 
viscous damper via practical project. Jie Yao 
investigated and teased out existing studies on 
viscous damper and motion amplification devices, 
and proposed suggestions on type selection of 
motion amplification devices for different 
structural systems [5]. 

For braced steel frame structure, the structural 
deformation is mainly of shear deformation, and 
the toggle brace motion amplification device is 
adopted in priority. Based on previous study results, 
this paper takes a 150m braced steel frame 
residence building as the subject to verify excellent 
vibration reduction effect of equipping viscous 
damper system in such building and its significant 
contribution to material cost reduction, and 
provides a reference for vibration mitigation design 
of subsequent braced steel frame residence towers. 

2 Application principle of viscous 
damper system 

2.1 Working principle of viscous damper 

Axial force and deformation speed of the nonlinear 
viscous damper can be expressed as follows: 

 𝐹𝐹 = 𝐶𝐶|𝑣𝑣|𝛼𝛼𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠(𝑣𝑣)        (1) 

In above formula, 𝐹𝐹 refers to axial force; 𝑣𝑣 refers to 
axial deformation speed; 𝐶𝐶  refers to damping 
factor; 𝛼𝛼  refers to damping coefficient; 𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠(𝑥𝑥) 
refers to the sign function. 

When damping factor 𝐶𝐶 = 4000𝑁𝑁 ⋅ 𝑠𝑠/𝑚𝑚  and 
following damping coefficients are selected viz. 
𝛼𝛼 = 1.0 , 𝛼𝛼 = 0.7 , 𝛼𝛼 = 0.5  and 𝛼𝛼 = 0.2, the  
relation between axial force 𝐹𝐹  and deformation 
speed 𝑣𝑣  of viscous damper which varies with 
damping coefficient is shown in Figure 1[6]. In the 
figure, it can be seen that: when 𝛼𝛼 = 1.0 , axial 
force and deformation speed of viscous damper 
present linear relationship, viz. linear viscous 
damper; when damping coefficient 𝛼𝛼 is decreased, 
the area enclosed by hysteresis curve and abscissa 
within range of 𝑣𝑣 ∈ [−1,1] is enlarged. It means 
that the smaller the damping coefficient of viscous 
damper is, the greater the energy consumption 
ability is. However, the premise is that the axial 

deformation speed of viscous damper is no more 
than 1𝑚𝑚/𝑠𝑠 . Relevant scholars have proved that 
axial deformation speed of viscous damper cannot 
exceed 1𝑚𝑚/𝑠𝑠. 

Figure 1. Constitutive relation diagram of viscous 
damper 

Figure 2. Theoretical hysteresis curve of viscous 
damper under different damping coefficients 

(sinusoidal load input) 

Figure 2[5] shows hysteresis curve of viscous 
damper under different damping coefficients. As 
per the relative position of the curves, followings 
can be seen, viz. the smaller the damping 
coefficient is, the plumper the hysteresis curve is. 
Special damper with damping coefficient at 0.4 
consumes about 13.4% more energy than linear 
damper. However, it does not mean that the 
smaller the damping coefficient the better. Usually, 
the damping coefficient and damping factor will 
affect actual output force of damper, and further 
influence actual price of damper. Therefore, it is 
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very important to select proper damping 
coefficient in actual project. 

2.2 Principle of motion amplification of 
reverse toggle brace viscous damper 
system 

According to the different structure of the toggle, 
the toggle can be divided into upper toggle, lower 
toggle and reverse toggle, as shown in Figure 3. 
Based on the comprehensive consideration of 
vibration mitigation performance, building 
function, project cost, construction and installation 
convenience, operation and maintenance, and 
application cases and so on, reverse toggle viscous 
damper is finally selected for vibration mitigation 
design of the project case in this paper. 

(a) Upper toggle

(b) Lower toggle

(c) Reverse toggle

Figure 3. Three geometric structures of toggle 
viscous damper system 

Schematic diagram of motion amplification of 
reverse toggle viscous damper system is shown in 
Figure 4[7]. Story drift of the structure appears 
under the lateral load, driving the movement of 
two braces, which leads to the relative extension 
(left picture) or shortening (right picture) between 
the two ends of the damper. Since the relative 
expansion between the two ends of the damper is 

greater than the story drift, it is considered that the 
toggle brace device amplifiers the relative 
displacement between the two ends of the damper 
[7]. 

Figure 4. Schematic diagram of toggle brace 
motion amplification device 

2.3 Calculation principle of additional 
damping ratio 

The common calculation methods of additional 
damping ratio of structure include code method [8], 
modal energy dissipation method and response 
equivalence method. Since the additional damping 
ratio of the damping structure is a time-varying 
parameter, the additional damping ratio varies 
with time under time history of wind load and 
seismic, which is not taken into account when 
calculating the additional damping ratio using the 
code method. As the modal energy dissipation 
method can reflect the time-varying characteristics, 
and its physical meaning is clear, the calculation 
process is simple, the calculation accuracy is not 
restricted by engineering experience, it can be 
applied to any kind of nonlinear energy dissipation 
device. Modal energy dissipation method is used to 
calculate the additional damping ratio of the 
project in this paper. Meanwhile, in the design of 
structural strength and stiffness, the base shear of 
the structure with additional viscous dampers and 
equivalent additional damping ratio under the time 
history of dynamic load is compared respectively, 
that is, the accuracy of the results is verified by 
response equivalence method. 

In the modal energy dissipation method, the 
average effect of energy dissipation device in the 
whole dynamic load time history is regarded as the 
additional damping ratio at the last moment, 
namely, the average value of the additional 
damping ratio, denoted by 𝜉𝜉𝑎𝑎. 

𝜉𝜉𝑎𝑎 = 𝜂𝜂 ⋅ 𝜉𝜉0 ⋅
𝐸𝐸𝑑𝑑
𝐸𝐸𝑐𝑐

      (2) 
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In the formula, 𝜉𝜉𝑎𝑎  is the calculated value of 
additional damping ratio, and 𝜂𝜂  is the reduction 
coefficient, which is related to the calculation 
method of the inherent modal damping ratio of the 
structure and is taken 1 in this paper. 𝜉𝜉0  is the 
inherent modal damping ratio of the structure, 𝐸𝐸𝑑𝑑 
is the accumulated energy consumption of the 
damper, and 𝐸𝐸𝑐𝑐  is the accumulated energy 
consumption of the inherent modal damping ratio 
of the structure. Figure 5 is the diagram of energy 
dissipation distribution. The magenta block refers 
to 𝐸𝐸𝑐𝑐 , and the cyan block refers to 𝐸𝐸𝑑𝑑 . The 
additional damping ratio data of the project in this 
paper are all based on the statistical values of the 
energy dissipation distribution diagram. 

Figure 5. Diagram of Energy Dissipation 
Distribution 

3 Project case 

3.1 Overview 

This case is 1# residential tower of East Jianguo 
Road Project in Shanghai. The tower is 149.85m 
high and has 44 floors above ground. F1 is lobby, 
F15 and F30 are the equipment &refuge floors, and 
the other typical floors are residences. The two 
refuge floors divide the tower vertically into three 
zones: lower, medium and upper zones. The tower 
adopts braced steel frame structure, which is 
composed of concrete-filled rectangular steel 
tubular columns, composite floors of steel beams 

and concrete slabs, and steel braces. The building, 
located in Shanghai, has a reference wind pressure 
of 0.55kN/m2 during the 50-year return period and 
the terrain roughness is Class D. 

Concrete-filled 
rectangular steel 

tubular columns and 
steel beams 

Steel 
braces 

Lateral-force-
resisting system 

Figure 6. Diagram of tower lateral-force-resisting 
system 

Figure 7. Diagram of tower vertical partition and 
typical floor 

3.2 Calculation parameters and design 
criteria 

On the basis of previous studies, this paper sorts 
out the wind load - performance matrix of the tall 
braced steel frame structure. The performance is 
distinguished according to comfort, strength and 
stiffness, as shown in Table 1. Table 2 lists the 
values of inherent modal damping ratio and 
additional damping ratio under various design 
performances of the tower. 

Table 1. Wind load - performance matrix 

Design criteria Comfort Stiffness Strength 
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Overall 

Wind-induced vibration acceleration 
of structural vertice ≤ 0.15 m / s2 (10-

year return period) 
Wind-induced vibration acceleration 
of structural vertice ≤ 0.05 m / s2 (1-

year return period) 

—— —— 

Component —— Maximum story drift ≤ 1 / 300 —— 
Member —— —— Ultimate limit state design 

Table 2. Structural damping ratio under wind load 

Design performance Comfort Stiffness Strength 
Return period (year) 1; 10 50 1.1 times for 50 years 

Basic wind pressure (kN/m2) 0.20; 0.40 0.55 0.60 
Natural damping ratio of structure 1.0% 2.0% 2.0% 

Additional damping ratio of structure 1.5% 1.5% 1.5% 

3.3 Vibration mitigation design of structure 
equipped with viscous damper system 

3.3.1 Structural response without vibration 
mitigation 

The main structural indexes of the tower without 
vibration mitigation are shown in Table 3 and 4. It 
can be seen that the control index of the tower is 
the wind-induced vibration acceleration of 
structural vertice, which has exceeded the code 
limit, while the maximum story drift in X direction 
under wind load and the maximum story drift in Y 
direction under seismic are also close to the limit. 
The design of integrated viscous damper system is 
carried out based on the above condition. 

Table 3. Maximum wind-induced vibration 
acceleration of structural vertice of 1# tower 

Calculating result 
of code method 

(m/s2) 

Wind tunnel test 
result 
(m/s2) 

Time-history 
analysis result 

(m/s2) 
0.164 0.150 0.160 

Table 4. Maximum story drift of 1# tower 

Direction 
Load case 

Wind load Frequent earthquake 
X-direction 1/893 1/322 
Y-direction 1/300 1/380 

3.3.2 Strategy of vibration mitigation design 

The viscous damper has stable and reliable working 
performance, great energy dissipation efficiency, 

reasonable output force and flexible layout. The 
main purpose of this project is to control the wind-
induced vibration comfort of the structure. Thus, 
the herringbone brace viscous damper system is 
selected to solve the problem of wind-induced 
vibration comfort, so that it can meet the limit 
requirement of 0.15 m / s2 maximum wind-induced 
vibration acceleration of structural vertice under 
10-year return period wind load when only the
herringbone brace viscous damper system is used.

On the basis of using the herringbone brace viscous 
damper system to satisfy the comfort of wind-
induced vibration, the toggle brace viscous damper 
system is added to enhance the stiffness of the 
structure under both wind load and seismic, which 
provides a certain additional damping ratio for the 
structure under wind load, frequent and medium 
earthquake. 

The toggle brace viscous damper system adopts 
motion amplification device, which has higher 
energy dissipation efficiency and better 
economical efficiency. With the same damper 
parameters, the motion of the damper can be 
amplified to 2 ~ 4 times. With the same damping 
efficiency, the number of dampers can be reduced 
by almost half, which can achieve twice the result 
with half the effort and better economical 
efficiency. 
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3.3.3 Layout of viscous dampers 

Through comprehensive consideration, the 
herringbone brace viscous damper system is 
provided on F30 (refuge floor) to solve the problem 
of wind-induced vibration comfort. In addition, the 
toggle brace viscous damper system is provided on 
F15 (refuge floor) and F30 (refuge floor) to provide 
some additional damping ratio for the structure 
under 50-year return period wind load, 1.1 times 
50-year return period wind load, as well as under
frequent and medium earthquake, so as to improve 
multiple performances of the structure. Through
several rounds of trial calculation and analysis,
dampers on refuge floors are finally provided as
shown in Figure 8, and the mechanical parameters
of dampers are shown in Table 5.

a) F15 Viscous damper layout (18 sets)

b) F30 Viscous damper layout (30 sets)

▃Two sets of herringbone brace viscous dampers 
▃Two sets of toggle type viscous dampers 
▃One set of toggle type viscous dampers 

Figure 8. Viscous damper layout (48 sets) 

Table 5. Mechanical parameters of viscous damper 
VFD 

S/N Damping 
 index 

Maximum 
stroke 
(mm) 

Damping 
coefficient Cd 
(kN/(mm/s)0.6) 

VFD-X 0.6 ±100 60 

VFD-Y 0.6 ±100 100 

S/N 
Limit speed 

Vlim 
(mm/s) 

Limit damping 
force Flim 
（kN） 

Quantity 

VFD-X 50 600 22 
VFD-Y 32 800 26 

3.4 Results of Vibration Mitigation Design 

3.4.1 Comfort 

a) 1-year return period wind load (0.6%)

b) 10-year return period wind load (0.6%)

Figure 9. Additional damping ratio for comfort 
design under wind load 

Table 6. Comparison of maximum wind-induced 
vibration acceleration of structural vertice amax of 

1# measuring point before and after vibration 
mitigation 

Return 
period of 
wind load 

amax （mm/s2） Vibration 
mitigation 
ratio (%) 

before vibration 
mitigation 

after vibration 
mitigation 

VFD-X 0.6 ±100 60 
VFD-Y 0.6 ±100 100 

1#
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Figure 10. Layout of acceleration measuring point 

3.4.2 Stiffness 

a) 50-year 0o wind direction angle (1.8%)

b) 50-year 90o wind direction angle (1.8%)

Figure 11. Additional damping ratio for stiffness 
design under wind load 

Table 7. Additional damping ratio (stiffness) 
verified by response equivalent method under 50-

year return period wind-induced vibration 

Equivalent linear model 
(additional damping 

 ratio 1.5%) 
Base shear (kN) 

Non-linear model 
Base shear (kN) 

X direction Y direction X direction Y direction 
2796 4773 2822 4895 

3.4.3 Strength 

a) 50-year 0o wind direction angle (1.8%)

b) 50-year 90o wind direction angle (1.8%)

Figure 12. Additional damping ratio for strength 
design under wind load 

Table 8. Additional damping ratio (strength) 
verified by response equivalent method under 1.1 

times 50-year return period wind-induced 
vibration 

Equivalent linear model 
(additional damping 

 ratio 1.5%) 
Base shear (kN) 

Non-linear model 
Base shear (kN) 

X direction Y direction X direction Y direction 
3076 5250 3103 5367 

3.4.4 Analysis conclusion 

According to the modal energy dissipation method, 
the additional damping ratio under various 
performances of the damping structure is 
calculated and verified by the response equivalent 
method. The final results are summarized in Table 
9. Among them, the damping system can provide
the expected additional damping ratio in the design 
of structural stiffness and strength performance.
Although the expected additional damping ratio is
not reached in the design of structural comfort
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performance, the additional damping ratio can also 
make the maximum wind-induced vibration 
acceleration of structural vertice meet the limit 
requirements. 

Table 9. Comparison between expected additional 
damping ratio and actual additional damping ratio 

Design 
performance Comfort Stiffness Strength 

Return period 
(year) 1; 10 50 1.1 times for

50 years 
Expected additional 

damping ratio 1.5% 1.5% 1.5% 

Actual additional 
damping ratio 0.5% 1.5% 1.5% 

4 Conclusions 
With reference to a large number of vibration 
mitigation research results of previous scholars, 
this paper comprehensively considers various 
vibration mitigation devices, selects the viscous 
damper for vibration mitigation design of braced 
steel frame structure, and provides the layout of 
viscous damping system according to the 
requirements of building function and structural 
performance. Through the verification of modal 
energy dissipation method and response 
equivalent method, the wind-induced response of 
steel tall building is successfully reduced by viscous 
damping system, and the comfort, stiffness and 
strength performance of structure is improved at 
lower cost. The conclusions are as follows: 

1) Viscous damper is a very efficient damping
device. Local appropriate layout of viscous
damper in the structure can achieve the
desired damping effect and improve the
performance of structure.

2) The viscous damping device can realize multi-
performance structural vibration mitigation
under multi-load, and can adapt to different
structural systems and building spaces by
various forms. In the braced steel frame
structure, the herringbone brace viscous
damper system can be used to solve the
problem of wind-induced vibration comfort,
and the toggle brace viscous damper system
can be added to improve the strength and
stiffness of the structure.

3) There are some differences in the calculation
results of the additional damping ratio
between the modal energy dissipation
method and the response equivalent method.
The modal energy dissipation method can
present the time-varying characteristics of the
additional damping ratio, which is preferred in
this paper. However, in order to ensure the
reliability of the results, the response
equivalent method can be used for verification 
and review. It is more reasonable to combine
the calculation results of the two methods to
determine the final additional damping ratio.

4) When the viscous damper system is used for
vibration mitigation, there will be some
redundancy in the comfort, stiffness and
strength performance indexes of the structure,
and the structural members can be further
optimized to the appropriate redundancy, so
as to reduce the material cost.
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Abstract 
The objective of this paper is to summarize current theory, design, and construction methods of 
concrete segmental girder bridges and to propose future research needs.  First, the analytical theory 
will be overviewed, including concrete creep and shrinkage, bending strength with external tendons 
and unbounded tendons, web crack control, anchorage, etc.  Then, the paper covers design methods 
regarding corrosion, including the use of Electrically Isolated Tendons (EIT) system, Fiber Reinforced 
Polymer (FRP) tendons and other corrosion protection techniques. In addition, internal redundance; 
the use of ultra-high-performance concrete (UHPC); and standardization for expediting the concrete 
segmental bridge design will be presented.  The paper concludes with a discussion of research needs 
for future development of concrete segmental bridges. 

Keywords: concrete segmental bridge; creep and shrinkage; crack control; dynamic allowance; 
corrosion protection techniques; standardization; new material; construction; research needs. 

1 Introduction 
Concrete bridges that are built segment by 
segment or piece by piece are often called concrete 
segmental bridges. Due to a prevailing desire for 
expedited construction with minimal traffic 
disruption, lower life cycle costs, appealing 
aesthetics and the need for super-elevated to 
curved roadway alignment, segmental concrete 
bridges have developed rapidly and become a 
primary choice for major transportation projects 
throughout the World. The maximum span length 
for girder type segmental bridges has reached 330 
m. Concrete segmental girder bridges are not only
widely used for long span bridges but are also used
extensively for elevated viaducts in urban settings.

It has been demonstrated on numerous projects 
that precast concrete segmental bridges can not 
only significantly reduce construction time and 
traffic disruptions, but also can provide the most 
economical, cost-effective bridge choice. 
Segmental construction is not only applied to 
girder type bridges but also widely applied to a 
variety of complex bridge structures, such as cable-
stayed, arch, and rigid frame bridges [1]. 

To better develop concrete segmental design 
techniques, this paper summarizes current theory, 
design, and construction methods of concrete 
segmental bridges by focusing on the girder type 
concrete segmental bridges.  First, current 
segmental bridge construction methods are briefly 
discussed.  Then, the analytical theory is 
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overviewed.  In addition, the paper covers current 
design methods regarding corrosion, internal 
redundance, the use of ultra-high-performance 
concrete (UHPC), and standardization for 
expediting concrete segmental bridge design.   

2 Types of concrete segmental 
bridge construction 

Though there are different erection methods of 
concrete segmental bridges, generally, the typical 
construction methods can be grouped into 5 types: 
span-by-span construction, balanced cantilever 
segmental construction, progressive placement 
construction, incrementally launched construction, 
and spliced precast girder construction. 

2.1 Span-by-span construction method 

The span-by-span construction method is normally 
used for a relatively short span bridge with span 
lengths ranging from 30.5 m to 45.8 m (100 ft to 
150 ft).   Based on the recently constructed bridges 
in Florida, with a total deck area of approximately 
10,219 m2 (110,000 𝑓𝑓𝑓𝑓2) , the span-by-span 
concrete segmental bridge alternative can 
compete with cast-in-place concrete bridge and I-
girder bridge alternatives.   In the span-by-span 
construction, the spans are constructed 
sequentially.  After the first span is installed, the 
span immediately adjacent is constructed and the 
process repeats until the completion of final span. 
Based on this definition, span-by-span bridges may 
be grouped into three types [1]: 

a. Entire spans of precast segments are
constructed on the ground or on barges.
Then the segments are lifted on the erection 
truss and post-tensioned together (see Fig.
1a).

b. Entire spans are cast on the ground or on a
barge and then lifted into position.

c. Entire spans are cast-in-place using
Movable Scaffolding System (MSS) which
consists of superstructure formworks and
support structures.

Recently developed modified spa-by-span 
construction method by using fin-back arms allows 
for span-to-depth ratios of L/35. The economic 

span length reaches 79.2 m (260 ft).  In comparison 
with cantilever construction, this method can 
significantly reduce the girder depth over pier and 
the weight of superstructure as well as the load of 
substructure. It also can reduce construction time 
(for one recent project, 30% construction time has 
been reduced) [2].  The basic construction 
sequences (see Fig. 1 b) are (1) launch erection 
girders into position and erect the pier segment, (2) 
erect the drop-in segment, (3) launch erection 
girders to next span and erect next pier segment, 
(4) erect first interior drop-in segment, (5) launch
erection girder to next span and pour fin-back and
tower, (6) stress fin-back tendons, remove the
temporary towers, and finish the first span
installation.

(a) 

(b) 

Fig 1. Span-by-span construction, (a), conventional 
method with movable truss, (b), modified method 
with erection launching girders 

2.2 Balanced cantilever segmental 
construction method 

For bridge span lengths greater than 45.8 m (150 ft), 
conventional span-by-span segmental bridges 
normally will not be the most economical 
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alternative.  Modified span-by-span and balanced 
cantilever segmental bridges become a more 
lucrative option. The balanced cantilever method of 
construction generally involves the progressive 
placement of segments that are cantilevered on 
alternate sides of a bridge pier.  A pair of segments 
on each side are held together by post-tensioning 
tendons.  The economic span lengths generally 
range from 45.8m to 137.1 m (150 ft to 450 ft) for 
precast balanced cantilever bridges and 70.1 m to 
259.8 m (230 ft to 850 ft) for cast-in-place 
construction method [1]. 

2.3 Progressive placement construction 

Bridge construction by the progressive placement 
method begins at one end of the structure and 
proceeds to another end.  The precast segments 
are erected from one end of the bridge to the other 
end with successive cantilevers on the same side of 
the related piers.    This construction method is 
normally suitable for bridges with span length 
ranging from 30.5 m to 91.4 m (100 ft to 300 ft) [1]. 

2.4 Incrementally launched construction 

The basic concept for the launching construction 
method is assembling individual segments together 
by post-tendons behind one or two abutments and 
then pushing the segments across to the piers using 
launching equipment [1].  The advantages of this 
method are (1) no falsework is required for the 
construction of the super structure, (2) eliminates 
problems in passing over roads, railways, rivers, 
buildings, etc., (3) reduces the number of 
construction joints, etc. [1].  This construction 
method is normally economical for concrete 
segmental bridges with span length ranging from 
30.5 m to 61.0 m (100 ft to 200 ft), though longer 
spans are possible if temporary piers are used. 

2.5 Spliced precast girder construction 

This method is developed to increase the girder 
bridge span length, as the girder can be divided into 
several pieces and then post-tensioned together [1] 
(see Fig. 2). This type of bridge is called a spliced 
girder bridge. The cross-section of the prestressed 
girders can be either I-section or U-section.  Also, 
this type of bridge can be straight or curved. The 

maximum span length of these bridges normally 
ranges from 61.0 m to 91.4 m (200 ft to 300 ft) [1].  

3 Analytical theories 

3.1 Concrete creep and shrinkage 

Fig. 2 Spliced girder bridge construction 

Concrete Creep coefficient and Shrinkage strain are 
time-dependent variables and how to consider 
their effects on concrete structures are two of the 
most important issues in concrete segmental 
bridge design.  They will cause additional internal 
forces, moment redistribution, loss of prestressing 
force and additional deflection.  Significant 
research work has been done in this field. As these 
variables are related by many factors, there is still 
universal acceptable method for their estimations. 
There are two practical considerations for 
predicting creep and shrinkage, i.e., mathematical 
form of their time dependency and fitting of the 
parameters and the resulting expressions [3]. The 
typical models are the ACI 209R-92 [4], Bazant and 
Baweja B3 Modal [5and 6], the CEB-FIB 1990 [7-10], the 
AASHTO Model [11], the GL 2000 Model developed 
by Gardner and Lockman [12], the fib Model Code [13], 
etc.   Recently, American Segmental Bridge 
Institute (ASBI) performed investigation on these 
models to investigate which one is best [14].  Part of 
the research results are shown in Figs. 3 and 4.  
From Fig. 3, it can be observed that the differences 
of creep coefficients and shrinkage strains 
predicted by different codes are significant and 
could be over 200%.  From Fig. 4, we can see that 
the 10 years’ measured results are well match the 
theoretical results predicted by CEB-FIB 1990 c. 

As it is difficult to accurately estimate the creep 
coefficients and shrinkage strains, currently, 
AASHTO is considering modifying creep and 
shrinkage load factor based on a reliability-based 
calibration process to account for the variability of 
creep and shrinkage.  For bridge designers, before 
a more reliable model is obtained, the following 
methods may be used in the long span bridge 
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design: (a) properly provide additional upward 
bridge camber to the theoretically calculated value 
and (b) properly increase the amount of prestress 
to reduce the elastic deflection, long term creep 
deflection, and to reduce the possibility of high-
tensile stress caused by uncertainty in the 
estimation of prestress loss. 
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Fig. 3, Comparisons of Creep Coefficients and 
Shrinkage Strains, (a)Creep, (b)Shrinkage 

(a) 

  (b) 

Fig. 4, Comparison of Deflections and Time-
dependent Strains, (a) Deflection (in. = 2.54 cm), (b) 
Strain [14] 

3.2 Web shear 

3.2.1 Service limit 

One of most important issues in segmental bridge 
design is how to prevent the webs from cracking. 
There are typically three cracking locations in the 
web [15, 16]: (a) around the area of top 
blisters/tendon anchorages (see Fig. 5a), (b) 
around the area of bottom blisters (see Fig. 5b), 
and (c) around the neutral axis of the section (see 
Fig. 5a).  These types of cracks are caused by 
vertical shear stress and local shear stress due to 
the anchorage forces.  To avoid the web cracking, 
the current AASHTO specifications require that the 
principal stress should not exceed the allowable 
shear stress, i.e.  

𝑓𝑓1 = 𝑓𝑓𝑥𝑥+𝑓𝑓𝑦𝑦
2

+ �(𝑓𝑓𝑥𝑥−𝑓𝑓𝑦𝑦
2

)2 + 𝑣𝑣𝑥𝑥𝑥𝑥2  ≤ 𝑓𝑓𝑡𝑡𝑡𝑡 =

0.289�fc′  (Mpa) (at service)       (1) 

(a)     (b) 

Fig. 5, Typical types of web cracks, (a) areas 
around top blisters and neutral axis, (b) areas 
around blisters 

For a large box section without internal struts, 
the anchorage forces applied to the blisters 
also will induce bending stress in the web [15} 
(see Fig. 5b).  The bridge designers should 
consider bending effect, in additional to the 
principal stress at this area. 

3.2.2 Shear strength 

Currently, many countries adopt the modified 
compression field model (see Fig. 6) in 
determining web shear strength, i.e. 

𝐴𝐴𝑠𝑠𝑓𝑓𝑥𝑥 + 𝐴𝐴𝑝𝑝𝑓𝑓𝑝𝑝𝑠𝑠 ≥
𝑀𝑀𝑢𝑢
𝑑𝑑𝑣𝑣𝜙𝜙𝑓𝑓

+ 0.5 𝑁𝑁𝑢𝑢
𝜙𝜙𝑎𝑎

+ (𝑉𝑉𝑢𝑢
𝜙𝜙𝑣𝑣
−

0.5𝑉𝑉𝑠𝑠 − 𝑉𝑉𝑝𝑝) cot𝜃𝜃       (2) 

Where 𝐴𝐴𝑝𝑝𝑠𝑠,𝐴𝐴𝑠𝑠  = areas of prestressing steel and 
nonprestressed steel on the flexural tension side, 
respectively; 𝑁𝑁𝑢𝑢,𝑀𝑀𝑢𝑢,𝑉𝑉𝑢𝑢  = factored axial force, 
absolute value of the factored moment, factored 
shear force individually; 𝜙𝜙𝑓𝑓 ,𝜙𝜙𝑡𝑡 , 𝜙𝜙𝑣𝑣 = resistance 
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factors for flexure, shear and torsion respectively; 
and 𝑉𝑉𝑝𝑝  = component of prestressing force in 
direction of the sheer force. 

Test results show Eq. 2 is reliable for web shear 
strength determination. 

Fig. 6, Modified Compression Field Model [1] 

3.3 Bending strength with external 
tendons and unbonded tendons 

The bending strength of prestressed and post-
tensioned girders is typically calculated by 
determining average stress in prestressing steel. 
Unlike the bonded tendon, unbonded tendon 
strains in a concrete girder are not compatible with 
surrounded concrete and are averaged over its 
entire unbonded length.  Thus, it is difficult to 
predict the tendon stress corresponding to the 
section ultimate flexural strength.  Based on the 
test results, AASHTO Specifications [11] recommend 
using the following equation to determine the 
average stress for external tendons (see Fig. 7) [1]: 

Fig.7. Analytical model for determining average 
stress for external tendons 

 𝑓𝑓𝑝𝑝𝑠𝑠 = 𝑓𝑓𝑝𝑝𝑝𝑝 + 900 (𝑑𝑑𝑝𝑝−𝑐𝑐)
𝑙𝑙𝑒𝑒

≤ 𝑓𝑓𝑝𝑝𝑥𝑥     (3)   

Recent research on unbonded internal tendons 
indicates that the effective prestressing for 
unbonded internal tendons is higher than that for 
external tendons [17].  AASHTO specifications may 
be revised to reflect this finding.  For mixed bonded 
and unbonded tendons, AASHTO recommends 
determining the average stress by an approximate 
simplified method or strain compatibility condition 
method [1]. 

3.4 Anchorage 

The diaphragms in segmental bridges are one of the 
most important components.  The diaphragms 
mainly serve two functions: anchoring the 
longitudinal post-tensioning tendons and 
transferring the design loadings from the bridge 
superstructure to the substructure and retaining the 
superstructure cross-section.  The diaphragm is 
subject to large vertical shear, torsion, and 
longitudinal post-tensioning forces.  It is one of the 
most complex elements in a segmental bridge. 
Currently there is no simple and consistent 
analytical method available [1]. It is normally 
designed on the rather conservative side with rough 
analytical strut-and-tie models (see Fig. 8) [1] or 
complex 3D numerical methods.  Further research 
is necessary to provide a simple reliable practical 
design method. 

(a) 

    (b) 
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        (c) 

Fig. 8, Strut-and-tie models for diaphragm analysis, 
(a) longitudinal model for diaphragms, (b) modified
longitudinal model for diaphragms, (c) transverse
modal for end diaphragm

3.5 Dynamic loading 

Different counties may have their own methods in 
estimating the effect of moving vehicles.  Currently, 
AASHTO LRFD [11] highway bridge design 
specifications adopt a dynamic allowance factor of 
0.33, when considering the dynamic effect of 
moving vehicles.  This factor of 0.33 was derived 
from limited field test results on short span girder 
bridges.  Recently, Huang and Huang [18] propose 
several practical impact equations for estimating 
the dynamic loadings of curved single box 
segmental bridges, i.e. 

 Impact factor for vertical shear: 

 Imp = 0.20                                  (4) 

  Impact factor for torsion: 

 Imp = 0.35                                 (5) 

 Bi-moment and Distortion Bi-moment 

         Imp = 0.40                                 (6) 

Impact factor for bending moment: 

  Imp= (0.00017384𝐿𝐿2 − 1.0906𝐿𝐿 + 0.841 𝑅𝑅−76.2
𝐿𝐿

+
58.95)%   0.35< Imp >0.10   (7) 

where R = radius (m), L = span length (m), taking arc 
length between two adjacent supports for positive 
moment and the average of the adjacent loaded 
spans for negative moment. 

  Impact factor for deflection: 

  Imp=�0.00017384𝐿𝐿2 − 1.0906𝐿𝐿 + 0.841 𝑅𝑅−76.2
𝐿𝐿

+

63.95�%  0.40< Imp >0.10  (8) 

Above equations can provide more accurate 
estimation of dynamical loadings. 

4 Design issues 

4.1 Corrosion 

Post-tensioning tendons are key components in 
concrete segmental bridges.  Any damage to the 
post-tensioning tendons may significantly affect 
bridge safety and may require complete 
replacement of the bridge.  Previous experiences 
show some post-tensioning tendons were exposed 
to salt spray and deck runoff through deteriorated 
deck joints and some anchorages were penetrated 
by water due to lack of protection.  These cause 
serious corrosion of post-tensioning steel and 
significantly affect the durability of concrete 
segmental bridges.   The following corrosion 
protection strategies have been developed for the 
design and detailing of post-tensioned structures [1, 

19]:  

1. Use enhanced post-tensioning systems, such as
completely sealed ducts and permanent anchorage
caps, etc.

2. Completely fill the ducts and anchorage caps
with approved filler, such as concrete grout or
flexible filler.

3. Multi-level anchorage protection [1].

4. Provide watertight bridges, such as using epoxy
sealed joints, avoiding placing holes where leaks
would drip onto anchor heads, filling temporary
holes with an approved non-shrink, high-bond,
high-strength, air cured concrete or epoxy grout,
providing bottom slab drains, providing drip
flanges on the underside of the transverse seat for
expansion joint devices, etc[1].

5.Provide multiple tendon path redundancy to
ensure that the loss of any one of the tendons due
to corrosion does not critically diminish the overall
bridge performance.
6.Use FRP tendons.  This method is still in research
stage, due to anchorage issues.
7.Use Electrically Isolated Tendons (EIT) technology.
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This system is developed in improving the service 
life of prestressed concrete bridges by protecting 
post-tensioning tendons from corrosion and 
enabling long-term monitoring and inspection of 
their condition. Wire conductors lead from mild 
reinforcement and a strand anchor head to a 
junction box where a LCR meter is used to measure 
impedance used for determining if the plastic duct 
is defected or not. EIT systems provide a solution 
that enables bridge owners to perform non-
destructive evaluation (NDE) and monitoring.  Also, 
the EIT system has no macro-cell interaction with 
the reinforcing steel, which will greatly reduce the 
corrosion rate even if the plastic duct is perforated. 

Fig. 9, EIT System {21] 

4.2 Design for redundance and 
rehabilitation 

4.2.1 Fully replaceable tendons 

To replace some damaged tendons during 
bridge service life, the prestressing steel 
tendons are designed and detailed to be 
unbonded and fully replaceable by using flexible 
filler. The filler may be wax, grease, or silicone. 
Microcrystalline wax is often used in current 
segmental bridge construction. The 
microcrystalline wax is derived from petroleum and 
is homogeneous. hydrophobic and has a strong 
adhesion to metal.  It provided strand protection 
and zero bond of the strand to the surrounding 
concrete and enables tendon strand replacement. 
The filler is preheated prior to injection to 212-to-
240-degree F.

4.2.2 Internal redundancy for tendon
replacement and rehabilitation 

To ensure that the segmental bridges have enough 
internal redundancy and that any unbonded 
tendon can be removed and replaced one at a time, 
the following deign strategies can be used [1, 19]: 

(a) Provide a minimum two positive moment
external draped continuity tendons per web

that extend to adjacent pier diaphragms (see 
Fig. 10) for balanced cantilever segmental 
Bridges. 

(b) Provide at least 4 tendons per web in span-by-
span bridges.

(c) For bridges with internal ducts, provide
provisional anchorage and duct capacity for
negative and positive moment tendons for an
increase in the post-tensioning force during
original construction. The total provisional
force potential of both positive and negative
moment anchorages and ducts shall not be
less than 5% of the total positive and negative
moment post-tensioning forces, respectively.
At least one empty duct per web shall be
provided

(d) For future dead load or deflection adjustment,
provide a post-tensioning force of not less
than 10% of the primary positive moment and
negative moment post-tensioning forces for
unbonded external tendons located inside the 
box section.

Fig. 10, Draped continuous tendons or future 
tendons for balanced cantilever construction [19] 

4.3 Standardization 

It is difficult for junior bridge designers to design 
concrete segmental bridges due to their complicity.  
To promote the use of the concrete segmental 
bridges and reduce construction cost, it is 
important to develop segmental bridge standards 
for conventional segmental bridges.  AASHTO, PCI, 
and ASBI have developed a set of segmental box 
girder standards, including both segmental bridge 
super- and sub-structures based on an extensive 
survey of existing segmental box girder bridges 
built in the United States and Canada [1] (see Fig. 11). 
The standard sections can be used for span length 
ranging from 30.5 m to 45.8 m (100 ft to 150 ft) for 
span-by-span bridges and 30.5 m to 61.0 m (100 ft 
to 200 ft) for balanced cantilever bridges. The 

264



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

standards are valuable sources in selecting 
segmental box girder cross sections and can assist 
all levels of bridge designers in designing segmental 
bridges. 

Fig.  11, AASHTO, PCI, and ASBI Standards 

4.4 Extending Span Length for Concrete 
Segmental Girder Bridges 

With the span length increase, the bending 
moment at pier locations will significantly increase 
due to bridge self-weight.  The following strategies 
may be used for long span length concrete girder 
segmental bridges: 

(a), Use composite materials in the superstructure 
(see Fig. 12a).  To reduce the bending moment over 
the pier, some light-weight materials can be used in 
the mid-range of the midspan, such as light-weight 
concrete or steel. 

(b), Use hollow webs (see Fig. 12 b). 

(c), Use corrugated steel webs) (see Fig. 12c) 

(d), Use new materials, such as ultra-high-
performance concrete (UHPC) with compressive 
ranges from 120 to 150 MPa (17,000 to 22,000 psi) 
and large diameter (0.7”) and higher strength 
(2069 Mpa,300ksi) prestressing steel to improve 
structural efficiency. 

Above strategies (b) to (d) still need further 
development or are in research stage. 

(a)   

 (b) 

  (c)  

Fig. 12, Extending span length, (a)light weight 
material, (b) hollow webs, (c) corrugated steel web 

5 Conclusions and research needs 
In this paper, the current analytical theory, design 
for durability and rehabilitations, and construction 
methods of concrete segmental bridges are 
summarized.  From the discussions in this paper, 
the following research needs are evident: 

a. Continue to develop practical methods for
estimating creep coefficient and shrinkage strain,
including field testing and new load factors.
b. Though there are powerful computer program
available for analyzing segmental bridges, it is
especially useful to develop some simple practical
methods for estimating shear, bending capacity of
girder with internal unbonded tendons, diaphragms, 
the effect of creep and shrinkages.
c. The use of new materials in segmental bridges is
the key for further significant development of 
concrete segmental bridges, such as the use of 
ultra-high-performance concrete (UHPC) with 
compressive strength of 120 to 150 MPa and large 
diameter (177.8 mm) strand and higher strength 
(2069 Mpa) prestressing steel to improve structural 
efficiency. 
d. Further develop the design techniques for
segmental bridge durability, corrosion, and
rehabilitation, such as FRP tendons applications.
e. The use of Integrated Building Information
Modeling (BIM) for bridges design, fabrication, 
construction, and asset management for reducing 
design errors, improving constructability, and 
making life cycle management more efficiency. 
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Abstract 
The paper researches the wind vibration performance of suspended double-deck streamlined bridge 
deck using the wind tunnel test and numerical simulation. Studies shown that for suspended double-
deck bridge, due to the aerodynamic interference of the upper deck, the lower deck is driven by a 
vertical vibration negative damping, and the vertical vibration is significantly changed. The pressure 
distribution of the upper deck and the upper edge of lower deck did not change. The wind load acts 
on the upper edge of lower deck, and the minus attack angle was generated. With the generation, 
migration and shedding of large-scale vortices at the lower edge of the lower deck, the lower deck 
occurs the bending-torsional coupling "soft flutter". Moreover, due to the structural static coupling 
between the upper deck and the lower deck, the bending-torsional soft flutter at the lower deck 
induces the bending-torsional soft flutter of the double-deck bridge deck. 

Keywords: double-deck bridge; wind vibration performance; wind tunnel test; numerical simulation; 
‘incentive-feedback’ mechanism; flow mode; bending-torsional; soft flutter. 

1 Introduction 
Long-span bridges are extremely sensitive to the 
dynamic effects of wind loads, and the wind easily 
induces bridge vibration. Among the various wind-
induced vibrations, the flutter of the bridge span 
structure will cause the overall damage of the 
bridge structure. Therefore, in the field of bridge 
wind resistance, the research on the flutter 
performance of long-span bridges is always at the 
core.  

In long-span bridges, the structural forms of truss 
girder decks usually include single deck and double 
deck. Because the large proportion of single-deck 
layout, the research on the aerodynamic 
performance of truss girder mainly focuses on the 
truss girder of single-deck layout. In the study of 
the aerodynamic performance of the single-deck 

truss girder, UEDA et al [1]analyzed the flutter 
suppression mechanism of the central stabilizer 
plate based on the flow field modal through the PIV 
flow field display technology and pressure test. 
MIYATA, YAMAGUCHI [2] and XU H et al [3] studied 
the effect of lower central stabilizer plate and 
slotting on the flutter performance of truss girders 
through wind tunnel tests. LI JW et al [4] conducted 
an optimization analysis on the effect of various 
aerodynamic measures such as upper and lower 
central stabilizer plates and horizontally inclined 
guide vane on the flutter performance of truss 
girder through wind tunnel tests. WANG K et al [5] 
analyzed the effects of upper and lower central 
stabilizer plates and horizontal guide vane on the 
flutter performance of truss girders through 
section model and aeroelastic model wind tunnel 
tests. TANG et al [6] studied the effects of 
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horizontal wing plate, central stabilizer plate, and 
railing ventilation rate on the flutter stability of 
truss under a large attack angle through wind 
tunnel tests and numerical simulations, and the 
flutter mechanism is studied. The above-
mentioned researches mainly focus on the 
influence of aerodynamic measures on the flutter 
performance of truss, and there are few studies on 
the flutter mechanism. With the growth of Chinese 
traffic volume, the bridge span structure adopts 
the double-deck bridge deck layout can realize the 
channelization of different traffic flows, and reduce 
the work amount of substructure. Therefore, 
double-deck layout has become a significant trend 
in the development of long-span bridge structures. 
In recent years, domestic relevant scholars have 
also begun to pay attention to the aerodynamic 
performance of double-deck truss girders. Li YL. et 
al [7] conducted research on "vehicle-bridge 
aerodynamic interference" of the double-deck 
truss girder, and analyzed the impact of 
aerodynamic interference of vehicle-bridge system 
on static aerodynamic force of vehicle-bridge 
system. Xu XY. et al [8] analyzed the influence for 
various aerodynamic measures such as ventilation 
rate and height of railing, slotting, and central 
stabilizer plate on the flutter performance of 
double-deck truss girder. WU B et al [9] carried out 
wind tunnel tests to study the flutter performance 
of double deck truss beams at different wind attack 
angles and analyzed the soft flutter mechanism of 
double-deck truss girder based on the perspective 
of aerodynamic damping. 

In addition to truss girder, steel box girder is also 
widely used in long-span bridge in China. 
Compared with truss girder, steel box girder bridge 
has streamlined aerodynamic shape and has the 
advantage of restraining vortex vibration. However, 
there are few researches on the wind-induced 
vibration performance of double-deck steel box 
girder. The connection between the upper and 
lower decks is the first problem to be solved when 
using steel box girder to realize the layout of 
double-deck. Combined with the structural 
characteristics of long-span suspension bridges, an 
attempt was made to suspend the steel box girder 
under the steel box girder through the suspenders 
to construct a "suspended double-deck". The 
"suspended double-deck" constructed in this way 

can introduce steel box girders into the double-
deck layout, and reduce the complicated process of 
web construction of truss girder. Up to now, there 
is no related research results on the aerodynamic 
performance of similar "suspended double-deck". 
In view of the research status of the aerodynamic 
performance of the suspended double-deck bridge, 
the paper takes the suspended double deck bridge 
formed by the typical streamlined box girder 
section as the research object. Combined with the 
wind tunnel test and numerical simulation, the 
flutter performance of the suspended double deck 
is studied. 

2 Wind Tunnel Test 
The paper takes the suspended double-deck bridge 
as the research object. The section model vibration 
test is carried out in the CA-1 wind tunnel of 
Chang'an University. Considered the structural 
characteristics of the elastic connection of the 
suspension rods between the double decks, the 
double-deck section can be simplified to a two-
particles and four-degrees-of-freedom mechanical 
model composed of upper and lower sections, as 
shown in Figure 1.  

Figure 1. Diagram of dynamic vibration model 

According to the structural dynamics, the vibration 
equations of double-deck section are shown in 
formulas (1) to (4). 

𝑚𝑚𝑙𝑙ℎ̈𝑙𝑙(𝑡𝑡) + 𝐶𝐶ℎ𝑙𝑙ℎ̇𝑙𝑙(𝑡𝑡) − 𝐶𝐶ℎ𝑙𝑙ℎ̇𝑢𝑢(𝑡𝑡) + 𝐾𝐾ℎ𝑙𝑙ℎ𝑙𝑙(𝑡𝑡) −
𝐾𝐾ℎ𝑙𝑙ℎ𝑢𝑢(𝑡𝑡) = 𝐹𝐹𝑙𝑙(𝑡𝑡)            （1） 

𝑚𝑚𝑢𝑢ℎ̈𝑢𝑢(𝑡𝑡) − 𝐶𝐶ℎ𝑙𝑙ℎ̇𝑙𝑙(𝑡𝑡) + (𝐶𝐶ℎ𝑙𝑙 + 𝐶𝐶ℎ𝑢𝑢)ℎ̇𝑢𝑢(𝑡𝑡) −
𝐾𝐾ℎ𝑙𝑙ℎ𝑙𝑙(𝑡𝑡) + (𝐾𝐾ℎ𝑙𝑙 + 𝐾𝐾ℎ𝑢𝑢)ℎ𝑢𝑢(𝑡𝑡) = 𝐹𝐹𝑢𝑢(𝑡𝑡)           （2） 

𝐼𝐼𝑙𝑙�̈�𝛼𝑙𝑙(𝑡𝑡) + 𝐶𝐶𝛼𝛼𝑙𝑙�̇�𝛼𝑙𝑙(𝑡𝑡) − 𝐶𝐶𝛼𝛼𝑙𝑙�̇�𝛼𝑢𝑢(𝑡𝑡) + 𝐾𝐾𝛼𝛼𝑙𝑙𝛼𝛼𝑙𝑙(𝑡𝑡) −
𝐾𝐾𝛼𝛼𝑙𝑙𝛼𝛼𝑢𝑢(𝑡𝑡) = 𝑀𝑀𝑙𝑙(𝑡𝑡)          （3） 
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𝐼𝐼𝑢𝑢�̈�𝛼𝑢𝑢(𝑡𝑡) − 𝐶𝐶𝛼𝛼𝑙𝑙�̇�𝛼𝑙𝑙(𝑡𝑡) + (𝐶𝐶𝛼𝛼𝑙𝑙 + 𝐶𝐶𝛼𝛼𝑢𝑢)�̇�𝛼𝑢𝑢(𝑡𝑡) −
𝐾𝐾𝛼𝛼𝑙𝑙𝛼𝛼𝑙𝑙(𝑡𝑡) + (𝐾𝐾𝛼𝛼𝑙𝑙 + 𝐾𝐾𝛼𝛼𝑢𝑢)𝛼𝛼𝑢𝑢(𝑡𝑡) = 𝑀𝑀𝑢𝑢(𝑡𝑡)        （4）

 Where, 𝑚𝑚𝑖𝑖、𝐶𝐶𝑖𝑖  and 𝐾𝐾𝑖𝑖  are the equivalent mass, 
natural damping and natural stiffness of vertical 
vibration for i section, respectively. 𝐼𝐼𝑖𝑖、𝐶𝐶𝑖𝑖  and 𝐾𝐾𝑖𝑖 
are the equivalent mass moment of inertia, natural 
damping and natural stiffness of torsional vibration 
for i section, respectively. ℎ̈𝑖𝑖(𝑡𝑡)、ℎ̇𝑖𝑖(𝑡𝑡) and ℎ𝑖𝑖(𝑡𝑡) 
are the acceleration, velocity and displacement of 
vertical vibration for i section at time t, 
respectively.𝐹𝐹𝑖𝑖(𝑡𝑡) and 𝑀𝑀𝑖𝑖(𝑡𝑡) are the aerodynamic 
lift and lift moment of i section at time t, 
respectively. And i=u, l, u represents the upper 
layer, l represents the lower layer. 

Combined with the two-dimensional mechanical 
model of the double-deck section, to reflect the 
elastic connection between the double decks, the 
elastic connection between the double decks is 
simulated by springs. The upper section is 
suspended on the support through 8 springs, and 
the lower section is suspended on the upper 
section through 4 springs. Additionally, an ellip-
tical binary end plate is set at the end of section 
model. The binary end plate is fixed on the up-per 
section without contacting the lower section. That 
eliminates the end effect of the double-deck 
section, and ensures that the lower section can 
vibrate freely. The section model in the wind tunnel 
test is shown in Figure 2. The upper and lower 

sections are the same, and they are both typical flat 
box girder sections. The geometric scale ratio of the 
section model is 1:75. The section length is 1.5m. 
The section wide is 600mm, the section height at 
the center is 56.5mm, and 30mm wide horizontal 
guide vane are set on both sides of the girder. 
Additionally, there are anti-collision railings 
installed, and maintenance track and guide vane 
are set on the bottom of the lower section. The 
acceleration signals of upper and lower sections 
are monitored and collected by acceleration sensor 
and data acquisition instrument respectively. The 
sampling frequency of acceleration sensor is 
1000Hz. Before applying wind speed, the 
acceleration signal of the model is obtained by 
artificial excitation, and the natural vibration 
characteristics of double-deck section are 
identified by the "logarithmic attenuation method". 
The vibration characteristics are shown in Table 1. 

Figure 2. Installation photos of the section model

Table 1. Vibration characteristics of the double-deck section 

Position 
Equivalent 

Mass m 
(kg/m) 

Equivalent 
Mass Moment 

of Inertia (I) 
（kg.m2/m） 

Vertical 
Vibration 
Frequency 
（HZ） 

Torsional 
Vibration 
Frequency 
（HZ） 

Vertical 
Vibration\Damping 

Ratio 

Torsional 
Vibration 
Damping 

Ratio 
Upper Section 11.756 0.43 4.45 9.58 0.36% 0.40% 

Lower Section 6.26 0.15 2.23 2.26 0.97% 0.50% 

3 Numerical simulation 
The numerical simulation adopts the section model 

of the wind tunnel test, and the size of the 
rectangular flow field area is 39B×13B. B is the 
section width. The flow field and section boundary 
conditions: the flow field inlet adopts the “Velocity-
inlet”, the upper and lower boundaries of the flow 

field are “Symmetry”, the outlet of the flow field 
adopts the “Outflow”, the section surface adopts 
the “Wall”. Figure 3 shows the grid division around 
the double-deck section. 

In the numerical simulation calculation, the fluid-
structure interaction calculation is realized through 
the UDF program embedded in Fluent and the 
dynamic mesh technology. In the paper, the two-
dimensional large eddy simulation is used for 
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numerical simulation calculation.  The subgrid-
scale model adopts “Smagorinsky-Lilly”. Cs=0.10,  

and other specific solution parameter settings are 
shown in Table 2. 

Figure 3. Perimeter mesh of the section 

Table .2 Parameter setting of calculation 

Methods and 
parameters Set up 

Speed-pressure 
coupling solution SIMPLE 

Spatial 
discrete 

gradient Green-Gauss Cell Based 
pressure Standard 

momentum Bounded Central 
Differencing 

Time step /s 0.0005 
Residual 10-6

4 Results and analysis 

4.1 Wind Tunnel Test 

Use "band-pass filter" to filter the acceleration 
signal. The amplitude spectrum of the double-deck 
section was identified by fast Fourier transform. 
Figure 4 and Figure 5 show the acceleration time-
history curve and amplitude-frequency spectrum 
of the lower section when the maximum test wind 
speed of 6.2m/s, respectively. Due to the existence 
of other vibration modals near the predominant 
frequency of 2.258Hz in the vertical and torsional 
vibrations of the lower section, the vertical and 
torsional vibrations of the lower section both 
present the characteristics of "beat vibration" 
similar to vortex-induced vibration. Different from 
the single-degree-of-freedom "beat vibration" of 
the vortex-induced vibration of the bluff body 
section such as a cylinder and a square column, the 
lower section exhibits a "beat vibration" in both 
vertical and torsional directions. 

Figure 4. Vertical and torsional acceleration of the 
lower section 

Figure 5. The amplitude-frequency spectrum of the 
lower section 

Figure 6 is the curve of the root mean square value 
of the double-deck section acceleration with the 
wind speed. When the wind speed is greater than 
5.5m/s, vertical and torsional vibration occur at the 
lower section at the same time. The amplitudes of 
vertical and torsional vibrations increase 
significantly with wind speed. Figure 7 shows the 
predominant frequency curve and corresponding 
amplitude histogram of the upper and lower 
sections under various wind speeds. The 
predominant frequency of vertical vibration of the 
upper section is suddenly reduced to 2.258Hz when 
the wind speed is greater than 5.5m/s. The 
predominant frequency of torsional vibration is 
always kept near the natural frequency of torsional 
vibration of 9.58Hz. The predominant frequency of 
vertical and torsional vibration of the lower section 
is 2.258Hz when the wind speed is greater than 
5.5m/s. It is slightly greater than the torsional 
vibration natural frequency of 2.19Hz. Based on the 
above analysis results, it can be concluded that 
when the wind speed is greater than 5.5m/s, 
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bending-torsional flutter occurs in the lower 
section. Due to the structural static coupling 
between the upper and lower sections, the upper 
section is forced to vibrate under the traction of the 
lower section. 

Figure 6. RMS value of vertical and torsional 
vibration 

 

（a）Upper section 

（b）Lower section 

Figure 7. Predominant frequency and 
corresponding amplitude 

To obtain the bending-torsional flutter form of the 
lower section, the variational modal decom-
position [10] was used to modal decomposition of 
the acceleration signal of the lower section with 

wind speeds ranging from 5.8m/s to 6.2m/s. Figure 
8 shows the modal components of each order at a 
wind speed of 6.2 m/s. The vibration frequency is 
2.258Hz, and the modal component is the flutter 
form of the lower section. The modal 
decomposition results show that when the wind 
speed is greater than 5.5m/s, bending-torsional 
flutter occurs in the lower section. In the test wind 
speed range from 5.8m/s to 6.2m/s, the bending-
torsional vibration is constant. 

Figure 8. The decomposition of the acceleration of 

the lower section using VMD the lower section 

using VMD (6.2m/s) 

Figure 9 is a vector diagram of the flutter shape of 
the lower section. Vertical participation coefficient 
is ℎ𝑅𝑅 �ℎ𝑅𝑅2 + (𝛼𝛼𝑅𝑅𝐵𝐵/2)2⁄ , torsional participation 
coefficient is (𝛼𝛼𝑅𝑅𝐵𝐵/2) �ℎ𝑅𝑅2 + (𝛼𝛼𝑅𝑅𝐵𝐵/2)2⁄ . ℎ𝑅𝑅  and 
𝛼𝛼𝑅𝑅  are the RMS of the vertical and torsional 
vibration signal, respectively. B is the section width. 
In the wind speed range of 5.8m/s～6.2m/s, the 
vertical and torsional participation coefficients of 
the lower section vary little with the wind speed. 
The vertical and torsional participation coefficients 
are about 0.85 and 0.53, respectively. It shows that 
the vertical vibration tendency of bending-
torsional flutter of the lower section is significant. 
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Figure 9. The vector diagram of the vibration state 

Based on the above analysis, the bending-torsional 
flutter of the lower section is different from the 
flutter. Instead of divergent vibrations, it exhibits 
multiple constant amplitude states with increasing 
wind speed. This is consistent with the 
characteristics of “soft flutter” [11] that have been 
intensively studied in recent years. It shows that 
the bending-torsional flutter of the lower section 
belongs to "soft flutter". The bending-torsional soft 
flutter forms of the lower section tend to vertical 
vibration. Based on the “excitation-feedback” 
principle of flutter [12], Fig. 10 is the variation curve 
of each damping ratio and total damping ratio of 
the lower section with wind speed. It can be seen 
from Figure 10 (a): in the soft flutter wind speed 
range of the lower section, the vertical damping 
shows negative damping. The negative damping 
comes from aerodynamic damping (𝐶𝐶ℎ2、𝐶𝐶ℎ3). 𝐶𝐶ℎ2、
𝐶𝐶ℎ3  accounts for about 50% of the total vertical 
damping, respectively. It can be seen from Figure 
10 (b): in the soft flutter wind speed range of the 
lower section, the torsional damping is positive 
damping. The positive damping comes from natural 
damping (𝐶𝐶𝛼𝛼1 ) and aerodynamic damping (𝐶𝐶𝛼𝛼3 ). 
With the increase of wind speed, the proportion of 
𝐶𝐶𝛼𝛼3 in the total damping decreases. When the wind 
speed is 6.2m/s, 𝐶𝐶𝛼𝛼3  is equivalent to the 
𝐶𝐶𝛼𝛼1.Wherein, the corresponding damping ratios of 
𝐶𝐶ℎ2 and 𝐶𝐶ℎ3 are: 

𝜁𝜁ℎ2 = −𝜌𝜌𝐵𝐵2𝐻𝐻1∗

2𝑚𝑚
、

𝜁𝜁ℎ3 = −𝜌𝜌2𝐵𝐵6

2𝑚𝑚𝑚𝑚
𝛺𝛺𝛼𝛼ℎ𝐻𝐻2∗𝐴𝐴1∗𝑠𝑠𝑠𝑠𝑠𝑠𝜃𝜃2; 

the corresponding damping ratios of 𝐶𝐶𝛼𝛼1and 𝐶𝐶𝛼𝛼3 
are: 

𝜁𝜁𝛼𝛼1 = 𝜁𝜁𝛼𝛼0𝜔𝜔𝛼𝛼0
𝜔𝜔𝛼𝛼

、 

𝜁𝜁𝛼𝛼3 = −𝜌𝜌2𝐵𝐵6

2𝑚𝑚𝑚𝑚
𝛺𝛺ℎ𝛼𝛼𝐴𝐴1∗𝐻𝐻2∗𝑠𝑠𝑠𝑠𝑠𝑠𝜃𝜃1.

（a）Vertical vibration

(b) Torsional vibration

Figure 10. Damping ratio of the lower section 

4.2 Numerical Simulation 

Based on the wind tunnel test results, the 
numerical simulation calculation of double-deck 
section is carried out at the wind speeds of 5.8m/s, 
6.0m/s and 6.2m/s. The numerical simulation 
adopts "band-pass filter" filtering and VMD for 
modal decomposition. The modal decomposition 
parameters are the same as those of wind tunnel 
test data. The numerical simulation flutter modal is 
consistent with the wind tunnel test results under 
the wind speed of 5.8m/s and 6.0m/s. It shows that 
the lower section both keep bending-torsional 
constant-amplitude vibration. Figure 11 is the 
curve of acceleration RMS value with wind speed. 
It can be seen from the figure that the acceleration 
RMS value are consistent with the change 
tendence of the wind speed between numerical 
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simulation and wind tunnel test. After the wind 
speed reaches the critical flutter wind speed, the 
amplitude of the double-deck section does not 
suddenly increase like flutter, but increases slowly 
with the increase of wind speed. This is consistent 
with the amplitude growth law of "soft flutter".  

（a）Upper section 

（b）Lower section 

Figure 11. RMS value of acceleration of double-
deck section 

Based on the numerical simulation results, the soft 
flutter performance of the double-deck section is 
further analyzed through the section distribution 
pressure and flow field modal on the unit period. 
Figure 12 shows the unsteady distribution pressure 
at a typical moment of under the wind speed of 
6.2m/s. It can be seen from the figure that 
compared with the unsteady distribution pressure 
on the upper edge of the lower section, the 
distribution pressure on the lower edge has a 
significant change. Based on the above analysis 
results, it can be seen that the airflow pressure on 
the upper section is static wind pressure, and the 
surrounding flow field is a static surrounding flow 
field, resulting in static wind pressure on the upper 
edge of the lower section. It is the main 
manifestation of the aerodynamic interference of 

the upper section to the lower section. The soft 
flutter self-excited aerodynamic force of the lower 
section is mainly derived from the distribution 
pressure change at the lower edge. 

(a) Upper edge of section at t1,t3 and t5

(b) Upper edge of section at t6,t8 and t10

(c) Lower edge of section at t1,t3 and t5
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(d) Lower edge of section at t6,t8 and t10

Figure 12. Pressure distribution diagram of the 
lower section 

Figure 13 shows the pressure cloud diagram and 
streamline diagram around the double-deck 
section. Combining Figure 13、Figure 12 (c) and (d), 
it can be seen that at each moment, the large-scale 
vortices (I, II, and III) on the lower edge of the lower 
section causes negative pressure peaks 𝑃𝑃𝑖𝑖𝑖𝑖  (i 
represents time ti, and k represents large-scale 
vortices). From time t1 to time t10, during the 
vibration process of the lower section, due to the 
generation, drift and shedding of large-scale 
vortices, the self-excited aerodynamic force 
generated by the change of the pressure 
distribution causes the section to occur soft flutter. 
And its form tends to vertical vibration. 

（a）t1 time(10.17s) (b) t3 time(10.29s) (c) t5 time(10.41s)

(d) t6 time(10.44s) (e) t8 time(10.56s) (f) t10 time(10.68s)

Figure 13. Streamline diagram under the background of pressure cloud diagram 

5 Conclusion 
(1) For the double-deck section, under the
aerodynamic interference of the upper section, the
lower section occurs bending-torsional soft flutter,
and the vibration mode of bending-torsional soft

flutter tends to vertical vibration mode. The 
bending-torsional soft flutter of the lower section 
for the suspended double-deck bridge has obvious 
"dual frequency" vibration characteristics. For the 
two modes of bending-torsional soft flutter in the 
lower section, they are all driven by aerodynamic  
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negative damping during the vertical vibration. 

(2) For the suspended double-deck bridge, the
structural static coupling between the upper
section and the lower section causes the upper
section to generate bending-torsional vibration
under the forced driving of the coupled damping
force and coupled elastic restoring force. For the
suspension double-deck bridge vibration system,
the wind-induced bending-torsional soft flutter of
the lower section leads the suspended double-deck
bridge vibration system occur the bending -
torsional soft flutter.

(3) The modal analysis results of the flow field
show that with the generation, migration and
shedding of large-scale vortices at the lower edge
of the lower section, as well as the continuous
changes in the position and scale of the vortices,
the self-excited aerodynamics force created by the
change of distribution pressure at the lower edge
of lower section causes the lower section occur
"Bending-torsional soft flutter".
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Abstract 
In order to determine the rational cable force of the extradosed bridge, a comprehensive 
optimization method of cable force is proposed. The method is based on the influence matrix 
method and adopts the data standardization method to change two or more different types of 
discrete data into dimensionless uniform data, with the objective of minimizing the combined 
displacement and bending moment of the structural control section. Relying on the extradosed 
bridge of Nanjing Intercity Rail Transit Ningju Line as an engineering example, the results show that 
the calculated cable force of the integrated optimization method can reduce the maximum 
compressive stress at the top and bottom edge of the main girder by 3.3 % and 3.8 %, respectively, 
compared with the original design cable force.  

Keywords: cable force optimization; numerical calculation; extradosed bridge; influence matrix 
method; rational bridge completion state. 

1 Introduction 
The extradosed ridge is a combination system 
between general cable-stayed bridge and 
continuous girder bridge, with the characteristics 
of "short tower, rigid beam and concentrated 
cable" Its cable stress changes little and its overall 
stiffness is large, and it has outstanding advantages 
for railway bridges with large load and high 
standard [1-2]. The optimized design of cable force 
is an indispensable part of the design of cable-
stayed bridges, and a lot of research has been 
carried out by related scholars. Jie Dai et al [3] 
reviewed the optimization methods of cable-
stayed bridges, analyzed the advantages and 
limitations of each method and summarized the 
development trend of cable force optimization at 
the present stage; Renan Yuan et al [4] proposed a 
fast and accurate method of cable force 

adjustment for cable-stayed bridges in the target 
state by using numerical optimization methods and 
combining the initial state of cable force calculation; 
Cunxin Yin [5] developed a set of cable force 
adjustment calculation for cable-stayed bridges 
based on the combination of energy method and 
influence matrix method. Bin can [6] used the 
standard particle swarm algorithm based on the 
forbidden search algorithm for cable-stayed bridge 
force optimization. Liming Zhu et al [7] carried out 
a secondary optimization of the boom force of a 
spatial three-cable deck heterogeneous arch 
bridge by min-max standardization. 

Most of the existing cable force optimization 
studies only aim at a single structural performance 
optimum, such as bending energy minimization 
and minimization with cable beams, which is 
difficult to consider the force requirements of the 
structure comprehensively. In this paper, we 

276

mailto:497268280@qq.com


IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

propose a comprehensive optimization method of 
cable force, based on the engineering background 
of the extradosed bridge of NingJu Line, and use 
the minimum bending energy method, rigid 
support continuous beam method and 
comprehensive optimization method to calculate 
the cable force of the completed bridge state. The 
results are compared and analyzed with the 
original design to verify the applicability of the 
integrated optimization method, which is of 
reference for the design of similar bridges. 

2 Optimization method of forming 
bridge cable force 

The reasonable completed state of the cable-
stayed bridge means that the design requirements 
of the specification are met under the constant 
load of the completed bridge. The internal force of 
the main girder and the bridge tower is evenly 
distributed, the line shape is smooth, the cable 
force of the stay cable is evenly distributed, the 
cable force of the long cable is larger, and the cable 
force of the short cable is smaller. Under the 
condition of given span arrangement and dead load 
action of a cable-stayed bridge, optimizing the 
cable force of the completed bridge is an effective 
means to obtain a reasonable completed state of 
the cable-stayed bridge. The determination of the 
reasonable completed state of the cable-stayed 
bridge can often be regarded as the optimization 
problem of the cable force of the completed bridge. 

2.1 Common methods of cable force 
optimization 

The methods for optimizing the cable force of a 
bridge can be basically divided into the cable force 
optimization of specified force state, the 
unconstrained cable force optimization method, 
the constrained cable force optimization method 
and the influence matrix method. The cable force 
optimization of the specified force state is 
calculated based on the specific force or 
displacement of some components in the bridge 
structure. Common methods include the zero 
displacement method, the rigid support 
continuous beam method, the zero support 
reaction force method, etc [8-10]. The 
unconstrained cable force optimization method 

usually refers to the bending energy (bending 
moment) minimization method, which is 
characterized by minimizing the bending strain 
energy of the structure without imposing 
additional constraints [11]; the constrained cable 
force optimization method and the influence 
matrix method generally Aiming at a certain 
property of the structure and adding constraints 
related to this property, a matrix equation is 
constructed to solve [12]. 

2.2 Comprehensive optimization method 

In this paper, a comprehensive optimization 
method is proposed, which is based on the 
influence matrix method, and takes the bending 
moment, displacement and cable force of each 
control section of the main beam and main tower 
as constraints, and combines the mathematical 
method of data standardization. Different types of 
discrete data are transformed into dimensionless 
unified data, and the optimal calculation of the 
bridge cable force is carried out with the goal of the 
comprehensive minimum displacement and 
bending moment of the structural control 
section.Mainly divided into the following 5 steps: 

(1) Establish a finite element model of a bridge.
According to the stress balance method [13], the
feasible region of the dead load moment of the
main beam is determined. Based on the feasible
domain and the bridge completion objective of
"straight tower, flat beam, and uniform cable", the
constraint conditions of main beam, main tower
and cable force are determined.

(2) The initial tension of the stay cable is set as the
unit cable force, and the influence matrix A of the
unit cable force change on each constraint
condition is obtained.

(3) Set the initial tension vector to be solved as T0.
Set the difference vector between the bending
moment of each control section of the main beam
and the main tower and the target state as Dc, and
the difference vector between the displacement of
each control section of the main beam and the
main tower and the target state as Bc. The vectors
Dc and Bc are linearly transformed through the
principle of data standardization, so that each
number in the vector falls within the [-1,1] interval,
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and the standardized matrices Ds and Bs are 
obtained. The conversion function is as follows: 

X∗ =
X

|X|max
 (1) 

In the formula, X* is the standardized data; X is the 
absolute value of the sample data;|X|max is the 
absolute maximum value of the sample data. This 
method changes the discrete data of bending 
moment and displacement into dimensionless 
unified data, which can avoid the separate solution 
of two different data and simplify the subsequent 
calculation process. 

(4) Determine the objective function as the
minimum sum of 2-norms of Ds and Bs. Using the
programming solution method [14], the objective
function is established as y = min{‖𝑫𝑫𝐬𝐬‖2 +
‖𝑩𝑩𝐬𝐬‖2}. And the optimal function equation with
the bending moment, displacement and cable
force of each control section as the constraint
conditions is used to solve the initial tension T0.

(5) Substitute the initial tension T0 into the original
finite element model, and the completed bridge
cable force T obtained after running the calculation

is the comprehensive optimization method cable 
force, and the structural internal force in the 
completed bridge and operation stages is checked 
and tested. 

3 Engineering application 

3.1 Project overview 

The extradosed bridge of NingJu Line is a rail transit 
prestressed concrete extradosed bridge. The total 
length of the bridge is 340 m, with span 
arrangement of (90+160+90) m. According to the 
double line whole width design, the main girder 
width is 12 m. The main girder adopts straight web 
single box double chamber concrete box girder. 
The extradosed bridge adopts tower and beam 
solidification, pier and tower separation system. It 
adopts double-cable arrangement, with 56 cable-
stays in total. The side span cable is coded as S1~S7 
from short to long, and the middle span cable is 
coded as M1~M7 from short to long. the vehicle 
form is city-B type train, and the train group is 6. 
The elevation layout of the extradosed bridge of 
NingJu Line is shown in Figure 1. 

Figure 1. The elevation layout of the extradosed bridge of NingJu Line 

3.2 Finite element model 

The finite element analysis software Midas/Civil is 
used to establish the full-bridge space member 
model, as shown in Figure 2. The full bridge is 
divided into 329 nodes and 277 units. The towers, 
piers, and main beams are all simulated by beam 
elements; the stay cables are simulated by truss 
elements, and the sag effect of the stay cables is 
corrected by Ernst formula [15], and the cable force 
of the stay cables is applied in the form of initial 
tension. 

Figure 2. The finite element model 

3.3 Analysis of cable force calculation 
results 

Under the condition of not changing the dead 
weight of the main girder, internal prestress and 
other dead loads, the minimum bending energy 

278



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

method, the rigid support continuous beam 
method and the comprehensive optimization 
method are selected to calculate the completed 
bridge cable force value and the original designed 
bridge cable force value. The comparison is shown 
in Table 1 and Figure 3. Set the cable force of the 
minimum bending energy method as T1, the cable 
force of the rigid supported continuous beam 
method as T2, the cable force of the 
comprehensive optimization method as T3, and the 
original design cable force as T4. 

Figure 3. Calculated value of cable force of 
completed bridge 

Table 1. Calculated value of cable force of 
completed bridge 

Cable 
number 

T1 
[kN] 

T2 
[kN] 

T3 
[kN] 

T4 
[kN] 

S7 2059.1 5884.0 3811.2 3929.0 
S6 2497.4 2596.9 3708.4 3881.0 
S5 2445.5 3273.7 3449.4 3495.0 
S4 2684.3 660.5 3437.1 3513.0 
S3 2902.7 5529.6 3486.1 3532.0 
S2 2958.0 1457.7 3602.8 3439.0 
S1 2809.2 5676.1 3601.2 3430.0 
M1 2764.1 5419.2 3470.8 3450.0 
M2 3029.0 4559.4 3417.6 3452.0 
M3 2893.7 3076.0 3427.7 3533.0 
M4 2698.5 1617.2 3437.0 3502.0 
M5 2429.3 2399.7 3448.1 3470.0 
M6 2448.1 2055.3 3705.0 3839.0 
M7 2092.1 5036.7 3805.2 3886.0 

It can be seen from Table 1 and Figure 3 that the 
distribution laws of the bridge cable force values 
calculated by the three methods are different. 

(1) The cable force distribution calculated by the
minimum bending energy method is relatively

uniform, but the overall cable force is relatively 
small, and the short cable force is large and the 
long cable force is small. The reason is analyzed 
that the prestress exerts a large negative bending 
moment in the mid-span to resist the dead weight 
under the dead load state. In order to obtain the 
minimum bending energy, it is necessary to reduce 
the overall cable force, especially the long cable 
force near the mid-span. For variable-height 
prestressed concrete cable-stayed bridges, the 
cable force obtained by the minimum bending 
energy method is often unreasonable when no 
cable force constraint is added; 

(2) When the rigid support continuous beam
method is used for calculation, the uniformity of
the cable force is poor, and the larger value of the
cable force appears in S1, M1 and S7, M7. The
reason is analyzed that the rigid support
continuous beam method regards the anchor point
of the cable beam as a vertical rigid support. The
stay cables at both ends will share a larger self-
weight load of the main beam, resulting in a larger
reaction force of the vertical rigid support.
However, the inclination angle of the stay cable of
the cable-stayed bridge with short tower is small,
and the cable force of the stay cable obtained by
the inverse calculation of the support and reaction
force will be large and uneven as a whole;

(3) The cable force distribution calculated by the
comprehensive optimization method is relatively
uniform. The cable force of the side span short
cable is slightly larger than that of the middle span
short cable, and the difference between the cable
force obtained by this method and the original
design cable force is within 5%.

3.4 Analysis of internal force calculation 
results 

The bending moments of the main girder and the 
main tower are calculated from the above three 
cable force optimization methods, and compared 
with the original design cable force under the dead 
load bridge bending moment, as shown in Figure 5 
and Figure 6. Since the bridge is symmetrically 
arranged and the force is similar, only half of its 
span is used for research. Figure 6 only takes the 
main tower on the small mileage side for analysis, 
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and the bending moment of the main tower is 
positive when the side span side is pulled. 

Figure 4. Bending moment distribution of main 
beam under constant load 

Figure 5. Bending moment distribution of main 
tower under constant load 

It can be seen from Fig. 4 and Fig. 5 that: 

(1) When the minimum bending energy method is
used for calculation, the bending moment of the
main beam has a sudden change near the support.
The maximum negative bending moment reaches -
193167 kN·m, while the bending moments at the
midspan of the main beam and the main tower are
very small. The reason for this study is that the goal
of the method is to minimize the total bending
strain energy of the structure. In the case of not
constraining the bending moment of the control
section and the cable force of the stay cable, it is
easy to cause the bending moment of most
elements to be close to zero and the bending
moment of the remaining part to be too large,
which cannot meet the requirements of a
reasonable bridge state.

(2) The bending moment of the main beam
obtained by the rigid support continuous beam

method is small, but the bending moment of the 
main tower is too large. The reason is analyzed that 
the rigid-supported continuous beam method 
controls the target by the bending moment of the 
main beam, does not take into account the force of 
the bridge tower, and cannot meet the 
requirements of a reasonable bridge state. 

(3) The bending moment of the main beam and
main tower obtained by the comprehensive
optimization method is relatively small, which is
closer to the original design of the bridge. However,
the positive bending moments of the main beams
on both sides of the support are closer in value, and 
the overall uniformity of the main beam bending
moments is better. The maximum positive bending
moment of the main girder in the original design of
the bridge state is 139711 kN·m, and the maximum
positive bending moment of the main girder under
the comprehensive optimization method is 130153
kN·m, a reduction of 6.8%. The direction of the
main tower bending moment under the
comprehensive optimization method is opposite to
that of the original design as a bridge, and the
maximum absolute value of the main tower
bending moment is reduced by 17.1%.

3.5 Analysis of Stress Calculation Results 

It can be seen from the analysis of the calculation 
results of cable force and internal force that the 
minimum bending energy method and the rigidly 
supported continuous beam method cannot meet 
the requirements of a reasonable bridge state. 
Therefore, only the comprehensive optimized 
cable force and the original design cable force are 
selected to compare and analyze the stress 
distribution of the main girder in the operation 
stage. The operation stage of rail transit bridge 
includes main force and additional force. The main 
force includes dead load and live load, and the 
additional force includes braking force, wind load 
and temperature change. 

Take the comprehensive optimized cable force and 
the original design cable force to compare and 
analyze the stress envelope of the main girder 
under the most unfavorable load combination of 
main effect and additional effect, and take half of 
its span for drawing analysis, as shown in Figure 6 
and Figure 7. 
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(a) Original design

(b) Comprehensive optimization method

Figure 6. Stress envelope at the upper edge of 
the main beam under main + additional effect 

(a) Original design

(b) Comprehensive optimization method

Figure 7. Stress envelope at the lower edge of 
the main beam under main + additional effect 

It can be seen from Fig 6 that under the combined 
action of the main force and the additional force, 
the upper edge of the main beam of the two cable 
force schemes does not generate tensile stress. The 
minimum compressive stress occurs at the 
supports, both of which are 1.0 MPa. The maximum 
compressive stress occurs near the anchoring end 
of the stay cable M1. After using the 

comprehensive optimization method, the 
maximum compressive stress was reduced from 
16.9 MPa to 16.35 MPa, a decrease of 3.3 %. 

It can be seen from Fig. 7 that under the combined 
action of the main force and the additional force, 
the lower edge of the main beam of the two cable 
force schemes is all compressive stress. The 
minimum compressive stress appears near the 
anchor end of stay cable S7, both of which are 1.6 
MPa. The maximum compressive stress occurs at 
the mid-span. After using the comprehensive 
optimization method, the maximum compressive 
stress was reduced from 18.44 MPa to 17.75 MPa, 
a decrease of 3.8 %. 

On the whole, under the combined action of main 
force and additional force, compared with the 
original design cable force, the cable force 
calculated by the comprehensive optimization 
method can increase the compressive stress 
reserve of the upper and lower edges of the main 
girder, and the stress distribution is better. 

4 Conclusions 
(1) A comprehensive optimization method is
proposed. The method is based on the influence
matrix method, and the goal is to minimize the
overall displacement and bending moment of the
structural control section. The constraint
conditions are the bending moment, displacement
and cable force of each control section of the main
beam and main tower. Combined with the
mathematical method of data standardization, the
discrete data of bending moment and
displacement are transformed into dimensionless
unified data for matrix calculation. The calculation
process is simple and efficient and has a wide range 
of applications..

(2) Relying on the engineering background of the
extradosed bridge on the Ningju Line, the minimum 
bending energy method, the rigidly supported
continuous beam method and the comprehensive
optimization method are used to calculate the
cable force of the bridge. Combined with the
original design of the bridge cable force, the
internal force and stress of the structure are
compared and analyzed. The results show that the
minimum bending energy method and the rigid

281



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

support continuous beam method have poor 
applicability for prestressed concrete low tower 
cable-stayed bridges, while the cable force and 
structural internal force calculated by the 
comprehensive optimization method are uniform 
and have better applicability. 

(3) Compared with the original design cable force,
under the combined action of the main effect and
the additional effect, the cable force calculated by
the comprehensive optimization method can
reduce the maximum compressive stress of the
upper and lower edges of the main beam by 3.3%
and 3.8% respectively.
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Abstract 
In this study, the tornado-like wind field is simulated by the numerical Ward-type tornado simulator 
based on computational fluid dynamics (CFD) techniques. To minimize the discrepancy between the 
simulated and field-measured tornado winds, the optimization strategy is developed to achieve 
optimal parameters of the numerical Ward-type tornado simulator, namely the inflow angle and 
translation speed. To facilitate the optimization process, a multi-fidelity surrogate model is utilized 
to effectively integrate both low-fidelity and high-fidelity data for accurate and efficient simulations. 
The “best” parameters based on the multi-fidelity surrogate model is input to the numerical Ward-
type tornado simulator (using LES technique). Finally, the transient wind field generated using the 
validated numerical Ward-type tornado simulator is employed as the dynamic inputs to the finite 
element (FE) model of a long-span bridge.  

Keywords: tornado-like wind; transient wind-induced response; optimization; surrogate model; 
multi-fidelity data; computational fluid dynamics; long-span bridges. 

1 Introduction 
Tornadoes are the most destructive storm with 
typical three-dimensional funnel-shaped vortex, 
and would cause the serious collapse of civil 
engineering structures due to high wind velocity 
with short duration. The long-span bridges, 
constructed as the critical connection for 
transportation infrastructures, usually play a 
significant role in emergency transportation and 
evacuation. Hence the damage or collapse of long-
span bridges would cause a substantial hazard to a 
community. However, there has been relatively 
scant knowledge on the response analysis of long-

span bridges immersed in tornadic wind field. Hao 
and Wu [1] implemented aerostatic and aeroelastic 
analysis of long-span suspension bridge under 
tornado event based on nonlinear aerostatic 
relationship and two-dimensional (2D) indicial 
response function. 

In order to obtain accurate tornadic wind field 
input, field measurements of real-world tornadoes 
would be a useful resource. Unfortunately, direct 
field measurements are challenging due to the 
unpredictable, localized and violent nature of 
tornadoes, and the measurements are usually 
inaccurate in the near ground region. Therefore, 
physical and numerical simulations have become 
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an alternative to investigating tornado-like vortex. 
Ward [2] constructed a remarkable tornado-like 
vortex simulator, referred as Ward-type tornado 
simulator, in which a fan was fixed over the 
convergent region to provide the updraft and guide 
vanes around the convergent region to provide 
angular momentum. Nowadays, the Ward-type 
tornado simulator and its updating versions have 
been widely used to study a tornado-like vortex 
flow and its effects on structures [3] [4]. On the 
other hand, numerical simulation of tornado based 
on computational fluid dynamics (CFD) methods 
has been well developed. Both Reynolds-averaged 
Navier-Stokes (RANS) equation [5] [6] [7] and large-
eddy simulation (LES) [8] [9] [10] have been utilized 
to study the features of tornado-like flow field. 
However, the physical and numerical simulations 
above are only the approximation of the flow field 
of real-world tornado, of which formation 
mechanism is different from this of real-world 
tornado. Furtherly, the mapping relationship is 
vague between control parameters of the real-
world tornado and physically and numerically 
generated tornado-like wind fields. In other words, 
the measurements of tornado could hardly provide 
direct guidance for simulations. 

Alternatively, parameters optimization conjunct 
with sparsely available field data may be 
considered as an effective tool to improve the 
accuracy of tornado simulation. The optimization 
algorithm is developed to comprehensively search 
the optimal parameters for tornado simulation in 
parameters space. Despite the promise of the 
proposed method, parameters optimization is 
computationally challenging because of the time-
consuming CFD analyses required at each iteration 
of the optimization process. Therefore, the 
surrogate model is introduced, providing an 
approximation of original model based on a limited 
set of data with extremely low computational 
demand. Generally, the surrogate modeling fidelity 
is directly associated with accuracy of data from 
original model and high-fidelity data is always 
preferred. Based on the data from low-fidelity 
model with insufficient turbulence modeling (such 
RANS), the obtained surrogate model would lead to 
noticeable errors. On the other hand, only a small 
number of data can be generated using high-
fidelity model such as LES due to the 

computationally challenging, which would cause 
large sampling errors of training surrogate models. 

To manage such a tradeoff, the cokriging model is 
utilized here as a typical multi-fidelity surrogate 
model to integrate low- and high-fidelity data. The 
low-fidelity data is used to capture the global 
trends while the high-fidelity data is applied for 
correction to minimize the error between the 
surrogate and original model. In this study, analysis 
of tornado-induced long-span bridge response is 
achieved by coupling of CFD-based tornado-like 
wind with cokriging model introduced for 
parameters optimization and computational 
structural dynamics (CSD)-based structural 
response with 2D indicial response function used 
for transient aerodynamics consideration. 

2 Tornado-like vortex based on CFD 
scheme 

2.1 Computational domain and mesh 

A Ward-type simulator is numerically modeled and 
the geometric dimensioning refers to the physical 
simulator constructed by Matsui and Tamura [11]. 
As shown in Fig. 1, the guide vanes of simulator are 
removed and replaced by wind velocity profile 
resulting from tangential and radial speeds at inlet. 
The detailed parameters of the numerical model in 
this work are summarized in Table 1. The higher 
mesh density is used in the center of near-ground 
region to accurately investigate the surface flow 
features of the vortices, while the relatively coarser 
grids are applied in the top of the convergent 
region and the convection region. 

Figure 1.  Schematic diagram of numerical model 
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Table 1. Dimensions of tornado-like numerical 
model 

Parameters Value Parameters Value 
Height of 
convergent 
region: ℎg 

200mm Radius of 
updraft 
hole: 𝑟𝑟𝑐𝑐 

150mm 

Height of 
convection 
region: ℎt 

600mm Radius of 
convergence 
region: 𝑟𝑟s 

1000mm 

Height of 
outlet 
region: ℎi 

300mm Radius of 
exhaust 
outlet: 𝑟𝑟0 

100mm 

Height of 
honeycomb 

80mm Radius of 
convection 
region: 𝑟𝑟w 

600mm 

Commercial CFD package (Fluent) is employed to 
simulate transient, incompressible, 3-D tornado-
like vortex, where the finite volume-based SIMPLEC 
scheme is used for the numerical solution with time 
step size dt=0.001s. Moreover, the second-order 
central difference scheme is applied for the 
convective and viscosity term, and the bounded 
second-order implicit scheme is applied for the 
unsteady term. Considering the better 
performance of LES in turbulence modeling, it is 
selected to generate high-fidelity data, while RANS 
is chosen to generate low-fidelity data. 

2.2 Numerical results 

The mean tangential velocity forms a funnel shape 
on the radial-vertical plane, as shown in Fig. 2. The 
mean tangential velocity at height of ℎ/ℎ𝑚𝑚𝑚𝑚𝑚𝑚 = 1 
from numerical simulation is plotted in Fig. 3, in 
which the radius and velocity are respectively 
normalized by the core radius (𝑟𝑟max) and maximum 
tangential velocity (𝑉𝑉tan,max). Moreover, Rankine 
model results, the experimental data [11] [12], field 
measurement data of the Spencer tornado [13] are 
also presented for comparison. Fig. 2b Although 
the current numerical simulation results match 
better with the Spencer tornado compared to the 
Rankine models results, significant discrepancies 
still exist especially inside the vortex core. 
Considering the reconstruction accuracy of the 
Spencer tornado is very sensitive to the parameters 
of associated with the Ward-type tornado 
simulator, an optimization strategy based on the 

surrogate model is then developed to find out 
these best initial parameters. 

Figure 2. Simulation of tornado: spatial tangential 
velocity 

Figure 3. Simulation of tornado: tangential velocity 
along the radial 

3 Cokriging-based optimization of 
tornado-like wind simulation 

3.1 Multi-fidelity surrogate modeling 

The high accuracy of surrogate modeling requires a 
large number of high-fidelity training data. While 
the LES-based simulation can generate high-fidelity 
data, it is difficult to generate sufficient samples 
due to high computational cost. RANS-based 
simulation needs less computational cost, it can 
only generate low-fidelity data. For the sake of the 
balance between accuracy and efficiency, the 
multi-fidelity surrogate model may be a superior 
choice. Specially, the cokriging model is utilized to 
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effectively integrate multi-fidelity data obtained 
from both RANS and LES simulations by 
constructing the covariance matrix. Assuming that 
two sets of data with different fidelities are as 
follows 

𝐗𝐗 = �𝐗𝐗𝐋𝐋𝐗𝐗𝐇𝐇
� ,𝐘𝐘 = �𝐘𝐘𝐋𝐋

(𝐗𝐗𝐋𝐋)
𝐘𝐘𝐇𝐇(𝐗𝐗𝐇𝐇)�   (1) 

where 𝐗𝐗𝐋𝐋 and 𝐗𝐗𝐇𝐇 are low- and high-fidelity inputs, 
respectively; and 𝐘𝐘𝐋𝐋  and 𝐘𝐘𝐇𝐇  are corresponding 
outputs. Based on the Markov property 
assumption, high-fidelity function ( 𝑍𝑍𝐻𝐻 ) is 
considered to be uncorrelated with the low-fidelity 
function (𝑍𝑍𝐿𝐿) [14] 

Cov�𝐘𝐘𝐇𝐇�𝐗𝐗(𝑖𝑖)�,𝐘𝐘𝐋𝐋(𝐗𝐗)|𝐘𝐘𝐋𝐋�𝐗𝐗(𝑖𝑖)�� = 0,∀ 𝐗𝐗 ≠ 𝐗𝐗(𝑖𝑖) (3) 

Following the study of [14] and [15] high-fidelity 
function is expressed as 

𝑍𝑍𝐻𝐻(𝐗𝐗) = 𝜌𝜌𝑑𝑑𝑍𝑍𝐿𝐿(𝐗𝐗) + 𝑍𝑍𝑑𝑑(𝐗𝐗) (4) 

where 𝜌𝜌𝑑𝑑 is regression parameter, which could be 
numerically estimated (Kuya et al., 2011). The 
predicted value of cokriging modeling 𝐘𝐘�(𝐗𝐗∗)  at 
point 𝐗𝐗∗ can be obtained 

𝐘𝐘�(𝐗𝐗∗) = �̂�𝜇 + 𝐜𝐜𝐓𝐓𝐂𝐂−𝟏𝟏(𝐘𝐘− 𝟏𝟏�̂�𝜇) (5) 

�̂�𝜇 = 𝟏𝟏𝐓𝐓𝐂𝐂−𝟏𝟏𝐘𝐘/𝟏𝟏𝐓𝐓𝐂𝐂−𝟏𝟏𝟏𝟏  (6) 

𝐜𝐜 = �
𝜌𝜌d𝜎𝜎L2𝚿𝚿𝐋𝐋(𝐗𝐗𝐋𝐋,𝐗𝐗∗)

𝜌𝜌𝑑𝑑2𝜎𝜎L2𝚿𝚿𝐋𝐋(𝐗𝐗𝐇𝐇,𝐗𝐗∗) + 𝜎𝜎d2𝚿𝚿𝐝𝐝(𝐗𝐗𝐇𝐇,𝐗𝐗∗)
�   (7) 

𝐂𝐂 = �
𝜎𝜎L2𝚿𝚿𝐋𝐋(𝐗𝐗𝐋𝐋,𝐗𝐗𝐋𝐋) 𝜌𝜌d𝜎𝜎L2𝚿𝚿𝐋𝐋(𝐗𝐗𝐋𝐋,𝐗𝐗𝐇𝐇)
𝜌𝜌d𝜎𝜎L2𝚿𝚿𝐋𝐋(𝐗𝐗𝐇𝐇,𝐗𝐗𝐋𝐋) 𝜌𝜌𝑑𝑑2𝜎𝜎L2𝚿𝚿𝐋𝐋(𝐗𝐗𝐇𝐇,𝐗𝐗𝐇𝐇) + 𝜎𝜎d2𝚿𝚿𝐝𝐝(𝐗𝐗𝐇𝐇,𝐗𝐗𝐇𝐇)� (8) 

where 𝚿𝚿 is the correlation function matrix; 𝜎𝜎2  is 
the variance; the subscripts H, L and d represent 
high, low and difference function, respectively. 

3.2 Experimental design 

In the numerical simulation of tornados-like vortex, 
it is noted that the inflow angel (𝜃𝜃 )significantly 
contributes to the swirl ratio defined as the ratio of 
rotational energy to the convective energy in the 
vortex,which has a strong influence on the vortex 
structure and the spatial distribution of flow fields. 
In addition, the tornado translation effects would 
disturb the symmetry of tornado-like vortex 
especially in the near-ground region. Accordingly, 
the inflow angles (𝜃𝜃 ) and translation speed of 
ground (𝑉𝑉𝑇𝑇) are considered as the parameters for 
optimization. 

The uniform design is applied in this work to 
effectively obtain the information involving the 
relationship between outputs of the tornado 
simulation and inputs of the selected two 
parameters. Specifically, a fractional factorial 
design is employed with uniform arrangement of a 
reasonable number of design points in parameters 
space. As shown in Fig. 4, 21 samples formed by the 
uniform design table 𝑈𝑈21∗ (217) with deviation 𝐷𝐷 of 
0.0697 are generated based on the low-fidelity 
simulation, along with 5 samples from the high-
fidelity simulation 

Figure 4. Multi-fidelity sampling plan 

3.3 Experimental design 

The procedures of parameters optimization are 
shown in Fig. 5. Firstly, the simulation of tornado is 
implemented based on initial parameters and the 
objective function is found by introducing 
measurements of tornado. Afterwards, parameters 
optimization is carried out by minimizing the 
objective function. Lastly, optimal parameters 
would be applied to CFD model for generating the 
tornado-like wind field, which may agree well with 
measurements. However, parameters optimization 
is computationally challenging, as time-consuming 
CFD analyses participate in every iteration. To 
enhance the optimization efficiency, CFD 
simulation is replaced with surrogate model in 
parameters optimization process. The first step for 
surrogate model construction is experimental 
design, which consists of parameters selection and 
sampling plan. As mentioned previously, 𝜃𝜃 and 𝑉𝑉𝑇𝑇 
are considered for the parameters to optimization 
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and the uniform design is applied to sampling. The 
low- and high-fidelity data respectively obtained 
from RANS and LES simulations at sampling points 
are utilized to construct the cokriging model. Once 
the multi-fidelity surrogate model is established, it 
could be used to efficiently estimate tornado-like 
wind field of arbitrary parameters. It is noted that 
the major computational cost of establishing the 
surrogate model results from the generation of 
multi-fidelity data by CFD simulation, but they 
could be implemented in parallel. 

Optimization Optimal parameters  Tornado-like windCheck 
convergence

Modified parameters 

SimulationInitial parameters

Experimental design Cokriging model construction
High-fidelity data

Low-fidelity data
CFD analyses

CFD simulationYes

No

Surrogate model

Figure 5. Flowchart of simulation parameters 
optimization. 

4 Tornado-like wind-induced long-
span bridge response 

4.1 Long-span bridge model based on CSD 
scheme 

As shown in Fig. 6, the example bridge is a 
suspension one with span arrangement of 
470+1490+470m. The finite element (FE) model-
based CSD approach is used to evaluate the wind-
induced response of long-span bridge under a 
tornado-like vortex. The spine-beam model is 
employed to investigate the global behaviors of 
bridge for its high efficiency and acceptable 
accuracy. The geometric nonlinearity resulting 
from the sag effect of the suspension cable is 
calculated by the Ernst equation. The FE model of 
the example bridge for its first 10 modal properties 
has been validated in the authors’ previous work 
[16]. 

(a) Elevation configuration

(b) Geometric configuration of bridge deck
Figure 6. Configuration of proposed bridge

4.2 Tornadic wind field based on CFD 
scheme 

The Spencer tornado is selected as the target wind 
to be generated with the 𝑉𝑉tan,max of 81𝑚𝑚/𝑠𝑠, 𝑟𝑟max 
of 120𝑚𝑚 , and ℎ𝑚𝑚𝑚𝑚𝑚𝑚  of 20𝑚𝑚 . The tornado-like 
numerical model optimization is implemented 
based on the method developed in Section 3, 
resulting in the optimal parameters of 
[tan𝜃𝜃 𝑉𝑉𝑇𝑇] = [3.11 0.055] . The horizontal 
profiles of the tangential velocity based on CFD 
simulation, measurements and cokriging modeling 
results are illustrated in Fig. 7. It is noted that the 
similitude theory is employed introduced to relate 
the numerical simulation to full-scale 
measurements, where the velocity scale is defined 
by the ratio of the maximum tangential velocity 
between full-scale measurements and simulation 
(𝜆𝜆V = 𝑉𝑉tan,max

m /𝑉𝑉tan,max
s ) and length scale is the 

ratio of the core radius (𝜆𝜆r = 𝑟𝑟maxm /𝑟𝑟maxs ). At height 
of ℎ = ℎ𝑚𝑚𝑚𝑚𝑚𝑚 , the CFD-based and cokriging-based 
results agree well with measurements at ℎ = 20𝑚𝑚. 
Also, the CFD-based results at height ℎ =
2.45ℎ𝑚𝑚𝑚𝑚𝑚𝑚  also agree well with measurements at 
ℎ = 80𝑚𝑚  (see in Fig. 7). These observations 
indicate that the CFD-based tornado-like wind field 
may accurately reproduce the flow feature of the 
Spencer tornado between ℎ = 20𝑚𝑚 and ℎ = 80𝑚𝑚. 
Hence, the Spencer tornado at the elevations of 
bridge deck (ℎ = 69.3𝑚𝑚) could be obtained by CFD 
simulation with parameters optimized using 
cokriging approach. 

Figure 7. Comparison of the full-scale
measurements, CFD-based and Cokriging-
based results 
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4.3 Transient wind-induced response 
analysis scheme 

Considering the large response induced by the 
tornadic winds, aeroelastic consideration is needed 
here. The motion-induced aeroelastic loads in time 
domain are typically modeled based on indicial 
response function, due to its better physical 
interpretations of wind-induced effects on the 
bluff-body [17]. In previous studies by authors [18], 
a transient aerodynamic model based on the 
indicial response function is proposed to deal with 
the aeroelastic loads subject to the tornado-like 
winds. 

𝜑𝜑𝑦𝑦𝑚𝑚[𝑡𝑡;𝑈𝑈(𝜏𝜏)] = 1 − ∑ 𝑎𝑎𝑖𝑖𝑦𝑦𝑚𝑚𝑁𝑁
𝑖𝑖=1 𝑒𝑒−𝑏𝑏𝑖𝑖𝑖𝑖𝑖𝑖

𝑈𝑈(𝜏𝜏)
𝐵𝐵 𝑡𝑡 (9) 

where parameters 𝑎𝑎  and 𝑏𝑏  are coefficients 
estimated with flutter derivatives; 𝑁𝑁  is a 
parameter determined from the aerodynamics 
properties of the bridge deck; subscript 𝑦𝑦  and 𝑥𝑥 
represent aeroelastic loads (output) and motion 
(input), respectively; 𝑈𝑈 is a in-coming mean wind 
speed; B is the characteristic width of bridge 
deck. As shown in Fig. 8, indicial response varies 
along with two time scales in tornado events. The 𝑡𝑡 
relates to the time scale with respect to the flow 
wake convection, while the 𝜏𝜏  indicates the 
variation of wind-structure interaction system.  

Figure 8. 2-D aeroelastic indicial response 
function 

Combining the bridge model based on CSD scheme 
with tornadic wind field based on CFD scheme, the 
wind-induced long-span bridge response 
considering aeroelastic loads under the tornado 
could be processed. Fig. 9 displays the time history 
of the vertical and torsional displacement of bridge 

deck at the mid-span subjected to a tornado with 
the consideration of both quasi-static theory-based 
and 2D indicial function-based aeroelastic loads. 
For the simulation results using the quasi-static 
theory, both vertical and torsional response varies 
rapidly due to tornadic wind characterized by high 
speed and short duration. The dynamic simulation 
results considering aeroelastic loads exhibit a 
similar tendency with quasi-static analysis results, 
however, large oscillations can be observed. The 
oscillation suggests both vertical and torsional 
response consists of more frequency component. 
The maximum peak value difference of vertical and 
torsional response between quasi-static and 
dynamic analysis are 17.76% and 59.35%, 
respectively. These noticeable difference of both 
vertical and torsional response highlights the 
important contribution of the transient bridge 
aerodynamics. 

(a) Vertical response

(b) Torsional response
Figure 9. Comparison of bridge response at 

center of main span 
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5 Concluding Remarks 
The tornado-like wind was numerically simulated 
using tornado-like model based on CFD scheme, 
where model parameters of inflow angle and 
translation speed were optimized based on 
cokriging method. The response of an example 
long-span bridge under tornadic wind field based 
on coupling of CFD and CSD approach was 
presented in this work. Some conclusions can be 
summarized as follows: 

(1) A Ward-type tornado-like wind numerical
simulation based on LES technique presented a
typical funnel shape similar to real-world tornado
vortex. Although the tangential velocity exhibited a
similar variation tendency with the full-scale
measurements, a noticeable deviation in values
was observed.

(2) The multi-fidelity surrogate model based on
cokriging scheme could effectively integrate low-
fidelity and high-fidelity data, and showed
excellent performance in efficient and accurate
simulation of target wind field of a tornado. The
surrogate model-based optimization strategy
conjunct with available field-measurement data
provided effective guidance on initial parameters
selection for improve tornado-like wind numerical
simulation.

(3) The optimized CFD-based tornado-like wind
approaching to the long-span bridge was
characterized by nonuniform, high velocity and
short duration, and accordingly the important
contribution of the transient aerodynamics to
tornadic wind-induced bridge response has been
highlighted.
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Abstract 
Rail-cum-road truss bridges are rapidly developing, and frequent cracking in freshly poured deck 
concrete is of great concern. For the performance of such a load-bearing deck, it is necessary to 
understand its stress status due to short-term shrinkage. Taking a newly-constructed rail-cum-road 
truss bridge as the case project, this paper, by ANSYS finite element simulation, mainly analyzed the 
stress distribution in deck concrete under short-term action of shrinkage. Shrinkage of one deck 
panel and two companion specimens shortly after the concrete pouring was measured through in-
situ testing. It was found that the free shrinkage of companion specimens at 40 days is 140~150 
micro strains, significantly higher than that indicated by the current code. Under the action of short-
term shrinkage, tensile shrinkage stress in the magnitude of 1,5~3,5 MPa is present in the deck, 
triggering potential cracking, and its effect shall therefore not be neglected. 

Keywords: short-term shrinkage; composite bridge deck; rail-cum-road bridge; in-situ testing; finite 
element simulation. 

1 Introduction 
The early cracking of concrete bridge decks has 
recently caused rising attention in the bridge 
engineering industry. Retzepis in Germany 
reported extensive cracking on the top surface of a 
typical slab bridge. The cracks appeared, primarily 
diagonal and surface located, shortly after concrete 
compacting and smoothing. The crack width mainly 
was in the range of 0,1~0,55 mm. However, some 
cracks reached the width of 1,8 mm or 3 mm in the 
extremity [1]. Similar damage has been reported in 
Finland and China [2, 3]. 

It is speculated that such cracking is caused by 
short-term shrinkage due to dehydration of the 
concrete surface [4]. Modern concrete tends to 
develop strength more rapidly, and so could the 
shrinkage [5]. In continuous testing of shrinkage 
strain up to 133 days, Zhang et al. demonstrated 
that shrinkage develops much more rapidly at an 
earlier stage of the cement hydration process. The 
portions of shrinkage taking place during 7 d, 7~21 
d, 21~42 d, 42~70 d are 72,5%, 19,7%, 5,3%, 2,5%, 
respectively, of the total amount of 70 days [6]. 

Although domestic and abroad researchers have 
gained tremendous knowledge on long-term 
drying shrinkage [7], studies on short-term 
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shrinkage are insufficient. Current code provisions 
have yet dealt with the early age deformation in 
sufficient depth and could underestimate the 
shrinkage [8], and further research is required. 

Rail-cum-road truss bridge is a structure regaining 
popularity due to less demand on land use and 
economic cost. With a planar dimension of such 
bridge decks reaching the order of magnitude of 
several hundred meters, the deck concrete shrinks 
non-uniformly. As truss girders provide high rigidity, 
thus more restraint to the bridge deck, potential 
concrete cracking due to restrained shrinkage in 
such structures is of great concern [9]. 

Zhu demonstrated that concrete shrinkage plays a 
critical role in long-term stress and deflection 
development in a composite deck system [10]. 
While shrinkage of decks in concrete bridges and 
some steel-concrete composite bridges has been 
studied more extensively, research on secondary 
shrinkage stress of concrete bridge decks in truss 
bridges is still rare. 

Therefore, taking a newly-constructed truss bridge 
in Guangdong Province as a case study, this paper 
adopts finite element software ANSYS for 

preliminary evaluation of secondary shrinkage 
stress in deck concrete. In-situ shrinkage tests were 
carried out to measure the development of 
shrinkage with the age of concrete and the 
resulting secondary shrinkage stress. We 
recommend a formula that can estimate the 
magnitude of short-term shrinkage strain based on 
test results. A refined analysis considering both 
short-term shrinkage and actual construction 
stages shows results coinciding well with measured 
secondary shrinkage stress, indicating the validity 
of the simulation method adopted in this paper. 
Our work demonstrates that short-term shrinkage 
has a critical effect on the bridge deck and should 
be fully considered in the design. 

2 Materials and Methods 

2.1 Case Study Bridge 

The newly constructed Nansha Port Bridge has a 
main span of 175 m which is the largest among rail-
cum-road continuous parallel-chord truss bridges 
in China [11]. The bridge consists of 30 truss panels, 
with an internode length of 12,5 m for the central 
and 12,75 m for the two side spans, see Figure 1. 

Figure 1. Elevation of the bridge spans (mm) 

The bridge's cross-section is shown in Figure 2, 
where the center-to-center distance of the two 
main trusses is 15,0 m. A two-direction six-lane 
highway deck of 34,2 m width is located at the top 
of the truss bridge. The highway bridge deck is a 
steel-concrete composite slab with perforated 
steel plate shear connectors (Figure 3). The deck is 
supported on densely distributed crossbeams and 
multiple stringers, where shear studs are provided 
on all crossbeams and the side trusses. Figure 4 
shows the beam layout for half of the central span 
deck panels, and each truss panel is longitudinally 
supported on four evenly distributed crossbeams. 

The bridge deck is designed as a cast-in-place 
structural component. For minimizing the 
detrimental effect of negative bending moment 
and concrete tensile stress over the bridge pier 
region, the deck concrete in truss panels near the 
pier region is not poured until all that is located in 
the positive moment region has been cast. 
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Figure 2. Cross-section of the bridge (mm) 

Figure 3. Structural diagram of the composite deck 

Highway crossbeams

Centerline of interior support  bridge centerline

28×3125=87500

33
50

0

Figure 4. Supporting beam layout of the deck (mm) 

2.2 Shrinkage Strain Specified in Code 

Similar to CEB-FIP Model Code, the Chinese 
highway concrete bridge design standard provides 
procedures for estimating concrete shrinkage 
strain [12]. The axial shrinkage strain, ( ),cs st tε , 

occurring between times st  and t  in plain 
concrete can be predicted using Eqn. (1): 

( ) 0, ( )cs s cs s st t t tε ε β= ⋅ −       (1) 

where 0csε  is the basic shrinkage strain for a 
particular concrete and relative humidity, given by 

Eqn. (2), and ( )s st tβ −  is a coefficient given by Eqn. 
(5) to describe shrinkage development between
times st  and t  as a function of the effective 
thickness of the member. 

0 ( )cs s cm RHfε ε β= ⋅             (2) 

[ ] 6
0( ) 160 10 (9 / ) 10s cm sc cm cmf f fε β −= + − ⋅    (3) 

where cmf  is the mean cylindrical compressive 
strength at 28 days, MPa, empirically reflecting 
water/cement ratio and cement content. For 
concrete grades C25~C50, ,0.8 8cm cu kf f= +  MPa, 

where ,cu kf  is the characteristic cubic compressive 
strength of concrete at 28 days with a 95% 
guarantee. 0cmf  is taken as 10 MPa. scβ  is the 
coefficient that depends on the type of cement, 
taking 5,0 for ordinary Portland cement or quick-
hardening cement. The coefficient that accounts 
for the effect of relative humidity on shrinkage RHβ
is calculated as in Eqn. (4) for RH  between 40 and 
99%: 

3
01.55 1 ( / )RH RH RHβ = −      (4) 

where 0RH =100%, RH =relative humidity of the 
ambient atmosphere in percent. 

Eqn. (5) gives the development of shrinkage with 
time: 

0.5

1
2

0 1

( )
( ) /

350( / ) ( ) /s s
s

s

t t
t t t

h h t t t
β − =

−

+ −

 
 
 

   (5) 

where given by Eqn. (6), h  is the effective 
thickness in mm to account for the volume/surface 
ratio: 

2 /h A u=  (6) 

A  is the cross-section area in mm2; u  is the 
perimeter of the cross-section exposed to the 
atmosphere, mm. 

Other parameters in Eqn. (5) are: 0h =100 mm; t  is 

the age of the concrete in days; st  is the age of the 
concrete in days when shrinkage started, generally 
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taken as the age at the end of moist curing, which 
is suggested as 3~7 days in the code; 1t =1 day. 

2.3 Finite Element Model for Shrinkage 
Stress Analysis 

A hybrid finite element model was set up using 
ANSYS software to obtain stress distribution in the 
bridge deck due to concrete shrinkage. The model 
consists of the entire bridge structure. While most 
steel truss members are modeled with beam 
element Beam188, shell element Shell63 is 
adopted for modeling upper chords of the main 
truss and tied to connecting beam elements. The 
concrete deck is modeled as continuous solid 
element Solid45. Figure 5 shows the finite element 
model of the entire bridge. 

Concrete shrinkage is simulated as an equivalent 
temperature drop described in Eqn. (7). 

( ),cs st t Tε α= ⋅∆                (7) 

( ),cs st tε  is the shrinkage strain at time t , and α  
is the coefficient of thermal expansion or 
contraction, taken as 10 × 10-6/oC.  

(a) Overview of the entire truss bridge

(b) Cross-sectional view of the central portion

Figure 5. Finite element model 

2.4 In-Situ Testing of Short-Term Shrinkage 

In-situ field testing of shrinkage strain in the 
highway bridge deck of Nansha Port Bridge was 
conducted during deck construction. Vibrating 
chord strain gauges were embedded into the deck 
concrete to measure the strains due to short-term 
shrinkage. The truss panel B4'-B5' in the middle of 
the side span was selected as the testing object. A 
total of six strain gauges were mounted on the 
shear studs or steel reinforcing bars through the 
holes of the perforated steel plates. There were 
two strains gauges at three locations: above the 
main truss, above the crossbeam, and in the middle 
of the deck panel. Half of the strain gauges were 
oriented in the longitudinal direction and the other 
half in the transverse direction, see Figure 6. 

Figure 6. Schematic drawing of the testing panel 
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To minimize the effect of temperature variation 
during construction on the measured strain in the 
bridge deck, two companion temperature-
compensation specimens of 30 cm × 30 cm × 60 cm 
were cast while pouring concrete for the deck. One 
of the specimens is made from plain concrete, and 
the other has the same reinforcement ratio as the 
bridge deck. Both specimens were cured under the 
same condition as the bridge deck and allowed to 
deform freely. A vibrating chord strain gauge was 
embedded longitudinally into the center of each 
specimen. 

3 Results and Discussions 

3.1 Measured Shrinkage 

3.1.1 Free Shrinkage in the Companion 
Specimens 

The strain measurement of the companion 
specimens allowed for free shrinkage and was 
adjusted for water spraying and temperature 
variation during curing. Figure 7 shows the 
modified strain of the two concrete specimens. The 
shrinkage in the reinforced concrete specimen and 
the plain concrete specimen is almost identical, 
amounting to 140~150 micro strains at 40 days, 
with the latter slightly larger. The reinforcement 
provides some internal restraint for shrinkage 
deformation, although the difference is less than 
ten micro strains from test observation. 
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(a) Reinforced concrete specimen
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(b) Plain concrete specimen

Figure 7. Measured free shrinkage strain 

3.1.2 Restrained Shrinkage in the Bridge Deck 

Since the strain gauge at Point 6 was damaged, no 
data was available for transverse strain above the 
crossbeam. Similarly, stable contraction of the 
bridge deck did not occur until ten days after 
concrete placement because of water-spray curing. 
Therefore, the measured strain of the first ten days 
was omitted, and compensation for temperature 
variation was also considered. 

The amount of short-term shrinkage varies at 
different locations of the bridge deck. Figure 8 
summarizes the strain measurement at various 
positions, grouped in longitudinal and transverse 
directions. Concrete shrinkage in the longitudinal 
direction is slightly larger than in the transverse 
direction, reaching 45~55 micro strains at 32 days. 
For positions between the supporting grillage 
(Point 3 in the longitudinal direction and Point 4 in 
the transverse direction), the measured 
deformation is more significant than their 
counterparts just above the main truss or the 
crossbeam due to stronger restraint at the 
supports. The measured strain above the main 
truss is generally smaller than those above the 
crossbeam, indicating more substantial restraint 
from the truss. 
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(a) Measuring points in the longitudinal direction
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(b) Measuring points in the transverse direction

Figure 8. Measured strain of the bridge deck at
various positions 

3.2 Calculated Shrinkage from Finite 
Element Analysis 

3.2.1 Initial Assessment based on Code 
Provisions 

For the case study bridge designed with C60 
concrete and Portland cement 52,5, scβ =5,0, and 

cmf =48 MPa, ( )s cmfε  equals 370 µε. As relative 
humidity at the bridge site in Guangdong Province 
is 80,6%, RHβ =0,738, the basic shrinkage strain 

0csε  is estimated as 273 µε. Because of the 
presence of the bottom steel plate, the composite 
bridge deck is exposed to air only on the top 
surface. Consider a one-meter strip of the deck, 
and the calculated effective thickness h  is 390,8 
mm. This effective depth is relatively thick, so

shrinkage slowly develops because moisture 
diffuses out of the concrete much slower. 
Assuming the start of shrinkage st  of 3 days, at the 
age of 365 days, roughly only 25% of total 
shrinkage develops. The development of shrinkage 
with time is predicted using Eqn. (1) and shown in 
Figure 9. An equivalent temperature drop is then 
applied to the finite element model, and the initial 
stress analysis was conducted considering the 
casting sequence of deck construction. 

Figure 9. Development of shrinkage strain as 
estimated from code provisions 

Two highly restrained locations (above the main 
truss and above the crossbeam) were chosen for 
comparison. Figure 10 shows the development of 
restrained shrinkage stress on the top surface of 
the composite deck at different sections and 
locations. The secondary shrinkage stress increases 
with time for longitudinal and transverse stress, 
and the stress above the main truss is always higher 
than that above the crossbeam. At all positions, the 
longitudinal stress is larger than the transverse 
stress. The restrained stress at the pier section is 
slightly smaller than that at the midspan section. 
However, the secondary shrinkage stress 
computed according to the code specified 
shrinkage is insignificant, reaching 0,96 MPa 
longitudinally and 0,47 MPa transversely at 91 days. 
The most considerable stress is found at the 
midspan section above the main truss, where the 
amount of restraint is substantial. 
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(a) Stress in the longitudinal direction
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(b) Stress in the transverse direction

Figure 10. Development of secondary shrinkage 
stress 

3.2.2 Refined Assessment based on Measured 
Shrinkage 

Figure 11 compares measured free shrinkage with 
that estimated from code provisions. The 
measured shrinkage strain is significantly larger 
than the code estimate throughout the test period 

of 6 weeks since the concrete pouring.
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Figure 11. Comparison of measured free shrinkage 
strain and code estimates 

Based on shrinkage test results, an exponential 
form of shrinkage development curve was 
proposed for the concrete (i.e., C60 with Portland 
cement type 52,5), assuming shrinkage starts at 
three days. The shrinkage strain at t days can be 
calculated as in Eqn. (8): 

( )
3
3, 3 174 ,3 42t

cs t e tε
−
−= < ≤        (8) 

This shrinkage development equation may be 
consulted in applications where short-term 
shrinkage is concerned. The equivalent 
temperature drop calculated from Eqns. (7) and (8) 
was then applied to the finite element model to 
obtain the resulting stress in the bridge deck. 

The secondary shrinkage stress distribution from 
refined simulation generally follows the same 
trend as the initial assessment based on code 
provisions. However, secondary shrinkage stress 
from the refined analysis is significantly more 
significant than that from the initial assessment 
throughout the first 42 days after concrete pouring. 
The shrinkage stress due to restraint from the 
supporting trusses and crossbeams reaches 
1,5~3,5 MPa, several times predicted from the 
initial assessment. 

The resulting secondary shrinkage stress due to 
restrained deformation is calculated from the 
relative difference of measured strains between 
the bridge deck and the companion specimen, 
where concrete's modulus of elasticity is 3,6 × 105 
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MPa. Figure 12 compares the measurement from 
shrinkage tests and the predicted development of 
secondary shrinkage stress of the bridge deck from 
the refined analysis. 
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Figure 12. Comparison between calculated and 
measured secondary shrinkage stress of the bridge 

deck at various positions 

It is observed that the secondary shrinkage stress 
from ANSYS simulation generally agrees well with 
the field measurements, demonstrating the validity 
of the finite element model adopted in this analysis. 
However, the deviations at Points 3 and 4 are 
slightly more significant. These two points are 
located above the supporting grillage where PBL 
shear connectors are provided in the case study 
project but were not considered in the finite 
element analysis. The shrinkage stress due to 
restraint from the supporting trusses and 
crossbeams could well reach 3,5 MPa; the stronger 
the restraint, the larger the secondary stress. Since 
the free shrinkage of the reinforced concrete 
specimen is slightly smaller than the plain concrete 
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counterpart, so is the measured stress when 
compared to different companion specimens. 

Under the action of short-term shrinkage, tensile 
shrinkage stress in the magnitude of 1,5~3,5MPa is 
present in the deck above the main trusses and 
crossbeams, triggering potential cracking. In this 
case study bridge, the amount of tensile stress up 
to 3,5 MPa due to restrained shrinkage is 
significantly larger than that predicted from code 
provisions. It also exceeds the specified tensile 
strength of the C60 concrete (that is 1,96 MPa), 
indicating potential concrete cracking. The 
magnitude of the secondary shrinkage stress could, 
to some extent, explain why during field 
observation, numerous cracks were found in newly 
poured concrete [1]. 

The bridge deck supported on a rigid truss is a 
structural component vulnerable to early concrete 
cracking due to restrained shrinkage. In addition to 
this initial stress state with tensile stress due to 
restrained shrinkage, the deck slab undergoes 
millions of cycles of tensile stress under repetitive 
vehicular loading and temperature gradient during 
service. Attention should be paid to potential 
longitudinal fatigue cracking of the deck above the 
main trusses (similar to Point 5), where apparent 
cyclic tensile stress is present. Once the bridge deck 
is cracking, reinforcement corrosion and concrete 
carbonization accelerate, which is detrimental to 
the durability of the bridge. 

4 Conclusions 
Early cracking of the concrete bridge deck is related 
to short-term shrinkage. With large planar 
dimension and high rigidity, truss bridge faces a 
higher risk of cracking caused by restrained 
shrinkage. This paper studied Nansha Port Bridge 
under short-term shrinkage action for secondary 
shrinkage stress through in-situ shrinkage tests and 
finite element simulations. The following 
conclusions could be drawn: 

(1) The free shrinkage measured in the companion
specimens amounts to 140~150 micro strains at 40
days. Since the reinforcement provides some
internal restraint for shrinkage deformation,
shrinkage in the reinforced concrete specimen is

ten micro strains smaller than that of the plain 
concrete counterpart. 

(2) The measurement for restrained shrinkage of
the deck panel varies with location. Under the
action of short-term shrinkage and external
restraints, tensile shrinkage stress in the
magnitude of 1,5~3,5 MPa is present in the deck
above the main trusses and crossbeams.

(3) The governing Chinses code suggests a free
shrinkage of 70 micro strains at the age of 365 days
for the deck concrete considered, a significant
underestimate of the measured value. The code
provision could correspondingly underestimate the 
secondary shrinkage stress in concrete structures,
and further research is warranted.

(4) An exponential form of shrinkage development
curve in Eqn. (8) could be consulted. When a
refined assessment is conducted with the proposed 
shrinkage development curve, the numerical
simulation agrees well with measured stress,
demonstrating the validity of the analysis method
adopted in this paper.
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Abstract 

Zhangjinggao Yangtze River Bridge has a main span of 2300 m, and a tower height of 350 m.  A 
huge bending moment at the tower bottom under operation loads would happen if the traditional 
fixed restraint system between the saddle and the tower top were adopted. In the actual design, a 
movable saddle was used as a self-balancing device at the tower top, releasing part of the shear 
force, thus reducing the bottom bending moment. Due to friction, the movable saddle on the 
flexible tower complexes the structural calculation model and force transmission mechanism. This 
study established a computational model of the longitudinal movable saddle to analyze the static 
response and the mechanical properties including the consideration of the influence of friction. 
The study shows that the self-balancing system significantly reduced the maximum bending 
moment at the tower bottom under a vehicle load and/or a temperature load. Whereas this 
system increased the bending moment of the tower under a longitudinal wind load. Large friction 
coefficients undermined the effect of the self-balancing system.   

Keywords: suspension bridge; self-balancing system; flexible tower; saddle; structural response. 

1 Introduction 

The tower height of Zhangjinggao Yangtze River 
Bridge reaches 350 m, which needs greater 
stiffness to ensure structural stability. However, 

the increase of the tower stiffness will lead to an 
enlargement of the bending moment at the tower 
bottom, which creates a great challenge for the 
tower's design. The use of practical support and 
restraint devices at the tower top, which partially 
releases the unbalanced cable tensile force, is 
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conducive to reducing the internal stresses of the 
tower, thus the force on the foundation. From this 
idea, a novel support device that can realize the 
saddle to move longitudinally was proposed in the 
design of Zhangjinggao Yangtze River Bridge. A 
structural system for a long-span suspension bridge 
with self-balancing of horizontal force between 
tower and cable was invented. Due to the friction 
between the saddle and the support surface, the 
self-balancing system with the main saddle 
movable at the tower top is different from 
conventional suspension bridges, for which 
detailed research shall be carried out. Relevant 
studies have been conducted mainly for multi-
tower suspension bridges to solve the problem of 
excessive unbalanced cable forces on both sides of 
the middle tower. Several solutions have been 
proposed [1-7]. However, the studied saddles were 
all fixedly constrained with the tower top. The 
structural computational model and force transfer 
mechanism are complicated by the movable 
saddles used on the flexible tower due to the 
influence of friction. In this paper, taking 
Zhangjinggao Yangtze River Bridge as the structural 
context, a computational model of the longitudinal 
movable saddle at the top of the flexible tower 
including friction was established, and the static 
response of the structure and its mechanical 
properties under the operation phase loads such as 
traffic, temperature, and wind were studied.  

2 Engineering Background 

2.1 Overview 

The main cable span of Zhangjinggao Yangtze River 
Bridge is (660+2300+717+503) m with a sagittal 
span ratio of 1/9. The girders are suspended from 
two spans with a split span arrangement of 
(2300+717) m, and the center distance between 
main cables is 42.9m in the cross-bridge direction 
with a standard hanger spacing of 16.0 m. The 
main cable scattering point elevation at the east 

and west anchorages are 47.5 m and 57.5 m, 
respectively. The main cable of the side span has a 
more extended non-hanger area, and an auxiliary 
tower is set at the transition pier position. Each 
main cable has 247 strands, and each strand 
contains 127 zinc-aluminum alloy high-strength 
steel wires of φ5.65 mm with an ultimate tensile 
strength of 2200 MPa. The girders are flat steel box 
girders with wind fairing, which are 4.5 m high in 
the axis direction. The longitudinal slope of the 
bridge deck is 2.4%, with a two-way herringbone 
slope. The elevation layout of the bridge is shown 
in Fig. 1. Rollers were first set to release the 
uneven horizontal force between the main cable 
and the tower top. The relative longitudinal 
movement between the saddle and the tower is 
realized with the rollers. The movement pattern 
and self-balancing device between the saddle and 
tower top are shown schematically in Fig. 2. 

2.2 Design Loads 

2.2.1 Dead load 

The capacity of reinforced concrete was assumed 
as 26 kN/m^3; and the capacity of steel structure 
γ=78.5 kN/m^3. Girder, main cable, hanger, bridge 
tower, pier, and other structures were all modeled 
with the actual weight of the components. 

2.2.2 Service load 

(1) Live load

Vehicle load was designed with the following 
factors: Vehicle load type= highway - classⅠ ; 
impact factor = 0.05; two-way 10 lanes; transverse 
reduction factor = 0.5; longitudinal reduction factor 
= 0.93. According to the section 4.3 of the General 
Specification for Highway Bridge Design (JTG D60-
2015), 𝑞𝑞𝑘𝑘 = 10.5 kN/m, 𝑃𝑃𝑘𝑘  = 360 kN, and when 
calculating the shear effect, the concentrated load 
standard value（𝑃𝑃𝑘𝑘）should be multiplied by a 
factor of 1.2 [8].  

(2) Wind load
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The wind load was estimated according to the 
Specification for Wind Resistance Design of 
Highway Bridges (JTG/TD60-2018) [9]. The average 
maximum wind speed of 10 minutes at the height 
of 10 m for the recurrence period of 100 years is 
31.1 m/s. 

(3) System temperature load

The designed base temperature was 20 ℃, the 
overall temperature rise was 32.5 ℃, and the 
overall temperature drop was 36.2 ℃ .

 Fig. 1. The general layout of Zhang Jinggao Yangtze River Bridge (Unit: m) 

Fig. 2. Self-balancing system saddle and tower top restraint relationship schematic 

2.3 FE model and self-balancing system 
simulation 

2.3.1 FE model 

According to the proposed parameters, the finite 
element (FE) model of the ZhangJinggao Yangtze 
River Bridge was established based on the spatial 
nonlinear analysis system BNLAS. The main cables 
were simulated with the suspension chain trail 
element, the girders and towers were simulated 
with the spatial beam element, and the hangers 
were simulated with tension-only element. The 
tower base is fixed, and the girders end supports 
were simulated according to the actual support of 
the structural system [7]. The gravitational stiffness 
of the structure was added by inputting the 
deformed internal forces of the main cables and 
hangers [7]. The steel box- concrete-filled steel 

tube composite structure has been used for the 
towers and established in the calculation by using 
double elements, i.e., one beam element and one 
tower element sharing the same two nodes. The 
material and cross-sectional properties of the steel 
box and steel pipe restrained concrete were given 
respectively, so their internal forces are distributed 
according to different stiffnesses. The 
computational model achieved the design 
alignment in the dead load condition of the 
structure, and the hanger tensions were more 
uniform under the dead load condition or the 
operational phase load conditions. 

2.3.2 Self-balancing system simulation 

According to the analysis of the self-balancing 
system, when the live load on the bridge is small, 
the horizontal force difference of the main cable 
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on both sides of the saddle on the tower top is less 
than the friction force between the saddle with the 
roller. The saddle and the tower top are equivalent 
to the fixed restraint. The structure is consistent 
with the conventional suspension bridge. When 
the load on the bridge was increased, the 
horizontal force difference of the main cable on 
both sides of the saddle exceeded the friction limit. 
Therefore, the saddle roller moved, and there was 
a relative longitudinal displacement between the 
saddle and the top of the tower. By triggering 
displacement, the horizontal force acting on the 
tower top can be released to reduce the force of 
the bridge tower. 

In this study, the propulsion arm was set at the top 
of the bridge tower. Moreover, the change of 
internal force of the propulsion arm reflects the 
value of the friction force on the saddle of the 
bridge tower. Thus, the model indirectly calculated 
the impact on the saddle sliding towards the whole 
bridge structure system. The calculation schematic 
of the propulsion arm structure is shown in Fig. 3. 
To consider the influence of the abnormal pressure 
generated during the slipping process of the cable 
saddle on the tower's structure, the additional 
bending moment was applied at the tower top. The 
magnitude of the additional bending moment is 
the product of the slip of the cable saddle relative 
to the bridge tower and the vertical pressure of the 
saddle on the tower top.    

Fig. 3. The structure calculation of ZhangJinggao 
Yangtze River Bridge with top push rod 

3 Analysis of self-balancing system of 

the suspension bridge 

To investigate the influence of the self-balancing 
systemon the mechanical properties of the 
suspension bridge, this study established a FE 
model of the longitudinal movable saddle at the 
flexible tower top, considering the influence of 
friction. Then the influence of different friction 
coefficients on the structural forces was studied for 
the sliding between the saddle and the tower top. 
After that, the authors determined the optimal 
friction coefficient and the maximum sliding 
amount of the saddle and calculated the influence 
of the self-balancing system on the overall stiffness 
of the structure. Finally, the design structure of the 
ZhangJinggao Yangtze River Bridge was analyzed. 

3.1 Effect of different friction coefficients 
on structural forces 

The friction coefficient between the saddle and the 
tower top determines the unbalanced cable force 
of the main cable on both sides of the saddle, and 
the oversized friction coefficient will result in 
longitudinal saddle movement under the applied 
load. Four different working conditions with 
friction coefficients of 3‰, 2‰, 1‰, and 0 were 
established to analyze the internal structural force 
and deformation response of the self-balancing 
system under the vehicle load, the temperature 
load, and the longitudinal wind load with different 
friction coefficients. 

3.1.1 Internal forces with different friction 
coefficients 

Fig. 4 and 5 show the bending moments of the 
south tower under the vehicle load and the 
temperature rise load, respectively. Fig. 6 and 7 
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show the bending moments of the north tower 
under the vehicle load and the temperature rise 
load, respectively. Table 1 shows the results of the 
bending moments of the south tower and the 
north tower under the combination of the vehicle 
load and the temperature load with different 
friction coefficients. 

When the friction coefficient is 1‰, the bending 
moment of the south tower is only 37.34%, and 
that of the north tower is 71.96% of the 
conventional suspension bridge under the vehicle 
load condition. In Fig. 5 and Fig. 7, when the 
friction coefficient is 1‰, the bending moment of 
the south tower is only 63.75%, and that of the 
north tower is 82.97% of the conventional 
suspension bridge under the temperature rise load 
condition. In Table 1, after adopting the self-
balancing system, the smaller friction coefficient 
resulted in a larger bending moment reduction at 
the bottom of the tower under the combination of 
the vehicle load and temperature load. When the 

friction coefficient is 0, the bending moment of the 
south tower is only 37.27% of that of the 
conventional suspension bridge. Moreover, the 
bending moment of the north tower is only 37.31%. 
From the above results, it is concluded that 
different friction coefficients were used to 
significantly reduce the bending moments in the 
downstream direction for the self-balancing system. 
Fig. 6 and Fig. 7 show that when the friction 
coefficient is ≥2‰, the saddle at the north tower 
top will not incur movement at the tower top 
under the vehicle load and temperature load alone. 
As seen from Table 1, the reduction of bending 
moment at the north tower bottom is minimal with 
a friction coefficient of ≥2‰ under the 
combination of vehicle load and temperature load. 
Therefore, a friction coefficient between the 
saddle and the tower top no greater than 1‰ is 
necessary for the self-balancing system to function 
effectively in Zhangjinggao Yangtze River Bridge. 

Fig. 4. South tower-vehicle load        Fig. 5. South tower - temperature rise load 
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 Fig. 6. North tower -vehicle load       Fig. 7. North tower -temperature rise load 

Table 1. Bending moment for north and south towers with different friction coefficients 

Structural parameters 

Vehicle load (eccentric) + temperature rise load - internal force results 

The maximum bending 
moment-south tower 

（kN·m） 

Ratio (South 
Tower) 

The maximum bending 
moment-south tower 

moment（kN·m） 

Ratio(North 
Tower) 

Conventional-structure -4.38×106 100.00% 2.16×106 100.00% 

Friction factor 3‰ -2.88×106 65.86% 2.13×106 98.39% 

Friction factor 2‰ -2.46×106 56.16% 1.69×106 77.95% 

Friction factor 2‰ -2.04×106 46.47% 1.24×106 57.50% 

Friction factor 0‰ -1.63×106 37.27% 8.07×106 37.31% 

Table 2. Different friction coefficient north and south tower top tower cable displacement values 

Vehicle load (eccentric) + temperature rise load - internal force results 

Structural parameters 

South Tower North Tower 

Tower 
displace

ment
（m） 

Main cable 
displacement

（m） 

The relative 
displacement 
of tower and 
cable（m） 

Tower 
displacement

（m） 

Main cable 
displacement

（m） 

The relative 
displacement of 
tower and cable

（m） 

Conventional-structure 1.156 1.156 0.000 -0.573 -0.573 0.000 

Friction factor 3‰ 0.830 1.211 0.381 -0.565 -0.573 -0.008

Friction factor 2‰ 0.737 1.219 0.483 -0.467 -0.578 -0.111

Friction factor 2‰ 0.643 1.227 0.584 -0.370 -0.584 -0.214

Friction factor 0‰ 0.554 1.234 0.680 -0.273 -0.589 -0.316

(Note: North tower of the tower, cable to the mid-span displacement is negative) 
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Table 3. Variation of overall structural stiffness for different loading conditions 

Structural stiffness results 

Load case Structural 
System 

Stiffened beam 
deflection (m) 

Beam end corner（‰rad） Beam end displacement（m） 

Left beam  Right beam Left beam  Right beam 

Vehicle load 
CS 3.644 8.65 6.873 0.18 0.245 

FF 1‰ 3.683 8.96 6.934 0.193 0.258 

TR 
CS 2.433 -2.321 5.293 -0.605 0.621 

FF 1‰ 2.45 -2.182 5.319 -0.6 0.627 

L-TR 
CS 6.08 7.379 11.464 -0.418 0.858 

FF 1‰ 6.145 7.901 11.563 -0.396 0.879 

L-TR-LW 
CS 6.056 7.011 11.134 -0.57 0.708 

FF 1‰ 6.154 7.8 11.284 -0.538 0.74 

(Note: L- Vehicle load TR- temperature rise load LW- Longitudinal wind load CS-Conventional structure  Friction factor-FF ) 
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3.1.2 Analysis of the sliding volume of the cable 
saddle 

Table 2 shows the cable displacement at the 
tower top with different friction coefficients 
between the saddle and the tower top. Under the 
combination of the vehicle load and the 
temperature load, when the friction coefficient is 
≤1‰, the south tower saddle produces a slip of 
0.584 m and 0.680 m toward the mid-span 
direction, respectively. The north tower saddle 
produces a slope of 0.214 m and 0.316 m toward 
the mid-span direction. The calculation shows that 
when the friction coefficient is 0, the slip of the 
largest vehicle load with system temperature 
south tower to the side span side does not exceed 
40 cm. 

The above analysis reveals that the self-balancing 
system can effectively reduce the bending 
moment of the tower under the vehicle load, the 
temperature load, and the combination of the 
vehicle load and temperature load. The smaller 
the friction coefficient, the further the reduction. 
When the friction coefficient is ≥1‰, the saddle of 
the north tower will not slide under the vehicle 
load and temperature load, so it is required that 
the friction coefficient between the saddle and 
the top roller to be no greater than 1‰. To avoid 
the slippage of the saddle, when the friction 
coefficient of the actual structure is ≤1‰, the 
saddle at the south tower can be set with a limit 
of -40 (to the side span) to +60 cm (to the middle 
span), and the north tower is set with a limit of 
±30 cm. 

3.1.3 Effect of the self-balancing system on the 
overall stiffness of the structure 

To study the self-balancing system's influence on 
the overall stiffness of the bridge, the model with 
the self-balancing system setup in the south tower 
was used as the research object. The changes in 
the overall stiffness parameters of the structure 
under operation loads and their combinations 
with different friction coefficients were analyzed. 
The structural stiffness indicators considered are 
the vertical deflection of the girder, the left, and 
right girder ends turning angles, and the 
displacement of giider ends. 

Table 3 shows the variation of the overall stiffness 
of the structure in different operation conditions 
when the friction coefficient is 1‰. In Table 2, 
under the four working conditions of vehicle load, 
temperature rise load, vehicle load + temperature 
rise load, and vehicle load + temperature rise load 
+ longitudinal operational wind load, the setting of
the self-balancing system and the use of different
friction coefficients have almost no effect on the
maximum deflection of the girder, the girder ends
turning angles, and displacement on both sides of
the north and south towers.

3.2 Analysis of the actual structural forces 
of the self-balancing system 

Based on the above analysis of the effect of 
different friction coefficients on the structural 
forces, the following scheme was adopted for the 
self-balancing system of ZhangJinggao Yangtze 
River Bridge: the friction coefficients between the 
south and north tower saddles were calculated as 
1‰, the slip limits of the south tower saddles 
were -40 cm to +60 cm, and the slip limits of the 
north tower saddles were ±30 cm. The internal 
force and deformation of the structure under the 
vehicle load, the temperature load, and the 
longitudinal wind load were analyzed using the 
above parameters. 

Fig. 8 vehicle load, temperature rise load tower 
internal force 
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  Fig. 9 longitudinal wind load tower internal force 

Fig. 8 shows the internal force of the tower under 
the vehicle load or the temperature rise load, and 
Fig. 9 shows the internal force of the bridge tower 
under the longitudinal wind load. The above 
results show that with the self-balancing system, 
the maximum moment of the south tower under 
the vehicle load is 50.64% of the conventional 
structural moment. The north tower under 
temperature rise load is 82.93%. The maximum 
moments of the south and north tower bearing 
platform along the bridge are 231.57% and 250.92% 
of the conventional structural moments, which is 
evident that the longitudinal wind load is 
unfavorable for the self-balancing system factor. 
The reason is that the sliding direction of the 
saddle was opposite to the direction of the wind 
load. Under the vehicle load or the temperature 
load, the tower follows the deformation under the 
main cable force, so the restraint between the 
tower and the saddle is released, which can 
reduce the internal force of the tower. Under the 
longitudinal wind, the force acting on the tower is 
larger than that on the main cable. The main cable 
follows the deformation of the tower, which 
releases the longitudinal restraint between the 
saddle and the tower, and is equivalent to 
reducing the horizontal force shared by the main 
cable and releasing the longitudinal restraint of 
the cable on the tower, thus increasing the 
deformation and internal force of the tower. 

4 Conclusion 
The authors studied the design parameters of the 
self-balancing system between towers and cables 

of a super-large span suspension bridge, and the 
static response analysis of the actual bridge design, 
drawinig following conclusions: 

(1) Using the self-balancing system between
towers and cables, under the vehicle load or the
temperature load, the south and north towers
have a significant reduction in the downstream
moment compared with the conventional
structure. Under the longitudinal wind load, which
is an unfavorable factor, the downstream moment
under the self-balancing system increases. For
Zhang Jinggao Yangtze River Bridge, the friction
coefficient between the saddle and the top of the
bridge tower is greater than 1‰.

(2) For the ZhangJinggao Yangtze River Bridge,
under the vehicle load, the temperature load, or
their combination, the maximum moments in the
downstream direction of the south and north
tower bearing platform had significantly reduced
compared with the moment of the conventional
structure, and its value under the combination of
the vehicle load and the temperature load is 45.93%
and 57.59% of that of the conventional structure.

(3) The comprehensive calculation analysis shows
that setting the self-balancing system between the
main saddle and the tower at the tower top does
not affect the structural overall stiffness nor other
mechanical characteristics.
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Abstract 
Steel box-concrete filled steel tube (BCFST) composite tower is a new type of tower structure 
proposed to be used in super-span suspension bridges. BCFST comprises of four concrete-filled 
steel tube (CFST) columns inside and a steel box outside. CFSTs and the steel box are connected 
with each other by steel webs and diaphragm plates. In this study, the combined compressive and 
bending loading experiments of the BCFST were conducted, and the ability of the composite tower 
section to deform together was studied. The experiment showed that the bottom section of the 
composite tower deviated from the plane section after deformation, and the other sections 
approximately maintained the plane section after deformation. The calculation method of the 
compression-bending capacity of the composite cable tower was proposed, which can provide a 
reference for the application of the composite tower in practical engineering. 

Keywords: composite tower; concrete filled steel tube; lattice column; plane section assumption; 
compression-bending capacity. 

1 Introduction 
Concrete-filled steel tube (CFST) has the 
advantages of high bearing capacity, good seismic 
performance, and convenient construction. It has 
been used more and more in domestic high-rise 
buildings and long-span bridge towers. However, 
as the building height and bridge span continue to 
increase, the size of the components also 
continues to increase. However, due to the 

limitations of processing and construction, the size 
of a single CFST cannot be too large, so the CFST 
lattice column is gradually applied in engineering. 
When CFST lattice column is applied to the cable 
tower of a super-span suspension bridge, the 
aerodynamic shape of the tower itself needs to be 
considered. Therefore, this study proposed a new 
type of cable tower, a steel box-concrete filled 
steel tube (BCFST) composite tower. BCFST 
comprises of four CFST columns inside, which 
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mainly bear the axial load, and a steel box outside, 
which mainly bears the bending moment. CFST 
columns and the steel box are connected with 
each other by steel webs and diaphragm plates. 

In recent years, steel-concrete composite towers 
used in long-span cable-stayed bridges and 
suspension bridges are mainly concrete-filled 
double-steel-plate composite structures [1][2], 
steel-reinforced concrete structures [3][4] and CFST 
structures [5][6]. Compared with steel reinforced 
concrete, BCFST has obvious advantages of 
convenient construction; compared with 
concrete-filled double-steel-plate composite 
structures, the circular CFST in BCFST has a more 
obvious constraining effect; In comparison to a 
single CFST structure, the location of CFSTs in the 
steel box-concrete filled steel tube can be flexibly 
adjusted according to actual needs. 

The mechanical properties of CFST under axial 
compressive bending and axial tensile bending 
have been well studied and various capacity 
calculation formulae have been proposed[7][8]. The 
mechanical properties of CFST lattice columns [9-15] 
have also been fully studied. These studies 
provide a solid foundation for the study of the 
mechanical properties of BCFST. On this basis, it is 
necessary to focus on whether the CFST lattice 
column and the steel box can work together, and 
the failure mode of the composite tower under 
axial compressive bending should also be studied 
to propose the calculation method of the capacity 
of the composite tower. 

In this study, the bearing capacity, failure mode, 
ductility, and energy dissipation capacity of the 
composite tower under the axial compressive 
bending loads were explored in the experiment, 
and the ability of the composite tower section to 
deform together was also studied. On this basis, 
the calculation method of the compression-
bending bearing capacity of the composite cable 
tower was proposed, which can provide a 
reference for the application of the composite 
cable tower in practical engineering. 

2 Experiment program 

2.1 Specimen design 

The experiment was based on the BCFST 
composite tower of Zhangjinggao Yangtze River 
Bridge, and two specimens were designed. 
Considering the loading capacity of the test 
equipment, the scale ratio of the specimen was 
1:10. The net height of the piece was 5300mm, 
the length of the outer steel box was 1200mm 
longitudinally and the horizontal width was 
1000mm, along with inner steel tubes whose 
diameter  were 360mm. The geometric 
dimensions and structure of the specimens were 
shown in Figure 1. 

Steel box

CFST
Longitudinal 

clapboard

(a) section

(b) Front view (c) Side view

Figure 1 Geometric dimensions and structure of 
the specimens 

The parameters of the two specimens were shown 
in Table 1. The influence of the thickness of the 
steel box and the longitudinal clapboard on the 
mechanical properties of the composite tower 
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was explored. In specific, the thickness of the steel 
tube, steel box and longitudinal clapboard of the 
specimen T4.0-CFST were 3,63 mm, and the 
diameter-thickness ratio of the CFST was 100; the 
thickness of the steel tube of the specimen T6.0-
CFST was still 3,63mm, and the steel box and the 
longitudinal clapboard thickness was 5,98mm. A 
diaphragm was set every 500mm. Four T-shaped 
stiffeners were set in CFST, with a web height of 
40mm, a flange width of 30mm, and a thickness of 
both web and flange of 3,63mm. Longitudinal 
stiffeners were arranged on the steel box and the 
longitudinal clapboard, with a height of 40mm, a 
thickness of 3,63mm, and an interval of 100mm.  

Table 1 Specimen parameters 

Specimen 
ID 

tBox 
mm 

tTube 
mm 

fcu 
MPa 

fy 
MPa 

fu 
MPa 

T4.0-CFST 3,63 3,63 63,1 325,0 472,1 
T6.0-CFST 5,98 3,63 61,8 325,0 472,1 

2.2 Test set-up and loading program 

The experiment took the form of horizontal cyclic 
loading under constant axial load. The bottom of 
the specimen was embedded in the concrete 
pedestal to form the embedded end. The top of 
the specimen was the cantilever loading end. A 
2000t actuator acted on the top of the specimen, 
and a constant axial load was applied through the 
spherical hinge support; two horizontal actuators 
acted on both left and right sides of the top of the 
specimen, and the horizontal load was applied 
through the hinge joint. 

Concrete 
pedestal

Specimen

Load beam

Horizontal 
actuator

2000t vertical 
actuator

Follow-up rails

anchor bolt

Spherical hinge 

Horizontal 
actuator

anchor bolt

(a) Test set-up
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(b) Horizontal loading program

Figure 2 Test set-up and loading program 

The loading program was designed according to 
the requirements of JGJ/T 101-2015 Building 
Seismic Test Regulations[16]. First, a constant axial 
load of 12000 kN was applied to the specimen. 
The axial compression ratio of specimen T4.0-CFST 
was 0,34, and that of specimen T6.0-CFST was 
0,31. Then, a cyclic horizontal load was applied to 
the specimen by means of displacement control. 
In the estimated elastic stage, the displacement 
cycle of each stage was 10mm, 20mm, 30mm 
respectively; after entering the elastic-plastic 
stage, the displacement cycle of each stage was 
repeated three times for 40mm, 50mm, 60mm, 
80mm, 100mm and 120mm, respectively. The 
loading was terminated when the horizontal load 
was below 85% of the peak load. 

2.3 Measuring 

The layout of the displacement gauge and strain 
gauge was shown in Figure 3. Two horizontal 
displacement gauges were arranged in front of 
and behind the top of the specimen and one 
horizontal displacement gauge was arranged on 
the bottom platform, and the deformation of the 
specimen was monitored by the difference 
between the top and bottom displacement gauges. 
Four vertical displacement gauges were arranged 
at the four corners of the bottom pedestal to 
monitor the rigid body rotation of the pedestal. 

In the middle and lower part of the specimen, 
strain gauges were arranged in four sections, and 
the heights of each section from the top surface of 
the pedestal were 0,25m, 0,75m, 1,25m, and 

313



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

2,75m, respectively. Inside each section, the strain 
gauges were arranged on the outer surface of the 
steel tube, basically in a straight line, and the 
vertical strain at each point was measured to 
monitor the deformation of the plain section 
during the loading; outside each section, the 
strain gauges were evenly arranged on the flange 

of the steel box, and the vertical strain of each 
point was measured. The shear lag effect of the 
flange plate of the steel box can also be observed; 
a triaxial strain gauge was arranged in the center 
of the outer side of the steel box web to measure 
the shear strain. 

0.25m

0.75m

1.25m

2.75m

Measuring section

Displacement gauge

Uniaxial strain gauge

Triaxial strain gauge

5.05m

Figure 3. Displacement gauge and strain gauge arrangement 

3 Experimental results and analysis 

3.1 Experimental phenomena 

The response of the two specimens during the 
loading process could be divided into elastic stage, 
elastic-plastic stage, and failure stage according to 
the experimental phenomenon and the force-
displacement curve. The failure phenomenon was 
shown in Figure 4. The force-displacement 
skeleton curve of the specimens was shown in 
Figure 6. The specific test phenomena were as 
follows.  

When the horizontal displacement was relatively 
small, the specimen was in the elastic stage, and 
there was no obvious phenomenon. When the 
horizontal displacement reached 40mm, slight 
local buckling was observed on the stiffeners of 
the steel box flange at the bottom of the 
specimen indicating that the specimen entered 
the elastic-plastic stage; when the horizontal 
displacement reached 60mm, more obvious local 
buckling appeared on the steel box flange at the 
bottom of the specimen, and the horizontal force 

response was also close to the peak at this time, 
indicating that the specimen entered the failure 
stage.  

(a) T4.0-CFST
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(b) T6.0-CFST

Figure 4. Damage phenomenon 

As the horizontal displacement continued to 
increase, the deformation of the steel box 
continued to develop, and local buckling began to 
appear on the web at the bottom of the specimen 
near the flange of the steel box. Then the flange of 
the steel box was fractured, and the force 
response of the specimen was significantly 
reduced before the specimen was damaged. With 
the bottom steel box removed, it was found that 
there was no obvious phenomenon in the inner 
steel tube. The test phenomena of the two 
specimens were similar, considering the steel box 
of the T6.0-CFST specimen is thicker, therefore the 
occurrence of the local buckling of the flange was 
slightly later.  

3.2 Force-displacement curves 

The horizontal force-displacement hysteresis 
curve of the specimen was shown in Figure 5, the 
horizontal axis represents the relative 
displacement between the top and the bottom of 
the specimen, and the vertical axis represents the 
horizontal force applied to the top of the 
specimen. The hysteresis curves of the two 
specimens were similar in shape, both of which 
were in the shape of a shuttle. The pinching 
phenomenon was not observed in the hysteresis 
curves during reverse reloading after unloading, 
indicating that the integrity of the composite 
tower specimen can be acknowledged, and the 
slippage between the internal steel tube and 
concrete and the cracking of concrete had limited 
influence on the mechanical performance of the 
specimen.  
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(b) T6.0-CFST

Figure 5. Force-displacement hysteresis curve 
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Figure 6. Force-displacement skeleton curve 

The horizontal force-displacement skeleton curves 
of the specimens were shown in Figure 6. It was 
observed that the skeleton curves of the two 
specimens almost overlapped in the elastic stage, 
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which means in the elastic stage, the thickness of 
the steel box and the longitudinal clapboard had 
limited effect on the flexural stiffness, whereas 
the four inner CFST had a more apparent influence. 
The major difference between the two specimens 
appeared in the elastic-plastic stage. When the 
displacement reached 40mm and local buckling 
began to occur on the steel box, due to the larger 
thickness of the steel box, the T6.0-CFST specimen 
had a smaller range of local buckling, and the 
reduction in stiffness was not obvious. In contrary, 
since the thickness of the steel box of the T4.0-
CFST specimen was smaller, and the local buckling 

range was larger, therefore the stiffness 
decreased obviously. However, the displacements 
corresponding to the peak load of the two 
specimens were almost the same. Besides, the 
specimens entered the failure stage, and the 
flange of the steel box was fractured. That was 
when the gap between the skeleton curves of the 
two specimens gradually narrowed. In general, the 
thickness of the steel box and the longitudinal 
clapboard mainly affected the mechanical 
properties of the elastic-plastic stage of the 
specimen, and had limited effect on the elastic 
stage.

Table 2  Main results 

Specimen ID Fy 
kN 

∆y  
mm 

Fp 
kN 

∆p 
mm 

Fu 
kN 

∆u 
mm 

µ 

T4.0-CFST 
1305,9 38 1593,1 82 1354,1 112 2,95 

-1272,6 -35,5 -1631,6 -83 -1386,9 -108 3,04 

T6.0-CFST 
1585,4 40,5 1882,0 66 1599,7 98 2,42 

-1804,1 -44 -1928,7 -82 1639,4 -110 2,50 

The displacement ductility coefficient µ (µ=∆u/∆y）
was used to reflect the ductility of the specimen. 
∆y was the yield displacement of the specimen, 
calculated by the farthest point method [17], ∆u 
was the corresponding displacement value when 
the force response of the specimen dropped to 85% 
of the peak load. The displacement ductility 
coefficient of the specimens and the main test 
results were shown in Table 2. It can be observed 
that the ductility of the specimen T4.0-CFST was 
greater than that of the specimen T6.0-CFST. 
However, this difference was mainly due to the 
additional peak load increase brought by the 
thicker steel box of the T6.0-CFST specimen, which 
made the ultimate load calculated at 85% of the 
peak load higher and the ultimate displacement 
lower. In general, both two specimens had 
sufficient ductility. 

3.3 Strain analysis 

The plain section deformation was shown in 
Figure 7. The data in the figure were half of the 
difference between the strains where the strain 
measurement point ranged from both positive 
and negative peaks under different load levels. 

For the specimen T4.0-CFST, the section remained 
plain section after deformation when the 
horizontal loading displacement was small. When 
the peak load was reached, the strain in this area 
decreased, and the deformation of the section 
began to deviate from the plane section. For 
specimen T6.0-CFST, the deformation of the 
250mm high section deviated slightly from the 
plane section when the loading displacement was 
small. Each CFST and the proximal steel box flange 
maintained a half plain section. However, the two 
half plain sections were not deforming in the same 
plane, but in two planes that were parallel to each 
other. The 750mm high section was similar to the 
section at the same height of the specimen T4.0-
CFST. The plain section can be maintained when 
the displacement was small, and after reaching 
the peak load, it began to deviate from the plain 
section. 
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(a) 750mm high section of T4.0-CFST
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(b) 250mm high section of T6.0-CFST
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(c) 750mm high section of T6.0-CFST

Figure 7. Plane section deformation 

4 Capacity calculation 
It was observed in the experiment that when the 
force response of the specimen reached its peak 
value, the full section of the outer steel box 
flanges and longitudinal clapboard yielded. The 
four inner CFST sections were no longer plain 
sections after deformation, but the deviation was 
not much. In order to easily calculate the 
compression-bending capacity, the section of the 
composite tower was divided into two parts: the 
outer steel structure and the inner CFST lattice 
column, as shown in Figure 8.  On one hand, the 
bending capacity of the outer steel structure was 
calculated by assuming a full-section plasticity, 
and it was also assumed that the outer steel 
structure did not bear the axial load after the full 
section had yielded. On the other hand, the 
modified lattice algorithm[18] was used to calculate 
the compression-bending capacity of the 
composite tower. In brief, the modified lattice 
algorithm assumes a plane section for the lattice 
column and divides the axial force and bending 
moment between CFSTs according to the stiffness 
of each CFST and the force and moment 
equilibrium. The difference between the modified 
lattice algorithm and the traditional lattice 
algorithm is that the former takes the combined 
compression (or tension) and bending of each 
CFST into consideration whereas the former only 
accounts for the pure compression (or tension) of 
each CFST which may lead to an unsafe estimation. 
The sum of the two parts was the total 
compression-bending capacity of the section.  

Outer steel structure Inner CFST lattice column

Figure 8. Calculation model of the capacity of the 
composite tower  

The calculation results of the capacity of the 
composite tower were shown in Table 3. The inner 
CFST lattice columns of the two specimens had 
the same compression-bending capacity, whereas 
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the outer steel structure had different bending 
capacities. The calculation result was accurate and 

safe. 

Table 3  Calculation results of the capacity of the composite tower 

Specimen ID Me (kNm) Mi (kNm) Mo (kNm) Mt(kNm) Mt / Me 
T4.0-CFST 8142,6 3956,3 3843,9 7800,2 0,98 
T6.0-CFST 9622,3 3956,3 5638,5 9594,8 1,00 

Note: Mi was the compression-bending capacity of the inner CFST lattice column; Mo was the bending capacity of the outer steel 
structure; Mt was the total compression-bending capacity of the composite tower section, Mt=Mi+Mo; Me was the compression-
bending capacity obtained by the experiment and was calculated by multiplying the horizontal loading force by the distance from 
the loading point to the tower bottom of 5.05m. 

5 Conclusions 
A new steel box-concrete filled steel tube (BCFST) 
composite tower structure was proposed in this 
study, which was mainly composed of an outer 
steel box and an inner CFST lattice column, which 
can be applied to the super-span suspension 
bridges. A set of compression-bending 
experiments were carried out, and on this basis, 
the calculation method of compression-bending 
bearing capacity of the new composite tower was 
given. The main conclusions were as follows: 

(1) The shape of the hysteresis curve of the BCFST
composite tower under the action of the
compression-bending load was relatively full,
indicating that it had adequate energy dissipation
capacity. The specimens showed sufficient
ductility.

(2) The failure mode of the BCFST composite
tower under the action of the compression-
bending load was mainly local buckling and tensile
fracture of the outer steel box at the bottom
position. The deformation of the inner CFST was
not obvious.

(3) The bottom section of the specimen gradually
deviated from the plane section after deformation.
Except for the bottom section, the other sections
basically remained the plane section after
deformation.

(4) The section of the BCFST composite tower was
divided into the outer steel box and the inner CFST
lattice column to calculate the compression-
bending capacity respectively. The former part
was calculated by assuming a full-section plasticity,

whereas the latter part was calculated by the 
modified lattice formula. The total compression-
bending capacity of the section was obtained by 
adding these two parts together. The calculation 
results were accurate and safe.  
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Abstract 
In order to research the mechanical performance of rail-cum-road double deck steel truss-arch 
composite system bridge, a rail-cum-road double deck steel truss-arch composite system bridge 
with 150m main span  was analyzed. The overall spatial model of the bridge was established by using 
the general finite element software, and the structural response under dead load, vehicle load, rail 
transit load and temperature was calculated and analyzed. Dead load is the main factor causing the 
internal force of long-span composite system bridge. The stiffness of steel arch rib and steel truss is 
only 13.5% and 24% of the composite system, so the steel truss-arch composite system bridge has 
greater overall structural stiffness. In terms of dynamic characteristics, the overall stiffness of steel 
truss arch composite system bridge is great, the first five natural frequencies are all between 0.3Hz 
and 1.5Hz, and there is the possibility of simultaneous multi-mode excitation. 

Keywords: rail-cum-road; steel truss-arch composite system; structural response; stiffness; dynamic 
characteristics. 

1 Introduction 
In order to greatly improve the utilization efficiency 
of urban traffic and improve bridge traffic 
conditions within limited land resources and layout 
space, urban bridge design with double-layer traffic 
or double-deck is a better solution [1]. At present, 
simply supported truss bridges, continuous truss 
bridges or truss arch bridges are commonly used. 
The truss bridges have high stiffness, sufficient 

space and good permeability, and are relatively 
competitive structural forms among such bridges. 

Binzhou Huanghe River Rai-cum-Road Bridge is a 
typical double-deck continuous truss bridge, and its 
main bridge across the Huanghe River is a 
continuous steel truss girder with span 
arrangement (120+3x180+120)m. The main bridge 
is arranged on the upper and lower decks, with the 
highway on the upper deck and the railway on the 
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lower deck [2]. The Chaotianmen Changjiang River 
Bridge in Chongqing is a half-through continuous 
steel truss tied arch bridge with span arrangement 
(190+552+190)m, which has a novel bridge type. 
The upper deck of the bridge includes the urban 
main roads and the outer sidewalks, and the lower 
deck includes the double-line urban light rail in the 
middle, as well as the roadways on both sides [3]. 

Compared with the above mentioned typical 
double-deck bridge schemes, the steel truss-arch 
composite system bridge is a novel bridge structure 
with a large span, which can be used to cross 
important traffic nodes or waterways, and 
supports double-deck traffic or lateral mixed traffic. 
It is a reasonable and reliable new bridge structure 
system. 

At present, steel truss girder bridges are widely 
used at home and abroad, the design theory and 
construction technology are relatively mature, but 
the reference examples of steel truss-arch 
composite systems are very scarce. At present, 
there is no clear design specification for reference, 
so it is necessary to conduct a comprehensive 
system analysis and overall mechanical 
performance research on such structures. 

2 Overview of reference project 
The main bridge of the reference project is a steel 
truss-arch composite system bridge with a main 

span of 150m, which has a double deck layout. The 
main truss is a steel truss girder structure with a 
flexible arch, using an N-type triangular truss with 
vertical rods, the standard panel length is 9m, and 
the main span has a total of 16 panels; The truss 
height is 11.9m, and the inclination angle of the 
inclined rods is 53°. The main arch rib is a steel box 
arch, the rise-span ratio is 1/4.49, and there are 5 
wind bracings. The elevation layout of the bridge is 
shown in figure 1. 

The main bridge has a double-deck section, the 
upper deck includes urban two-way six-lane + 
standard double-line rail transit, and the lower 
deck includes two-way auxiliary four-lane and 
slow-moving system. There are four main trusses 
and four main arches in the transverse direction of 
the main bridge, and the center distances between 
the trusses and the main arch are 15m, 14.5m and 
15m respectively. The upper and lower chords of 
the truss are box-shaped sections with extending 
limbs on the upper flange plate, the vertical rods 
and inclined rods are box-shaped and H-shaped, 
and the arch ribs have box-shaped sections. The 
hanger is a flexible boom, which is in the form of a 
steel strand with a standard spacing of 9m. The 
steel bridge deck system is composed of bridge 
decks, cross beams, U-ribs and T-ribs. The cross-
section layout of the bridge is shown in figure 2. 

Figure 1. Elevation layout of the bridge 
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Figure 2. Cross-section layout of the bridge 

3 Finite element model 
The calculation software is Midas/Civil, and the 
static calculation model mainly includes beam 
elements and truss elements. The main arch ribs, 
truss chords, truss braces, cross beams and small 
longitudinal beams are simulated by three-
dimensional beam elements, and the hanger is 
simulated by truss elements. The whole bridge is 
divided into 1134 nodes and 2090 elements, 
including 2038 beam elements and 52 truss 

elements. The finite element model is shown in 
figure 3. 

The boundary conditions of the whole bridge are 
shown in table 1. In table 1, x is the longitudinal 
direction, y is the transverse direction and z is the 
vertical direction. 0 means free and 1 means fixed. 
The main bridge is provided with four rows of 
supports in transverse direction, from left to right 
are the No.1 to No.4 supports, of which the No.3 
support has laterally constraint, and the other 
supports are not constrained laterally.

Figure 3. Finite element model of the whole bridge 
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Table 1. Boundary conditions of the whole bridge 

Degree of freedom Δx Δy Δz θx θy θz 
Braking pier 1、2、4 1 0 1 1 1 0 

Braking pier 3 1 1 1 1 1 0 
Free pier 1、2、4 0 0 1 1 1 0 

Free pier 3 0 1 1 1 1 0 

This is a double-deck bridge, which adopts the 
highway and rail combined method, and its dead 
load is relatively complicated. The 1st-stage dead 
load includes the self-weight of the arch ribs, main 
girders, hangers and bridge deck system; The 
weight of bridge decks, the weight of main joint-
plates and diaphragms of the main truss and the 
main arch are taken according to the actual value, 
and are applied to the bridge with a manner of 
uniformly distributed load. The 2nd-stage dead 
load includes the loads of the upper and lower 
decks respectively. The upper deck loads includes 
the pavement loads of the vehicle lanes on both 
sides and the middle rail transit dead loads such as 
tracks, evacuation platforms, strong and weak 
electric cables and waterproof pavement. The 
lower bridge includes the pavement loads of the 
vehicle lanes, non-motor vehicle lanes and 
sidewalks on both sides and the pipeline loads 
within the middle pipeline passage. The vehicle 
load level adopts the M_A loading. The upper deck 
is loaded with two-way six-lane, and the lower 
layer is loaded with two-way four-lane. Considering 
longitudinal reduction, multi-lane transverse 
reduction, the influence of the vehicle impact and 
braking force, the most unfavorable combination is 
selected. The rail transit vehicle adopts the type-B 
vehicle, which is loaded according to the standard 
double-line. The standard value of non-motor 
vehicle load and pedestrian load is 2.5kN/m2, 
these loads are carried out according to the non-
motor vehicle lane and the sidewalk respectively 
[4]-[9]. 

4 Static analysis 

4.1 Internal force analysis of suspender 

The force distribution of the structure under 
different load cases directly determines its design 
idea. This bridge is a double-deck bridge with four 
arch ribs in transverse direction and four columns 
of corresponding hangers. At the same time, the 
live load on the bridge is particularly complex. By 
analyzing the calculation results of the internal 
force of the main arch hangers under different load 
cases, the force characteristics of the hangers will 
be studied. 

The hangers are mainly subjected to tensile force. 
table 2 and table 3 are the calculation results of all 
the suspender forces of middle arch and side arch 
under standard combination, where the number of 
hangers on the right side of mid-span is indicated 
by adding the letter a after it. It can be seen from 
the table that the force of the middle arch hanger 
is generally higher than that of the side arch, which 
also shows that the middle arch hanger bears a 
higher proportion of the load. The suspender force 
in the same arch rib shows a trend that the end is 
smaller than the mid-span, and the maximum 
suspender force is located at 1/4 of the mid-span. 
The hangers with the greatest tensile force are the 
fourth hanger on the left side of the middle arch 
and the fourth hanger on the right side of the side 
arch, namely Z4 and B4a. 

Table 2. Calculation results of suspender force of the middle arch hanger under standard combination 

Hangers number Z1 Z2 Z3 Z4 Z5 Z6 Z7 Z6a Z5a Z4a Z3a Z2a Z1a 

Suspender forces 
under standard 

combination(kN) 
2088 2355 2463 2519 2498 2475 2462 2458 2468 2474 2402 2282 2019 
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Table 3. Calculation results of suspender force of the side arch hanger under standard combination 

Hangers number B1 B2 B3 B4 B5 B6 B7 B6a B5a B4a B3a B2a B1a 
Suspender forces 
under standard 

combination(kN) 
1666 1848 1941 2011 2009 2004 1995 2020 2038 2054 1997 1912 1727 

In this paper, the Z4 and B4a hangers are selected 
and analyzed respectively, which have the greatest 
tensile forces from middle arch and side arch 
hangers. The tensile forces of Z4 and B4a under 
different loads are shown in table 4 and table 5. It 
can be seen from the calculation results that the 
suspender force of the middle arch under dead 
load reaches 82% of the total result, the suspender 
force under vehicle load on the upper and lower 
deck accounts for 4.6% and 4.4% respectively, the 
proportion under rail transit load is 7.6%, while the 
proportions are 0.9% and 0.5% under non-motor 
vehicle load and pedestrian load. The suspender 
force of the side arch under dead load accounts for 
78.2% of the total result, the suspender force 
under vehicle load on the upper and lower deck 
accounts for 6.7% and 4.9% respectively, the 
proportion under rail transit load is only 1.9%, 
while the proportions are 2.9% and 5.4% under 
non-motor vehicle load and pedestrian load. In 
general, the proportion of the suspender force 
under dead load is basically about 80%, and the 
corresponding proportion of the middle arch is 
higher. Due to the imbalance distribution of the live 
load, there is a large difference in the proportion of 
the suspender force at different positions and 

under different live loads. The internal forces of the 
structure under different types of live load 
conditions have obvious locality. There are two 
main reasons for this locality of internal forces: 
firstly, the main truss is composed of chords and 
longitudinal beams and cross beams to form a 
spatial structure, the four main trusses are 
connected by cross beams as a whole. However, 
the four arch ribs constitute two pairs of main 
arches respectively, and there is no lateral support 
between the two pairs of main arches, thus 
resulting in the unbalanced lateral stiffness of the 
steel truss-arch composite system; Secondly, the 
distribution of different types of live loads is 
unbalanced. That is, the vehicle load on the upper 
deck is biased towards both sides of the structure, 
which has a greater impact on the side arch 
suspender force, while the lower vehicle load 
makes the suspender force similar inside and 
outside. On the contrary, the influence of rail 
transit load on the middle arch suspender force is 
more significant. However, non-motor vehicle 
lanes and sidewalks are located on the outside of 
the structure, and their load influence is mainly 
reflected in the side arch suspender force. 

Table 4. Calculation results of suspender force of Z4 under different loads 

Load name 
Self weight 
+2nd-stage
dead load

Vehicle 
load on 

upper deck 

Vehicle 
load on 

lower deck 

Rail 
transit 

load 

Non-motor 
vehicle load 

Pedestrian 
load 

Overall 
temperature 

difference 
Suspender 
force(kN) 2067 116 111 191 22 12 0.2 

Distribution 
ratio(%) 82.0 4.6 4.4 7.6 0.9 0.5 - 

Table 5. Calculation results of suspender force of B4a under different loads 

Load name 
Self weight 
+2nd-stage
dead load

Vehicle 
load on 

upper deck 

Vehicle 
load on 

lower deck 

Rail 
transit 

load 

Non-motor 
vehicle load 

Pedestrian 
load 

Overall 
temperature 

difference 
Suspender 
force(kN) 1607 138 101 39 59 110 0.2 

Distribution 
ratio(%) 78.2 6.7 4.9 1.9 2.9 5.4 - 
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4.2 Internal force analysis of main truss 

The bridge has four arch ribs in transverse direction 
and four main trusses under the corresponding 
arch ribs. The positions of dead load, vehicle, rail 
transit, non-motor vehicle and pedestrian load are 
various, thus their impacts on the structure have 
both integrity and locality. By analyzing the 
calculation results of the internal force of the main 
truss under different load cases, the force 
characteristics of the trusses will be studied. 

The main truss is dominated by axial force, the 
lower chord bears the tensile force under the 
maximum axial force case, and the member with 
the greatest axial force in the lower chord is 
selected for analysis. It is located in the middle 
truss, and the internal forces under different loads 
in this member are shown in table 6. It can be seen 
from the calculation results that the axial force of 
the chord under dead load reaches 79.5% of the 
total result, It shows that the dead load accounts 
for a large proportion of all the load beared by the 

main truss. In each sub item results, the proportion 
of internal force under vehicle loads on upper and 
lower decks is relatively close, while the upper deck 
has two-way six-lane, and the lower deck has two-
way four-lane, Therefore, when we impose vehicle 
loads on the lower deck, the internal force 
transmission efficiency for the middle truss is 
higher. Due to the large axle weight of rail transit 
load, as its driving area is also located in the middle 
of the bridge deck, the axial force under the rail 
transit load accounts for 7.3%. Since the non-motor 
vehicle lanes and sidewalks are far away from the 
middle truss, the non-motor vehicle and pedestrian 
loads account for less than 2% respectively. The 
internal force under the accumulated various live 
loads of the main truss accounts for only 20.5%, it 
is indicated that the effect of live loads on the 
internal forces of the structure is much weaker 
than that of dead loads. Compared with the live 
load, the influence of the overall temperature 
difference effect on the internal force of the main 
truss is much more smaller, and the influence can 
be ignored in the design of this type of structure. 

Table 6. Calculation results of maximum lower chord tension under different loads 

Self weight 
+2nd-stage
dead load 

Vehicle 
load on 

upper deck 

Vehicle 
load on 

lower deck 

Rail 
transit 

load 

Non-motor 
vehicle load 

Pedestrian 
load 

Overall 
temperature 

difference 
Lower chord 
tension(kN) 19142 1368 1276 1758 276 260 2 

Distribution 
ratio (%) 79.5 5.7 5.3 7.3 1.1 1.1 - 

4.3 Internal force analysis of main arch 

A total of four arch ribs are arranged in transverse 
direction of the bridge, among which the arch ribs 
on both sides are respectively connected with 
transverse wind bracing to form two pairs of main 
arches, there are no transverse connections 
between them. Under various loads, its force 
situation is more complicated. By analyzing the 
calculation results of the internal force of the main 
arch under different load cases, the force 
characteristics of the main arch will be studied. 

The main arch is mainly subjected to compression, 
and the member with the highest pressure in the 
arch rib is selected for analysis. It is located at the 
foot of the middle arch, and the internal forces 

under different loads in this member are shown in 
table 7. It can be seen from the calculation results 
that the compression value of the arch foot under 
dead load reaches 82.2% of the total result, and it 
exceeds the proportion of the internal force of the 
main truss structure under dead load. The 
proportion of compression under vehicle load has 
decreased to less than 5%. Under the rail transit 
load, this ratio is basically the same as that of the 
main truss. This ratio is also lower than that of the 
main truss under non-motor vehicle and crowd 
loads. The main reason for this phenomenon is that 
there are no intermediate lateral connections 
between two pairs main arches on both sides, and 
the four main trusses are connected with cross 
beams and bridge deck systems in transverse 
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direction. The lateral stiffness distribution of the 
main truss is more balanced than that of the main 
arch. Therefore, the influence of vehicle, non-

motor vehicle and pedestrian loads on the 
proportion of internal force in middle arch has 
decreased. 

Table 7. Calculation results of maximum arch foot compression under different loads 

Self weight 
+2nd-stage
dead load

Vehicle 
load on 

upper deck 

Vehicle 
load on 

lower deck 

Rail 
transit 

load 

Non-motor 
vehicle load 

Pedestrian 
load 

Overall 
temperature 

difference 
Arch foot 

compression(kN) -25768 -1492 -1472 -2304 -216 -78 -3

Distribution 
ratio (%) 82.2 4.8 4.7 7.4 0.7 0.2 - 

4.4 Study on stiffness of steel truss-arch 
composite system 

The main bridge structure is a steel truss-arch 
composite system, which combines the arch 
structure with the truss structure, and its structural 
rigidity is greatly improved. In the following, the 
composite system, the arch bridge system and the 
truss bridge system will be calculated respectively 
and their stiffness characteristics will also be 
analyzed. 

The structural forms and load pattern of the three 
systems are shown in figure 4. The arch bridge 
system is to extract the main arch from the 
combined system, as a double-hinged arch 
structure, fixed constraints are used at the arch 
foot on both sides. The truss bridge system is to 
extract the main truss from the combined system, 
as a truss structure, the end restraint form remains 
unchanged. In terms of load pattern, the first group 
of models is the combined system and the arch 
bridge system, which apply a vertical force of 
totaling 1000kN at the arch crown respectively; The 
second group is the composite system and the 
truss bridge system, which apply a vertical force of 

totaling 1000kN at the mid-span of upper chord of 
the main truss respectively. By comparing the ratio 
of force to vertical deformation of the structure, 
the vertical stiffness of different structural systems 
will be obtained. 

Through the overall calculation and analysis, the 
crown displacement the composite system under 
vertical load is 3.3mm, but the value of the arch 
bridge system reaches 24.0mm, the stiffness of the 
arch bridge system is only 13.5% of the composite 
system. Under the other set of loads, the mid-span 
displacement of lower chord of the composite 
system is 1.9 mm, while the value of the truss 
bridge system reaches 7.7 mm, the stiffness of the 
truss bridge system is 24.1% of the composite 
system. Simply adding the two ratios is still far from 
the stiffness of the combined system. 

The steel truss-arch composite system combines 
the force characteristics of the two structural 
systems, and has obvious advantages in stiffness. 
For special bridges or mixed traffic bridges 
operating urban rail transit, they have higher 
requirements on structural deflection. The use of 
this kind of system can better solve the problem of 
high stiffness requirements of bridges. 

(a)Compsite system (b)Double-hinged arch (c)truss system

Figure 4. Loading modes of different structural systems 
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5 Study on dynamic characteristics 
of steel truss-arch composite 
system 

The steel truss-arch composite structure has high 
stiffness, and its dynamic characteristics have not 
been deeply studied. The dynamic characteristics 
of the bridge reflect the stiffness index of the 
structure [10]. They are also the basis for further 
research on bridge wind resistance, earthquake 
resistance and vehicle vibration. In this paper, the 
dynamic characteristics of the structure will 
preliminarily be analyzed by calculating the natural 
vibration characteristics of the whole bridge. The 
specific results are shown in table 8. 

Table 8. Calculation results of natrual frequency of 
the whole bridge 

Natrual 
frequency(Hz) 

Vibration 
mode 

1st-order 0.30 side bending of 
main truss 

2nd-order 0.72 side bending of 
main truss 

3rd-order 0.82 side bending of 
whole bridge 

4th-order 1.12 side bending of 
main arch 

5th-order 1.35 side bending of 
whole bridge 

6th-order 1.43 side bending of 
whole bridge 

It can be seen from the results that the 1st-order 
natural frequency of the structure is only 0.3 Hz, 
which indicates that the steel truss-arch composite 
system has great structural stiffness. The first 6 
vibration modes of the structure all have side 
bending, and they are located in different parts, 
which indicates that the lateral stiffness 
distribution of the bridge is imbalance. This is 
mainly because of the large width of the bridge, 
and the four main arch ribs are connected laterally 
on both sides respectively, but there is no wind 
bracing between the middle arch, thus the lateral 
stiffness of the main arch is quite different from the 

main truss. Except for the 1st-order natural 
vibration frequency, the 2nd-6th-order natural 
vibration frequencies of the main bridge are 
relatively close, which range from 0.7 Hz to 1.5 Hz. 
The structure may be excited by multiple modes at 
the same time. 

6 conclusion 
The steel truss-arch composite system bridge has 
the high stiffness and large spanning capacity, and 
also the ability to meet double-deck vehicle traffic. 
It is a kind of long-span bridges with strong 
competitiveness, which are suitable for mixed 
operation of urban road and urban rail transit and 
has the ability of crossing special nodes. A series of 
force analysis for the structural system has 
obtained the following four main characteristics: 

(1)The dead load accounts for a large proportion of
force in the main bridge, reaching about 80%, while 
the live load accounts for a small proportion. The
bridge is a double-deck structure with a large span
and operates urban rail transit vehicles. In order to
improve the spanning capacity of the structure and
ensure sufficient rigidity, the amount of steel used
in the structure has been increased, so the
structure has a larger self-weight; On the other
hand, the proportion of the 2nd-stage dead load of
the urban rail transit is relatively great, which
increases the total weight of the 2nd-stage dead
load of the whole bridge. Therefore, the dead load
is the main force factor of the steel truss-arch
composite system.

(2)The structure of the main bridge is complex, its
four arch ribs are not completely connected in the
transverse direction, and there is an imbalance in
lateral stiffness. The main bridge has an extra-wide
deck, and the live loads are laterally varied and
unevenly arranged. Therefore, the distribution of
internal force of the main structural members on
inner and outer sides and under different live loads
is quite different.

(3)Compared with the double-hinged arch and the
truss structure under same span and structural
parameters, the steel truss-arch composite system
has obvious advantages on stiffness. It also has a
good effect on the control of displacement under
dead load and live load.
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(4)The steel truss-arch composite system has high
stiffness, and the density of first 6 orders of natural
frequency is high, so there is the possibility of
simultaneous excitation of multiple modes.
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Abstract 
The four-tower cable-stayed bridge with four towers and three main spans can be set up with 
various symmetrical and asymmetrical longitudinal restraint schemes for the whole bridge. 
Different longitudinal restraint systems will directly affect the load transfer path and change the 
mechanical behavior of the four-tower cable-stayed bridge structure, which in turn affects the 
structural design of the bridge. Taking a four-tower cable-stayed bridge as the research object, the 
structural mechanical behaviors of semi-floating system, temperature adaptive system, middle two-
tower elastic cable restraint system, and middle single-tower longitudinal fixed restraint system 
under the effect of temperature load, longitudinal wind load, and load combination are compared 
and analyzed. The results show that the semi-floating system will cause a larger longitudinal 
displacement of the main beam, which will increase the internal force of the side towers 
substantially. Increasing the restraint of the main beam and the middle towers can make the four 
towers' forces uniform.The temperature adaptive system and the middle two towers elastic cable 
system have better feasibility. 

Keywords: multi-tower cable-stayed bridge; longitudinal restraint system; stiffness; mechanical 
behaviour. 

1 Introduction 
In recent years, the growing demand for traffic 
across straits, valleys, and other terrain has 
increased the demand for a bridge spanning 
capacity [1], and the economic and technical 
advantages of multi-tower cable-stayed bridges 
make them a highly competitive structural solution 
[2]. However, compared with the conventional 
twin-tower cable-stayed bridge, the middle tower 
of the multi-tower cable-stayed bridge is not 
equipped with end anchor cables to control the 
deflection, and there are no auxiliary piers on both 
sides, thus weakening the overall stiffness of the 
structure, resulting in a more flexible cable-stayed 

bridge. Therefore, multi-tower cable-stayed 
bridges have obvious differences in structural 
mechanical behavior from conventional two-tower 
cable-stayed bridges, and for the overall structural 
stiffness, the contribution of the cable system is 
reduced, and the overall deformation of the 
structure is usually limited only by the stiffness of 
the main beam and the bridge tower, resulting in 
larger live-load deflections and internal forces in 
the intermediate tower, and a significant increase 
in the displacement of the main beam under live 
load [3]. The structural system is the main factor 
affecting the mechanical characteristics of multi-
tower cable-stayed bridges. A reasonable 
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structural system can minimize the overall 
structural load effect. 

Four-tower cable-stayed bridges with four towers 
and three main spans can be set up with a variety 
of symmetrical and asymmetrical longitudinal 
restraint systems for the whole bridge. Different 
longitudinal restraint systems will directly affect 
the load transfer path and change the mechanical 
behavior of the four-tower cable-stayed bridge 
structure, which in turn affects the structural 
design of the bridge. For the study of the 
reasonable structural system of multi-tower cable-
stayed bridges, Liu Zhe et al [4] analyzed and 
compared various longitudinal restraint systems 
for different bridge spans for three-tower cable-
stayed bridges, Chai Shengbo et al [5] studied the 
effect of cross-cable arrangement on the 
mechanical performance of multi-tower cable-
stayed bridges, Xian Rong et al [6] studied the 
structural system of super-large span three-tower 
cable-stayed bridges, Wen Wangqing et al [7] 
proposed a rigid-continuous system for four-tower 
cable-stayed bridges with public-railway level 
construction. The rigid-continuous system was 
proposed by Boaz Deng [8] for multi-tower cable-
stayed bridges and compared with the cross-cable 
scheme, and Hengda Chen et al [9] studied the 
force mechanism and parameter analysis of multi-
tower cable-stayed bridges with cross-cables. 
Meanwhile, Chai Shengbo et al [10] also conducted 
a study on the longitudinal restraint stiffness of 
cross-cables of multi-tower cable-stayed bridges 
and obtained an analytical formula for the 
longitudinal restraint stiffness of cross-cables and 
bridge towers. Li Lifeng et al [11] used nonlinear 
time course analysis to determine a reasonable 
longitudinal restraint system for the ultra-high pier 
multi-tower concrete cable cable-stayed bridge for 
the ultra-high pier multi-tower concrete cable-
stayed bridge. On the other hand, Yu-Mei et al [12-
14] did research on the structural arrangement,
tower design, and structural system of multi-tower
cable-stayed bridges. In terms of the seismic
performance of multi-tower cable-stayed bridges
with the longitudinal restraint systems, Geng
Fangfang et al [15] studied the seismic response
characteristics of multi-tower cable-stayed bridges
with longitudinal partial restraint system in the

context of Jiashao Bridge and obtained its 
vibration-damping optimization control method. 

In addition, Peng Wei et al [16] also used a six-
tower cable-stayed bridge as an example to study 
the dynamic characteristics and seismic response 
of the structure under the different tower and 
girder longitudinal consolidation systems. Tang 
Pingjian and Liu Xiaoming et al [17-18] compared 
and analyzed the similarities and differences 
between the structural system of the new 
downdraft multi-tower cable-stayed bridge and 
other systems. For the conventional two-tower 
cable-stayed bridge structural system, Shen Ruli et 
al [19] conducted a study on the restraint system 
under extreme longitudinal wind loads for very 
large span cable-stayed bridges. Guo, R. Q. et al [20] 
proposed a longitudinal restraint system for 
balancing extreme longitudinal wind and 
temperature loads for very large span public-rail 
cable-stayed bridges, and Qin Shunquan et al [21] 
proposed a "Temperature adaptive tower and 
beam restraint system (TARS)" based on the 
structural temperature deformation characteristics 
to optimize the longitudinal load transfer path. 

Most of the above studies on the structural system 
of multi-tower cable-stayed bridges are about 
multi-tower cable-stayed bridges with three 
towers and asymmetrical towers in the middle, and 
the studies are often carried out for the middle 
tower when the structural system is studied. For 
large-span cable-stayed bridges with two towers, 
the longitudinal restraint system of the structure is 
often a floating system, and systems in other ways 
either restrain the temperature deformation or 
affect the symmetry of the structure. However, 
there are few studies on the longitudinal restraint 
system of a multi-tower cable-stayed bridge with 
two intermediate pylons, such as a four-tower 
cable-stayed bridge. Based on this, this paper takes 
a four-tower cable-stayed bridge as the research 
object and compares and analyzes the structural 
mechanical behaviors of the semi-floating system, 
the middle single-tower longitudinal fixed restraint 
system, the middle two-tower elastic cable 
restraint system, and the temperature adaptive 
system under the action of temperature load, 
longitudinal wind load and load combination, to 
provide a reference for the design of the 
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longitudinal restraint system of this type of 
structure. 

2 Finite Element Simulation 

2.1 Four-tower cable-stayed bridge 
structure systems 

Many multi-tower cable-stayed bridges in the 
world have been built with floating systems such as 
the Rion Bridge in Greece [22] with a full floating 
system, the Jiashao Bridge (six-tower cable-stayed 
bridge) with a double-row support semi-floating 
system, and also with a tower-beam solid system 
such as the Miyao Viaduct in France [23], and also 
with a rigid-semi-floating system such as the Chishi 
Bridge in Hunan [24], which has a tower-beam pier 
solid system for the middle tower and a tower-
abutment solid and tower-beam semi-floating 
system for the two side towers. For a large span 
cable-stayed bridge, its longitudinal extreme wind 
load is large, the use of a floating or semi-floating 
system can easily lead to excessive tower bottom 
bending moment, while the use of tower and beam 
consolidation system can reduce the main beam 
longitudinal wind load transfer height on the tower, 
thus reducing the longitudinal wind load under the 
action of the tower deflection and beam end 
longitudinal displacement, thus reducing the tower 
bottom bending moment, but large span cable-
stayed bridge temperature load under the action of 
the main beam deformation, the use of 
consolidation system will restrain the main beam 
deformation, the tower produces longitudinal 
thrust, resulting in a larger tower bottom bending 
moment. In summary, the longitudinal restraint 
system required for longitudinal wind load and 
temperature load of cable-stayed bridges is 
contradictory. For four-tower cable-stayed bridges, 
a reasonable longitudinal restraint system needs to 
be selected to reduce the load effect of longitudinal 
wind load, while the effect of temperature load 
should not be too great. 

To study the influence of the longitudinal restraint 
system on the mechanical characteristics of the 
four-tower cable-stayed bridge, the characteristics 
of the longitudinal restraint system of the existing 
multi-tower cable-stayed bridge are summarized 

through research, and a four-tower cable-stayed 
bridge with a main span of 500m is selected as the 
research object, with a span arrangement of 
(82+168+500×3+168+82) m. Its general 
arrangement is shown in Fig.1, and the main 
girders are steel box girders with the cross-
sectional arrangement shown in Fig.2. The height 
of the concrete bridge tower is 126m, and the 
layout of the bridge tower is shown in Fig.3. The 
tensile strength of the cable is 1860 MPa and the 
modulus of elasticity is 195 GPa. 

Comparison and analysis of four different tower 
beam longitudinal restraint system: ①Semi-
Floating System, vertical support between the 
tower beam, see Fig.4. ②Middle single tower 
longitudinal solid system, longitudinally fixed 
restraint between the two towers and one of the 
tower beams, see Fig.5. ③ Middle two-towers 
elastic cable restraint system, the longitudinal 
horizontal elastic cable between the middle two-
tower beam, elastic cable area of 0.01m2, the initial 
tension of 4000kN, see Figure 6 See Fig.6. 
④Temperature adaptive system, using CFRP
horizontal cable as a link to establish the main
beam temperature immobile point and the
longitudinal restraint of the bridge tower, can
realize the tower and beam restraint system for
temperature fully adaptive, the horizontal cable
area is 0.06 m2, the initial tension is 10000kN, see
Fig.7, each system in the order named system 1 ~ 4.

2.2 Finite Element Model 

According to the above scheme, the BNLAS 
calculation software, a static and dynamic 
nonlinear analysis system for bridge structures, is 
used to establish a nonlinear finite element model 
of the bridge, considering the effects of the initial 
internal forces of the beam and cable units in the 
bridge-forming state, as well as the effects of the 
geometric nonlinearity of the structure. In the 
model, the main girders and towers are simulated 
by spatial girder units, and the diagonal cables, 
elastic cables, and temperature adaptive cables are 
simulated by suspension chain line units 
considering the droop effect. In the boundary 
conditions, the bottom of the tower is solidified, 
the support at the side pier and auxiliary pier of the 
main beam is simulated according to the actual 
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support of the restraint system, and the support of 
the main beam at the crossbeam of the bridge 
tower is simulated according to the actual support 

of the beam unit with the release of the beam end 
restraint [20].

Figure 1. The general arrangement of a four-tower cable-stayed bridge (unit: m) 

Figure 2. Standard cross-section of the main beam (unit: m) 

The longitudinal wind load is calculated according 
to the Specification for Wind Resistance Design of 
Highway Bridges (JTG/T 3360-01-2018) [25], and 
the design basic wind speed at the longitudinal 
limit wind bridge site is taken as VS10=29 m/s, and 
the surface category at the bridge site is taken as 
Class B. 

Temperature loading: concrete bridge towers rise 
and fall 18℃, main girders and diagonal cables rise 
33℃ and fall 34℃. 

The live load adopts the highway Ⅰ load in the 
General Specification for Highway Bridge and 
Culvert Design (JTG D60-2015) [26], the number of 
lanes is 8, considering the transverse discount 
factor 0. 55 and the longitudinal discount factor  

0. 93, and the loading method is influenced by line
loading.

3 Comparison of structural system 
options 

To study the effects of different longitudinal 
restraint systems on the structural mechanical 
properties of the four-tower cable-stayed bridge, 
the results of the longitudinal moment at the base 
of the tower, horizontal displacement at the top of 
the tower, and longitudinal displacement at the 
beam end of the main girder under the action of 
temperature load, longitudinal extreme wind load 

and load combination were extracted from the 
finite element analysis results. 

 Figure 3. Semi-floating system 

Figure 4. Intermediate single tower longitudinal 
consolidation system 

Figure 5. Two towers elastic cable restraint system 

Figure 6. Temperature adaptive system 

Figure 7. Bridge tower arrangement diagram (m)
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3.1 Temperature load and longitudinal 
extreme wind load effects 

The horizontal displacement of the top of the 
towers of the four-tower cable-stayed bridge 
under temperature load and longitudinal extreme 
wind load is shown in Fig. 8, and the longitudinal 
bending moment at the bottom of the towers is 
shown in Fig. 9. Fig. 10 shows the longitudinal 
displacement of the beam end of the main girder 
under the temperature load and longitudinal 
extreme wind load. 

From Fig. 8 (a), it can be seen that under the 
temperature load, the horizontal displacement of 
the top of the towers of the four structural systems 
is not much different, among which the horizontal 
displacement of the top of the side towers of the 
middle single tower longitudinal fixed restraint 
system far from the fixed support has increased, 
and the horizontal displacement of the top of the 
towers where the fixed support is located has 
decreased. This is because the symmetry of the 
structure is broken by the addition of longitudinally 
fixed restraint in the middle single tower, which 
leads to the release of the temperature 
deformation of the main beam towards the other 
side of the tower and thus causes an increase in the 
horizontal displacement of this side tower. From 
Figure 8(b), it can be seen that the difference of 
longitudinal displacement of the top of the tower 
under the longitudinal ultimate wind load is large, 
which indicates that increasing the longitudinal 
restraint of the main beam and the tower can 
effectively reduce the horizontal displacement of 
the tower, in which the longitudinal displacement 
of the top of the tower of the middle two towers 
elastic cable system is 34.2% of that of the semi-
floating system, and the temperature adaptive 
system is 48.0% of that of the semi-floating system. 

As can be seen from Fig. 9, under the temperature 
load, the longitudinal moment at the bottom of the 
towers of the semi-floating system and the 
temperature adaptive system are smaller, the 
longitudinal moment at the top of the side towers 
of the middle single tower longitudinal fixed 
restraint system away from the fixed support has 

increased, and the moment at the bottom of the 
remaining towers has decreased, while the 
longitudinal moment at the bottom of the middle 
two towers of the elastic cable system has 
increased more, 207% of the semi-floating system. 
In comparison, the longitudinal bending moment at 
the top of the middle two towers of the 
temperature adaptive system is 100.1% of that of 
the semi-floating system, which is the same. The 
above results show that if the elastic restraint is 
added between the two middle tower beams, the 
elastic cable parameter influence study is needed 
to reduce the effect of temperature load effect, on 
the contrary, the temperature adaptive system is 
the better choice. 

From Fig. 12, it can be seen that the difference of 
longitudinal displacement at the beam end of the 
main beam under the temperature load and 
longitudinal extreme wind load mainly comes from 
the longitudinal wind load, and the increased 
longitudinal restraint of the main beam is beneficial 
to reduce the longitudinal displacement of the 
structure under the longitudinal wind load. 

In summary, under the action of temperature load 
and wind load, compared with the semi-floating 
system, increasing the longitudinal elastic restraint 
between the tower beams in the tower reduces the 
longitudinal wind load transfer height, which is 
conducive to reducing the longitudinal wind load 
internal force deformation of the tower, where the 
temperature adaptive system for the temperature 
load effect is smaller, can release the main beam 
deformation under the temperature load, reduce 
the longitudinal moment at the top of the tower, is 
a more reasonable longitudinal restraint system. 

3.2  Effect of load combination 

In the finite element calculation model, the live 
load is loaded according to the most unfavorable 
influence line, and two load combinations are 
calculated and analyzed: load combination Ⅰ : 
constant load + warming + longitudinal wind + live 
load; load combination Ⅱ: constant load + cooling 
+ longitudinal wind + live load.
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a) Temperature load b) Extreme longitudinal wind load

Figure 8.Tower top horizontal displacement 
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Figure 9. The longitudinal bending moment at the bottom of the tower 
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Figure 10. Beam end longitudinal displacement (left)          

   Figure 11. Load combination ⅠLongitudinal bending moment at the bottom of the tower(right)    

The maximum longitudinal moment at the bottom 
of the tower and the maximum horizontal 
displacement at the top of the tower under the 
combined load are shown in Fig. 11, Fig. 12, and Fig. 
13 and Fig. 14, respectively. the extreme values of 
the longitudinal displacement at the beam end of 

the main beam under the combined load are 
shown in Fig. 15. 

From Fig. 11 and Fig. 12, it can be seen that 
compared with the semi-floating system, the 
longitudinal moment at the base of the tower 
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under the combination of the load is reduced by 
increasing the longitudinal restraint between the 
main beam and the tower and compared with the 
semi-floating system, the longitudinal moments at 
the base of the tower are 44.8%, 69.5% and 66.7% 
for Option 2, 3 and 4 side towers respectively. And 
from Fig. 13 and Fig. 14, it can be seen that the 
horizontal displacement of the top of the tower of 
system 2, 3, and 4 side towers decrease 
significantly compared with system 1, in which the 
left side tower is 39.1%, 55.9% and 65.4% of the 
semi-floating system respectively. If a four-tower 
cable-stayed bridge with concrete main girders and 
large wind load is used, the middle two towers 
elastic cable system with temperature adaptive 
system will have more prominent advantages and 
is a better choice. 

As can be seen from Fig. 15, increasing the 
longitudinal restraint of the main beam is 
conducive to reducing the longitudinal 
displacement of the beam end under the 
combination of loads, which is conducive to the 
design and manufacture of expansion devices and 
maintenance and repair, in which the elastic cable 
system of the middle two towers is about 65% of 
the semi-floating system. 
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 Figure 12. The longitudinal bending moment at 
the bottom of the tower (Load combination Ⅱ) 
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Figure 13. Tower top horizontal displacement(Load 
combination Ⅰ) 
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Figure 14. Tower top horizontal displacement(Load 
combination Ⅱ)    
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Figure 15. Longitudinal displacement of the main 
beam for load combination 

4 Conclusion 
This paper takes the four-tower cable-stayed 
bridge as the research object and analyzes and 
compares the structural mechanical behavior of 
the semi-floating system, the middle single-tower 
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longitudinal fixed restraint system, the middle two-
tower elastic cable restraint system, and the 
temperature adaptive system under the action of 
temperature load, longitudinal wind load and load 
combination, and the following conclusions can be 
obtained.  

(1) For the four-tower cable-stayed bridge
longitudinal restraint system, the middle single-
tower longitudinal fixed restraint system destroys
the symmetry of the structure because it is an
asymmetric arrangement, resulting in obvious
differences in the load effects of the two symmetric 
side towers, which is not conducive to design
control, while systems 1, 3 and 4 are symmetric
arrangements are more reasonable in comparison.

(2) Under the action of longitudinal ultimate wind
load, increasing the elastic restraint between the
main beam and the tower is conducive to reducing
the transfer height of longitudinal wind load,
reducing the horizontal displacement of the
structure and the longitudinal bending moment at
the base of the tower, while the middle two towers
elastic cable system has a large increase in the
internal force deformation of the middle two
towers under temperature load, requiring a
reasonable parameter study of the elastic cable
length, area and other stiffness factors, which can
improve the structural force performance; the
temperature adaptive system has less effect on the
temperature load effect, and is a more reasonable
longitudinal restraint system for bridges with large
wind load effects.

(3) Under the action of live load and load
combination, the longitudinal restraint of the main
beam is increased, which helps to reduce the
longitudinal displacement of the beam end and
improves the design and service life of the beam
end expansion joints and other structures.
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Abstract 
The main span of railway cable-stayed bridge in China has broken through from 312m in 2000 to 
1092m in 2020, with rapid development in recent years. It comes from aspects of new material, new 
structural form, accelerated bridge construction method, and innovated construction facilities and 
equipment. New materials mainly include bridge structural steel with higher yield strength, stay 
cable with higher tensile strength and ultra-high-performance concrete (UHPC), etc. New structural 
forms refer to three-main truss with three-cable plane, cable-stayed bridge with ballastless track 
system, multi-pylon railway cable-stayed bridge, etc. Concept of accelerated bridge construction 
has been also applied in caisson construction, truss girder assembling, truss girder hoisting, etc. 
Several new facilities and equipment have also been created such as integral bridge expansion joint, 
hoisting crane, and smart torque wrench, and so on. Challenges have also been discussed. 

Keywords: railway cable-stayed bridge; new material; structural system; structural devices; bridge 
expansion joint; hoisting crane; torque wrench; technological challenges.  

1 Introduction 
Rapid development has been witnessed in 
construction of railway cable-stayed bridges in 
China since completion of Wuhu Yangtze River 
Bridge with main span of 312m in 2000, within only 
20 years [1]. In aspects of material, structural 
system, construction and equipment, those bridges 
can be regarded as the milestone such as Wuhan 
Tianxingzhou Bridge, Tongling Bridge, Husutong 
Bridge, etc. with main span of 504m, 630m, 1092m, 
respectively [2]. Now, Changtai Bridge and 
Maanshan Bridge are under construction, with 
main span 1176m and 2×1120m, representing a 
breakthrough of much longer span.  

Major innovations have been summarized for 
railway cable-stayed bridges in China in 21st 

Century. And main challenges of railway cable-
stayed bridges have also been discussed. 

2 New material 
New material such as bridge structural steel, high 
performance stayed cable, and UHPC supports the 
construction of railway cable-stayed bridge with 
main span over 1000 meters. 

2.1 Bridge structural steel 

From 1950s, bridge structural steel had been 
consecutively studied in China to meet the 
development requirements of railway steel bridges, 
with different bridge types besides cable-stayed 
bridge. A3q steel (Q235) was early used in Wuhan 
Yangtze River Bridge built in 1957 with yield 
strength of 235MPa and rivet joint. The main span 
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was only 128m. 16Mnq (Q345) steel was then 
developed and used in Nanjing Yangtze River 
Bridge in 1968. As an independent R&D steel, 
16Mnq steel had a lower toughness, and the 
strength was sensitive obviously to plate thickness, 
thus the maximum plate thickness was only 32mm. 
Later, 15MnVNq steel was developed and used in 
Jiujiang Yangtze River Bridge in 1995. Such a steel 
type had yield strength of 412MPa when the plate 
thickness was less than 16mm, and the maximum 
thickness could be 56mm. However, poorer 
weldability and low temperature toughness made 
the bridge construction difficult. In early 1990s, 
micro-alloyed bridge structural steel named 
14MnNbq was studied by series of scientific test 
and the influence of plate thickness effect was 
nearly eliminated. By decreasing element content 
of Carbon, Phosphorus and Sulphur on basis of 
16Mnq steel, and adding content of Niobium, the 
steel strength was enhanced, and better low 
temperature toughness was also obtained, thus 
the steel plates with thickness 32~50mm could be 
supplied in batch. The new steel type was firstly 
and successfully adopted in Wuhu Bridge, the first 
steel railway cable-stayed bridge in China. Later, it 
was used in Wuhan Tianxingzhou Bridge, the 
world’s first railway cable-stayed bridge with three 
main trusses and three cable planes. Q420q steel 
with higher yield strength of 420MPa was then 
applied in Nanjing Dashengguan Bridge, a steel 
truss arch bridge in Beijing-Shanghai HSR. The 
maximum plate thickness reached 68mm without 
obvious thickness effect, and this steel type was 
widely used in long-span railway cable-stayed 
bridges. Q500qE steel, which has high yield 
strength and lower yield ratio, was applied in part 
of the truss steel girder in Husutong Yangtze River 
Bridge opened in July 1st, 2020, the world’s first 
railway cable-stayed bridge with main span over 
1000m. In 2021, Q690qE steel had been used in 
Wuhan Jianghanwan municipal arch bridge and the 
fourth Macau-Taipa bridge in Macau. Overall, the 
bridge structural steel in China developed later 
than developed countries in Europe and Japan, etc. 
But the bridge construction requirements boosted 
the research achievements in performance of base 
metal, manufacturing performance and structural 
design with new structural steel, thus promoted 
development of railway cable-stayed bridges [4].  

2.2 High performance stay cable 

Due to heavier self-weight and train live load 
compared to highway bridge, railway cable-stayed 
bridges have higher requirements for cables on 
tensile and fatigue strength. Meanwhile, improving 
the tensile strength with smaller total diameter of 
cable could decrease the transverse deformation 
under wind load, which benefits the running train 
on the bridge. Parallel cable wire with diameter 
7mm is widely used. The tensile strength of cable 
wire is often 1670MPa for many railway bridges 
such as Wuhu Bridge, Wuhan Tianxingzhou Bridge, 
Anqing Bridge, Gongan Bridge, Ningbo Yongjiang 
Bridge, Ganzhou Ganjiang Bridge, etc. Cable wire 
with higher strength was also used in several 
bridges such as Huanggang Bridge (1770MPa), 
Pingtan strait bridge (1860MPa) and Yibin Lingang 
Bridge (1860MPa), etc. Steel strand stay cable was 
seldomly used in railway bridge. Tongling Bridge 
adopted this type with diameter of single steel 
strand 15.2mm and tensile strength 1860MPa [5].  

Parallel cable wire with tensile strength of 
2000MPa was used in New Wuhu Bridge and 
Husutong Bridge, which’s the highest level of 
strength in built railway bridge. During the study, 
R&D of wire rod and cable wire, anti-corrosion 
technique by the coating of zinc-aluminium alloy, 
compatible anchorage, anchoring reliability, and 
fatigue of stay cable are key aspects. Micro-alloyed 
hot rolled wire rod with higher content of sorbite 
was suggested to produce cable wire, using proper 
wire drawing technology, hot-dip-galvanized 
technology, and stabilizing treatment. Test results 
showed that tensile strength was 2032~2060MPa, 
yield strength was 1832~1856MPa, and 6~8 times 
of reverse bending, more than 8 times of torsions. 
Mechanical properties were proved to satisfy the 
requirements. Now higher performance stay cable 
was used in Changtai Bridge with strength of 
2000MPa and 2100MPa, and Maanshan Bridge 
with strength 2100MPa [6].  

Figure 1 Stay cable with parallel steel wire 
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2.3 Ultra-high-performance concrete 

The mechanical properties of UHPC such as tensile, 
bending and shear strength, etc. are much higher 
than normal concrete, and durability can be 
enhanced obviously after adding steel fibre. And 
resistance in frost and corrosion is better than 
normal. In recent years, Steel-UHPC composite 
bridge deck was adopted in several railway cable-
stayed bridges such as Husutong Bridge and 
Dongtinghu Bridge in Haoji Railway. Its 
construction process was as follows: bridge deck 
derusting by sand-blast→anti-corrosion coating→
Stud welding→reinforcement positioning →UHPC 
layer construction and curing [7]. 

Figure 2 Construction of Steel-UHPC composite 
bridge deck 

3 Innovations of Structural system 
Some key innovations of structural system were 
introduced in this section, including three main 
trusses and three cable planes, ballastless track in 
railway cable-stayed steel bridge, and multi-pylon 
railway cable-stayed bridge.  

3.1 Three main trusses and three cable 
planes 

To improve the integral and local stiffness of 
railway bridge deck with multi-line , three main 
trusses and three cable planes are proposed early 
in the design of Wuhan Tianxingzhou Bridge in 

2009. Later, such a structural system was adopted 
in Tongling Bridge, Husutong Bridge, and 
Maanshan Bridge. Plate-truss composite railway 
bridge deck was used in Tianxingzhou Bridge. Then 
the box-truss composite structure was applied in 
Tongling Bridge’s railway bridge deck at the 
position of pylon and counterweight section while 
the orthotropic bridge deck at the mid-span subject 
to less internal force. For kilometer-scale cable-
stayed bridge in Husutong and Maanshan Bridge, 
box-truss composite bridge deck was applied in all 
the segments [2]. 

(a) Tianxingzhou Bridge      (b) Husutong Bridge

Figure 3. Diagram of three main trusses and three
cable planes 

3.2 High-speed railway cable-stayed bridge 
with ballastless track 

Ballast track is widely adopted in high-speed 
railway cable-stayed bridge in China. However, due 
to riding comfort, durability, and less maintenance 
work, ballastless track has its advantage especially 
for the line with design train speed over 300km/h. 
Some experience has been obtained from Japan 
and Germany. A PC continuous cable-stayed bridge 
in Japan adopted slab ballastless track, which had 
main span arrangement 2×133.9m and a single 
pylon, was open to traffic in 1997 with design 
speed 260km/h. Froschgrundsee Viaduct in HSR 
line Ebensfeld–Erfurt in Germany, was a concrete 
arch bridge with main span 270m, with design 
speed 300km/h and actual operation speed 
250km/h, adopting OBB/PORR slab ballastless 
track [8].  

Due to the advantage in rigidity, concrete bridges 
were used widely in HSR line with ballastless track. 
In recent years, several long span HSR bridges with 
ballastless track had been built, such as Tingsihe 
Bridge in Wuhan-Guangzhou HSR line in 2009 with 
CRTS I double-block ballastless track on 140m steel 
tied-arch simple supported bridge, Ronggui 
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waterway bridge in Guangzhou-Zhuhai intercity 
railway with CRTS I frame-slab ballastless track on 
(108+2×185+115)m continuous rigid frame bridge, 
and Zhenjiang Jinghang canal bridge in Beijing-
Shanghai HSR line with CRTSⅡ  slab ballastless 
track on (90+180+90)m continuous girder-arch 
combined bridge. Cable-stayed bridge with 
ballastless track has also been considered when the 
main span increases. Ganjiang River bridge in 
Nanchang-Ganzhou HSR line open in 2019 with 
train speed 350km/h, is a steel-concrete hybrid 
girder cable-stayed bridge, which the side and 
auxiliary span adopt concrete box girder. Its span 
arrangement is (35+40+60+300+60+40+35)m with 
CRTSⅢ slab track. During static acceptance of the 
bridge and track, the long-wave longitudinally 
vertical irregularity 7mm and lateral alignment 
irregularity 6mm under midpoint chord 
measurement method with a 60 m chord length 
were proposed [9]. Later, Yuxihe Bridge in 
Shangqiu-Hefei-Hangzhou HSR line with span 
arrangement (60+120+324+120+60) adopted steel 
box-truss girder to improve the rigidity of cable-
stayed bridge. It’s the longest cable-stayed bridge 
with ballastless track which had been built in 2020 
and the value of 60 m chord length was also used 
to track alignment acceptance [10]. Now, a 
ballastless track cable-stayed bridge named 
Maanshan auxiliary branch bridge in 350km/h 
Chaohu-Maanshan intercity railway line is under 
construction, with steel truss girder and span 
arrangement (56+168+392+168+56) [11]. Cable-
stayed bridge has become an important type of 
HSR ballastless track bridge with steady increase of 
the main span. 

Figure 4. Representative HSR cable-stayed bridge 
with ballastless track (photo from China Railway 

Siyuan Survey and Design Group CO., LTD.) 

3.3 Multi-pylon railway cable-stayed 
bridge 

Multi-pylon cable-stayed bridge has been widely 
used in highway bridges at home and abroad. Due 
to lack of anchorage cable at the mid-pylon, the 
rigidity of such a structure system is smaller and 
thus the number of cases in railway is not many. 
Zhengzhou Yellow River Bridge in Beijing-
Guangzhou HSR line built in 2012 was an 
extradosed cable-stayed bridge with span 
arrangement (120+5×168+120) m and steel-
concrete composite main girder, which had six 
pylons with single cable plane and the pylon had 
only the effect of stiffening. Dongting Lake Bridge 
in Haoji heavy haul railway, was a three-pylon 
cable-stayed bridge with span arrangement 
(98+140+406+406+140+98) m and box-truss 
composite girder [12]. The bridge supported two-
track railway designed by 1.2 times China-Live load 
times, and the stabilizing cable was set at the mid-
pylon to increase the vertical rigidity. Moreover, 
there are several multi-pylon cable-stayed bridges 
under construction such as Jinhai Bridge in Zhuhai-
Zhuhai Airport Intercity Railway with a span 
arrangement (58.5+116+3×340+116+58.5) m and 
four-pylon steel box girder, supporting two-track 
railway and 6-lane highway with train speed 
160km/h [13].Taiping Lake Bridge in Chizhou-
Huangshan railway line is an extradosed concrete 
cable-stayed bridge with a span arrangement 
(48+118+2×228+118+48), supporting two-track 
railway with design speed 350km/h [14]. 

Maanshan Rail-cum-Road Yangtze River Bridge is 
the longest three-pylon steel truss girder cable-
stayed bridge under construction. It supports four-
track railway and 6-lane highway, with a span 
arrangement (112+392+2×1120+392+112) m and 
design speed 250km/h. To improve the vertical 
rigidity, the mid-pylon is higher than side-pylon, 
adopting 3D triangle pylon with height 345m. And 
the side pylon is 308m and 306m respectively, with 
A-shape in the transverse direction and I-shape in
the longitudinal direction, as shown in Figure 5.
Steel-concrete hybrid structure are adopted in
three pylons, in which steel structure is used in
cable anchorage region with 112.5m for mid-pylon,
87.5m for side-pylon, and concrete structure is
used in lower part with 229.5m for mid-pylon and
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217.5m (215.5m) for side-pylon. UHPC is adopted 
in the transition region of all three pylons with 3m 
height. The longitudinal expansion amount of the 
bridge is restricted to ±800mm by setting elastic 

cable at mid-pylon. And wind-resistant bearings are 
arranged at side piers, auxiliary piers, and pylons to 
decrease the lateral displacement.

Figure 5. Maanshan Rail-cum-Road Yangtze River Bridge (Photo from BRDI) 

Q370qE 、 Q420qE 、 Q500qE are used in truss 
girder and three types of segment, i.e. 28m, 21m 
and 14m divide the truss girder into 121 segments. 
The maximum weight of segment is about 1620t 
and ordinary segment 1400t. Integral steel-box 
railway bridge deck is used and rolled stainless 
compound steel plate is adopted for bridge deck 
under the ballast bed. φ7mm 2100MPa parallel 
cable wire is used for stay cable with the longest 
650.55m and the heaviest 79.6t, which has totally 
642 cables and maximum specification 379-φ7mm. 

Figure 6. 3D diagram of 2-segment truss girder of 
Maanshan Bridge (Photo from BRDI) 

4 Accelerated bridge construction 
Accelerated bridge construction is a hot topic in 
recent years [15]. During the construction of 
railway cable-stayed bridge, series of accelerated 
construction method is developed. 

4.1 Caisson construction and inspection 

Pile and caisson are two major foundation types for 
railway cable-stayed bridge, the latter is usually 

used in deep fine sand which the bedrock is hard to 
reach. Construction safety and efficiency are both 
two key factors for caisson. Steel-concrete 
composite caisson structure was applied in 
Husutong Bridge with the plane dimension 
86.9m×58.7m, and the height 105m and 115m for 
two pylons (steel parts are 50m and 56m 
respectively). The scale can be regarded as caisson 
foundation with the biggest volume. Construction 
procedure in Husutong Bridge mainly includes 
integral fabrication of steel part in factory, 
launching and floating, mooring and positioning, 
steel caisson sinking and implantation, riverbed 
scour protection, concrete casting in steel wall, 
heightening and sinking, caisson bed sealing, etc. 
Integral fabrication improved the efficiency of 
caisson construction obviously. Since the 
positioning of huge caisson in complex reversing 
current was difficult, comprehensive measures 
were adopted by using large-diameter anchorage 
pile plus concrete gravity anchor as the mooring 
system, with technology of hydraulic jack for quick 
and simultaneous positioning in multi-direction. 
The precision was satisfying，with maximum plane 
position error 29cm, maximum torsion angle 5.02”, 
far less than the requirement of 1/150 of the 
caisson height and 1° of the plane torsion angle 
[16].When the caisson had been positioned, sonar 
equipment, under-water robot equipped with 
high-qualified video recorder, ultrasonic hole 
detector, and seabed static sounding system, etc. 
were used for inspecting the bed topography, 
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buried depth of cutting shoe of caisson, thickness 
of floating soil, and soil properties, etc.  

(a) Integral fabrication      (b)Floating transportation

(c) positioning and implantation (d) concrete casting

(e) heightening and sinking (f) caisson bed sealing

Figure 7 Caisson construction in deep water

4.2 Integral hoisting construction 

With the development of construction technique 
and equipment, the tonnage of integral hoisting 
has increased obviously in China which accelerates 
bridge construction. Compared to the hoisting of 
scattered member, hoisting of integral segment 
improved efficiency which was adopted in Wuhan 
Tianxingzhou Bridge and Husutong Bridge, with the 
maximum hoisting weight 1740t [17]. While under 
the help of crane ship SEAGULL with maximum 
hoisting ability 3600t, the maximum hoisting 
weight reached 3400t in Pingtan Strait Bridge to lift 
the girder at side and auxiliary span. And the steel 
pylon of Jinhai Bridge, with the total weight of 
2800t, was also lifted integrally and positioned by 
the same crane ship as shown in Figure 8. 

Figure 8 Development of integral hoisting 
construction and equipment 

4.3 Synchronous construction of pylon and 
girder 

Synchronous construction of pylon and girder has 
also become a popular method to accelerate the 
construction. Representative bridges using this 
technique include Wuhan Tianxingzhou Bridge, 
New Wuhu Bridge, Husutong Bridge, etc. Due to 
different workspace at the pylon and girder, the 
safety measures and organization are vital to deal 
with the complicated construction. Generally, the 
safety guard platform shall be erected to isolate 
the workspace. And the climbing formwork shall 
also be closed to prevent the falling of objects. To 
guarantee the safety of the whole process, detailed 
computation is necessary to provide scheme for 
temporary cross brace arrangement, unbalanced 
weight allowed at both sides of the cantilever, 
cable force error, and measurement time to avoid 
the influence of wind and temperature, etc. Taking 
New Wuhu Bridge as an example (shown in Figure 
9), four temporary cross braces were suggested to 
optimize the behaviour of pylon. Unbalanced 
weight shall be not more than 25t, cable force error 
shall be within 2% and not more than 10t [18]. 
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Figure 9 Synchronous construction of pylon and 
girder 

4.4 Computer-aided virtual construction 

Computer-aided virtual bridge construction has 
become a hot research and engineering topic in 
recent years, creating many scenarios for different 
bridge types and application stages. Computer-
aided pre-assembly of steel girder is important to 
check the fabrication error and realize the precise 
assembly from engineering practice, which has 
been applied nearly mature. The flow chart of steel 
girder virtual pre-assembly is shown in Figure 10. 
Firstly, the 3D coordinate points are obtained by 
measuring the steel girder member using 
acquisition device with high accuracy. Secondly, 
the measured point and corresponding design 
point were fitted based on the theoretical 
assembly model, then the precision analysis was 
carried out to verify if the fabrication accuracy 
could be satisfied. Thirdly, all the steel girder 
members were then transformed into the same 
coordinate system to fit the axis and plane of 
measured points to check the accuracy [19]. 

Start

Create Project

Measure single chord member, 
Build 3D theoretical model 

Input measured points, input 3D 
model and get design point

Integrate and fit the measured 
and design points 

Analyze the geometry of chord 
member 

Manufacturing accuracy
can be satisfied? 

YES
Save project

NO

k<n
YES

k=k+1

Fit the center line 
of chord member

Fit the plane of 
chord member

Not satisfied

NO

Input all assembly 
projects  

Measurement 
and Analysis

Manufacturing accuracy
can be satisfied? 

NO

K<N

NO

Propose relevant 
countermeasures

k=k+1

Assembly report

End

YES

YES

Figure 10 Flow chart of steel girder virtual pre⁃
assembly 

Figure 11 Assembly management of group chord 
members 

Besides the virtual pre-assembly of steel girder, the 
virtual construction in field based on BIM has also 
been applied in many railway bridges, which 
includes construction procedure simulation and 
information management, etc. In recent years, the 
concept of digital twin has been discussed in mega 
bridge construction but the real value needs to be 
explored continually. 

5 New equipment and devices 

5.1 Bridge expansion joint with expansion 
amount of ±800mm 

It has become a common sense that the 
performance of bridge expansion joint (BEJ) is vital 
to long span railway bridges since the safety of 
running train is more vulnerable at the girder end. 
According to relevant research, the longitudinal 
displacement of cable-stayed bridge at girder end 
is mainly caused by temperature, vertical live load, 
braking force, longitudinal wind, and total 
displacement of the approach bridge [20]. A lot of 
research achievements have been obtained which 
mainly deal with the operational performance of 
the device especially the relationship between 
displacement and temperature. However, it’s more 
important to design, fabricate and install the 
railway bridge expansion joint, and consider its 
coordination with the rail expansion joint (REJ). An 
integral design method has been proposed for BEJ 
and REJ of long span railway bridges [21]. Deck-
type expansion joint has been suggested which the 
longitudinal beam is on top of the movable steel 
sleeper, as shown in Figure 12. Several indexes 
have been suggested including frictional resistance, 
vertical rigidity, and fatigue, etc. And the frictional 
resistance is among the most important factor 
which influences the normal function of the 
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devices. Its limit value is closely related to the 
number of movable steel sleepers and longitudinal 
beam, to obtain a relatively smooth sliding 
condition. The frictional value shall be lower than 
12kN, 25kN, 30kN, and 40kN when the number of 
movable steel sleepers is 1, 2, 3 and 4 respectively. 

Figure 12 Bridge expansion joint with expansion 
amount ±800mm designed and made by China 

5.2 Hoisting crane with high capacity 

With the help of heavy-duty hoisting crane, the 
erection of integral girder and pylon become 
possible. Figure 13 shows the girder hoisting crane 
with 1800t capacity, the crane ship with 3600t 
capacity [22].  

Figure 13 Hoisting crane and crane ship 

5.3 Torque wrench and management 
system 

High-strength bolt and its connection construction 
have been always the key parts during the railway 
bridge construction. The study of this technology 
has been started since 1957 in China. In 1960s to 
1970s, the torsion angle method was mainly used, 
matched with the pneumatic impact wrench which 
was hard to guarantee the construction quality of 
high strength bolt. In 1990s, the constant torque 
wrench of second generation was developed to 
make the torque method possible and successfully 
used in Jiujiang Yangtze River Bridge. It was proved 

that such a screwing tool could improve the 
construction precision, reduce labour intensity, 
and decrease the pollution. However, due to the 
complexity of operation, error existed inevitably 
which might cause overtightening. New generation 
of torque wrench named CNC servo electric wrench 
has been developed, together with relevant 
information management system. This tool could 
pre-set the threshold value of bolt tightening and 
pre-alarm the error during the construction [23]. 

Figure 14 CNC servo electric wrench and APP 

6 Technological challenges 

6.1 Deep-water foundation construction 
technology and relevant equipment 

Experience on deep-water foundation construction 
has obtained with the development of long-span 
railway cable-stayed bridges. The maximum water 
depth is about 40m and 45m for Tongling Bridge 
and Guyumen Waterway Bridge in Pingtan Strait 
respectively, with the pile diameter 2.8m and 4.5m. 
KTY5000 drilling machine was created for the latter 
foundation construction under large wave current 
force and super typhoon. The maximum water 
depth is nearly 50m for the caisson construction of 
Husutong Bridge’s pylon foundation. Xihoumen 
rail-cum-road sea-crossing bridge with span 
arrangement (70+112+406+1488+406+112+70) m 
is under construction, which is a combined cable-
stayed suspension bridge. The foundation of No.5 
pylon is 18 φ6.3m bored piles with length 88m. The 
challenges of deep-water foundation construction 
come from the uncertainties of rock and soil 
properties, the temporal variation of foundation 
scour during construction, complexity of wave-
current forces, and structural response of large-
scale foundation.  
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6.2 Static acceptance criteria and control 
for geometric alignment 

HSR long-span railway bridges have strict 
requirements for geometric alignment of main 
girder and track. However, there is no special 
regulations on static acceptance criteria. Through 
correlation analysis between acceleration of train 
body and chord measurement value, midpoint 
chord measurement method and its value with a 60 
m chord length were initially proposed as the static 
acceptance criteria for track geometric alignment 
of HSR long-span railway bridges under different 
design speed. While the limit value of geometry 
alignment of main girder is not yet clearly specified. 
Since the main span of HSR railway cable-stayed 
bridge has broken through 1176m, proper 
management and control of the geometric 
alignment of the bridge main girder and track need 
to study in detail and verified by field test. 

6.3 Operational monitoring and status 
evaluation 

Different from highway cable-stayed bridges, 
stricter requirement shall be considered for railway 
bridges since the status of track on the bridge has 
direct and obvious influence on the safety of 
running train with high speed. According to the 
maintenance experience of long-span railway 
bridges, the overall performance of bridge main 
structure has little change in earlier service stage, 
hence the key attention shall be paid to structural 
components such as bearings, dampers, expansion 
joints and stay cables. Some methods on how to 
evaluate the status of above components have 
been proposed but the effectiveness and accuracy 
still need to improve. On the other hand, 
considering the big data from track by regular 
inspection and bridge from health monitoring 
system, it’s necessary to incorporate the data and 
analyse at the same time. And it becomes a big 
challenge on how to deal with these massive data 
effectively and maintain bridges by above data.  

7 Conclusions 
Due to space limitations, this paper summarizes 
major recent developments of railway cable-stayed 
bridges in China from new material, new structural 
system, accelerated construction method, and new 

equipment and devices. Technological challenges 
have also been proposed and discussed. In future, 
optimal design and construction in lifecycle view, 
track-bridge integral design method, performance-
based static and dynamic design and smart 
maintenance of complicated bridges will emerge.  
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Abstract 
In this paper, we take the suspension bridge of Oujiang Beikou bridge in Wenzhou, as the 
engineering background, the effects of a full rigid connection between segments, adding restraint 
cables between the stiffening beam and bridge tower, and adding restraint cables between the main 
cable and bridge tower, addition underwater auxiliary pier and the combination of the above 
measures on the natural vibration characteristics of the structure are studied and compared, 
especially the influence of torsional frequency and vibration mode. The calculation results show that 
when the hoisting quantity of stiffening beams is small, setting cables or a combination of the rigid 
connection of the beam and setting cables can improve the torsional frequency of the structure. 
When the hoisting quantity of stiffening beams is large, setting cables or combination setting 
auxiliary pier and rigid connection of beam  

Keywords: three-tower and four-span suspension bridge; construction stage; natural vibration 
characteristics; measure. 

1 Introduction 
Unlike two-tower suspension bridges, the main 
cables of three-tower ground-anchored suspension 
bridges are vertically supported by saddles at the 
mid-tower, so the boundary conditions of the main 
cables at the mid-tower are weaker and the overall 
stiffness of the suspension bridge will be reduced[1]. 
Some studies have been done on the static and 
dynamic characteristics of three-tower ground-
anchored suspension bridges. Shen et al. 
[2]investigated the effects of connection form of
tower and girder, connection form of cable and
girder connection, and cable system arrangement

form on the static characteristics of the structure for 
a three tower-four span suspension bridge with 
different main span diameters. Cheng et 
al.[3]derived the reasonable value range of the 
longitudinal stiffness of the rigid middle tower. Jia 
et al.[4]established FEM model to perform a 
parametric analysis on tower stiffness, sag-span 
ratio, and side–main span ratio. Liang et al. [5] 
discuss the mechanical behavior differences 
between the two-tower and three-tower 
suspension bridges. Cao et al.[6]propose an 
analytical model for predicting the structural 
responses of three-tower suspension bridges with a 
central buckle under vehicle loads and examines the 
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effect of the central buckle on suppressing the mid-
tower effect. 

Three towers and four spans suspension bridge in 
the construction stage of stiffened girders, due to 
insufficient restraint, the structural stiffness is small, 
and the vibration characteristics are more complex. 
Resulting in its susceptibility to dynamic instability 
in complex construction environments. The current 
research on the dynamic characteristics of three-
tower ground-anchored suspension bridges is 
mostly focused on the completion stage, and there 
is still a lack of research on the self-oscillation 
characteristics of the construction stage. In this 
paper, the effect of various measures on the self-
vibration characteristics of the structure is studied 
in the engineering context of the suspension bridge 
over the Oujiang River Beikou in Wenzhou, China. 
This has positive significance for promoting the 
construction of multi-tower and long-span 
suspension bridges. 

2 Project Overview 

2.1 Basic information 

The main bridge of Oujiang Beikou Bridge is the 
world's largest span three tower-four span 
continuous double-layer steel truss girder 
suspension bridge. The mid-span rise-span ratio is 
1/10, and the general arrangement of the bridge is 
shown in Fig.1. 

Finite element software ANSYS is used to establish 
the finite element model of the whole bridge, the 
main cable and boom use LINK 10 unit, and the main 
beam and the bridge tower use BEAM 4 unit. The 
finite element model of the whole bridge is shown 
in Fig.2. 

2.2 Measures to improve natural vibration 
characteristics in the construction stage 

The Oujiang Beikou Bridge stiffening girders are 
divided into 110 girder sections. According to the 
construction plan, the stiffening girder sections are 
installed from the middle of the span of the two 
main spans until the side spans are closed together. 
By setting temporary hinges between the main 
girder sections, the vertical bending deformation of 
the stiffened girders can be effectively reduced and 

the stresses in the upper and lower chords of the 
stiffened girders during the construction phase can 
be reduced. Therefore, the bridge has a rigid and 
articulated transition between the main girder 
stages during the construction stage of the stiffened 
girders[7]. 

Fourteen typical construction conditions shown in 
Table 1 were selected for the calculation of natural 
vibration characteristics. The torsion frequency of 
the construction stage is mainly the rigid torsion of 
the beam section as a whole, and the results of the 
torsion ratio between the partial construction stage 
and the completed bridge stage are shown in Table 
2. The Oujiang Beikou bridge encountered typhoon
season during the main girder lifting stage, the wind
stability of suspension bridges in the construction
phase can often be more problematic than in the
final state[8]. The suspension bridge is likely to
suffer from static wind instability when the vertical
bending and torsional stiffness of the structure are
small under static wind loads. In order to improve
the wind stability of the bridge, the vertical and
torsional vibration mode frequencies of the
structure can be increased, especially the torsional
vibration mode frequency. As the bending and
torsion frequency ratio decreases significantly
during the construction phase, it is necessary to
take measures to increase the torsion frequency.

Table 1. Construction stage 

Constructi
on stage 

Number of 
installed 

beam 
sections 

Number of 
main span 

beam 
sections 

Number 
of side 
span 
beam 

sections 

1 12 10 2 

2 16 14 2 

3 22 18 4 

4 32 26 6 

5 36 30 6 

6 46 38 8 

7 56 46 10 

8 66 54 12 

9 81 62 19 
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10 86 66 20 

11 90 70 20 

12 95 74 21 

13 101 78 23 

14 110 85 25 

Table 2. Torsion bending ratio of Partial stage 

Torsion 
bending 

ratio 

Constructi
on stage 

12 

Construc
tion 

stage13 

Bridge 
completion 

stage 
anti-

symmetric 1.676 1.725 3.630 

Figure 1. General layout of the bridge (Unit: m) 

Figure 1. Full bridge FEM model

Figure 3. Middle span with 8 cables

Figure 4. Middle span with 12 cables

Depending on the number of main beams in the 
construction phase, different measures are taken 
to improve the self-vibration characteristics of the 
structure in the construction phase. The measures 
are as follows: 

(1) Measure 1: Connect the bridge tower to the
main cable and main beam respectively by cables.
When the number of main spans construction
girder sections is less than 42, the bottom of the
bridge tower is connected to the end of the main
girder girders and the main cables (1/4 span and
3/4 span) using cables, i.e. construction stages 1, 2,
3, 4, 5 and 6, as shown in Fig. 3. When the number
of girder sections in the main span construction is
more than 42 girders, the bottom of the bridge
tower is connected to the main cables (1/4 span
and 3/4 span) and the main girders (girder end, 1/4

span, and 3/4 span) by using cables, i.e. 
construction stages 7, 8, 9, 10, 11, 12 and 13, as 
shown in Fig. 4. 

(2) Measure 2: the beam sections of the whole
bridge are rigidly connected without hinged
connections.

(3) Measure 3: Combine measures 1 and 2, which
are used when the main span construction is less
than 42 sections of beams, i.e. construction stages
1, 2, 3, 4, 5and 6.

(4) Measure 4: Set up auxiliary piers at the
positions of 1/4 and 3/4 of the main span:
Constrain the vertical and transverse degrees of
freedom of the main beam nodes at the
corresponding sections in the finite element
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software, and retain the hinged connection 
between the main beam segments. 

(5) Measure 5: Set up auxiliary piers at the
positions of 1/4 and 3/4 of the main span: the
vertical and transverse degrees of freedom of the
main beam nodes at the corresponding sections
are constrained in the finite element software, and
the main beam sections are rigidly connected.

Measures 1-3 are applicable to construction stages 
1-6. Measures 1, 2, 4and 5 are applicable to
construction stages 7-10. Measures 1 and 5 are
applicable to construction stages 11-13.

3 Natural vibration characteristics in 
construction stages 1-6 

Take the corresponding measures in section 1.2 to 
analyze the natural vibration characteristics of the 
structure respectively. The calculation results are 
shown in Fig. 5. It can be seen from Fig.5 that 
measure 3 can largely improve the frequency of 
vertical bending and torsional vibration modes of 
the structure compared with measures 1 and 2. In 
different construction stages, measures 1 and 2 
have different improvement effects on different 
vibration modes and frequencies. Compared with 
measure 2, measure 1 can more improve the 
symmetrical torsional frequency of the south and 
north main spans. To sum up, in the construction 
stage 1-6, it is suggested to take measure 1 (setting 
the restraint cable) or measure 3 (combination 
with setting the restraint cable and rigid 
connection of the main beam section) to improve 
the natural vibration characteristics of the 
structure. 

(a) Symmetrical vertical bending of South Main
Span 

(b) Symmetrical vertical bending of North Main
Span 

(c) Symmetrical torsion of South Main Span

351



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

(d) Symmetrical torsion of North Main Span

Figure 5. Vibration mode frequency with
construction stages 1-6 under different measures 

4 Natural vibration characteristics in 
construction stages 7-10 

It can be seen from figure 6 that measure 5 has the 
most significant effect on improving the 
symmetrical vertical bending frequency of the 
South and north main spans. In the first 55 modes, 
the symmetrical torsional vibration modes of the 
south and north main span do not appear in the 
model of measure 5, which shows that measure 5 
can effectively improve the torsional vibration 
modes in this construction stage. Compared with 
measures 1, 2, and 4, measure 4 can reduce the 
torsional frequency of the north main span. 

Therefore, for construction stages 7-8, measures 1, 
2, and 5 can be taken to improve the natural 
vibration characteristics of the structure. 

(a) Symmetrical vertical bending of South Main
Span 

(b) Symmetrical vertical bending of North Main
Span 

(c) Symmetrical torsion of South Main Span

(d) Symmetrical torsion of North Main Span

Figure 6. Vibration mode frequency with
construction stage 7-8 under different measures 
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It can be seen from Fig. 7 that taking measure 5 has 
the best effect on improving the frequency of 
antisymmetric vertical bending, symmetrical 
vertical bending, and antisymmetric torsional 
vibration mode of two main spans. Compared with 
measures 1, 2, and 4, measure 2 does not 
significantly increase the frequency of 
antisymmetric torsion of two main spans. 

Therefore, for construction stages 9-10, it is 
recommended to take measures 1, 4, and 5 to 
improve the natural vibration characteristics of the 
structure. 

(a)Antisymmetric vertical bending of two main
spans 

(b)Symmetrical vertical bending of two main spans

(c)Antisymmetric torsion of two main spans

Figure 7. Vibration mode frequency with
construction stage 9-10 under different measures 

To sum up, for the construction stages 7-10, it is 
suggested to take measure 1 (setting restraint 
cable) or measure 5 (combination rigid connection 
of beam section and setting auxiliary pier) to 
improve the natural vibration characteristics of the 
structure. 

5 Natural vibration characteristics in 
construction stages 11-13 

According to table 3, for the first 55 modes, after 
taking measure 5, there is no appearance of 
symmetrical vertical bending and antisymmetric 
vertical bending vibration modes of two main. It 
shows that measure 5 can improve the vertical 
vibration mode frequency of the structure. 
Compared with measure 1, measure 5 will more 
improve the frequency of antisymmetric torsion of 
the two main spans of the structure. 

For construction stages 11-13, measure 1 (setting 
restraint cable) and measure 5 (combination rigid 
connection of beam section and setting auxiliary 
pier) can improve the natural vibration 
characteristics of the structure. 

Table 3 . Vibration mode frequency with 
construction stage 11-13 under different measures 

Vibration 
mode 

Constructi
on stage 

Natural frequency [Hz] 

Original 
structure 

Measure 1 
/ Measure 

5 
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Antisymme
tric vertical 
bending of 
two main 

spans 

11 0,181 0,198/-- 

12 0,184 0,20 /-- 

13 0,187 0,203 /-- 

Symmetric
al vertical 
bending of 
two main 

spans 

11 0,214 0,239/-- 

12 0,216 0,237/-- 

13 0,220 0,237/-- 

Antisymme
tric torsion 

of two 
main spans 

11 0,291 0,401/0,89
9 

12 0,309 0,425/0,85
6 

13 0,322 0,448/0,82
1 

Note: -- indicates that the corresponding vibration 
mode does not appear in the first 55 modes 

6 Conclusions 
The suspension bridge is likely to suffer from static 
wind instability when the vertical bending and 
torsional stiffness of the structure are small under 
static wind loads. In order to improve the wind 
stability of the bridge, the vertical and torsional 
vibration mode frequencies of the structure can be 
increased, especially the torsional vibration mode 
frequency. This paper takes the suspension bridge 
of Oujiang Beikou bridge in Wenzhou, China as the 
engineering background, the effects of a full rigid 
connection between segments, adding restraint 
cables between stiffening beam and bridge tower 
and adding restraint cables between main cable 
and bridge tower, addition underwater Auxiliary 
Pier and the combination of the above measures on 
the natural vibration characteristics of the 
structure are studied and compared, especially the 
influence of torsional frequency and vibration 
mode. The results show that in order to improve 
the wind stability of the bridge, different measures 
need to be taken to improve the vibration 
characteristics of the stiffening beam at different 
stages of hoisting. The main conclusions are as 
follows: 

(1) In the construction stage 1-6, the measures of
setting restraint cables can largest increase the
symmetrical torsional frequency of the South Main
Span by 12,843% and the symmetrical torsional

frequency of the north main span by 17,307%.The 
combination of setting restraint cable and rigid 
connection can largest improve the symmetrical 
torsional frequency of the South Main Span by 
15,306% and that of the north main span by 
20,887%. Therefore, in the construction stage 1-6, 
it is suggested to take measure 1 (setting the 
restraint cable) or measure 3 (combined with 
setting the restraint cable and rigid connection of 
the main beam section) to improve the natural 
vibration characteristics of the structure. 

(2) For construction stages 7-8, only setting
auxiliary piers can reduce the torsional frequency 
of the north main span. For the construction stage 
9-10, the measures of rigid connection of beam
section do not significantly improve the frequency
of antisymmetric torsion of two main spans. For the 
construction stages 7-10, it is suggested to take
measure 1 (setting restraint cable) or measure 5
(combination rigid connection of beam section and
setting auxiliary pier) to improve the natural
vibration characteristics of the structure.

(3) In the construction stage 11-13, the measures
of setting restraint cables can largest increase the
antisymmetric torsional frequency of two main
spans by 39,27%. The combination of setting
restraint cable and setting auxiliary pier can largest
improve the antisymmetric torsional frequency of
two main spans by three times. Therefore, for
construction stages 11-13, measure 1 (setting
restraint cable) and measure 5 (combination rigid
connection of beam section and setting auxiliary
pier) can improve the natural vibration
characteristics of the structure.
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Abstract 
Suspension bridges with three cable planes (SB-3CP) provide an excellent solution to the 
suspension bridges’ downwarp problem with ultrawide decks. However, the middle cable bears 
most of the deck load, which affects the torsional rigidity, and force status of the upper transverse 
beam on the pylon. It is necessary to adjust the distribution of dead loads to three cables in the 
transverse direction. In this paper, two analytical methods respectively based on the hanger cross 
sectional area (Method 1) and unstrained length (Method 2) are proposed. By altering the cross-
sectional area of each hanger (Method 1) and increasing the unstrained length of the middle 
hanger (Method 2), the load share beard by the middle cable reduces. Finally, an SB-3CP was 
taken as an example. As the results show, the more load the side cable bears, the more torsional 
rigidity the bridge has, and the less vertical force is applied by the main cable to the upper 
transverse beam on the pylon. 

Keywords: triple-cable suspension bridge; ultrawide deck; dead load allocation; transverse 
direction of the bridge; hanger cross sectional area; hanger unstrained length; torsional rigidity; 
tower’s top transverse beam. 

1 Introduction 
Suspension bridges have a long global history and 
unparalleled spanning capacity among all bridge 
types due to main cables hanging between the 
towers and serving as the primary load-bearing 
parts [1][2][3][4]. With the continuous progress in 
design theories and construction technologies, the 
suspension bridge spans reached ultra-large 
lengths. Several ultra-long-span suspension 

bridges are currently under construction, including 
the Çanakkale 1915 Bridge (main span of 2023 m) 
in Turkey [5], the Zhangjinggao Yangtze River 
Bridge (main span of 2300 m) in China, and 
Guangdong Lion Ocean Bridge (main span of 2180 
m) in China. In recent years, the designers have
preferred to use an ultra-wide bridge deck to
accommodate more vehicle lanes in the
suspension bridge.
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An increasing number of suspension bridges are 
designed with ultra-wide decks. For example, the 
Third Bosphorous Bridge has a clear deck width of 
58.5m and a full width of 60 m [6], China's Nansha 
Bridge, built in 2019, has a box girder width of 
49.7 m [7], while the Fenghuang Road Yellow River 
Bridge (currently under construction in Jinan, 
China) has a width of 61.7 m. Zhou et al. 
performed monitoring of the Hunan Road Bridge 
in China and reported that the wider main girder 
led to a significant spatial effect on the main 
girder, while the longitudinal stress of the main 
girder varied non-uniformly in the transverse 
direction[8]. Wu et al. revealed that the main 
girder of the suspension bridge with an ultra-wide 
deck underwent significant distortion under 
eccentric loading, while the internal forces acting 
on the hangers on the two sides were non-
uniform, with alternating stress produced in the 
roof [9]. Given the above findings, installation of 
an ultra-wide deck in a conventional two-cable 
suspension bridge requires to resolve the 
following two major problems: (1) The main girder 
has a significant spatial effect, which considerably 
adds to the difficulty of design and analysis; (2) At 
the midpoint of the main girder section the 
deflection may be excessively large. The height of 
the main girder has to be increased to improve 
the stiffness, leading to high steel consumption 
and high construction cost. 

The above problems may be solved by adding a 
cable plane (one more main cable and the 
corresponding hangers). That is, the solution 
implies building a suspension bridge with three 
main cables [10]. Given that available studies on 
suspension bridges with three main cables are 
quite scarce, some clues can be found in those on 
cable-stayed bridges with three or four cable 
planes. Zheng et al. performed an optimization 
calculation of the cable force under the dead load 
in a cable-stayed bridge with three cable planes in 
the completed state. Their purpose was to achieve 
a more consistent and reasonable mechanical 
performance in the completed bridge state and 
enhance structural stability. Besides, the three-
cable-plane structure can reduce the area and 
force of a single cable under the same 
consumption of cable materials and the same 
total cable force [11]. The above studies have 

demonstrated that increasing the number of cable 
planes offered an effective solution for the cable-
stayed bridge with an ultra-wide deck. However, 
the cable-stayed bridge and the suspension bridge 
differed significantly in structure. The design 
theories and practice for the cable-stayed bridge 
with multiple cable planes cannot be directly 
applied to a suspension bridge. To this end, a 
novel structure of the suspension bridge with 
three main cables is addressed in this study. 

In this case, the dead load allocation to the three 
main cables in the transverse direction is a crucial 
topic. Without a proper adjustment to the middle 
and side cables, the stress in the middle cable 
significantly exceed that in the side cables (by 
about 3.5 times). Thus, the following problems 
ensue: (1) To ensure the equality of safety factors 
in each main cable, one has to increase the cross-
sectional area of the middle main cable while 
reducing that of the side main cables. However, 
this method will affect the torsional stiffness of 
the whole bridge since the side main cables 
primarily provide the torsional stiffness of the 
suspension bridge. (2) For various reasons, the 
number of columns in each tower should be the 
same as in the most conventional suspension 
bridges, namely two, as in the case of the 
Lianhuashan Cross-River Expressway Project. In 
the case of two columns, the saddle of the middle 
main cable will be directly positioned at the 
midspan of the top transverse beam of the tower, 
which may impair the mechanical performance of 
the top transverse beam or even the whole bridge 
safety. This problem can be resolved by adjusting 
the share of the dead load of the main girder 
borne by each of the three main cables so that the 
dead load borne by the middle main cable will not 
exceed those of the side main cables.  

Based on the previous studies, we propose two 
analytical methods for dead load allocation at any 
customer-specified share to the suspension 
bridge's three main cables by adjusting the hanger 
cross sectional area (Method 1) and unstrained 
length (Method 2) respectively. The proposed 
algorithm is then applied to the suspension bridge 
with a width of 75 m and a main span of 2,320 m 
and 2,100 m, respectively. The results are 
compared against the respective FEM calculations 
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to prove the accuracy of the proposed analytical 
method. Finally, the suspension bridge's 
mechanical performance and material 
consumption with three main cables are 
compared under different shares of dead load 
allocation. 

2 Methodology 

2.1 Rationale 

An analytical method for allocating the dead load 
of the main girder to the three main cables is 
proposed for the suspension bridge with three 
main cables (Figure 1). 

Figure 1. A 3D geometry of the suspension bridge 
with three main cables (fragment) 

The proposed algorithm consists of the following 
steps:  

(1) In the longitudinal direction of the bridge, the
reaction force of each hanging point (three
hangers in a group) is calculated using the multi-
point rigidly supported continuous beam method.
This reaction force is the sum of the three hanger
forces.

(2) The length of the main girder segment borne
by the three hangers in a group is determined.
Each segment is extracted and treated as a
transverse beam. A plane model of this transverse
beam is constructed, which implies that three
hangers suspend one transverse beam.

(3) The axial forces of the three hangers in this
group are calculated according to the specified
share.

(4) For the transverse beam in the plane model,
the bending moment of each cross-section is
calculated according to the moment equilibrium
conditions. The rotational angle and deflection of
each section are derived via the differential
equation of the deflection curve. The compatibility
equations of rotational angle and deflection at
each hanging point are constructed according to
the displacement compatibility conditions.

(5) For a symmetric plane model, deformation
compatibility conditions are combined with the
condition of the equality of stiffness in the side
hangers; for an asymmetric plane model,
deformation compatibility conditions are
combined with the energy conservation equation.

(6) The respective sets of equations are solved for
symmetric or asymmetric plane models.

2.2 Analytical algorithm 

2.2.1 Hanger force calculation 

Hanger forces of the suspension bridge were 
calculated using the multi-point rigidly supported 
continuous beam method. Here, we replace the 
three hangers in each group with a rigid support. 
In this way, the main girder becomes equivalent to 
a rigidly supported continuous beam over multiple 
points (Figure 2). 

Figure 2. Schematic diagram of the multi-point 
rigidly supported continuous beam method 

The reaction force Fi in this continuous beam is 
the sum of the three hanger forces in group i. The 
Fi is used to determine the length of the load-
bearing segment, Li: 

𝐿𝐿𝑖𝑖 = 𝐹𝐹𝑖𝑖
𝑞𝑞′

    (1) 

where q’ is the dead load intensity of the main 
girder in the longitudinal direction (kN/m). 

This load-bearing segment with the determined 
length is separated and treated as a transverse 
beam. Thus, the spatial model of the suspension 
bridge with three main cables is converted into a 
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plane model, whereas three hangers suspend a 
transverse beam, as shown in Figure 3. 

Figure 3. Plane model 

The support stiffness provided by each hanger to 
the transverse beam is given by 

𝑘𝑘𝑖𝑖 = 𝐸𝐸ℎ𝐴𝐴𝑖𝑖
ℎ𝑖𝑖

   (2) 

where Eh, hi, and Ai are the elastic modulus, 
unstrained length, and cross-sectional area of the 
hanger, respectively.  

Assuming that the tensions in the two side 
hangers are equal and that the middle-to-side 
hangers tension ratio is 1:n, we get 

𝑃𝑃1 = 𝑃𝑃3 =
𝑛𝑛 ∫ 𝑞𝑞(𝑥𝑥)𝑑𝑑𝑥𝑥𝑙𝑙

0
2𝑛𝑛+1

,  𝑃𝑃2 = ∫ 𝑞𝑞(𝑥𝑥)𝑑𝑑𝑥𝑥𝑙𝑙
0
2𝑛𝑛+1

   (3) 

where l is the total length of the transverse beam 
(Figure 3), i.e., the main girder width; q(x) is the 
dead load density of the transverse beam (kN/m); 
P1, P2 and P3 are the forces of the left, middle and 
right hangers, respectively. 

2.2.2 Shape finding of the main cables 

Based on the design value of the safety factor for 
the main cable under the dead load, the cross-
sectional area of the main cable and hence the 
dead weight of the main cable per linear meter ca 
Based on the hanger forces calculated above, the 
segmental catenary theory is further adopted, 
assuming two closure conditions: (i) closure of 
height difference between one endpoint and the 
midspan of the main cable and (ii) closure of 
height difference between two endpoints of the 
main cable [12]. Thus, one can find the shapes of 
three main cables in the main span. After that, the 
main cables' internal forces, strain, and unstrained 
lengths can be obtained. Based on the design 
value of the safety factor for the main cable under 

the dead load, the cross-sectional area of the main 
cable and hence the dead weight of the main 
cable per linear meter can be derived. 

2.2.3 Calculation of the unstressed lengths of 
the hangers 

Under normal operation conditions, the bridge 
materials are consistently elastic. Hanger 
elongation is considered to be caused by changes 
in the hanger force. According to Hooke's law, the 
elongation Δi of the ith hanger is given by 

𝛥𝛥𝑖𝑖 = 𝑃𝑃𝑖𝑖
𝑘𝑘𝑖𝑖

  (4) 

The bending moment in any cross-section of the 
transverse beam can be calculated based on the 
moment equilibrium conditions. Then by 
integration, we can derive the expressions of the 
rotational angle and deflection for each section of 
the transverse beam. 

According to the continuity conditions of 
deflection and rotational angle, we have 

𝑤𝑤𝑙𝑙(𝑙𝑙1) = 𝑤𝑤𝑟𝑟(𝑙𝑙1) = Δ1 = 𝑃𝑃1
𝑘𝑘1

  (5) 

𝑤𝑤𝑙𝑙′(𝑙𝑙1) = 𝑤𝑤𝑟𝑟′(𝑙𝑙1)            (6) 

𝑤𝑤𝑙𝑙(𝑙𝑙1 + 𝑙𝑙2) = 𝑤𝑤𝑟𝑟(𝑙𝑙1 + 𝑙𝑙2) = Δ0 + 𝑃𝑃2
𝑘𝑘2

    (7) 

𝑤𝑤𝑙𝑙′(𝑙𝑙1 + 𝑙𝑙2) = 𝑤𝑤𝑟𝑟′(𝑙𝑙1 + 𝑙𝑙2)          (8) 

𝑤𝑤𝑙𝑙(𝑙𝑙1 + 𝑙𝑙2 + 𝑙𝑙3) = 𝑤𝑤𝑟𝑟(𝑙𝑙1 + 𝑙𝑙2 + 𝑙𝑙3) = Δ3 = 𝑃𝑃3
𝑘𝑘3

 (9) 

𝑤𝑤𝑙𝑙′(𝑙𝑙1 + 𝑙𝑙2 + 𝑙𝑙3) = 𝑤𝑤𝑟𝑟′(𝑙𝑙1 + 𝑙𝑙2 + 𝑙𝑙3)        (10) 

where the subscripts l and r represent the cross-
sections on the left and right side of any hanging 
point in the transverse beam, respectively; Δ0 is 
the length of the middle hanger exceeding the line 
connecting the bottoms of the left and right side 
hangers without dead load (Figure. 3) The latter 
parameter is derived as follows: 

𝛥𝛥0 = 𝑑𝑑 + ℎ2 −
𝑙𝑙3ℎ1+𝑙𝑙2ℎ3
𝑙𝑙2+𝑙𝑙3

 (11) 

where d is the height difference between the 
upper endpoint of the middle hanger and that of 
the side hanger (Figure. 3). It is related to the 
main cable shape and diameter. 

Equations (5)-(10) can be decomposed into nine 
equations. Specifically, each of the three 
equations (5), (7), and (9) can be decomposed into 
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two equations. For method 1, It is assumed that 
the cross sectional area of a hanger is known (for 
example, A1 is known). For method 2, It is 
assumed that the unstrained length of a hanger is 
known (for example, h1 is known). Thus, the above 
nine equations contain ten unknown parameters. 
Therefore, one more equation is needed to get a 
closed-type set of equations and derive these ten 
unknowns. 

For a symmetric plane model, one can add an 
equation based on the equality of axial stiffness 
values of the two side hangers: 

𝑘𝑘1 = 𝑘𝑘3        (12) 

For an asymmetric plane model, one can add an 
equation based on the energy conservation 
condition. In a closed system, the works done by 
the external and internal forces should be equal. 
The work done by the internal force is the strain 
energy stored in the structure itself, which 
consists of the bending strain energy of the 
transverse beam and the elastic strain energy of 
the hangers: 

1
2
� 𝑞𝑞(𝑥𝑥)𝑤𝑤(𝑥𝑥)𝑑𝑑𝑥𝑥 =
𝑙𝑙

0
 

∫ 𝑀𝑀2(𝑥𝑥)
2𝐸𝐸𝑏𝑏𝐼𝐼(𝑥𝑥)

𝑑𝑑𝑥𝑥𝑙𝑙
0 + 1

2
�𝑃𝑃1

2

𝑘𝑘1
+ 𝑃𝑃22

𝑘𝑘2
+ 𝑃𝑃32

𝑘𝑘3
�      (13) 

Thus, the full set of ten equations (5)-(10), and (12) 
is used to solve the unstrained lengths of each 
hanger in a symmetric plane model, while that for 
an asymmetric one contains Eqs. (5)-(10) and (13). 
The respective set of equations is incorporated 
into the calculation algorithm earlier described in 
section 2.1 (step 5).  

3 Calculation example 

3.1 An overview of the suspension bridge 

The main span of the bridge is 2100 m and 2320m 
respectively, and the sag-span ratio of the main 
cable is 1:10 (Figure. 4). The spacing between the 
upstream, midstream and downstream main 
cables is consistently 35 m (Figure. 5). In the 
longitudinal direction, the spacing between the 
two adjacent hangers is 20 m. The main cables 
and hangers are high-strength steel wires, with an 
elastic modulus of 206 GPa and a tensile strength 

of 1860 MPa. The main girder is a flat steel box 
girder with an elastic modulus of 206 MPa, the 
vertical area moment of inertia being 1.5 m4, the 
torsional moment of inertia being 25 m4, and the 
dead weight per linear meter (specific weight) in 
the longitudinal direction being 288.75 kN/m. 
Subsequent calculations will determine the cross-
sectional area of the main cables and hangers. 

Figure 4. An elevation view of the suspension 
bridge with three main cables 

Figure 5. A cross-sectional view of the suspension 
bridge 

Two cases are considered separately for the 
subsequent calculation: (1) a uniform dead load 
allocation, i.e., a 1:1:1 distribution ratio of the 
main girder’s dead load among the three hangers 
(using Methods 1 and 2); (2) a non-uniform dead 
load allocation, with a 2:1:2 distribution ratio 
(using Method 2). 

3.2 Method 1 

3.2.1 Calculation of the hanger cross sectional 
area 

The calculation steps described in section 2.2 were 
implemented. The following expression for the 
three hanger rigidities is derived as follows: 

−1204.442
𝐸𝐸𝑏𝑏

= 1
𝑘𝑘1
− 2

𝑘𝑘2
+ 1

𝑘𝑘3
   (14) 

When the side hanger’s safety factor is relatively 
small, the middle hanger’s safety factor cannot 
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satisfy the requirements. However, the excessive 
safety factor of the side hanger means a waste of 
materials. Compromising between the safety 
factor and the material consumption, the cross-
sectional area of the middle hanger is calculated 
by assuming the cross-sectional area of all side 
hangers to be 5,174.73 mm2. The results are 
shown in Figure 6. The safety factors of all side 
hangers in the entire bridge are 5, while those of 
the middle hangers range from 1.95 to 5. 

Figure 6. Cross-sectional areas of the middle 
hangers. 

The difference between each side hanger force 
and the middle hanger force was calculated 
according to the FE analysis results, as shown in 
Figure 7. It can be seen that the largest difference 
in hanger force in any cross section was only 1.9 
kN and occurred near the tower. In general, there 
was only a small difference between the FE and 
theoretical calculations. The majority of the 
hangers in the bridge can be considered as those 
uniformly bearing the dead load. That is to say, 
the proposed method can effectively achieve the 
uniform distribution of the dead load to the three 
cable planes of the SB-3CP. 

Figure 7. Difference between the side hanger force 
and middle hanger force. 

3.3 Method 2 

3.3.1 Calculation of the unstressed lengths of 
the hangers 

For the symmetric plane model, adding the 
condition for the equality of axial stiffness of the 
two side hangers will produce 

ℎ2 = ℎ1 + 𝑤𝑤(37.5)−𝑤𝑤(2.5)

1+ 𝑃𝑃
𝐸𝐸ℎ𝐴𝐴ℎ

= ℎ1 + 0.00561 (𝑚𝑚) 

As seen from the above equation, the preset goal 
can be met so long as the unstrained length of the 
middle hanger exceeds that of the side hanger by 
5.61 mm. 

For the asymmetric plane model, the relationship 
between the unstrained lengths of the middle and 
side hangers was determined as follows: 

ℎ2 = ℎ1
𝐸𝐸ℎ𝐴𝐴2+

𝑃𝑃1𝐴𝐴2
𝐴𝐴1

𝐸𝐸ℎ𝐴𝐴2+𝑃𝑃2
+ 𝐸𝐸ℎ𝐴𝐴2[𝑤𝑤(37.5)−𝑤𝑤(2.5)−𝑑𝑑]

𝐸𝐸ℎ𝐴𝐴2+𝑃𝑃2
 (16) 

It can be observed from this equation that 
compared with the case of uniform dead load 
allocation, the difference in the unstrained lengths 
of the middle and side hangers in the non-uniform 
dead load allocation is related to the height 
difference at the upper hanging points, and the 
influence of the height difference is not negligible. 
From the calculations, the unstrained length of 
the middle hanger was longer by 1 cm than that of 
the side hanger. 

3.3.2 FEM validation 

(1) Uniform dead load allocation

The hanger forces calculated by the analytical 
method and FEM were compared, as shown in 
Figure 8. It can be observed from this figure that: 

In FEM results, the hanger forces were almost the 
same in a group's middle and side hangers. The 
maximum errors were found in hangers near the 
towers. The absolute error was only 4.95 kN, and 
the relative error was 0.24%.For most hangers, 
the calculations by the analytical method agreed 
well with the FEM calculations. The maximum 
errors were found at hangers near the towers. The 
absolute error was only 129kN, and the relative 
error was 5.98%. 
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Figure 8. Comparison of the hanger force 
calculations 

(2) Non-uniform dead load allocation

The hanger forces calculated by the analytical 
method and FEM were compared, as shown in 
Figure 9. It can be observed from Figure 9 that: In 
the FEM results, the ratio of hanger forces in the 
side and middle hangers was very close to the 
target one of 2:1. The maximum errors were 
found in hangers near the towers. The actual ratio 
was 1.995:1. For most hangers, the calculations by 
the analytical method agreed well with the FEM 
calculations. The maximum errors were found in 
the hanging points near the towers. The maximum 
relative errors of the side and middle hanger 
forces were 1.61% and 1.37%, respectively.  

(a) Side hangers

(b) Middle hanger

Figure 9. Comparison of the calculation results 

3.3.3 Discussion 

To further clarify the structural features of the 
suspension bridge with three main cables, we 
analyzed three cases separately: (1) the dead load 
distribution ratio of 1:1:1; (2) that of 2:1:2; (3) the 
original ratio, with no adjustment made to it. We 
analyzed the steel consumption, stiffness, and 
vertical load exerted by the middle main cable to 
the top transverse beam of the tower in each of 
these cases. 

With the safety factors being equal, the steel 
consumption of the cable system, vertical stiffness 
and transverse stiffness varied little across the 
three cases. But as the side main cable bear 
increasingly large share of the dead load, the 
torsional stiffness of the entire bridge increased 
correspondingly. The estimated torsional 
deformation of the main girder is shown in Figure 
10. Ratios 1 and 2 refer to case 1/case 2 and case
3/case 1 values, respectively.

Figure 10. Torsion angle of the main girder under 
eccentric loading 

Tensile forces in the middle main cable 
corresponded to high vertical load on the top 
transverse beams in the towers, transferred 
through the saddles. Especially high load was 
observed in the midspan of the top transverse 
beam. The vertical loads acting on the top 
transverse beam were 77418.7, 43054.6, and 
148127.9 kN in the three cases, respectively. It is 
proved that, after adjusting the share of the dead 
load allocated to the three main cables, the load 
exerted at top transverse beam decreased 
significantly. Thus, the load-bearing performance 
of the top transverse beam in the towers was 
effectively improved by properly adjusting the 
share of the dead load on the side main cable. 
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4 Conclusion 
In this paper, the importance to adjust the dead 
load distribution on three main cables is firstly 
explained. The analytical method to achieve the 
different distribution of dead loads to three cables 
is then proposed. The case study results obtained 
made it possible to draw the following conclusions. 

(1) The proposed method adjusts the shares of
dead load of the main girder borne by the three
main cables by changing the hanger cross
sectional area (Method 1) and unstrained
length (Method 2). The proposed method
applies to bridges symmetrical or asymmetrical in
the transverse direction.  One prominent feature
of this method is that it can achieve different dead
load distributions.

(2) The larger the share of the dead load borne by
the two side main cables, the larger the torsional
stiffness of the whole bridge and the smaller the
vertical load exerted by the middle main cable on
the top tower crossbeam at its midspan.

(3) Changing the share of the dead load borne by
the side and middle main cables has a slight effect
on the total steel consumption, vertical stiffness,
and lateral stiffness of the whole bridge.
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Abstract 
With a main span of 1176 meters, the Changtai Yangze River Bridge is a super long-span rail-cum-
road cable-stayed bridge under construction in China. The steel truss girder is a transverse 
asymmetry structure. And the spacial diamond shaped pylon is applied in the bridge to ensure the 
stiffness of pylon. In this paper, the stability of the Changtai Yangze River Bridge is investigated using 
finite element method. Dead load, live load and wind load are considered in the analysis. Linear 
elastic buckling analysis and nonlinear stability analysis, in which both material nonlinearity and 
geometrical nonlinearity are considered, is performed. The failure mode of the nonlinear stability is 
presented and discussed. The results show that the minimum stability coefficients are 10,50 and 
2,04, respectively for the linear elastic buckling analysis and nonlinear stability analysis. The crushing 
of concrete at the bottom of the pylon indicates the failure of the structure. 

Keywords: rail-cum-road cable-stayed bridge; spatial diamond-shaped pylon; stability analysis; 
ultimate bearing capacity; failure mode. 

1 Introduction 
Cable-stayed bridge is one of the most common 
types of modern long-span bridges due to its 
advantages of reasonable force and strong 
spanning capacity. With the continuous 
improvement of material performance and design 

standard, the development of cable-stayed bridge 
presents a trend toward long-span. 

For the pylon and girder of cable-stayed bridge are 
both compression bending members, it is 
necessary to study the stability of cable-stayed 
bridges. Many scholars conducted elastic buckling 

364



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

analysis of cable-stayed bridges based on the finite 
element method [1,2], the beam-column method 
[2] or the energy method [3]. However, the non-
linearity will have a critical effect on the structure
when the cable-stayed bridges reach their ultimate
limit state. The stability coefficient obtained from
elastic buckling analysis will be much larger than
those take the nonlinear effect into consideration,
which leads to the insecurity of bridge design [4].
Therefore, it is necessary to investigate the
nonlinear stability of bridges and explore their
failure modes. Many scholars have carried out non-
linear calculation and analysis on the bearing
capacity of cable-stayed bridge [5-8]. The results
showed that the material non-linearity had
significant impact on the bearing capacity of cable-
stayed bridge [9-11]. The ultimate bearing capacity
of structures will be defined by the local failure due
to the plastification of critical members [12-14].

It is noticed that the previous studies of the 
completion stage mainly focus on two kinds of 
simplified live load cases, that is, the live load 
distributed on the whole bridge and only on the 
main span [15,16]. However, the Changtai Yangtze 
River Bridge, which is taken as the example in this 
paper, has a much more complex live load 
distribution because of its inclusion of both 
highway and railway traffic. In particular, it is rare 
in the previous research that live load of the 
upstream side and downstream side of the deck 
are highway and railway respectively, which leads 
to the distinct transverse asymmetry of live load 
and the secondary dead load. Therefore, the 
unfavorable live load cases are taken into account 
according to the influence line of the pylon to 
investigate the effect of complex live load 
arrangement in the Changtai Yangtze River Bridge. 
It will make the force of the bridge pylon more 
unfavorable and the design more comprehensive. 

In this paper, the finite element method is used to 
investigate the stability of the pylon of the Changtai 
Yangtze River Bridge, which will be the longest 
main span cable-stayed bridge in the world. In the 
analysis, the dead load, live load and static wind 
load of the cable-stayed bridge are combined 
under the completion stage. Various unfavorable 

live load cases are considered according to the 
bending moment and axial force influence line of 
the pylon columns. For the transverse asymmetry 
of the live load and the secondary dead load, the 
load cases corresponding to the greatest 
transverse bending moment in pylon are also taken 
into consideration particularly. The linear elastic 
buckling analysis and nonlinear stability analysis 
are conducted to evaluate the stability of structure. 
And the failure mode of the Changtai Yangtze River 
Bridge is presented in the nonlinear stability 
analysis. 

2 Engineering background 
The Changtai Yangtze River Bridge is a rail-cum-
road cable-stayed bridge with a main span of 1176 
m. The bridge adopts double deck truss girder. Its
upper deck has six lanes of highway while the lower 
deck has two railway lines upstream and four
highway lanes downstream, which is a transverse
asymmetrical design. After completed, the bridge
will be the cable-stayed bridge with the longest
main span in the world. The general layout of the
whole bridge structure is shown in Figure 1(a). The
girder is a steel box truss double-layer composite
steel girder whose standard cross section is shown
in Figure 1(b).

The pylons of the Changtai Yangtze River Bridge are 
spatial diamond-shaped pylons. The unique design 
ensures that the bridge pylons with 352 m height 
will have excellent static and dynamic performance, 
as well as good spatial stiffness [17]. Each pylon 
consists of four lower pylon columns, four middle 
pylon columns, an upper pylon column and four 
cross beams. The layout of the bridge pylon is 
shown in Figure 1(c). 

The pylons of the Changtai Yangtze River Bridge 
have a more complicated static response than 
other traditional bridge pylons due to the diamond-
shaped design in both longitudinal and transverse 
directions. And the height of 352 m will make it 
become the highest cable-stayed bridge pylon in 
the world after completion, which attach great 
research value to its stability analysis.
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(a) Elevation of main bridge

(b) Standard cross section of girder (c) Spatial diamond-shaped pylon

Figure 1. General layout of the Changtai Yangtze River Bridge 

3 Methodology 

3.1 Theoretical background 

The stability problem of bridge structure mainly 
includes bifurcation point stability problem and 
limit point stability problem. In the bifurcation 
point stability problem, the material is considered 
elastic in the structure, and the geometric 
nonlinear and initial imperfection are neglected. 
The equilibrium equation of the structure is 

([𝐾𝐾𝑒𝑒] + [𝐾𝐾𝜎𝜎]){𝑢𝑢} = {𝑃𝑃} (1) 

Where, [𝐾𝐾𝑒𝑒] is the elastic stiffness matrix, [𝐾𝐾𝜎𝜎] is 
the geometric stiffness matrix, {𝑢𝑢}  is the node 
displacement vector, {𝑃𝑃} is the node load vector. 

When the structure reaches the critical state of 
bifurcation point stability, the elastic stiffness 
matrix [𝐾𝐾𝑒𝑒] , geometric stiffness matrix [𝐾𝐾𝜎𝜎]  and 
the stability coefficient 𝜆𝜆  are consistent with the 
following equation. 

[𝐾𝐾𝑒𝑒] + 𝜆𝜆[𝐾𝐾𝜎𝜎] = 0 (2) 

It can be found that the essence of the bifurcation 
point problem is the eigenvalue problem of matrix. 
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And the minimum eigenvalue of the matrix is the 
linear elastic stability coefficient of the structure. 

However, for long-span bridge, material failure 
usually occurs before the structural instability, 
which becomes the crucial factor to determine the 
ultimate bearing capacity of the structure. At the 
same time, the influence of geometric nonlinearity 
on the structure can not be ignored. Therefore, it is 
necessary to analyze the limit point stability of the 
structure, in which material nonlinearity and 
geometric nonlinearity are considered to reflect 
the actual bearing capacity of the bridge. The 
equilibrium equation can be expressed as follows. 

([𝐾𝐾0] + [𝐾𝐾𝜎𝜎] + [𝐾𝐾𝐿𝐿]){𝑢𝑢} = {𝑃𝑃} (3) 

Where, [𝐾𝐾0]  is the elastic-plastic stiffness matrix 
and [𝐾𝐾𝐿𝐿] is the large displacement stiffness matrix. 

In the finite element analysis, the load is applied to 
the bridge in multiple load steps, and the stiffness 
matrix is recalculated in iteration to consider 
geometric nonlinearity and material nonlinearity in 
each incremental load step. The stability coefficient 
𝜆𝜆 of the structure can be obtained by the following 
formula. 

𝜆𝜆 =
𝑃𝑃𝑐𝑐𝑐𝑐
𝑃𝑃

(4) 

Where, 𝑃𝑃𝑐𝑐𝑐𝑐 is the critical load before instability, and 
𝑃𝑃 is the load applied on the finite element model 
according to the load combination. 

3.2 Analysis procedure 

The finite element model established by ANSYS 
software is used for calculation. For the pylon, solid 
modeling method is used to simulate the structural 
response as accurately as possible. For the girder, 
the substructure model based on the shell model is 
applied to simulate the complex double deck girder 
as well as reduce the number of freedom degree of 
the entire model. 

In this paper, the linear elastic buckling analysis is 
carried out firstly, and the stability coefficient and 
buckling mode shape are obtained. Then, to 
introduce the initial imperfection, the geometry of 
the model is updated according to the first-order 

buckling mode shape. According to the 
construction accuracy requirement of Chinese 
construction code [18], the size of the initial 
imperfection is determined by the horizontal 
displacement of the pylon top being 1/3000 of the 
pylon height. On the model with initial 
imperfection, the stability analysis considering 
geometric nonlinearity and material nonlinearity is 
carried out. In the analysis, dead load, live load and 
wind load are increased synchronously. When the 
model is incrementally loaded up to its failure, the 
magnification of the load is considered as the 
nonlinear stability coefficient of the structure. In 
the end, the failure mode of the Changtai Yangtze 
River Bridge is investigated and discussed in the 
nonlinear stability analysis. 

3.3 Load cases 

In the analysis, dead load, live load and wind load 
are considered. Dead load consists of the dead 
weight of the structure and the secondary dead 
load, and is included in all load cases. 

The bridge pylon is an eccentric compression 
member. The live load distributions are 
determined according to the influence line of 
bending moment or axial force of the crucial 
section of the bridge pylon, considering the 
complexity of spatial diamond shaped pylon. 
Compared with loading in the whole span or in the 
mid span, the live load distributed according to the 
influence line will make the force of the bridge 
pylon more unfavorable and the design more 
comprehensive. 

For the static wind load, the longitudinal wind and 
the transverse wind are simulated respectively, 
each one of which considers two wind speed levels 
[19]. The W1 level wind load should be combined 
with live load in the calculation, while the W2 level 
wind load should not. 

11 load combinations are considered in total. The 
live load and wind load are shown in Table 1, and 
the dead load is included in all load cases. The 
stability coefficient during construction, including 
the state of bare pylon, is not considered as a 
control condition in design after the trial 
calculation and hence not presented in this paper. 
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Table 1. Load cases 

Load case 
Live load 

Wind load 
Internal force influence line Crucial section 

LC1 - - - 

LC2 Longitudinal bending moment Bottom of upper column W1 level longitudinal wind 

LC3 Longitudinal bending moment Bottom of lower column W1 level longitudinal wind 

LC4 Axial force Bottom of upper column W1 level longitudinal wind 

LC5 Axial force Bottom of lower column W1 level longitudinal wind 

LC6 Transverse bending moment Bottom of upper column W1 level longitudinal wind 

LC7 Transverse bending moment Bottom of lower column W1 level longitudinal wind 

LC8 Transverse bending moment Bottom of upper column W1 level transverse wind 

LC9 Transverse bending moment Bottom of lower column W1 level transverse wind 

LC10 - - W2 level longitudinal wind 

LC11 - - W2 level transverse wind 

Note: The upstream, river side column is taken as the typical one among the four lower column. 

3.4 Finite element modeling 

General finite element software ANSYS is used to 
estabilish the finit element model of the entire 
bridge. In the model, Solid-65 and Solid-185 
elements are used to simulate the concrete of the 
bridge pylon. Link-180 element is used to simulate 
the reinforcement. Each node of the reinforced 
element is coupled with the nearest node on the 
concrete element. The steel shell in the upper 
pylon column is simulated using Shell-181 element. 
The pylon model is shown in Figure 2. 

Figure 2. Solid bridge pylon model 

The main girder is a double deck steel truss 
structure. In the modeling of main girder, Beam-

188 element is used to simulate the truss and Shell-
181 element is used to simulate other components 
such as orthotropic plates. Then, the substructure 
method is used to reduce the degrees of freedom 
in the model. The cable, whose equivalent elastic 
modulus calculate method is derived by Ernst [20], 
is simulated by Link-180 element. The whole bridge 
model is shown in Figure 3. 

Figure 3. Entire bridge model 

In the subsequent nonlinear stability analysis, 
nonlinear material constitutive models are set for 
the concrete and steel bars in the bridge pylon, and 
their stress-strain curves are shown in Figures 4 
and 5. In the stress-strain curve of concrete, the 
descending phase is replaced by a horizontal line. 
This simplification improves the convergence of the 
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analysis and has little effect on the calculation 
accuracy. In addition, the stayed-cables are set to 
break when they reach the ultimate tensile 
strength. 

Figure 4. Nonlinear concrete material 

Figure 5. Nonlinear reinforcement material 

4 Stability analysis results 

4.1 General results 

The stability analysis of 11 load cases is conducted 
with the finite element model. The first-order 
linear buckling coefficients, corresponding buckling 
modes, and the nonlinear stability coefficients are 
shown in Table 2. The failure mode of the nonlinear 
stability is discussed separately in the next section. 

4.1.1 Linear buckling analysis 

The linear elastic buckling coefficients of load cases 
are all around 10-13. That is because the dead load 
account for a large proportion of all loads in long-
span bridges and has a crucial influence on the 
structure. For the Changtai Yangtze River Bridge 
with the main span of 1176m, the live load only 
accounts for less than 5% of the vertical load and 
has limited effect on the linear elastic stability 
coefficient. The load case LC11 has the minimum 
linear elastic buckling coefficient 10,50, indicating 
that the W2 level transverse wind load has the 
most remarkable effect on the coefficient. Load 
cases LC6 to LC9, in which the live load lead to 
unfavorable transverse bending moment, have 
relatively small coefficients. It is indicated that the 
unbalance transverse loading will reduce the 
transverse buckling coefficient of the structure.

Table 2. Load cases 

Load case First-order linear buckling coefficient Linear buckling mode Nonlinear stability coefficient 

LC1 12,64 Transverse buckling 2,79 

LC2 11,48 Longitudinal buckling 2,09 

LC3 11,47 Transverse buckling 2,12 

LC4 11,44 Transverse buckling 2,08 

LC5 11,45 Transverse buckling 2,12 

LC6 10,85 Transverse buckling 2,09 

LC7 10,73 Transverse buckling 2,04 

LC8 10,84 Transverse buckling 2,35 

LC9 10,72 Transverse buckling 2,30 

LC10 12,58 Transverse buckling 2,18 

LC11 10,50 Transverse buckling 2,69 
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(a) Live load pattern

(b) Live load distribution in LC7
Figure 6. Live load distribution

The regulation that transverse wind has great 
effect on the coefficient is consistent with the 
result that transverse buckling of bridge pylon is 
the first-order buckling mode in most load cases. It 
is indicated that the longitudinal stiffness of the 
structure is relatively greater than the transverse 
stiffness, which is due to the strong longitudinal 
stiffness provided by the cables upon the entire 
bridge. 

4.1.2 Nonlinear buckling analysis 

It is shown in Table 2 that the nonlinear stability 
coefficients are evidently reduced to 2,0~2,8 
because of the crucial influence of material 
nonlinearity. Among all the load cases, the load 
cases considering dead load, live load and wind 
load have relatively smaller nonlinear stability 
coefficient. Different live load distribution has 
certain influence on the results. The longitudinal 
wind is more unfavorable to the stability of the 
structure than the transverse wind. 

The minimum stability coefficient is 2,04 in load 
case LC7. Its live load distribution leads to the 
greatest transverse moment at the bottom of 
lower pylon column and the wind load is the W1 
level longitudinal wind. It should be noted that the 
highway load pattern is obtained from Chinese 
specification [21]. While the railway load pattern is 
considered to be uneconomic to strictly adopt the 
pattern in specification [22]. After sufficient 
research, the longest loading length of railway is 

taken as 550 m based on the actual situation of the 
traffic. The adopted live load patern is shown in 
Figure 6(a). 

Figure 6(b) presents the live load distribution of LC7. 
The colored areas are the location of highway and 
railway distributed force, and the arrows show the 
location of concentrated force. Among them, the 
arrow in the last line stands for all the four 
concentrated force in railway load pattern in Figure 
6(a). The complexity of live load distribution 
reflects the necessity of distributing load according 
to the influence lines. 

4.2 Failure mode 

In the stability analysis considering material 
nonlinearity and geometric nonlinearity, all load 
cases have the same failure mode regardless of live 
load distribution and wind load direction. The 
failure mode of LC7 is shown in the Figure 7 as an 
example. 

Different from the buckling modes of the linear 
elastic analysis, the failure mode of nonlinear 
stability analysis is controlled by the material 
failure at the pylon bottom. That is, the concrete 
crush at the river side of pylon bottom, the 
reinforcements at the pylon bottom are yield under 
compression in the river side while tensile yield 
occurs in the shore side. The truss steel girder and 
stay cables have greater safety margin and remain 
not yield yet when the structure reaches ultimate 
bearing capacity. 
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(a) Deformation of the bridge (unit: m)

(b) Concrete compressive strain at pylon bottom

(c) Reinforcement stress at pylon bottom (unit: Pa)

(d) Tensile stress of cables (unit: Pa)

Figure 7. Nonlinear reinforcement material 

5 Conclusions 
In this paper, the Changtai Yangtze River Bridge is 
analyzed with the finite element method. Both 
linear buckling analysis and nonlinear stability 
calculation considering material nonlinear and 
geometric nonlinear are conducted. The main 
conclusions can be summarized as follows: 
(1) The minimum linear elastic stability coefficient
of the Changtai Yangtze River Bridge is 10.50 in
LC11. After considering material nonlinearity and
geometric nonlinearity, the minimum stability
coefficient significantly decreases to 2.04, and the
corresponding load case is LC7.
(2) Nonlinearity has remarkable effect on the
stability coefficient of long span cable-stayed
bridge. The stability analysis considering material
nonlinearity and geometric nonlinearity can
consistently reflect the ultimate bearing capacity of 
the bridge structure.
(3) In general, dead load plays a decisive role in
both linear and nonlinear stability analysis of long-
span cable-stayed bridges. Live load and wind load
only have minor effect on the linear elastic buckling 
coefficient. However, as they increase the eccentric 
load of pylon, they will affect the nonlinear stability 
coefficient to a greater extent.
(4) In the ultimate behavior investigation of the
Changtai Yangtze River Bridge, the material failure
at the bottom of the pylon is the controlling factor
of the nonlinearity stability, and decides the
ultimate bearing capacity of structure. Relatively
speaking, the main girder and stay cables of the
Changtai Yangtze River Bridge have greater safety
margin.
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Abstract 
The hybrid girder for a railway cable-stayed bridge consists of the steel-concrete composite girder 
at the main span and the prestressed concrete (PC) girder at the side span. The two spans are 
connected by the steel-concrete joint (SCJ) with multiply concrete filled steel cells (CFSC). The 
mechanical behavior of SCJ is investigated using three-dimensional finite element analysis (FEA). 
Results show that the internal force can be effectively transferred from the composite girder to the 
PC girder through CFSC without sever stress concentration. The two bearing plates remain the major 
force transfer components with the force sharing ratio of 60%, while both the shear connectors and 
the top concrete slab play important roles with the force sharing ratio of 20% respectively. The 
unique CFSC with extended force transfer path may improve the mechanical behavior of SCJ and is 
recommended for the application in the high-speed railway cable-stayed bridge. 

Keywords: high-speed railway bridge; hybrid cable-stayed bridge; steel-concrete composite joint; 
mechanical behavior; finite element analysis. 

1 Introduction 
The hybrid cable-stayed bridge makes full use of 
the material advantages of steel and concrete 
respective. Typically, the main span adopts a steel 
girder or a composite girder to achieve a large 
spanning capacity, and the side span adopts a 
concrete girder to increase the global and local 
stiffness, stability, and cost-effectiveness [1]. In 
general, concrete girders have high self-weight and 

can provide an anchoring effect for the steel girder 
and improve the aerodynamic response. For this 
reason, hybrid girder has been used in the cable-
stayed bridge worldwide [2-4]. 

The steel-concrete joint (SCJ) is the key segment of 
the hybrid girder to bear the force and coordinate 
the deformation and the abrupt segment of 
material and cross-section. So, it is necessary to 
design the connecting structure to reduce the 
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additional internal force and avoid stress 
concentration and excessive deformation [1]. 
Typically, the SCJ consists of the steel stiffened 
segment, hybrid joint, and concrete strengthened 
segment [2]. According to whether the concrete is 
wrapped by the steel cell or not, the hybrid joint 
can be divided into two types: the hybrid joint with 
cell type and the hybrid joint without cell type; 
According to the pattern of axial force transferring 
from steel girder to concrete girder, it can be 
divided into three types: through transferring shear 
force type, through transferring press force type 
and through transferring both shear and press 
force type [4]. The concrete in the hybrid joint 
through transferring both shear and press force 
and with cell is under a multi-directional constraint 
state and the steel cell increases the force transfer 
area, which improves the smoothness and 
effectiveness of force transfer. So, this type of the 
hybrid joint is suitable for the SCJ in a long-span 
hybrid girder cable-stayed bridge [5-8]. Some 
studies on SCJ have been connected in the past 
decade. The published studies demonstrated that 
the shear connectors play an important role in 
transferring axial force, which can alleviate the 
stress concentrated in the concrete [9-12]. 
However, most of the published studies focused on 
the mechanical behavior of SCJ on hybrid girder 
consisting of PC girder and steel girder. There are 
limited studies on the mechanical behavior of SCJ 

on hybrid girder consisting of PC girder and steel-
concrete composite girder. Compared with the 
steel girder, the top continuous concrete slab can 
also transfer part of axial force in the steel-
concrete girder.  

As shown in Figure 1 and Figure 2, the girder of a 
railway hybrid cable-stayed bridge with a main 
span of 350m consists of a composite girder in the 
middle of 302m and concrete girder in the 
remaining girder. The composite girder and the 
concrete girder are connected by the SCJ. There are 
two SCJs in the bridge, which are located at 24m of 
the main towers on both sides of the mid-span. The 
hybrid joint adopts the combination form of the 
rear bearing plate with a cell and the front and rear 
bearing plates. The PBL and the stud connectors 
are used to transmit the internal force between the 
steel and the concrete. The structure of the hybrid 
joint of this railway cable-stayed bridge is novel and 
complex in force transfer [10]. Therefore, it is 
necessary to study the force performance and 
force transfer ratio under unfavorable working 
conditions. Due to the high cost and long period of 
large-scale model test and the high analysis 
efficiency of using numerical simulation, in this 
paper, the finite element method (FEM) is used to 
explore the force transfer ratio and performance of 
SCJ in the railway hybrid girder in the ultimate limit 
state [10-12].

Figure 1. General layout of cable-stayed bridge (unit: m) 
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joint
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Figure 2. Elevation view of the SCJ (unit: mm)

2 Finite element model 
Figure 3 shows the finite element model of SCJ of 
the railway cable-stayed bridge. The half-structure 
is used for calculation by taking advantage of the 
symmetry of the structure and load. Since the SCJ 
is located near the bridge tower where the 
deformation changes at both ends of the SCJ are 
small, the boundary conditions are taken as the 

free on the end of the composite girder and the 
consolidation on the end of the concrete girder [13]. 
The steel plate is simulated by shell element S4R, 
the concrete is simulated by solid element C3D8R 
and C3D4, the prestressed reinforcement is 
simulated by truss element T3D2, and stud and PBL 
connector are simulated by the spring element. 
The normal force between steel and concrete is 
transferred through contact and the bonding force 
between the contact surfaces is ignored [6-7].

Figure 3. Finite element model 
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3 Results and discussion 

3.1 Stress analysis 

Figure 4 shows the longitudinal stress distribution 
of the steel bottom plate, concrete bottom, and 
top plate. The orientation of the coordinate system 
is shown in Figure 2.  

As shown in Figure 4(a) and Figure 4(b), the 
compressive stress of the bottom steel plate is less 
than 80MPa and the concrete in the hybrid joint is 
under the compressive state. The compressive 
stress of the bottom steel plate decreases 
markedly on the left side of the rear bearing plate, 
which indicates that the force transfer of the 
bearing plate is effective. The stress increase of the 
bottom steel plate and decrease of the concrete 
indicate that partial axial force is transferred from 
the concrete back to the steel girder. Figure 4(c) 
shows that the top concrete slab of the SCJ is under 
a compressive state. And the stress of the top 
concrete slab at the back-end of the hybrid joint 
remains unchanged, while the stress of the top 
concrete slab at the front-end of the hybrid joint 
increases by about 3MPa, indicating that partial 
axial force of the steel girder is transferred to the 
concrete bridge deck. It can be seen from Figure 
4(d) that the stress at the centre line (y=0 mm) and 
the edge (y=9000 mm) of the hybrid joint and the 
stiffened segment is not much different, while the 
difference between the stress at the centre line 
and the edge of the concrete strengthened 
segment is about 3MPa, which indicates that the 
shear lag effect of the SCJ is small. 

(a) Bottom steel plate on Y-Path

(b) Bottom concrete slab on Y-Path

(c) Top concrete slab on Y-Path

(d) Top concrete slab on X-Path

Figure 4. Axial stress σx of SCJ along the 
longitudinal direction 

3.2 Shear force distribution of connectors 

There are 33 rows of studs and 10 rows of PBLs on 
the bottom steel plate of the hybrid joint along the 
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horizontal, and 17 rows of studs and 5 rows of PBLs 
on the top steel plate. In order to analyse the shear 
force distribution of the connectors conveniently, 
10 rows of studs and 5 rows of PBLs on the bottom 
plate and 7 rows of studs and 5 rows of PBLs on the 
concrete bridge deck are selected for analysis, 
which are represented by SB1~10, PB1~5, ST1~7, 
and PT1~5 respectively. Figure 5 shows the force 
distribution of the connector, in which a positive 
shear force indicates that the steel girder transmits 
axial force to the concrete girder and a negative 
shear force indicates that the concrete transmits 
axial force to the steel girder. 

As shown in Figure 5(a), the shear force of the studs 
on the bottom plate gradually decreases in the 
back-end of the hybrid joint as the distance from 
the rear bearing plate increases, the direction 
becomes opposite at the position from the rear 
bearing plate about 1m, the direction becomes 
opposite again at the left of the front bearing plate, 
and it gradually decreases in the front-end of the 
hybrid joint as the distance from the front bearing 
plate increases. Figure 5(b) shows that the shear 
force of the stud on the top plate increases 
gradually as the distance from the rear bearing 
plate increases. It can be seen from Figure 5(c) and 
(d) that the shear force distribution of PBLs on the
bottom plate is identical to the one on the top plate 
and is like the shear force distribution of studs on
the bottom plate. The shear force of the studs and
the PBLs is less than the design bearing capacity [3]. 
According to the shear force distribution of the
studs and the PBLs, the axial force is redistributed
between the steel and concrete, and partial axial
force in the steel girder is transferred to the
concrete girder at the back-end of the hybrid joint.
And then, the remaining axial force is transferred
to the concrete girder through the front bearing
plate and shear connectors in the front-end of the
hybrid joint, which is consistent with the stress
distribution of steel plate and concrete slab in
Figure 4.

(a) Studs on bottom plate

(b) Studs on top plate

(c) PBLs on bottom plate
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(d) PBLs on top plate

Figure 5. Axial shear force Vx of connectors along 
the longitudinal direction 

3.3 Force transfer mechanism analysis 

As shown in Table 1, the force transfer ratios of the 
axial force carried by the bearing plate, shear 
connectors, and top concrete slab are 
approximately 60%, 20%, and 20%, respectively. 

Table 1. Axial force transfer ratio 

BP SC TCS Total 
Axial 

force/kN 53040 19180 17930 90150 

Force 
transfer 

ratio 
59% 21% 20% 100% 

Note: “BP”, “SC”, “TCS” stand for the bearing plate, 
shear connectors in the hybrid joint, and top 
concrete slab respectively. 

As shown in Figure 6, the axial force ratio carried by 
the top concrete slab gradually increases as the 
distance from the concrete girder increases. The 
axial force ratio carried by the concrete girder 
increases firstly then decreases as the distance 
from the concrete girder increases in the back-end 
of the hybrid joint, decreases slightly in the right 
side of the front bearing plate, and then increases 
markedly in the left side of the front bearing plate, 
and increases gradually in the front-end of the 
hybrid joint. The axial force ratio carried by the 
steel girder decreases firstly then increases as the 
distance from the concrete girder increases in the 
back-end of the hybrid joint, increases slightly in 
the right side of the front bearing plate, and then 

decreases markedly in the left side of the front 
bearing plate, and decreases gradually in the front-
end of the hybrid joint. 

From the above analysis, the partial axial force is 
transferred to the concrete girder from the steel 
girder by the rear bearing plate and a part of 
connectors in the back-end of the hybrid joint, and 
then partial axial force is transfer back to the steel 
girder from concrete girder again by the remaining 
connectors in the back-end of the hybrid joint. 
Therefore, the partial axial force is transferred to 
the concrete girder and redistributed between the 
steel and concrete girder by the back-end of the 
hybrid joint and rear bearing plate. The remaining 
axial force is transferred to the concrete girder by 
the front bearing plate and connectors in the front-
end of the hybrid joint. 

Figure 6. Axial force carried by each component of 
CFSC 

4 Conclusions 
A novel hybrid joint that consists of two different 
types, including the rear and front-rear bearing 
plate with multi-cells, is adopted to the hybrid 
girder steel-concrete joint of a railway cable-stayed 
bridge. The internal force is transferred to the 
concrete girder from the steel girder by bearing 
plates, and shear connectors. The characteristic of 
the hybrid joint is analysed and calculation by finite 
element model is conducted. The following 
conclusions can be drawn from the present study: 

Composite girderPC girder

Front bearing plate
Rear bearing plate
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(1) The steel plate and concrete are under a
compressive state in the ultimate limit state. The
compressive stress of the concrete bridge deck at
the centre line and the edge do not differ by more
than 1MPa, which indicates that the shear lag
effect of the hybrid is marginal.

(2) The shear force of stud and PBL connectors near 
the front and rear plate in the back-end hybrid joint 
is bigger than the middle one, whereas the shear
force direction is opposite, which suggests that
partial axial force in the concrete girder is
transferred to the steel girder.

(3) The axial force of the steel girder is transferred
to the concrete girder by the top concrete slab,
bearing plate, shear connectors. The force transfer
ratios of the axial force carried by the bearing plate, 
concrete bridge deck and shear connectors are
approximately 60%, 20%, 20%, respectively.
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Abstract 
The Danjiangkou Reservoir Bridge is the earth-anchored light composite cable-stayed bridge with 
the largest span in the world. The non-axial force connection is firstly used in the composite cable-
stayed bridge. This connection mainly consists of the support system, outer and inner box girders. 
Based on the FE analysis, the stress distribution, load path and deformation of the non-axial force 
connection are discussed. The results show that the load on the outer box girder is transferred to 
the inner box girder by vertical and horizontal supports, so as to complete the transmission of shear 
force, bending moment and torsion of the cable-stayed bridge at the mid-span. The non-axial force 
connection presents effective mechanical performance and structural deformation response, which 
indicates that this connection can reduce the unfavourable longitudinal deformation of the earth-
anchored cable-stayed bridge. 

Keywords: the earth-anchored cable-stayed bridge; the non-axial force connection; support system; 
longitudinal deformation. 

1 Introduction 
The cable-stayed bridge is one of the most 
competitive bridges. Since the advantages of the 
earth-anchored cable-stayed bridge consist of high 

stiffness of pylon and earth-anchored cable, larger 
span, lower side-main span ratio and axial force of 
the main girder, the earth-anchored cable-stayed 
bridge shows the priority to be constructed at the 
wide river, valley and canyon [1]. On the other 
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hand, the fully use of the high tensile and 
compressive strength of steel and concrete in the 
composite bridge can reduce the self-weight of the 
bridge, cut down the height of the cross-section 
and improve the economy [2]. Consequently, the 
earth-anchored light composite cable-stayed 
bridge possesses the advantages of the earth-
anchored cable-stayed bridge and composite 
bridge, which can achieve a larger span. 

Due to the shrink and creep of concrete, 
temperature and seismic effect, the unfavourable 
longitudinal deformation and secondary internal 
force would occur in the main girder of the earth-
anchored light composite cable-stayed bridge at 
the midspan, which hinders the increase of span. 
Recently, several types of bridge structures were 
proposed, like the concrete joint in Sugahara-
Shirokita Oh-Hashi, the mid-span expansion joint in 
Otay River Bridge, the axial hinge in Oakland Bay 
Bridge, the non-axial force joint in Yunyang Han 
River Bridge and the rigid hinge in Jiashao Bridge [3-
7]. However, the ever proposed structural solution 
cannot be adopted in the earth-anchored light 
composite cable-stayed bridge. 

Accordingly, this paper proposed a new non-axial 
force connection for the earth-anchored light 

composite cable-stayed bridge, which involves the 
support system, outer and inner box girders. This 
connection is designed to release the unfavourable 
longitudinal deformation and transfer shear forces, 
bending moments and torsion by the support 
system. In final, the FE simulation is adopted to 
discuss the stress distribution, load transferring 
path and structural deformation of the non-axial 
force connection. 

2 Design of Non-Axial Force 
Connection 

Figure 1 shows the overview of the non-axial force 
connection. This connection is located at the 
midspan of the earth-anchored composite cable-
stayed bridge, involving the support system, outer 
and inner box girders. The single box with 7 cells is 
designed as the cross-section of the outer box 
girder. Four inner box girders are placed in 4 cells 
corresponding to the outer box girders. Besides, 
1.0 m interval is left for the expansion joint placing. 
For the outer box girder, eight webs, two support 
diaphragms and two diaphragms are arranged. The 
outer box girder is welded to the main girder of the 
bridge. For the Inner box girder, five diaphragms 
are designed at the position of supports. 
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Figure 1. Overview of the non-axial force connection 
The high-strength bolt is adopted to connect the 
inner box girders. Grade 10.9 M30 high-strength 
bolts groups are used in the connection plates 
outside girders and the bolt-flange connections 
inside girders, as shown in Figure 1. The support 
system consists of vertical and horizontal supports. 
The supports are fixed at the support diaphragms 
of the outer box girders, and then the inner box 
girders can be embedded into the outer box girders 
by placing them on supports. 

The spherical sliding supports are adopted in this 
connection. The spherical sliding supports allow 
multi-directional rotation and the longitudinal 
sliding of the inner box girders, so that the 
longitudinal displacement can be released during 
the load transferred. The longitudinal restrictors 
are set at both ends of each inner box girder, which 
can restrict the exceed sliding during operation. In 
addition, the maintenance and replacement space 
for supports is reserved. In order to ensure the 
serviceability of the non-axial force connection, the 
outer and inner box girders are manufactured and 
welded at the factory, and then they are assembled 
and lifted on-site after being transported.  

Table 1 lists the geometric parameters of 
connection members. At the position of supports, 
the increased thickness of diaphragms and 
stiffeners is designed to avoid the elastic 
compressive buckling occurring for the outer and 
inner box girders. 

Table. 1 Geometric Parameters of Members 
Members Thickness [mm] 

Outer Box 
Girder 

Top flange 20 
Bottom flange 28 

Webs 24 
U-shaped stiffeners 8 

Stiffeners 20, 30 
Diaphragm 16 

Support diaphragm 30 

Inner Box 
Girder 

Top flange 36 
Bottom flange 36 

Webs 36 
Stiffeners 24, 30 

Diaphragm 20, 24 

3 Numerical Simulation 

3.1 FE model 

Figure 2 illustrates FE model using the general finite 
element program Ansys 16.0 [8]. The element 
types of solid185 and shell181 are adopted to 
model the support system and steel box girders, 
respectively. The coupling interaction is generated 
between the support system and outer box girders. 
The surface contact is adopted to describe the 
contact behaviour between the support system 
and inner box girders, in which longitudinal sliding 
is allowed between the surfaces of supports and 
the inner box girders. In order to save the 
computation cost, the half connection structure is 
established, and the symmetric boundary 
condition is set at the façade of the bridge centre 
line located. At each end of the outer box girder, a 
reference point is positioned at the cross-section 
centroid. The reference point is respectively 
coupled to the cross-section of the outer box 
girders with all freedom fixed. Afterwards, the 
freedoms of one reference are fixed, while the 
other reference is used to apply loads, including 
shear forces, bending moments and torsion. 

The perfect constitutive model is adopted to 
describe materials of FE simulation, where steel 
Q345qE and Q420qE are applied on the outer and 
inner box girders, respectively. Young’s modulus 
and Poisson's ratio of steel are 206 GPa and 0.3, 
respectively; Young’s modulus and Poisson's ratio 
of supports material are 440 MPa and 0.499, 
respectively. Besides, three basic assumptions of 
FE model are listed below: 

(1) The influence of bolt groups connection is
ignored. The steel plates of the inner box girder 
are assumed to be continuous shell element at
the midspan;

(2) The effect of cable tension on the nearest
Segments is ignored;

(3) The camber of the earth-anchored composite
cable-stayed bridge at the midspan is ignored
after completion
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Figure 2. FE model

3.2 FEA results 

Figure 3 (a), (b) and (c) shows the stress distribution 
of components on the non-axial force connections. 
The stress distribution and structural deformation 
of the outer and inner box girder are symmetrically 
mapped along the bridge centreline. The structure 
response is mainly manifested as the connection 
under bending moments, which means the 
calculation results can generally represent the non-
axial force connection under actual loading during 
service. The FEA result shows that the load can be 
effectively transferred between the outer and 
inner box girders by the reaction forces of the 
support system. The unfavourable longitudinal 
deformation of the earth-anchored composite 
cable-stayed bridge can be released by the relative 
displacement between the outer and inner box 
girders at the midspan. 

As shown in Figure 3 (a), the local stress 
distribution is discontinuous at the top flange due 
to the expansion joint on the outer box girders 
considered. The stress on the top and bottom 
flanges of the outer box girders is concentrated 
near the position of supports. The maximum stress 
is located at the top vertical supports of the inner 
box girder 1, about 155 MPa. The stress 
distribution on the support diaphragms is the same 
as that on the outer box girders. Notably, the 
maximum stress of the support diaphragms is 
higher than that of the outer box girders, which 
means the support diaphragms can effectively bear 
and transfer the reaction force of supports. what’s 
more, it can reduce the value of stress to avoid 
stress concentration. As shown in Figure 3 (c), there 
is no stress concentration occurring at the position 
of the supports on the inner box girders. The plane 
section assumption is valid. However, the position 
of maximum stress on the inner box girders is 
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different from that on the outer box girders, that is, 
the maximum stress is positioned on the inner box 
girder 2. There may be two reasons: 1) 2% 
horizontal slope is set on the top flange of the outer 
box girder, which causes the in-plane bending 
moment resistance near the outer webs is lower 
than that near the bridge centre line. It leads to the 
stress on the outer box girder near the outer webs 
higher under the lower reaction force, hence the 

higher stress would show in the inner box girder 2; 
2) The non-axial force connection is subjected to
the torsion, and the components near outer webs
will firstly react to the torsional effect. However,
the torsion cannot cause a bending moment to the
inner box girders. In consequence, the stress
distribution of the outer and inner box girders is
different, but the deviation of stress value is quite
small during service.

(a) Stress distribution of top and bottom flange/ kPa

(b) Stress distribution of support diaphragm/ kPa
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(c) Stress distribution of inner box girder/kPa
Figure 3. FEA results

4 Conclusions 
The Danjiangkou Reservoir Bridge is the earth-
anchored light composite cable-stayed bridge with 
the largest span in the world. The non-axial force 
connection is firstly designed and adopted at the 
midspan. This paper describes the structural 
components in detail. The force mechanism and 
structural deformation are also discussed. FE 
simulation is used to analyse the structural 
response of the non-axial force connection under 
the serviceability limit stage. The main conclusions 
are listed below: 

(1) The non-axial force connection consists of
three main components: the support system,
the outer and inner box girders. The support
system is fixed in the support diaphragms of
the outer box girder. Then, the inner box girder
is placed on the supports system and connects
the separate outer box girders, so as to
effectively transfer shear forces, bending
moment and torsional effect of the earth-
anchored light composite cable-stayed bridge
at the midspan.

(2) The stress distribution on the support
diaphragms is the same as that on the top and
bottom flanges of the outer box girders. The
stress drops from 230 MPa to 155 MPa
corresponding to the support diaphragms and
the top flange of the outer box girders. It
means that the support system can effectively
bear the reaction force and significantly reduce
the value of stress along the loading path.
Therefore, the support system can avoid stress
concentration.

(3) The analysis shows that the non-axial force
connection can effectively transfer loading
from the outer box girders to the inner box
girders through the reaction forces of the
support system. It can release the
unfavourable longitudinal deformation of the
earth-anchored light composite cable-stayed
bridge. The non-axial force connection is a new
solution to the development of the design and
construction of the cable-stayed bridge with a
larger span.
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Abstract 
To investigate the structural performance and economic applicability of multi-span extradosed 
cable-stayed bridge, a comparative scheme of composite beam with corrugated steel web was 
designed based on the Wangjia River Bridge, which was an extradosed cable-stayed bridge with 
prestressed concrete girder built in Shaanxi. Spatial finite element models of the whole bridge were 
established by CSIBridge for extradosed cable-stayed bridge with two different sections of girder. 
Considering the influence of p-Δ effect, the vertical and horizontal deformation and the governing 
sections of the two forms were analyzed and compared. The material consumption of steel, 
concrete and steel strand of the extradosed cable-stayed bridge with corrugated steel web was 
calculated. The material consumption of the two schemes was compared. The differences in 
structural performance and economic cost for the two structures were explored. It’s expected to 
provide a reference for the tender design of multi-span extradosed cable-stayed bridges with similar 
span length. 
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1 Introduction 
Extradosed cable-stayed bridge’s structural 
performance falls in between cable-stayed bridge 
and continuous girder bridge. It has been widely 
used in the past 20 years due to its superior span 
ability and minor economy [1-5]. The traditional 
cable-stayed bridge is mostly built with prestressed 
concrete (PC) box girder, which has the advantages 
of extraordinary bending and torsion performance 
and easy construction. But there are also some 
disadvantages such as easily fracture in concrete 
web, great dead load and serious down warping. 
Therefore, corrugated steel web (CSW) has been 
widely studied and used in recent years as a 
substitute for concrete webs, which can not only 
bear the sheer force but also reduce the dead 
weight and improve the application efficiency of 
prestress. A. Kanchanadevi et al [6] explored the 
influence of embedding depth, reinforced concrete 
pins, and the area of pin reinforcement on the 
shear performance of embedded shear connectors 
of composite girder with corrugated steel webs 
through experiments. Then an expression was 
proposed for evaluating the shear performance of 
the connector. Boshan Zhang [7] proposed a 
theoretical method using rotational stress field to 
analyse the stress state of corrugated steel plate 
under shear stress and verified this phenomenon 
through experiment methord. Wang Sihao et al [8] 
creatively proposed the use of corrugated steel 
plates in the beams of cable towers of suspension 
bridges to obtain better seismic performance and 
proposed a simplified expression for evaluating the 
flexural strength and shear buckling strength of 

composite girder with corrugated steel webs. 
Zhang Zhe et al [9]. proposed the prediction 
expression of stiffness, crack torque, and ultimate 
torque for the failure mode of each component of 
composite box girder with corrugated steel webs 
through experiment, and proved its accuracy by 
experimental results. Yiyan Chen [10] conducted 
experiments and numerical analysis on the 
deflection and yield limit of CSW-truss composite 
box girder bridge when using steel tube filled with 
concrete or not. Then proposing a mathematical 
model to calculate the ultimate bending moment 
of CSW-truss composite bridge. 

The objective of this paper is to investigate the 
comparative scheme of the composite girder with 
corrugated steel web based on Wangjia River 
Bridge. The structural performance and cost of 
extradosed cable-stayed bridge using CSW or 
concrete web are compared. 

2 Comparative scheme 

2.1 Profile of Wangjia River bridge 

Wangjia River Bridge is a multi-span extradosed 
cable-stayed bridge, located in Shannxi province. It 
is a five-tower and six-span prestressed concrete 
low tower cable-stayed bridge with a total length 
of 1170m. The highest point of the bridge is about 
188.5 meters, using the rigid frame system. The 
main bridge has a span of 230 meters and a width 
of 29.5 meters. The stiffness of the main girder and 
the height of the pier are rare in Shaanxi Province. 
The elevation is shown in Figure1.
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Figure 1. General arrangement diagram and mid-span section of Wangjia River bridge 

The main girder is a prestressed concrete structure, 
using large cantilever variable height single box 
three-chamber inclined web section. The top width 
of the box girder is 29.5m, the beam height at the 
fulcrum of the main girder is 8.5m, the height of the 
middle beam is 3.8m, and the height of the box 
girder varies by 1.8 times parabola. The main tower 
is consolidated with the main beam, and the height 
above the bridge is 36m, with the central double 
cable arranged in the central separation zone of the 
main girder. The length of the cable-free zone on 
both sides of the tower root is 90m, while it is 28m 
in middle span, and 23.68m in side span. The cable 
distance on the beam is 4.0m, and the cable 
distance on the tower is 1.2m. Each cable tower is 
provided with 2×15 pairs of 30 stay cables. There 
are a total of 150 stay cables on the whole bridge. 

2.2 Design of PC-CSW composite girder 

In order to study the mechanical properties of low-
pylon cable-stayed Bridges with different sections 
of main girder, a PC-CSW cable-stayed bridge 
comparison scheme was proposed. Yunbao Yellow 
River Bridge with relevant references [11-12] and 

relevant codes were quoted. The cross-section of 
the bridge adopts the box structure of single box 
and five chambers. Except for the concrete webs of 
the middle chamber, the other four webs are all 
corrugated steel web. The width of the top flange 
of the box girder is 29.5 meters and the bottom is 
15 meters. The root height of box girder decreases 
to 7 meters, and the mid-span height decreases to 
3 meters. The linear curve of girder height is 
consistent with that of Wangjia River Bridge. The 
corrugated steel web adopts T1600 as shown in 
Figure 2, and the parameters are summarized in 
Table 1. Web height varies from 1.77 m in mid-span 
to 5.07 m at the top of the pier. Concrete liner is 
used near the top of pear inside the CSW. As the 
corrugated steel web girder bridge has an 
accordion effect, the efficiency of prestress applied 
will be higher than that of PC girder. One study 
shows that the improvement could reach 28% [13]. 
Therefore, the number of cable is reduced to 12 
pairs, and the number of prestressed steel bundles 
is also reduced. Other parameters are basically the 
same as the original bridge. 
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Figure 2. Parameter diagram of CSW 

Table 1. The parameters of T1600 CSW 

Type a (mm) b (mm) c (mm) d (mm) L (mm) α (°) t (mm) 

T1600 430 370 430 220 1600 30.7 30 

2.3 Equivalent orthotropic web 

In the traditional research on corrugated steel 
webs, experiments and fine numerical simulation 
are mainly used to study the bending, torsion, 
shear and connection performance of corrugated 
steel webs with top and bottom plates [14-16]. The 
refined model usually requires plenty of time, but 
if the corrugated steel web is equivalent to the 
orthotropic steel plate. The efficiency of analysis 
can be greatly improved by using an equivalent 
orthotropic plate (EOP). 

The vertical equivalent modulus of elasticity should 
be calculated first. For corrugated steel web and 
equivalent orthotropic steel web. The bending 
moment of inertia to Y-axis is calculated by 
Equation (1) [17]:  

3 /12yy x y x eqEI E I E lt= =    (1) 

The equivalent axial stiffness of section to X-axis is 
expressed by： 

xx x eqEA E lt=   (2) 

According to Equations (1) and (2), the equivalent 
thickness of the equivalent flat steel plate and the 
equivalent elastic modulus of X-axis are： 

12eq yy xxt I A= (3) 

/ ( )x xx eqE EA t l= (4) 

Where E is the elastic modulus of corrugated steel 
web; Iyy is the moment of inertia of the corrugated 
steel web to the Y-axis; Ex is the elastic modulus of 
X-axis of the equivalent flat steel plate; Iy is the
moment of inertia of equivalent flat steel plate
section to Y-axis; teq is the equivalent thickness of
equivalent flat steel plate.

As for the longitudinal equivalent stiffness, the 
displacement equivalent principle was used. A 
longitudinal load F was applied on the ends of 
corrugated steel webs and equivalent orthotropic 
flat steel plates respectively. Taking the same 
longitudinal deformation at the ends of 
components as the boundary condition, the 
longitudinal equivalent elastic modulus and shear 
modulus of flat steel plates was calculated by 
Equation (5) and (6)[18]. The schematic diagram 
and data after equivalence are shown in Figure 3 
and Table 2. 
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Where Ey is the equivalent longitudinal elastic 
modulus of flat steel plate; teq is the thickness of 

corrugated steel web; Geq is equivalent shear 
modulus of flat steel plate; G is shear modulus of 
steel.  

Figure 3. PC section and EOP section 

Table 2. The parameters of T1600 CSW 

Thicknes
s 

t (mm) 

Elasticity 
modulus 
of x-axis 

Ex (MPa) 

Elasticity 
modulus 
of y-axis 

Ey (MPa) 

shear 
modulus

Gxy 
(MPa) 

CSW 30 2.10e5 2.10e5 8.08e4 

EOP 280 3.29e4 195 3520 

3 Finite element modelling 

3.1 Finite element model 

The nonlinear finite element software CSiBridge 
was used to model the two schemes (extradosed 
cable-stayed bridge with PCW or CSW), considering 
the influence of the p-Δ effect. The EOP theory 
described above was used to simulate CSW in FE 
model. The structures were discreted as spine 
model as shown in Figure 4, which is faster and 
more accurate in overall analysis. There are 1766 
joints and 1729 elements in PCW modal while CSW 
modal has 1366 joints and 1272 elements. The load 
combination included dead load, vertical load, 
temperature gradient. Short-term and long-term 
effect was also considered.   

Figure 4. FE modal of Extradosed cable-stayed bridge
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3.2 Structural check computations 

Referring to "CJJT 272-2017 Technical Standard for 
Composite Girder Bridges with Corrugated Steel 
Webs" [19], the structural performance of the 
extradosed cable-stayed bridge with corrugated 
steel webs was checked. In terms of overturning 
resistance, calculation of corrugated steel webs' 
shear capacity and calculation of deflection.  

2.5qf Gk QkS Sγ = ≥  (7) 

( )0 md td vdfγ τ τ+ ≤ (8) 

d p
md

w w

V V
h t

τ
−

= (9) 

All the indexes of the corrugated steel web-
concrete composite girder extradosed cable-
stayed bridge complied with the code and the 
scheme is feasible. 

3.3 Comparison of mechanical properties 

The nonlinear analysis of PCW and CSW was carried 
out respectively, and the influence of the p-Δ effect 
was considered. The results of persistent condition 
load combination were compared and analyzed. 
Firstly, from the aspect of deformation, mid-span 
deflection is a key control factor for both concrete 
beams and steel-concrete composite beams. The 
deflection distribution of the fourth span was 
selected to show the results as illustrated in Figure 
5. On the whole, the deflection of PCW is smaller
than that of CSW under the same load.
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Figure 5. Deflection of two FE modal 

For the low pylon cable-stayed bridge, especially 
for the curved bridge type, the transverse 
displacement of the top of the tower is also the 
focus of comparison. The lateral displacement is 
shown in the table. Because CSW can reduce the 
number of cables, that is, reduce the unbalanced 
force on the bridge tower, the transverse 
displacement of the top of the tower is obviously 
CSW less than PCW. 

Table 3. Horizontal displacement of the top-pylon  

Horizontal displacement (cm) 

CSW PCW 

Pylon 1 1.01 36.85 

Pylon 2 2.78 54.6 

Pylon 3 3.39 59.9 

Pylon 4 2.11 46.1 

Pylon 5 0.79 11.3 
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Table 4. The force condition of governing sections

Top-pier section Mid-span section 

Moment (KN·m) 
CSW -717413 -24912

PCW 240026 66921 

shear (KN) 
CSW 57449 181 

PCW 79146 868 

The internal forces of the control section are listed 
in Table 4. All internal forces of PCW are smaller 
than those of CSW, except for the positive bending 
moment in the middle of the span. 

4 Comparison of material 
consumption 

Since the CSW was proposed to replace concrete 
web，CSW bridge was considered as an economic 
solution compared to traditional PC bridge. 
Numerous studies have shown that CSW can well 
fulfill the shear demand of the section, improve the 
efficiency of prestress applied and reduce the 
amount of material, which is undoubtedly the of 
great economy. However, there are few 
quantitative studies on the economic performance 
of CSW, and the economic advantages of CSW 
bridge under the same crossing capacity cannot be 
intuitively understood. In order to clarify the 
economic difference between the two schemes 
mentioned above, the amount of concrete, steel 
and steel strand per square meter of bridge deck 
was calculated respectively, and the comparison 
results are listed in Table 5 

The total amount of steel used for corrugated steel 
webs is calculated separately and superimposed on 
each cantilever segment, and the amount of steel 
strand includes prestressed strands and stay cable. 
According to the calculation results, CSW can 
reduce the usage of various materials by about 26% 
under theoretical conditions, compared with PCW. 
But the cost in actual project will not be 
significantly reduced as discussed above, and the 
most significant reason is that the current CSW 
mostly uses weathering steel. This kind of steel has 
a very good corrosion resistance after forming a 
dense layer on the surface, which has a great 
protective effect on the long-term use of steel 
bridge. However, the price of weathering steel is 
generally 2-3 times that of ordinary steel of the 
same strength grade, which may lead to a 
significant decrease in steel quantity after using 
CSW, while the cost may not be reduced too much. 
The quantitive affection for economy using CSW 
should be evaluated in specific projects. 

Table 5. Comparison of material consumption

Index CSW PCW CSW/PCW 

Concrete(kg/m2) 2326.07 3633.59 0.64 
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Steel (kg/m2) 101.38+161.85=263.23 326.83 0.81 

steel strand (kg/m2) 80.18 100.23 0.80 

5 Conclusion 
In this paper, a comparison scheme of low pylon 
cable-stayed bridge with corrugated steel web was 
designed and compared with prestressed concrete 
extra-dosed cable-stayed bridge in mechanical 
properties and economy. The results show that 
using CSW instead of concrete webs can reduce the 
dead weight of the main girder, and improve the 
deflection, bending moment, shear force, and 
deformation of the bridge tower positively. 
Economically, CSW can significantly reduce the 
amount of concrete, as well as the amount of steel 
strands, cables, and ordinary steel bars. It is 
estimated that using CSW can save 19% of the 
material consumption. 

Generally speaking, the corrugated steel web 
extra-dose cable-stayed bridge can both meet the 
demand of span capacity and economy. The actual 
design and construction requirements should be 
considered in the specific engineering 
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Abstract 
A novel steel-UHPFRC composite deck system, consisting of upper thin reinforced UHPFRC slab, 
hot rolled sections as longitudinal ribs, and steel strips as transversal reinforcement, is proposed 
originally in this paper. Considered as more economic and sustainable structure, the new 
composite deck is a promising alternative to traditional orthotropic steel deck (OSD) in long-span 
bridge. In this context, due to the relatively thin UHPFRC layer, the punching behavior of new 
composite deck becomes one of the dominant issues, which determines the spacing of steel trips. 
Hence, this paper presents the results of punching tests on 12 new composite deck slabs with 
various spacing of steel strips. All slabs failed in punching-flexure mode with a clearly delimited 
punching cone and significant flexural cracks on tensile surface. Moreover, the presence of steel 
strips  can increase the punching shear resistance and flatten the inclination of critical shear cracks. 

Keywords: long-span bridge; composite bridge deck; UHPFRC; steel strip; punching shear; DIC; 
critical shear crack; punching cone. 

1 Introduction 
The conventional orthotropic steel deck (OSD), 
widely applied in long-span bridges, has suffered 
awfully from vulnerability to fatigue cracking 
under cyclic traffic loads. This issue is mainly 
caused by large stress amplitude and stress 
concentration, resulting from: (1) insufficient 
stiffness at local steel deck; (2) initial welding 
defect and residual stress; (3) inappropriate 
details. 

Nowadays, benefiting from the advantageous 
mechanical properties and fatigue resistance of 
Ultra High Performance cementitious Fiber 
Reinforced Composites (UHPFRC) [1–3], the 
combination of UHPFRC and steel as lightweight 
composite structures offer promising alternatives 
to traditional OSD in long-span bridges. 

Additionally, UHPFRC is a dense material of 
optimized compactness, thus providing robust 
protections as added values against water and 
chloride iron ingress.  

The concept of adding a thin UHPFRC cover (with 
thickness ≤ 60mm generally), as external stiffener 
and protection layer to either improve existing 
OSD or combine with optimized  OSD as new deck 
element (Figure 1), has been developed and 
implemented extensively over last 10 years [4–6]. 
Recent researches and applications have 
demonstrated large improvement of local stiffness 
of steel-UHPFRC composite deck, leading to 
considerable reduce (≥50%) of  vehicle-induced 
stress ranges at most of fatigue details, and 
consequently extension of fatigue life (≥60%), 
compared with traditional OSD [7–9]. However, 
for some fatigue details, such as the cross beam 
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cutout and welded connection between steel 
plate and main girder web, the alleviation of stress 
amplitude is insignificant [10,11], which still leaves 
potential risk on fatigue cracking, especially with 
ever-increasing traffic volumes and vehicle wheel 
loads. 

Figure 1 OSD-UHPFRC composite bridge deck 

Aiming at further improving the fatigue resistance 
of bridge deck for long-span bridge, a novel steel-
UHPFRC composite bridge deck structure, 
combining the benefits of UHPFRC and hot rolled 
section, is proposed originally in this paper. And 
its punching behavior, considered as one of the 
critical issues in structural design due to relatively 
thin thickness of UHPFRC layer, is investigated 
experimentally.  

2 Conceptual design 
As illustrated in Figure 2, the new steel-UHPFRC 
composite bridge deck structure consists of upper 
thin reinforced UHPFRC slab, hot rolled sections as 
longitudinal ribs, and steel strips as transversal 
reinforcement. Both hot rolled sections and steel 
strips are connected with UHPFRC layer through 
short headed studs welded on them. 

In such context, compared with traditional OSD, 
the new structure is expected to have following 
characteristics (Figure 3): 

(1) Without increase of self-weight
The hot rolled sections and steel strips are
used to carry mainly the longitudinal and

transversal force, thus the UHPFRC layer (with 
small reinforcement) can be designed as thin 
as possible (50~70mm). Also, the normal 
pavement with thickness of 40mm is applied 
on top of UHPFRC layer, while a dedicated 
pavement with thickness of 75mm is 
necessary for traditional OSD. As a result, the 
self-weight of new composite deck is similar 
as that of traditional OSD. 

(2) Higher fatigue resistance
The relatively thick UHPFRC layer (50~70mm)
in new composite deck provides much higher
local stiffness than that from steel deck plate
(16mm generally) in traditional OSD. The hot
rolled sections and steel strips, as longitudinal
and transversal stiffeners, are connected with
UHPFRC layer through short headed studs
with only little welding work, avoiding
appearance of initial welding defect and
residual stress.

(3) Higher durability
Due to the dense matrix and high mechanical
properties in both tension and compression,
UHPFRC is waterproof and crack-free under
service stresses, thus providing robust
protection against water and chloride ion
ingress.

(4) Higher economy
The use of hot rolled sections and normal
pavement, and less labor work without
welding on-site, result in much less
construction cost (up to 50% less) than that of
traditional OSD. Moreover, considering high
fatigue resistance and durability of new
composite deck, less maintenance is expected
during service life, which can further decease
the life cycle cost (up to 70% less).

Therefore, considering as more economic and 
sustainable structure, the proposed composite 
bridge deck is a competitive alternative to 
traditional OSD in long-span bridge.   
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Figure 2 Schematic illustration of a novel steel-UHPFRC composite bridge deck 

Figure 3 Comparison between traditional OSD and new composite deck 

3 Experimental investigation 
Considering the relatively thin UHPFRC layer, 
punching shear failure mode may happen in new 
composite deck between hot rolled sections, 
especially under heavy vehicle wheel load. And 
the presence of steel strips is expected to increase 
the punching shear resistance of composite deck. 
The focus of present experimental campaign is 
thus placed on the punching behavior of new 
composite deck with emphasis on the 
contribution of steel strips. The main parameter is 
the spacing of steel strips under the UHPFRC layer. 

3.1 Test specimens and materials 

A total of 12 square UHPFRC slabs (800 × 800 × 55 
mm) with or without steel strips were tested in

punching under a top loading point All presented 
slabs had orthogonal reinforcement with cover 
thickness of 16mm close to the bottom tensile 
surface of slab. The steel strips (cross section: 60 × 
8 mm) with short headed studs (diameter: 13mm, 
height: 35mm) were arranged on bottom of slabs. 
Table 1 gives the main parameters of test slabs, in 
which S0 series refer to the slabs without steel 
strips. Four specimens were prepared for each 
series. 

The used UHPFRC was an industrial premix 
containing 2.0% by volume of straight steel fibers 
with length of 13 mm and diameter of 0.2 mm. 
The mechanical properties of UHPFRC and the 
other used materials are listed in Table 1. 
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Table 1 Mechanical properties of used materials 

UHPFRC 

Type 
EU fUc fUte fUtu εUtu 

GPa MPa MPa MPa ‰ 
UA 50.9 171.2 9.8 11.2 1.3 

Steel 

Type 
Ø EU fsy fsu 

fsu /fsy mm GPa MPa MPa 
HRB 400 
(rebar) 

10 206 417.0 593.7 1.42 
12 206 457.4 604.8 1.32 

Steel strip 60×8 204 365.8 530.2 1.45 

In terms of specimens’ fabrication, the orthogonal 
steel reinforcement and steel strips were placed in 
the wood formwork firstly. Afterward, the fresh 
UHPFRC mixture was poured continuously from 
the center of formwork and pulled outward 
slightly to fill entirely the formwork, and the top 
surface were covered by plastic sheet. The slabs 
were kept in the laboratory and demoulded after 
48h. The slabs were subsequently cured in 
steaming condition (≥90°C) for another 48h, and 
stored in the laboratory until testing. 

Table 2 Main parameters of test specimens and test results 

No. 
Geometry 

Steel 
rebars 

Spacing of 
steel strips 

VR,exp wR αU ΨR VRU,CSCT VRU,f VR,pre VST/ VR 
mm mm mm kN mm ° ‰ kN kN kN 

S0-1 
800×800 
×55 

Ф12@62.5 
Ф10@100 

- 

164 20.4 24.5 64.8 52.3 95.7 147.9 

- 
S0-2 134 13.9 24.0 44.2 76.7 95.7 172.3 
S0-3 147 13.9 16.5 44.1 76.7 95.7 172.4 
S0-4 192 20.9 22.3 66.6 50.8 95.7 146.5 

Average 
159 

(100%) 
17.3 21.8 54.9 64.1 95.7 159.8 - 

S300-1 
800×800 
×55 

Ф12@62.5 
Ф10@100 

300 

175 13.0 25.0 41.4 81.7 95.7 177.4 

- 
S300-2 200 11.5 15.8 36.4 93.1 95.7 188.8 
S300-3 170 12.7 15.8 40.3 83.9 95.7 179.6 
S300-4 192 17.2 20.8 54.8 61.8 95.7 157.5 

Average 
184 

(116%) 
14.7 19.3 43.2 80.1 95.7 175.8 4.6% 

S200-1 
800×800 
×55 

Ф12@62.5 
Ф10@100 

200 

220 12.8 15.5 40.7 83.2 95.7 178.8 

- 
S200-2 220 11.4 14.3 36.0 93.9 95.7 189.6 
S200-3 213 11.1 20.0 35.0 96.7 95.7 192.4 
S200-4 255 18.3 20.5 58.2 58.1 95.7 153.8 

Average 
227 

(143%) 
13.4 17.6 42.5 83.0 95.7 178.7 21.4% 

3.2 Test method and procedure 

As shown in Figure 4, the square slabs were simply 
supported on all sides, and the force was imposed 
downwards with a hydraulic jack on the top 
UHPFRC surface with square loading plate of 
70mm side length. 

Continuous measurements were made during the 
tests. The force was recorded in the loading 
system directly. The Digital Image Correlation (DIC) 
system was used to observe the full-field strain 
and deflection evolution on bottom tensile surface 
of slabs during the whole testing process: two 

digital cameras were placed beneath the slabs at a 
distance of 500 mm and an angle of 20 degrees to 
the vertical. The targeted surface with area of 
700×700 mm was painted with matte white paint, 
followed by spraying a black speckle pattern with 
size around 0.8 mm. In this context, the DIC 
measurement accuracy can reach about 5με. And 
several LVDTs were installed on top to measure 
the deformation at the supports. All 
deflection/deformation measurements were 
performed with respect to the strong floor. In 
addition, several stain gauges were installed on 
bottom surface of steel strips. 
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Figure 4 Test setup and instrumentation 

4 Results and analysis 

4.1 Failure mode and force-deflection 
response 

All force-deflection curves are given in Figure 5, 
where the deflection values are determined by 
DIC analysis on the bottom surface, excluding the 
deformation at supports. The punching shear 
resistance 𝑉𝑉𝑅𝑅  (peak force) and corresponding 
deflection 𝑤𝑤𝑅𝑅  for each slab are summarized in 
Table 2. 

All slabs failed in flexural-punching shear mode at 
the end of testing with a clearly delimited 
punching cone and significant flexural cracks on 
tensile surface, while the loading plate was 
penetrated into the slab without obvious damage 
around (Figure 6). 

It is observed that all curves show a plastic plateau 
before or after peak force, which is different from 
the response of reinforced concrete with a sudden 
drop of resistance. This can be attributed to the 
bridging effect of steel fibers and steel strips, 
allowing development of more flexural cracks and 
deformation in UHPFRC. Another interesting 
feature is that the value of 𝑉𝑉𝑅𝑅  increase as the 
presentence of steel strips, 𝑉𝑉𝑅𝑅 from series S300 
and S200 increases by 16% and 43%, compared 

with series S0. On the contrary, the value of 𝑤𝑤𝑅𝑅 
shows opposite phenomenon. 

Figure 5 Force-deflection response of slabs: (a) 
series S0; (b) series S300; (c) series S200 
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(a) typical cracking mode on compressive (top)
surface for all slabs 

(b) typical cracking mode on tensile (bottom)
surface for series S0 

(c) typical cracking mode on tensile (bottom)
surface for series S300 

(d) typical cracking mode on tensile (bottom)
surface for series S200 

Figure 6 Fully developed cracking pattern on the 
surfaces after testing 

4.2 Cracking patterns 

After failure, each slab was sawed into four pieces 
along the central lines to observe the inner critical 
shear cracks, as shown in Figure 7, and the 
representative angle αU of critical shear cracks for 
each slab is determined using average value of 
𝛼𝛼1~𝛼𝛼4.  

It can be observed that all slabs have dominated 
critical shear cracks, within which several flexural 
cracks are distributed. And the smaller spacing of 
steel strips (series S200) leads to a much flatter 
inclination of the critical shear cracks in 
comparison with series S300 and series S0. It can 
be explained that the inclusion of steel strips in 
the punching cone allows a better control of shear 
cracks development, as shown in Figure 7 (c). 

(a) typical cracking mode for series S0 (e.g. S0-4)
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(b) typical cracking mode for series S300
(e.g. S300-4) 

(c) typical cracking mode for series S200
(e.g. S200-1) 

Figure 7 Fully developed cracking pattern on cut 
sections after testing 

4.3 Contribution of steel strips to punching 
shear resistance 

The punching shear resistance 𝑉𝑉𝑅𝑅  of the 
composite slab can be considered as the 
superposition of: (1) shear transferred by UHPFRC 
across the critical shear cracks depend on the 
roughness of the crack and its opening 𝑉𝑉𝑅𝑅𝑅𝑅_𝐶𝐶𝐶𝐶𝐶𝐶𝐶𝐶; 
(2) bridging effect of steel fibers along the critical
shear cracks 𝑉𝑉𝑅𝑅𝑅𝑅_𝑓𝑓 ; (3) tension chord effect of
steel strips 𝑉𝑉𝐶𝐶𝐶𝐶.

𝑉𝑉𝑅𝑅 = 𝑉𝑉𝑅𝑅𝑅𝑅_𝐶𝐶𝐶𝐶𝐶𝐶𝐶𝐶 + 𝑉𝑉𝑅𝑅𝑅𝑅_𝑓𝑓 + 𝑉𝑉𝐶𝐶𝐶𝐶        (1) 

𝑉𝑉𝐶𝐶𝐶𝐶𝐶𝐶𝐶𝐶 = 3 4⁄

1+15
𝛹𝛹∙𝑑𝑑𝑒𝑒𝑒𝑒𝑒𝑒
16+𝑑𝑑𝑔𝑔

∙ 𝑏𝑏0 ∙ 𝑑𝑑𝑒𝑒𝑓𝑓𝑓𝑓 ∙ �𝑓𝑓𝑅𝑅𝑈𝑈   (2) 

𝛹𝛹 = 𝜔𝜔/(𝑟𝑟𝑠𝑠 − 𝑟𝑟𝑙𝑙)          (3) 
𝑉𝑉𝑅𝑅𝑅𝑅_𝑓𝑓 = 𝑓𝑓𝑅𝑅𝑈𝑈𝑈𝑈/𝐾𝐾 ∙ 𝑏𝑏0 ∙ 𝑑𝑑𝑒𝑒𝑓𝑓𝑓𝑓        (4) 

where 𝑏𝑏0  is the control perimeter, located at 
𝑑𝑑𝑒𝑒𝑓𝑓𝑓𝑓/2 of the edges of the loading area; 𝑑𝑑𝑒𝑒𝑓𝑓𝑓𝑓 is 
the effective depth of slab; 𝛹𝛹 is the maximum 
rotation of slab; 𝑟𝑟𝑠𝑠 is the radius of support; 𝑟𝑟𝑙𝑙 is 
the radius of loading plate; K=1.25 considering the 
local fiber distribution. 

The calculation results based on Eq (1) to (4) are 
also listed in Table 2. It is found that the 
prediction agrees well with testing results from 
series S0. And the contribution of steel strips to 
the punching shear resistance of series S300 and 
S200 is 4.6% and 21.4%, respectively.  

5 Conclusions 
This paper originally proposes a novel steel-
UHPFRC composite deck system, consisting of 
upper thin reinforced UHPFRC slab, hot rolled 
sections as longitudinal ribs, and steel strips as 
transversal reinforcement. Moreover, the testing 
results of 12 punching tests on new composite 
deck slabs with various spacing of steel strips are 
presented. The main conclusions are: 

(1) The proposed composite deck exhibits
excellent structural performance, durability and 
economy, which is a promising alternative to 
traditional OSD in long-span bridge. 

(2) All slabs failed in flexural-punching shear
mode at the end of testing with a clearly delimited 
punching cone and significant flexural cracks on 
tensile surface. 

(3) The punching shear resistance 𝑉𝑉𝑅𝑅
increases as the presentence of steel strips; and 
the smaller spacing of steel strips leads to a much 
flatter inclination of the critical shear cracks. 
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The Behavior of Long-span Suspended Footbridge Under Wind Load 

Soomin Kim, Jeong-Gon Kim, WooJin Chung, Ho-Kyung Kim 
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Abstract 
This study examined the wind resistance characteristics of a 660 m span suspended footbridge using 
a wind tunnel test and numerical analysis method. The target bridge deck is a hexagonal cross-
section beam supported by a three-dimensional catenary cable structure. A wind tunnel experiment 
was conducted to investigate the wind characteristics in the mountainous valley terrain in the 
simulated atmospheric boundary layer model. The wind load of the girder was applied to the 
numerical model considering aerodynamic coefficients and the topographical characteristics. The 
behavior of the girder according to the wind load was analyzed. Above a certain wind speed, the 
lateral and vertical displacement increased sharply, and the torsional displacement reversed from 
nose up direction to nose down direction. This phenomenon was due to the loss of the initial tension 
of the leeward cables due to the geometrical behavior of the three-dimensional cable structure. This 
study identifies the behavior of long-span suspended footbridges under wind loads. 

Keywords: suspended footbridge; wind load; three-dimensional cable system; mountainous valley 
terrain; wind tunnel test; numerical analysis. 

1 Introduction 
Unlike general bridges, the suspended footbridges 
have a lightweight deck, and the stiffness of the 
bridge system is low. The main span to bridge width 
ratio is mainly used as an index to express the 
flexibility of cable bridges, and a long bridge span 
lowers the system stiffness. This makes the bridge 
system vulnerable to wind loads resulting 
necessarily a detailed review of the displacement 
control. Additionally, a long-span bridge located in 
complex terrain contains complicated flow 
phenomena with mean wind speed-up and 
variation of turbulence. 

Several previous studies evaluated the response of 
the footbridge due to the wind loads and wind 
characteristics in mountainous terrain. Taylor et al. 
[1] and Yoshimura et al. [2] investigated the

aeroelastic stability of footbridge according to 
different deck configurations. Tadeu et al. [3] used 
Computational Fluid Dynamic simulation to 
identify elements highly affected by static wind 
loads in the cross-section of the girder of the 
suspension footbridge. Flutter wind speed limit 
with different grating porosity of pedestrian bridge 
deck was compared by Lee et al. [4]. The wind 
characteristics in a mountainous valley were 
studied by Li et al. [5] and Song et al. [6]. 
Nevertheless, the nonlinear behavior 
characteristics of a long-span pedestrian bridge on 
mountainous terrain according to aerodynamic 
load have not been investigated, and previous 
relevant studies are limited in scope. 

Regarding these challenges, this study focuses on 
the behavior of a suspended footbridge with three-
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dimension cable system on mountainous valley 
terrain. 

2 Identification of bridge location 
wind environment through wind 
tunnel test 

2.1 Target structure 

The target structure is a suspension footbridge with 
a main span of 660 m and a bridge width of 3,56 m. 
The bridge is supported by two steel towers that 
are 18,8 m tall and 3-dimensional suspension main 
cables. The hexagonal reinforcement module that 
exists in 6 m increments on the bridge girder is 
connected to the main cables through two cross 
cables and two hanger cables. (Figure 1(c)) The 
distance between the main cables increases 
steadily from the midspan of the bridge to the 
saddle point, forming a 3-dimensional cable system, 
as shown in Figure 1(a). 

Figure 1. Target footbridge (a) Top view (b) 
Longitudinal geometry 

2.2 Flow characteristics at valley terrain 

2.2.1 Test setup 

The target bridge is planned for construction in 
deep valley terrain. In such unusual mountainous 
environment, the design wind speed calculated 
using meteorological data provided by the local 
weather station can not sufficiently consider the 
geographical conditions. Therefore, a topographic 
wind tunnel experiment was performed to 
measure the wind speed-up ratio and turbulence 
intensity at the height of the girder. A 1:2000 scaled 
model test to simulate the terrain with a 2 to 4 km 
radius was performed in an open-circuit wind 
tunnel at Seoul National University, South Korea. A 
neutral atmospheric boundary layer was simulated 
using the passive combination use of spires and 
floor roughness blocks. The wind profile was 
measured and verified with the theoretical value of 
power law with an exponent of α=0,22. As shown 
in Figure 2, the wind flow's mean wind speed and 
turbulent components in the direction 
perpendicular to the bridge (β = 0, 180 °) were 
measured using a hot-wire anemometer device. 

Figure 2. Scaled model for wind tunnel test 

2.2.2 Test result 

The results of the wind tunnel test are shown in 
Table 1. Figure 1(b) shows the speed-up ratio and 
turbulence intensity measured for locations 1, 2, 
and 3, respectively, 1/4, 1/2, 3/4 point of the bridge 
span. The speed-up ratio is a dimensionless value 
describing the increase of wind speed above a hill 
surface compared with the wind over a flat surface 
at the same height above the surface. For location 
2, when the wind direction is downstream from the 
mountain (β = 0°), the speed-up ratio is 0,71, which 
lowers the oncoming wind speed. When the wind 
blows from the valley direction (β = 180°), the 
speed-up ratio is 0,98, which means the 
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approaching wind speed is maintained at a similar 
level. Only for β=0° in location 1, the speed-up ratio 
was greater than 1.  

The turbulence intensity was 29,2% in section 2 
when β=0°. This is twice as large as the theoretical 
value of turbulence intensity of 14,5% when 
calculated at the same height. For β=180°, the 
turbulence intensity was 16,8%, which is similar to 
the theoretical value. Through this result, it can be 
inferred that the turbulence intensity greatly 
increases due to the presence of an anterior 
mountain. 

Table 1. Speed up ratio and turbulence intensity of 
each section at the bridge location 

Location 

Speed up ratio 
(𝑼𝑼𝒅𝒅𝒅𝒅𝒅𝒅𝒅𝒅 /𝑼𝑼𝟎𝟎) 

Turbulence 
intensity (%) 

β=0° β=180° β=0° β=180° 

1 1,12 0,93 21,2 22,1 

2 0,71 0,98 29,2 16,8 

3 0,95 0,66 29,1 39,3 

2.3 Aerodynamic force coefficient for 
target bridge 

The aerodynamic force coefficient was obtained 
using a 1:18 scaled model. Using a 3-axis force 
balance, the aerodynamic force coefficient can be 
calculated from the drag force, lift force, and 
pitching moment per unit length of the deck as Eq. 
(1), 

𝐶𝐶𝐷𝐷 = 𝐹𝐹𝑥𝑥
1
2𝜌𝜌𝑈𝑈

2𝐵𝐵
    𝐶𝐶𝐿𝐿 = 𝐹𝐹𝑦𝑦

1
2𝜌𝜌𝑈𝑈

2𝐵𝐵
    𝐶𝐶𝑀𝑀 = 𝑀𝑀𝑧𝑧

1
2𝜌𝜌𝑈𝑈

2𝐵𝐵2 (1) 

where B is the width of the model cross-section, 
0.198 𝑚𝑚, ρ is the air density of 1.25 𝑘𝑘𝑘𝑘/𝑚𝑚3And U is 
the tunnel wind speed, 10 𝑚𝑚/𝑠𝑠. 

Figure 3. Section model installed in the wind 
tunnel 

Aerodynamic force coefficients calculated by 
measuring the average wind load acting on the 
deck section under varying angles of attack from -
10° to 10° are shown in Figure 4. The drag 
coefficient of 0,424, the lift coefficient of -0,01, and 
the moment coefficient of 0,076 measured at 0 
degrees of the attack angle were applied to the 
numerical analysis model in Chapter 3. 

Figure 4. Aerodynamic force coefficients of bridge 

3 Behavior analysis through 
numerical analysis 

Numerical analysis of the target bridge with 
aerodynamic loading was performed using 
structural bridge analysis software RM Bridge-Ent 
v11. (Figure 5) The validity of the RM Bridge model 
was confirmed by comparing the natural 
frequencies of the dominant modes with the same 
bridge modeled by MIDAS/CIVIL finite element 
software. The wind speed-up ratio and turbulence 
intensity for each section derived from the 
topography wind tunnel test was reflected in the 
analysis model. The structure response was 
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evaluated when the Gust factor was applied to 
average wind speed. The buffeting response was 
also estimated through frequency domain analysis. 
Additionally, the girder behavior characteristics 
according to wind speed were confirmed. 

Figure 5. Numerical model of target bridge 

3.1 Structure response at design wind 
speed 

In wind resistant design of a bridge, the buffeting 
phenomenon caused by turbulence cannot be 
completely suppressed. Even so, it should be 
designed to satisfy the allowable displacement by 
improving the cross-sectional shape or structural 
characteristics. Two methods were used to 
estimate the structure's response due to 
turbulence. First, the Gust coefficient calculated 
through Eq. (2) was multiplied by the average wind 
speed. Second, a frequency domain buffeting 
analysis was performed. 

𝐺𝐺 = 1 + 7 ⋅ 𝐼𝐼𝑢𝑢(𝑧𝑧) (2) 

The design wind speed for each location is 26,9, 
29,9, 25,5 m/s, and the displacements for the 
averaged wind, Gust factor applied wind and 
buffeting are shown. For the two wind directions, 
β=180° showed a larger response and is plotted in 
Figure 6. Positive rotational displacement is the 
nose-up direction of the cross-section. It is 
confirmed that the Gust response is rated slightly 
higher than the buffeting response. Since the 
buffeting response reflects the modal analysis, 
there is a difference from the Gust response due to 
the dominant mode shape of the vertical 
displacement. The valley topography's turbulence 
characteristics influence the maximum response of 
the flexible suspension bridge greatly. The large 
horizontal displacement response necessitates 
additional stiffness for lateral displacement control. 

   Figure 6. Girder displacement at design wind 
speed, β=180° 

3.2 Structure response according to wind 
speed 

By examining the structure's response according to 
varying wind speed, it is possible to understand the 
characteristics of the behavior and identify the 
vulnerable wind speed of the structure. Maximum 
response was derived by changing the wind speed 
based on the height of the midspan of the girder. 

As shown in Figure 7, a rapid change in response is 
observed near the Gust wind speed of 30 m/s. The 
vertical displacement increases rapidly, and the 
rotational displacement gradient changes direction. 
Afterwards, it can be seen that the cross-section 
rotation is converted to nose-down at around 42 
m/s of Gust wind speed. The tension of the main 
cable was also examined to determine the cause of 
the geometrical 3-dimensional cable system. As 
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shown in Figure 8, when Gust wind speed ranges 
from 30 m/s to 40 m/s, the main cable on the 
leeward side almost loses the initial tension. Figure 
8 shows that the main cable on the windward side 
resists most of the wind load as wind speed 
gradually increases. 

Figure 7. Girder displacement according to wind 
speed 

Figure 8. Main cable tension force according to 
wind speed 

Figure 9 shows the geometric shape of the girder 
and the three-dimensional cable according to wind 
speed. The cross-section at position 1 and the 
hanger/cross cable connected to the main cable 
are shown. This figure illustrates the phenomenon 

in which a sudden displacement occurs, and the 
direction of rotational displacement changes as the 
leeward cable tension is lost. 

The analysis results show that in the case of a 
flexible suspension bridge with a three-
dimensional cable, a singularity response can be 
induced in the structure. 

Figure 9. Bridge configuration according to wind 
speed at location 1 

4 Conclusion 
The behavioral characteristics of a suspension 
bridge with a main span of 660 m, located in a 
unique mountainous valley terrain, were examined. 
The aerodynamic coefficient of the girder section 
was obtained through a two-dimensional wind 
tunnel experiment. The wind speed-up ratio and 
turbulence intensity for each location was 
calculated through a topographic wind tunnel 
experiment. The numerical analysis derived the 
model response to the Gust and buffeting 
responses due to the turbulence components. In 
addition, the effect of the three-dimensional cable 
configuration was evaluated on the structural 
response according to wind speed. The analysis 
results are as follows. 

The increased flexibility from long span and the 
turbulence characteristics of the mountainous 
valley topography increased the response of the 
bridge. In Gust wind speeds of 30~40 m/s, sudden 
changes in the displacement of the bridge and main 
cable tension were observed. This phenomenon 
was due to the loss of the initial tension of the 
leeward main cable from the geometric behavior of 
the three-dimensional cable structure. 

0

10

20

30

0 10 20 30 40 50 60

D
isp

la
ce

m
en

t(
m

)

Wind speed at girder (m/s)

Lateral displacement, location 2
Vertical displacement, location 2
Lateral displacement, location 1
Vertical displacement, location 1

-10

0

10

20

0 10 20 30 40 50 60

To
rti

on
al

 D
isp

la
ce

m
en

t(
°)

Wind speed at girder (m/s)

Tortional displacement, location 2
Tortional displacement, location 1

0

2

4

6

8

10

0 10 20 30 40 50 60

C
ab

le
 te

ns
io

n 
fo

rc
e 

(M
N

)

Wind speed at girder (m/s)

Windward main cable
Leeward main cable

0

5

10

15

20

25

30

-10 -5 0 5 10 15 20 25 30 35

G
lo

ba
l Y

 c
oo

rd
in

at
e (

m
)

Global Z coordinate (m)

W
in

d

Intial
V=30 m/s

V=40m/s

V=50 m/s

V=60 m/s

V=20 m/s

408



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

This study confirms the importance of buffeting 
response in the wind-resistant design of a long-
span suspension footbridge in mountainous terrain. 
Furthermore, data gained from this research can be 
used to assess and evaluate reinforcement 
methods for displacement control.  
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Abstract 
To achieve a cost-effective, rational, and efficient structural system, two traditional structural 
systems—a continuous rigid frame (CRF) girder bridge and a deck arch bridge—are combined to 
form a new bridge type—arch-stiffened girder (ASG) bridge. This bridge type fulfil the innovative 
and unique requirements for the Chongqing Lijia Jialing river bridge. The ASG bridge combines the 
simplicity of a girder bridge with the elegance of an arch bridge. In terms of structural behaviours, 
the ASG bridge utilizes the arch to assist the main girder and forms a self-balancing system, 
significantly reducing the mid-span and side-span girder lengths, and thus optimizing structural 
performance through increased vertical stiffness and effective control of long-term deflection. This 
article discusses the major components of the Chongqing Lijia Jialing river bridge's design, 
construction, load capacity testing, and effects upon completion. 

Keywords: hybrid structural system; arch-stiffened girder(ASG) bridge; girder-arch combined 
structure; structural design; construction method. 

1 Introduction 
Both continuous rigid frame (CRF) and deck arch 
bridges are suited for use in mountainous 
environments. CRF bridges has monolithic pier and 
girder connection which eliminates the need for 
large tonnage bearings at the main piers. The main 
girder structure is continuous, which has a more 
reasonable force distribution, offers smooth riding 
condition, simple construction, low operation and 
maintenance cost, and is more economical [1].  But 
longer span CRF bridges often have less predictable 
deflection and cracks [2-4] in the girder, this bridge 
type is best suited for spans not more than 200m [5]. 
Additionally, the long-span deck arch bridge is 
economical and attractive in hilly terrain, where it 
has been frequently utilized [6]. However, due to 
the considerable force at both end supports, it can 

only be applied in proper geological conditions. 
Hence, this bridge type also has limitations. 

A hybrid structural system formed by the 
combination of two or more conventional structural 
systems may exhibit more complicated mechanical 
behaviours but provide superior structural 
performance. The combined bridge system could 
retain the respective advantages of both bridge 
systems. As a result, it is novel to study and design a 
new type of long-span ASG bridge with high 
spanning capacity, excellent mechanical 
performance, and a low economic cost index that is 
based on conventional bridge construction 
materials, current bridge design codes, and the 
hybrid structural system design concept [7]. 

The Chongqing Lijia Jialing River Bridge was selected 
following a comprehensive study of bridge types, 
considering the bridge's construction method, long-
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term structural performance, and landscape 
requirements. As a result, a new ASG bridge was 
adopted. This paper introduces the critical design 
technology and overall construction method, and 
the actual effect of the completed bridge, which 
serves a reference for future bridge design and 
construction. 

2 Overview of the project 
Lijia bridge is approximately 26.8 km upstream from 
the Yangtze and Jialing rivers' confluence. The 
construction of this bridge will significantly improve 
the expressway network in northern Chongqing and 
will effectively accelerate the city's westward 
development. The bridge is 785m in length, with a 
main span of 245m. It carries two-way eight-lane 
expressway traffic (four lanes in each direction) via 
a double bridge arrangement. Each bridge is 18m 
wide and has a design speed of 80km/h. 

3 Conceptual design 

3.1 Design concept 

Chongqing is a well-known mountainous city in 
southwest China, with over 14000 bridges spread 
across an 82,000-square-kilometer urban area. Due 
to multitude and variety of bridges, Chongqing is 
recognized the "bridge capital". To highlight the 
"bridge capital" characteristics, each new bridge 
crossing the Yangtze and Jialing rivers must be 
meticulously designed. The impact of the chosen 
bridge type on the regional spatial environment of 
Chongqing, a typical mountainous city, was fully 
considered during the conceptual design of the Lijia 
bridge. The topography of the surrounding terrain, 
as well as the significant changes in water level of 
the Jialing River, were all considered to ensure that 
the bridge blended seamlessly into its surroundings 
and formed an organic community. 

A reasonable structure with a straightforward force 
transmission path was required in order to fully 
demonstrate the force and elegance of the form. As 
a mega-bridge spanning the river in Chongqing's 
metropolitan region, the Lijia bridge should not only 
serve a functional purpose but also strive for novelty, 
beauty, and uniqueness. 

3.2  Bridge type selection 

The Lijia bridge is situated on the asymmetrical U-
shaped valley slope. A river width of approximately 
360m at the Three Gorges reservoir's storage level. 
The bridge is located in a slightly curved section of 
the river, with a single two-way navigable span and 
a clearance of 160 x 10m; after navigation and 
flooding arguments, the bridge is arranged with a 
main span of 245m. The navigable span is set to the 
east, in accordance with the ship's overall deviation. 

 Technically, beam, arch, cable-stayed, and 
suspension bridges are all possible, depending on 
the required navigable span and topographical 
conditions. The Lijia bridge's main span is only 245m, 
which is beyond the economic range of ground-
anchored suspension bridges; the bridge deck 
extends up to about 70m above average water level, 
which means that if a self-anchored suspension 
bridge is used, the pylon height above the bridge 
deck will be low. Due to the reason that the 
proportional design of the upper and lower pylons 
is not coordinated, it is initially ruled out. 

Arch bridge is unique from a landscape perspective 
due to the beautiful form, which complements the 
bridge's setting, as there are no arch bridges 
crossing the Jialing River within Chongqing's 
metropolitan area. Due to the bridge's excessive 
height above the water, the through arch bridge has 
poor overall proportions and an incongruous 
landscape. Due to the significant subsidence of the 
Jialing River's water level, if a deck arch bridge is 
chosen, the main span must be increased to 
approximately 280m to allow for navigation under 
high water level conditions, which will result in 
higher in cost. However, if a half-through arch 
bridge is used for this bridge site, the bridge deck 
will be too expansive, resulting in poor overall 
proportions. At high water levels, both the deck 
arch and half-through arch bridge are vulnerable to 
ship strikes. As a result, traditional arch bridge 
designs are unsuitable. As illustrated in Figure 1, this 
bridge site is suitable for CRF bridges, extradosed 
bridges, and single pylon cable-stayed bridges. 
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Figure 1. Renderings of suitable bridge types 

Conventional CRF bridges are simple in exterior 
appearance and harmonious in the landscape. 
However, this bridge type is too ordinary and suffers 
from excessive deflection and girder cracking. Both 
the adjacent bridges on upstream and downstream 
of the Lijia bridge are CRF bridges. Therefore, a 
requirement for the new bridge needed a unique 
design while harmonizing with the adjacent bridges 
in form. Although the extradosed bridge is more 
integrated into the environment, its shape is similar 
to the completed Jiayue bridge upstream. While the 
single-pylon cable-stayed bridge features a tall 
pylon, its large cable planes can obscure views from 
the riverside. As a result, the three types of bridges 
mentioned previously have obvious disadvantages. 

The design of the Lijia bridge needed to consider the 
topography, urban planning, navigation and 
flooding conditions, structural performance, cost, 
and landscape requirements. As a result, the author 
proposed combining a conventional CRF bridge and 
a deck arch bridge into a hybrid structural system 
and to develop a new type of bridge — the ASG 
bridge (see Figure 2). 

Figure 2. Renderings of the ASG bridge 

Due to the extensive deck, the Lijia bridge was 
designed in parallel with a double bridge 
arrangement to satisfy the demand for eight lanes 
of traffic in both directions. If the arrangement of 
columns on the main arch is used, the result will 
appear cumbersome and complicated (see Figure 
2a). The design was simplified by adopting an 
arrangement without columns set on the main 
arches (see Figure 2b). The main span is an ASG 
structure, while the side span is a continuous girder 
with variable section. Figure 3 illustrates the general 
arrangement and critical parameters.  

Figure 3. General layout and critical structural parameters of Lijia bridge
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3.3 Comprehensive comparison with a CRF 
bridge under the same conditions  

The preliminary design of the Lijia bridge included a 
thorough comparison of an ASG bridge with the 
same span arrangement and deck width to a CRF 
bridge. The overall finite element models are shown 
in Figure 4, while the internal forces comparison of 
the main girder between the ASG and CFR bridge 
are shown in Figure 5. 

Figure 4. Overall finite element model of the ASG 
bridge and CRF bridge 

Figure 5. Internal forces comparison of the main 
girder between ASG bridge and CFR bridge 

As illustrated in Figure 5, the ASG bridge's lower 
chord arch greatly reduces the calculated span of 
the main girders, resulting in a significant reduction 
in bending moment and shear force. The ASG bridge 
fully utilizes the combined girder-arch bearing 
system's advantages. Table 1 contains the results of 
a comprehensive comparison. 

Table 1. Comparison of the structural performance 
of ASG bridge and CRF bridge 

Structure system ASF 
bridge 

CRF 
bridge

Quantity of 
materials 

(Single 
width 

bridge) 

C60 
concrete
（m3） 

22189.0 22914.0 

Prestressed 
strand（t） 1711.6 1783.0 

Rebar（t） 3266.7 3457.8 

Maximum 
normal 

stress(MPa) 

Pier-top -12.7 -19.0

Mid-span -9.9 -15.7

Maximum 
principal 

stress(MPa) 

Principal 
compressive 

stress 
-20.2 -20.8

Principal 
tensile 
stress 

1.0 2.4 

Live load 
deflection 

Middle 
deflection 

of main 
span (mm)             

33.8 
(1/7249) 

105 
(1/2333) 

20-year
long-term

creep 
deflection 

Middle 
deflection of 

main span 
(mm)  

35.8 
(1/6844) 

282.8 
(1/866) 

Note: The data in parentheses refer to the main span's 
deflection span ratio. 

According to the comparison results, the ASG bridge 
uses slightly less material than the CRF bridge. The 
ASG bridge outperforms the CRF bridge in terms of 
structural forces, vertical stiffness, and control of 
long-term deflection deformation. The ASG bridge 
can effectively avoid the deflection and cracking 
problems associated with conventional CRF bridges 
during their service life. 

4 Structural characteristics 

4.1 Structural system 

The main pier solidifies the upper chord girder and 
lower chord arch, while the arch-girder confluence 
section combines the lower chord arch and upper 
chord girder. They are symmetrically aligned along 
the main pier's centerline. Between the end of the 
conventional side span girder section and the side 
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pier or abutment, the movable bearings are 
installed. Figure 6 illustrates the structure of a 
typical ASG bridge. 

4.2 Mechanical characteristics 

The ASG bridge consists of the main pier, upper 
chord girder, and lower chord arch together to form 
a stable inverted triangle frame. The lower chord 

arch is a pressure-bending structure, the upper 
chord girder is a tension-bending structure, and the 
upper chord girder is the rigid tie of the lower chord 
arch.  On both sides of the main pier, the pressure 
of the lower chord arch and the tension of the upper 
chord girder can counterbalance one another, 
establishing a "no-thrust, self-balancing" force 
system. 

Figure 6. Structure of the ASG bridge

4.3 Differences from open-web CRF bridges 

The ASG bridge is visually and mechanically distinct 
from the open-web CRF bridges[8] built or under 
construction currently in China. 

In terms of exterior appearance, The lower chord of 
the open-web CRF bridge has a thicker cross-section, 
a larger angle between the lower chord and the 
upper chord, and the hollowed-out area of the 
inverted triangle is primarily located near the main 
pier. While the ASG bridge's lower chord arch has a  
thinner cross-section, it has a smaller angle 
between it and the upper chord girder, and a larger 
ratio of the distance between the upper chord 
girder and lower chord arch from the main pier to 
the main span. 

In terms of structural behaviours, we can consider 
the open-web CRF bridge as a rigid-frame system 
with diagonal legs symmetrically set on both sides 
of the main pier. The diagonal legs assist the main 
span and side span variable section main girders and 
reduce their calculated span to a certain extent. In 

comparison, the ASG bridge employs a combined 
structural force system, with the lower chord arch 
assisting and supporting the main girders. 

5 Structure design 

5.1 Main girder prestressing system 

The main girder of the Lijia bridge is a three-
dimensional prestressed single-box single-cell 
section. The longitudinal Prestress system fulfills the 
criteria of the Chinese code for fully prestressed 
concrete members. The longitudinal web 
prestressed tendons are downward bent and 
anchored at the end of each segment, to decrease 
the web's principal tensile stress and thus ensure 
crack resistance. Additionally, the web is 
prestressed by vertical prestressed tendons with a 
low relaxation rebound anchorage by twice tension. 
Transverse prestressing is configured in the top slab 
due to the substantial cantilever length and web 
spacing. Figure 7 illustrates the arrangement of 
prestressed tendons on the bridge's main girder.
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Figure 7. Prestressed tendons arrangement of main girder

5.2 Lower chord arch and main pier 

The sagittal height-to-span ratio of the lower chord 
arch and the length of the conventional girder 
sections in relation to the length of the side and 
midspans are critical factors affecting the structural 
forces. Structural, mechanical behavior, and 
rational construction studies were conducted for 
the design of the Lijia bridge. The results indicate 
that the bottom of the lower chord arch, the arch-
girder confluence section, and the conventional 
girder section are all suitable for using the same 
para-curve and that the parabolic coefficients 
should be used. 2.2. The rise-to-span ratio of the 
lower chord arch should be less than 0.15, and the 
length of the conventional mid-span girder section 
should be equal to the span of the main span. 

To avoid any possibility of an uncontrolled ship 
colliding with the lower chord arch, we designed the 
lowest point of the lower chord arch higher than the 
clearance of the highest navigable water level. The 
bridge's lower chord arch is a small eccentric 
pressurized ordinary reinforced concrete member. 
The lower chord arch's width align with the main 
girder's width. 

The main pier's thrust stiffness must be sufficient 
but not excessive. On the one hand, it is necessary 
to resist the horizontal thrust difference between 
the mid-span and side-span lower chord arch 
footings under variable loads. therefore,  the main 
pier is suitable for using hollow thin-walled piers 
with a significant level of flexural stiffness. On the 

other hand, some flexibility is required to mitigate 
secondary internal forces caused by prestressing, 
concrete creep, and temperature changes. As a 
result, the main pier height to main span ratio 
should be between 0.3 to 0.4.  

The Lijia bridge's main pier is 72 meters high, with a 
hexagonal hollow thin-walled pier of variable 
section, designed as a two-dimensional eccentric 
pressurized ordinary reinforced concrete member. 

5.3 Arch-girder confluence section 

 The arch-girder confluence section is a stress 
disturbed region with complex mechanical behavior. 
It is a critical node for ASG bridge design and 
construction. The top and bottom slabs of the arch-
girder confluence section are continuous with those 
of the adjacent upper chord girder and conventional 
girder sections, allowing for smooth force transfer. 
To control the principal tensile stress in the 
confluence area, we took three measures: 1. 
increased the web thickness appropriately; 2. web 
prestressed tendons anchored after under bending; 
3. equipped with vertical prestressed tendons. The
critical aspect of designing this structure is
converting axial forces to shear forces and uniformly 
transferring them to the web of the arch-girder
confluence section.

Considering the force transfer effect and the 
difficulty of quality control, the author proposes 
using an A-shape to attach the top slab of the lower 
chord arch and the bottom slab of the upper chord 
girder. A transverse spacer is required to limit the 
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torsional distortion of the arch-girder confluence 
section. Two detailed structures are proposed in the 
design: Structure A (shown in Figure 8a) and 
Structure B. (shown in Figure 8b). 

Figure 8. Structure and tensile principal stress 
distribution of the arch-girder confluence section 

Structure A ：  the horizontal walls are set in 
adjacent sections after stopping. Structure B: the 
horizontal walls intersect the vertical diaphragm 
walls in a cross-shaped configuration. The results of 
the finite element analysis indicate that there is a 
significant stress concentration at the end of 
Structure B's horizontal walls. Under horizontal 
forces, the vertical diaphragm will deform out-of-
plane, resulting in local tensile stresses in the top 
slab. Additionally, Structure B's construction is more 
complicated, whereas Structure A's is simpler, with 
more consistent force transfer, more accessible 
construction, and easier quality control. Following a 
thorough comparison and selection process, the 
final design adopted Structure A. 

To further validate the structure's force 
performance and damage mechanism, a study of 
the arch-girder confluence section's ultimate load-
carrying capacity was conducted. The results 
indicated that the structure was always operating in 
a linear elastic state during the serviceability limit 
state. The scaled model experiment demonstrates 
the following damage path: Under step-by-step 
loading, The initial crack begins at the intersection 
of the upper chord girder and the lower chord arch. 
The cracks gradually expand until it penetrates the 
web of the arch-girder confluence section. When 
prestressed tendons and rebars fail, the concrete in 
the top slabs reaches compressive strength, the 
structure reaches its ultimate load-bearing capacity, 
and the final damage is bending shear failure (see 
Figure 9). 

Figure 9. Failure phenomenon of scale model 
experiment of arch-girder confluence section 

6 Construction methods and process 

6.1 Overall construction methods 

The overall construction program for the Lijia bridge 
took into account the need to minimize the negative 
impact of bridge construction on the environment, 
particularly on the Jialing River's navigation. Due to 
the complexity of the structural design, it was 
necessary to integrate three distinct bridge 
construction technologies: a beam bridge, a 
cantilever cast-in-place arch bridge, and an 
extradosed bridge. The major stages of construction 
are demonstrated in Figure 10. 

Figure 10. Overall construction phases 
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The main piers were constructed using the climbing 
mold. Balanced cantilever segmental construction 
with form travelers was used to construct the P2 to 
P4 superstructures. Cast-in-place supports were 
used to construct the P1 cast-in-place girder section, 
as well as the P5 and P6 cast-in-place girder sections. 
The P2 and P3 girder-arch inverted triangle sections 
were constructed using the temporary cable-stayed 
buckling method: Adjusted the stress state and 
linearity of the upper chord girder and lower chord 
arch by tensioning the temporary erection cables 

force and using form travelers to casting the 
concrete section by section.  

After the upper chord girders and lower chord 
arches converged to form stable inverted triangular 
frames, the temporary erection cables were 
removed sequentially. Ever since the girders and 
arches consolidated together, the conventional 
girders were cast symmetrically by form travelers in 
the same manner as the CRF bridge until the main 
span was closed. Figure 11 illustrates the Lijia 
bridge's critical construction status. 

Figure 11. Critical construction status of Lijia bridge

6.2 Girder-arch inverted triangle section 
construction 

The girder-arch inverted triangle section is critical 
to the ASG bridge's construction. Due to the small 
ratio of cross-sectional height to cantilever length, 
the upper chord girder and lower chord arch 
cannot bear the construction load alone (such as 
self-weight and form travelers). As a result, it is 
necessary to need the assistance of temporary 
cable-stayed buckling cables. 

The upper chord girders require temporary 
buckling towers above the pier-top deck, while the 
lower chord arches require temporary alternate 
anchorage on the main pier. To avoid cracking due 
to temperature change during the concrete 
solidification, before the upper chord girders and 
lower chord arches are about to converge, the 
segments of these adjacent to the arch-girder 
confluence sections must be temporarily locked. 
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7 A Beautiful Addition to the Bridge 
Capital of China 

The Lijia bridge combines a gently shaped, low-
profile ASG bridge that blends into the surrounding 
environment. By sculpting the form with simple, 
smooth, and continuous lines, the bridge achieves 
harmonious, elegant, esthetic. The completed Lijia 
bridge is depicted in Figure 12. 

Figure 12.  Completed Lijia bridge 

Lijia bridge successfully combines the 
environmental characteristics of distant mountains 
and near water. Its external appearance combines 
the simplicity of a girder bridge with the grace of an 
arch bridge, naturally complementing the 
landscape while demonstrating the "beauty of span, 
strength, and shape," enhancing the beauty of 
China's bridge capital.  

8 Conclusions 
The ASG bridge is a new type of bridge based on the 
hybrid structural system design concept, which 
combines two traditional classical structural 
systems, CRF and deck arch bridge, to maximize 
their respective mechanical advantages. 

An ASG bridge's design and construction are more 
complicated than those of a CRF bridge. However, 
the structure's vertical stiffness and long-term 
structural performance are significantly superior to 
the latter. 

As China's first long-span ASG bridge, the Lijia 
bridge was completed 60 days ahead of schedule 
and opened to traffic on 26 September 2021. The 
design and construction technology of the bridge 
can serve as a valuable guide for the construction 
of similar bridges. 
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Challenges in Design and Construction of WONJU 404 SKYBRIDGE in 
Korea 
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CABLEBRIDGE Co., Ltd., Seoul, Republic of Korea 
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Abstract 
Installed in Ganhyun Park, Wonju-si, South Korea, the 404 Skybridge is the longest pedestrian 
bridge in Korea, planned as a three-dimensional cable suspension bridge with a main span length 
of 380m. The location of the installation lies about 100m above from the ground level, on a slope 
of the mountain which presents very difficult construction condition.  

The three-dimensional cable suspension bridge is a challenge to construct but capable to achieve 
slender girders to have strong horizontal rigidity, without using separate wind resisting cables. By 
implementing the 3D angle of the cables much larger than the general three-dimensional 
suspension bridge, the horizontal rigidity of the girders enhanced, and flutter wind speed 
increased. 

At the start of the 404 Skybridge, Skywalk was constructed to provide scenery of the Ganhyun Park. 

Keywords: 404 Skybridge; three-dimensional suspension bridge; pedestrian suspension bridge; 
Skywalk; observatory. 

1 Introduction 
The 404 Skybridge is a pedestrian suspension 
bridge installed in Ganhyun Park in Wonju, 
Gangwon-do, South Korea. Planned to have twice 
longer span than the previously installed 
Sogeumsan Suspension Bridge (L=200m) in 
Ganhyun Park, the bridge was installed to fulfil the 
hiking course maintenance plan and tourism 
promotion of the park. As of 2022, the 404 
Skybridge is the longest pedestrian suspension 
bridge in Korea. The construction of the bridge 
was completed in April 2022, drawing many 
tourists since its opening. The observatory 
structure Skywalk, located at the entrance of the 
bridge is also a surprise to visitors by its rare 
design and size in Korea.  

2 Bridge Plan 
The installation location of the 404 Skybridge was 
100m above the ground level and the distance 
from the start to the end of the bridge was more 
than 400m. To create some uniqueness in the 
Ganhyun park, a distinctive and iconic 
characteristic compared to the pre-existing 
Sogeumsan Suspension Bridge was required. In 
addition, since the location where the pylon and 
cable anchorage were restricted at the start and 
end of the bridge, a bridge plan which overcomes 
those geographical limitations were necessary. 
Therefore, a long-span suspension bridge plan 
which neglects the installation of the high pylons 
in the valley was selected to satisfy the client’s 
demand and geographical conditions. 
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Figure 1. 404 Skybridge and Skywalk

The hiking routes were considered in selecting 
bridge location, pylon and anchorage 
arrangements were planned to improve 
construction and minimise environmental impact. 
Also, since the structural characteristic of 
pedestrian suspension bridges was classified as a 
special slender bridge, a three-dimensional cable 
shape was planned to achieve improved 
aerodynamic performance as well as maximise its 
symbolism as a landmark. By optimising the above 
aspects, the nation’s longest mountain pedestrian 
suspension bridge plan was established. 

3 Detailed Planning and Design 

3.1 Design Criteria 

404 Skybridge was designed in accordance with 
the 50-year life cycle as stated in the Design 
Guideline of Suspension Bridge (2021, Republic of 
Korea) and Eurocode. The structural integrity of 
structural members and their target reliability 
levels were assessed by considering Ultimate Limit 
State, Serviceability Limit State, Extreme Event 
Limit State and Fatigue Limit State in accordance 
with Road Bridge Design Standard (Limit State 
Design Method) – Cable Bridge Edition (2018).  

Figure 2. Bridge Plan 
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Table 1. Indicative design working life (Eurocode) 

Design 
working 

life 
category 

Indicative 
design 

working 
life(years) 

Examples 

1 10 Temporary Structures 

2 10~25 Replaceable Structural 
parts 

3 15~30 Agricultural and similar 
structures 

4 50 Building structures and 
other common structure 

5 100 

Monumental building 
structures, bridges, and 
other civil engineering 

structures 

22.3m/s of design wind speed was derived 
through extreme value analysis of MCP method 
with the wind data obtained from a 
meteorological station near the construction site 
and AWS (Automatic Weather Station). The 
verification of the wind stability was achieved by 
carrying out a two-dimensional wind tunnel test 
and buffeting analysis. 

3.2 Structural Analysis 

Structural Analysis was performed based on a 3D 
model to calculate displacement and element 
forces for each structural element of the 404 
Skybridge. The main and hanger cables were 
assigned as cable elements. The hanger cables 
were connected to the hanger fixing part of the 
stiffening girder, which has a truss-type cross 
section. The saddle on the pylon was modelled as 
a spring element to represent the bridge’s 
behaviour. The side span main cables were 
composed of 14 strands which spread from the 
top of the pylon to anchorage, to accurately 
represent the behaviour of the structure 
depending on the angles of the side cables. 

Figure 3. Structural Analysis Modelling 

3.3 Cable 

The main cable of suspension bridge acts as the 
major structural element that transmits the load 
on the structure to the anchorage via hanger 
cables. It requires a structural plan which 
considers the tension of main cables being 
increased by the square of the length, and a 
construction plan for bridges installed in a 
mountainous environment. Furthermore, since 
the installation location of the bridge is about 
100m above the ground level, wind resistance and 
wind stability corresponding to the geography and 
altitude must be ensured. 

In general, installing separate wind cables has 
been the solution to secure the wind stability for 
pedestrian suspension bridges. However, to install 
wind cables, additional installation of anchorages 
become essential. And being installed at the 
bottom of the stiffening girder while requiring 
certain tension to ensure performance against the 
wind, increases the dead load and consequently, 
increase of the tension in main cable becomes 
inevitable. Also, when installed in the mountains, 
the construction can be very difficult, an extra 
step in the construction stage causes increased 
construction period, and maintenance can be 
problematic. 

Investigating an example of the wind cable 
application, 98m pedestrian suspension bridge 
located in Tongyeong, Gyeongsangnam-do, South 
Korea was in the path of the hurricane in 2019. 
Although the wind cables were installed, they did 
not function against the strong wind (refer to 
Figure 5.) and resulted a large torsional flutter 
that caused a large deformation throughout the 
bridge. 

Figure 4. Yeondaedo~Manjido Pedestrian Bridge 
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Therefore, the 404 Skybridge was planned to have 
a three-dimensional cable orientation to 
compensate for the problems caused by the 
installation of wind cables while ensuring the wind 
resistance against wind loads. The three-
dimensional cables have an advantage in 
suppressing lateral displacement caused by wind 
load due to the tension sharing effect of the 
incline arrangement of hanger cables. It also has 
some scenery effect that slender bridge with 
limited width of stiffening girders looks broader. 

Among the pedestrian suspension bridges, the 
application of three-dimensional cables is rare. 
The Zhangjiajie Grand Canyon Glass Bridge, 
installed in China in June 2016, is a popular three-
dimensional pedestrian suspension bridge with a 
total length of 385m (430m based on the pylon), a 
width of 6m and is located 300m from the ground 
level. This bridge also does not have a separate 
wind cable but has a three-dimensional main 
cable orientation, trapezoidal shaped stiffening 
girder pairing and damping system. 

Figure 5. Zhangjiajie Grand Canyon Glass Bridge (China) 

Before the construction of the Zhangiajie Grand 
Canyon Glass Bridge, for the first time in the world, 
a three-dimensional pedestrian suspension bridge 
was constructed in Korea in 2015. Kubongsan 
Mountain Cloud Bridge which connects the top of 
Kubongsan Mountain at 1,002m altitude, is small 
compared to recent pedestrian suspension bridges 
but has its symbolic three-dimensional cable 
orientation and proportionality that is optimised 
in a mountainous area. 

Figure 6. Kubongsan Mountain Cloud Bridge (Korea) 

The three-dimensional shape of the 404 Skybridge 
was planned to be 1:2.35 in horizontal:vertical 
ratio (B:H) The final three-dimensional shape was 
determined in consideration of the following 
factors; the installation location of bridge which is 
about 100m above the ground level making the 
behaviour of the bridge is dominated by the wind 
load, the bridge must be installed in the 
amusement park and displacement resistance 
against certain live loads should be ensured, 
structural integrity of incline shaped pylons must 
be confirmed as an independent pylon without 
installing horizontal beams between the pylons 
and construction workability and scenery of 
pylons in mountainous terrain. 

Figure 7. Three-Dimensional Cable Shape 

Manufactured by Redaelli Tecna S.P.A., 14 strands 
of 32mm diameter FLC cables were implemented 
as the main cable of the bridge.  The 14 strands 
configuration was a difficult arrangement to mold 
the main cable shape into a circular shape and 
was disadvantageous in securing a friction surface 
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with the cable band. Thus, separately 
manufactured filler was placed between the main 
cable and the cable band to secure friction and 
allowed the ease of strand assembly. Additionally, 
by applying a two-way hinge structure which 
allows a three-dimensional rotation at the 
connection between the cable band and the 
hanger cable, was designed to prevent secondary 
stress caused by bending of the hanger cable and 
socket connections. 

Figure 8. Strand Arrangement and Cable Band 

16mm FLX cable was used as the hanger cable. FLX 
cable has the same special zinc-aluminium 
galvanising as the FLC cable which ensures 
excellent corrosion protection without a separate 
coating layer and has a supreme shiny appearance 
due to the Z-shaped wedge style surface 
composition. 

The structural integrity of the main cable and 
hanger cable upon construction, service and 
hanger breakage was reviewed and verified by 
applying the resistance factor to each limit state 
stated in the Road Bridge Design Standard (Limit 
State Design Method) – Cable Bridge Edition 
(2018). 

3.4 Wind-Resistant Stiffening Girder 

The stiffening girder in a suspension bridge 
requires a plan that grants the required walking 
path while effectively resisting vertical and 
horizontal displacements due to live load and 
wind load while economical and efficient in 
construction. Further, as pedestrian suspension 
bridges are classified as special slender bridge due 

to their structural characteristics, it is important to 
secure wind stability. However, in the case of 
pedestrian suspension bridges, there is a 
limitation in construction costs to apply 
streamlined steel box-type reinforcement girder 
which is commonly applied to road suspension 
bridges, and it is not easy to access cranes and 
lifting equipment for construction. Therefore, a 
new cross-sectional plan that considers lifting 
weight is required. 

The wind-resistant stiffening girder of 404 
Skybridge was configured to effectively distribute 
the loads by truss-type lattice structure and its 
effective area against the wind was minimised to 
achieve a high level of performance against lateral 
loads such as wind.  

Figure 9. Section of Stiffening Girder 

The structural width of the girder was expanded 
to 5.0m to meet the road suspension bridge’s side 
ratio (L/B) of 80 and a flap was installed on the 
side edge of the cross-section to control the 
airflow which may cause a harmful vibration to 
the structure. To facilitate airflow and minimise 
effective wind area, steel grating floor and mesh-
type handrails were applied to ensure wind 
stability. Also, four additional cables (FLC, 32mm) 
were placed at the bottom of the girder to play an 
auxiliary role in supporting loads and guiding 
during the girder construction. 
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Figure 10. Wind Resistant Stiffening Girder 

A two-dimensional wind tunnel test and 
aeroelastic buffeting analysis were conducted by 
the Seoul National University Industry-Academic 
Cooperation Foundation to evaluate the wind 
stability and vibration usability of the designed 
wind-resistant stiffening girder. 

Figure 11. Test setting according to airflow conditions 

As a result of evaluating the wind speed at the 
flutter occurrence by each angle of attacks, it was 
confirmed that the flutter did not appear up to 
48.9m/s wind speed. The static coefficients of the 
Drag(D), Lift(L), and Pitching Moment(M) were 
derived by Multi Force Measurement System and 
the flutter coefficient was obtained by vibration 
generator. 

Table 2. Flutter Wind Speed 

Angle 
[degrees] 

Wind Speed 
Limit [m/s] 

Flutter Occurring Wind 
Speed 

-5.0 12.6 

-3.0 36.0 

-1.5 41.9 

0 41.9 

1.5 41.9 

3 36.0 

5 12.6 

3.5 Pylon 

Considering the three-dimensional shape of the 
main cables, the pylon was planned as a V-shaped 
steel tower, and the installation of horizontal 

beams of the pylon was excluded to improve 
workability and scenery.  

Figure 12. V-Shaped Steel Pylon 

The analysis of the pylon elements was conducted 
considering the P-Δ effect and as members are 
subjected to both axial force and bending 
simultaneously, their structural integrity was 
analysed for two component loads. Detailed FEM 
analysis was performed to review the 
performance of the saddle under the three-
dimensional cable behaviour. 

Figure 13. Detailed Analysis of Saddle 

To execute the set-back and set-forward of the 
saddle, the base plate of the saddle consists of 
Teflon and adjustment screws which act as 
stoppers were placed at the inlet, outlet, and sides 
to enable accurate adjustment. 
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Figure 14. Base Plate of Saddle 

3.6 Anchorage 

The rock anchorage system was adopted 
considering the characteristic of the bridge 
installed in the mountains; soft rocks become 
largely exposed when some soil surface is 
removed.  40mm DYWIDAG Pre-Stress Thread 
Bars which can introduce prestress were used as 
the permanent anchors of the anchorage system. 
A total of 36, 20m long threaded bars were settled 
to the bedrock and the stability against 
overturning, sliding, and bearing capacity was 
analysed by conventional method and 
reinforcements were calculated through FEM 
analysis. 

Figure 15. Rock Anchorage System 

3.7 Construction Method 

The construction of the bride was carried out by 
the primarily installed cableway system. The 
cableway system is an optimised construction 
method in mountains as it can carry out almost all 
construction works including the transportation of 
equipment and girder installation. It is also 
workable where normal cranes cannot reach. 

14 main cables were sequentially installed by 
withdrawing cables from a former to the direction 
of the bridge. Each strand was measured and 

adjusted to meet the target sag point during the 
construction. 

Figure 16. Main Cable Installation 

The construction of the stiffening girder 
proceeded from the centre of the span to the 
pylon. This construction process allows step-by-
step connection of 3.0m segments of girder blocks 
and eliminates the necessity of girder set-back. 
The stiffening girders were temporarily connected 
to the 4 bottom cables and drawn out to the 
centre span. This process ensured the safety of 
workers and fast installation. 

Figure 17. Stiffening Girder Installation 

3.8 Skywalk 

Located at the start region of 404 Skybridge, the 
35.5m high Skywalk was designed to be the largest 
observatory in the Korean mountain. The Skywalk 
consists of a five-finger-shaped observatory and a 
15m diameter circular observatory. It offers a full 
view of the Ganhyun Park including the 404 
Skybridge. 

A circular pairing was planned on the side of the 
main structural member to grant wind stability 

218
630

84
12

2

84
122

33
27

920

63
0

33
211162187

27
920

138 162

33211162187 138 162

97

144
62

14
0

62
4

97
24

22 630

Teflon

11
0

22
68

425



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

and perforated plate was placed around the main 
columns to minimise the effective wind area. 

Considering the lifting weight, all members were 
planned as 3m or less. The connections of the 
structural elements were fastened with high-
tension bolts. 

Figure 18. Skywalk Plan 

Figure 19. Structural Analysis of Skywalk 

4 Conclusion 
Installed in Ganhyun Park, Wonju, South Korea, 
the 404 Skybridge and Skywalk are the largest 
pedestrian suspension bridge and observatory 
structure respectively in South Korea. 

The 404 Skybridge locates 100m above ground 
level with a total span length of 404m, utilised 
three-dimensional cable orientation to consider 
the construction conditions in the mountain and 
its aerodynamic wind resisting characteristics. The 
wind stability was reinforced by adopting wind 
resistant stiffening girder. 

The Skywalk is the largest observatory in South 
Korea with a height of 35.5m, consisting of a five-
finger-shape deck and a 15m circular observatory 
that offers an entire view of Ganhyun Park.  
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Abstract 
In order to examine the feasibility of a 5 km-class super long-span bridge, behavioral characteristics 
and problems were analyzed in 5K-Bridge technology, and a conceptual design was performed 
based on the latest and future technologies.  

As for the material of the main cable, the applicability of the carbon fiber reinforced polymer (CFRP) 
with low weight and high tensile strength of 3000 MPa was examined and compared with a steel 
cable with a tensile strength of 2060 MPa. 

For this review, a two-dimensional parametric study was performed for a three-span suspension 
bridge with main spans from 2000 m to 5000 m with 500 m span length increments. In addition, a 
conceptual design was performed for a suspension bridge with a main span of 5000 m to evaluate 
the tension forces, area of the main cables and structural behavior.  

Keywords: super long-span bridge; conceptual design; 5K-Bridge technology; carbon fiber 
reinforced polymer (CFRP); three-span suspension bridge. 

1 Introduction 

1.1 Why 5K-Bridge technology 

With the use of the current material, design and 
construction technologies, the recognized main 
span length limit is about 3300 m which was 
applied for the Straight of Messina Bridge. 

Various future bridge types such as submerged, 
floating, and multifunctional bridges are being 
considered for deep-water crossing projects.  As 
connections between continents or equivalent 
important connections are predicted due to 
demand for human and material movement in the 

future, it is necessary to secure next-generation 
technologies for super long bridges. 

5K-Bridge technology is a study of very long-span 
bridges with main spans up to 5000 m. 5K-Bridge 
technology covers ultra-high-strength material 
technology, new structural systems, wind 
resistance and seismic performance evaluation 
technology, and construction and maintenance 
technology.  
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1.2 Preliminary study 

1.2.1 Tensile strength of the main cable 

The current maximum tensile strength of steel wire 
applied to the main cable of suspension bridge is 
1960 MPa. However, high-strength steel wire with 
a tensile strength of 2060 MPa is being applied for 
a detailed design that is currently in progress. With 
this, the 2060 MPa steel wire strength which is 
currently in use in actual design was utilized for this 
conceptual design. 

With a steel wire unit weight of 77 kN/m2, as the 
main span length of the suspension bridge 
increases, the weight of the cable becomes heavier 
than the sum of the stiffened girder's self-weight 
and live load. To determine the limitations of the 
main span length, it is necessary to make 
assumptions about the weight of stiffened girder 
and live load. 

1.2.2 Cable tension 

The relationship between the main span length and 
the maximum cable tension according to the load 
can be expressed by the following equation 
assuming the cable curve is a parabola [1]. 

𝑇𝑇𝑚𝑚 = [(𝑤𝑤 + 𝑝𝑝)𝑙𝑙𝑚𝑚 + 2𝑃𝑃 + 𝑤𝑤𝑐𝑐𝑙𝑙𝑚𝑚]
��𝑙𝑙𝑚𝑚2+16𝑓𝑓𝑚𝑚

2�

8𝑓𝑓𝑚𝑚
   (1) 

Where 𝑇𝑇𝑚𝑚 = maximum tension, 𝑤𝑤 = self-weight of 
stiffened girder, 𝑝𝑝  = live load, 𝑃𝑃  = concentrated 
load, 𝑤𝑤𝑐𝑐 = main cable self-weight, 𝑙𝑙𝑚𝑚 = main span 
length, and 𝑓𝑓𝑚𝑚 = sag of main span. 

Assuming that the main cable tensile strength of 
2060 MPa and safety factor of 2.5, the relationship 
between the cable weight (𝑤𝑤𝑐𝑐 ) for different sag 
ratios and the combined stiffened girder self-
weight and live load (𝑤𝑤𝑠𝑠) is shown in Figure 1. 

Figure 1. Cable weight according to main span 

In Figure 1, the point where 𝑤𝑤𝑠𝑠 line intersects the 
𝑤𝑤𝑐𝑐  curve of f = l/10 is about 4000 m in the main 
span length. That is, when the main span is about 
4000 m, the cable weight is the same as the sum of 
stiffened girder’s self-weight and the live load. It 
can be also seen that the effect of the sag ratio is 
significant. In the case of the main span length of 
4000 m (sag ratio f/l=1/10), the cable cross-
sectional area is 3,8 m2, and four main cables with 
cable diameter of 1,2 m or more are applied. 

Therefore, as the span length increases, 𝑤𝑤𝑠𝑠/𝑤𝑤𝑐𝑐 
becomes smaller. For the main span length of 5000 
m, the weight of the main cable weight is twice the 
sum of the stiffened girder self-weight and live load. 

As the relationship between the cable weight and 
main span length is determined, the influence 
varies depending on the cross-sectional shape of 
the stiffened girder and the bridge sag ratio. Thus 
the above result can be used to set the direction for 
estimating the bridge scale. 

2 2D Parameter studies 

2.1 Generals 

In the 2D parametric study, a typical three-span 
continuous suspension bridge with varying main 
span lengths from 2000 m to 5000 m of 500 m 
increments was considered. The side span length to 
main span ratio was assumed at 0,45, while the sag 
ratios of 1/10, 1/11, and 1/12 for each case were 
reviewed. 

2.2 Stiffened girder 

The cross-sectional shape of the stiffened girder 
was assumed for different main span lengths. To 
determine the width of the section, assumptions 
were made on the number of vehicle lanes for the 
required live load, and on the widths of the lanes 
and shoulders. As the lengths of the bridge 
considered are long, the safety of vehicle had to be 
secured. Wide bridge’s cross-sections provide 
sufficient space for vehicles as well as give stability 
against wind.  

Since the stability check of the stiffened girders 
against wind was not performed in this study, the 
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cross-section shape for each span length was 
assumed by utilizing existing bridge section shapes. 

For the 2000 m-class bridge, a twin box section, 
which is applied to several existing suspension 
bridges, was utilized. The gap distance between the 
boxes was considered adjustable as needed. 

For the 3000 m-class bridge, a 3-multiple box 
section similar to the Messina Strait Bridge was 
utilized. The width of the cross-sections of the side 
boxes loaded with vehicles was adjusted to fit the 
number of lanes. 

For the 4000 m-class bridge, a multiple box section 
was applied. Both sides have a streamlined box 
cross-section while circular box cross-sections are 
in the center where trains could pass. 

For the 5000 m-class bridge, a multi-layer box 
cross-section was assumed to increase the in-plane 
rigidity and enhance wind resistance. The left and 
right boxes allow vehicles to pass and the upper 
level for the train lines. 

Table 1. Cross-section assumptions 

2000 m-class 

3000 m-class 

4000 m-class 

5000 m-class 

2.3 Main cable 

The steel wire tensile strength of 2060 MPa was 
applied to the main cable, while 3000 MPa was 
applied to the carbon fiber reinforced polymer 
(CFRP) main cable. The modulus of elasticity of the 
CFRP cable is 185 GPa, and the unit weight is 19,25 
kN/m3, which is 1/4 of that of the steel wire cable. 

2.3.1 Steel cable 

The maximum tension, cross-sectional area, and 
diameter of the main cable for each span length 
were evaluated, and the longitudinal and vertical 
deflections of the stiffened girder were also 
assessed. As the sag ratio decreases (1/10 → 1/12), 
the maximum tension and cross-sectional area of 
the main cable increase, while the vertical 
deflection decreases. In the same sag ratio, the 
vertical deflection tends to increase as the main 
span length increases. But it is highly related to the 
rigidity of the stiffened girder, and in the case of the 
4000 m and 5000 m-class bridges, as shown in the 
cross-sectional shape, the vertical deflection tends 
to decrease because the moment inertia of the 
cross-section is large. 

 Figure 2. Cable tension of steel cable 

Figure 3. Vertical displacement of steel cable 
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2.3.2 CFRP cable 

In the case of the main span of 2000 m, the 
maximum tension of CFRP is  76 – 80 % of that of 
steel wire cables, but as the span increases, the 
ratio decreases. In the case of 5000 m main span, 
that ratio is about 40 %. 

It can be seen that the tension level of the main 
cable is remarkably lowered because the cable 
weight does not increase significantly as the main 
span increases. As the span length increases, it is 
judged that the applicability of the CFRP cable is 
superior to that of the steel wire cable. 

However, in terms of the deflection, if 1/350 of the 
main span length is assumed as a deflection 
allowance, the deflection limit is 5,7 m for the 2000 
m main span and 14,3 m for the 5000 m main span. 

Applying steel wire cable with a sag ratio of 1/10, 
the deflection is 6,6 m for 2000 m main span and 
6,9 m for 5000 m main span, which are deemed as 
proper deflection values. In the case of applying 
CFRP cables, with the sag ratio of 1/10, the 
deflection is 9,6 m for the 2000 m main span and 
17,4 m for the 5000 m main span.  

Figure 4. Cable tension of CFRP cable 

Figure 5. Vertical displacement of CFRP cable 

This results show that the deflection of the 
stiffened girder is larger when CFRP cables are 
applied. This is because the axial rigidity of the 
CFRP main cable is smaller than that of the steel 
cable as the CFRP has a lighter weight and smaller 
cross-sectional area. 

3 Conceptual design of 5 km bridge 
In the conceptual design, the main span length 
5000 m was selected, the side span ratio was 
assumed to be 0,45, and the adequacy of each 
member was reviewed by examining the resultant 
forces and deflections.  

The reason that the material of the main cable was 
reviewed differently is that when a steel wire cable 
is applied, the cable cross-section is too large and it 
may be difficult to compose the main cable cross-
section. In addition the modulus of elasticity of the 
CFRP cable is different from that of the steel wire 
cable, and the difference in unit weight is 
particularly very large. It is intended to evaluate the 
future applicability by comparing its behavioral 
characteristics such as the change in tension, cable 
diameter, and deflection of the stiffened girder. 

The material of the pylon was classified into two 
types: concrete and steel. For concrete materials, 
ultra-high-strength concrete with compressive 
strength 80 - 180 MPa may be applied if concrete 
technology continues to progress. But for this 
analysis, 60 MPa was considered as this is the 
maximum compressive strength applied to the 
pylon so far. In case of steel pylons, the high 
strength steel that has been developed and applied 
to date has a tensile strength of 800 MPa. But 
mainly applied steel has a tensile strength of 600 
MPa. For this study, the generally used tensile 
strength of 600 MPa steel was considered. 

3.1 Analysis results 

3.1.1 Stiffened girder 

As a result of considering the thickness for the 5000 
m-class multi-layer section discussed in Section 2.2,
it was reviewed that the weight of the stiffened
girder including the added supplementary weight
would require 300 kN of steel weight per unit
length.
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3.1.2 Main cable 

The results of applying the steel wire cable and 
CFRP cable according to the material of the main   
cable are as follows: In the case of a steel wire cable, 
it was reviewed that four main cables with a 
diameter of about 1,7 m are required, and in the 
case of a CFRP cable, two main cables with a 
diameter of 1,4 m are necessary.  

(a) Steel                                 (b) CFRP

Figure 7. Main cables diameter

The comparison of displacement for live load and 
wind load is as follows: Compared to a steel cable, 
when CFRP cable is applied, live load displacement 
is 1,8 times in the longitudinal direction and 2,3 
times in the vertical direction, while wind load 
displacement is 1,7 times in the transversal 
direction. Therefore, when CFRP is applied, it is 

possible to reduce the tension and cross-sectional 
force of the cable, but since a large amount of 
displacement occurs, countermeasures are needed. 

Table 2. Displacement due to cable types 

Steel cable CFRP cable 
Max.(m) Min.(m) Max.(m) Min.(m) 

Long. 
(Live) 

0,884 
(100 %) 

-0,873
(100 %)

1,596 
(181 %) 

-1,567
(179 %)

Vert. 
(Live) 

4,020 
(100 %) 

-6,926
(100 %)

7,447 
(185 %) 

-16,060
(232 %)

Trans. 
(Wind) 

7,706 
(100 %) 

-7,706
(100 %)

13,080 
(170 %) 

-13,080
(170 %)

3.1.3 Pylons 

For the case where the concrete pylon and the 
steel pylon are applied, each behavioral 
characteristic was analyzed. The cross-sectional 
constants were obtained and the modeling was 
performed in order to analyze the global behavior. 

According to the difference in the pylon material, 
the tension of the main cable, displacement due to 
live load, and cross-sectional force during 
earthquakes were compared. 
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(a) Concrete (b) Steel

Figure 7. Pylon section 

As a result of the analysis, there is a difference of 
0,05 % in the tension and cross-sectional area of 
the main cable, so it is identified that there is no 
significant change in the tension of the main cable. 

For the vertical displacement of live load, which is 
related to the rigidity of the pylon, the steel pylon 
is 5 – 7 % higher than the concrete pylon while 
longitudinal displacement is 3 %. With this, the 
application of steel pylon would result in a 
relatively large live load displacement, but the 
review of the main cable tension gives no 
significant effects. 

Table 3. Comparison of pylon types 

Tension 
(MN) 

Cable 
Area 
(m2) 

Vert. 
Disp. 
(m) 

Long. 
Disp. 
(m) 

Concrete 7755 7,165 4,020 
-6,926

0,884 
-0,873

Steel 7751 7,161 4,295 
-7,279

0,909 
-0,898

Ratio 
(Steel/Con.) 99,95% 107% 

105% 
103% 
103% 

3.1.4 Seismic analysis 

Comparing the results of the modal analysis, it can 
be seen that when CFRP is applied, the cross-
sectional area of the main cable is smaller and the 
rigidity is lower as compared to steel wire cable. 
But since the weight is also small, the calculated 
transversal and vertical frequencies are not 
significantly different. In terms of torsional 
frequency, the CFRP cable is 1,6 times larger than 
that of the steel wire cable. It is judged that 
torsional mode occurs in the higher-order mode 

because the weight of the CFRP cable is small, and 
it can be seen that a large torsional frequency has 
an advantageous aspect in wind resistance stability. 

Table 4. Seismic analysis results due to cable types 

F1 
(Long.) 
(MN) 

F2 
(Vert.) 
(MN) 

F3 
(Trans.) 

(MN) 

M1 
(Trans.) 
(MN.m) 

M3 
(Long.) 
(MN.m) 

Steel Cable 90,2 513,7 134,6 6630,9 8834,4 

CFRP Cable 86,9 631,1 172,3 8090,1 7661,1 

Ratio 
(CFRC/Steel) 96% 123% 128% 122% 87% 

According to the type of the main cable, the cross-
sectional forces at the bottom of the pylon when 
steel wire cable and CFRP cable applied are shown 
in Table 4. Applying CFRP cables would result in a 
lower longitudinal force as compared to the steel 
wire cables, but the transversal force is rather 
increased. 

Table 5. Seismic analysis results due to pylon types 

F1 
(Long.) 
(MN) 

F2 
(Vert.) 
(MN) 

F3 
(Trans.) 

(MN) 

M1 
(Trans.) 
(MN.m) 

M3 
(Long.) 
(MN.m) 

Concrete 
Pylon 90,2 513,7 134,6 6630,9 8834,4 

Steel Pylon 48,1 209,8 18,3 2080,1 5501,5 

Ratio 
(Steel/Con.) 53% 41% 14% 31% 62% 

Depending on the material of the pylon, it can be 
seen that when a steel pylon is applied compared 
to a concrete pylon, the resultant forces at the 
bottom of the pylon is significantly reduced. In 
particular, it can be seen that the flexural moment 
in the longitudinal direction is reduced to a level of 
62 %, and the flexural moment in the transversal 
direction is reduced to a level of 31 %. Therefore, it 
is necessary to reduce the seismic force by applying 
a steel pylon in an area with a large seismic load. 

3.1.5 Application of CFRP 

When CFRP cables are applied to a 5000 m main 
span bridge, the tension and quantity of main 
cables can be reduced as compared to steel wire 
cables, but displacement due to live load is very 
large. Therefore, when applying CFRP cable, the 
height of the tower was lowered (reducing the sag 
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ratio) to examine the axial rigidity of cable, area of 
cable and vertical deflection. 

Table 6. CFRP cable related to sag ratio 

Steel 
(f=l/10) 

CFRP 
(f=l/10) 

CFRP 
(f=l/15) 

CFRP 
(f=l/20) 

CFRP 
(f=l/25) 

Cable 
Weight 
(MN) 

5480 
(100%) 

510 
(9%) 

736 
(13%) 

983 
(18%) 

1258 
(23%) 

Tension 
(MN) 

6766 
(100%) 

3275 
(48%) 

4826 
(71%) 

6503 
(96%) 

8354 
(123%) 

Area 
(m2) 

7,299 
(100%) 

2,729 
(37%) 

4,021 
(55%) 

5,419 
(74%) 

6,962 
(95%) 

Vert. 
Disp. 
(m) 

-6,8
(100%) 

-15,5
(228%)

-13,7
(201%)

-12,7
(186%)

-11,6
(170%)

From the above result, in order to make the 
maximum tension of the steel and the CFRP cable 
equal, the sag ratio should be to be about 1/21 and 
to make the cross-sectional area of the main cable 
same, the sag ratio should be about 1/26. 
Therefore, if the sag ratio is determined to be 1/20, 
the pylon can be constructed at a height of 250 m 
from the bridge deck level. The diameter of the 
main cable with two for each side configuration is 
about 1,3 m. 

That is, when applying a CFRP cable, for 
displacement control, it is necessary to apply a sag 
ratio 1/20 with a significantly lowered pylon height 
rather than a sag ratio 1/10. However, in this case, 
it should be reviewed through cost analysis 
according to the increase in cable cross-sectional 
area. 

3.2 Construction of pylon 

3.2.1 Concrete pylon 

In the conceptual design review, the pylon height 
of the 5000 m main span length suspension bridge 
with a sag ratio of 1/10 is 672,5 m. If the 
construction period is calculated for the concrete 
pylon using slip form system, it can be completed 
within 15 months with a construction cycle of 1,5 
m per day. If the construction of the pylon takes 15 
months, and if the proportion to the whole 
construction period is not significantly large, then it 
is possible to apply the concrete pylon. 

In order to apply the concrete pylon, it is necessary 
to pressurize or lift the concrete for pouring. As 

concrete pressure-feeding technology in high-rise 
buildings is developing recently, it is expected that 
a method of pressure-feeding concrete for the 
entire height of the pylon may be possible when a 
5000 m-class bridge is needed in the future. 

3.2.2 Steel pylon 

When a steel pylon is applied, the lower part is 
usually erected using a large floating crane, and the 
height that cannot be lifted or installed by a 
floating crane is erected using a tower crane. Of the 
total 672,5 m height of the pylon in the conceptual 
design, at level 124 m, is the elevation of the 
stiffened girder. At this level, floating cranes are 
capable of reaching this height. Tower cranes 
should be able to reach the height of 550 m from 
the girder level. Assuming that a single installation 
of a member using a tower crane takes 6 days for 
mounting and welding, and if the segment height is 
5 m for one installation, the construction period is 
22 months. The average length of one side of the 
column, assuming the pylon cross-section, is about 
25 m, so the weight per unit length is about 600 kN. 
Therefore, the weight required to lift a 5 m high 
member with a tower crane is close to 3000 kN. 

The steel pylon of Canakkale 1915 Bridge has a 
height of 334 m, and a block construction using a 
floating crane for the lower part and 3000-kN 
tower crane for the upper part was utilized [2]. The 
construction feasibility of steel pylons depends on 
the crane's capacity to lift the steel blocks. 
Therefore, even in the case of a 5000 m-class 
suspension bridge, it is judged that construction is 
possible if a large-scale tower crane is used. 

3.3 Additional facilities 

3.3.1 Expansion joints 

The required capacity of expansion joints for live 
and temperature loads is 3,5 m for steel wire cables 
and 5,0 m for CFRP cables, which is practically 
impossible. If the boundary conditions are 
reviewed and the amount of movement for fixed 
link conditions with the stiffened girder and the 
pylon at the pylon position is calculated, the 
required capacity of expansion joints is down to 1,3 
m for a steel wire cable and 1,8 m for a CFRP cable. 
However, in this case, an excessive reaction force is 
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generated in the pylon connection, and in 
particular, the cross-sectional force during an 
earthquake is greatly generated. 

Therefore, when considering buffers, gaps, and 
other connecting devices that can reduce the 
displacement in the longitudinal direction in the 
connection between the stiffened girder and the 
pylon. It is judged that the required capacity of 
expansion joints will be in the range of 1,3 m to 3,5 
m for steel wire cables and 1,8 m to 5,0 m for CFRP 
cables. 

3.3.2 Bearings 

It was considered that the bearing capacity is not 
very large, but since the movement of the bearing 
is very significant, it is necessary to expand the 
upper plate or lower plate considering the 
movement amount. Therefore, in the case of 
bearings, it is judged that there will be no major 
problems even for the main span of 5000 m. 
However, since the movement of the bearing 
occurs frequently, attention should be given to the 
maintenance of the movable bearing. 

3.3.3 Link shoes 

In general, the link shoe is applied to accommodate 
the movement in the longitudinal direction and to 
simultaneously support the vertical load (positive 
and negative reaction forces). The link shoe 
accommodates the amount of movement due to 
rotation, so if the horizontal movement is large, the 
rotation will be large, and thus additional stress 
due to elongation and contraction load may occur. 

In the case of super-long bridges, excessive 
displacement occurs, so it is necessary to develop a 
separate device other than the one applied to the 
existing suspension bridges. For example, in the 
case of link shoes, a steel structure is generally 
applied, but if a cable material is used, it seems that 
the displacement can be accommodated while 
minimizing the occurrence of additional stress. 

4 Conclusions 
As a review to develop a bridge with a main span of 
five kilometers, the limit span was estimated 
through a preliminary review. When a general steel 
wire cable is applied, the main span length of about 

4000 m is seen as a limit, so high-strength materials 
are needed to develop 5K-Bridge technology. 

In the outline 2D review, the effects of steel wire 
cables and CFRP cables were analyzed while 
increasing the main span from 2000 m to 5000 m 
by 500 m. In addition, it is necessary to develop the 
shape of the stiffened girder according to each 
span. When CFRP cable is applied, it is reviewed 
that the tension of the main cable is significantly 
lowered because the unit weight is smaller and the 
tensile strength is higher than that of the steel wire 
cable. However, since the axial rigidity of the main 
cable is small, there is a problem in the vertical 
deflection due to live load as the deflection 
increases by more than twice. 

In the conceptual design, in order to investigate 
this problem in more detail, for a suspension bridge 
with a main span of 5000 m, a comparison of steel 
wire cables and CFRP cables, and a comparative 
analysis of steel pylons and concrete pylons were 
performed. In conclusion, CFRP cables have 
advantages in various aspects except for vertical 
deflection, and a method to reduce the sag ratio 
has been proposed to increase the system rigidity 
of the bridge. In addition, it is expected that both 
steel and concrete materials can be applied to the 
pylon. In particular, it was reviewed that applying a 
steel pylon could reduce the seismic force by 30 to 
60 % in the case of a strong earthquake. 

In addition to this, various facilities were reviewed. 
In particular, it was reviewed that it is necessary to 
reduce the capacity of the expansion joint by 
reducing the amount of longitudinal movement 
and to review various link shoes. 

5 References 
[1] Niels J. Gimsing., Christos T. Georgakis. Cable

Supported Bridges, Concept and Design. A
John & Wiley & sons. 2011.

[2] 1915 Canakkale Bridge & Motorway
Project(Suspension Bridge). KSCE, vol.68.
2020.

[3] Design and Construction of Izmit Bay Bridge.
KSCE, vol.69. 2021.

434



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Measures to Control Vortex-induced Vibration for Shangba Branch 
Channel Bridge in Nanjing 

Dazhang Han, Xin Hua, Lei Ding 
China Design Group Co., Ltd., Jiangsu Nanjing, China 

Rujin Ma 

School of Civil Engineering, Tongji University, Shanghai, China 

Contact: handz.new@163.com 

Abstracts 
An all-steel cable-stayed bridge with steel towers, steel box girders and cables for a main span of 
500m is rarely seen at home and abroad. Due to the low damping ratio of all-steel structure, wind-
induced vibration is likely to occur, especially for a single column steel tower, and twin-box girder 
with a total width of 54.4m is also more susceptible to vortex-induced vibration. In this paper, the 
aerodynamic shape of the main girder is optimized by sectional model wind tunnel test, and an 
aerodynamic configuration as the combination of wind fin plate and wind baffle plate to control 
the vortex-induced vibration (VIV) has been found. The damping effect of the main girder was also 
studied. The VIV and buffeting performance of the freestanding steel tower and its combined 
system with tower crane and construction platform were also studied.  

Key words: separated steel box girder; cable tower; tower crane; free-standing state; vortex-
induced vibration; wind deflection angle; wind tunnel.  

1 Project overview 
Pukou-Yizheng Highway Shangba Branch Channel 
Bridge, an important control project on this 
highway, is a cable-stayed steel box girder bridge 
with two towers and two cable planes in full 
floating structure system, with spans of 
(50+180+500+180+50) m, as shown in Figure 1. For 
this bridge, twin-box girders are used, with girder 
height of 4.0m and width of 54.4m, the steel cable 
towers are composed of single column of box 
section, with a total height of 166m and a height of 
130.7m above the bridge deck.  

Figure 1. Photo of the main bridge of Nanjing 
Shangba Branch Channel Bridge  
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2 The bridge type selection 
According to navigation requirements, river 
engineering model test results and the opinions of 
water conservancy department, the main span of 
the bridge should not be less than 500m. For the 
bridge with a main span of 500m, both cable-
stayed bridge and arch bridge can meet the 
construction conditions of this project, but an arch 
bridge with a main span of 500m is a super-large 
span, with great technical difficulty, construction 
risk and construction schedule risk, therefore the 
cable-stayed bridge scheme was adopted. For the 
cable tower material, both concrete and steel are 
feasible, but the concrete tower structure is large 
in size, with great weight and demanding long 
construction schedule, while the steel tower 
structure is small in size, with light weight, and the 
sections can be prefabricated in workshops, 
featuring high construction speed, with a schedule 
6 months shorter than that of the concrete tower, 
and also, the quality is easy to control. Although 
the total cost of a steel tower is higher than that of 
a concrete tower, the work quantities for the 
foundation works are less than those of the 
concrete tower, and the cost for the foundation is 
slightly lower. Also, it has better anti-seismic 
performance. According to the features of the 
project and the study of specific construction 
conditions, in order to ensure the construction 
schedule, finally, the cable-stayed bridge scheme 
with steel box girders, featuring large-scale 
workshop construction and short work schedule, 
was adopted.  

Because the bridge is located at the edge of the 
city and close to the Mufu-Yanziji Scenic area by 
the Yangtze River, it has high landscape 
requirements, and the tower shape of the cable-
stayed bridge plays a crucial role in the landscape 
effect of the whole bridge. Typical cable tower 
forms of cable-stayed bridges are H-shape, 
diamond, herringbone, and single column tower. 
For the conventional H-shape and diamond-shaped 
towers, as the lower tower height is relatively low, 
and the bridge deck is accessible by pedestrian and 
non-motor vehicles, the cable tower is easy to 
appear short and stout, with relatively poor 
landscape effect. On the other hand, the 
appearance of the single-column tower is simple 

and straight, with a distinct feature, and it is 
especially suitable for a wide bridge and can 
produce a better landscape effect. In addition, 
there was no precedent of single-column steel 
tower cable-stayed bridge in China, and no similar 
tower shape, so it can give a refreshing feeling. In 
terms of structural stress, the wind resistance 
stability of a single-column steel tower is poor in 
the construction stage, but in the bridge finished 
stage, the tower is symmetrically tensioned by four 
stay cables at different angles, so the wind 
resistance stability is better than that of H-shaped 
tower. In schedule, a single-column tower has the 
least number of members to be lifted and installed, 
hence the shortest schedule; in cost, it requires the 
lowest amount of steel as one tower leg is saved, 
also more steel is required for the cross beam 
between the two main girders, the cost of the 
single-column tower is the lowest as the 
comprehensive unit price of the tower is higher 
than that of steel box girders. As mentioned above, 
steel tower in single column structure was finally 
adopted for the cable towers of the bridge.  

With single-column steel towers, if the main girder 
is still in single-box section, an opening must be 
made on the deck for the cable tower, resulting in 
much waste of the deck area. This bridge is 
accessible by pedestrian and non-motor vehicles, 
and the sectional width is 33.0m for grade I 
highway with six lanes in two directions, with 
additional width of 4.0m for pedestrian and non-
motor vehicles on both sides of the main bridge, so 
the deck width excluding the without anchor cable 
zone and wind guides has already reached 41m. 
The section size of the tower column at the main 
beam is about 8~10m wide with a single-column 
tower, and the two main beams will be opened for 
a width of about 10m, so the total width of the 
bridge deck will be around 55m (including the 
anchor cable zone and wind guide), and steel twin-
box girders should be used for the main beam. For 
this bridge, steel box girders on the left and right 
are used, and the two girders are connected with 
steel cross beams, to reduce the dead weight of 
the main beam and the amount of steel used. 
Furthermore, the stay cables are pulled from the 
single-column tower to the outside of the 
motorized vehicle lanes of both sides of the main 
beam, to form double cable planes in space, while 
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Figure 2. Structure of cable tower and standard sectional view of tower column and main beam (unit: cm) 

view and strong aesthetic feeling. The elevation 
view of the single-column steel tower and 
standard sectional view of the column and steel 
twin-box girder are presented in Figure 2.. 

3 Wind tunnel model test and 
measures to control wind-induced 
vibration 

The main structure of the bridge is composed of 
full steel towers, girders, and stay cables, large-
span bridge in full steel structure is rarely seen in 
China and other countries, and its main feature is 
low damping ratio of structure, sensitive to wind 
action. This bridge is located at an area that can 
be hit by typhoons, so it is likely to be affected by 
strong winds. The section of the single-column 
steel tower above the bridge deck is small, and 
the wind-induced vibration caused by galloping 
and VIV may exist for this slender blunt-body 
section of the rectangular tower[1]. Numerical 
wind tunnel tests and model tests show that the 
single-column steel tower of the bridge has no 
galloping problem, but the free-standing cable 
tower may produce large amplitude VIV under 

specific wind speed. In addition, adverse VIV is 
likely to occur with the twin-box girder 
adopted[2][4], and the suspended state of 
construction for the main beam is also a critical 
adverse state for the bridge to resist wind. 
According to the wind environment of the bridge 
site, bridge type, span, structural system, 
structure or component shape, and other factors, 
the possibility of wind-induced vibration of the 
bridge can be evaluated first[5], as 

/ =346 520dL U B⋅ <  for this bridge, The flutter 
stability of the bridge is not an important problem 
to be concerned about for the bridge, however, as 

/ =346 330dL U B⋅ > , it indicates that attention 
must be focused on the VIV problem of the bridge. 

3.1 Experimental study on wind resistance 
of main beam 

Firstly, the wind tunnel tests of the main beam 
segment model were carried out, and the scale 
ratio of the sectional model was 1:75. The test 
mainly included flutter stability test, vortex-
induced resonance test, aerodynamic shape 

437



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

optimization of the main beam, and damping 
vibration attenuation test.  

Through finite element model analysis, in the 
completed bridge stage, the first order vertical 
bend frequency is 0.315Hz, and the first order 
torsion frequency 0.835Hz, in the construction 
stage, the first order vertical bend frequency is 
0.358Hz, the first order torsion frequency 0.964Hz. 
Design for the corresponding state of segment 
models was made respectively for the first order 
vertical bend and torsion frequencies in the 
completed and construction states, and the 
corresponding wind speed ratio is 1:6.54 and 
frequency ratio 1:11.46, according to the design 
similarity requirements for the vibration 
measuring segment model design. First, flutter 
tests were carried out, including the 
determination of flutter critical wind speed and 
the identification of flutter derivative. 
Corresponding tests were carried out for the 
completed bridge state, construction state and 
the bridge state of subsequent optimized section.  

According to Wind-resistant Design Specification 
for Highway Bridges[5], flutter stability was tested 
by 

df f tU Uαγ γ γ> . Where, γt stands for the
partial coefficient of wind speed pulsation spatial 
effect, and is taken as 1.28 according to the main 
span in the completed state, and as 1.315 
according to the main span cantilever length with 
the maximum cantilever in the construction 
period; γf is the partial coefficient of flutter 
stability. Different values were taken according to 
different acquisition methods of flutter critical 
wind speed. The value taken for the bridge is 1.15 
with physical wind tunnel test method; γa is the 
partial coefficient of attack angle effect, and was 
taken as 1.0 for the wind attack angle a at +3º, 0º 
and -3º. Then it can be obtained that in the main 
bridge completed state, the required wind speed 
in flutter stability test is: 

=1.15 1.28 1.0 37.7=55.5
df f tU Uαγ γ γ> × × × m/s. 

The required wind speed in flutter stability test 
with the longest cantilever during construction is 

=1.15 1.315 1.0 31.7=47.9f f t sdU Uαγ γ γ> × × ×

m/s. The wind speed parameters used in bridge 
wind resistance analysis are as shown in Table 1.  

Table 1. Summary of wind speed parameters (unit: 
m/s) 

Design 
basis 
wind 
speed 

Equivalent 
static gust 

speed 

Flutter test 
wind speed 

Bridge 
completed 

state 
37.7 46.1 55.5 

Maximum 
single 

cantilever in 
construction 

31.7 39.7 47.9 

Figure 3. A shows the original section of the main 
beam and the section after VIV optimization. The 
flutter stability test results show that the critical 
flutter wind speed of the real bridge is over 
130m/s at both the original section and the VIV 
optimized section, far exceeding the requirement 
of the test wind speed. Figure 4. shows the 
variation curves of the torsional damping ratio of 
the original section of the main beam in the bridge 
completed stage and the long cantilever state in 
construction stage with different wind speeds at 
different wind attack angles. It can be seen that 
under the action of different wind attack angles, 
the overall torsional damping ratio increases with 
the increase of wind speed, and there is no 
downward falling with change of sign, indicating 
that the flutter stability of the main beam with the 
original section can meet the test requirements. 

a) Original section

b) Optimized section (wind fin plate and enclosed
inside anti-collision railing) 

Figure 3. Original section and optimized 
aerodynamic section of the main beam 

In the main beam VIV test, the VIV performance of 
the original section was first tested. When VIV was 
observed in the original section, the damping ratio 
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and aerodynamic vibration reduction measures to 
suppress VIV were studied in detail. 

a) Bridge completed state

b) Maximum single cantilever in construction

Figure 4. Torsional damping ratio - wind speed
curve 

According to the Wind-resistant Design 
Specification for Highway Bridges, the amplitudes 
of vertical and torsional VIV of bridge main beams 
must meet the following Eqns. (1-2):  

[ ] 0.04
v v

v

h
f

γ=  (1) 

[ ] 4.56
t v

tBf
θ γ=    (2) 

where, [ ] [ ]v th θ、  are respectively limits of vertical 
bend vortex-induced resonance and torsional 
vortex-induced resonance; vγ  the partial 
coefficient of vortex-induced resonance, taken as 
1 for the wind tunnel test; B  the main beam 
width, in m; v tf f、  are respectively the vertical 

vibration and torsional vibration frequencies of 
the bridge. By substituting the above values, it can 
be obtained that the allowable vertical bend 
amplitude of the vortex-induced resonance of the 
bridge is 0.13m and the torsion amplitude is 0.1º.  

a) 0.3%

b) 0.6%

c) 0.9%
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d) 1.2%

Figure 5. VIV response of main girder with 
different damping ratio at +3º wind attack angle 

Under uniform flow field, the experimental results 
of the original section show that vertical VIV 
occurs at the wind attack angle of +3º, the lock-in 
region of wind speed is 13-20m/s, and the 
maximum amplitude of vertical VIV exceeds the 
requirement of 13cm. By adjusting the position of 
the maintenance track, it was found that the 
maintenance track had a certain influence on the 
VIV response, and moving the maintenance track 
inward can reduce the amplitude of VIV.  

In addition, the damping measures to reduce VIV 
were also tested for the original section. The initial 
damping ratio of the segment model is 0.3%, and 
the damping ratio of the sectional model was 
adjusted to 0.3%, 0.6%, 0.9% and 1.2%, 
respectively, to study the effect of the damping 
ratio on the VIV performance of the main beam. 
The experimental results show that in the uniform 
flow field when the wind attack angle was 0°, the 
effect of damping ratio on vertical VIV is obvious, 
and the vertical VIV disappears quickly when the 
damping ratio increases. However, when the wind 
attack angle was +3º, the suppression effect of 
damping ratio on vertical VIV was not quite 
satisfying. Figure 5. shows the vertical VIV test 
results of the main beam with different damping 
ratios. It can be seen that when the damping ratio 
is 1.2%, the vertical VIV of the beam can be 
controlled in a relatively small range, while the 
torsional VIV is completely suppressed.  

Further considering the effect of low turbulence 
(4-5%), it can be found that when the damping 
ratio is 0.3%, the original section of the main 
beam still has the problem of vertical VIV, but the 
amplitude does not exceed the allowable value, 
also, when the damping ratio is increased, the 
amplitude of VIV can be suppressed further. 

In addition, the aerodynamic shape of the original 
section was optimized in the test, and more than 
ten aerodynamic measures were compared to 
suppress the vortex-induced resonance of the 
main beam. When the central opening was closed, 
slight VIV still occurs at wind attack angle of +3º, 
but the VIV completely disappears at wind attack 
angle of 0º and -3º. However, this pneumatic 
measure changes the shape and structure of the 
main beam very much, leading to low feasibility; 
so grids with 70%, 50% and 30% wind drag rates 
were considered, and experimental results show 
that the VIV of the main beam exceeding the 
allowable value could still occur with the increase 
of air permeability at different wind attack angles. 
Furthermore, guide plates were added to the 
bottom of the beam, and exploration was made 
with the change of the length and height of the 
guide plates, as well as the combination of the 
guide plates and the grid with different drag rate, 
but no suitable aerodynamic scheme was found. 
In addition, setting wind barriers on some similar 
bridges has a good control effect on the VIV of the 
bridge[5], but the wind tunnel test shows that wind 
barriers are not quite suitable for the bridge, and 
may even magnify the VIV response of the original 
section of the main beam.  

After experimental study of various aerodynamic 
measures, it was found that a better aerodynamic 
optimization scheme can be obtained by setting a 
pair of wind fin plates inside the main beam and 
enclosing the inner collision barrier along the 
height to form a vortex break plate with blocking 
effect, i.e. the combination of inner side enclosed 
barrier and wind fin plates, with the wind fin plate 
width as 2m, Figure 3.b) is the sketched diagram 
of the aerodynamically optimized section of the 
main beam. The test results show that when the 
damping ratio of the main beam is 0.35% in the 
uniform flow field, the vertical VIV was completely 
suppressed at wind attack angle of -3º; the 
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amplitude of vertical VIV was very small at wind 
attack angle of 0º; at wind attack angle of +3º, 
vertical VIV still exists, but the amplitude has been 
reduced to 1/3 that of the original section, below 
the allowed amplitude, and the torsional VIV was 
completely suppressed. In addition, considering 
that the real bridge is in a boundary layer flow 
field, VIV test of the optimized section under 
turbulent flow field was carried out by setting a 
4%~5% turbulent flow field and setting the 
damping ratio of the main beam to 0.35%, and the 
results show that no VIV occurred at the main 
beam at wind attack angle of 0, +3º and -3º. 
Therefore, the combined aerodynamic measures 
have a good control effect on VIV of the main 
beam.  

In summary, increasing damping ratio or installing 
aerodynamic measures can be considered in the 
process of bridge design, so that these vibration 
suppression facilities can be installed when VIV 
occurs for the prototype bridge. After 
comprehensive consideration of economic 
performance and landscape effect, TMD was 
finally installed as a VIV suppression measure to 
increase the damping ratio of the main beam.  

3.2 Measures to suppress VIV for single-
column tower 

First, the dynamic characteristics of the free-
standing state of the bridge tower were analyzed, 
to obtain the basic frequency of the bridge tower. 
Based on this, a 1:100 aeroelastic model was 
designed, the damping ratio of the steel tower 
model was adjusted to 0.1%, 0.25%, 0.5%, 1% and 
1.2%, respectively, and VIV and galloping vibration 
stability tests were carried out in uniform flow 
field and turbulent flow field respectively at 
different wind attack angles. In the test, no 
divergence of gallop vibration was observed 
within the wind speed range of 54m/s of the 
corresponding prototype bridge, indicating that 
the probability of galloping instability of the bridge 
tower was very low.  

The VIV response test results of free-standing 
bridge tower in uniform flow field show that when 
the damping ratio of the bridge tower is 0.25%, 
obvious VIV phenomenon was observed at the 
wind yaw angle of 0º~90º, and the wind speed in 

the locked region was between 8.3m/s and 
16.6m/s; when the wind yaw angle is 0º (in the 
direction of the bridge), the  root mean square of 
its transverse vibration response could reach 
90cm with an maximum amplitude of about 1.5m, 
and when the wind yaw angle is 90º, VIV occurred 
at the tower in the direction of the bridge with an 
amplitude of about 1m. When the tower damping 
ratio was 0.5%, VIV was still obvious at different 
wind yaw angles, the wind speed in the locked 
region was 8.3~ 16.6m/s, and the maximum root 
mean square of the tower top displacement was 
8.5cm; when the tower damping ratio was 
adjusted to 1%, no obvious VIV was observed, 
indicating effective suppression of VIV response of 
the tower, and the vibration response was 
changed from VIV to buffeting response induced 
by characteristic turbulence.  

Test results of VIV response of free-standing 
bridge tower in turbulent flow field show that no 
obvious VIV response was observed with the 
tower damping ratio of 0.5%, but buffeting 
response induced by characteristic turbulence 
existed in the tower structure, therefore 
experimental study was conducted to suppress 
buffeting response in turbulence field. The test 
results show that when the damping ratio of 
tower was 1%, the maximum root mean square of 
transverse bridge vibration displacement occurred 
at 30º wind yaw angle, with a value of about 
2.1cm; the maximum root mean square of 
vibration displacement in the bridge direction 
occurred at wind yaw angle of 90º, with a value of 
about 3.7cm. Therefore, increasing the damping 
ratio of the structure can not only control the VIV 
response of the bridge tower, but also provide an 
obvious suppression effect on its buffeting 
response.  

The above is an experimental study on a 
freestanding bare tower. However, in actual 
construction, with the lifting of steel tower 
segments, the steel tower is attached with the 
wall of tower crane and the construction platform 
installed on segment. These temporary attached 
structures will increase the damping ratio of the 
bare tower. Therefore, on the basis of the bare 
tower model mentioned above, for this paper, we 
added the aeroelastic model of the combined 
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system composed of tower crane and construction 
platform, and carried out wind tunnel tests with 
different wind yaw angles in uniform and 
turbulent flow fields. The test results showed that 
no obvious VIV phenomenon was found in 
uniform and turbulent flow fields. Figure 6. shows 
the vibration response of tower top along and 
across the bridge direction of the combined 
aeroelastic model of the bridge tower with crane 
in the uniform flow field (the damping ratio of 
steel tower is set to 0.3%). It can be seen that no 
obvious VIV phenomenon occurs. 

a) Along the bridge direction

b) Across the bridge

Figure 6. Top displacement of cable tower with 
crane in uniform flow field 

Based on the results of aeroelastic model test of 
freestanding tower bridge in uniform flow field 
and turbulent flow field, TMD can be installed to 
improve the damping ratio of the structure, so as 
to suppress the VIV of the bridge tower and also 
reduce the buffeting response. Moreover, when 
the damping ratio of the bridge tower system 

reaches 1.2%, satisfying vibration suppression 
effect can be achieved. Dampers to suppress the 
VIV response of the cable tower can be installed at 
top of the tower in construction period, and be 
reserved after the bridge is completed, so that the 
dampers, by adjusting their relevant parameters, 
can also provide good damping effect for the steel 
tower in the bridge direction and across the 
bridge after the bridge is completed.  

4 Conclusions and suggestions 
There are few engineering examples at home and 
abroad for long-span cable-stayed bridges with all-
steel structure towers, girders and cables, and 
their wind resistance performance is little known. 
In this paper, a series of wind tunnel tests were 
carried out for comparison and study on steel 
structures in different parts of the tower and 
girders by increasing the damping ratio of the 
structure. The test results show that the 
amplitude of VIV can be effectively reduced and 
suppressed by increasing the damping ratio of 
steel main beam and steel tower. The latest 
version of Wind-resistant Design Specification for 
Highway Bridges in China suggests a damping ratio 
of 0.3% for steel box girder structure, and 0.5% for 
steel towers. However, the measured damping 
ratio of steel towers of Taizhou Bridge in China 
and many steel towers in Japan are all less than 
0.5%[6]. Japanese specification suggest different 
damping ratios for different structural vibration 
frequencies. The characteristic vibration 
frequency of the steel towers of this bridge is 
0.23Hz, and for this frequency the Japanese 
specification suggests that a damping ratio of 0.15% 
is appropriate. In the model test, wind tunnel tests 
were conducted at the steel tower damping ratio 
of 0.1%, 0.25%, 0.5%, 1.0% and 1.2% respectively. 
The results show that when the damping ratio is 
1%, the amplitude of VIV is less than 10cm, and 
when the damping ratio is 1.2%, there is no VIV 
phenomenon. When the cable tower is in free-
standing state, the damping ratio of the structure 
can be increased by installing TMD to suppress VIV. 
When 30 tons TMD is installed, the damping ratio 
of the steel tower can reach 1.2%. In the 
construction stage, the damping of the steel tower 
was increased due to the crane and the 
construction platform, and no adverse wind-
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induced vibration such as galloping vibration and 
VIV was observed. Therefore, this paper adopted 
the method of installing TMD on the top of the 
tower to solve the VIV problem of steel towers 
after the completion of the bridge.  

For super-wide twin-girders, both the sectional 
model test and the whole bridge aeroelastic 
model test show that the flutter stability of the 
bridge meets the requirements after completion 
and during construction. Both model tests show 
that the original section has the possibility of VIV 
occurring in the natural wind field, and the VIV 
can also be suppressed by increasing damping 
ratio. When the damping ratio of the beam 
reaches 1.2%, the VIV of the main beam does not 
exceed the allowable value. The test results on 
taking aerodynamic measures show that the 
possibility of VIV is greatly reduced when the inner 
carriageway guardrail is enclosed and fin plates 
are added. After comprehensive consideration of 
economic performance and landscape effect, 
finally, TMD was installed on the main beam to 
increase the damping ratio as a VIV suppression 
measure. Although the bridge has not adopted the 
optimized aerodynamic section to suppress VIV, 
the aerodynamic measures of the combination of 
air fin plates and air baffle plates were proposed 
through the study of the aerodynamic shape of 
the twin-box girders of the bridge, providing ideas 
and reference for solving VIV problems of similar 
twin-box girders in the future.  
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Abstract 
Aerodynamic shape optimization of bridge deck is a very important task in the wind-resistant 
design of long-span bridges and often carried out via wind tunnel tests of sectional model or CFD 
simulation, both of which commonly need heavy workload, thus are time-consuming and costly. In 
this paper, an artificial neural network (ANN) model was developed to predict aerodynamic 
coefficients of a central-slotted box deck of a 1600m main span cable-stayed bridge during the 
aerodynamic shape optimization to enhance its performance of wind-induced static stability. The 
ANN model was built and trained with a data set of aerodynamic coefficients obtained from 
limited cases of wind tunnel tests. The effect of neuron numbers in the hidden layer on prediction 
accuracy was discussed. The results show that the built ANN model can accurately predict the 
aerodynamic coefficients and significantly reduce the workload of wind tunnel tests.  

Keywords: long-span bridge; centrally-slotted box deck; aerodynamic shape optimization; 
aerodynamic coefficients; artificial neural network. 

1 Introduction 
Over the last decades, with the application of new 
materials and the progress of construction 
technology, the span length of modern bridges 
has considerably increased. The demand for super 
long-span bridges with a main span of 1500 -3500 
meters is growing. There are many super-long 
span bridges under construction or design in China, 
including Jiangsu Zhangjinggao Yangtze Bridge, 
Nanjing Wenjin Yangtze Bridge, Nanjing Xianxin 
Yangtze Bridge, Lingdingyang Shenzhen bridge, 
Changtai Yangtze Bridge, Hutong Yangtze River 

Bridge, with expect to be finished with five years. 
With the increasing span length, modern long-
span cable-supported bridges become more and 
more susceptible to strong wind, and the wind-
induced static instability and flutter are 
considered as critical factors that control the 
construction and design of bridges.  

Flutter is generally treated as a sudden aeroelastic 
instability phenomenon caused by negative 
aerodynamic damping. Once the wind speed 
exceeds the critical wind speed, the system 
damping will be negative, and the structural 
vibration diverges rapidly with the increase of 
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time. The wind-induced vibration response will 
also increase with the increase of bridge span. 
When the bridge shape is bluff, and the vibration 
amplitude increase, the nonlinear component of 
the aerodynamic self-excited force will provide 
positive aerodynamic damping and increase with 
amplitude, reducing the total aerodynamic 
negative damping, and slowing down the speed of 
vibration divergence. The vibration will gradually 
enter a stable limit cycle oscillation state 
(LCO)[1,2].  

Unlike flutter vibration, wind-induced static 
instability of long-span bridges can suddenly 
happen and causes bridges to overturn abruptly 
without any back-and-forth oscillation [3], thus is 
much more dangerous to bridges than flutter and 
should be completely avoided or should happen 
later than flutter. However, previous researches 
have shown that wind-induced static instability 
may happen before or near flutter for long-span 
cable-stayed bridges when the main span exceeds 
1000m [4-7]. Therefore, both the wind-induced 
static and dynamic instability must be considered 
while optimizing the aerodynamic shape of such 
long-span bridges. 

Aerodynamic shape optimization is often carried 
out in the preliminary design stage via wind tunnel 
tests of sectional model or CFD simulation. 
However, both of them commonly need heavy 
workload, thus are time-consuming and costly [8]. 
In recent years, the rapid development of artificial 
intelligence and its technique provides a 
promising tool that can be used to solve these 
problems [9-11]. Combination of artificial neural 
network model trained based on data set 
obtained via limited wind tunnel tests or CFD 
simulations can efficiently reduce the workload of 
aerodynamic shape optimization.  

Figure 1. Schematic diagram for centrally-slotted 
box deck and typical shape parameters. 

In this connection, the main purpose of the 
present work is to attempt to build artificial neural 
network model for the aerodynamic shape 
optimization, by taking a central-slotted box deck 

of a 1600m main span cable-stayed bridge as 
example. 

2 Description of a general prediction 
frame 

2.1 Data collection & Description 

In this study, an artificial neural network model 
was developed to predict the aerodynamic force 
coefficients and trained based on data collected 
from previous experimental studies and wind 
tunnel test reports [12]. The three-component 
aerodynamic static coefficients, namely, the drag, 
lift, and moment coefficients (CD, CL, CM), are 
dimensionless parameters that describe the 
typical characteristics of static wind load on 
sections with the same shape. 

𝐹𝐹𝐷𝐷 =
1
2
𝜌𝜌𝑈𝑈2𝐻𝐻𝐶𝐶𝐷𝐷 (1) 

𝐹𝐹𝐿𝐿 =
1
2
𝜌𝜌𝑈𝑈2𝐵𝐵𝐶𝐶𝐿𝐿 (2) 

𝑀𝑀𝑇𝑇 =
1
2
𝜌𝜌𝑈𝑈2𝐵𝐵2𝐶𝐶𝑀𝑀 (3) 

where, U is wind speed; ρ is the air density; FD, FL, 
and MT are the drag force, lift force and torsional 
moment of bridge deck. The positive directions of 
aerodynamic forces as shown in Figure 1. In order 
to model the relationship between the 
aerodynamic force coefficients and different 
parameters using ANN method, about 800 test 
data were collected from previous wind tunnel 
studies. The collected database covers a wide 
range of parameters, increasing the prediction 
accuracy of the trained ANNs model. 

 In total, 7 shape parameters, as shown in Figure 1, 
are adopted as input data for the generated ANN 
model. They are the wind angle of attack (AOA, α) 
(-200~200), the height ratio of wind fairing a/b, the 
height ratio of inner-side upper web h/H, the 
slotting ratio d/D, the inclined angle of inner-side 
lower web θ, the angle of wind fairing apex β, and 
inclined angle of inner-side upper web λ. The 
three measured aerodynamic coefficients (CD, CL, 
CM) are considered as output.

λa h

D/2

Hβ

d D/2

θ

b
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2.2 Statistical Descriptive Analysis 

The descriptive statistical analysis helps evaluate 
the data, the probability distribution approach 
(which better explains each variable), the 
relationships between the variables, and the 
significance of each variable. In order to make 
sure the collected data is adequate and suitable 
for the artificial neural network model, statistical 
descriptive analysis was conducted, as shown in 
Table 1. The mean, minimum, maximum, and 
standard deviation have been calculated for the 
collected data. In addition, the dataset 
distributions and the pairwise relationship of input 
parameters and outputs were also conducted, as 
shown in Figure 2. Due to the space limitation, 
only three input parameters (wind angle, a/b, and 
h/H) and the output parameters (drag force, lift 
force, and moment coefficients) histograms were 
shown. The dataset distributions show that drag 
force, lift force, and moment coefficients are 
highly correlated with the wind angle of attack (α). 
In summary, it's shown that the distributions of 

input parameters (the wind angle α, a/b, and h/H) 
and the output parameters (drag force, lift force, 
and moment) are acceptable and suitable to 
generate the artificial neural network model. 

Table 1. Typical parameters of aerodynamic shape 
of the centrally-slotted box deck. 

Parameter 
Statistical Descriptive 

Mean Min Max Standard 
Deviation 

α 0.0 -200 200 10.4946 

a/b 0.53 0.0 0.70 0.1483 

h/H 0.27 0.27 1.00 0.2175 

d/D 30% 20% 40% 0.0278 

θ 330 160 330 5.1961 

β 650 400 660 0.1924 

λ 900 900 1200 0.0498 

Figure 2. Distributions of the dataset and the pairwise relationship of input parameters and outputs.
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3 Artificial neural network model 
building and training 

The idea of an artificial neural network (ANN) is 
drawn from biological sciences, where it imitates 
the intricacy of the human brain in recognizing 
patterns through neurons in the human brain 
Figure 3 (a). It replicates the concept of thinking, 
identifying, making decisions, and solving 
problems [13-16]. Classification and prediction 
problems involving multivariable and nonlinear 
modeling can be successfully solved using ANN, 
which makes the ANN model, in addition to its 
simplicity, a very efficient way to predict the 
aerodynamic force coefficients of a centrally 
slotted deck cross-section. 

The ANN topology illustrated in Figure 3 (b), 
where the multilayer feed-forward ANN is 
employed. The network consists of input, output, 
and one hidden layer. The identity function is 
utilized as an activation function in the neurons of 
the input and output layers, while the hyperbolic 
tangent sigmoid function is used in the neurons of 
the hidden layer. The Levenberg-Marquardt 
Backpropagation Learning technique is used as 
optimization tool to update weight and bias values 
and train the network [17]. Root Mean Square 
Error (RMSE) is used as the cost function (weights) 
to update the explicit parameters. The k-fold 
cross-validation technique was applied to enhance 
the performance and accuracy of the model by 
avoiding overfitting issues. The data set is divided 
into 10 folds (k=10) using the k-fold cross-
validation method, with training (Tr), validation 
(Val), and testing (Ts) ratios of 70%, 15%, and 15%, 
respectively. After the initial data was split into 10 
sets, the models were evaluated on each iteration, 
and the performance metrics of each set were 
automatically examined during the training 
process. At the same time, at each split, one set 
was selected for testing, and the remaining 9 sets 
were used for training. The operation is repeated 
10 times. This procedure was vital since it helps 
avoid the bias and variance problems brought on 
by random sampling. 

 In order to optimize the number of neurons in the 
hidden layer (hyper parameters), several ANN 
models for aerodynamic force coefficients are 

generated with different numbers of neurons in 
the hidden layer (from 1 to 70). Three different 
error indices, RMSE, mean absolute error (MAE), 
and coefficient of determination (R2) Eqns. (4-6) 
were used to assess each model. 

(a) 

(b) 

Figure 3. Typical ANN topology 

𝑅𝑅𝑅𝑅𝑀𝑀𝑅𝑅 = �∑ (𝑦𝑦�𝑖𝑖 − 𝑦𝑦𝑖𝑖)2𝑛𝑛
𝑖𝑖=1

𝑛𝑛
 (4) 

𝑀𝑀𝑀𝑀𝑅𝑅 =
∑ |𝑦𝑦� − 𝑦𝑦|𝑛𝑛
𝑖𝑖=1

𝑛𝑛
(5) 

𝑅𝑅2 = 1 −
∑ (𝑦𝑦�𝑖𝑖 − 𝑦𝑦𝑖𝑖)2𝑛𝑛
𝑖𝑖=1
∑ (𝑦𝑦𝑖𝑖 − 𝑦𝑦�)2𝑛𝑛
𝑖𝑖=1

 (6) 
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4 Result representation and 
Discussion 

To predict the aerodynamic coefficient, 70 ANN 
models have been built and developed. Three 
criteria, namely error measurements RMSE, R2, 
and MAE, were used to compare these models. 
The quality of the developed models in terms of 
RMSE, R2, and MAE are shown in Figures 4,5,6 (a), 
(b), and (c) for testing, validation, and testing sets, 
respectively. As can be seen, in terms of RSME, R2, 
and MAE, the best performance is reached when 
the number of neurons is 63 for the three 
aerodynamic coefficients (drag force, lift force, 
and moment) as shown in Figures 4,5,6 (a). The 
model of 63 neurons is selected because it gives a 
higher performance capacity compared to the 
other predictive models for estimating 
aerodynamic coefficients. The results of the model 
of the best performance for the lift force are 
presented in Table 2 (due to space limitation, only 
CL results were shown). By taking R2 as error 
measure, the built ANN model provides accurate 
results that reach approximately 0.98, 0.99, and 
0.87 for the training, validation, and testing sets 
for the drag force, lift force, and moment 
respectively. The results show that the built model 
is very efficient in predicting the aerodynamic 
coefficients. 

Table 2. Optimum ANN models for CL. 

Information Optimum 
RMSE 

Optimum 
R2 

Optimum 
MAE 

Optimum-
Neurons 63 63 63 

RMSE-Tr 0.0261 0.0261 0.0261 

RMSE-Vl 0.0316 0.0316 0.0316 

RMSE-Te 0.0313 0.0313 0.0313 

R2-Tr 0.9889 0.9889 0.9889 

R2-Vl 0.9842 0.9842 0.9842 

R2-Te 0.9840 0.9840 0.9840 

MAE-Tr 0.0204 0.0204 0.0204 

MAE-Vl 0.0236 0.0236 0.0236 

MAE-Te 0.0238 0.0238 0.0238 

(a) 

(b) 

(c) 

(d) 

Figure 4. The quality of the developed models in 
terms of (a) RMSE, (b) R2, (c) MAE; (d) Regression 

plot of the optimum ANN model for selected 
training, validation, and testing sets for CD. 
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(a) 

(b) 

(c) 

(d) 

Figure 5. The quality of the developed models in 
terms of (a) RMSE, (b) R2, (c) MAE; (d) Regression 

plot of the optimum ANN model for selected 
training, validation, and testing sets for CL. 

(a) 

(b) 

(c) 

(d) 

Figure 6. The quality of the developed models in 
terms of (a) RMSE, (b) R2, (c) MAE; (d) Regression 

plot of the optimum ANN model for selected 
training, validation, and testing sets for CM. 
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 The regression plot in Figures 4, 5, 6 (d) shows the 
results of the selected training, validation, and 
testing sets for the three aerodynamic coefficients 
(drag force, lift force, and moment).  

On the other hand, Table 3 shows the error 
measurements of the selected sets for three 
output parameters. In general, based on the 
performance of different metric results 
summarized in Table 3, we can conclude that the 
built ANN model with 63 neurons has good 
performance and provide accurate results, and 
can also be introduced as a model that predicts 
the aerodynamic coefficients as a function of 
several geometry parameters (α, a/b, h/H, d/D,θ, 
β, λ). 

Table 3. Values of error indices of the optimum 
ANN model for selected Tr, Val, and Ts sets for CD, 

CL &CM. 

Information Training Validation Testing 

RMSE (CD) 0.0587 0.1148 0.1053 

R2 (CD) 0.9923 0.9598 0.9704 

MAE (CD) 0.0372 0.0535 0.0525 

RMSE (CL) 0.0277 0.0335 0.0333 

R2 (CL) 0.9877 0.9822 0.9825 

MAE (CL) 0.0214 0.0248 0.0248 

RMSE (CM) 0.0141 0.0150 0.0148 

R2 (CM) 0.8509 0.8266 0.8327 

MAE (CM) 0.0111 0.0118 0.0116 

Table 4. Parameters of aerodynamic shape of the 
centrally-slotted box deck. 

α (AOA) a/b h/H θ β λ d/D 

-200~200 0.37 0.41 280 650 900 0.3 

5 Case study 
In order to further examine the built ANN model, 
the results obtained from the ANN model have 

been compared with the wind tunnel experiment. 
The primary input parameters of centrally-slotted 
section is shown in Table 4. 

Figure 6 shows the drag, lift, and moment force 
comparison between experimental results and the 
proposed ANN model. It's found that the results 
obtained from the ANN model were well agreed 
with the wind tunnel test. 
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Figure 6. The aerodynamic forces coefficients 
comparison between experimental results and the 

proposed ANN model. 

From the above comparison, it can be concluded 
that the developed neural network model offers a 
reliable indication of the aerodynamic force 
coefficients.  

6 Conclusions 
 In this paper, an artificial neural network (ANN) 
model was built with a dataset set obtained from 
wind tunnel study to predict the aerodynamic 
coefficients essential for evaluating the 
aerodynamic performance of long-span bridges. 
The prediction results have shown that the ANN 
models built are accurate. Hence, ANN can 
effectively be used at the design stage for a fast 
and reliable assessment of the aerodynamic forces 
coefficient to avoid the time and cost associated 
with traditional wind tunnel tests and CFD 
simulations. 

7  Acknowledgments 
The authors gratefully acknowledge the support of 
the National Natural Science Foundation of China 
(Grant No. 51938012). Any opinions and remarks 

450



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

presented in this paper are entirely those of the 
authors. 

8 References 
[1] Gao G., Zhu L., Han W., Li J. Nonlinear post-

flutter behavior and self-excited force model
of a twin-side-girder bridge deck. Journal of
Wind Engineering and Industrial
Aerodynamics. 2018;177:227-241.

[2] Zhu L.D., Gao G.Z., Zhu Q. Recent advances,
future application and challenges in
nonlinear flutter theory of long span bridges.
Journal of Wind Engineering and Industrial
Aerodynamics. 2020;206:104307.

[3] Hu C., Zhou Z., Jiang B. Effects of types of
bridge decks on competitive relationships
between aerostatic and flutter stability for a
super long cable-stayed bridge. Wind and
Structures. 2019;28(4):255-270.

[4] Cheng J. Xiao R.C., and Xiang H.F.
Comparison between Aerostatic and
Aerodynamic Instability (Flutter) in Cable
supported Bridges. Bridge Construction.
2002(3):7-9.

[5] Kien P.H., Yamada H., Katsuchi H., Sasaki E.
Study on wind-induced instability of Super
Long-Span Cable-Stayed Bridge. Journal of
Structural Engineering. 2007;53:650-657.

[6] Zhu L.D., Zhang H.J., Guo Z.S, Hu X.H. Flutter
performance and control measures of a
1400m-span cable-stayed bridge scheme
with steel box deck. Proceedings of the 13th
International Conference on Wind
Engineering, Amsterdam, The Netherlands.
10-15  July; 2011.

[7] Zhu L.D., Zhu Q., Shen Y.K., Chen W.T., Qian
C. Performance and aerodynamic control
measures of wind-induced instability of long-
span cable-stayed bridges with main spans
over 1000m. The 4th Hong Kong Wind
Engineering Society Workshop, Hong Kong,
China. 7-8 Jan, 2020.

[8] Zhang Y., Cardiff P., Keenahan J. Wind-
induced phenomena in long-span cable-
supported bridges: A comparative review of
wind tunnel tests and computational fluid

dynamics modelling. Applied Sciences. 
2021;11(4):1642. 

[9] Yuan Z., Wang Y., Qiu Y., Bai J., Chen G.
Aerodynamic coefficient prediction of
airfoils with convolutional neural network.
Asia-Pacific International Symposium on
Aerospace Technology; 2018:34-46.

[10] Thai H.T. Machine learning for structural
engineering: A state-of-the-art review.
Structures; 2022;38:448-491.

[11] Tinmitonde S., Yan L., He X. Prediction of
aerodynamic coefficients of streamlined
bridge deck using artificial neural network.
The 6th national Forum on Wind Engineering
for Graduate Students; Guangzhou, China.
2021.

[12] Shen Y. Aerodynamic Shape Improvement of
a Centrally Slotted Box Girder Based on
Static and Dynamic Wind-resistant Stability.
Tongji University; 2019.

[13] Agatonovic-Kustrin S., Beresford R. Basic
concepts of artificial neural network (ANN)
modeling and its application in
pharmaceutical research. Journal of
Pharmaceutical and Biomedical Analysis.
2000; 22(5):717-727.

[14] Mishra M., Srivastava M. A view of artificial
neural network. 2014 International
Conference on Advances in Engineering &
Technology Research (ICAETR-2014). 2014:1-
3.

[15] Mostafa K., Zisis I., Moustafa MA. Machine
learning techniques in structural wind
engineering: a state-of-the-art review.
Applied Sciences. 2022;12(10):5232.

[16] Haykin S., Network N. A comprehensive
foundation. Neural Networks. 2004; 2(2004):
41.

[17] Yu H., Wilamowski BM. Levenberg–
Marquardt training.  Intelligent Systems: CRC
Press; 2018: 12-16.

451



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Tendon Distribution Optimization Method of Prestressed Concrete 
Bridges Based on Consistent Safety Degree of Stress Index 

Tianhu Wang, Dong Xu 
Department of Bridge Engineering, Tongji University, Shanghai, China 

Shengbin Wang 
Anhui Transport Consulting & Design Institute Co., Ltd., Anhui, China 

Contact: xu_dong@tongji.edu.cn 

Abstract 
The traditional tendon distribution method of prestressed concrete bridges is mainly based on trial 
calculation. The existing optimization research of structure and tendon distribution mostly takes the 
least material consumption or total economy as the optimization goal, but the stress of the structure 
may not be reasonable. Therefore, considering the rationality of structural stress, the optimization 
method has a large research space. This paper puts forward the tendon distribution optimization 
method for the prestressed concrete bridge. This method takes the principle that the safety degree 
of stress indexes at different positions of the whole bridge is as consistent as possible. On the 
premise of meeting the codes and construction feasibility, this method realizes the optimization of 
the amount of prestressed steel tendons in the bridge. Finally, a three-span continuous bridge is 
used as the optimization example to verify the rationality and feasibility of the method.  

Keywords: prestressed concrete bridges; tendon distribution optimization; consistent safety degree; 
stress index. 

1 Introduction 
Reinforced concrete(RC) structure is composed of 
reinforcement and concrete according to certain 
principles. The strength advantages of the two 
materials are brought into full play in this structure, 
which has the advantages of good durability, fire 
resistance and integrity. However, the self-weight 
is large and the crack resistance is poor in this 
structure. In order to further develop RC structure 
and improve its crack resistance, it is necessary to 
overcome the defect of poor tensile resistance of 
concrete. The use of prestress can solve this 

problem, resulting in prestressed concrete 
structure. Before the external load is applied to the 

Tianhu Wang, PhD student from Tongji University, 
is responsible for writing and calculation.. 
Dong Xu, professor from Tongji University, is 
responsible for proposing theory. 

structure, apply pressure on the concrete, in which 
tensile stress will be produced under the external 
load. In this way, it needs to overcome the pre 
applied compressive stress before the concrete can 
be tensioned. The pre applied compressive stress 
can reduce or even offset the tensile stress 
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produced by the external load in concrete. Hence, 
the crack resistance of the structure is improved. 

Prestressed concrete was first applied by P.H. 
Jackson in 1886[1]. Nowadays, prestressed 
concrete is widely used in the field of civil 
engineering, especially in large buildings and bridge 
structures[2]. In recent years, the prestressed 
concrete bridges of various systems have 
developed rapidly. Prestressed concrete 
continuous beam bridge has become the most 
competitive structural form in bridge construction 
because of its good mechanical characteristics, 
small deformation, good structural stiffness, easy 
maintenance and simple shape[3]. 

In the long-term practice, designers have 
accumulated rich experience in the design of 
prestressed concrete continuous beam bridges. On 
the premise that some deterministic information 
(such as construction method, span layout, etc.) is 
known, designers preliminarily formulate unknown 
parameters and arrange steel tendons according to 
experience. Finally, they check whether the 
structure is safe and feasible. The variable 
parameters are constantly adjusted to meet the 
specification during the design process. However, 
this design method by continuous trial calculation 
is complex and time-consuming. There are infinite 
groups of solutions that meet the specifications by 
the traditional method. One solution obtained by 
trial calculation may not be "satisfactory solution" 
which is reasonable and feasible. Therefore, there 
is large research space for the optimization of 
bridge design and tendon distribution method. 

There have been a lot of research on the 
optimization of bridge design and tendon 
distribution method. In 1986, Xu Wenping and 
Zhang Shiduo of Tongji University completed the 
optimization of reinforced concrete, fully 
prestressed and partially prestressed concrete 
structures. The lowest total beam cost was taken as 
the objective function while the complex method 
was taken as the optimization algorithm[4]. In 1998, 
taking the lowest total cost of prestressed concrete 
as the objective function, the tension of steel 
tendons and beam height as the design variables, 
and the specification requirements as the 
constraint equation, Jiang Xinpei optimized the 
prestressed concrete continuous beam by using 

the "SUMT" internal point penalty function 
method[5]. Some researchers [6]-[10] used linear 
programming method to design PC Bridge with 
minimum cost. In 2003, Barakat optimized 
prestressed concrete simply supported beam 
bridges based on reliability with the minimum total 
cost of the structure as the objective function. In 
2010, Zekeriya aydm used genetic algorithm to 
optimize several precast I-beam bridges with the 
lowest total cost of bridges as the objective 
function and the section size of precast beams, the 
area of steel tendons and the number of precast 
beams as the design variables [11]. In 2014, Jose v. 
Marti took the lowest cost or the least CO2 
emission as the objective function and used the 
hybrid glowworm swarm optimization algorithm 
(SAGSO) to optimize the precast prestressed 
concrete bridges [12]. In 2020, Nadim Abdel nour 
optimized the partially prestressed and fully 
prestressed concrete bridges based on the goal of 
minimizing the total cost [13]. 

In these studies, the majority of researchers 
transform the engineering problems of bridge 
design and tendon distribution into mathematical 
optimization problems. They mostly take the 
economic indicators such as minimum cost or 
materials as the optimization goal. In terms of 
mechanics, the optimized structure may not be 
reasonable. Therefore, this paper proposes an 
optimization method of prestressed concrete 
bridges based on stress index. The safety degree 
consistency of stress index for the finished bridges 
is used to evaluate the stress rationality of the 
structure. The goal of the optimization is to achieve 
the stress as uniform as possible in all schemes. In 
addition, taking meeting the stress and 
configuration requirements in the code as 
constraints and the number of steel tendons as 
design variables, the steel tendon distribution of 
prestressed concrete bridges is optimized based on 
genetic algorithm. 

2 Optimization model and solution 
method of PCB 

The engineering problems of bridge design and 
tendon distribution are generally transformed into 
mathematical optimization problems and solved 
with the help of optimization algorithms or 
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methods. The transformed mathematical 
optimization model includes design variables, 
constraint equations and objective functions, that 
is, it is necessary to find a set of design variables 

1 2( , ,..., )nX x x x to minimize the objective function (1) 
on the premise of satisfying a series of equation (3) 
and inequality (2) constraints. 

F = 𝑓𝑓1(𝑥𝑥1,𝑥𝑥2, … , 𝑥𝑥𝑛𝑛)       (1) 

𝑔𝑔𝑗𝑗(𝑥𝑥1,𝑥𝑥2, … , 𝑥𝑥𝑛𝑛) ≤ 0  (2) 

ℎ𝑗𝑗(𝑥𝑥1, 𝑥𝑥2, … , 𝑥𝑥𝑛𝑛) = 0     (3) 

2.1 Design variables 

In this paper, the optimization of prestressed 
concrete bridge is carried out on the premise that 
the bridge configuration and construction method 
are determined. If the steel tendon profile is absent 
in the actual construction, there is no practical 
significance for the optimization. Therefore, the 
designers can lay out the steel tendon profile in 
elevation and determine the type of steel tendons 
according to the construction method of the bridge. 
The number of each sort of steel tendons is taken 
as the design variable 1 2( , ,..., )nX x x x . 

2.2 Objective function 

This paper, in which Specifications for Design of 
Highway Reinforced Concrete and Prestressed 
Concrete Bridges and Culverts JTG3362-2018 is 
Referred to, carries out the optimization of 
prestressed concrete bridges based on the safety 
degree of stress index. The effects of self weight, 
vehicle load, shrinkage and creep, temperature and 
uneven settlement of supports are considered. The 
consistency of safety degree of stress index for the 
finished bridges is applied to measure the 
rationality of the structure. The objective function 
(4) is to minimize the variance of the most
unfavorable compressive stress at the upper and
lower edges of some representative sections for
the elastic combination of actions for the finished
bridge.

F = 1
4𝑚𝑚−1

∑ [(𝜎𝜎𝐸𝐸𝐸𝐸𝐸𝐸𝑇𝑇 − 𝜎𝜎�)2 + (𝜎𝜎𝐸𝐸𝐸𝐸𝐸𝐸𝑇𝑇 − 𝜎𝜎�)2𝑚𝑚
𝐸𝐸=1  

+(𝜎𝜎𝐸𝐸𝐸𝐸𝐸𝐸𝐵𝐵 − 𝜎𝜎�)2 + (𝜎𝜎𝐸𝐸𝐸𝐸𝐸𝐸𝐵𝐵 − 𝜎𝜎�)2]                    (4) 

𝜎𝜎� = 1
4𝑚𝑚

∑ (𝜎𝜎𝐸𝐸𝐸𝐸𝐸𝐸𝑇𝑇 + 𝜎𝜎𝐸𝐸𝐸𝐸𝐸𝐸𝑇𝑇 +𝜎𝜎𝐸𝐸𝐸𝐸𝐸𝐸𝐵𝐵 + 𝜎𝜎𝐸𝐸𝐸𝐸𝐸𝐸𝐵𝐵 )𝑚𝑚
𝐸𝐸=1         (5) 

Where, m is the number of representative sections 
selected; σ is the mean value of the most 
unfavorable compressive stress at the upper and 
lower edges of the representative section for the 
elastic combination of actions, which is determined 
by equation (5); If a steel tendon starts or ends at a 
certain section position in the longitudinal 
direction of the bridge, the stress of the left and 
right sections will be different due to the prestress 
effect. Therefore, it is necessary to distinguish the 
left and right sides for the representative sections.
σ σ σ σ, , ,T T B B

ELi ERi ELi ERi represent the most unfavorable 
compressive stresses on the left side of the upper 
edge, the right side of the upper edge, the left side 
of the lower edge and the right side of the lower 
edge of the i-th representative section for the 
elastic combination of actions.  

The calculation method of σ σ σ σ, , ,T T B B
ELi ERi ELi ERi is 

determined by equations (6) - (9). The most 
unfavorable compressive stress of each section for 
the elastic combination of actions can be 
decomposed into two parts, one is the most 
unfavorable compressive stress of each section in 
the bridge without steel tendon for the elastic 
combination of actions, and the other is the 
influence of steel tendon on the normal stress of 
each section for the completed bridge. The 
influence of steel tendons on the normal stress of 
each representative section of the completed 
bridge structure is obtained by multiplying the 
stress influence matrix C and the number vector X 
of steel tendons. The element, in row I and column 
J of the stress influence matrix, is the influence 
value of the normal stress which produced by 
tensioning a single j-th steel tendon under the 
premise of considering the construction process on 
the i-th representative section of the completed 
bridge. Considering the influence of the starting 
and ending points of the steel tendons on the stress 
at same section position, there is a need to 
distinguish the left and right sides for the stress 
influence matrix.  

𝜎𝜎𝐸𝐸𝐸𝐸𝐸𝐸𝑇𝑇 = 𝜎𝜎𝐸𝐸𝐸𝐸𝐸𝐸0𝑇𝑇 + {𝑒𝑒𝐸𝐸}𝑇𝑇[𝐶𝐶]𝐸𝐸𝑇𝑇{𝑋𝑋}   (6) 

𝜎𝜎𝐸𝐸𝐸𝐸𝐸𝐸𝑇𝑇 = 𝜎𝜎𝐸𝐸𝐸𝐸𝐸𝐸0𝑇𝑇 + {𝑒𝑒𝐸𝐸}𝑇𝑇[𝐶𝐶]𝐸𝐸𝑇𝑇{𝑋𝑋}   (7) 

𝜎𝜎𝐸𝐸𝐸𝐸𝐸𝐸𝐵𝐵 = 𝜎𝜎𝐸𝐸𝐸𝐸𝐸𝐸0𝐵𝐵 + {𝑒𝑒𝐸𝐸}𝑇𝑇[𝐶𝐶]𝐸𝐸𝐵𝐵{𝑋𝑋}   (8) 

𝜎𝜎𝐸𝐸𝐸𝐸𝐸𝐸𝐵𝐵 = 𝜎𝜎𝐸𝐸𝐸𝐸𝐸𝐸0𝐵𝐵 + {𝑒𝑒𝐸𝐸}𝑇𝑇[𝐶𝐶]𝐸𝐸𝐵𝐵{𝑋𝑋}   (9) 
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Where, σ σ σ σ0 0 0 0, , ,T T B B
ELi ERi ELi ERi are the most 

unfavorable compressive stress values of the i-th 
representative section on the left side of the upper 
edge, the right side of the upper edge, the left side 
of the lower edge and the right side of the lower 
edge for the elastic combination of actions; 
[ ] ,[ ] ,[ ] ,[ ]T T B B

L R L RC C C C are the stress influence matrix 
(m × n)of the left side of the upper edge, the right 
side of the upper edge, the left side of the lower 
edge and the right side of the lower edge of the 
bridge; { }T

ie  is the row vector (1×m) with column 
i element 1 and other column elements 0; { }X  is 
the column vector (n×1)with unknown number of 
N kinds of tendons, i.e. design variable; 
σ σ σ σ0 0 0 0, , , ,[ ] ,[ ] ,[ ] ,[ ]T T B B T T B B

ELi ERi ELi ERi L R L RC C C C can be 
obtained with the help of existing structural 
analysis software. 

2.3 Constraints 

The function of prestressed steel tendons is mainly 
to improve the crack resistance of the structure. 
Therefore, this paper takes the stress constraint 
conditions and the compatible relationship 
between the number of steel tendons and the 
section size as the constraint conditions, while the 
bending and shear capacity under the limit of 
bearing capacity are more controlled by 
reinforcement, which is not discussed in this paper. 

The stress constraint conditions mainly include the 
normal stress in the construction process, the 
normal stress in the completed state and the 
principal stress in the completed state specified in 
the specification. The compatible relationship 
between the number of steel tendons and the 
section size means the number of steel tendons in 
different sections of the bridge needs to meet the 
layout requirements of the corresponding section 
size, which is determined by the bridge 
configuration. In this part, it is essential to consult 
Specifications for Design of Highway Reinforced 
Concrete and Prestressed Concrete Bridges and 
Culverts JTG3362-2018. 

2.3.1 Constraints of normal stress during 
construction 

Nowadays, there are a variety of bridge structure 
construction methods. Even bridges of the same 
bridge type have different construction methods. If 
there are several construction stages in the process 
of bridge completion, the stress of each stage in 
this process needs to meet the requirements of the 
specification. Taking the i-th construction stage as 
an example, the stress calculation principle of the 
upper and lower edges of each representative 
section is the same as equations (6) - (9), so the 
constraint to be satisfied in this stage is in equation 
(10). 

{𝐸𝐸𝑐𝑐𝑐𝑐}𝐸𝐸 ≤ �𝜎𝜎𝑔𝑔�𝐸𝐸𝐸𝐸,𝐸𝐸
𝑇𝑇,𝐵𝐵 + [𝐶𝐶1]𝐸𝐸𝐸𝐸,𝐸𝐸

𝑇𝑇,𝐵𝐵 {𝑋𝑋} ≤ {𝐸𝐸𝑐𝑐𝑐𝑐}𝐸𝐸      (10)

Where, {E } ,{E }ct i cc i are the allowable tensile stress 
and compressive stress vectors of each 
representative section in the i-th construction 
stage (the compressive stress is specified as 
positive and the tensile stress is negative in this 
paper); ,

,{ }T B
g iL Rσ  refers to the stress value of the 

upper or lower edge and left or right side of the 
structure without steel tendons under the 
corresponding load in the i-th construction stage 
(in fact, it includes four positions, which are briefly 
expressed here); ,

1 ,[ ]T B
iL RC is the normal stress 

influence matrix of the upper or lower edge and left 
or right side of the whole bridge in the i-th 
construction stage (each column in the matrix 
represents the normal stress influence value of 
tensioning various single steel tendon on the 
representative section in the i-th stage under the 
premise of considering the construction sequence); 

, ,
, 1 ,{ } ,[ ]T B T B

g iL R iL RCσ can be obtained with the help of 
existing structural analysis software. 

2.3.2 Constraints of normal stress in completed 
bridge state 

Two parts ought to be concerned in terms of the 
constraints of normal stress in the completed 
bridge state. The most unfavorable tensile stress 
for the frequent combination of actions, as well as 
the most unfavorable compressive stress for the 
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elastic combination of actions must not exceed the 
permissible value of the specification at the upper 
and lower edges in the representative sections. The 
solution method of the most unfavorable normal 
stress in the completed bridge state can also be 
decomposed into the most unfavorable normal 
stress in the completed bridge without steel 
tendons and the normal stress influence of the 
steel tendons, as shown in equations (11) - (12). 

σ σ γ= + ≥, , ,
, min 0 , min ,{ } { } [ ] { } { }T B T B T B

FL R F L R L R ptC X E   (11) 

, , ,
, min 0 , min ,{ } { } [ ] { } { }T B T B T B

EL R E L R L R pcC X Eσ σ= + ≤      (12) 

Where, ,
, min{ }T B

FL Rσ is the most unfavorable tensile 
stress vector at the upper or lower edges and left 
or right sides of each representative section of the 
completed bridge for the frequent combination of 
actions; ,

0 , min{ }T B
F L Rσ refers to the most unfavorable 

tensile stress vector at the upper or lower edge and 
left or right side of each representative section of 
the completed bridge without steel tendons for the 
frequent combination of actions; γ is the normal 
stress reduction coefficient of prestress effect 
(which can be found in the specification);
{E },{E }pt pc are the tensile stress and compressive 
stress vectors of representative sections allowed 
by the code; σ σ, ,

0 , min 0 , min{ } ,{ }T B T B
F L R E L R can be obtained 

with the help of existing structural analysis 
software. 

2.3.3 Constraints of principal stress in 
completed bridge state 

Two parts ought to be concerned in terms of the 
constraints of principal stress in the completed 
bridge state. The most unfavorable principal tensile 
stress for the frequent combination of actions, as 
well as the most unfavorable principal compressive 
stress for the elastic combination of actions must 
not exceed the permissible value of the 
specification at the principal stress calculation 
points in the representative sections. The principal 
stress is calculated by the normal and shear stress 
according to the formula in the specification while 
the normal and shear stress can be decomposed 
into two parts, one is the normal and shear stress 

of the bridge without steel tendons and the other 
is the influence value of the steel tendon on the 
normal and shear stress of the bridge, as shown in 
equations (13) - (16). 

{𝜎𝜎𝐹𝐹𝐸𝐸𝐸𝐸,𝐸𝐸
𝑘𝑘 }𝑗𝑗 = {𝜎𝜎𝐹𝐹𝐸𝐸0𝐸𝐸,𝐸𝐸

𝑘𝑘 }𝑗𝑗 + {𝑒𝑒𝐸𝐸}𝑇𝑇[𝐶𝐶2]𝐸𝐸,𝐸𝐸
𝑘𝑘 {𝑋𝑋} (13)

{𝜏𝜏𝐹𝐹𝐸𝐸𝐸𝐸,𝐸𝐸
𝑘𝑘 }𝑗𝑗 = {𝜏𝜏𝐹𝐹𝐸𝐸0𝐸𝐸,𝐸𝐸

𝑘𝑘 }𝑗𝑗 + {𝑒𝑒𝐸𝐸}𝑇𝑇[𝐷𝐷]𝐸𝐸,𝐸𝐸
𝑘𝑘 {𝑋𝑋}  (14) 

{𝜎𝜎𝐸𝐸𝐸𝐸𝐸𝐸,𝐸𝐸
𝑘𝑘 }𝑗𝑗 = {𝜎𝜎𝐸𝐸𝐸𝐸0𝐸𝐸,𝐸𝐸

𝑘𝑘 }𝑗𝑗 + {𝑒𝑒𝐸𝐸}𝑇𝑇[𝐶𝐶2]𝐸𝐸,𝐸𝐸
𝑘𝑘 {𝑋𝑋} (15)

{𝜏𝜏𝐸𝐸𝐸𝐸𝐸𝐸,𝐸𝐸
𝑘𝑘 }𝑗𝑗 = {𝜏𝜏𝐸𝐸𝐸𝐸0𝐸𝐸,𝐸𝐸

𝑘𝑘 }𝑗𝑗 + {𝑒𝑒𝐸𝐸}𝑇𝑇[𝐷𝐷]𝐸𝐸,𝐸𝐸
𝑘𝑘 {𝑋𝑋}  (16) 

Where, k refers to the position of the k-th principal 
stress calculation point; j refers to the j-th 
combination among various frequent 
combinations or elastic combinations of actions; i 
refers to the i-th representative section; 

, ,{ } ,{ }k k
FiL R j FiL R jσ τ refer to the normal and sheer 

stress of the bridge at the k-th principal stress 
calculation point on the left or right side of the i-th 
representative section for the j-th frequent 
combination of  actions; 0 , 0 ,{ } ,{ }k k

Fi L R j Fi L R jσ τ refer to 
the normal and sheer stress of the bridge without 
steel tendons at the k-th principal stress calculation 
point on the left or right side of the i-th 
representative section for the j-th frequent 
combination of  actions; 2 , ,[ ] ,[ ]k k

L R L RC D refer to the 
influence matrix of normal and shear stress at the 
k-th principal stress calculation point on the left or
right side of the i-th representative section of the
bridge; The same letter meaning is analogized to
equations (15), (16), but the stress corresponds to
the elastic combination. 0 , 0 ,{ } ,{ } ,k k

Fi L R j Fi L R jσ τ

σ τ0 , 0 , 2 , ,{ } ,{ } ,[ ] ,[ ]k k k k
Ei L R j Ei L R j L R L RC D can be obtained with 

the help of existing structural analysis software. 

After obtaining the normal and shear stress for 
each combination, in equations (13) -(16), calculate 
the principal tensile and compressive stress 
according to the specification and the allowable 
stress cannot be exceeded. The constraints are 
presented by equations (17), (18). 

, , 2 2
, .

{ } { }
{ } ( ) { } { }

2 2

k k
FiL R j FiL R jk j

tpiL R j FiL R j iptpE
σ σ

σ τ= − + ≥     (17) 

, , 2 2
, .

{ } { }
{ } ( ) { } { }

2 2

k k
EiL R j EiL R jk j

cpiL R j EiL R j ipcpE
σ σ

σ τ= + + ≤     (18) 
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Where, , ,{ } ,{ }k k
tpiL R j cpiL R jσ σ are the principal tensile 

and compressive stress at the k-th principal stress 
calculation point on the left or right side of the i-th 
representative section of the bridge for the j-th 

frequent and elastic combination; {E },{E }iptp ipcp are 
the allowable principal tensile and compressive 
stresses in the i-th section of the bridge.

Figure 1. The section division(unit:m) 

2.3.4 Compatibility constraints between the 
number of tendons and section size 

In the optimization of bridge and tendon 
distribution, it is necessary to consider whether the 
number of tendons in representative sections 
meets the size of the section and the relevant 
configuration requirements specified in the code. If 
not, the tendon distribution is not feasible and 
reasonable in reality even if it meets the above 
stress constraints. The compatibility constraint 
between the number of tendons and section size of 
the i-th section is as shown in equation (19), which 
is determined by the configuration and 
specifications. 

𝐶𝐶𝐸𝐸(𝑥𝑥1,𝑥𝑥2, … 𝑥𝑥𝑛𝑛) ≤ 0   (19) 

2.4 Solution method 

The solution of the optimization in this paper is 
based on genetic algorithm(GA). GA is a random 
and efficient global-search optimization method 
developed by imitating the biological evolution 
mechanism in nature, which draws lessons from 
Darwin's evolution theory and Mendel's genetic 
theory. The object structure is operated directly 
without the limitation of derivation and function 
continuity in this method, in which knowledge 
about the search space can be automatically 
obtained and accumulated in the search process 
which is adaptively controlled to obtain the best 
solution[14]. The main steps of the algorithm 
include individual coding, generating initial 
population, fitness calculation, selection, crossover 

and mutation. The realization of the algorithm is 
relatively mature and will not be described in detail. 

3 Application of the method 

3.1 Structure description 

Based on the optimization method in this paper, 
the tendon distribution of a three span continuous 
beam bridge with a span of 45+70+45m is 
optimized. The single cell box bridge is made of C50 
concrete, with a width of 13.5m, a middle beam 
height of 2.3m and a fulcrum beam height of 5m. 
The beam height changes in a parabola of 1.8 times. 
The construction method of cantilever pouring is 
adopted for the bridge. In the maximum cantilever 
state, there are nine construction sections of one-
sided cantilever. The closure sequence of the 
bridge is form side span to middle span. The section 
division and layout of the bridge is shown in Figure 
1, and the detailed dimensions of the mid-span 
section are shown in Figure 2. The dead load, 
vehicle load, shrinkage and creep, temperature 
action and uneven settlement of bearing are 
considered in this case. Some design parameters 
are shown in Table 1. 

Figure 2. Detailed size of mid-span section(unit:m) 

13.5

3.25 3.5 1×3 0.5 1 2.25

2.
3

0.
45

0.
4

1.
45

7

0.3×0.3

0.
28

0.
3

457



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Table 1. Design parameter 

Parameter type Design requirements / 
parameter values 

Design safety grade grade I 

Degree of Prestress Fully prestressed 

Unit weight of concrete 26kN/m3 

Density of steel 78.5kN/m3 

Unit weight of asphalt 
concrete 24kN/m3 

Crash barrier load 12kN/m 

Differential settlement 17.5mm 

Vehicle load grade Highway - grade I 

Design speed 50km/h 

Uniform temperature 
variation ±25℃ 

3.2 Optimization process 

According to the construction method of the bridge, 
combined with the common tendon configuration, 
the tendons are laid out in the top slab, bottom 
plate and web. In the maximum cantilever state, 
there are 2*10 kinds of tendons in the top slab, 2*9 
kinds of bent-down tendons in the web. The 
bending angle of bent-down tendons is about 20°, 
the bending radius is 12m. In the closure stage, 
there are 9 kinds of tendons in the top slab (2 * 4 
kinds in side span and 1 kind in middle span), 16 
kinds of tendons in the bottom plate (2 * 5 kinds in 
side span and 6 kinds in middle span). In total, 63 
kinds of tendons are arranged in the whole bridge. 
Special positions such as construction segment line 
and variable section are defined as representative 
sections, and a total of 50 representative sections 
are selected for the whole bridge. 

With the help of structural analysis software, each 
stress influence matrix is calculated. The number of 

each kind of steel tendons is defined as continuous 
variable, while the objective function and 
constraints are respectively sorted out according to 
equations (4) - (5) and equations (6) - (19). In 
addition, the constraint that the number of 
symmetrical steel tendons of the bridge is equal is 
supplemented. There are 4800 nonlinear inequality 
constraints, 9461 linear inequality constraints and 
28 linear equality constraints. Finally, the problem 
is solved by genetic algorithm, in which the 
population size is 200. 

3.3 Solution and verification 

Because the design variables are defined as 
continuous variables, the solutions obtained in this 
case are all non-integers. Substituting this group of 
solutions into the objective function is 6.86, 
indicating that the minimum objective function is 
6.86 under the existing conditions. However, this 
group of solutions which needs to be rounded to 
make it feasible cannot be used as the actual 
scheme. The adjusted solutions are used to check 
whether the constraints such as stress are met. As 
shown in Figure 3-7, the stress distributions 
corresponding to the solutions do not exceed the 
allowable value of the specification and meet the 
requirements of constraints. Figure 4 shows the 
stress distribution at the upper and lower edges 
when the objective function corresponding to the 
solutions is the smallest. The variance is consistent 
with the theoretical value and the stress 
distribution is relatively uniform, which verifies the 
rationality and feasibility of this optimization 
method. 
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Figure 3. Distribution of the most unfavorable 
compressive stress in the construction stage 

Figure 4. Distribution of the most unfavorable 
compressive stress for the elastic combination in 

the completed bridge 

Figure 5. Distribution of the most unfavorable 
tensile stress for the frequent combination in the 

completed bridge 

Figure 6. Distribution of the most unfavorable 
principle compressive stress for the elastic 

combination in the completed bridge 

Figure 7. Distribution of the most unfavorable 
principle tensile stress for the frequent 
combination in the completed bridge 

4 Conclusions 

The traditional trial process of the prestressed 
concrete bridges is complicated, meanwhile, the 
solutions obtained may not be satisfactory. Most of 
the existing optimization methods aim at economic 
indicators, so the mechanical rationality of the 
bridge may not be guaranteed. To solve this 
problem, this paper proposes an optimization 
method of prestressed concrete beam bridge 
based on stress index, and a three span continuous 
beam is optimized for verification. The conclusions 
are as follows: 
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1. The optimization method in this paper
transforms the engineering problem into a single
objective mathematical optimization problem. The
optimization model takes the number of steel
tendons as the design variable, meeting the stress
requirements in the specification and the
compatible relationship between the number of
steel tendons and the section size as the constraint
conditions, and the safety degree of the stress
index for the completed bridge as consistent as
possible as the objective function.

2. The optimization method is applicable to various
construction schemes and needs to be carried out
on the premise of given structural size. The
optimization steps include: firstly, select the steel
tendon configuration form and representative
sections corresponding to the construction method, 
then calculate the stress influence matrix with the
help of structural analysis software, sort out the
design variables, constraints and objective
functions, and finally solve it with the help of
genetic algorithm.

3. In this paper, a three span continuous beam
bridge with cantilever pouring construction
method is optimized. This example verifies the
rationality and feasibility of the optimization
method, which has a few reference value.
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Abstract 
Coarse aggregate activated powder concrete (CA-RPC) is a new modified material for the large-
scale application of existing ultra-high-performance concrete (UHPC), which can improve the 
technical difficulties of existing materials such as harsh materials selection, high construction 
viscosity, large self-shrinkage, etc., and has the characteristics of ultra-high strength, low viscosity, 
low shrinkage, high toughness and high elastic modulus. Nanjing Lvdu Road bridge over New 
QinHuai River innovatively introduced coarse aggregate activated powder concrete and formed a 
new composite continuous beam bridge system with steel box. Through comparative analysis with 
the steel box- conventional concrete composite continuous girder bridge, prestressed concrete 
continuous girder bridge and other structural systems, the advantages of the new structural 
system such as large span lightweight, prefabricated assembly, and ecological environmental 
protection are expounded. 

Keywords: coarse aggregate active powder concrete; Ultra-high-performance concrete; Steel box-
coarse aggregate active powder concrete composite continuous beam bridge. 

1 Introduction 
Ultra-high performance concrete has excellent 
properties such as ultra-high strength, high 
toughness and high durability, which can meet the 
requirements of lightweight, large-span and high 
durability of civil engineering structures, and is 
one of the important directions for the 
development of concrete science and technology. 

In order to achieve UHPC ultra-high performance, 
UHPC preparation techniques typically include 

rejecting coarse aggregates, optimizing fine 
aggregate gradation, adding ultra-fine active 
mineral blends, autoclaving curing, and 
incorporating steel fibers[1]. However, the high 
raw material cost and complex preparation 
process of PREPARING UHPC limit its large-scale 
promotion and application. Therefore, in order to 
reduce the production cost of UHPC, scholars have 
successfully prepared coarse aggregate active 
powder concrete (CA-RPC) by selecting gradation-
optimized ordinary river sand (tail sand) instead of 
ground fine quartz sand or using standard 
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maintenance (or hot curing) instead of autoclaving 
maintenance [2-5]. 

The introduction of coarse aggregate in UHPC 
system not only further reduces the production 
cost of UHPC, but also effectively reduces the 
shrinkage deformation and hydration temperature 
rise of UHPC, and improves its anti-cracking ability 
and volume stability [6-7]. Especially in large-span 
bridge projects, CA-RPC can also improve the 
overall structural stiffness of the bridge, greatly 
reduce the size and self-weight of the structure, 
reduce the risk of shrinkage and cracking, and 
extend the full-cycle service life. 

The fifth bridge of the Yangtze River in Nanjing, 
which was completed and opened to traffic in 
December 2020, is the first application of CA-RPC 
material in large-span cable-stayed bridges[8-9]. 
In view of the fact that steel-concrete composite 
girder bridge technology can be well matched 
with the industrialized and prefabricated process, 
in addition to the application of cable-stayed 
bridges, the technology should be promoted to 
the construction of beam bridges with large 
quantities and wide areas. The girder of the cable-
stayed bridge is mainly under pressure, and the 
girder of the beam bridge is mainly bent, and the 
requirements of different force transmission 
modes and the consideration of design details are 
obviously different. To analyze the above 
differences, Nanjing Lvdu Avenue across the 
Qinhuai New River Bridge adopts the main span of 
135m new type of steel box coarse aggregate 
reactive powder concrete(CA-RPC) composite 
continuous beam bridge. 

2 Project background 

2.1 First page 

The Bridge across the Qinhuai New River is a key 
node project of Nanjing Ludu Avenue, with a span 
of 83.5+135+98.5m, and a two-way six-lane and 
slow lane with a total width of 38m，as illustrated 
in Figure. 1 and Figure.2. 

Figure 1. Elevation layout of bridge 

Figure 2. Cross-sectional layout of bridge 

The project adopted a new type of steel box 
coarse aggregate reactive powder concrete 
composite continuous beam bridge, which 
provided superior mechanical properties of high 
compression, high elastic modulus and high 
tension whilst reducing the self-weight and the 
amounts of construction materials as well as 
providing flexibility during transportation and 
hoisting. Besides, prefabrication technology was 
adopted to effectively shorten the construction 
period and facilitate the control of the 
construction quality.  

The deck of the composite beam was made of a 
series of prefabricated CA-RPC slabs connected by 
cast-in-situ wet joints in the longitudinal and 
transverse direction, as illustrated in Figure. 1.  
The edges in the transverse direction had a 
smooth surface, while a staggered surface was 
used in the longitudinal direction for connection 
efficiency. The CA-RPC deck was 2.6 wide and 8.8 
m long and had a constant thickness of 170 mm 
over 6.3 m in the middle part of the slab and a 
variable thickness of 170~400mm over a length of 
1.25 m at the end portions, see Figure. 3. 

462



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Figure 3. Application of CA-RPC deck

The bridge adopts the bracket dragging method construction process, and the main construction steps are 
shown in Figure 4. 

Figure 4. The main construction steps 

2.2 Mixture 

The coarse aggregate reactive powder concrete 
(CA-RPC) was made of a commercial powder 
produced by SuBoTe CO., LTD consisting of 
cement admixture and other reactive components, 
fine aggregate (sand), coarse aggregate of 5~8mm 
diameter, superplasticizer, water, and high 
strength steel fibers. The constituents of the 
mixture are presented in Figure. 5. The steel fibers 

were straight with 0.2mm diameter, 13mm length, 
2600 MPa tensile strength, an elastic modulus of 
205GPa, and a density of 7840 kg/m3. The amount 
of the steel fibers adopted in the mixture was 2.5% 
by volume and was randomly distributed. The 
proportions of constituents of the mixture are 
detailed in Table 1. 
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a) Powder b) Sand c) Coarse aggregate d) Superplasticizer e) Steel fibers

Figure 5. Constituents of CA-RPC mixture 

Table 1. Mixture proportions 

Mixture component Powder Sand Coarse aggregate water Superplasticizer 

(kg)/m3 1317 460 480 135 16.5 

2.3 Fabrication 

A numerical-controlled mechanized and 
standardized production line was built by JiangSu 
XinGou Intelligent Manufacturing Technology CO., 
LTD, to achieve fast, uniform and stable quality of 
the mechanical properties of CA-RPC precast slabs. 
Such an industrialized and intelligent full-
automatic production line replaced the traditional 
manual operations with higher accuracy and 
quality. The production line incorporated 
standardized mixing, pouring, vibrating 
procedures, as well as curing systems. The 
production process is initiated by preparing the 
reinforcement and the mold, then the mold with 
the attached reinforcement is moved to the 
production line. Meanwhile, the mix proportions 
are selected and prepared to be filled into the 
mixer according to devised sequence and timing. 
First, the aggregate is added to the mixer, and the 
mixing process is triggered. Then, the dry powder 
is added, and dry mixing for 1min is implemented. 
Next, water and superplasticizer are added and 
mixed for 3 min, and finally, the steel fibers are 
poured and mixed for 2 min. The final state of the 
mixture is checked and adjusted until it satisfies 
the required workability standards.  

In the next stage, the pouring process is executed. 
The mixture is evenly discharged into the mold 
with pouring temperature controlled at 5 ~ 30 ℃. 
After completing the pouring of the mixture, the 
slab is subjected to vibration with an intelligent 
vibration exhauster. In the next stations, 
preliminary leveling, controlled ultrasonic 
humidification, 2 cm deep needling for releasing 
bubbles, and plastering procedures are carried out. 
After that, the slab enters the curing phase. 
Initially, the slab undergoes normal condition 
curing by wet blanket covering and watering for 
48 hours, after which it is demolded for damp-
heat curing in steam curing pools. Steam curing is 
performed at a heating rate of 10 ℃ / h until 
reaching 90 ℃, and then the temperature is 
preserved for 48h. The temperature is cooled 
down at a rate of 10 ℃ / h until reaching the 
ambient temperature of 25 ℃, and normal curing 
condition is maintained until the time of 
construction. During the curing period, the 
relative humidity of the environment shall be kept 
above 95%. A summary of the fabrication process 
is shown in Figure. 6 
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a) Reinforcement preparation b) Pouring of CA-RPC in the production 
line c) Levelling

d) Needling e) Demolding and curing by blanket
covering and watering f) Steam curing pools

Figure 6. Fabrication of CA-RPC slabs 

2.4 Materials properties 

The standard mechanical properties of the standardized prefabricated slabs are presented in Table 2. 

Table 2. Mechanical properties 

Item Value 

Compressive strength (MPa) 150 
Modulus of elasticity (GPa) 54 
Uniaxial cracking tensile strength (MPa) 9.03 
Uniaxial post-cracking tensile strength (MPa) 6.32 
Fracture toughness ( kJ/m2) 20 
Density (kg/m3) 2650 
Slump (mm) ≥ 170 
Slump flow (mm) ≥ 400 
90 days total shrinkage strain ≤ 300 × 10−6 
Chloride ion diffusion coefficient (m2/s) ≤ 0.03 × 1012 

3 Structural and economic analysis 
of the new steel box-coarse 
aggregate active powder concrete 
composite continuous beam bridge 

For the large-span beam bridges, we can usually 
choose the main girder forms such as prestressed 
concrete box beam, steel box-concrete composite 
beam, orthogonal heterosexual steel deck steel 
box beam. 

With the increase of the span, the prestressed 
concrete box girder has the problem of cracking 
and under disturbance; although the orthogonal 
heterosexual steel deck steel box girder can adapt 
to the demand for large spans, there is a problem 
of fatigue of the steel bridge deck;  

In order to improve the performance of the 
structure, the bridge engineers uses the concrete 
bridge deck to replace the orthogonal 
heterosexual steel bridge deck to form a steel box-
concrete composite beam bridge, and it is 
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expected that the structure can use the steel box 
to improve the spanning capacity and avoid the 
problem of fatigue of the steel bridge deck. 
However, due to the large difference between the 
properties of ordinary concrete materials and 
steel, and the mismatch between the long-term 

time-varying deformation of concrete and the 
deformation of steel structure, the concrete at the 
junction of the two often has cracking 
phenomenon, which affects the development of 
the bridge type. 

3.1 Calculate comparative analysis 

In order to improve the performance and 
durability of the steel box-concrete composite 
girder bridge deck, we replaced the traditional 
ordinary concrete bridge deck with a new type of 
coarse aggregate active powder concrete bridge 
deck in the Lvdu Avenue across the Qinhuai New 
River Bridge; 

The coarse aggregate active powder concrete has 
the characteristics of high strength, high elastic 
modulus and low shrinkage, which can reduce the 
structural weight, save the amount of material 
used, and improve the problem of concrete 
shrinkage and cracking. 

For the steel box-coarse aggregate active powder 
concrete composite beam bridge and the steel 
box-ordinary concrete(C50) composite beam 

bridge, the calculation and analysis of the load 
effect, live load effect, shrinkage creep effect and 
overall stiffness of the two structures were 
calculated and analyzed, and the analysis results 
were as follows: 

(1) The effect of dead load

As shown in Figure.7 and Figure.8, both the tensile 
stress and the compress stress of slab and bottom 
plate with CA-RPC slab are lower than that with 
C50 concrete slab. This is because CA-RPC has 
better Mechanical properties than C50, the 
thickness of CA-RPC slab is 170mm and that of C50 
concrete slab is 260mm, then the use of CA-RPC 
decreases the amount of concrete, thereby lessen 
the effect of deadload. 

Figure 7.  Stress of slab under dead load  Figure 8.  Stress of bottom flange under dead load 

(2) The effect of live load

As Figure.9 and Figure.10 show, under live load 
condition, the maximum tensile stress of CA-RPC 
slab is 4.87MPa, higher than that of the C50 
concrete slab, which is 3.79MPa, the maximum 
compress stress of CA-RPC slab is 5.67MPa, higher 
than that of the C50 concrete, which is 5.67MPa, 
this is because the CA-RPC slab is thinner than C50 

concrete slab. But the tensile stress and the 
compress stress of CA-RPC slab are only 77% and 4% 
of the allowable stress, the tensile stress and the 
compress stress of C50 concrete slab are 207% 
and 21% of the allowable stress, the stress reserve 
of CA-RPC slab is far more than that of the C50 
concrete slab. The stresses of bottom plate of the 
two model are almost the same. 
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Figure 9. Stress of slab under live load Figure 10. Stress of bottom flange under live load 

(3) The effect of shrinking and creep

As shown in Figure.11 and Figure.12, the 
maximum tensile stress of C50 concrete slab is 
1.63 MPa under the shrinkage condition, but the 
CA-RPC slab has almost none tensile stress as it’s 
shrinkage happened at an early stage. Under the 

creep condition, the maximum stress of C50 
concrete slab is 10.7MPa, and that of the CA-RPC 
slab is 2.5MPa. these indicate that CA-RPC has far 
better mechanical properties than C50 under 
shrinkage and creep conditions. 

Figure 11. Stress of slab under shrinkage Figure 12. Stress of CA-RPC slab under creep 

(4) The overall rigidity

As we can see from Figure.13, the deformation of 
composite bridge with CA-RPC slab under live load 
is slightly less than that with C50 concrete slab. 

This is mainly because the modulus of elasticity of 
CA-RPC is 54GPa, higher than that of C50 concrete, 
which is 34.5GPa, even though the CA-RPC slab is 
thinner than the C50 concrete slab.   

Figure 13. Deformation under live load 

3.2  Comparison of Investment Cost 

Table 3 shows the investment estimation of steel 
box-coarse aggregate reactive powder concrete 

composite continuous beam bridge, steel box-
conventional concrete composite continuous 
beam bridge, Concrete box Beam bridge and Steel 
Box Beam bridge at the same span arrangement. 

Table 3. Investment of 4 different types of bridge 
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Sub-structure 
（×103 Yuan） 

Super-Structure 
（×103 Yuan） 

Accessory 
Structures 

（×103 Yuan） 

Total 
（×103 Yuan） 

Investment/m2 
（×103 Yuan） 

CA-RPC Composite 
Beam Bridge 1066.5 15042.0 813.4 16921.9 1.48 

Conventional 
Concrete Composite 

Beam Bridge 
1226.5 15479.8 813.4 17519.7 1.54 

Concrete box 
Beam bridge 2280.6 11372.3 813.4 14466.2 1.27 

Steel Box 
Beam bridge 999.3 15178.0 1992.6 18169.9 1.59 

It can be noticed that the sub-structure cost of a 
regular Concrete box Beam bridge is the most 
expensive one compared with the other 3 bridges. 
The cost of accessory structures, however, has a 
significant increase in steel Box Girder bridge due 
to unit cost of steel deck pavement is nearly 5 

times than concrete deck pavement. At the same 
time, we can see that steel box-coarse aggregate 
reactive powder concrete composite continuous 
beam bridge is moderately economical and 
reasonable. 

3.3 Carbon Emission of Construction 
Material 

According to “Standard for Building Carbon 
Emission Calculation (GBT 51366-2019)”, We 
could get carbon emissions in different structural 

forms, as shown in Figure. 12, It can be seen that 
steel box-coarse aggregate reactive powder 
concrete composite continuous beam bridge has 
the lowest carbon emissions and is an important 
development direction for green ecological 
bridges. 

Figure 14. Carbon emissions in different structural forms 

4 Summary of the advantages of the 
new steel box-coarse aggregate 
active powder concrete composite 
continuous beam bridge 

Through the design practice summary of the new 
type of steel box coarse aggregate reactive 
powder concrete composite continuous beam 
bridge, with a main span of 135m in the project of 
crossing the Qinhuai New River Bridge, it can be 

summarized that the new bridge type has the 
following technical advantages: 

(1) Large span lightweight structure

The high-performance cementitious material 
"Coarse Aggregate Active Powder Concrete (CA-
RPC)" has the characteristics of ultra-high strength, 
low viscosity, low shrinkage, high toughness and 
high elastic mold, which can realize the large span 
and lightness of the bridge; it can greatly reduce 
the structural weight and reduce the amount of 
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materials; at the same time, the transportation, 
hoisting and erection of lightweight components 
are based on conventional equipment, which is 
more flexible and more widely used. 

(2) Industrial manufacturing

About 80% to 90% of the part above the 
foundation of the bridge can be manufactured in 
the factory, and it is a real industrial product. In 
order to achieve the unified and stable quality and 
mechanical properties of the Coarse aggregate 
active powder concrete prefabricated slabs, the 
project independently developed an industrialized 
and intelligent automatic bridge deck production 
line, and determined the standardized mixing and 
vibrating process, and the accuracy can reach the 
millimeter level. 

(3) Assembled bridge

The high-precision industrial products are 
assembled into a bridge structure like a patchwork 
Lego toy, and the on-site construction speed is 
greatly improved compared with the traditional 
bridge construction method, which has a minimal 
impact on traffic, which can greatly reduce the 
incidence of safety accidents in construction and 
minimize the use of labor. 

(4) Green bridge

Based on the above analysis, the new type steel 
box-coarse aggregate active powder concrete 
composite girder bridge has many advantages 
such as significantly reducing the amount of 
material, factory prefabricated construction, and 
rapid assembly on site, so the application of the 
material can make the bridge construction more 
green and environmentally friendly. 
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Abstract 
Conventional sacrificial shear keys in both bridge abutments and pier cap beams have been proved 
to be helpful to limit the over displacement of the superstructure under the designed earthquake 
event. However, the advantage of the sacrificial shear keys depends on the severe damage of the 
shear key itself or the stem wall, which would completely break off the mechanical connection 
between one concrete component and another. In addition, it is time-consuming and costly to repair 
and reinforce the conventional shear keys once it is severely damaged in huge earthquake event. 
Therefore, this paper proposed a novel post-tensioned prefabricated concrete retaining block with 
mortise-tenon joint. Four retaining block specimens were designed and tested to study its anti-
seismic effectiveness and basic mechanical properties. The influence of the structural material and 
forms on seismic damage mode of the proposed retaining blocks were investigated. 

Keywords: bridge; retaining block; post-tensioned; mortise-tenon joint; test; UHPC. 

1 Introduction 
Conventional sacrificial shear keys in both bridge 
abutments and pier cap beams have been proved 
to be helpful to limit the over displacements of the 
superstructure under the designed earthquake 
event. Meanwhile, they also can be used as a 
seismic fuse to protect the bridge abutments or 
piers from severe damage in potential huge 
earthquake event[1, 2]. Therefore, these sacrificial 
shear keys have been used widely around the 
world. In order to better understand and predict 
the seismic behavior of the sacrificial concrete 
shear keys in actual earthquake, lots of researchers 
have studied the seismic performance of this shear 

key. These researches have investigated the 
seismic failure modes and shear strength of 
different concrete shear keys by conducting a 
series of laboratory tests, which have enriched the 
knowledge of seismic behavior for the concrete 
shear keys and highlighted the significant of the 
rational design of concrete shear keys in bridge 
design. Especially, the isolated shear keys with a 
smooth construction joint is recommended by SDC 
[3]. However, the advantage of the sacrificial shear 
keys depended on the severe damage of the shear 
key itself or the corresponding cap beam. It is time-
consuming and costly to repair and retrofit the 
conventional shear keys once they are severely 
damaged in huge earthquake. Especially in China, 
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the laminated rubber bearings that have not been 
designed for seismic demand, were widely used in 
small-medium span bridges. Meanwhile, the failure 
of the shear keys also caused the damage at both 
of bridge abutment and pier cap beam, bringing 
huge resistance to the post-earthquake 
replacement or repair [4]. In other words, it means 
a big budget for repairing of conventional sacrificial 
shear keys after the earthquake. Therefore, in 
order to overcome the above mentioned problems, 
Kottari et al.[5] proposed a novel post-tensioned 
rocking shear key for the bridge abutment. The test 
results show that the new retaining block has good 
displacement and self-resetting ability. Recently, 
due to the super high toughness, shear strength, 
impact resistance the ultra-high-performance 
concrete (UHPC)[6], Wu et al [7] proposed a post-
tensioned prefabricated UHPC retaining block with 
mortise-tenon joint. Theoretically, the new 
retaining block not only can provide mostly the 
same functionality as the conventional sacrificial 
shear key, but also has much stronger bearing 
capacity and self-centering ability under the 
horizontal load, so as to reduce and eliminate the 
post-earthquake residual displacement of the main 
girder[7]. However, it is still need to carry out the 
laboratory experiment for verification.  

Therefore, in order to investigate the functional 
feasibility and seismic performance of the 
proposed prefabricated UHPC retaining block, this 
paper designed four retaining block specimens 
with identical size. These specimens were tested 
under the quasi-static horizontal monodirectional 
and cyclical loads until they were damaged. The 
damage process and phenomena of four 
specimens was monitored and compared. Finally, 
the influence of the structural materials and 
structural forms on seismic damage mode of these 
blocks were discussed.  

2 Experimental Program 

2.1 Specimens design 

Two monolithic blocks were cast together with the 
cap beam, whereas the other two prefabricated 
blocks were cast separately. These specimens 
represented 3/5-scale model of the prototype 
retaining blocks with a vertical contact face that 

were in accordance with the vertical webs of T-
section girders used widely in China  [2, 8] The four 
specimens are identified as specimens S1, S2, S3 
and S4, respectively. The normal concrete (NC) 
material and the ultra-high-performance-concrete 
(UHPC) material were applied to the two kinds of 
retaining blocks, of which the dimensional details 
are shown in Figure 1. Table 1 compares the main 
design parameters, including the dimensional size 
and reinforcement of four specimens.  

Figure  1. Dimensional details of test specimens 

Table 1 Design Parameters of four Specimens 

No. Comp. Mat. 𝐿𝐿 
(cm) 

𝐻𝐻 
(cm) 

𝐵𝐵 
(cm) 𝑆𝑆𝑆𝑆 𝑆𝑆𝐻𝐻 

S1 
RB NC 30 50 30 6Φ12 — 

Cap NC 126 80 30 — 6Φ12 

S2 
RB UHPC 30 50 30 6Φ12 — 

Cap NC 126 80 30 — 6Φ12 

S3 
RB NC 30 130 30 6Φ12 — 

Cap NC 220 80 30 — 6Φ12 

S4 
RB UHPC 30 130 30 6Φ12 — 

Cap NC 220 80 30 — 6Φ12 

NOTE: RB represents the retaining block, Cap represents the 
cap beam, 𝐿𝐿 represents the length or thickness, 𝐻𝐻 represents 
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the height, 𝐵𝐵  represents the wide, 𝑆𝑆𝑆𝑆  represents the shear 
steels, 𝑆𝑆𝐻𝐻 represents the horizontal steels. 

The specimens S1 and S2 have the same amount of 
dimension and reinforcement details but different 
material for the block components, one was cast by 
NC material and the other was cast by UHPC 
material. For two prefabricated specimens, S3 and 
S4 also have the same amount of dimension and 
reinforcement details. Otherwise, the tenon-
shaped precast block components and the mortise-
shaped precast cap beams were assembled by four 
post-tensioned unbonded prestressed tendons. 
The adopted high-strength prestressed tendons 
are the standard prestressed tendons whose 
tensile strength is 1860𝑀𝑀𝑀𝑀𝑎𝑎  with a diameter of 
15.2mm. Figure 2 shows the reinforcement details 
of different specimens. It can be observed that the 
reinforcements of monolithic block were 
assembled with the reinforcements of the cap 
beams, whereas the reinforcements of the 
prefabricated block were assembled into a 
separate reinforcement cage. 

Figure 2. Reinforcement of test specimens 

2.2 Material test 

The retaining blocks of the specimens S1 and S3, as 
well as all cap beams and bases were designed and 
cast with the normal concrete C30 according to 
Chinese Code for Design of Concrete Structures [9]. 
The retaining blocks of the specimens S2 and S4 
were designed and cast with the UHPC-150. During 
the pouring process of the test, three cubic blocks 
were cast and cured on site for every component 
list in Table 1. Table 2 presented the measured 
compressive strength of the different cubic blocks 
after 28 days, including the separated blocks and 
the average value of there blocks. It should be 
noted that, the compressive strength test of the 
normal concrete material and the ultra-high-

performance-concrete material were tested by 150 
× 150 × 150 mm concrete cubic block and 100 × 100 
× 100 mm concrete cubic block, respectively. 

Table 2 Test results of mechanical test for the NC 
and UHPC cubic blocks (Unit: MPa) 

Component Number of cubic blocks Average
1 2 3 

S1-Cap 28.6 30.3 31.5 30.1 
S1-RB 29.2 30.3 28.9 29.5 
S2-Cap 28.4 29.5 30.6 29.5 
S2-RB 142.2 141.1 141.6 141.6 
S3-Cap 31.2 29.5 31.6 30.7 
S3-RB 32.9 31.5 31.7 32 
S4-Cap 31.2 29.5 31.6 30.7 
S4-RB 145.1 140.3 139.1 141.5 

2.3 Test setups 

Test setup devices for the monolithic block test and 
prefabricated block test are shown in Figure 3(a) 
and Figure 3(b), separately. Specimens S1 and S2 
are monolithic blocks which were directly mounted 
vertically to a strong ground anchor beams by using 
the post-tensioned bolts with a diameter of 60 mm. 
Specimens S3 and S4 were assembled to the end of 
the cap beam by using the prestressing anchoring 
system consisted of four horizontal prestressed 
tendons. The lateral loading simulating the force 
from bridge superstructure was applied to the 
retaining blocks by a 100-ton servo-controlled 
hydraulic loading system, consisted of the 
hydraulic actuator mounted on the reaction wall 
and an actuator balancing device. 

Figure 3. Test setups devices 

3 Test observation 

3.1 Failure process description 

Figure 4 shows the damage process of the two 
monolithic blocks. Figure 4(a) and (b) represent the 
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two key damage states of specimens S1. Figure 4(c) 
and (d) represent the key damage states of 
specimens S2. For the S1 model, the first visible 
oblique crack appeared when the horizontal load 
𝐹𝐹 = 50𝑘𝑘𝑘𝑘. Then, the initial crack further expanded 
until the horizontal load 𝐹𝐹 = 100𝑘𝑘𝑘𝑘, as shown in 
Figure 4(a), the corresponding horizontal 
displacement was 𝛥𝛥𝛥𝛥 = 3.57mm . Then, the 
displacement loading was started and the 
increment is 5𝑚𝑚𝑚𝑚  for each stage. Subsequently, 
the main oblique crack formed after the micro 
cracks were connected each other, and the oblique 
crack expanded to the outside face of the retaining 
block as it became widen enough. After that, the 
main oblique crack was becoming wider and wider 
and the concrete around the crack began to peel 
off. When the displacement loading was 
 𝛥𝛥=48.57mm , the main oblique crack was 
diagonally connected with the crushing crack of the 
compression zone, as shown in Figure 4(b). The 
main cracks on were completely connected each 
other finally. The failure mode of the specimens S1 
is the diagonal shear failure that consistent with 
the previous test results [1, 2, 10] and the 
observed damages in historic earthquake[11].  

For the S2 model, the initial crack appeared at the 
vertical junction between the UHPC block and NC 
cap beam when the horizontal load 𝐹𝐹 = 75𝑘𝑘𝑘𝑘. As 
shown in Figure 4(c), when the horizontal load 
reached 𝐹𝐹 = 100𝑘𝑘𝑘𝑘 , more vertical cracks were 
connected and formed into a main crack, which 
rapidly extended downward along the vertical 
direction. Then, the main crack was no longer close 
after unloading. The horizontal displacement of the 
loading point was 𝛥𝛥𝛥𝛥 = 2.82mm . Similarly, the 
displacement loading was started and the 
increment is 5𝑚𝑚𝑚𝑚 for each stage. In the early stage 
of displacement loading process, the main crack 
developed continuously along the vertical 
downward direction but no other new crack 
generated until the displacement loading was up to 
𝛥𝛥 = 27.82mm . Although some new oblique crack 
generated around the main vertical crack, the 
length of the vertical crack continued to increase 
downward until it completely through the vertical 
juncture when the displacement loading was 𝛥𝛥 =
32.82mm . Subsequently, with each increase of 
displacement loading, similar squeak sound of steel 
yield fracture could be heard at the crack gap 

between the retaining block and cap beam. With 
the yield fracture of the horizontal steel bars layer 
by layer, the corresponding carrying capacity 
decreased significantly. Therefore, the test of the 
Specimens S2 stopped when the displacement 
loading was up to 𝛥𝛥 = 65.82mm. After the loading 
experiment, it can be observed that the horizontal 
steel bars snapped layer by layer along the vertical 
crack gap. However, the precast UHPC block itself 
only appeared only a few local micro cracks, as 
shown in Figure 4(d). 

Figure 4. Damage process of monolithic blocks 

Figure 5 shows the main damage process of the 
two prefabricated blocks. Figure 5(a) and (b) 
represent the two key damage states of Specimens 
S3. Figure 5(c) and (d) represent the key damage 
states of Specimens S4. For the S3 model, the first 
long horizontal crack appeared on the tenon-shape 
retaining block when the displacement loading was 
𝛥𝛥 = 10mm .and the first oblique crack appeared 
when the displacement loading was 𝛥𝛥 = 20mm . 
Then, the self-resetting capacity of the retaining 
block was still very strong. However, since the NC 
retaining block gradually became weak and the 
residual deformation accumulated. When the 
displacement loading was 𝛥𝛥 = 30mm, the oblique 
crack extension to extend further, the level of crack 
end also produced a new crack, as shown in figure 
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5(a). With more and more micro cracks appeared 
and connected each other, the initial horizontal 
crack and oblique crack became the main crack. 
Meanwhile, the bearing capacity of the retaining 
block began to decline. As shown in Figure 5(b), the 
concrete protective layer on the compression side 
of the retaining block was peeled off from the 
retaining block to a certain extent when the 
displacement loading was 𝛥𝛥 = 85mm. It should be 
noted that although the prefabricated NC retaining 
block has expected rotation mechanism and the 
end surface of the cap beam can be protected well, 
the final failure mode still belongs to the bending-
shear failure mode. 

Figure 5. Damage process of prefabricated blocks 

For the S4 model, no damage crack could be found 
to the retaining block for such a big displacement 
loading value due to the super mechanical 
characteristics of the UHPC material. The retaining 
block can return to the initial position since the 
strong self-resetting capacity. The displacement 
loading increased from 30 mm to 80 mm, there was 
still no damage happens to the retaining block, 
even though the self-resetting capacity reduced 
slowly. In fact, the mortise shape internal contact 
surface of the cap beam began to damage 
gradually. When the displacement loading was 𝛥𝛥 =
85mm, the retaining block still had no visible cracks 
on the surface. However, the mortise shape 
internal contact surface of the cap beam appeared 
initial concrete crack, as shown in Figure 5(c). After 

that, the visible micro cracks became more and 
more, although they can close after the unloading 
of each loading step. The loading test stopped 
when the displacement loading was 𝛥𝛥 = 120mm 
due to the tensile stress of the upper prestressed 
tendons was approaching to the yield strength. The 
final damage state is the concrete crushing on the 
mortise shape internal contact surface of the cap 
beam, as shown in Figure 5(d). 

3.2 Comparison of Test Results 

Figure 6 shows the comparison of the force-
displacement hysteretic curves for different types 
of retaining blocks. It can be seen the horizontal 
load capacity of the specimens S1 reached its peak 
value 181𝑘𝑘𝑘𝑘 when the displacement was 16.8𝑚𝑚𝑚𝑚. 
Subsequently, the horizontal load capacity was 
mainly determined by the vertical steel bars of the 
retaining block itself and the horizontal tension 
steel bars of the cap beam due to the severely 
cracking or damage of normal concrete material for 
Specimens S1. As the Specimens S1 performed 
obvious diagonal shear failure mode that is 
consistent with the typical damage mode of the 
monolithic shear keys in actual earthquake event. It 
can be used as the control group. Figure 6 (b) shows 
the horizontal load capacity of the Specimens S2 
reached the peak value of 257𝑘𝑘𝑘𝑘  until the 
displacement was up to 32.8 mm. Compared with 
Specimens S1, the peak load capacity increased by 
42% and the corresponding peak displacement 
increased by 100%. Obviously, not only the 
ultimate load capacity but also the corresponding 
peak displacement is much bigger than that of the 
Specimens S1. Due to the ultra-high strength and 
toughness of the UHPC material, the damage of 
UHPC retaining block itself is very limit after the 
concrete between the bonding part of retaining 
block and cap beam is out of work in the test. 
Therefore, the mechanical properties of the 
Specimens S2 is supposed to behavior like a rigid 
body rotation. Then, during the further loading 
process, with the tension failure of horizontal steel 
bars layer by layer from top to bottom between the 
retaining block and cap beam, the hysteretic curve 
shows a zigzag step descending.  

Figure 6 (c) shows that the ultimate horizontal load 
capacity of the Specimens S3 is only 163𝑘𝑘𝑘𝑘 which 
decreased by 10% compared with the Specimens 
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S1. However, the corresponding peak displacement 
of the Specimens S3 is 64.6𝑚𝑚𝑚𝑚 which increased by 
about 300% on the contrary. Moreover, Specimens 
S3 performed good self-resetting capability, 
compared with previous two monolithic retaining 
blocks. Even the lateral displacement increased to 
a big value, it also can keep a suitable resetting 
value 45𝑚𝑚𝑚𝑚 because of excellent elastic retraction 
for the prestressed tendons. In addition to the rigid 
rotational displacement of the retaining block 
itself, it also produced a certain shear deformation 
near the upper prestressed tendons. Finally, the 
Specimens S3 performed shear damage mode due 
to the serve damage of normal concrete and 
ordinary steels. Then, the force transmission path 
changed and the skeleton curve of force-
displacement showed a downward trend.  

Figure 6. Comparison of hysteretic curves 

Figure 6 (d) shows that the horizontal load capacity 
of the Specimens S4 always presents an increasing 
trend during the test. The horizontal load capacity 
is 285𝑘𝑘𝑘𝑘  when the final displacement loading is 
120𝑚𝑚𝑚𝑚 . Compared with Specimens S1, the load 
capacity and the corresponding displacement 
increased by about 58% and 650%, respectively. 
Obviously, both of load bearing capacity and 
displacement capacity for the Specimens S4 are 
much higher than other three specimens. In 
addition, the final failure mode of the Specimens S4 
is the local concrete crushing of contact surface for 
cap beam composed of normal concrete. However, 
the damage degree of the UHPC retaining block 

itself is very limit even though the horizontal 
displacement loading is very big already.  

The comparison of the experimental results shows 
that the horizontal bearing capacity of the retaining 
block would increase significantly if only enhancing 
the material behavior of the traditional monolithic 
retaining block with help of UHPC, but the integral 
vertical cracking failure mode between the block 
and the cap beam is still not conducive to the 
structural repairing and retrofitting after the huge 
earthquake. Therefore, the post-tensioned 
prefabricated UHPC retaining block proposed in 
this study can satisfy the requirement form the 
lateral load capacity and displacement. The new 
retaining block can not only transfer the damage 
control factor from concrete retaining block itself 
to elastic prestressed tendons, but also can provide 
more beneficial to post-earthquake replacement or 
rehabilitation. In general, the superiority of the 
novel anti-seismic retaining block with post-
tensioned prestressed tendons be better reflected, 
if only changing the structural form and improving 
the key material mechanical properties of the block 
at the same time. 

4 Conclusions 
The study concluded that the failure mode of the 
monolithic NC retaining block (S1) is the typical 
diagonal shear failure, which is consistent with the 
actual seismic damage of traditional shear key in 
existing bridges. The failure mode of the monolithic 
UHPC retaining block (S2) is the vertical interface 
damage due to the yield and broken of the 
horizontal steel bars layer-by-layer. Although the 
damage of the monolithic UHPC block itself is 
limited, its bearing capacity is much higher than 
that of the monolithic NC block. In other words, the 
application of UHPC material is proved to be 
helpful for increase of the bearing capacity of the 
retaining block. Moreover, the displacement and 
self-resetting ability of the replaceable NC retaining 
block (S3) performs well. But the final damage 
mode of the Specimens S3 is still the unpredictable 
bending-shear failure mode and the corresponding 
bearing capacity is less than that of the Specimens 
S1. However, the replaceable UHPC retaining block 
(S4) can simultaneously satisfy the requirements of 
higher lateral bearing capacity and displacement 
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capacity. 
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Abstract: 
The joints between segments represent weak points and introduce discontinuity into structures, 
therefore they are particularly significant in precast concrete segmental bridges (PCSBs). In this study, 
a new steel shear key was designed, and 3 full-scale tests were conducted. Various shear keys were 
taken as experimental parameters to study crack development, failure mode, shear slip, ultimate 
bearing capacity, and the residual bearing capacity of various joints under direct shear force. The 
results show that the stiffness and bearing capacity of steel shear keyed joints is higher than concrete 
key joints, and the structural system is more stable than concrete key joints at the moment of 
cracking. 

Key words: bridge engineering; steel shear keys; direct shear experiments; shear keys; construction 
methods. 

1 Introduction 

A large number of post-tensioned precast concrete 
segmental bridges (PCSB) have been constructed, as a 
result of the demand for practical construction designs 
which are economical, safe, fast, versatile, 
aesthetically pleasing, and possess excellent 
serviceability[1-3]. The joints that characterize 
discontinuity sites are the prominent factors affecting 

overall PCSB behavior [2-4]. Under direct shear loading, 
shear failure will occur parallel to jointed surfaces [4, 5]. 
It is therefore necessary to understand the shear 
behavior and shear capacity of the joints. 

To simplify joint type, improve joint shear force 
transmission, and enhance joint bearing capacity and 
ductility, a steel shear key was designed for precast 
segmental bridges. To study the mechanical properties 
of the steel shear key, three samples were designed, 
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and the shear key types were used as experimental 
parameters. Taking crack propagation, failure mode, 
ultimate bearing capacity, residual bearing capacity, 
and shear slip as research focuses, the mechanical 
properties of steel keys and normal concrete keys were 
compared.  

2 Steel shear key 

A steel shear key is composed of a convex key and a 
concave key. The convex key includes an anchor head 
and tenon, and the concave key includes an anchor 
head and mortise, as shown in Figure1a. The convex 
and concave keys are embedded in precast segmental 
girders A and B, respectively. Segmental construction 
involves multiple segments jointed together by post-
tensioning, as shown in Figure1b. 

(a) 

(b) 

Figure1. Steel shear key schematic diagram (a) 
component (b)steel shear key joint 

3 Experimental program 

3.1 Shear key design 

The concrete key (CK) was designed according to 
AASHTO[6], using C50 normal concrete[7]. The Steel 
shear key (SSK) was made of Q235 steel[7], with a 
manufacturing error 0.001mm, and an active gap 
between tenon and mortise of 0.2mm. In order to 
facilitate the concave and convex keys’ smooth 
matching butts, the tenon end had a 45° slope foot. 
The geometric dimensions of CK and SSK are shown in 
Figure2a and Figure2b. 

(a) 

(b) 

Figure2. Design of shear key (a)CK (b)SSK（unit：
mm） 

3.2 Test specimens design 

The specimen's design referred to the experimental 
model of Buyukozturk[4], Rombach [8], and Yuan[9]. 
Figure3 lists the detailed size of each specimen, and 
Table1 lists the parameters of each specimen. 
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(a)    (b) 

(c) 

Figure3. Geometric dimensions of specimens (a)flat 
joint (b)concrete key joint (c)steel key joint 
1.embedded steel plates 2.constructional 
reinforcement 3.flat surface 4.CK 5.SSK（unit: mm） 

Table1. Identification of the specimens and 
parameters 

Specimen 
ID 

Concrete 
strength 

Joint 
type 

Joint 
area/mm2 

Confining 
stress/MPa 

Key 
type 

Key's 
number 

DS1 C50 dry 200×450 1 - 0

DS2 C50 dry 200×450 1 CK 1 

DS3 C50 dry 200×450 1 SSK 1 

All specimens consisted of C50[7] commercial normal 
concrete. The representative strength value of the test 
cube was 64.8Mpa. The specimens used matching 
pouring. 

3.3 Experiment setup 

The test machine was consisting of a steel frame. 
Displacement-control tests for all specimens were 
conducted at a constant stroke rate of 0.1mm/min[10]. 
The typical joint test setup is shown in Figure4. The 
confining stress, simulating the effect of prestressing in 
segmental bridges, on all specimens was 1 MPa.  

Figure4. Test setup 

4 Experimental results and analysis 

4.1 Concrete joints 

The experimental data is summarized in Table2. The 
maximum bearing capacity of the flat joint was 
𝐹𝐹𝑚𝑚𝑚𝑚𝑚𝑚 = 56.7kN.The cracking load of the concrete key 
joint was 174.8kN, the ultimate load was 181.6kN, the 
ratio of cracking load to ultimate load was 96.3%, and 
the confining stress increased by 33.3% at the moment 
of cracking. The crack propagation and failure mode of 
the concrete key are shown in Figure5. The initial crack, 
which appeared at the lower edge of the convex key, 
was around 70° horizontally. Subsequently, cracks at 
the root of the convex key developed rapidly, and 
several small parallel cracks appeared, merging and 
forming a shear main crack with the initial crack. 

From the experimental data and observable 
phenomena, it can be seen that the process from 
cracking to shear failure of the concrete key joints was 
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rapid and brittle. The experimental results were consistent with those of Zhou[11] and Yuan[9] et al. 

Table2. Mechanical properties of dry joints 

Specimens 
ID 

Cracking 
load 

𝑽𝑽𝒄𝒄𝒄𝒄/𝒌𝒌𝒌𝒌 

Ultimate 
load 
𝑽𝑽𝒖𝒖/𝒌𝒌𝒌𝒌 

𝑽𝑽𝒄𝒄𝒄𝒄
𝑽𝑽𝒖𝒖

/% 
Confining stress 

in initial state 
𝐏𝐏𝒊𝒊𝒊𝒊/𝒌𝒌𝒌𝒌 

Confining stress 
in cracking state 

𝐏𝐏𝒄𝒄𝒄𝒄/𝒌𝒌𝒌𝒌 

𝐏𝐏𝒊𝒊𝒊𝒊 − 𝐏𝐏𝒄𝒄𝒄𝒄
𝐏𝐏𝒄𝒄𝒄𝒄

/% 

DS1 - 56.7 - 90 - - 

DS2 174.8 181.6 96.3 90 120.0 33.3 

DS3 271.2 314.1 86.3 90 97.6 8.4 

(a) 

(b) 

(c) 

Figure5. Crack formation and failure mode of DS2. 
(a)initial crack (b)crack propagation (c)failure mode

4.2 Steel shear keyed joint 

The cracking load of the steel keyed joint was 271.2kN, 
the ultimate load was 314.1kN, the ratio of cracking 
load to ultimate load was 86.3%, and the confining 
stress increased by 8.4% at the moment of cracking. 
The crack propagation and failure mode of the steel 
key joint are shown in Figure6. Two initial cracks 
simultaneously appeared near the convex keys, one of 
which was close to the horizontal and the other was 
close to 45°, penetrating in the specimen thickness 
direction. When the cracks appeared, the stiffness of 
the specimens decreased suddenly and the loading 
force instantaneously decreased. As loading continued, 
no new cracks appeared, but the width and length of 
the existing cracks developed significantly. The 
horizontal and oblique cracks gradually formed a main 
crack near 45°, and gradually developed towards the 
loading point, without crossing the joint surface. Upon 
the specimen being damaged, the convex key concrete 
formed two completely separate bodies along the 
main crack, while the concave key concrete did not 
crack and break, and the steel key was not damaged. 
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(a) 

(b) 

(c) 

Figure6. Crack formation and failure mode of DS3. 
(a)initial crack (b)crack propagation (c)failure mode

4.3 Influence of shear key types 

The load-displacement curves of dry joints are shown 
in Figure7. The ultimate bearing capacity of the 
concrete key dry joint and steel key dry joint was 
181.6kN and 272.8kN respectively, which was 2.20 and 

3.81 times higher than that of the flat dry joint. The 
ultimate bearing capacity of the steel key dry joint was 
72.96% higher than that of the concrete key dry joint. 
Direct shear failure occurred in the concrete key dry 
joints, and the specimens showed sudden shear slip. 
However, the concave and convex keys still maintained 
interlocking under confining stress, after the ultimate 
bearing capacity of the steel key dry joint was reached. 
The specimen could still bear the load and the load-
displacement curve featured a long horizontal stage. 
The ratio of residual bearing capacity to ultimate 
bearing capacity was large. 

As shown in Table3, the concrete joints had a large 
shear slip after direct shear failure. However, the shear 
slip of the steel key joints was obviously smaller than 
that of the concrete key joint, as the shear stiffness of 
the steel key joint was sufficient.  

Figure7. Effect of shear key types on mechanical 
properties of joints  

Table3. Shear slip at cracking  
Joint types 

Shear slip/mm 

Dry joints 

Concrete key Steel key 

Before cracking 1.63 1.35 

After cracking 3.73 1.38 

∆ 2.10 0.03 

5 Conclusions 

1. Steel shear keyed joints have a high bearing capacity. 
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Compared with concrete key joints, the bearing 
capacity of steel shear key dry joints is increased by 
72.96% . 

2. Steel shear keyed joints have good ductility. The
bearing capacity of the concrete key joint drops
suddenly following direct shear cracking. Unlike
concrete key joints, the steel shear keyed joints can
quickly achieve internal force redistribution to reach a
new mechanical equilibrium after cracking, the joint
can continue to carry the load, and the load-
displacement curve exhibits a horizontal stage.

3. The structural system of steel shear keyed joints is
stable after cracking. Compared with the concrete key,
at the moment of cracking, the confining stress
amplitude is significantly smaller, and the prestressing
system is relatively more stable. After the specimen
cracked, the concave and convex keys were still
interlocking under the action of confining stress, and
the shear resistance of the joint was still provided by
the steel key. The shear slip of the steel shear key joint
was significantly smaller than that of the concrete key
joint, at the moment of cracking.
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Abstract 
Benefitting from the development of computing power, box girders can be analysed in a more 
refined way by discretizing cross-sections into shell elements. However, how to take full advantage 
of the analysis results in the reinforcement design process remains a problem. To solve this 
problem, the concept of “corresponding force matrix” is proposed in this paper. The matrix has 6 
columns corresponding to the key unit force resultants of a specified location, and 12 rows 
corresponding to all the possible unfavourable cases. For each row, only one force resultant 
reaches its maximum (or minimum) under loads while the others take the corresponding values. 
Then the construction method of the proposed matrix under live loads and load combinations is 
described, respectively. After that, two reinforcement design methods with the use of the matrix 
were introduced and compared. Finally, discussions and preliminary conclusions are made. 

Keywords: concrete bridges; box-section; shells; reinforcement design; sandwich model; 
corresponding force matrix. 

1 Introduction 
The behaviour of box-section bridges is more 
complicated since the plane section assumption 
does not strictly apply. To simplify the design 
process and make it consistent with the current 
guidelines, several amplification factors are 
employed to envelop the “spatial effects”, such as 
effective net area of flanges, partial loading 
amplification factor, etc [1,2]. However, this 

simplified design method neglects the real 
structural response of box sections and will 
potentially result in two extremes, i.e., a 
significant waste of steel or safety problems [3,4]. 

Benefitting from the development of finite 
element theory and computing power, elaborate 
finite element models such as shell element 
models can be established for box-section 
concrete bridges. By performing a linear elastic 

483

mailto:yu_zhang@


IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

structural analysis, the structural responses such 
as internal forces, stresses, and deformations 
anywhere in the structure can be easily obtained 
under all loads. After that, the required steel 
reinforcement can be calculated finely by going 
through all the shell elements of the cross-section. 
It should be noted that this process is usually 
based on an overall linear elastic method, because 
structural nonlinearities, e.g., geometric, material 
and interface nonlinearity, cannot be enabled with 
reinforcement information unknown at the design 
stage. This principle has also been accepted to 
some extent by strut-and-tie models (STM) that 
are usually constructed following the trajectory of 
elastic principal stress [5]. 

Up to now, research on structural analysis and 
reinforcement design is relatively extensive, but 
the relation between them is weak, which limits 
the practical application [6]. For example, under 
live load, the stress state of a specified location 
varies with the movement of live load, usually 
vehicles. As a result, how to identify the most 
unfavourable case of live load and then deliver it 
to the reinforcement design model turns into the 
key problem. For load combinations including live 
load, dead load, thermal effect, foundation 
settlement, etc, the problem also exists. 

This paper first proposed the concept of 
“corresponding force matrix” for approximating 
the most unfavourable state of a given location 
under all loads, especially under live loads and 
load combinations. After that, the method of 
influence surface loading was described to 
illustrate how to obtain the values of the 
“corresponding force matrix”. Furthermore, two 
reinforcement design methods for shells named 
“Wood and Armer” equations and “sandwich 
model” were introduced and compared with the 
use of the proposed matrix. In the end, the whole 
design process was discussed, and preliminary 
conclusions were drawn. 

2 Corresponding force matrix under 
loads 

Through a fine finite element analysis with shell 
elements, the structural responses of a box girder 
can be easily calculated under any specified load, 
as shown in Figure 1. 

Figure 1. Box girder under loads and response of a 
concerned location  

For a given location, there are generally 8 internal 
force resultants acting on it, as illustrated in Figure 
2. Where nx and ny represent the axial forces along
x, y-direction respectively; nxy and nyx represent
the in-plane shear forces; mx and my represent the
moments about x, y face respectively; mxy and myx

represent the twisting moment; vx and vy

represent the out-of-plane shear forces about x, y
face respectively. The forces are all calculated per
unit length in the element coordinate system.
Given the thickness of box sections is usually thin,
the out-of-plane shear forces vx, vy can be
neglected reasonably. As a result, the rest of the 6
forces are essential for subsequent reinforcement
design.

Figure 2. Unit force resultants of a given location 

For dead load, the loading effects are certain and 
thus the 6 internal force resultants can be written 
as a 1 × 6 row matrix, see below. For variable 
loads like uniform temperature effects, 
differential temperature effects, and differential 
settlement effects, their loading effects are not 
certain. However, for each single load condition 
such as uniform temperature up, differential 
temperature down, or one specific differential 
settlement pattern, the loading effect is fixed and 
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can also be represented by the 1 × 6 row matrix. 
As a result, these kinds of loads can be defined as 
certain or quasi-certain loads. 

[ ]1 2 3 4 5 6

x y xy x y xyn

a a

n n m m

a a

m

a a

(1 × 6 row matrix) 

For live loads such as vehicles, the 6 internal force 
resultants are not fixed with each other. Each 
force resultant has its own maximum and 
minimum values according to the movement of 
vehicles and they do not occur simultaneously in 
general. Obviously, it will be too conservative to 
design the reinforcement with all force resultants 
taking the extreme values. In this situation, the 
most unfavourable case under live load conditions 
can be approximated by a matrix with 12 rows. 
Each row represents an unfavourable condition 
where only one force index reached its extremum 
(maximum or minimum) while the others took the 
corresponding values according to the same live 
load distribution. The 12 × 6 matrix is defined as 
the “corresponding force matrix”, as shown below. 

1,1 1,2 1,3 1,4 1,5 1,6

6,1 6,2 6,3 6,4 6,5 6,6

12,1 12,2 12,3 12,4 12,5 12,6

x y xy x y xyn

a a a a a a

a a a a a a

a

mn

a

n

a a

m

a

m

a

 
 
 
 
 
 
  

 

 

(12 × 6 matrix) 
The physical meaning of ai,j in the matrix above is: 
(a) For the first 6 rows of the matrix, ai,j

represents the corresponding value of jth internal
force item when the value of ith internal force item
is maximized.
(b) For the latter 6 rows of the matrix, ai,j

represents the corresponding value of jth internal 
force item when the value of ith internal force item 
is minimized. 
To obtain the total factored load matrix of loads 
combination, each load matrix shall be multiplied 
by a specified load factor according to design 
codes first and then added together. More 
specifically, for certain loads, the fixed row matrix 
shall be added into each row of the 

“corresponding force matrix” of the live load 
directly. For quasi-certain loads, the 
corresponding most unfavourable load condition 
should be identified first before being added. For 
the first 6 rows with the row number of i, the 
corresponding most unfavourable quasi-certain 
load condition should take the one leading to the 
maximal value of ai. In contrast, for the latter 6 
rows, the corresponding most unfavourable quasi-
certain load condition should take the one leading 
to the minimal value of a(i-6). 

3 Spatial influence surface loading 
with shell element model 

The extremum values of each row of the 
“corresponding force matrix” under live load can 
be obtained by spatial influence surface loading. 
Here takes a 40 m simply supported box girder for 
example, as shown in Figure 3. By applying a unit 
force on each node of the deck and recording the 
response of element 900, the spatial influence 
surfaces of nx, ny, nxy, mx, my, and mxy of element 
900 can be plotted, as shown in Figure 4.  

Figure 3. Shell element model of a 40 m simply 
supported box girder 
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(c) nxy

(d) mx

(e) my

(e) mxy

Figure 4. Spatial influence surfaces of internal 
forces of element 900 

With all spatial influence surfaces above, the 
extremum (maximum or minimum) of each 
internal force index can be calculated by the most 
unfavourable arrangement of vehicles. At the 
same time, the other corresponding internal 
forces can also be calculated according to the 
same live load distribution. As a result, the 
“corresponding force matrix” of the live load will 
be obtained. 

4 Reinforcement design methods 
The 6 internal forces of a shell can be classified 
into two categories: membrane forces and out-of-
plane forces, as shown in Figure 5. Membrane 
forces include nx, ny, nxy=nyx, while out-of-plane 
forces include mx, my, mxy=myx. To resist both the 
membrane forces and out-of-plane forces, two 
layers of steel mesh placed at the top and bottom 
side respectively are most usually employed in 
practical engineering, as illustrated in Figure 6. For 
each layer, reinforcement is generally provided in 
two orthogonal directions, i.e., longitudinal and 
transverse directions. 

(a) (b) 

Figure 5. Two categories of force patterns: (a) 
membrane forces and (b) out-of-plane forces 

Figure 6. Reinforcement arrangements of shells 

Depending on whether the interaction of the two 
force categories is considered or not, there are 
two ways for reinforcement design. The first way 
is to calculate the corresponding reinforcement 
ratios from membrane forces and out-of-plane 
forces separately, see 4.1, while the second way is 
to calculate the final reinforcement ratios on a 
unified basis taking into account the interaction of 
the two force categories, see 4.2. 

4.1 Wood and Amber equations 

The so-called “Wood and Armer” equations are 
credited to Wood and Armer [7]. The equations 
are derived for the capacity or reinforcement 
design of slabs subjected to out-of-plane forces mx, 
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my and mxy. The derivation of the “Wood and 
Armer” equations follows from the fact that, as 
the bending moments, mx, my and mxy, are all 
vectors, they are combinable using vector addition 
in a manner similar to the concept of Mohr’s circle 
of stresses. Resultant moments can be calculated 
at any angle of orientation and can, if excessive, 
result in the yield of the slab at any such angle. 
With the goal of minimizing the overall amount of 
reinforcement, the required reinforcement can be 
determined as below: 

𝐴𝐴𝑥𝑥,𝑤𝑤𝑓𝑓𝑦𝑦𝑥𝑥 = �𝑚𝑚𝑥𝑥+�𝑚𝑚𝑥𝑥𝑦𝑦��
𝑑𝑑1

, 𝐴𝐴𝑥𝑥,𝑤𝑤 = 𝜌𝜌𝑥𝑥,𝑤𝑤(1 × ℎ)  (1) 

𝐴𝐴𝑦𝑦,𝑤𝑤𝑓𝑓𝑦𝑦𝑦𝑦 = �𝑚𝑚𝑦𝑦+�𝑚𝑚𝑥𝑥𝑦𝑦��
𝑑𝑑2

, 𝐴𝐴𝑦𝑦,𝑤𝑤 = 𝜌𝜌𝑦𝑦,𝑤𝑤(1 × ℎ)  (2) 

Where Ax,w, Ay,w denote the required areas of 
reinforcement along x, y-direction, respectively; 
 ρx,w, ρy,w denote the required ratios of 
reinforcement along x, y-direction, respectively; 
fy,x, fy,y denote the yield stress of reinforcement 
along x, y-direction, respectively; d1, d2 denote the 
lever arms of mx and my, respectively; h denote 
the thickness of the shell. 

The principle of “Wood and Armer” equations can 
also be applied to membrane forces. Similarly, the 
reinforcement required from membrane forces 
can be calculated as: 

𝐴𝐴𝑥𝑥,𝑚𝑚𝑓𝑓𝑦𝑦𝑥𝑥 = 𝑛𝑛𝑥𝑥 + �𝑛𝑛𝑥𝑥𝑦𝑦�, 𝐴𝐴𝑥𝑥,𝑚𝑚 = 𝜌𝜌𝑥𝑥,𝑚𝑚(1 × ℎ)   (3) 

𝐴𝐴𝑦𝑦,𝑚𝑚𝑓𝑓𝑦𝑦𝑦𝑦 = 𝑛𝑛𝑦𝑦 + �𝑛𝑛𝑥𝑥𝑦𝑦�, 𝐴𝐴𝑦𝑦,𝑚𝑚 = 𝜌𝜌𝑦𝑦,𝑚𝑚(1 × ℎ)   (4) 

Where Ax,m, Ay,m denote the required areas of 
reinforcement along x, y-direction respectively; 
 ρx,m, ρy,m denote the required ratios of 
reinforcement along x, y-direction respectively. 

When the interaction of the two force categories 
is neglected, the reinforcement ration of steel 
mesh can be obtained by linear superposition, see 
Eqns. (5-8). 

The ratios of steel mesh in the top layer： 

𝜌𝜌𝑥𝑥,𝑡𝑡𝑡𝑡𝑡𝑡 = 1
2
𝜌𝜌𝑥𝑥,𝑚𝑚 =

�
𝑛𝑛𝑥𝑥+�𝑛𝑛𝑥𝑥𝑦𝑦�

2 �

ℎ

𝑓𝑓𝑦𝑦𝑥𝑥

    (5) 

𝜌𝜌𝑦𝑦,𝑡𝑡𝑡𝑡𝑡𝑡 = 1
2
𝜌𝜌𝑦𝑦,𝑚𝑚 =

�
𝑛𝑛𝑦𝑦+�𝑛𝑛𝑥𝑥𝑦𝑦�

2 �

ℎ

𝑓𝑓𝑦𝑦𝑦𝑦

    (6) 

The ratios of steel mesh in the bottom layer： 

𝜌𝜌𝑥𝑥,𝑏𝑏𝑡𝑡𝑡𝑡 = 1
2
𝜌𝜌𝑥𝑥,𝑚𝑚 + 𝜌𝜌𝑥𝑥,𝑤𝑤 =

�
𝑛𝑛𝑥𝑥+�𝑛𝑛𝑥𝑥𝑦𝑦�

2 +
𝑚𝑚𝑥𝑥+�𝑚𝑚𝑥𝑥𝑦𝑦�

𝑑𝑑1
�

ℎ

𝑓𝑓𝑦𝑦𝑥𝑥
  (7) 

𝜌𝜌𝑦𝑦,𝑏𝑏𝑡𝑡𝑡𝑡 = 1
2
𝜌𝜌𝑦𝑦,𝑚𝑚 + 𝜌𝜌𝑦𝑦,𝑤𝑤 =

�
𝑛𝑛𝑦𝑦+�𝑛𝑛𝑥𝑥𝑦𝑦�

2 +
𝑚𝑚𝑦𝑦+�𝑚𝑚𝑥𝑥𝑦𝑦�

𝑑𝑑2
�

ℎ

𝑓𝑓𝑦𝑦𝑦𝑦
  (8) 

It should be noted that if the directions of mx, my 
change, the Eqns. (5-8) should be adjusted, i.e., 
the reinforcement required from the out-of-plane 
forces should always be placed at the tensile side. 

4.2 Sandwich model 

The reinforcement design results of the “Wood 
and Armer” equations are not fine enough. In this 
part, a new reinforcement design model called the 
“sandwich model” is introduced, which is 
proposed for shells based on the Lower bound 
theorem of plasticity [8]. The model splits a unit 
shell region into 3 layers, i.e., two outer layers and 
an intermediate core, and designs the outer layers 
as membranes, see Figure 7. Where at, ab denote 
the thickness of the outer layers, usually the 
double of concrete covers. 

Figure 7. Sandwich model 

It is assumed that all the essential internal forces 
acting on a shell are fully taken by the outer layers, 
and the intermediate core layer only carries the 
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out-of-plane shear forces that can be neglected. 
More specifically, moments and torques mx, my, 
mxy=myx are assigned to the two outer layers by 
dividing the average lever arm d between the 
centre of the two outer layers while axial forces 
and in-plane shear forces nx, ny, nxy=nyx are 
assigned to the two outer layers evenly, see Eqns. 
(9-11). 

𝑛𝑛𝑥𝑥,𝑡𝑡𝑡𝑡𝑡𝑡𝑏𝑏𝑡𝑡𝑡𝑡
= 𝑛𝑛𝑥𝑥

2
∓ 𝑚𝑚𝑥𝑥

𝑑𝑑   (9) 

𝑛𝑛𝑦𝑦,𝑡𝑡𝑡𝑡𝑡𝑡𝑏𝑏𝑡𝑡𝑡𝑡
= 𝑛𝑛𝑦𝑦

2
∓ 𝑚𝑚𝑦𝑦

𝑑𝑑        (10) 

𝑛𝑛𝑥𝑥𝑦𝑦,𝑡𝑡𝑡𝑡𝑡𝑡𝑏𝑏𝑡𝑡𝑡𝑡
= 𝑛𝑛𝑥𝑥𝑦𝑦

2
∓ 𝑚𝑚𝑥𝑥𝑦𝑦

𝑑𝑑         (11) 

Refer to Eqns. (3-4), the ratios of steel mesh in the 
top and bottom layers can be calculated. 

The ratios of steel mesh in the top layer： 

𝜌𝜌𝑥𝑥,𝑡𝑡𝑡𝑡𝑡𝑡 =
�𝑛𝑛𝑥𝑥,𝑡𝑡𝑡𝑡𝑡𝑡+𝑛𝑛𝑥𝑥𝑦𝑦,𝑡𝑡𝑡𝑡𝑡𝑡�

ℎ
𝑓𝑓𝑦𝑦𝑥𝑥

=
�𝑛𝑛𝑥𝑥2 −𝑚𝑚𝑥𝑥

𝑑𝑑 +�
𝑛𝑛𝑥𝑥𝑦𝑦
2 −

𝑚𝑚𝑥𝑥𝑦𝑦
𝑑𝑑 ��

ℎ
𝑓𝑓𝑦𝑦𝑥𝑥

 (12) 

𝜌𝜌𝑦𝑦,𝑡𝑡𝑡𝑡𝑡𝑡 =
�𝑛𝑛𝑦𝑦,𝑡𝑡𝑡𝑡𝑡𝑡+𝑛𝑛𝑥𝑥𝑦𝑦,𝑡𝑡𝑡𝑡𝑡𝑡�

ℎ
𝑓𝑓𝑦𝑦𝑦𝑦

=
�
𝑛𝑛𝑦𝑦
2 −

𝑚𝑚𝑦𝑦
𝑑𝑑 +�

𝑛𝑛𝑥𝑥𝑦𝑦
2 −

𝑚𝑚𝑥𝑥𝑦𝑦
𝑑𝑑 ��

ℎ
𝑓𝑓𝑦𝑦𝑦𝑦

(13)The ratios of steel mesh in the bottom layer：

𝜌𝜌𝑥𝑥,𝑏𝑏𝑡𝑡𝑡𝑡 =
�𝑛𝑛𝑥𝑥,𝑏𝑏𝑡𝑡𝑡𝑡+𝑛𝑛𝑥𝑥𝑦𝑦,𝑏𝑏𝑡𝑡𝑡𝑡�

ℎ
𝑓𝑓𝑦𝑦𝑥𝑥

=
�𝑛𝑛𝑥𝑥2 +𝑚𝑚𝑥𝑥

𝑑𝑑 +�
𝑛𝑛𝑥𝑥𝑦𝑦
2 +

𝑚𝑚𝑥𝑥𝑦𝑦
𝑑𝑑 ��

ℎ
𝑓𝑓𝑦𝑦𝑥𝑥

  (14) 

𝜌𝜌𝑦𝑦,𝑏𝑏𝑡𝑡𝑡𝑡 =
�𝑛𝑛𝑦𝑦,𝑏𝑏𝑡𝑡𝑡𝑡+𝑛𝑛𝑥𝑥𝑦𝑦,𝑏𝑏𝑡𝑡𝑡𝑡�

ℎ
𝑓𝑓𝑦𝑦𝑦𝑦

=
�
𝑛𝑛𝑦𝑦
2 +

𝑚𝑚𝑦𝑦
𝑑𝑑 +�

𝑛𝑛𝑥𝑥𝑦𝑦
2 +

𝑚𝑚𝑥𝑥𝑦𝑦
𝑑𝑑 ��

ℎ
𝑓𝑓𝑦𝑦𝑦𝑦

  (15) 

By comparing Eqns. (5-8) and Eqns. (12-15), it can 
be seen that “Wood and Armer” equations are 
always conservative. Besides, the directions of mx, 
my and mxy are automatically considered in the 
Eqns. (12-15) from the “sandwich model”, which is 
much more convenient in practical use. As a result, 
the “sandwich model” is more recommended for 
sizing reinforcement of shells. 

For each row of the total factored load matrix of 
loads combination, the reinforcement should be 
calculated. That means Eqns. (12-15) should be 
conducted 12 times in total. For safety reasons, 
the final ratio of each steel should take its largest 
result among the 12 calculations. 

5 Discussion 
1. The shell element model and the “sandwich
model” are recommended in this paper for
structural analysis and reinforcement design
respectively but not the only options. Nonetheless,
as the bridge connecting structural analysis and
reinforcement design, the “corresponding force
matrix” remains unchanged.

2. This paper employs a linear elastic analysis to
estimate the internal force distribution, which is
reasonable at the design stage. However, the
sizing results of reinforcement will be conservative
to some extent. If required, nonlinear analysis can
be used together for validating or optimizing the
elastic design scheme but is beyond the scope of
this paper at present.

3. The “corresponding force matrix” together with
the “sandwich model” is well-suited to be
implemented in current finite element programs
so that the required reinforcement can be
calculated automatically after structural analysis.

6 Conclusions 
This paper proposed the concept of the 
“corresponding force matrix” that serves as a 
bridge between structural analysis and 
reinforcement design of concrete box bridges. The 
matrix has 6 columns representing the 6 key 
internal unit force resultants for reinforcement 
design. For certain or quasi-certain loads, such as 
dead load, uniform temperature up, differential 
temperature down, or one specific differential 
settlement pattern, the matrix of a shell region is 
a fixed 1 × 6 row matrix. For live load, the 
“corresponding force matrix” is in form of a 12 × 6 
augmented matrix that can be obtained by spatial 
influence surface loading. Each row represents 
one possible unfavourable case with only one 
force item reaching its extreme (maximum or 
minimum) while the other elements taking the 
corresponding values according to the same live 
load distribution. For load combinations, the final 
matrix can be obtained by adding the factored 
certain matrix as well as the unfavourable quasi-
certain load matrixes into the factored 
“corresponding force matrix” of live load. Based 
on the matrix, two reinforcement design models 
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named “Wood and Armer” equations and 
“sandwich model” are discussed, respectively. The 
results show that the “Wood and Armer” 
equations are always conservative, and the 
“sandwich model” has a great potential in yielding 
reasonable and refined reinforcement results 
across the whole box section. 
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Abstract 
This study aimed to clarify the performance of high-strength bolted joints for thin-walled glass-fiber-
reinforced polymer (GFRP) members by conducting slip tests and long-term relaxation tests. The 
parameters of the slip test were the FRP surface treatment, bolt axial force, and bolt hole diameter. 
Relaxation characteristics might also be affected by variations in fiber content based on differences 
in production lots. Hence, samples from different production lots were taken. However, in these 
tests, the influence of all parameters was relatively minimal. One year after tightening, the axial 
force reduction gradually subsided and tended toward convergence. However, because it is difficult 
to determine convergence based on temperature changes, long-term measurements will continue. 
In the slip tests, the highest slip coefficient was obtained when the GFRP was coated with 
fluoroplastic and the connecting plates were treated with phosphate. This study proposes a design 
slip coefficient for GFRP high-strength bolted friction joints.  

Keywords: GFRP; high-strength bolted friction joints; slipping behavior; relaxation. 

1 Introduction 
Glass-fiber-reinforced polymer (GFRP) has 
excellent material properties such as corrosion 
resistance, high strength and light weight. 
Moreover, laminated structures made from GFRP 
can be easily molded to form single parts. This 
reduces cost and simplifies manufacturing 
processes [1]. This has the advantage of simplifying 
the structure of bridge appendages such as GFRP 
wall railings, which are complex structures with 
many components. Therefore, the number of 
components can be reduced and workability 

improved, which has led to its application to bridge 
appendages. High-strength bolted friction joints, 
which have a proven track record in steel 
structures and are highly reliable, are commonly 
used. 

However, in GFRP members with these joints, 
creep deformation occurs after a certain period of 
time owing to the viscoelastic behavior of the 
matrix resin after axial force is introduced. 
Therefore, the bolt axial force may be reduced to a 
greater extent than that in general steel. 
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Mottram et al. [2] demonstrated that the axial 
force reduces by approximately 25% within 18 days 
after bolting for FRP joints consisting solely of 
pultruded FRP. They also calculated that the axial 
force would decrease by approximately 36% in the 
first year after tightening. 

However, data were only available for 18 days. 
Long-term measurements are required. Few 
studies have been conducted on the relaxation 
properties of thin-walled GFRP members, which 
are the subject of this research. Furthermore, there 
has been little research on the structural 
parameters affecting the sliding behavior of GFRP 
joints; moreover, design criteria for high-strength 
bolted friction joints have not been developed. 

In this study, long-term relaxation tests and tensile 
tests were conducted on the thin GFRP joints used 
in wall-high column joints to investigate the 
performance of GFRP joints considering joint 
surface treatment as a parameter. 

2 Long-term Relaxation Tests 

2.1 Specimens and parameters 

Figure 1 presents the geometric dimensions of the 
test specimens. The base plate is a GFRP 
pultrusion-molded material, the connecting plates 
are hot-dip galvanized SS400, and the bolts are 
M20 (F8T) hot-dip galvanized high-strength bolts. 
There are five bolts per specimen. The distance 
between bolts is unaffected by the surface 
pressure of the adjacent bolts. 

The GFRP laminate configuration consists of six 
layers of roving, unidirectional roving cloth, and 
continuous strand mats starting from the center of 
the plate thickness with the outermost surface of 
the member being a non-woven polyester. The 
resin material is unsaturated polyester resin. 

Table 1 lists the specimen parameters. The 
parameter for the joint surface treatment is the 
presence or absence of a fluoropolymer coating for 
the GFRP. The diameters of the holes are defined 
according to an enlarged hole (φ24.5) and standard 
hole (φ22). The introduced bolt axial force is 100% 
of the axial force and is applied using the nut 
rotation method. Additionally, according to Ref. [3], 
the results of a one-year long-term relaxation test 

on a specimen with GFRP as a base plate and steel 
plates as connecting plates revealed that the axial 
force was reduced by approximately 20%. 
Therefore, a case with an introduced bolt axial 
force of 80% was also conducted to account for this 
reduction in axial force. Furthermore, the variation 
in fiber content based on differences in production 
lots was also considered. The combustion test 
results   that measured the mass of the specimens 
before and after burning indicated that the fiber 
contents of Lots 1 and 2 were 58% and 54%, 
respectively. 

2.2 Long-term relaxation test methods 

The tightening procedure for the U-O-100-R1 
specimen was as follows. (1) A gauge bolt was 
placed on the specimen. (2) As a preliminary 

Figure 1. Specimen dimensions (unit: mm) 

Table 1. Parameter for the long-term relaxation 
test case 

Figure 2. Strain gauged bolt (unit: mm) 

15
0

16
16

5

75

M20 (F8T)

Base plate
Connecting plate

Connecting plate

150 150 150 150 75

Standard-sized hole: φ22
Oversized hole: φ24.5

Case
Surf. coating of

GFRP
Bolt hole

Axial
force

Production
lot

U-O-80-R1 Unpainted Over(φ24.5) 80% No.1

U-O-100-R1 Unpainted Over(φ24.5) 100% No.1

P-O-100-R1 Painted Over(φ24.5) 100% No.1

U-S-100-R1 Unpainted Standard(φ22) 100% No.1

U-O-100-R2 Unpainted Over(φ24.5) 100% No.2

φ2
23 : Strain gauge

26.7
18.65

φ20
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tightening step, the bolts were tightened to the 
order of 150 Nm of torque from the inside bolt to 
the outside bolt of the specimen. (3) Marking bolts, 
nuts, washers, and members were installed. (4) The 
nut rotation method was used for primary 
tightening, where tightening was performed from 
pre-tightening to a rotation angle of 120°. The nut 
rotation method introduces an axial force that is 
1.4 to 1.5 times the designed bolt axial force. 

In the other cases, the axial force of U-O-100-R1 
was set to 100% and clamping was performed using 
strain control.  

The initially introduced bolt axial force was 
measured 3 s after the peak of tightening [4] and 
the axial force was measured at 1 s intervals until 1 
h after tightening, at 1 min intervals until 24 h after 
tightening, and at 15 min intervals thereafter. One 
specimen was tested in each case. 

2.3 Test results and discussions 

Table 2 presents the tightening results for all 
specimens and the percentages of axial force 

remaining after one day and one year of tightening. 
The specimens highlighted in red in Table 2 could 
not provide sufficient axial force  for co-rotation of 
bolt set. Therefore, these test results were only 
used for reference. 

Table 2 reveals that there are large variations in the 
rotation angle at the point of axial force 
introduction for the bolts tightened using strain 
control.  

This may be a result of variations in the introduced 
axial force in the nut rotation method and poor 
engagement caused by the plating of the bolt and 
nut threads. 

Figure 3 presents the changes in bolt axial force at 
one day and one year after tightening. This figure 
presents the values for one bolt in each case. 

The decrease in bolt axial force during the first 24 h 
after tightening is significant. Thereafter, the axial 
force of the bolt slowly decreases. One year after 
tightening, the axial force reduction gradually 
subsides and trends toward convergence. However, 
because it is difficult to determine convergence as 

Table 2. Tightening results and axial force residual ratios 

mean mean C.V.(%) mean C.V.(%)
1 60 156.6 89.8 83.6
2 70 156.2 90.3 83.6
3 60 155.4 91.1 85.1
4 85 152.2 96.7 90.3
5 115 157.1 93.2 86.7
6 120 192.6 92.8 86.7
7 120 200.5 91.1 85.5
8 120 196.4 91.2 85.5
9 120 193.1 90.8 85.0
10 120 188.1 91.5 85.6
16 120 194.4 91.6 85.5
17 120 189.1 93.7 87.4
18 120 192.3 90.5 84.6
19 145 187.2 86.5 80.6
20 120 192.9 90.0 83.7
21 70 191.2 90.9 85.0
22 120 175.8 95.6 89.2
23 115 190.6 90.6 84.8
24 90 163.8 95.4 89.2
25 120 191.6 91.3 85.5
26 130 192.9 91.5 85.3
27 130 191.8 91.0 84.4
28 120 193.0 90.7 84.6
29 135 191.6 90.6 84.0
30 150 176.1 84.6 78.9

90.9 0.28

91.0 0.38

92.2 2.72

91.5 0.78

91.4 1.59

155.5

194.1

192.2

191.2

192.3

U-O-80-R1

U-O-100-R1

P-O-100-R1

U-S-100-R1

U-O-100-R2

2.88

0.66

1.60

0.37

0.55

85.9

85.7

85.3

85.1

84.6

Case Bolt No.
Angle of
rotation

Initial axial force(kN)
Residual axial force(%)

After 1 year
Residual axial force(%)

After 1 day
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a result of temperature changes, long-term 
measurements will need to be continued. 

Figure 4 presents the percentage of remaining axial 
force after 24 h and after one year following 
tightening. This figure presents the average values 
for each case. 

In each case, the remaining axial force 24 h after 
tightening is approximately 91% to 92% and after 
one year of tightening, the remaining axial force is 
approximately 85%. It was determined that test 
parameters such as the coating on the GFRP 
surface, introduced bolt axial force, variations in 
fabrication lots, and differences between enlarged 
and standard holes had no effect on the test results. 

In the future, it will be necessary to study the 
effects of differences in the fiber content, fiber 

composition, and molding method of GFRP 
specimens on axial force reduction. 

3 Tensile Tests 

3.1 Specimens and parameters 

Figure 5 presents the geometric dimensions of the 
test specimens. The base plate is a GFRP 
pultrusion-molded material, the connecting plates 
are hot-dip galvanized SM400A, and M12 (F10T) 
bolts are used. The specimen was designed to 
provide surface pressure equivalent to that acting 
on the surface of the test specimen base plate, as 
shown in Figure 1, which is a full-scale equivalent. 
The magnitude of the surface pressure was 39.3 
N/mm2. 

(a) One day (b) One year

Figure 3. Changes over time in bolt axial force 

(a) One day (b) One year

Figure 4. Bolt axial force reduction rate(mean) 
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The GFRP laminate composition and resin material 
were the same as those used for the specimens in 
the long-term relaxation tests. All specimens were 
produced in the same lot and the fiber content was 
54% to 58% based on the results of combustion 
tests. 

Table 3 lists the specimen parameters. Based on 
the results of the long-term relaxation tests, the 
axial force of the introduced bolts was set to 100% 
of the axial force at four months after tightening. A 

case study with an introduced axial force of 80% 
was also conducted to reduce the axial force 
further. The parameters for the joint surface 
treatment were the presence or absence of 
phosphate treatment for the connecting plates and 
presence or absence of fluoropolymer coating for 
the GFRP. The diameters of the holes were defined 
for enlarged (φ15) and standard (φ14) holes. Five 
specimens were tested in each case. 

Table 4 presents the surface roughness 
measurements for the base and connecting plates. 
Measurements were performed at 16 points per 
specimen around the bolt holes for all specimens. 
The thickness of the GFRP-coated surface was 
approximately 40 μm. 

Figure 6 presents a strain gauged bolt. The bolt 
axial force during testing was controlled by the 
strain value of the strain-gauge bolt. 

Tightening was performed under torque control to 
achieve 60% of the introduced bolt axial force for 
preliminary tightening. Then, as the primary 
tightening step, the bolts were tightened with 
strain control to achieve the desired bolt axial force.

Figure 5. Specimen dimensions (unit: mm) 

Table 3. Parameters for the tensile test 

* 𝛽𝛽：Designed slip to yield resistance ratio

Since GFRP is an elastic material with no yield 
point, the tensile strength in the pulling direction 
was used instead of the yield strength in the case of 
steel. 

Table 4. Results for surface roughness (Ra) 

Figure 6. Strain gauged bolt (unit: mm) 

Figure 7. Measurement items and locations 
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(a) Raw data

(b) Non-dimensionalized results

Figure 8. Load relative displacement relationships 

3.2 Tensile testing methods 

Loading was performed using a universal testing 
machine (maximum capacity: 2000 kN) with a 
loading rate of 0.5 kN/s. The specimens were 
unloaded before the onset of slip and transition to 
a bearing condition and loaded until the end state 
was reached. 

Figure 7 presents the measurement items and their 
locations. The measurement items are relative 
displacement, testing machine load, and bolt shank 
strain, which were measured at the positions 
indicated in Figure 7. Relative displacement is the 
relative displacement between the baseplate and 
connecting plate. Bolt shank strain was measured 
to determine the bolt tension. 

Slip coefficient was calculated using Equation (1). 

𝜇𝜇 =
𝑃𝑃𝑠𝑠

𝑚𝑚・𝑛𝑛・𝑁𝑁
（１）

Here, Ps is the slip load, m (=2) is the number of 
frictional surfaces, n (=2) is the number of bolts, 

and N is the axial force of the bolts. The slip 
coefficients μ0, μ1, and μ2 were calculated based on 
the designed bolt axial force, bolt axial force before 
testing, and bolt axial force during slip, respectively. 
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Figure 9. Slip coefficient μ0, μ1, μ2 (mean)
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The designed slip capacity of the specimen was 
83.5 kN for the 100% axial force case and 66.8 kN 
for the 80% case. The shear capacity of the bolts 
was 291.2 kN, net section rupture capacity was 
140.8 kN, and edge rupture capacity of the base 
plate was 39.6 kN. 

3.3 Test results and discussion 

Figure 8 presents the load relative displacement 
relationship along the 10 mm edge of the base 
plate. Figure 8 (a) shows the raw data and Figure 8 
(b) shows the non-dimensionalized results for the
load at slip and relative displacement at slip.

The relative displacement of the GFRP joints is 
greater than that of steel joints based on the lower 
stiffness of the base material. Therefore, in this test, 
the load on the testing machine at the time of load 
drop was considered as the slip load. From Figure 8 
(b), it can be seen that the load relative 
displacement relationship is consistent, regardless 
of whether the specimens are phosphatized or 
coated with GFRP. 

Table 5 and Figure 9 present the slip coefficients. It 
is apparent that μ1 and μ2 exhibit similar trends, 
although their values are different. 

Focusing on the installed bolt axial force, the slip 
coefficient μ1 at 80% is approximately 6.1% higher 
than that at 100% without paint and 3.4% higher 
than that at 100% with paint. This result is similar 
to a previous finding [5] that the smaller the pre-
test bolt axial force, the greater is the slip 
coefficient. 

Focusing on the coating, the slip coefficient μ1 with 
the coating is approximately 11.8% higher at 80% 
axial force and approximately 14.7% higher at 100% 
axial force. This is assumed to be caused by the 
softness of the fluoropolymer coating and 
increased adhesion between the connecting plate 
and fluoropolymer surface after tightening. 

The slip coefficient μ1 of the connecting plate 
surfaces was greater than 0.40 in all cases where 
the plates were treated with phosphate. 

However, no difference in the slip coefficients was 
observed between the enlarged and standard 
boreholes. 

Figure 10 presents the relationship between the 
surface roughness of the connecting plate and slip 
coefficient μ0.  

It can be seen that the phosphate treatment 
increases the surface roughness, which is thought 
to improve the slip coefficient. When the 
connecting plates are treated with phosphate, the 
slip coefficient μ0 is expected to be greater than 

Figure 10. Relationship between the surface 
roughness of the connecting plate and slip 

coefficient μ0 

(a) Introduced axial force of 80%

(b) Introduced axial force of 100%

Figure 11. Load axial force residual ratio 
relationship 
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0.40 and when GFRP is coated, the slip coefficient 
is increased further. 

Figure 11 presents the load axial force residual 
ratio relationship. The abscissa is the load non-
dimensionalized by the slip load and the ordinate is 
the percentage of remaining axial force when the 
pre-test bolt axial force is set to 100%.  

The axial force of the outer bolt decreases at a 
constant rate, whereas the rate of axial force 
decreases for the inner bolt increases at P / Ps = 0.6. 
The axial force reduction of the GFRP with the 
coating was 2% to 3% smaller than that without the 
coating. These factors will be examined analytically 
in the future. 

It can be seen that the difference in the amount of 
axial force reduction with and without coating is 
smaller with an introduced axial force of 80% than 
with an introduced axial force of 100%. 

An increase in axial force was observed at the outer 
bolts near the slip load. This is considered to be a 
result of the fact that the bolts came into contact 
with the specimen and were subjected to bearing 
pressure as a result of the gradual onset of slip. 

4 Conclusions 
In this study, long-term relaxation tests were 
conducted on GFRP joints for thin plates. The 
results demonstrated that the remaining axial force 
approximately one year after tightening was 
almost 85% and that the coating on the GFRP 
surface, introduced bolt axial force, differences in 
production lots, size of the bolt hole had no effect 
on it.  

Tensile tests were also conducted. It was 
determined that the slip coefficient μ0 calculated 
from the designed bolt axial force was more than 
0.40 when the surface of the GFRP was coated with 
fluoroplastic and the connecting plates were 
treated with phosphate. The slip coefficient μ1 
calculated from the bolt axial force before testing 
was approximately 3% to 6% at 80% of the 
introduced bolt axial force, approximately 11% to 
14% for the GFRP with a coating, and even higher 
for the phosphate-treated connecting plate 
surfaces. However, size of bolt hole had no effect. 

In long-term relaxation tests, it will be necessary to 
examine the effects of differences in fiber content, 
fiber composition, forming method, etc. on the 
reduction in axial force to determine the 
introduced bolt axial force on site. In tensile tests, 
a proposal for the joint surface treatment and 
design slip coefficient for GFRP high-strength 
bolted friction joints is presented. 
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Abstract 
With the high out-of-plane stiffness and shear buckling strength, the number of stiffeners and the 
thickness of the web can be reduced when using corrugated webs in composite girders. The finite 
element model is established according to the existing experimental results. The flexural behaviour 
of I-shape steel composite girders with the corrugated web was investigated by numerical analysis. 
From the numerical results, the flexural behaviour of I-shape steel composite girders can be 
improved by increasing the strength of materials. The concrete slab grade range of C50 to C60 was 
recommended to ensure full use of concrete and high strength steel material properties. The high 
strength steel grade with nominal yielding strength between 420MPa and 460MPa were suggested 
for bottom flange with priority, while steel grade no less than Q345 was suggested for corrugated 
web to avoid the safety risks caused by the premature reaching of the yield strength of the web. 

Keywords: high strength I-shape steel composite girder; corrugated web; flexural behaviour; finite 
element analysis; material matching. 

1 Introduction 
The I-shape steel composite girder with corrugated 
web consists of the corrugated web welded with 
the flange, and the upper flange and the concrete 
slab are combined with studs. In recent years, 
composite girders with corrugated webs have been 
used more and more widely in bridge construction 
due to their lightweight, large spanning capacity, 
apparent stress, and elegant appearance. The I-
shape steel composite girder with corrugated web 
appropriately combines the two different materials 
of concrete and steel, which improves the 
structure’s stability, strength, and material 

efficiency. As of 2018, more than 80 composite 
girders with corrugated webs have been made in 
China [1-2]. With the increase of traffic volume, the 
continuous accumulation of engineering 
experience, and the continuous innovation of 
construction technology, the composite girders 
with corrugated webs have gradually developed in 
the direction of large-span and complex bridge 
types. Therefore, bridge construction has higher 
requirements for steel and other materials. It is 
essential to study how to improve the mechanical 
property and material utilization of the composite 
girders with the corrugated webs [3]. 
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Scholars have conducted theoretical analysis and 
experimental research to study the flexural 
behaviour of composite girders with corrugated 
webs. Elgaaly et al. [4] carried out flexural tests and 
FE analysis for I-shape steel girders with the 
corrugated web, and they found that the webs 
made little contribution to the flexural capacity. 
Sayed-Ahmed [5] completed the model tests of five 
prestressed concrete composite girders with 
corrugated webs using triangular corrugated webs. 
The test results show that the corrugated web still 
contributes little to the flexural capacity of the 
concrete composite girder with the corrugated 
web. Due to the "accordion" effect of the 
corrugated webs, its longitudinal stiffness is minor, 
and the contribution of the corrugated web to the 
flexural capacity is negligible. It is considered that 
most of the bending moment is borne by the 
tension of the bottom flange and the compression 
of the upper flange. Chan [6][7] and others used FE 
software LUSAS to analyze the flexural behaviour 
of the I-shape steels with the corrugated webs in 
different folded forms. Through finite element 
analysis, he concluded that compared with straight 
and horizontal corrugated webs, the bending 
moment capacity of vertical corrugated webs is 
38.8% to 54.4% higher than that of horizontal 
corrugated webs. Song [8] established a calculation 
method for nonlinear analysis of the whole process 
of externally prestressed composite girders with 
corrugated webs by using nonlinear programs and 
experimental research methods, and studied the 
flexural behaviour of externally prestressed 
composite girders with corrugated webs. The 
method can be used to calculate the whole failure 
process of externally prestressed composite 
girders with corrugated webs under different 
loading modes and cable forms. Li [9] studied the 
flexural behaviour of composite girders with 
corrugated webs through experimental research 
and FE analysis. The test girder has good plastic 
deformation characteristics, the corrugated web 
doesn’t carry bending stress, and the shear stress 
in the corrugated web is uniform. The experimental 
bending moment is 150% of the theoretical plastic 
moment. Based on the experimental results and 
the simplified plastic theoretical analysis results, a 
design formula for the flexural capacity of 
composite girders with corrugated webs is 
proposed. Wang [10] proposed a composite girder 

with a rectangular tubular up-flange and 
corrugated webs, and carried out the flexural 
behaviour test of two girders. The flexural failure 
form and flexural stress state of composite girders 
during the construction and use are studied 
through experiments. With the development of 
material preparation technology in China, high 
strength steels have been increasingly applied to 
composite girders to improve the flexural capacity 
of the members further and reduce the cross-
sectional dimensions and self-weight of the 
members [11]. 

The I-shape steel composite girders with 
corrugated webs have lower longitudinal stiffness. 
The flexural behaviour of the I-shape steel 
composite girders with the corrugated webs 
depends on the steel flange and concrete slab. This 
paper establishes and verifies the FE model 
according to the existing test results. Through the 
parametric analysis of the material strength of the 
bottom flange, concrete slab, and web, this paper 
researches the material strength matching of the 
corrugated web, flange and concrete slab of the I-
shape steel composite girder with corrugated web 
and proposes a reasonable strength matching 
criterion. 

2 Verification of FE model 
In the FE model of the high strength I-shape steel 
composite girder with corrugated web (HCG-CW), 
the I-shape steel, concrete slab, and studs are 
simulated by an eight-node linear reduced integral 
three-dimensional solid element (C3D8R), and the 
reinforcement in the concrete slab is simulated by 
a two-node three-dimensional truss element 
(T3D2). The reinforcement is embedded in the 
concrete slab using the "Embedded Region" 
command, and the "Tie" command is used to 
simulate the connection between the concrete slab 
and the upper flange of the I-shape steel. The HCG-
CW adopts simply supported boundary conditions 
to restrict the deflection (U3=0), lateral deflection 
(U2=0), and the rotation of the girder along the 
longitudinal axis (UR1=0) at both ends. 

The size of the FE model is the same as that of the 
test girder. As shown in Fig.1, the total length of the 
experimental girder was 4600mm, the calculated 
span was 4274mm, the height of the cross section 
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was 500mm, the width and thickness of the 
concrete slab were 600mm and 80mm, the width 
and thickness of the steel flange were 200mm and 
12mm, and the height and thickness of the 
corrugated web were 396mm and 4mm. 

The I-shape steel was made of Q235. The steel’s 
constitutive relation, elastic modulus, and yield 

strength are the same as test value in the literature 
[12]. The yield strength of steel fy=253 MPa, tensile 
strength fu=369 MPa, elastic modulus Es=2,0×105 
MPa. The concrete slab adopts C50, and its elastic 
modulus is the 28-day strength test value, 
Ec=3,323×104MPa. 

Fig.1 Composite girder cross-section and facade structure drawing (mm) 
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Fig.3 Comparison of the load-deflection curves at 
mid-span section 

The numerical simulation results used in this paper 
are compared with the experimental results, and 
the load-deflection curves are shown in Fig.3. In the 
elastic stage, the load-deflection curve of the HCG-
CW shows a linear relationship, and the test results 
are in good agreement with the FE simulation 
results. The yield strength of the FE model girder 
and the test girder is 308 kN and 321 kN 

respectively, and the ratio is 1,04. The numerical 
model has good calculation accuracy for the elastic 
flexural stiffness of the HCG-CW. At the beginning 
of the elastic-plastic stage, the tensile region of the 
I-shape steel gradually enters the yield stage, and
the deflection shows a nonlinear relationship with
the increase of the load. The stiffness of the FE
model is slightly greater than the experimental
girder. As the load continues to increase, the
stiffness of the FE model gradually decreases, the
plasticity of the mid-span section develops rapidly,
and the deflection increases quickly with the
increase of the load. After that, the composite
girder reaches the plasticity of the whole section,
and the damage develops fully. The ultimate
strength of the FE model girder and the test girder
is 500 kN and 520 kN, respectively. The ultimate
load capacity of the numerical simulation is slightly
smaller than the experimental result. The ratio of
the ultimate load capacity between the numerical
simulation and the test results is 0,96, which is in
good consistency overall.

3 Parametric analysis 
The flexural behaviour of the HCG-CW under 
different material strengths is studied without 
changing the geometry dimensions of the model 
girder. In this paper, the material strength of the 
bottom flange, concrete slab, and the web is 
selected as the FE analysis parameter. A total of 
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twenty-one FE model girders with three sets of 
parameters are calculated and analyzed. 

3.1 Effect of steel grade of the bottom 
flange 

The influence of the material strength of the 
bottom flange material on the flexural behaviour of 
C1-n-n series model girder under different strength 
concrete slabs are analyzed. The first n represents 
the concrete strength, which is 40 or 100. The 
second n represents the bottom flange strength, 
with 345, 420, 460 and 500 respectively. The 
influence of the material strength of the bottom 
flange on the yield and ultimate strength of the 
HCG-CW is shown in Fig.4, and the load-deflection 
curve of the C1-40-n series model girders is shown 
in Fig.5. 
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Fig.4 Effect of the strength of the bottom flange 
on load capacity  

As shown in Fig.4, the yield and ultimate strength 
of the HCG-CW increase as the strength of the 
bottom flange steel increases. When the strength 
of the bottom flange is increased from Q345 to 
Q420, Q460, and Q500, the yield strength of 
composite girders has increased by 23,6%, 30,5%, 
and 60,1% on average, and the ultimate load 
capacity has increased by 26,4%, 37,0%, and 44,1% 
on average. The ratio of yield strength to ultimate 
strength ranges from 0,71 to 0,85. 

Fig.5 shows the load-deflection curve of the C1-40-
n series model girder. It can be seen from Fig.5 that 
with the increase of the material strength of the 
bottom flange, the flexural stiffness of the 
composite girder in the elastic stage and the 
elastic-plastic stage increases. The I-shape steel has 
a higher ultimate tensile strain when the bottom 
flange adopts high strength steel. The HCG-CW 

experienced a long accumulation of deformation 
from the elastic to the failure stage. 
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Fig.5 Load-deflection curve of C1-40-n series 
model girders 

The steel strength is increased from Q345 to Q500, 
and the deflection of the composite girders when 
they reach the yield strength is 11,3mm, 14,0mm, 
14,8mm, and 18,0mm, which are increased by 
23,9%, 31,0%, and 59,3%, respectively. When the 
composite girders reach the ultimate strength, the 
deflections are 59,0mm, 82,8mm, 98,9mm, and 
111,1mm, which are increased by 40,3%, 67,7%, 
and 88,3%, respectively. The Fyc/Fuc of the 
composite girders with steel strengths of Q420 and 
Q460 is smaller than that of the composite girders 
with steel strengths of Q345 and Q500, which 
indicates that the composite girders with the 
bottom flange strengths of Q420 and Q460 have 
good ductility. Therefore, Q420 and Q460 steel are 
recommended when using the current size of the 
composite girder. The HCG-CW web has a large 
safety reserve capacity while having a certain 
flexural capacity. 

3.2 Effect of concrete strength of the 
concrete slab 

The C2-n-n series model girder with flange material 
strength of Q420 and Q460 were taken to analyze 
concrete strength parameters. The first n 
represented concrete strength, which were 
respectively 40, 50, 60, 70, 80 and 100, and the 
second n represented bottom flange material 
strength.  

The effect of concrete slab material strength on the 
flexural behaviour of the HCG-CW is shown in Fig.6. 
It can be seen from Fig.6 that with the increase of 
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the material strength, the yield strength of the 
composite girder is almost unchanged, and the 
ultimate load capacity increases slightly. When the 
concrete strength is increased from C40 to C50, 
C60, C70, C80, and C100, the yield strength of the 
composite girder increases by 0,9%, 1,4%, 2,1%, 
2,7%, and 3,7%, and the ultimate load capacity 
increases by 1,3%, 2,2%, 3,4%, 4,2%, and 7,6%. The 
ratio of yield strength to ultimate strength ranges 
from 0,71 to 0,76. 
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Fig.6 Effect of the strength of the concrete slab on 
ultimate load capacity  

0 20 40 60 80 100 120 140
0

200

400

600

800

Lo
ad

 (k
N)

Deflection (mm)

 C40  C50  C60
 C70  C80  C100

Fig.7 Load- curve of C2-n-420 series model girders 

The load-deflection curve of the C2-n-420 series 
girders is shown in Fig.7. With the increase of 
concrete strength, the flexural stiffness of 
composite girders in the elastic stage is basically 
unchanged, and the flexural stiffness in the elastic-
plastic stage increases slightly. When the concrete 
strength changes from C40 to C100, the deflection 
corresponding to the yield strength of the 
composite girder is between 14,0 and 14,5mm, and 
the deflection corresponding to the ultimate load 
capacity is 105,2 mm, 97,0 mm, 91,0 mm, 92,3 mm, 
89,6 mm, and 89,0mm. After the composite girder 
reaches the ultimate state, the load- deflection 

curve decreases sharply, and the ductility 
decreases. 
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Fig.8 Plane-section assumption of C2-40-420 
model girders 

According to the assumption of the plane section 
of the C2-40-420, when the I-shape steel is made of 
high strength materials such as Q420 and Q460, 
and the concrete strength is C40, the neutral axis 
of the composite girder in the elastic-plastic stage 
is located within the I-shape steel. When the 
composite girder reaches the ultimate state, the 
concrete slab is crushed and the material 
properties of the steel cannot be fully utilized. 
When the concrete strength is C50 and above, the 
neutral axis of the composite girder in the elastic-
plastic stage is gradually moved up from the I-
shape steel to the concrete slab, and the lower 
surface of the concrete slab is damaged by tension. 
When the composite girder reaches the ultimate 
state, the material properties of steel and concrete 
are fully utilized. 

The results show that increasing the concrete 
strength has little effect on the flexural capacity of 
HCG-CW. Considering the ductility and plastic 
development of the HCG-CW, it is recommended to 
use concrete with a strength of C50~C60. 
Compared with the influence of the material 
strength of the bottom flange, the effect of 
changing the material strength of the concrete slab 
is small. 

3.3 Effect of steel grade and form of the 
corrugated web 

In order to study the influence of webs on the 
flexural behaviour of the HCG-CW, this section 

502



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

conducts FE analysis on C3-n series model girders. 
C3-S uses straight web, and the web material 
strength is Q235. C3-n adopts corrugated web, and 
the web material strength is Q235, Q345, Q420, 
Q460 and Q500 respectively. The corresponding 
value of n is 1~5 respectively. The concrete slab 
strength of the composite girders with two web 
forms is C60, and the flange strength is Q500. 
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Fig.9 Load-deflection curve of C3-n series model 
girders 

The effect of the web form on the flexural 
behaviour of the composite girders with the 
corrugated webs is shown in Fig.9. The ultimate 
load capacity of the composite girder with straight 
web (C3-Z) is greater than composite girders with 
corrugated web (C3-n). In the elastic stage, the 
flexural stiffness of the composite girder with the 
straight web is slightly larger than that of the 
composite girder with the corrugated web, mainly 
because the straight web has a certain stiffness in 
the longitudinal bridge direction. 

By replacing the straight webs with the corrugated 
webs, the yield strength of the composite girders is 
reduced by 8,8%, and the ultimate load capacity is 
reduced by 7,7%. When the I-shape steel 
composite girder with the corrugated web reaches 
yield and ultimate strength, the corresponding 
deflections are fyp=16,0mm, fup=104,8mm, and 
fup/fyp=6,55. When the composite girder with 
straight web reaches yield and ultimate strength, 
the corresponding deflections are fyp’=16,0mm, 
fup’=43,5mm, and fup’/fyp’=2,72. The composite 
girder with the corrugated web has a large out-of-
plane stiffness when using fewer lateral stiffeners.  

For the C3-1 composite girder whose web material 
adopts Q235, when the load reaches 371kN<667kN 

(yield load), the part of the corrugated web near 
the bottom flange has gradually yielded. When the 
bottom flange plate with strength Q500 yields, the 
yield range of the corrugated web of pure bending 
section has reached 5%. For composite girders (C3-
2~C3-4) with corrugated web materials of 
Q345~Q460, when the web reaches the yield 
strength, the load is already close to the yield load 
of the composite girder (667kN). When the 
corrugated web adopts Q500 (C3-5), the yield load 
of the web (716kN) is greater than that of the 
composite girder (667kN). 

When high strength steel is used for the bottom 
flange of the I-shape steel with corrugated web, the 
corrugated web should preferably be made of 
grade Q345 steel or above to avoid the safety risks 
caused by the premature reaching of the yield 
strength of the web. 

4 Conclusions 
To investigate the flexural behaviour of high 
strength I-shape steel composite girders with 
corrugated webs, a numerical model of a high 
strength I-shape steel composite girder with the 
corrugated web was established and validated with 
the experimental data. The following conclusions 
can be drawn according to the results: 

(1) The FE model has high calculation accuracy in
the elastic and elastic-plastic stages. The numerical
analysis results are slightly smaller than the
experimental results in the failure stage. In general, 
the established FE model can better simulate the
whole process failure behaviour of high strength I-
shape steel composite girders with corrugated
webs, and the degree of agreement reaches 97%.

(2) A hybrid design method is recommended when
designing high strength I-shape steel composite
girders with corrugated webs. There is a certain
strength matching relationship between the flange
and the web for the hybrid design of the high
strength I-shape steel composite girders with the
corrugated webs. When the bottom flange
material is Q420~460, the composite girder has a
certain flexural capacity and sufficient safety
reserve capacity. The strength of the corrugated
web should not be lower than Q345 to avoid the
safety risks caused by the premature reaching of
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the yield strength of the web, as the strength of the 
flange is higher than Q420. 

(3) According to numerical simulation results, in
the design of the high strength I-shape steel
composite girders with the corrugated webs,
increasing the strength of concrete slabs mainly
affects the flexural stiffness, ultimate load capacity, 
and ductility of the composite girders in the elastic-
plastic stage. In this paper, considering the ductility
and plastic development of the composite girder,
the concrete slab strength grade is recommended
to be C50 and C60 to avoid the material properties
of high-strength steels not being fully utilized due
to the low strength of concrete slabs.
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Abstract 
Longitudinal shear failure is a typical failure mode for composite girders. Based on experimental 
study, the finite element model was calibrated and numerical studies were carried out to analysis 
the longitudinal shear behaviour of high strength steel and concrete composite girders. It was 
analysed the effect of transverse reinforcement ratio, concrete strength, and steel grade on the 
longitudinal shear behaviour of high strength steel and concrete composite girders. Based on the 
current specifications, the transverse reinforcement area and longitudinal shear strength of the test 
girder were verified. Learn from the analysis results, the concrete strength grade no less than C60 
was suggested with priority for concrete slab, for composite girders using steel with nominal yielding 
strengthen above 420 MPa. To prevent the longitudinal shear failure for the high strength steel and 
concrete composite girders, the transverse reinforcement ratio no less than 1,18% was suggested. 

Keywords: high strength steel and concrete composite girders; longitudinal shear behaviour; 
numerical simulation; design criteria. 

1 Introduction 
The longitudinal shear failure is a typical failure 
mode for steel and concrete composite girder, 
which will result in the reduction of loading 
capacity. The longitudinal shear failure would occur 
when adopting improper design, like insufficient 
transverse reinforcement, inadequate 
arrangement of shear connector, etc. High 
performance composite girder is encouraged 
nowadays to acquire superior structural 
performance, including high strength, high 
toughness and improved durability. Thus, the 
longitudinal shear resistance for high strength 

composite girder needs to be focused. In order to 
make full use of the material properties of high 
strength materials, the requirements for the 
resistance of longitudinal shear failure need to be 
stricter for high strength composite girders.  

Mattock proposed the theory of shear transfer in 
concrete slab in 1972, and found that transverse 
reinforcement was the main part of the 
longitudinal shear resistance of concrete slabs [1]. 
Oehlers conducted experiments and finite element 
analysis for composite girder, which revealed that 
the cracks in the concrete slabs with double-row 
studs would extend forward in a herringbone 
pattern or along the centre of the stud as 
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longitudinal shear failure occurred [2~3]. Nie 
verified that the transverse reinforcement ratio is 
the main factor to prevent longitudinal shear 
failure of the composite girders through the test 
study, and established a simplified formula for 
calculating the longitudinal shear strength of 
composite girders [4]. Wang et al. studied the 
performance of high strength steel and concrete 
composite girders through numerical simulation, 
considering parameters of the geometrical 
dimension of concrete slabs, transverse 
reinforcement ratio and material strength. The 
numerical analysis result showed that the 
longitudinal slip was affected by material strength, 
width of concrete slab and transverse 
reinforcement during in-elastic stage [5]. Zhao 
studied the flexural test for the composite girders 
adopting different concrete compressive strengths, 
and found that the longitudinal shear resistance 
was improved with concrete strengthen increasing 
[6]. Shamass carried out parametrical analyses 
considering geometric dimensions and 
arrangement of shear connectors, and proposed a 
reduction coefficient for estimating the ultimate 
bending capacity of high strength composite 
girders with S460 and S690 steel considering the 
difference in the stress distribution [7]. Jun 
conducted four-point bending tests on 11 high 
strength steel composite girders. The results show 
that the bending capacity of the test girders with 
longitudinal shear failure decreased by 10%~15% 
compared with the test girders with bending failure, 
and the ductility is also significantly reduced [8]. 
Lowe conducted a modified push-off test on the 
steel-concrete composite girder to study the 
longitudinal splitting failure, and the results 
showed that transverse reinforcement can provide 
bending capacity for composite girders by limiting 
the extend of longitudinal cracks [9]. 
Grzeszykowski considered the strain softening of 
concrete, combining with the bilinear stress-strain 
relationship of steel, a fibre calculation model for 
calculating the longitudinal shear distribution of 
steel-concrete composite girders was proposed 
[10]. Subhani conducted a comparative 
experimental study on the longitudinal shear 
performance of steel-concrete composite girders 
strengthened by high-strength bolts. The results 
showed that the shear interface of the test girder 

was not significantly damaged after reinforcement, 
and the ultimate capacity was increased by 40,2% 
compared with that of the unreinforced girder [11]. 
Zhang carried out experimental study for steel-
concrete composite girders with different 
transverse reinforcement ratios, and a simplified 
calculation formula for the longitudinal shear 
capacity was proposed [12]. Zhu carried out 
bending tests on steel-UHPC composite girders 
with different transverse reinforcement ratios and 
the failure modes were analysed. The results 
showed that the composite girder with the 
transverse reinforcement ratio of 0,33% also 
restrained the longitudinal shear failure, and the 
ultimate capacity was not significantly reduced due 
to the steel fibres [13]. 

After calibration by the experimental results, a 
numerical investigation was carried out to study 
the longitudinal shear behaviour of high strength 
steel and concrete composite girders in this paper, 
considering the transverse reinforcement ratio in 
concrete slab, concrete strength and steel grade. 
Based on the numerical simulation result, the 
suggested transverse reinforcement ratio to 
prevent the longitudinal shear failure of high 
strength steel composite girders was proposed, 
and the material strength matching between 
concrete from C50 to C80 and steel grades from 
Q345 to Q690 was suggested for the concrete slab 
and steel girder, which can provide references for 
the design of high strength steel composite girders. 

2 Validation of the FE model 

2.1 Establish of FE model 

A test girder was used to calibrate the numerical 
model. This test girder was simply supported with 
the length of 3300mm and 454mm in depth. The 
concrete slab was 80mm in depth and 800mm in 
width with the longitudinal reinforcement ratio of 
0,88% and the transverse reinforcement ratio of 
0,64%. Double-row studs were welded on the top 
flange of the steel girder with the horizontal centre 
distance of 100mm and the longitudinal centre 
distance of 55mm. The test girder adopted full 
shear connection. The numerical model was 
established to investigate the longitudinal shear 
behaviour of the high strength steel and concrete 
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composite girders, as shown in Figure 1. In order to 
simulate the actual test girder which was 
symmetrically loaded through a distribution girder, 

vertical displacement was applied on the loading 
pad respectively. 

Figure 1. FE model 

The solid element with reduced integration (C3D8R) 
was used to simulate the concrete slab, steel girder, 
studs, and stiffeners. The truss elements T3D2 was 
selected for the reinforcement in the concrete slab. 
The reinforcement and studs were embedded in 
the concrete slab, and the steel girder was tied with 
the stiffeners and studs. The normal interaction 
between the slab and the steel girder was 
simulated by the hard contact, and penalty-
function was defined in the tangential interaction.  

For concrete slab casted by C50, the tested 
compressive strength of was 48,8 MPa by cubic 
specimens and the tested elastic modulus was 33,2 
GPa by prism specimens at 28 days. The tested 
yielding strength and ultimate strength of the Q420 
steel used for the steel girder were 459,4 MPa and 
614,4 MPa respectively [14]. The concrete was 
adopted the stress–strain law in Code for Design of 
Concrete Structures (GB 50010-2015) and the 
steels were described by the trilinear material 
model. 

2.2 Failure mode and load-displacement 
curve 

The load-displacement curves obtained by the 
finite element analysis and the test results are 
shown in Figure 2. Learn from Figure 2, the bending 
process includes three stages of elasticity, 
elastoplasticity and plasticity. The elastic stage and 
following longitudinal concrete slab cracking was 

found during the test study. The longitudinal shear 
cracks appeared on the bottom surface of the 
concrete slab at 719kN and then developed rapidly 
as the load increased. When the load increased to 
1233kN, the steel girder began to yield and the 
displacement is 30,2mm. The longitudinal shear 
cracks penetrated the top surface of the concrete 
slab at 1239kN and the test girder was unloaded 
due to split failure, which is consistent with the 
experimental results. Learn from numerical results 
shown in Figure 2, the ultimate load when the test 
girder split obtained by FE model is 1239kN, and 
the corresponding displacement is 30,9mm. The 
ultimate capacity obtained by FE analysis is 1,9% 
higher than the test results, and the displacement 
is 4,4% higher than the measured displacement. 
The ratio of the ultimate capacity to the yielding 
load obtained by test results is 1,03 while the FE is 
1,00, and the ratio of corresponding displacements 
is 1,08 while the FE is 1,02, indicating low ductility 
and less strength reservation of the test girder 
under longitudinal shear failure. The failure modes 
observed in test and finite element analysis were 
compared in Figure 3. Both the test results and 
finite element analysis results show that the failure 
mode of the test girder was the split failure along 
the longitudinal centreline of the stud. The 
comparative results in Figure 2 and Figure 3 show 
that the FE model are in good agreement with the 
test results, which can reflect the load-
displacement response of the test girder accurately. 

507



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

0 20 40 60 80
0

500

1000

1500

Lo
ad

 (k
N

)

Displacement (mm)

 Test
 FE

Figure 2. Comparison of the load-displacement 
curves at mid-span section 

(a) Failure mode of FE analysis

(b)Test failure mode

Figure 3. Failure modes of FE analysis and test 

2.3 Strain of concrete slab and steel girder 

Figure 4a presents the longitudinal strains of 
concrete slab during loading process. The strain of 
the concrete slab at mid-span section increased 
linearly until attaining ultimate strain. At the 
ultimate state, the measured concrete strain is 
1502με during test study, which has good 
consistence with the numerical concrete strain of 
1511με. It shows that the section of the concrete 
slab was still in the elastic stage, and the 
compressive strength of the concrete was not fully 
utilized due to the longitudinal shear failure. 

Figure 4b shows the steel strain at bottom plate of 
composite girder during loading process. The 
maximum tensile strain of the bottom flange of 

steel girder is 3133με, and the maximum strain of 
the steel girder reached 2845με obtained from the 
FE model, which is 9% lower than the test results. 
The results further confirm that when high-
strength steel is used to composite girders, the 
longitudinal shear capacity of the high strength 
steel and concrete composite girders also need to 
be further improved. 
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Figure 4. Load and strain curves at mid-span 
section 

3 Parametric analysis 

3.1 Effect of transverse reinforcement ratio 

Figure 5 shows a bar chart that the ultimate 
capacity for FE models with transvers 
reinforcement ratio   ranging from 0,64% to 1,41%. 
The FE models are same as the test girder, and the 
concrete is C50 while the steel is Q420. Learn from 
Figure 5, the transverse reinforcement ratio of 
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concrete slab has little effect on the ultimate 
capacity of the high strength steel and concrete 
composite girders. However, when the transverse 
reinforcement ratio less than 1,18%, high strength 
steel and concrete composite girder will occur the 
longitudinal shear failure. 
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Figure 5. Effect of transverse reinforcement ratio 

The calculation formula for the longitudinal shear 
capacity was used to further study the effect of the 
transverse reinforcement ratio on the longitudinal 
shear strength of high strength steel composite 
girders. According to the Chinese specifications of 
Specifications for Design and Construction of 
Highway Steel-concrete Composite Bridge (JTG/T 
D64-01—2015), the formula was proposed to 
calculate the longitudinal shear capacity of RC slab 
in the composite girders. Based on this formula in 
JTG/T D64-01—2015, the relationship between the 
longitudinal shear force and the transverse 
reinforcement ratio can be acquired, as shown in 
Figure 6. 

In Figure 6, Vld is the calculated longitudinal shear 
force that Vld1 refer to the vertical interface along 
the thickness of the slab while Vld2 refer to the 
vertical interface which envelopes the studs. The 
longitudinal shear resistance VlRd1 and VlRd2 refer to 
the same interface as VlRd1 and VlRd2 respectively. 
Learn from Figure 6, the calculated longitudinal 
shear force VlRd1 is always higher than the 
longitudinal shear resistance Vld1, but when the 
total area of transverse reinforcement per unit 
length is less than 0.96 mm2/mm, the Vld2 will be 
higher than Vld2, resulting the longitudinal shear 
failure.  

Therefore, in the design of high strength steel and 
concrete composite girders, it is suggested that the 
transverse reinforcement ratio should be 1,18% ~ 
1,41% to ensure that the composite girders 
undergo bending failure and make full use to the 
advantages of the high strength materials. The 
reason is when high strength steel is used to bear 
greater tensile stress, the axial pressure of the 
concrete slab increases and will lead to an increase 
of the longitudinal shear force Vld. Therefore, it is 
necessary to appropriately increase the transverse 
reinforcement ratio to increase the longitudinal 
shear strength VlRd, so as to ensure that Vld < VlRd in 
high strength steel and concrete composite girders 
and avoid longitudinal shear failure. 
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Figure 6. Longitudinal shear capacity-transverse 
reinforcement ratio curves 

3.2 Effect of concrete compressive strength 

The finite element model of high strength steel and 
concrete composite girders with a transverse 
reinforcement ratio of 1,18% was used to analyse 
the optimal material matching and longitudinal 
shear strength. Figure 7 shows the ultimate 
capacity and displacement of composite steel and 
concrete composite girders, considering concrete 
grade of C50 to C80 and steel grades of Q420 to 
Q690. Learn from Figure 7, when the concrete 
strength varied from C50 to C60, the ultimate 
capacity of composite girders with Q420 and Q460 
steels increased 1,0% and 0,9%, and the ultimate 
displacement increased 12,0% and 12,1% 
respectively; When the concrete strength 
increased from C60 to C80, the ultimate capacity of 
composite girders with Q460 and Q500 steels 
increased 0,9% and 1,7%, and the ultimate 
displacement respectively increased 6,9% and 7,7%; 
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When the concrete strength increased from C70 to 
C80, the ultimate capacity of composite girders 
with Q500 and Q690 steels increased 0,7% and 
0,6%, and the ultimate displacement increased 3,9% 
and 3,5% respectively. The results show that 
increasing the strength of concrete has little 
contribution to improving the ultimate capacity 
and ultimate displacement of the composite 
girders, and even increasing the strength of 
concrete from C50 to C80 for Q460 steel, the 
ultimate capacity of composite girders was only 
slightly improved by 1,7%. 

The results of the numerical analysis show that the 
increase of concrete strength not only improves 
the ultimate capacity and ultimate displacement, 
but also has an effect on the longitudinal shear 
strength. When Q420 steels were used for the 
girder, the longitudinal shear strength of concrete 
slab from C50 to C60 increased 17,3%; When the 
concrete strength increased from C60 to C80, the 
longitudinal shear strength of composite girders 
with Q460 and Q500 steels increased 20,2% and 
30,8% respectively; And the longitudinal shear 
strength of composite girders with Q690 steels 
increased 9,1% when the concrete strength 
increased from C70 to C80. The above results show 
that the improvement of concrete strength is 
beneficial to the longitudinal shear strength of 
composite girders when the steel grade unchanged. 
Therefore, when the composite girders of C50 
concrete and Q420 steel can avoid longitudinal 
shear failure, the transverse reinforcement can be 
properly densified when the concrete strength 
increased. 

In the design of high strength steel and concrete 
composite girders with steel grades of Q420, C50 
was suggested with priority. When Q460 and Q500 
were used in composite girders, it is recommended 
that concrete give priority to C60. And when the 
steel of composite girders was Q690, the use of C70 
for concrete slabs should be preferred. 
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Figure 7. Effect of concrete strength on ultimate 
capacity and ultimate displacement 

3.3 Effect of steel grade 

The effect of steel grade on high strength steel 
composite girders with the transverse 
reinforcement ratio of 1,18% was studied by 
varying the steel grades from Q345 to Q690. Learn 
from Figure 8, the ultimate capacity of the 
composite girders with concrete strengths of C50 
and C60 are increased by 5,8% and 5,6% for the 
steel grade increased from Q420 to Q460, and the 
ultimate displacement increased 5,6% and 5,7%. 
When the steel grade increased from Q460 to Q500, 
the ultimate capacity of composite girders with 
concrete strengths of C60 increased 20,0% and the 
ultimate displacement increased 26,4%. For the 
composite girders with concrete strengths of C60 
and C70, when the steel grade increased from 
Q460 to Q500, the ultimate capacity increased 20,4% 
and 21,0% respectively, and the ultimate 
displacement respectively increased 27,4% and 
26,5%. When the steel grade increased from Q500 
to Q690, the ultimate capacity of composite girders 
with concrete strengths of C70 increased 25,0% 
and the ultimate displacement increased 3,6% 
while the ultimate capacity of composite girders 
with concrete strengths of C80 increased 25,5% 
and the ultimate displacement increased 3,2%. 

For composite girders with C50 concrete, when the 
steel increased from Q345 to Q420, the 
longitudinal shear strength decreased 6,5%. When 
the C60 concrete was used in composite girders, 
the longitudinal shear strength decreased 23,9% 
with the steel increasing from Q420 to Q500. When 
the steel increased from Q460 to Q690, the 
longitudinal shear strength of composite girders 
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with C70 and C80 concrete decreased 16,0% and 
15,8% respectively. Therefore, when high-strength 
steel is used, it is necessary to consider the dense 
arrangement of transverse reinforcement. 

Fig. 8 indicates that for C50 concrete, when steel 
increased from Q345 to Q420, the ultimate 
capacity and ultimate displacement increased most 
obvious, which is suggested with priority. For C60 
concrete, when Q500 steel was used, the ultimate 
capacity and ultimate displacement can improve 
more than 20%; For C70 and C80 concrete, when 
the steel grade increased from Q500 to Q690, the 
ultimate capacity can increase more than 20%, but 
the increase in ultimate displacement does not 
exceed 4%, so it can be selected according to the 
concerned factors. 
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Figure 8. Effect of steel grade on ultimate capacity 
and ultimate displacement 

4 Conclusions 
In this paper, both experimental and numerical 
studies were carried out to study the longitudinal 
shear behaviour of high strength steel and concrete 
composite girders, and the following conclusions 
can be listed: 

(1) The finite element model established can
simulate the longitudinal shear failure of high
strength steel and concrete composite girders, and
the calculated results are in good agreement with
the experimental results.

(2) The formula for longitudinal shear capacity of
the concrete slab proposed by current
specifications shows the transverse reinforcement
ratio of high strength steel and concrete composite
girders should no less than 1,18% to prevent the
longitudinal shear failure.

(3) Through parameter analysis, the steel strength
of the composite girder has a greater influence on
the ultimate capacity of the high strength steel and
concrete composite girders than concrete strength.

(4) Based on the results of tests and numerical
simulations, in the design of high strength steel and 
concrete composite girders, the strength of steel
should not be lower than Q420, and the concrete
strength greater than C60 were suggested with
priority for concrete slab.
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Abstract 
With rapid urbanisation, pressures on the urban transport facilities have increased manyfold for reasons of 
ever increased population and demands for better living. Rail based Mass Rapid Transit Systems (MRTS) be 
it elevated or underground was the first choice of the Indian Cities, which is changing now with more and 
more interest coming from 2nd and 3rd Tier Cities, Light Rail Transit System (LRTS) and trolley bus is gaining 
momentum and this become preferred choice in tier 1 cities as well to provide last mile connectivity, in sync 
with multi-modal integration to for door-to-door service. In order to control cost, it is now more and more 
explored to adopt to At Grade Section in such light transit systems. But at junction of such at grade section 
with Elevated / Underground stretch, it becomes inevitable to provide transition section. This paper aims in 
elaborating approach to design such transition zone for trackwork. 

Keywords: rail based transportation; light rail transport; transition of railway track; bridge to 
ballasted track transition; track deflection under railway load. 

1 Introduction 
In present day, more and more Cities are leaning 
towards adopting Mass Transit System termed as 
“Metro”, be it Metro Lite / Metro Neo or full 
fledged Metro Rail System.  Second and Third Tier 
Cities like Nashik, Thane, Gorakhpur, Jammu, 
Srinagar and Coimbatore, are becoming more and 
more interested about getting light rail based 
system to ease the traffic load. In order to make the 
projects viable, it is of utmost importance to reduce 
the Capex of the project and the effective way to 
reduce the cost is by eliminating the need of 
construction of heavy infrastructure and bring the 
alignment down to at grade wherever possible. 

In addition to reduction of cost, the at grade 
sections bring inevitable interfaces with elevated / 
underground sections as there are need to 
decongest crowded places and some unavoidable 
obstructions like waterbodies etc. In such locations, 
different types of tracks are provided and as a 
result transition zone is needed to be provided in 
such junctions. 

Although at present, there are standard practices 
for providing such transition zone (like for 
conventional rail, this is provided since long at 
junction of bridges with ballasted sections, or in 
practice for long running LRT systems (like in 
European countries / Singapore), in countries like 
India, where the system is just picking up pace, 
there is either option for adopting any of the 
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standard practices (which, obviously will not match 
either in load and speed or the ground / 
environmental condition will not match to totality). 
To this point, this paper elaborates the approach to 
design of such transition zone based on first 
principle of rail deflection in different track type 
alongwith overview of different track types used in 
LRT.  

2 The  “New” Mass Transit System 

2.1 Increase in Vehicular Traffic 

Daily vehicular trips in Indian urban areas had seen 
manifold growth in past few years, and trend is 
growing even now. For sustained development, 
urban transport infrastructure has to register at 
least similar growth. The total number of registered 
vehicles has increased from 0.3 million in 1951 to 
295.8 million in 2019 (Ref. Figure 1). 

Alongwith this, issues such as area under transport 
use including parking, public transport system, 
pedestrian facilities, and traffic management/ 
signage needs to be addressed comprehensively.  

Figure 1. Year-on-Year Growth Chart of Vehicle in 
India (Ref. Road Transport Yearbook- 2017-18 & 

2018-19 MORTH, GoI) 

With this phenomenal growth in number, the 
dwelling time on road has also increased manifold 
as the road space has not increased in the same 
proportion and the cities increased their 
boundaries engulfing the nearby suburban areas 
into greater city limits. 

2.2 The Solution: Introducing Mass Transit 
System that is Cost Effective 

Such growth is not only limited to cities like Delhi 
or Mumbai or Kolkata, but so called smaller and 
second-third tier cities also now started facing 
trouble of traffic congestion and looking for 
solution in providing mass transit system to cater 
the greater need. Additionally for environmental 
protection, the need gets shifted to use more of 
green energy sources (mostly electrically powered). 
As a result, now even the second and third tier 
cities in India also moving towards augmentation of 
Public Transport system, and in particular, looking 
for Metro System, be it Metro Neo (Pneumatic Tyre 
based guided System like trolleybus) or Metro Lite 
(Rail Based Light Transportation, LRT) or full 
fledged Metro Rail (MRT) System. While it costs Rs 
222 crore per km to construct a conventional metro 
rail, a Metro Lite (as it is called in India), which 
resembles a tramway or LRT, costs Rs 140 crore per 
km, and Metro Neo, which is more like an electric 
trolleybus, costs Rs 71 crore per km. Both the new 
technologies will not only complement the 
conventional metro, but could be good alternatives 
for providing last-mile connectivity in the 
peripheral areas of larger cities.  

In smaller towns, the solution to provide fully grade 
separated metro corridor often do not become 
feasible. It is often preferred to have a grade 
separated system in the location which is more 
congested, and then become at grade where 
adequate space is available to save on Capex.  

2.3 Choice of Transport System 

India already has 717 km of metro rail network and 
work is under way in another 1,000 km stretch. 

The benefit of using metro lite (or LRT) over 
conventional metro is not only the reduced capex, 
but also its ability to manoeuvre within a restricted 
space, at it needs less width for construction (due 
to less live load the dimension of the structure is 
less), can adopt to sharper gradient (making it 
more feasible for hilly / rolling terrain) and can take 
sharper curves (which is often a constraint for 
smaller cities as less road space is available and the 
roads are often meandering. In the following 
sections of this paper, we shall concentrate upon 
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the Light Rail Perspective in smaller towns in with 
part at grade and part elevated situation. The 
Pneumatic Tyred Electric Trolleybus is not 
discussed as it needs no special treatment at the 
Elevated – At Grade Junction point. 

3 Typical Track System in LRT 
The lifeline of any rail based system is the Track or 
the Permanent Way on which the Vehicles run. In 
general classification, there are three broad 
categories of track types: 

3.1 Ballasted or Conventional Track 

This option is adopted for non-urban sections 
where track is at grade and segregated from roads 
with low interface with cars, where the road space 
is not shared by the track and adequate space is 
available to construct such track. Also this can be 
applied at switch-over ramps if properly designed. 

This is having by far the least Capex and easiest to 
maintain for areas prone to ground settlement. 
Though regular and periodic maintenance time and 
cost involvement is more in this. 

Figure 2. Typical Ballasted Track 

Ballasted Track can be provided on bridges also, 
but this would increase the dead load on the bridge 
and will need in increase of structure sizing, which 
defeats the basic purpose of having LRT, which is to 
reduce the footprint of structure. Hence the 
solution of providing ballasted track on bridge is 
not very interesting in context of LRT. 

3.2 Ballastless Track on Rigid Deck 

The track on viaducts is essentially Plinth Track 
application with concrete plinths built directly on 
the viaduct deck which are secured to the civil 
structure by means of shear connectors embedded 
in viaduct deck. 

The plinths are constructed as discontinuous 
reinforced concrete beams with Derailment 
containment to support the running rail with 
fasteners.  

A derailment containment plinth is also provided to 
limit consequences of a derailment. The shape of 
plinth is planned such a way that there is no conflict 
between rolling stock equipment and the plinth. 

Though the Capex for such trackbed is higher, the 
combined effect including the consequence of 
having higher section dimension of structure to 
support ballasted track often provides economical 
solution. The maintenance cost is also reduced for 
this type of track structure. 

Figure 3. Typical Plinth Track 

In case designed such way, plinth track can also be 
extended on grade section, provided there is 
provision of concrete rigid pavement for placing 
the track. This is often adopted in order to avoid 
provision of transition slab if small at-grade section 
is sandwiched between two rigid decks where 
plinth track is proposed. 

3.3 Embedded Track 

Used in at grade urban sections where track is 
interfaced with vehicular traffic / road 
intersections or at grade stations, This type tracks 
are generally laid over a consolidated compacted 
levelled ground with heavily compacted granular 
material and having a minimum Ev2 deformation 
modulus of 45N/mm² and Ev2/Ev1 ≤ 2 
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Figure 4. Typical Embedded Track 

Rail is encapsulated by elastic prefabricated resin 
bonded rubber profiles with a unique shape and 
adapted stiffness characteristics adapted to 
vibration damping requirements and a steel 
reinforced concrete structure maintains the rail. 

Capex of Embedded track system is the highest, but 
this is non-replicable for any traffic intersection if 
no grade separated guideway is not planned. 

3.4 Track Transition 

As there is different types of tracks to select from, 
there is location where two different track types 
meet. At such location track transition is needed to 
be provided. 

For operation of trains on track transition zone, the 
primary parameter that must not be breached is 
there should not be considerable variation in rail 
deflection. The design of Track Transition is based 
on the same principle. The behaviour of track in 
ballasted -Ballastless Junction is often as under: 

 Figure 5. Track Deformation at Transition Junction 

The purpose of designing transition zone is to avoid 
such sudden variation in deflection and provide a 
smoother switchover in trackbed. 

In this regard, the guidelines provided in EN 16432-
2 (clause 6.8) may be considered. The excerpts of 
the said guidelines can be summarised as: 

a. Find out the track deflection in both sides
of the transition junction, let the difference 
is δ mm.

b. The total deflection needs to be achieved
in intermediate stages numbered (n) =
δ / 0.5

c. Length of each such intermediate stage
shall be minimum of:

a. 0.5 x V in m (where V is speed in
m/s) 

b. Length of Wagon or Locomotive
whichever is higher

However, different railway systems have their own 
development and guidelines for providing such 
transition zone. 

4 Conventional Solution to Track 
Transition 

Globally various railways are using specially 
selected and compacted back fill material behind 
abutment to provide gradual change in stiffness of 
track on account of change in track substructure. 
Provision of drainage layer behind abutment is also 
a must. 

Figure 6. Track Transition of Italian Railway 

Figure 7. Track Transition of German Railway 
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The above examples are based on years of 
experience in providing seamless service, and 
dependent of the local soil parameters as well as 
the rolling stock behaviour and speed potential. 

However, these solutions are mostly for 
conventional railway and for light rail, it is better  

to follow the analytical approach based on the 
concept by EN code. This principle, can also be 
adopted for any other railway system suitably 
modifying with respect to the input data. 

5 Approach for Transition Slab 
Design 

The analytical approach uses the track bed stiffness 
and the axle load / wheel position. Also in this 
method the impact of other wheels are taken into 
account, though the system depends on Beam on 
Elastic Foundation (BOEF) theory and the results 
more resemble the Ballasted Track condition 
supported over Sleeper, this gives a reasonable 
understanding of the rail deflection in case of plinth 
Track as well. 

For Deflection of Embedded Track, which is 
generally continuously supported, it is always 
recommended to model the system in FEM 
modelling software to calculate the deflected 
shape and final maximum deflection. 

Figure 9 - Finite Element  Showing Deflected 
Shape.  

Based on the Deflection of rail the relative 
deflection is worked out and the rest of the 
calculation is done as per the computed value. 

5.1 Input Information 

For Ballasted Track, the most important factor is 
the EV2 value of the trackbed, that is needed to be 
determined from field investigation. 

Other than that, the following parameters are also 
needed regarding the track system, below are 
some standard values considered for 60E1 Rail that 
is used for Railway Projects in India. 

Table 1. Track Parameters for Computation 

Parameters Value Units 

Weight of Rail 60,21 kg/m 

Cross Section Area 
of Rail 

7 670 mm2 

Figure 8. RDSO Drawing for Ballasted-Ballastless Transition (Ref. 8) 
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Section Modulus- 
Head, Zx-h 

333,6 cm3 

Section Modulus- 
Foot, Zx-f 

375,5 cm3 

Ix 3 038 cm4 

E 210 000 N/mm2 

Poisson's Ratio of 
Steel 

0,3 

G 80 769,23 N/mm2 

Few of other information like Axle Load of the 
corridor is also important to be considered for 
consideration, for sample case, the axle load may 
be considered as 12 MT for sample LRT. 

Some specific vendor data is also needed for 
computing which is specific to the fastening system. 

5.2 Standard Data from Vendor 

The following data from supplier is considered for 
design as sample value. This are project specific 
and needs to be confirmed from the supplier. In 
case the deflection needs to be contained by 
fastening system, iterations can be done in order to 
find out specific stiffness of the assembly and such 
product can be ordered.  

Table 2. Vendor Data 

Parameters Value Units 

Sleeper Bearing Area 593 000 mm2 

Sleeper Spacing 650 mm 

Ballasted Track 
Fastening Stiffness, 

Static 

35 kN/mm 

Base Plate Area for 
Plinth 

102 000 mm2 

Fastener Spacing 650 mm 

Plinth Track 
Fastening Stiffness, 

Static 

22,5 kN/mm 

Static to Dynamic 
Stiffness ratio 

1,25 

Toe Load Max per 
fastener 

13 kN 

The above data from Section 5.1 and Section 5.2 
will be, in turn used in sample calculation of 
Settlement analysis. 

5.3 Deflection Computation by Analytical 
Method 

A common empirical approach, which is 
generally accepted for “standard” track 
sections without influence of additional 
complicating factors is Eisenmann’s method. 
This follows EN 16432 and DB RIL 820.2020 
general approach is outlined below:  

1) Use Winkler Method to calculate the
elastic beam length.    (1) 

ctot 

= (1/c1 + 1/c2 + 
1/c3) - 1 (2) 

C1, C2, etc. = stiffness of different elements 
in the rail fastening and track bed  

Lel = elastic length [mm] 

ER = 
Modulus of Elasticity Rail 
(210000 N/mm2) (ER) 

lR = 
vertical Moment of Inertia, 
Rail (IR) 

a = 

rail seat spacing or length of 
embedded rail section 
[mm]  

2) Calculate rail deflection y0 [mm] for a
single wheel load Q0 [N] acting above
rail seat and additional rail deflection
due to influence ηi = of an additional
wheel load i at position xi [mm]

y0 = (Q0 x a)/(2 x ctot x Lel) (3) 

ξi = xi /Lel (4) 

ηi =(sin ξi  + cos ξi)/eξi (5) 

This method can be used to check and modify items 
such as rail seat spacing, layer depths and stiffness 
modulus of layers to tweak designs and repeat 
checks. 

𝐿𝐿𝑒𝑒𝑒𝑒 =  �
(4 𝑥𝑥 𝐸𝐸𝐸𝐸 𝑥𝑥 𝐼𝐼𝐸𝐸 𝑥𝑥 𝑎𝑎)

𝑐𝑐𝑡𝑡𝑡𝑡𝑡𝑡

4
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5.4 Sample Calculation 

The following section details a sample calculation 
with representative data, elaborating the principle. 
The steps include first finding out the dynamic 
impact factor, there are methods described in 
different country specific code of practice, 
however, we are considering generic method as 
has been prescribed by different bodies to 
compare the result and select based on the results. 
Then the deflection of rail in two boundary 
conditions are calculated for single axle load (for 
simplification) and based on the deflection values, 
the overall dimensioning of the transition slab is 
proposed. 

We considered use of Concrete Transition Slabs as 
transition slab in this sample calculation. There are 
other approaches for creating the transition, but all 
of the same depends on principle of distributing 
the rail deflection differential. 

The following table shows the result of impact 
factors obtained from various empirical method 
using 80kmph LRT with 880mm dia wheel and with 
moderate maintenance and minimum 19m viaduct 
span. For further computation, the maximum of 
the same is considered. 

Figure 10 – Summary of Impact Factor, φ.  

The Dynamic Load is considered Pdyn = φ.Pstat 

Based on the above computation is carried out for 
different track types: 

For Plinth Track: 

Figure 11 – Summary of Displacement for Single 
Wheel Case Plinth Track 

For Ballasted Track for following bed condition, the 
deflection is computed: 

Bed Material Good  

Track-bed modulus, C 100 N/cm3 

Figure 12 – Summary of Displacement for Single 
Wheel Case Ballasted Track 

Hence, the difference in Rail Deflection considering 
single wheel action is 2.173-1.314mm = 0.859mm 

This deflection can be further accurately worked 
out with axle position details. For example, the 
total deflection considering 4 axles spaced at 
1800mm c/c on the same system with ballasted 
track will yield overall deflection of 2.692mm. The 
theory for the same used is elaborated in section 
5.3. 

1 AREA (American Railroad 
Engineering Association) 
Formula 1.47

2 Eisenmann's Formula 1.23
3 ORE (Office of Research 

and Experiments of the 
International Union of 
Railways) Formula 1.31

4 Indian Railway Formula, 
(MM Aggarwal) 1.37

5 German Formula 1.21
6 Bridge Rule, RDSO 1.47
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5.5 Dimensioning of Transition Slab (Based 
on Sample Compution) 

We shall use the single axle deflection in this regard 
to finalize on the length of transition zone / Slab. 

The Change in rail deflection is 0.859mm, hence the 
number of intermediate zones required will be 1, 
considering maximum deflection change allowed is 
0.5mm., so one intermediate transition slab will 
allow deflection variation of approx. 0.4mm to 
allow the overall change within less than 0.5mm in 
all cases. 

The length of such transition slab, with respect to 
80kmph speed will be (80/3.6)*0.5m = 11.11m or 
say 12m. 

Width of the transition slab shall be equal to the 
spread of ballast bed at minimum. 

Figure 13 – Typical Transition Zone Sketch 

The achievement of such variation in stiffness is 
attained by different methods, which can be by 
using different stiffness of elastic pad to achieve 
the stages in rail deflection or by using glued ballast 
of using additional rail to add to rigidity of sleeper 
to achieve required deflection range. 

However, the simplest option is to include a 
Reinforced concrete slab / PCC Slab under the 
ballast bed to control the stiffness. In this approach, 
the overall construction becomes simpler, however, 
management of asset with different stiffness of 
elastic pad becomes tedious and meticulous 
planning in asset management is needed in order 
to achieve proper maintenance in such condition. 
In general, it is, therefore, recommended to use 
single type of rail pad / fastening system in the 
entire corridor and use transition slab, which is a 
fixed asset which needs minimal maintenance in its 
service life. 

The following section highlights the dimensioning 
of such concrete transition slab. Now, Young’s 
Modulus for concrete is as per IS 456:2000 

𝐸𝐸𝑐𝑐 = 5000 ∗ √𝑓𝑓𝑐𝑐𝑐𝑐         (6) 

Or Ec is approx. 30000 MPa 

The thickness of Plinth Track is 185mm below rail 
seat, then equivalent thickness of bound base 
(PCC/RCC on 100 MPa EV2 Soil Bed) under the 
ballasted track will be computed from the following 
equation: 

𝐻𝐻′ = 0,9 ∗ ℎ∛𝐸𝐸2
𝐸𝐸1

         (7) 

Where h is the thickness of Plinth Track, E2 and E1 
are respectively the Young’s modulus of Concrete 
and the material used for Transition Slab, which 
can be M20 Grade Concrete, and hence the E2 can 
be 22350 MPa. It may be noted that the thickness 
arrived such considers the system modulus (K) to 
be of same magnitude, but in this case, the system 
modulus of Plinth Track is 42,9 MPa and for 
Ballasted Track is 21,9 MPa (ref Fig 11 & 12). 

The overall H’equiv is hence to be factored by ratio of 
42,9 /21,9 

Hence from Eq. 7, the H’ works out to be 184mm, 
and with correction factor the equivalent thickness, 
H’equiv works out to be 352mm of M20 Grade 
Transition Slab. 

Hence, as per this computation, a transition Slab 
needs to be provided with end of Plinth Track edge 
equal to 350mm and the Ballasted Track End equal 
to 100mm with M20 Grade of Concrete. 

Figure 14 – Typical Transition Zone based on the 
sample  

The length of such transition slab is 12m as per the 
computation. 
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5.6 Other Important Parameters: 
Alignment on Transition Zone 

The transition zone is needed to specifically take 
care of proper drainage, and minimum 0.3% 
gradient is needed to be provided in the transition 
zone. Regarding Horizontal Alignment, there is no 
such specific bounding rules for the track, except 
the stretch needs to be checked for adequacy in 
stability with normal ballast bed resistance. 

5.7 Other Important Parameters: 
Derailment Risk 

The sections on Elevated corridor inevitably has the 
provision for derailment guard which minimises 
impact of derailment. Generally such provision is 
not there in at grade section. Hence if such 
transition zone is planned on switch-over ramp, 
which is above ground, the section needs to be 
provided with Guard rail Arrangement. 

Even if the section is on ground before approach of 
switch-over ramp, guard rail is recommend to be 
provided for at least 1 Car length of the running 
vehicle in order to have additional safey. 

6 Design of Transition Slab 
The Transition Slab is generally considered as RCC 
Structure designed with nominal reinforcement to 
cater for differential settlement. 

In general the minimum governing reinforcement 
for any slab member as per the governing code of 
practice is provided in such transition slab. 

In some situation, with adequate quality of 
subgrade, the transition slab can be considered as 
mass PCC with nominal skin reinforcement to 
control thermal crack. Sample of such approach 
can be found in (now withdrawn code of practice) 
BA 24/87 published by “The Scottish Office 
Development Department” on Early Thermal 
Cracking of Concrete. 

The design of such slab is simple once the 
dimensions are finalized and hence in this paper 
the finalization of dimension of such elements are 
detailed and not the specific reinforcement design 
of transition slab. 

7 Conclusion 
In order to keep the capex of any LRT in check it is 
very much important to maximize the length of At 
Grade Section, and in such condition, having 
transition zone at the junction of At-Grade and 
Elevated/underground Section becomes a 
necessity. There are various approaches for 
providing transition zone, including the one 
suggested by RDSO for conventional rail in India, 
but none of these can be an exact fit for the LRT 
condition, and this paper brings together the 
approach that can be adopted while planning a 
track transition zone for LRT. 
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Abstract 
A promising system for accelerated bridge construction is the simply supported T-girder bridge with 
wide girder spacing and steel diaphragms. However, the influence of steel diaphragms on this 
system is unclear. A space grillage model was presented to conduct a parametric study. Three forms 
of the number of steel diaphragms were considered: with three diaphragms, with two end 
diaphragms only, and without diaphragm. It is found that the reduction of the number of steel 
diaphragms reduces the stresses of girders under dead load; under eccentric vehicle load, the 
removal of steel diaphragms changes the load transfer coefficient and leads to uneven load 
distribution. However, under load combination conditions, the removal of steel diaphragms has a 
modest positive effect of reducing stress and deflection envelop values for girders and can bring the 
most adverse situation of each girder closer. 

Keywords: assembled T-girder bridge; space grillage model; diaphragm; main girder performance. 

1 Introduction 
With the development of accelerated construction, 
a promising system is proposed, which is the simply 
supported T-girder bridge with wide girder spacing 
and steel diaphragms. This type of bridge allows 
girders prefabricated in the shop and the adjacent 
girders connected on field by longitudinal wet 
joints as well as steel diaphragms. However, the 
installation of steel diaphragms causes 
inconvenience, and the influence of the 
diaphragms on the performance of each girder is 
unclear. Lungui Li et al [1] investigated the effect of 
intermediate diaphragms on the deflections and 

flexural strains of girders at the midspan of decked 
bulb-tee bridges and recommended one 
intermediate diaphragm at midspan be used. 
Tedesco et al [2] showed that the removal of 
diaphragms has only a modest effect on the 
response of the bridge while reducing the 
maximum negative bending moment of the slab, 
leading to improved deck performance through the 
finite element method. Tanya Green et al [3] 
analysed the effect on the overall stiffness and 
deflection of main girders at different inter-section 
angles between the intermediate diaphragm and 
the main girder by considering the effects of 
temperature differences, bearings, and other 
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factors. The grillage analysis method has higher 
accuracy than the rigidly connected beam method 
in calculating the transverse distribution 
coefficients for T-girder bridges with a width-to-
span ratio of less than 0.7 discussed by Keping Tang 
[4]. 

Previous studies mainly focused on the impact of 
the diaphragms on the girders under live load, but 
ignored that the design of girders is based on the 
most adverse conditions under load combinations 
for ultimate limit state (ULS) and serviceability limit 
state (SLS). And previous findings may not be 
suitable for the system with wide girder spacing. In 
this study, a space grillage (SG) model was 
presented and the variation of the stress and 
deflection envelop values of girders under load 
combination conditions was investigated. 

2 Bridge description 
The bridge is a 25m span simply supported 
concrete T-girder bridge with a width of 12,74m. 
The cross-section consists of four T-girders, 
prefabricated in one section. The spacing between 
the adjacent girders is 3,58m. The exterior and 
interior girders are of the same section. The height 
of the T-girders is 1,6m and the web thickness is 
0,22m. One end steel diaphragm is positioned at 
both ends of the span, using a section of HN 750 x 
300 x 13 x 20 mm, and an intermediate steel 
diaphragm is positioned at the midspan, using a 
section of HN 500 x 300 x 11 x 15 mm. The steel 
diaphragms are connected to the prefabricated 
girders by pre-buried sleeve bolts to form a whole. 
The bridge layout is shown in Figure 1. 

a. Layout in elevation

b. Over-bearing section

c. Mid-span section

Figure 1. Bridge layout (dimension in meter)

3 SG modeling and validation 
The research builds a SG model instead of a single 
girder model to refine the analysis of the full bridge. 
And a 3D finite element (FE) model is built for 
comparison to evaluate the accuracy of the space 
grillage model. 

3.1 Space grillage method and modeling 

The basic principle of the space grillage method is 
to divide each part of the bridge into a finite 
number of grillages, which can also be considered 
discrete units. The structure is no longer analysed 
in terms of single-beam units, but the transverse 
and longitudinal stiffnesses of the structure are 
considered, making the results more accurate. 
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Assembled T-girder bridges can be simulated by 
dividing them into two parts: the slab structure and 
the girder structure. A prefabricated T-girder is 
modeled as longitudinal beam members, while a 
slab can be represented by a cruciform of beam 
members. 

Distinguished from the plane grillage model, the 
longitudinal prefabricated T-girder members and 
the longitudinal slab members are connected by 
vertical and transverse beam members in the SG 
model. The transverse members can simulate the 
transverse stiffness of slabs and the vertical 
members can simulate the out-of-plane stiffness of 
the web, which can obtain more accurate stiffness 
and clearer force transfer paths for the bridge. 

The nodes of the longitudinal members of the 
prefabricated T-girders and slabs were established 
at the centroid of the members. The T-girder 
members and the slab members were connected 
by vertical and transverse beam members. The 
longitudinal moment of inertia of vertical members 
was enlarged by a factor of 1000 due to the local 

area where the top flange and the web of the T-
girder intersect is considered to be a rigid area. The 
vertical members were connected to the 
transverse members by two rigid links, the length 
of which is half the thickness of the web. Figure 2 is 
the illustration of the SG model. 

The boundary conditions were simulated by 
restraining the degrees of freedom in the 
corresponding direction of the support nodes, and 
the constraint direction is the same as that of the 
3D FE model in section 3.2. The constrained nodes 
were connected to the nodes of the girder 
members by vertical beam members, which have 
the same cross-section as the actual bearing cross-
section and the same properties as the girder 
members. Steel diaphragms were modeled as a 
cruciform of beam members and connected to the 
corresponding position of the slab members by 
vertical beam members, which adopt the same 
properties as the steel diaphragms. An isometric 
view of the space grillage model is presented in 
Figure 3.

Figure 2. Illustration of space grillage model 

Figure 3. Isometric view of the space grillage model 
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3.2 3D FE modeling 

To verify the SG model, the analytical results were 
compared with the results of the 3D FE model 
(shown in Figure 4.). Through field tests calibration, 
Ma, Z. (John) et al [5] proposed a modeling method 
of the 3D FE model with adequate accuracy by 
using ABAQUS. The model can accommodate 
interaction between T-girders, longitudinal wet 
joints, steel diaphragms and supports. The T-
girders and steel diaphragms were modeled using 
the 20-node brick element for its interelement 
compatibility. For boundary conditions, one end of 
the bridge was assumed to be roller support by 
restraining the bottom flange of the girder’s end 
section in the vertical direction and in the 
transverse direction; the other end of the bridge 
was assumed to be pin support by restraining all 
three directions. 

Figure 4. Isometric view of the 3D FE model 

3.3 Vehicle load description and position 

The standard vehicle load of the Chinese code was 
used. Figure 5 shows the vehicle axle location and 
wheel loads. The position locates the vehicle's third 
axle at the mid-pan with its side wheel 1.8 m away 
from the bridge edge (shown in Figure 6). The eight 
bearings and the four girders are numbered B1-B4 
and L1-L4, respectively.  

Figure 5. Measurement of standard vehicle load 

Figure 6. Transverse location of the vehicle load 

Applying the vehicle load as a static load to the 
models. To avoid local stress concentration caused 
by concentrated forces, the wheel loads of the 
vehicle in the 3D FE model are converted to the 
uniform distributed loads acting on a small plate of 
0,1m x 0,1m.  

3.4 Validation 

Using reaction forces and main girders deflections 
as indexes to evaluate the SG model. Comparisons 
of SG model results with 3D FE model results are 
shown in Figure 7 and Table 1. Negative deflection 
values refer to downward deflection, while positive 
deflection values refer to upward arch in Figure 7. 
Negative reaction force values refer to tension, 
while positive reaction force values refer to 
compression in Table 1. 

Figure 7. Comparison of girders deflection of two 
models

Table 1.The reaction force of each bearing 

Model 
type 

B1 
[kN] 

B2 
[kN] 

B3 
[kN] 

B4 
[kN] 

B5 
[kN] 

B6 
[kN] 

B7 
[kN] 

B8 
[kN] 

∑ 
[kN] 
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3D FE 
model 244,016 112,778 9,738 -14,264 134,756 61,650 14,969 -13,640 549,999

SG 
model 243,213 111,050 15,536 -17,609 134,878 61,625 17,339 -16,033 549,999

As can be seen from Table 1 and Figure 7, the 
reaction forces of the SG model are approximately 
the same as those of the 3D FE model; the error in 
girder deflections of these two types of models 
does not exceed 5%.  

Based on the results, the SG model is accurate 
enough to do the next step analysis. At the same 
time, the SG model allows the loading of live load 
on the influence surface, which can obtain the 
most unfavorable situations of girders, and it is 
easier to combine loads. 

3.5 Key points for section bearing capacity 
calculation 

The previous calculation method is to calculate the 
T-girder of the assembled T-girder bridges as a pure 
bending beam, which applies to the bridges with
small girder spacing. However, when the girders
are widely spaced and large longitudinal wet joints
are used, further analysis is required to clarify the
forces in the individual prefabricated girders and
the forces in the wet joints. A pre-fabricated T-
girder section and wet joint sections on either side
of it are combined to resist external forces. The
sectional forces are illustrated in Figure 8, with beff

denoting the width of the girder for the range of
effective distribution widths.

Figure 8. Illustration of sectional forces 

Total bending moment M of the section shown in 
Figure 8 is: 

𝑀𝑀 = 𝑀𝑀1 + 𝑀𝑀2 + 𝑀𝑀3           (1) 

𝑀𝑀1 = 𝑀𝑀𝑠𝑠1 +𝑀𝑀𝑠𝑠2 + 𝑀𝑀𝑠𝑠3 +𝑀𝑀𝑠𝑠4   (2) 

𝑀𝑀2 = 𝑀𝑀𝑏𝑏  (3) 

𝑀𝑀3 = 𝐹𝐹𝑏𝑏 ∙ 𝑒𝑒𝑏𝑏 + (𝐹𝐹𝑠𝑠1 + 𝐹𝐹𝑠𝑠2 + 𝐹𝐹𝑠𝑠3 + 𝐹𝐹𝑠𝑠4) ∙ 𝑒𝑒𝑠𝑠 

         = 𝐹𝐹𝑏𝑏 ∙ 𝑒𝑒             (4) 

𝐹𝐹𝑏𝑏 = 𝐹𝐹𝑠𝑠1 + 𝐹𝐹𝑠𝑠2 + 𝐹𝐹𝑠𝑠3 + 𝐹𝐹𝑠𝑠4                  (5) 

where M is the total bending moment; M1 is the 
total bending moment of the wet joint sections; Msi 
is the bending moment of a wet joint section; Mb is 
the bending moment of the fabricated girder 
section; Fb is the axial force of the fabricated girder 
section; Fsi is the axial force of a wet joint section; 
es is the distance from the center of the wet joint 
section to the center of the combined section; eb is 
the distance from the center of the fabricated 
girder section to the center of the combined 
section. 

As can be seen from Figure 8, the prefabricated 
girder section and the wet joint sections are 
subjected to axial forces. Neither the prefabricated 
girder nor the wet joints are purely bending 
structures, but rather tension and compression 
bending structures. It is inaccurate to focus only on 
bending moments, therefore this paper focuses 
more on the stress in the girder. 

4 Effect of steel diaphragms under 
different load conditions 

In an attempt to assess the effectiveness of steel 
diaphragms on the mechanical performance of the 
girders, parametric studies of different numbers of 
steel diaphragms and load conditions were 
conducted. There are three forms of the number of 
steel diaphragms: with three diaphragms; with two 
end diaphragms only; without diaphragm. 
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4.1 Dead load 

The effect of steel diaphragms on girders under 
symmetrical load is analysed, and the dead load is 
chosen as the load condition. Analyse girder L1 
(exterior girder) and L2 (interior girder) only due to 
structural symmetry. As the stress at the bottom of 
the girder is higher, it was chosen for comparative 
analysis. 

Figure 9 shows the stress variation of the girders 
with the number of steel diaphragms. As can be 
seen from the Figure, the removal of the 
intermediate diaphragm reduced the stress level of 
both the exterior girder and interior girder with a 
maximum reduction of approximately 3,12% and 
4,13%, respectively, and then the removal of two 
end diaphragms had almost no impact. It is 
indicated that the reduction in the number of steel 
diaphragms is beneficial to the stress of girders, 
and that the diaphragms have no significant effect 
on the transverse distribution of the dead load. On 
the contrary, the self-weight of the steel 
diaphragms and the restraint on the girders 
increase the stress level of the girders. 

a. Stress variation of girder L1

b. Stress variation of girder L2

Figure 9. Stress variation under dead load 

4.2 Eccentric vehicle load 

The same vehicle load arrangement as presented in 
Section 3.3 was used to analyse the influence of 
changes in the number of steel diaphragms on the 
stresses of the girders. The position at L/2 and L/4 
were taken as control positions and the stress 
variation (bottom of the girders) are shown in 
Figure 10. 

A similar trend is exhibited in the stress variation at 
L/2 and L/4. With the reduction of the number of 
the steel diaphragms, the stress of L1 subjected to 
the load increased by a maximum of approximately 
11.53%; the stress of L2 remained almost 
unchanged; while the stresses of L3 and L4 
decreased slightly. It is indicated that the removal 
of the steel diaphragms results in the stress of each 
girder being uneven under eccentric vehicle load. 
This is attributed to the fact that diaphragm 
removal slightly reduces the transfer of load to 
girders not in close proximity to the load. 
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a. L/2 position

b. L/4 position

Figure 10. Stress variation of control positions 
under eccentric load 

4.3 Load combinations 

This research focuses more on the influence of the 
number of diaphragms on the behaviour of the 
girders under combined load conditions, as the 
bridge is subjected to superimposed loads in a 
practical situation. Parametric studies of girder 
performance under load combinations (shown in 
Table 2) for ULS and SLS were conducted regarding 
Chinese codes. 

The SG model can carry out load combination and 
vehicle load loading on the influence surface to 
obtain the most adverse condition of each girder at 
all positions in all cases, that is maximum envelop 
value. Under the load combinations for ULS, the 
stress variation was analysed as explained in 
section 3.5, while under the load combinations for 
SLS, the deflection variation was analysed. Choose  

Table 2. Form of load combinations 

Type of load combination Load combination formula 

SLS 
Combination 1 1.0𝐷𝐷 + 1.0𝑉𝑉 + 1.0𝑇𝑇 + 1.0𝑇𝑇𝑇𝑇 

Combination 2 1.2𝐷𝐷 + 1.4𝑉𝑉 + 0.98𝑇𝑇 + 0.98𝑇𝑇𝑇𝑇 

ULS 
Combination 3 1.0𝐷𝐷 + 0.7𝑉𝑉 + 1.0𝑇𝑇 + 0.8𝑇𝑇𝑇𝑇 

Combination 4 1.0𝐷𝐷 + 0.4𝑉𝑉 + 1.0𝑇𝑇 + 0.8𝑇𝑇𝑇𝑇 

where:  D is dead load; V is vehicle load; T is uniform temperature; TG is temperature gradient.

girder L1 and L2 for analysis only due to structural 
symmetry. The stress envelope variation curves of 
the girder L1 and L2 along the longitudinal bridge 

direction under Combination 1 are shown in the 
Figure 11 and the stress values of the control 
positions are listed in Table 3. 

a. Stress variation of girder L1 b. Stress variation of girder L2

Figure 11. Stress envelope variation under Combination 1
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Table 3. Stresses of control sections 

Diaphragm layout 
Stress of L1 [MPa] Stress of L2 [MPa] 

0 L/4 L/2 0 L/4 L/2 

With three diaphragms 0.020 11.05 14.19 0.0029 10.27 12.55 

Without intermediate diaphragm 0.021 11.15 13.92 0.0037 10.33 12.79 

Without diaphragm 0.016 11.29 14.16 0.0025 10.43 13.01 

It is indicated that with the number of diaphragms 
decreases: the stress envelop value of the exterior 
girder decreases at mid-span and increases slightly 
at other positions, but the maximum stress does 
not exceed that in the case with three steel 
diaphragms; the stress envelop value of the interior 
girder increases at each position along the 
longitudinal bridge direction, with a maximum 
increase of 3,66%, but still does not exceed the 
maximum stress of the exterior girder, and the 
section design is still controlled by the exterior 
girder. The results under load combination 2 
exhibited a similar trend. 

The vertical deflection envelope variation curves of 
the girder L1 and L2 along the longitudinal bridge 
direction under Combination 3 are shown in Figure 
12. 

a. Vertical deflection variation of girder L1

b. Vertical deflection variation of girder L2

Figure 12. Vertical deflection envelope variation 
under Combination 3 

It can be seen from Figure 12 that the variation 
pattern of the exterior girder deflection envelope is 
opposite to that of the interior girder. With the 
decrease in the number of steel diaphragms, the 
deflection envelops value of the exterior girder 
increases but is very limited, and the three 
deflection curves of L1 almost coincide. The 
deflection of the interior girder is reduced by 
approximately 2%, and the deflection of the 
interior girder is greater than that of the exterior 
girder in each control section. The results under 
load combination 4 exhibited a similar trend. 

The removal of the number of steel diaphragms 
under the load combination conditions leads to 
lower stress maximum envelope value of the 
exterior girder with greater stress level and to the 
lower deflection envelope value of the interior 
girder with greater deformation, which makes the 
most unfavourable situations of all girders closer. 
And it is beneficial to design for ULS and SLS. 

529



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

5 Conclusions 
In this paper, for a simply supported T-girder bridge 
with steel diaphragms and wide girder spacing, its 
full-bridge SG model was established and validated 
by the 3D FE model. The variation patterns of the 
stress and deflection of the girders are analysed 
with three structural forms: with three diaphragms, 
with two end diaphragms only and without 
diaphragm. 

The analysis in this paper leads to the following 
conclusions: 

(1) Under the dead load, the removal of steel
diaphragms reduces the stress of all girders,
which is beneficial to structural performance;

(2) Under the eccentric vehicle load, the stress in
the girder subjected to the load increases
significantly, while the stress in other girders
remains unchanged or decreases; the removal
of steel diaphragms affects the load transfer
coefficient and leads to a reduction in the
overall structural performance;

(3) By loading vehicle load on influence surface
and carrying out load combination, the stress
and deflection maximum envelop value of all
girders was obtained. The results show that the 
removal of steel diaphragms has a slight
influence on the behaviour of girders and leads
to a reduction in the maximum value of the
stress and deflection envelope of all girders. It
makes the maximum stress and deflection of all 
girders closer;

(4) The previous calculation method of designing
precast girders for assembled T-girder bridges
with wide girder spacing as purely bending
structures introduces errors and requires
refined analysis.
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Abstract 
In order to build a complete pedestrian access area in the wetland park, a curved steel structure 
pedestrian bridge has been built approach to the lake, extending one span of beam from both ends 
of the second link of the bridge, which is connected with the landscape road in the park. Stairways 
are set up at the side span to provide an open and diverse viewing experience. Section of partial 
pentagon girder is provided with half of the glass bridge deck. The piers are consolidated on the 
inclined web of the box girder on the other side, which provide a stable support for the curved bridge. 
Assembled high strength screws are used at the pier bottom to anchor the pier to the pile cap to 
provide sufficient stiffness. The finite element models were established to calculate and analyze the 
overall structure and local structure of the bridge to prove its applicability. 

Keywords: footbridge; design analysis; local optimization. 

1 Introduction 

Qilihe Street Pedestrian Bridge is one of the two 
pieces of infrastructure recently built in Nanjing 
Jiangbei New Area to create a complete pedestrian 
access area in the Qinglong Green Belt Park. This 
strip-shaped park is located in the core urban area 
of Jiangbei, adjacent to Yangtze River in the South 
and extending to Laoshan in the north, which is 
separated by multiple urban arterial lines. It is 
expected to develop into a new urban landscape in 
the next few years. The three park areas connected 
by this bridge are positioned as natural ecological 
landscape areas in the central of the city, bearing 

part of the functions of a sponge city, with artificial 
lakes, wetlands and hillsides. From the top view, the 
bridge adopts the shape of Yuruyi, a traditional 
Chinese ornamental symbol of auspiciousness and 
beauty, which harmoniously integrates with the 
natural landscape of the park. 

Designing a structure to be part of a group of 
bridges that will be perceived together is, visually, 
more challenging than designing a bridge in 
isolation[1]. Another Hengjiang Avenue Pedestrian 
Bridge which is also a traffic node in this scattered 
park has been planned as a commanding height in 
the park for viewing the panorama of the green 
ecological corridor, locating in a block not far from 
the south of the bridge. Therefore, this bridge 
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needs to coexist harmoniously with the adjacent 
bridge. It should have a certain continuity in the 

design style, but also provide a personalized image 
construction to avoid visual conflicts.  

Figure 1. Geographic area of the project (Units: mm) 

2 General design 

On the whole, the bridge is divided into three 
routes to meet the different functional needs and 
diverse play options across the park and roads. 
Route A has a total length of 369m and is the main 
part of the bridge, which is arranged in three links. 
The first link(A-1) crosses the 65-meter-wide urban 
main road Qilihe Street, with a span of 
35×2+39+35m, and the main span is set between 
the green belts on both sides of the road. And the 
second link(A-2) is located above the park, with a 
total length of 125m and 5 spans evenly arranged. 
The third link(A-3) crosses Jiufuzhou Road, the 
urban secondary trunk road, with a span of 25 + 28 
+ 25 + 24m, and the middle pier is arranged in the
central divider of the road. The various span lengths 
result from the necessity of the footbridge not
colliding with existing lanes and underground
pipelines[2]. Route B builds an arc-shaped road

based on the slope of the park. Besides, two bridge 
start from the start and end points of the road 
respectively, connect with the second link of Line A 
and joins into it at the middle of the first and last 
two spans. The landscape road of route C is 
designed with two internal and external loops, 
which is the finishing touch and important 
component of the whole Ruyi shape. 

It is necessary to comprehensively consider the 
constraints faced by each bridge as a whole, so as 
to obtain a smooth and gentle vertical curve. The A-
2 bridge is flat, and the bottom of the beam is 5.4m 
away from the lake surface below. Rainwater flows 
into the drainage pipes naturally along the 1% cross 
slope of the bridge deck and into the drainage 
system of the park. To prevent the supports at the 
abutments from being eroded by rainwater and to 
make a smooth transition with the A-2 bridge, the 
remaining beams are designed with inclination 1:20 
to 1:12. In this way, it can not only meet the 
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mandatory requirements of the clearance under 
the two bridges crossing the road, but also take into 
account the humanistic care of barrier-free passage. 
The bridge follows the undulating terrain in the 
park, allowing the continuation of the surrounding 

pedestrian and bicycle greenways. Stairs and 
viewing platforms are also placed at appropriate 
locations throughout the bridge to provide an open 
viewing experience. 

Figure 2. Elevation of the footbridge (Units: mm) 

3 Structural design 

3.1 Main girders 

The steel box girder is a robust and compact type of 
structure that it has sufficient stiffness and strength 
to accommodate sectional forces that occur 
particularly due to the curved alignment in 
combination with asymmetrical live load 
patterns[3]. In order to show the beauty of 
lightness and vitality from the structure, the section 
of the main girder cancels the conventional flat 
bottom plate and is designed as a pentagon. With 
the sparkling lake below, the half section of the 
girder of the A-2 bridge is set as a glass deck, 
bringing a transparent viewing experience and 
increasing sightseeing interest. In addition, the stair 
viewing platform and the bifurcation section need 
to be set with a widened section. Therefore, after 
adopting the structure of single box and double 
chamber, only the local design modification needs 
to be carried out for the box chamber on the other 

side to ensure the unified prefabrication of the 
beams. 

The glass bridge deck section is between 5# pier 
and 8# pier, with a length of 70m, which covers the 
lake properly. The original steel box girder 
diaphragm is replaced by a cantilever structure with 
I-steel section (flange plate width 200mm and web
plate thickness 26mm) to provide support. Three
layers of tempered glasses are laid above the steel
beam and filled with rubber pad and sealant.

The diaphragms are arranged radially along the 
horizontal and longitudinal curve, with densified 
layout and thickened design at the supports, and 
the rest are arranged every 2m. In particular, at the 
3#、4# piers of bridge A-1 and 10# piers of bridge 
A-3 crossing the road, the piers have to be set in

the green belt and central separation belt area in 
accordance with the road trend to avoid the 
substructure occupying the position of the 
carriageway. In this way, considering the torsional 
distortion of the box girder at the pier top and the 
local damage of the bottom plate under the action 
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of large support reaction force, the diaphragms of 
the corresponding section were arranged along the 
length of the pile cap. 

Figure 3. Box girder section (units in mm) 

3.2 The piers 

The concept of bifurcated pier is adopted and 
applied to the whole bridge. The section size of the 
pier is designed to gradually reduce from top to 
bottom, reducing the amount of material and 
bringing a lightweight shape. The difference is that 
in bridge A-1, X-shaped concrete piers are used, 
while in bridge A-2, due to the influence of the glass 
bridge on the overall structure of the main girder, 
herringbone steel piers are used to be consolidated 
on the inclined bottom plate of the box girder on 
one side. The pier form of bridge A-3 is consistent 
with that of bridge A-2. 

It is necessary to design unified standard sections 
to reduce the difficulty of manufacturing and 
construction in complex structural forms. The 
structural form and size of the X-shaped pier were 
consistent within the upper 1.9m height, which 
provides the conditions for the arrangement of 
double bearings and ensures the anti-overturning 
stability of the curved bridge. In order to make the 
shape complement each other with the main girder, 
the slope of the upper bifurcation was the same as 
that of the inclined bottom plate. The densified 
reinforcement arrangement is set at the bifurcation 
to resist the possible concrete cracking caused by 
local stress concentration. Because the height of 
each pier is different, the two columns below the 
bifurcation of the pier stood on the concrete 
foundation according to a certain slope, and the 
stirrups are densely arranged at the bottom of the 

pier to enhance the local stiffness to resist the 
bending stress caused by the inclined pier. 

Overall, the herringbone pier can be regarded as 
two groups of steel support members with H-
shaped section, with flange plate thickness of 
30mm and web plate thickness of 20mm. The 
connection position between the pier bottom and 
the pile cap is relatively fixed. In this way, the slope 
of the supporting steel plate is determined by the 
height of the pier body. When the pier body is 
higher, the smaller the inclination angle alleviates 
the possible excessive bending stress, and improves 
the spatial beauty of the slender pier while 
ensuring safety. The front and rear sides of the pier 
body are also assembled with steel plates to form a 
closed space for painting. At the two transition 
piers, a more conventional concrete pier scheme is 
adopted, which reduces the complexity of the pier 
considering the layout of four bearings. 

3.3 Foundations and supports 

Geologically, mucky soil with a depth of about 
20~30m is widely distributed in the park, and the 
upper layer contains some loose plain fill. Thus, 
each bored pile was uniformly designed to be 30m 
long to pass through the poor soil layers. Generally, 
two piles with a diameter of 1.2m were placed 
within an area of 4.5×2m of the pile cap, four piles 
were arranged under the abutment and transition 
pier to support the wider pile cap. Due to the 
complexity and uncertainty of the geological layer, 
the muddy soil layer under the central reserve of 
Jiufuzhou Road and the lake in the park is deeper. 
Compared with the scheme of increasing the length 
of the pile which may bring greater difficulties and 
dangers to the construction, a concrete platform 
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was flexibly added between the pile cap and the 
steel pier at these locations to realizes the 
standardization and unification of main 
components under possible conditions. The 

concrete platform stood within 1.5m of the center 
width of the pile cap and was built up to the ground 
elevation. 

Figure 4. Detailed structural design of pier and girder (units in mm) 

The steel bridge pier and concrete pile cap were 
connected by screws with yield strength not less 
than 835MPa, so as to realize the rapid assembly 
construction and resist the shear and tension under 
the action of earthquake and torsion. Therefore, 
two layers of 30mm thick hollow steel plates were 
set in the corresponding pile caps or concrete 
platforms to facilitate the accurate positioning and 
anchoring of screws. A circle of protective sleeve 
was set on the surface of the screw located in the 
pile cap or concrete platform to prevent corrosion 
and avoid bonding with the cast-in-situ concrete. In 
this way, when the screw bears tension, the force 
can be transferred to the steel base plate at both 
ends smoothly without causing great damage to 
the concrete. 

3.4 The details 

The influence of the bearing arrangement of the 
curved steel girder bridge on the overall stability 
and temperature stress cannot be ignored. In the 
continuous system of the A-1 bridge, three types of 
basin rubber bearings were carefully applied: fixed 

support, one-way sliding bearing, two-way sliding 
bearing. One fixed bearing was placed on the mid 
pier, allowing thermal stress and deformation to be 
relieved to the sides. All bearings were connected 
to the concrete piers or abutments with anchor 
bolts, and the piers and abutments had reserved 
holes to facilitate the rapid installation. When the 
bearings and bolts were positioned and installed, 
pour epoxy resin immediately for filling and 
bonding. The connection design between the novel 
steel box girder and the concrete pier is more 
complicated. A connecting plate with stiffeners was 
designed on the inclined bottom plate of the box 
girder to provide a leveled bearing surface and 
prevent local crushing of the inclined bottom plate. 

Similarly, this design idea is also reflected in the 
connection of steel box girder and steel pier. The 
welding edge of the pier and the beam is exactly the 
corner point of the pentagon section, and 
additional transverse stiffening plates are arranged 
at the corresponding positions. Correspondingly, 
the diaphragm of the girder and the web of the pier 
are provided with a set of longitudinal stiffeners 
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symmetrically arranged on the inclined bottom 
plate of the box girder. Especially in the two places 
where the diaphragm is not radially arranged, the 
upper stiffener has been connected to the adjacent 
diaphragm for better stress. The two groups of 
members of the steel pier are provided with 
stiffeners perpendicular or parallel to the flange 
plate on the web. These stiffeners provide out of 
plane stiffness for the structure and prevent local 
buckling of steel piers. 

Usually, the beam end of the curved bridge will bear 
a large torque and the support may be emptied. 
When the negative reaction force of the support is 
small, it is an economical method to set a simple 
tension member to limit it. The two parts of the 
tension member were assembled by pins, the 
upper part was welded to the connecting plate like 
the support, and the lower part of the steel plate 
was set with shear nails and embedded in the 
concrete. 

Figure 5. Detail of tension pin (units in mm) 

4 Structural analysis and 

optimization 

In the detailed construction design stage, the 
overall and local analysis of the structure were 
carried out by using the finite element (FE) software. 
The pedestrian live load was assumed to be as 
much as 4 kN/m² according to the Chines bridge 
standard. The analysis of the whole bridge is mainly 

based on the model of beam element (1D). In 
addition to the stress, the bending deformation 
must be less than 1 / 500 of its maximum span. 
Thanks to the beam height designed as 1.6m, the 
stiffness of the main girder is sufficient to resist the 
expected loads and weight is enough to avoid 
resonating eigen frequencies[4]. The first-order 
vertical bending vibration meet the requirement of 
vertical fundamental frequency greater than 3 Hz 
stipulated in Chinese regulations (CJJ69–95)[5].  

Figure 6. Finite element analysis of the bridge 

As the triple bridge adopts different structural 
systems, different problems need to be paid 
attention to. For the continuous beam of A-1 bridge, 
it is verified that the designed bearing arrangement 
(including the tensile bearing at the beam end) can 
provide sufficient anti overturning moment. More 
importantly, the continuous rigid frame bridge is a 
multi-span statically indeterminate system, which is 
sensitive to temperature and secondary internal 
force. Under the action of temperature, the 
longitudinal displacement of the beam increases 
with the increase of the side span, while the force 

536



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

of the pier is positively correlated with the 
displacement of the top of the pier.  

The steel piers in the A-2 bridge are lower in height 
and will be distributed to more forces due to their 
greater thrust stiffness. A simple and effective 
elastic connection device is designed and applied, 
similar to the damping device in large bridges, to 
suppress the longitudinal displacement and avoid 
the stress of the piers exceeding the limit. The 

stiffness (K) of the device is determined by the 
material, quantity, and size of the steel sheets used. 
Excessive stiffness will have adverse effects on the 
overall stability of the structure. Finally, three 
pieces of 60Si2CrA spring steel of different sizes 
were designed, preloaded with high-strength bolts, 
and connected to the main beam and bridge pier 
through a series of supporting steel plates to ensure 
the ability to restrain deformation horizontally. 

Figure 7. Design and application of elastic device 

Figure 8. Local finite element model 

A local model based on three-dimensional shell 
element is established to analyze the stress of 
components at the most dangerous side pier. The 
calculation showed that the phenomenon of stress 
concentration at the junction of the pier top and 
the pentagonal box girder bottom plate floor was 
inevitable. The middle area of the larger web of the 
support foot bears the compression from the upper 
box girder and the support on the other side, and is 

the main stress area, which is consistent with the 
consideration in the preliminary design. Therefore, 
it is very necessary and appropriate to arrange local 
stiffening members in corresponding areas. 

5 Conclusion 

The design of the pedestrian bridge needs to take 
into account the unity of function, beauty and 
safety. Since the bridge site is located in the urban 
core area, it is even more necessary to consider the 
impact of the surrounding traffic planning and 
architectural landscape. The ruyi-shaped plan 
vision and the gentle facade alignment allow the 
bridge to sit peacefully in the natural park area, 
bringing in the interaction between people and the 
urban ecology, and satisfying daily commuting. 

Structurally, the glass bridge deck requires the box 
girder section to be able to accept sudden changes 
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in shape and force. The pentagon-shaped steel box 
girder is an elegant solution, and the single-box 
double-chamber structure can adapt to the design 
of variable sections. Correspondingly, the 
herringbone-shaped steel pier provides a stable 
support for this special main girder and brings a 
brand-new architectural appearance. Although 
some cost can be appropriately increased to meet 

specific landscape goals, the concept of not adding 
additional cost and construction difficulty is carried 
through to the detailed design, and some simple 
and effective structural measures ensure the safety 
of the bridge and can speed up the construction 
progress. This beautiful, peculiar and sturdy bridge 
will contribute to the rich and diverse urban 
landscape in Jiangbei New Area, Nanjing. 

Figure 9. Qilihe Street Pedestrian Bridge 
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Abstract 
External post-tensioning offers significant potential to improve the load-bearing performance of 
bridges. However, typical external post-tensioning systems are effective for a specific load case. This 
work investigates the application of an external adaptive tensioning (EAT) system for high-speed 
railway (HSR) bridges. The design of HSR bridges involves strict acceleration constraints, which 
typically results in oversizing. The EAT system comprises under-deck cables deviated by linear 
actuators, which enable controlling the bending moment as the load changes. Simulations are 
carried out on simply supported beam bridges. Results show that active control through the EAT 
system allows satisfying vertical acceleration limits for mid-span HSR bridges, which cannot be met 
otherwise without incurring a weight penalty. In addition, the cyclic stress range is significantly 
reduced showing the potential for fatigue-life extension.  

Keywords: adaptive structures; bridge engineering; vibration control. 

1 Introduction 
External post-tensioning is an effective solution to 
improve the structural performance of beam 
bridges [1]. The tension force from the external 
cables is applied eccentrically to the neutral axis 
through deviators, which produces a bending 
moment opposite to that caused by the external 
load. However, passive external post-tensioning 
systems are effective only under a specific load 
case. This work investigates the performance of 
beam bridges equipped with an active external 
tensioning system comprising under-deck cables 
that are deviated by vertical compressive struts 
acting as intermediate supports. Each cable end is 

anchored to the corresponding end of the beam 
nearby the support. The structural system 
comprising beam and cable-strut behaves as an 
underdeck cable-stayed bridge [2]. However, linear 
actuators are employed to adjust the length of the 
struts, which changes the tension in the cables, 
thus allowing the manipulation of the bending 
moment as the load changes. This system is 
referred to as external adaptive tensioning (EAT) 
system. Previous work has shown that similar 
external adaptive tensioning systems are effective 
to reduce the response of beams under quasi-static 
[3, 4] as well as dynamic loading [5]. 

The demand for high-speed railways (HSR) is 
growing since it is considered a strategic and 
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sustainable transportation mode. The design of 
HSR bridges is challenging because strict criteria for 
safety and comfort must be met, which often 
results in oversizing. Figure 1 shows a comparison 
in terms of the maximum span-to-depth ratio for 
different beam bridge types. The dataset has been 
compiled from design codes [6, 7, 8, 9, 10] as well 
from analyses of built bridges [11, 12, 13, 14, 15, 
16]. Data is classified based on traffic types, i.e. 
highway and railway, as well as construction types, 
i.e., reinforced concrete (RC), prestressed concrete
(PSC) and steel-composite (SC).

The maximum span-to-depth ratio gives an insight 
into the design limitations of current best practices. 
In the case of highway bridges, there are significant 
differences in the upper bound of the span-to-
depth ratio, namely 17:1, 33:1 and 37:1 for RC, PSC 
and SC, respectively. This shows that highway 
bridges can be designed for significantly longer 
spans by changing the construction type (e.g. RC to 
SC) and without increasing the cross-section depth. 
For railway bridges, on the other hand, the 
difference in the upper bound of the span-to-depth 
ratio remains small when changing the 
construction type, i.e. 17:1, 19:1 and 20:1 for RC, 
PSC and SC, respectively. This shows that the 
potential for increasing the span is more limited for 
railway bridges using conventional design practices. 

Compared to highway bridges, the design of 
railway bridges is characterized by a higher live-to-
dead-load ratio and thus significant dynamic 
responses may arise. For example, the sudden 
entry of a train typically causes a response similar 
to the effect of an impact load. In addition, the 
excitation frequency caused by the regular spacing 
of the train wheels could be similar to the bridge 
natural frequency resulting in a resonant response. 

Figure 1. Beam bridges maximum span-to-depth 
ratio  

This work investigates a new active control strategy 
to improve the performance of HSR bridges by 
reducing deflections, increasing fatigue life, and 
reducing material requirements. While previous 
work on design methods for adaptive structures 
has focussed on combined optimization of 
structural parameters (e.g., sizing) and control 
system (e.g., actuator placement) [17, 18], this 
work focusses on active vibration control since it is 
a critical issue for HSR bridges.  A parametric study 
is carried out to identify limitations that arise from 
design best practices on steel-composite simply 
supported beam bridges. Conventional (i.e. passive) 
and adaptive bridges equipped with the EAT 
system are benchmarked. 

2 Description of the case study 
Simply supported bridges that can accommodate 
single-track railway traffic are investigated. Typical 
dimensions are considered by varying the span 
from 20 to 50 m while keeping the depth to 2.5 m. 
A typical steel-composite box-girder cross-section 
is considered as shown in Figure 2. 

Figure 2. Bridge cross-section, steel-composite 
box-girder (unit in m) 

The girder is made of 18 mm thick steel plates.  For 
modeling simplification, the entire cross-section 
including the concrete slab is assumed to be made 
of steel. The width of the concrete deck is scaled 
down by a factor equal to the ratio between steel 
and concrete Young modulus 𝐸𝐸𝑐𝑐 𝐸𝐸𝑠𝑠⁄ =
28 205⁄  (GPa). This does not change the stiffness 
contribution of the concrete part to the compound 
section since the products 𝐸𝐸𝑐𝑐𝐴𝐴𝑐𝑐  and 𝐸𝐸𝑐𝑐𝐼𝐼𝑐𝑐  remain 
identical after scaling. The equivalent bridge cross-
section axial and flexural rigidity properties are 
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𝐸𝐸𝐴𝐴 = 6.412 × 1010  N  and 𝐸𝐸𝐼𝐼 = 1.127 × 1011 
Nmm2  respectively.  The mass per unit length is 
𝑚𝑚� = 3740 kg/m, including the mass of the rail and 
ballast. The damping ratio is set to 𝜁𝜁 = 0.5% [19]. 

The structure is discretized into 𝑛𝑛𝑒𝑒 beam elements 
connecting 𝑛𝑛𝑛𝑛 nodes. 2D beam elements are used 
for the finite element model, thus there are three 
internal forces for each element, namely axial, 
shear and bending. The model has 𝑛𝑛𝑑𝑑 = 3𝑛𝑛𝑛𝑛 
degrees of freedom in total. Each node has two 
translational and one rotational degrees of 
freedom. 

Safety criteria include deflection and vertical 
acceleration limits that are set to 𝐿𝐿/1900 [20] and 
5 m/s2 [19], respectively. For a bridge designed to 
take railway traffic with a maximum speed 𝑣𝑣𝑑𝑑, the 
Eurocode requires an analysis for speeds up to 
1.2𝑣𝑣𝑑𝑑. Assuming  𝑣𝑣𝑑𝑑 = 300 km/h for typical high-
speed traffic operations, the train speed is varied in 
the range 40 ≤ 𝑣𝑣 ≤ 360  (km/h)  with a 1 km/h 
increment. Simulations are carried out through 
numerical integration of the equation of motion. 
The Newmark-β method is employed with 
integration parameters set to 𝛽𝛽 = 0.25  and γ =
0.5  for unconditional stability and maximum 
accuracy. A time increment of ∆𝑡𝑡 = 0.001 s  is 
chosen.  

2.1 External adaptive tensioning (EAT) 

The external adaptive tensioning (EAT) system 
tested in this work comprises under-deck cables 
deviated by three variable-length compressive 
struts that act as intermediate supports (Figure 3).  

Figure 3. External adaptive tensioning (EAT), 
actuators indicated in purple 

Linear actuators are employed to adjust the length 
of the struts. The under-deck cable is assumed to 
be a 20-strands tendon with a nominal area of 𝐴𝐴 =
2.866 × 10−3 mm2  and Young modulus of 𝐸𝐸 =

205 GPa is used. The initial height of the bridge is 
ℎ  at midspan (0.5𝐿𝐿 ) and 0.75ℎ  at quarter spans 
(0.25𝐿𝐿 and 0.75𝐿𝐿). The cable is deviated through 
𝑛𝑛𝑎𝑎𝑐𝑐𝑎𝑎 = 3 linear actuators, where 𝑛𝑛𝑎𝑎𝑐𝑐𝑎𝑎 ∈ ℤ;  𝑛𝑛𝑎𝑎𝑐𝑐𝑎𝑎 ≤
𝑛𝑛𝑒𝑒  is the number of actuators. However, no 
geometric stiffness arising from the application of 
prestress to compensate for the effect of the 
permanent load is considered in this study. The 
actuators are placed at the anti-nodes of the 1st and 
2nd vibration mode shapes, which are likely to 
dominate the bridge response. Each actuator is 
assumed to be made of steel with an area 𝐴𝐴 =
3.14 × 10−2 mm2  and Young modulus 𝐸𝐸 =
205 GPa . Three vertical degrees of freedom, 
𝑛𝑛𝑐𝑐𝑎𝑎𝑐𝑐 = 3, are controlled, where 𝑛𝑛𝑐𝑐𝑎𝑎𝑐𝑐 ∈ ℤ;  𝑛𝑛𝑐𝑐𝑎𝑎𝑐𝑐 ≤
𝑛𝑛𝑑𝑑 is the number of controlled degrees of freedom. 
To model the actions of the actuators, the equation 
of motion of the bridge is expressed as: 

𝐌𝐌𝑏𝑏�̈�𝐝𝑏𝑏 + 𝐂𝐂𝑏𝑏�̇�𝐝𝑏𝑏 + 𝐊𝐊𝑏𝑏𝐝𝐝𝑏𝑏 = 𝐩𝐩𝑏𝑏 + 𝐮𝐮 , (1) 

where 𝐌𝐌𝑏𝑏 ,𝐂𝐂𝑏𝑏 ,𝐊𝐊𝑏𝑏  ∈ ℝ𝑛𝑛𝑑𝑑×𝑛𝑛𝑑𝑑  denote mass, 
damping and stiffness matrices, respectively. 
𝐩𝐩𝑏𝑏(𝑡𝑡),𝐮𝐮(𝑡𝑡) ∈ ℝ𝑛𝑛𝑑𝑑 are external loads and actuator 
forces (i.e., control forces), respectively.𝐝𝐝𝑏𝑏(𝑡𝑡) ∈
ℝ𝑛𝑛𝑑𝑑 , �̇�𝐝𝑏𝑏(𝑡𝑡) ∈ ℝ𝑛𝑛𝑑𝑑  and �̈�𝐝𝑏𝑏(𝑡𝑡) ∈ ℝ𝑛𝑛𝑑𝑑  denote nodal 
displacements, velocities and accelerations. For 
simplicity, the notation for time-varying 
parameters "∎(𝑡𝑡)" is only stated when the variable 
is defined for the first time. Using the state-space 
formulation, the 𝑛𝑛𝑑𝑑  second-order differential 
equations in Eq (1) are rewritten into 2𝑛𝑛𝑑𝑑  first-
order differential equations: 

�̇�𝐳 = 𝐀𝐀𝐳𝐳 + 𝐁𝐁𝐁𝐁𝐁𝐁 + 𝐇𝐇𝐩𝐩𝑏𝑏 , (2) 

where: 

𝐀𝐀 = � 𝟎𝟎 𝐈𝐈
−𝐌𝐌𝑏𝑏−1𝐊𝐊𝑏𝑏 −𝐌𝐌𝑏𝑏−1𝐂𝐂𝑏𝑏

� , 
(3) 

𝐁𝐁 = � 𝟎𝟎
𝐌𝐌𝑏𝑏−1𝐃𝐃

� , 𝐇𝐇 = � 𝐈𝐈
𝐌𝐌𝑏𝑏−1� . 

The state vector 𝐳𝐳(𝑡𝑡) ∈ ℝ2𝑛𝑛𝑑𝑑  concatenates the 
displacement and the velocity vectors, and thus 
𝐳𝐳 = [𝐝𝐝𝑏𝑏 �̇�𝐝𝑏𝑏]𝑇𝑇 . The control commands vector 
𝐁𝐁𝐁𝐁(𝑡𝑡) ∈ ℝ𝑛𝑛𝑎𝑎𝑎𝑎𝑎𝑎  contains the elongation and 
contraction of the linear actuators, Δ𝐁𝐁 =
[Δ𝑙𝑙1 ⋯ Δ𝑙𝑙𝑛𝑛]𝑇𝑇 . The transformation of 𝐁𝐁𝐁𝐁  into 
equivalent control forces 𝐮𝐮  is done through 
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premultiplication with the control input matrix 𝐃𝐃 ∈
ℝ𝑛𝑛𝑑𝑑×𝑛𝑛𝑎𝑎𝑎𝑎𝑎𝑎, which is obtained as follows: 

𝐃𝐃 = 𝐒𝐒𝐊𝐊�𝐈𝐈𝑎𝑎𝑐𝑐𝑎𝑎 . (4) 

𝐒𝐒 ∈ ℝ𝑛𝑛𝑑𝑑×3𝑛𝑛𝑒𝑒  is the equilibrium matrix which 
contains force equilibrium relations for each beam 
element and it is computed element-wise ∀𝑖𝑖 =
{1,2, … ,𝑛𝑛𝑒𝑒}:  

𝛓𝛓𝑖𝑖 = � 
−1 0 0 1 0 0
0 −1 −𝑙𝑙𝑖𝑖 0 1 0
0 0 −1 0 0 1

�
𝑇𝑇

 , (5) 

𝛓𝛓𝑖𝑖  is transformed into global coordinates and 
assembled into 𝐒𝐒  according to the degrees of 
freedom numbering of the beam end nodes. 𝐊𝐊� ∈
ℝ3𝑛𝑛𝑒𝑒×3𝑛𝑛𝑒𝑒  is a block diagonal matrix that contains a 
reduced element stiffness matrix [21]: 

𝛋𝛋𝑖𝑖 =

⎣
⎢
⎢
⎢
⎡
𝐸𝐸𝑖𝑖𝐴𝐴𝑖𝑖
𝑙𝑙𝑖𝑖

0 0

0 12𝐸𝐸𝑖𝑖𝐼𝐼𝑖𝑖
𝑙𝑙𝑖𝑖
3 0

0 0 𝐸𝐸𝑖𝑖𝐼𝐼𝑖𝑖
𝑙𝑙𝑖𝑖 ⎦
⎥
⎥
⎥
⎤
 . (6) 

Matrix 𝐈𝐈𝑎𝑎𝑐𝑐𝑎𝑎 ∈ {0,1}3𝑛𝑛𝑒𝑒×𝑛𝑛𝑎𝑎𝑎𝑎𝑎𝑎  is obtained from an 
identity matrix 𝐈𝐈3𝑛𝑛𝑒𝑒×3𝑛𝑛𝑒𝑒  by omitting all the 
columns except those whose index corresponds to 
an active element. Since linear actuators are 
employed, control forces are only applied in the 
axial direction. For example, if a linear actuator is 
placed on the 𝑖𝑖th element, all columns except for 
the [3(𝑖𝑖 − 1) + 1]th are omitted from 𝐈𝐈3𝑛𝑛𝑒𝑒×3𝑛𝑛𝑒𝑒.  

The control commands 𝐁𝐁𝐁𝐁 required to control the 
response of the bridge are computed through the 
product of a time-invariant control gain matrix 𝐆𝐆 ∈
ℝ𝑛𝑛𝑎𝑎𝑎𝑎𝑎𝑎×2𝑛𝑛𝑑𝑑 with the state vector 𝐳𝐳 (i.e. the state of 
the system measured by sensors). In this case study, 
it is assumed that the full state of the bridge is 
monitored. The control gain matrix 𝐆𝐆 is obtained 
using a linear quadratic regulator (LQR), by 
providing the time-invariant system matrices 𝐀𝐀, 𝐁𝐁, 
𝐇𝐇 defined in Eq (3) as input. The LQR formulation 
employs a performance index 𝐽𝐽  that can be 
interpreted as a measure of the energy of the 
closed-loop system: 

𝐽𝐽 = 1
2 ∫ 𝐳𝐳𝑇𝑇𝐐𝐐𝐳𝐳 + Δ𝐁𝐁𝑇𝑇𝐑𝐑Δ𝐁𝐁∞

0 . (7) 

The performance index is minimized to reduce the 
system response. The weighting matrices 𝐐𝐐 and 𝐑𝐑 
are employed to reach a balance between the 

target performance and the control effort required 
to achieve it. When 𝐐𝐐  is set larger than 𝐑𝐑 , the 
response reduces faster, but the control forces will 
be larger and vice versa. In this case study, Bryson’s 
rules [22] are employed to determine the 
weighting matrices:  

𝐐𝐐 = �

𝜃𝜃1
2

𝑧𝑧𝑚𝑚𝑎𝑎𝑚𝑚

⋱
𝜃𝜃
𝑛𝑛𝑎𝑎𝑎𝑎𝑐𝑐
2

𝑧𝑧𝑚𝑚𝑎𝑎𝑚𝑚

� ;  ∑ 𝜃𝜃𝑖𝑖2𝑛𝑛𝑎𝑎𝑎𝑎𝑐𝑐
𝑖𝑖=1 = 1, 

(8) 

𝐑𝐑 = 𝜇𝜇 �

𝜌𝜌1
2

Δ𝑙𝑙𝑚𝑚𝑎𝑎𝑚𝑚

⋱
𝜌𝜌
𝑛𝑛𝑎𝑎𝑎𝑎𝑎𝑎
2

Δ𝑙𝑙𝑚𝑚𝑎𝑎𝑚𝑚

� ;  ∑ 𝜌𝜌𝑖𝑖2𝑛𝑛𝑎𝑎𝑎𝑎𝑎𝑎
𝑖𝑖=1 = 1, 

where 𝑧𝑧𝑚𝑚𝑎𝑎𝑚𝑚 is the maximum expected response of 
the bridge without control, and Δ𝑙𝑙𝑚𝑚𝑎𝑎𝑚𝑚  is the 
maximum allowed actuator length change. 𝜃𝜃,𝜌𝜌 ∈
ℝ are the relative weighting factors for the state 
and control forces, respectively. 𝜇𝜇 ∈ ℝ  takes a 
value in the range of 0 ≤ 𝜇𝜇 ≤ 1. When 𝜇𝜇 is set to 1, 
the terms 𝐳𝐳𝐓𝐓𝐐𝐐𝐳𝐳 and Δ𝐁𝐁𝐓𝐓𝐑𝐑Δ𝐁𝐁 are normalized. This 
way, equal importance is given to the minimization 
of response and control forces. In this work, 𝜇𝜇 is set 
to 0.05  to give more importance to response 
reduction. For a detailed explanation of LQR, 
readers are referred to [23]. 

2.2 Load model 

The high-speed train parameters “HSLM-A” (High-
Speed Load Model A) given in the Eurocode EN 
1991-2:2003 [24] are adopted. Figure 4 illustrates a 
typical HSLM-A train configuration consisting of 2 
four-axle power cars at both ends, 2 three-axle end 
cars and 𝑛𝑛𝑐𝑐𝑐𝑐 two-axle intermediate cars. 

Figure 4. High-speed train load (HSLM-A) 
(dimension in m) 

Following the HSLM-A model, ten train loads are 
considered using the following parameters: 
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• Magnitude of vertical load applied by each
axle, 170 ≤ 𝑝𝑝 ≤ 210 (kN)

• Number of intermediate cars, 𝑛𝑛𝑐𝑐𝑐𝑐 ∈
{11,12, … , 18}

• Length of cars, 18 ≤ 𝑙𝑙𝑤𝑤 ≤ 27 (m)
• Wheel bogie spacing, 2 ≤ 𝑙𝑙𝑏𝑏 ≤ 3.5 (m)

Two models are employed to simulate the high-
speed train loading, namely the moving point load 
(MPL) model and the vehicle-bridge interaction 
(VBI) model (Figure 5). 

Figure 5. Train loads: (top) moving point loads 
(MPL); (bottom) vehicle-bridge interaction (VBI) 

The simulation of a moving vehicle at constant 
speed is a continuous process, whereas the 
structure is modeled as a discrete system. Since in 
most cases, the positions of the axle loads do not 
coincide with the location of the beam nodes, a 
cubic shape function 𝑵𝑵𝑗𝑗(𝑡𝑡) ∈ ℝ𝑛𝑛𝑑𝑑  is employed to 
interpolate in-between conditions:  

𝑵𝑵𝑗𝑗 = [0 ⋯ 𝑁𝑁1 𝑁𝑁2 𝑁𝑁3 𝑁𝑁4 ⋯ 0]𝑇𝑇 , 
∀𝑗𝑗 = {1,2, … ,𝑛𝑛𝑎𝑎𝑚𝑚} 

(9) 

𝑁𝑁1 = 1 − 3 �𝜉𝜉𝑙𝑙𝑖𝑖�
2

+ 2 �𝜉𝜉𝑙𝑙𝑖𝑖�
3

 ,

(10) 
𝑁𝑁2 = 𝜉𝜉 �𝜉𝜉𝑙𝑙𝑖𝑖 − 1�

2
 ,

𝑁𝑁3 = 3 �𝜉𝜉𝑙𝑙𝑖𝑖�
2
− 2 �𝜉𝜉𝑙𝑙𝑖𝑖�

3
 ,

𝑁𝑁4 = 𝜉𝜉 �𝜉𝜉
𝑙𝑙𝑖𝑖
�
2
− 𝜉𝜉2

𝑙𝑙𝑖𝑖
 . 

where 𝜉𝜉(𝑡𝑡) ∈ ℝ;  0 ≤ 𝜉𝜉 ≤ 𝑙𝑙𝑖𝑖   is the location of the 
load in the element local coordinate system and 
𝑙𝑙𝑖𝑖 is the length of the element. Using the MPL 
model, the effect of a vehicle is modeled as an 
external load 𝑝𝑝𝐍𝐍𝑗𝑗  for each axle and thus the 
external load vector is expressed as:  

𝐩𝐩𝑏𝑏 = −𝑝𝑝∑ 𝐍𝐍𝑗𝑗𝑛𝑛𝑎𝑎𝑚𝑚
𝑗𝑗=0  . (11) 

where 𝑛𝑛𝑎𝑎𝑚𝑚 is the number of axles of the train. The 
locations of 𝑁𝑁1,𝑁𝑁2,𝑁𝑁3,𝑁𝑁4 in vector 𝑵𝑵𝑗𝑗 depend on 
the vertical and rotational degrees of freedom 
associated with the nodes of the 𝑖𝑖th beam element, 
which is in contact with the 𝑗𝑗th axle load.  

In the VBI model, a vehicle is modeled as a 
mechanical system that interacts with the bridge. 
To do so, the mass, damping and stiffness matrices 
𝐌𝐌𝑏𝑏 ,𝐂𝐂𝑏𝑏 , 𝐊𝐊𝑏𝑏 ∈ ℝ(𝑛𝑛𝑑𝑑+𝑛𝑛𝑎𝑎𝑚𝑚)×(𝑛𝑛𝑑𝑑+𝑛𝑛𝑎𝑎𝑚𝑚)  as well as the 
external load vector 𝐩𝐩𝑠𝑠(𝑡𝑡) ∈ ℝ𝑛𝑛𝑑𝑑+𝑛𝑛𝑎𝑎𝑎𝑎  are 
augmented to account for the vehicle system, as 
expressed in Eq (13). 𝐍𝐍𝑗𝑗′ and 𝐍𝐍𝑗𝑗′′ are the 1st and 2nd 
derivatives of 𝐍𝐍𝑗𝑗  in the element local coordinate 
system; 𝐍𝐍𝑗𝑗′ = 𝑑𝑑𝐍𝐍𝑗𝑗 𝑑𝑑𝜉𝜉⁄ , 𝐍𝐍𝑗𝑗′′ = 𝑑𝑑2𝐍𝐍𝑗𝑗 𝑑𝑑𝜉𝜉2⁄ . In this VBI 
formulation, a quarter-car model consisting of a 
sprung mass 𝑚𝑚𝑐𝑐 = 𝑝𝑝 9.81⁄ −𝑚𝑚𝑤𝑤 and an unsprung 
mass 𝑚𝑚𝑤𝑤 connected through a spring-dashpot (𝑘𝑘 & 
𝑐𝑐 ) is employed to model each axle (Figure 6). 
Following [25], the unsprung mass representing the 
wheelset is set to 𝑚𝑚𝑤𝑤 = 2 × 103 kg, the spring and 
dashpot representing the train suspension are set 
to 𝑘𝑘 = 1 × 106 N/m and 𝑐𝑐 = 5 × 104 Ns/m.  

When the VBI model is employed, all matrices and 
vectors indicated by the superscript "∎𝑏𝑏" in Eq. (1-
3) are replaced with the corresponding ones 
indicated by the superscript  "∎𝑠𝑠" from Eq (13): 

𝐌𝐌𝑠𝑠�̈�𝐝𝑠𝑠 + 𝐂𝐂𝑠𝑠�̇�𝐝𝑠𝑠 + 𝐊𝐊𝑠𝑠𝐝𝐝𝑠𝑠 = 𝐩𝐩𝑠𝑠 . (12) 

The response vector 𝐝𝐝𝑠𝑠(𝑡𝑡) ∈ ℝ𝑛𝑛𝑑𝑑+𝑛𝑛𝑎𝑎𝑚𝑚  contains the 
bridge response 𝐝𝐝𝑏𝑏  and the response of the train 
cars 𝐝𝐝𝑐𝑐(𝑡𝑡) ∈ ℝ𝑛𝑛𝑎𝑎𝑚𝑚; 𝐝𝐝𝑠𝑠 = [𝐝𝐝𝑏𝑏 𝑑𝑑1𝑐𝑐 ⋯ 𝑑𝑑𝑛𝑛𝑎𝑎𝑚𝑚

𝑐𝑐 ]𝑇𝑇. 

Figure 6. Quarter-car model 

𝐌𝐌𝑠𝑠 =

⎣
⎢
⎢
⎢
⎡𝐌𝐌

𝑏𝑏 + ∑ 𝑚𝑚𝑗𝑗
𝑤𝑤𝐍𝐍𝑗𝑗(𝐍𝐍𝑗𝑗)𝑇𝑇𝑛𝑛𝑎𝑎𝑚𝑚

𝑗𝑗=0 𝟎𝟎 ⋯ 𝟎𝟎
𝟎𝟎𝑇𝑇 𝑚𝑚1

𝑐𝑐

⋮ ⋱
𝟎𝟎𝑇𝑇 𝑚𝑚𝑛𝑛𝑎𝑎𝑚𝑚

𝑐𝑐 ⎦
⎥
⎥
⎥
⎤
 , 𝐂𝐂𝑠𝑠 =

⎣
⎢
⎢
⎢
⎡𝐂𝐂

𝑏𝑏 + 2∑ 𝑚𝑚𝑗𝑗
𝑤𝑤𝐍𝐍𝑗𝑗(𝐍𝐍𝑗𝑗′)𝑇𝑇𝑛𝑛𝑎𝑎𝑚𝑚

𝑗𝑗=0 −𝑐𝑐1𝐍𝐍1 ⋯ −𝑐𝑐𝑛𝑛𝑎𝑎𝑚𝑚𝐍𝐍𝑛𝑛𝑎𝑎𝑚𝑚
−𝑐𝑐1(𝐍𝐍1)𝑇𝑇 𝑐𝑐1

⋮ ⋱
−𝑐𝑐𝑛𝑛𝑎𝑎𝑚𝑚(𝐍𝐍𝑛𝑛𝑎𝑎𝑚𝑚)𝑇𝑇 𝑐𝑐𝑛𝑛𝑎𝑎𝑚𝑚 ⎦

⎥
⎥
⎥
⎤
 , (13) 

𝑣𝑣 

𝑣𝑣 
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𝐊𝐊𝑠𝑠 =

⎣
⎢
⎢
⎢
⎡ 𝐊𝐊𝑏𝑏 + ∑ 𝑚𝑚𝑗𝑗

𝑤𝑤𝐍𝐍𝑗𝑗(𝐍𝐍𝑗𝑗′′)𝑇𝑇𝑣𝑣𝑛𝑛𝑎𝑎𝑚𝑚
𝑗𝑗=0 −𝑘𝑘1𝐍𝐍1 ⋯ −𝑘𝑘𝑛𝑛𝑎𝑎𝑚𝑚𝐍𝐍𝑛𝑛𝑎𝑎𝑚𝑚

−𝑘𝑘1(𝐍𝐍1)𝑇𝑇 − 𝑐𝑐1(𝐍𝐍1′ )𝑇𝑇𝑣𝑣 𝑘𝑘1
⋮ ⋱
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3 Results 

3.1 Simulation of passive simply supported 
bridges 

Simply supported bridges with lengths 
𝐿𝐿 = {20, 30, 40,50} (m) are investigated. Figure 7 
shows the plot of the displacement and 
acceleration responses for 𝐿𝐿 = 30 m under a train 
load with a speed of 𝑣𝑣 = 345 km/h . Responses 
simulated using MPL and VBI models are indicated 
by dashed and continuous lines, respectively. The 
time 𝑡𝑡 = 0 is when the frontmost axle enters the 
bridge. The symbol ▼ indicates the moment when 
the rearmost axle exits the bridge. A significant 
increase in displacement occurs when the train 
enters and exits the bridge since the power cars at 
both ends have a significantly higher payload.  

Figure 7. Displacement and acceleration response 
at midspan, 𝐿𝐿 = 30 𝑚𝑚, train load with speed 𝑣𝑣 =

345 𝑘𝑘𝑚𝑚/ℎ: 

Since intermediate cars have uniformly spaced 
axles, resonance initiates the moment when the 
first intermediate car enters the bridge (𝑡𝑡 = 0.6 s) 
and develops further until the last one exits the 
bridge. With neither the MPL nor the VBI model, 
the 5 m/s2 acceleration limit, which is indicated by 
the horizontal dashed lines, is satisfied in this case. 
The response obtained with the VBI model is 
generally lower compared with the MPL model, 

which is in agreement with results from previous 
studies [25]. The difference is due to the time-
dependent changes caused by the mass, damping 
and stiffness of the train, which is added to the 
system in the VBI model. In Figure 7, the 1st 
eigenfrequency of the combined train-bridge 
system varies between 9.57 Hz (without train) and 
9.08 Hz when the VBI model is used. 

Figure 8 shows a scatter plot of the maximum 
vertical acceleration at the midspan under train 
loads with speed in the range of 40 ≤ 𝑣𝑣 ≤
360 (km/h)  for 𝐿𝐿 = {20, 30, 40, 50} (m) . Each 
data point in Figure 8 represents the maximum 
value obtained among 10 HSLM-A train loads. 
Values obtained using the MPL and the VBI model 
are indicated in grey and black scatters. The 
response peaks follow a systematic pattern. As 
given in Yang et al. [28], this pattern can be 
explained by the conditions for vehicle-driven 
resonance in the 1st vibration mode: 

𝑣𝑣𝑐𝑐 = 𝑓𝑓1𝑠𝑠
𝑖𝑖

 ,∀𝑖𝑖 = {1,2,3, … }, (14) 

where 𝑣𝑣𝑐𝑐  is the resonance-inducing speed, 𝑓𝑓1  is 
the 1st eigenfrequency of the bridge, and 𝑠𝑠 is the 
spacing between succeeding axles. For a typical 
train (see Figure 4), there is no unique spacing 
between succeeding axles, and therefore there are 
several possible values for 𝑠𝑠. However, since the 
wheel bogie spacing 𝑙𝑙𝑏𝑏  is typically significantly 
smaller than the length of the cars 𝑙𝑙𝑤𝑤  for most 
commercial trains, 𝑠𝑠 is taken as the length of the 
cars 𝑙𝑙𝑤𝑤 . As indicated by the denominator 𝑖𝑖  in 
Eq (14), vehicle-driven resonance may occur not 
only when the 1st eigenfrequency of the bridge 𝑓𝑓1 
is approached by the excitation frequency 𝑣𝑣𝑐𝑐 𝑠𝑠⁄ , 
but also by the harmonics of the excitation 
frequency 𝑖𝑖𝑣𝑣𝑐𝑐 𝑠𝑠⁄ ,∀𝑖𝑖 = {1,2,3, … }.  However, the 
bridge response is dominant under the 1st 
harmonic (𝑖𝑖 = 1) and decreases under the higher 
harmonics (𝑖𝑖 = {2,3, … }). In Figure 8, resonance-
inducing speeds 𝑣𝑣𝑐𝑐  are indicated with ▼, ▼ and 
▼ for 𝑖𝑖 = {1,2,3},  respectively. Resonance-
inducing speeds 𝑣𝑣𝑐𝑐 for 𝑖𝑖 > 3 are not shown, since
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their contribution to the bridge response is 
insignificant. As shown in Figure 8a, for 𝐿𝐿 = 20 m 
the acceleration exceeds 5 m/s2  for train speeds 
above 200 km/h using the MPL model. Using the 
VBI model, the acceleration limits are met for any 
speed within 40 ≤ 𝑣𝑣 ≤ 360 (km/h)  since the 
response is dominated by harmonics higher than 
the 3rd (𝑖𝑖 = {3,4, … }). Assuming that the VBI model 
captures more accurately the behavior of the 
bridge, the cross-section in Figure 2 can be 
considered sufficient for 𝐿𝐿 = 20 m (Figure 8a). For 
all other spans, accelerations limits are not satisfied. 
For 𝐿𝐿 = 30 m  (Figure 8b), the lowest harmonic 
involved is the 2nd, however, the 3rd harmonic 
dominates the response. For 𝐿𝐿 = 40 m (Figure 8c), 
the 2nd and 3rd harmonics are dominant although 
the 1st causes resonance when 𝑣𝑣 > 340 km/h. For 
𝐿𝐿 = 50 m (Figure 8d) 2nd and 3rd harmonics cause 
resonance in the range 75 ≤ 𝑣𝑣 ≤ 175 (km/h)  
while 3rd) the 1st is dominant for speeds 𝑣𝑣 >
230 km/h. This explains the larger response for 
𝑣𝑣 > 230 km/h caused by the excitation frequency 
approaching the 1st eigenfrequency of the bridge.  

Figure 8. Maximum vertical accelerations 

Results show that vertical acceleration limits are 
critical for the design of most medium-span HSR 
bridges. Conventionally, mitigation of excessive 
dynamic response involves an increase of flexural 

stiffness by increasing the cross-section. In so doing 
the objective is to increase the eigenfrequencies so 
that resonance-inducing speeds become higher 
than the operating speeds. However, this approach 
typically results in a significant weight penalty. 

3.2 Simulation of adaptive bridges 
equipped with the EAT system 

Adaptive bridges, equipped with the EAT system, of 
span 𝐿𝐿 = {30, 40} (m)  are investigated. The 
maximum cable deviation height is set to ℎ =
{2, 2 .7} (m) . Figure 9 shows the plot of 
displacement and acceleration responses for the 
𝐿𝐿 = 30 m  bridge under and a train load with a 
speed 𝑣𝑣 = 320 km/h . Only responses obtained 
using the VBI model are displayed. The non-
controlled response is indicated in black-dashed 
lines while the controlled response in purple-
continuous lines. 

Figure 9. Displacement and acceleration response 
at midspan with EAT,  𝐿𝐿 = 30 𝑚𝑚, train load with 

speed  𝑣𝑣 = 320 𝑘𝑘𝑚𝑚/ℎ: 

Figure 9  shows that through vibration control, 
resonance does not develop and the maximum 
acceleration is kept within the limit of 5 m/s2. The 
mass and stiffness of the EAT system added to the 
𝐿𝐿 = {30, 40} (m) bridges result in a marginal 
change of the 1st eigenfrequency; from 𝑓𝑓1 =
{9.57, 5.39} (Hz) to 𝑓𝑓1 = {9.31, 5.21} (Hz). 

Figure 10 shows the plot of the actuator length 
changes required to achieve the controlled 
response for 𝐿𝐿 = 30 m,𝑣𝑣 = 320 km/h (Figure 9). 
As expected, since the 1st vibration mode 
dominates the bridge response, the length change 
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is the greatest for the actuator ∆𝑙𝑙2 located at the 
midspan. The maximum ∆𝐁𝐁 is 0.9, 1.2 and 0.9 for 
∆𝑙𝑙1, ∆𝑙𝑙2 and ∆𝑙𝑙3, respectively. 

Figure 11 shows the plot of the maximum vertical 
acceleration at the midspan under train speeds in 
the range of 40 ≤ 𝑣𝑣 ≤ 360 (km/h)  for adaptive 
bridges with span 𝐿𝐿 = {30, 40} (m) . The non-
controlled and controlled cases are indicated with 
grey and purple scatters, respectively. Resonance-
inducing speeds 𝑣𝑣𝑐𝑐 (Eq. (14)) are indicated by the 
symbol ▼, ▼ and ▼ for harmonics 𝑖𝑖 = {1,2,3}. 
Vibration control through the EAT system enables 
the acceleration limit to be met for any speed 
within 40 ≤ 𝑣𝑣 ≤ 360 (km/h).  The maximum 
commands ∆𝐁𝐁  for 𝐿𝐿 = {30, 40}  (m)  are 8.2  and 
21.4 mm, respectively. 

Figure 10. Actuator length changes, 
𝐿𝐿 = 30 𝑚𝑚, 𝑣𝑣 = 320 𝑘𝑘𝑚𝑚/ℎ 

Figure 11. Maximum vertical accelerations 

Figure 12 shows the cyclic stress range, which is 
defined as the maximum difference between the 
magnitude of successive peaks and valleys in the 
stress time history,  ∆𝜎𝜎 = 𝜎𝜎𝑝𝑝𝑒𝑒𝑎𝑎𝑝𝑝 − 𝜎𝜎𝑣𝑣𝑎𝑎𝑙𝑙𝑙𝑙𝑒𝑒𝑣𝑣 . The 
stress in the lower-most fiber of the cross-section 
is observed. The cyclic stress range is reduced by up 
to 53% and 44% for 𝐿𝐿 = {30, 40} (m)  by 
controlling the bridge response through the EAT 
system. 

Figure 12. Cyclic stress ranges 

The case 𝐿𝐿 = 50 m is excluded since the actuator 
length change  ∆𝐁𝐁  obtained through LQR is too 
large to be practical. An appropriate control 
method for this case will be investigated in future 
work. 

4 Conclusions 
The main contribution of this work is in the 
development of a method for vibration control of 
bridge structures equipped with an external 
adaptive tensioning (EAT) system. Vibration control 
through the EAT system enables to meet strict 
criteria for vertical accelerations and 
displacements so that long-span bridges can be 
built with relatively small cross-sections. 
Simulations have shown that for passive bridge 
structures with a typical 2.4 × 2.5 m  steel-
composite box-girder cross-section, vertical 
acceleration limits of 5 m/s2  can be met up to 
20 m span. For passive configurations, an increase 
in span requires an increase in the flexural stiffness, 
and thus modifications of the cross-section which 
typically result in a significant weight penalty. 
Instead, through active vibration control with the 
EAT system, up to 58% and 64% reduction in 
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vertical accelerations are achieved for 𝐿𝐿 = 30 m 
and 40, respectively. Furthermore, the cyclic stress 
range is significantly reduced by up to 53% and 44%, 
which demonstrates the potential for fatigue-life 
extension. For the case 𝐿𝐿 = 50 m , acceleration 
limits could not be met using practical actuator 
length changes. This might be due to several 
reasons: the location of the actuators is not optimal, 
the cross-section should be optimized along the 
length of the bridge to facilitate the work of the 
actuators, and inherent limitations of the LQR 
controller. Future work will include the 
development of an integrated structural sizing and 
actuator placement method to reduce material 
mass requirements through feasible control 
actions. Appropriate control methods will be 
integrated that enable the formulation of process 
constraints such as limits in displacement, stress, 
actuator commands and control energy (e.g., 
Model Predictive Control).  In addition, future work 
will look into more complex configurations 
including double-track HSR bridges in 3D as well as 
the application of state estimation methods to 
reduce the required number of sensors. 
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Abstract 

A socket connection is one of the emerging and most recommended joint connections in 
prefabricated substructures. At present, a large number of researches on socket connections has 
been carried out and most of them deal with pier-spread footing in the shallow foundation. This 
paper aims to study the effect of axial compression ratio using quasi-static tests of 2 specimens with 
socket connections. Specimen M1 is subjected to vertical and horizontal loading, whereas Specimen 
M2 is subjected to horizontal loading only. The experimental results showed that the axial 
compression ratio has a huge influence on the socket wall stress, i.e., the greater the axial 
compression ratio, the greater the socket maximum wall stress. But under the same horizontal force, 
the greater the axial compression ratio, the smaller the socket wall stress. And during increment of 
axial compression ratio, horizontal bearing capacity and horizontal stiffness of pier increase 
significantly.  

Keywords: socket connection; axial compression ratio; socket wall stress; precast; pier-footing. 

Introduction 

Bridge construction is one of the most 
important sectors for any country’s infrastructural 
development. Recently, Accelerated Bridge 
Construction (ABC) has focused on the 
development of bridge substructures because of 
its vulnerability to seismic activities. Generally, the 
connection region of precast members is critical in 
the high seismic area as the structural integrity 
under large cyclic deformation is hard to maintain. 
Therefore, various methods have been developed 
and evaluated to connect precast members, such 
as bar couplers, grouted ducts, and socket 
connections [1].  

In prefabricated bridge construction, a socket 
connection is vastly emerging and most 
recommended joint connection with both precast 
pier and footing or with precast column and cast-
in-place (CIP) footing. Socket connections can be 
classified in different ways according to the types 
of joint (dry and wet), geometrical shapes (internal, 
embedded, and partially), socket interface 
(smooth and rough), and the energy dissipating 
materials (grout, sleeves, etc.) used [1]. Among all 
types of connections, the socket connection that is 
constructed by embedding a precast element 
inside another member offers numerous benefits 
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including speedy erection and ample installation 
tolerances [2]. A joint connection between the 
column and foundation is mainly subjected to the 
non-elastic deformation and maximum bending 
moment under seismic loads, which lead it to 
susceptible failure. Because of this reason, the 
seismic performance of fabricated bridge piers has 
always been an issue that attracts extensive 
attention in the field of bridge engineering [3]. 

Up to now, different studies have verified the 
reliability of the socket connections with their 
effective socketed depths. But for better use of 
this engineering application, it is necessary to 
study the influence of joint materials used and 
local structural rebar on the structural 
performance. In addition, considering the 
existence of axial pressure may have a significant 
impact on the seismic performance and failure 
mode of the structure. It is necessary to examine 
the reliability of the socket-and-socket structure 
under the condition of zero axial pressure ratio. 
Therefore, this study aims to put forward some 
reasonable suggestions for designing precast 
socket connection in bridge engineering with pile 
foundation based on its research on a spread 
footing.  To study the effect of axial compression 
ratio, quasi-static tests of 2 specimens with socket 
connections were carried out where specimen M1 
is subjected to vertical loading and horizontal 
loading respectively and specimen M2 is subjected 
to horizontal loading only. 

Axial Compression Ratio 
The axial compression is generally normalized 

by the concrete uniaxial compressive strength 
times the sectional area of the concrete member 
i.e. the axial compression ratio (ACR) is defined as

𝜂𝜂 =
𝑁𝑁
𝑓𝑓𝑐𝑐𝐴𝐴𝑔𝑔

                                              (1) 

Where, N is the axial load applied, 𝑓𝑓𝑐𝑐  is the 
design compressive strength of concrete, and, 𝐴𝐴𝑔𝑔 
is the cross-sectional area. The contribution to the 
load-carrying capacity from the longitudinal steel 
is neglected. This factor represents the effect of 
axial load level on the ductility of column. Besides 
the confinement detailing, aspect ratios, lap, 
splices, etc., the axial compression ratio is also 
important indicator in evaluating the expected 
ductility and fragility of bridge structures during 
earthquakes. However, it should not be confused 

with the limit state design concepts, since the axial 
compression ratio alone cannot represent or be 
used to assess the actual seismic performances of 
the engineering structures [4]. 

A pseudo-static test performed by Yang et al. 
[5] reported that the axial compression ratio has
an important impact on the seismic performance
and self-centering performance of RC frame
column base joints. However, there is no research
on the specific influence law of the applied axial
compression ratio and preloaded axial
compression ratio on their performance [6].
Several studies have utilized performed socket
connections for bridge columns. Although,
currently available testing results are not
applicable to bridge columns subjected to 25-30%
of the axial load capacity. In addition, those socket
connections which are constructed using
corrugated steel pipes (CSPs) and grout have no
guideline to determine the key connections
parameters and side shear strength for design. To
address this knowledge gap, column socket
connection tests were conducted to investigate
the failure modes of side shear mechanism in
preformed socket connections so that suitable
vertical precast members can be designed to
transfer large axial loads through socket
connections and effects of axial compression ratio
[7].

The axial compression ratio limits of concrete 
columns can be determined according to the 
balanced failure conditions of the eccentrically 
loaded members with tension failure and 
compression failure. To ensure sufficient column 
ductility, seismic columns are typically designed 
with a low axial compression ratio (e.g., 5–10%) [8]. 
Motaref et al. [9] and Kavianipour and Saiidi [10] 
tested bridge piers with socket connections 
between a precast column and the precast footing 
with an embedment length of 1.5 times the 
column diameter of 370 mm. Their study showed 
successful plastic hinge development with an axial 
compression ratio of 6.3% and 8.8% respectively. 
Mehrsoroush and Saiidi [11] tested a scaled bridge 
pier having performed socket connections in a 
bent cap. The corrugated steel pipes (CSPs) were 
used to create the sockets, and the column 
embedment length was 1.2 times the column 
diameter of 508 mm. Their test include a 
maximum axial compression ratio of 5.6% and also 
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showed that the column socketed length was 
enough for the full development of the column 
plastic hinge. Mohebbi et al. [12] performed an 
experimental test on a preformed socket 
connection with a square column. In this test, with 
an axial compression ratio of 14.4%, the column 
embedment length of only 1.0 times the column 
side dimension of 356 mm was used, and a full 
column plastic hinge was successfully formed [13]. 

So as per above overviews, we can say that 
the limit of axial compression ratio ranges from 5% 
to 20% for the precast socketed bridge column 
structures. Changes in axial compressive ratio also 
effects on the socketed depth and mechanical 
behaviors of socket wall. 

Test Specimens 

To conduct the experiment for this paper, we 
designed 2 test specimens, M1 and M2 as in Figure 
1. It is used to study the effect of joint material on
the seismic performance of the structure and to
explore the situation after the joint material is
damaged. M1 is used to study the influence of
local structural reinforcement and column-socket
phenomena with axial compression ratio 17.4%,
and M2 is used to study the seismic performance
and failure mode of socket-type structures under
the condition of zero axial compression ratio.

Figure 1. Sectional view 
of a test specimen 

Figure 2. Sectional 
view of pile cap 

For the bending loading, the test process is 
shown in Figure 3. The dead-load axial force can be 
obtained by calculating the dead-load axial force 
of the prototype pier and then loading it to the 

target vertical load in stages through the vertical 
actuator. For the bending loading, the test process 
is shown in Figure 3. The dead-load axial force can 
be obtained for the bending loading. A defined 
targeted vertical load of 250kN is setup as the 
prototype reduces to ¼ of its actual size (i.e. FN=F/4) 
which gives the dead-load axial force of the 
prototype column as 1935kN. The horizontal 
addition stage can be performed as shown in 
Figure 3, and cyclic loading to longitudinal bars 
according to multiples of horizontal yield force.  

Figure 3. Specimen loadings 

Table 1. Strength test of structural parts 
Parts M1 M2 
Pier 81.7Mpa 82.8Mpa 
Grouting 

Materials 
95.4Mpa 95.4Mpa 

Footing 31.0Mpa 35.7Mpa 
Note: Table1 shows the strength of different 

parts of test structures that were obtained during 
the cube test in a lab. 

Specimen M1 

Specimen M1 is subjected to both vertical 
and horizontal loading respectively. The vertical 
loading is only force loading, while the horizontal 
loading is divided into two stages: force loading 
and displacement loading. The yield point of the 
M1 is used as the demarcation point for changing 
the loading mode. During testing of M1, 
corresponding to the damage level-I, there were 
micro cracks around the column with horizontal 
load 260kN. The cracks were closed immediately 
after unloading and there were no damage seen in 
the pier so test can continue without repairs. 
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Damage level-II starts with the loading of 455kN 
where initiation of multi-irregular cracks up to 
10cm from column-pier-cap connection region. 
The outermost rebar yields and the test specimen 
yields in the horizontal displacement of 17mm. 
The pier column is slightly damaged and can be 
operated with only minor repairs. The crack wide 
open to 1-2mm with the spalling height of about 
30cm (0.43D) in damage level-III with the 
displacement loading of 54mm. The pier column is 
moderately damaged and needs simple repair and 
only emergency vehicles could pass through. 
During this test we didn’t experienced any 
damages related to damage level-IV. When the 
displacement loading is 72mm, the longitudinal 
reinforcement is buckled, the stirrup is stretched, 
the concrete is crushed, and the collapse occurs 
which indicates the final damage level V. The 
protective layer in the plastic zone was completely 
peeled off, the core concrete was completely 
crushed, and the pier column partially failed. It is 
necessary to replace the pier column.  

a) Load to 260kN b) Load to72mm
Figure 4. The pier column shape of each 

load level (M1) 

Specimen M2 

As stated above, specimen M2 is only loaded 
horizontally and is divided into two stages, force 
loading and displacement loading where the yield 
point of the specimen is used as the demarcation 
point for changing the loading mode. During 
testing of M2, damage level-I initiates with the 
micro cracks around the column having horizontal 
load of 130kN. The cracks were closed 
immediately after unloading and there was no 
damage seen in the pier so test can continue 
without repairs. In damage level-II with force 

loading 260kN, initiation of multi irregular cracks 
up to 10cm from pile cap. The outermost rebar 
yields and the test specimen yields in the 
horizontal displacement of 17mm. The pier 
column is slightly damaged and can be operated 
with only minor repairs. The width of the crack 
wide open to 1-2mm with the spalling height of 
about 5cm (0.07D) in damage level-III with the 
loading level of 54mm. The pier column is 
moderately damaged and needs simple repair and 
is only for emergency vehicles to pass through. 
Corresponding to damage level-IV, when the 
loading level is 90mm, the width of the cracks in 
the pier body increases, and the width is generally 
greater than 2mm. The diagonal cracks develop 
within the height of 50cm (0.71D) from the 
bearing platform, and the height of the concrete 
spalling area is about 30cm (0.42D). The pier 
column was severely damaged, required major 
repairs and was unable to operate. Corresponding 
to the damage level V, when the loading level is 
126mm, the outer ring main reinforcement and 
the inner ring main reinforcement buckled, the 
outer ring stirrup and the inner ring stirrup fails, 
the protective layer of the plastic zone was 
completely peeled off, and the core concrete was 
completely crushed. Partial failure of the pier 
column requires the replacement of the pier 
column. 

Load to 260kN Load to 72mm 
Figure 5. Pier column shape of each load 

level (M2) 
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Figure 6. 126mm Partial situation (M2) 

Table 2. Damage Level of specimens 
corresponding to force and displacement loading 

Damage 
Level 

M1 M2 

I 260kN 130kN 
II 455kN 260kN 
III 54mm 54mm 
IV / 90mm 
V 72mm 126mm 

Experimental Outcomes 
Hysteresis Curve 
Hysteresis curve is the load-displacement 

cure obtained during the test loading process. 
Generally, the hysteresis curve is a comprehensive 
reflection of the seismic character and the basis 
for analyzing the seismic performance of civil 
structures. The area enclosed by one complete 
cycle in the curve represents the energy consumed 
by the structure during repeated loading. The 
fuller the hysteresis loop, the better the energy 
dissipation performance of the structure. In 
addition, the intersection of the hysteresis curve 
and the horizontal axis represents the residual 
deformation of the specimen, and the closer the 
intersection to the origin, the better the self-
resetting ability of the structure. 

 M1 M2 

Figure 7. Hysteresis Curve 

The hysteresis curve of M1 is closer to bow 
shape which shows that the specimen has the 
stronger plastic deformation ability and better 
seismicity. Due to different axial compression ratio 
limit for two specimens, the maximum loading 
displacement also differ to 72mm and 108mm 
respectively. The bearing capacity of the 
specimens has decreased to 85% when loaded to 
the maximum horizontal displacement. Both 
specimens enters to nonlinear elasto-plastic state 
with concrete cracking, steel yielding, and 
protective layer spalling. The area of the hysteresis 
curve gradually increases, which shows the energy 
consumption increases. 

Skeleton Curve 

The skeleton curve is the trajectory of the 
maximum peak point of the hysteresis curve, i.e. 
the envelope of the hysteresis curve. The shape of 
the skeleton curve is generally similar to the load-
displacement curve obtained by monotonic 
loading. Only the ultimate load is slightly lower, 
which reflects the initial stiffness, maximum load, 
post-buckling stiffness, ductility, and other seismic 
indicators of the structure and components. 
Restoring force curves is very important when 
studying elasto-plastic seismic responses. 

M1 M2 
Figure 8. Skeleton Curve 

According to Figure 8, it can be seen that the 
skeleton curves of both specimens are similar in 
shape, roughly trilinear, with obvious nonlinear 
inflection points and strength drop points. 
However, none of the specimens in the test had 
obvious positive flexion stiffness.  

From above table 3, the middle yield value 
shows the discreetness which may be due to the 
small absolute value of the displacement and this 
make the energy method to produce large errors. 
Therefore, it can be considered that the yield 
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displacement of both specimens are alike. 
Similarly, due to the direct relationship between 
the ductility coefficient and the yield displacement, 
the ductility coefficient also shows differences. 
According to Figure 7, the deformation capabilities 
of M1 is 72mm Left and right, the corresponding 
bearing capacity is also relatively close. Finally, it 
can be seen that the axial compression ratio has a 
greater impact on the seismic performance of the 
structure comparing M1 and M2, and the bearing 
capacity of the former is higher than that of the 
latter (i.e. 148%~172%, the deformability of the 
latter is that of the former134%~206%), but the 
ductility coefficients of the both are quite similar. 

Table 3. Absolute Values of Key Indicators of 
Skeleton Curve 

Table 4. Relative Values of Key Indicators of 
Skeleton Curve 
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Residual Deformation 

Residual deformation refers to the 
unrecoverable plastic deformation of the 
component after the component is deformed from 
loading and then unloaded to zero. In bridge 

structures, if the residual deformation of the pier 
column is kept at a low level, it is not only 
conducive to the continued operation of the 
bridge after the earthquake, but also to ensure the 
development of rescue work, and it also has 
important practical significance for the overall 
repair of the pier column after the earthquake. 

Figure 9. Residual Deformation Curves 
The relationship between the residual 

displacement of both specimen and the 
displacement load level is shown in Figure 9. 
Noticeably, the residual displacement of each 
specimen is almost the same at the lower load 
level. At 72mm of loading level, the residual 
displacement obtained by M1 is 48.9mm and that 
of M2 is 40.3mm. Similarly, the axial compression 
ratio plays an important role to continue the 
experiment for M2 and obtained 68.5mm residual 
displacement in the loading level of 110.0mm. 

Conclusion and Discussion 
In order to study the effect of axial 

compression ratio on the seismic performance of 
piers, as well as the seismic performance and 
failure mode of socket-type structures under the 
condition of zero axial compression ratio, this test 
was carried out based on previous research. Two 
quasi-static test study of a specimens were done 
and their results are presented in respective 
chapters. From above findings following 
conclusions could be drawn: 

The failure of both specimens concentrated 
at bottom of the column without any damages in 
pier-caps, and failure mode of column can be 
summarizes into stages as: elastic stage, horizontal 
crack development stage, oblique crack 
development stage, pier bottom protective layer 
falling off, longitudinal reinforcement and stirrup 
damage, and core concrete crushing. 

The reinforcements of column failed into 
brittle ductile but didn’t fail and the reason for this 
maybe the spacing of the stirrups does not meet 
as designed and another reason is the failure of 
grouting materials. Therefore, in order to improve 
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the safety performance of centrifugal 
prefabricated pipe piers, the hoop ratio should be 
appropriately increased and the bonding between 
the core-filled concrete and the pipe wall should 
be improved. 

The axial compression ratio has a great 
influence on the seismic performance of the 
structure. In the extreme case of not considering 
the vertical force, the mechanical properties of the 
specimen will be significantly reduced. The 
influence of the axial compression ratio mainly has 
two aspects. First, increasing axial compression 
ratio can significantly increase the horizontal 
bearing capacity and horizontal stiffness of the 
pier column. Second, for the entire loading process, 
the larger the axial compression ratio, the larger 
the socket wall stress. However, under the same 
horizontal force, the higher axial compressive ratio 
maintain the smaller socket wall stress. 
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Abstract 
The steel panels on concrete-filled steel tubular bridge towers are large aspect ratio stiffened 
plates subject to unilateral restraint from concrete, whose local stability performance can be 
improved by setting multiple longitudinal stiffeners. In this paper, the elastic buckling coefficient 
of such a unilaterally restrained stiffened plate was derived using the Ritz method. Then, the 
critical relative stiffness of the stiffeners was proposed to identify the buckling mode of the plate. 
Further, the effective area method was proposed to evaluate the ultimate strength of the 
stiffened plates. The numerical simulation of the unilaterally restrained stiffened plates under axial 
compression was conducted using the verified finite element models. The results show that the 
buckling coefficient and effective area method proposed in this paper can evaluate the ultimate 
strength of unilaterally restrained stiffened plates under axial compression with high accuracy. 

Keywords: local buckling, concrete-filled steel, bridge tower, stiffened plate, Ritz method, finite 
element, effective width 

1 Introduction 
Concrete-filled steel tubular (CFST) bridge towers 
consist of steel box sections welded by stiffened 
plates and concrete infill, which are characterized 
by high resistance, construction convenience and 
good economy [1, 2]. It has become increasingly 
popular on cable-stayed and suspension bridges in 
recent years in China, such as Lichuan Bridge 
(2017), the Fifth Nanjing Yangtze River Bridge 
(2020) and Yuanshuo Bridge (2021). 

Due to the huge width-to-thickness ratio of the 
plates in steel bridge towers or CFST bridge towers, 
it’s common practice to set longitudinal stiffeners 
to avoid local buckling. However, the plates in 
CFST bridge towers are unilaterally restrained by 
the concrete infill, which cannot buckle freely on 
both sides outside the face like the plates in steel 

bridge towers, resulting in an increase in local 
stability. In addition, the stiffeners are embedded 
in the concrete, which will not suffer from 
torsional instability like stiffeners in steel bridge 
towers. Hence, the design method of stiffened 
plates in steel bridge towers cannot be directly 
applied to those in CFST bridge towers. 

The plates in the CFST bridge towers can be 
simplified to a rectangular stiffened plate with 
four fixed edges and unilateral constraints. The 
local buckling performance of unilaterally 
restrained flat plates without stiffeners has been 
extensively investigated by Wright [3], Uy et al. [4-
6], Azad et al. [7, 8], Sun et al. [9, 10]. Tao, et al. 
[11-14] conducted a series of experimental studies 
on the buckling performance of square CFST 
columns with single or double longitudinal 
stiffeners on a single panel and proposed a 
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method to identify rigid stiffeners. Lee, et al [15, 
16] presented equations for the minimum
required stiffness of longitudinal and transverse
stiffeners in concrete-filled steel tubes by means
of the finite element (FE) method. Wang et al [17]
studies the behaviour of concrete-filled double-
tubular stub columns with longitudinal stiffeners
under axial compression.

It can be seen that the existing investigations on 
unilaterally restrained plates with longitudinal 
stiffeners are limited to small-size members with 
small width-to-thickness ratios and larger stiffness 
of stiffeners. However, the plates in CFST bridge 
towers have much larger width-to-thickness ratios 
and a number of stiffeners with relatively smaller 
stiffness, so an in-depth investigation into their 
local buckling behavior is needed. 

In this paper, the Ritz method is used to derive the 
elastic buckling coefficient of unilaterally 
restrained stiffened plates under uniform 
compression, based on which, the effective area 
method is proposed to estimate the axial 
compression resistance of the unilaterally 
restrained stiffened plates. Subsequently, 
numerical tests were conducted using FE models 
verified by test results to evaluate the reliability 
and accuracy of the effective area method for the 
plates in CFST bridge towers proposed in this 
paper. 

2 Elastic buckling coefficient 

2.1 Mechanical model 

A typical structure of CFST bridge tower is shown 
in Figure 1. A stiffened steel plate in the CFST 

bridge tower is taken out as the research object 
with length, width and thickness of a, b and t 
respectively (Figure 1). Flat plate stiffeners (with 
the number of n) are set on the stiffened plate at 
equal intervals along the X direction. The height 
and thickness of each stiffener are hs and ts 
respectively. Assume that there is no bond and 
friction between concrete and steel plate, and the 
stiffness of concrete is infinite. The plate and 
stiffeners are subjected to uniform compressive 
stress σx along the x-direction. 

Since the unloaded edges are constrained by the 
concrete at the corners when the plate is buckling, 
it is difficult to freely rotate, so it can be 
approximated as clamped edges. The plate does 
not rotate at the nodal line between the buckling 
waves parallel to the loading edge, which can also 
be considered the clamped edge. If the out-of-
plane displacement function of the plate is ω, the 
boundary condition can be expressed as 

ω = 0, ∂ω/∂x = 0, when x = 0 or a; 

ω = 0, ∂ω/∂y = 0, when y = 0 or b. 

The effects of initial geometric defects and 
welding residual stresses are not considered in the 
mechanical model. 

2.2 Buckling modes 

Due to the different stiffness of the longitudinal 
stiffeners, two buckling modes may occur, i.e., the 
overall buckling of the mother plate accompanied 
by the stiffeners and the local buckling of the sub-
plate between the longitudinal stiffeners, as 
shown in Figure 2. 

Figure 1. From a typical structure of CFST bridge tower to the mechanical model of the stiffened plate 

Segment of CFST bridge tower Longitudinal diaphragm

Transvers diaphragm

Longitudinal stiffener

Inner panel

Outer panel

Concrete
Concrete

Steel panel
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Figure 2. Buckling mode: (a) overall buckling; and 
(b) sub-plate buckling.

When the stiffness of the stiffeners is small 
relative to the plate, overall buckling will occur. In 
this case, the boundary conditions can be satisfied 
by adopting Eqn. (1) as the out-of-plane 
displacement function of the plate. 

𝜔𝜔 = 𝑓𝑓 �1− cos
2𝜋𝜋𝜋𝜋𝜋𝜋
𝑎𝑎

� �1− cos
2𝜋𝜋𝜋𝜋
𝑏𝑏
� (1) 

where, f is a constant, m is the number of buckling 
waves in the x-direction of the plate. 

Assuming that the stiffeners are deformed 
together with the mother plate, the bending 
displacement function of the i-th stiffener is: 

𝜔𝜔𝑖𝑖 = 𝑓𝑓 �1− cos
2𝜋𝜋𝜋𝜋𝜋𝜋
𝑎𝑎

� �1− cos
2𝜋𝜋𝜋𝜋
𝑛𝑛 + 1

� (2) 

When the stiffness of the stiffeners is large 
relative to the plate, sub-plate buckling will occur. 
In this case, the displacement of the stiffeners is 
almost none and the out-of-plane displacement 
function of the plate can be expressed as: 

𝜔𝜔 = 𝑓𝑓 �1− 𝑐𝑐𝑐𝑐𝑐𝑐
2𝜋𝜋𝜋𝜋𝜋𝜋
𝑎𝑎

��1− 𝑐𝑐𝑐𝑐𝑐𝑐
2(𝑛𝑛 + 1)𝜋𝜋𝜋𝜋

𝑏𝑏
� (3) 

2.3 Ritz method 

When the stiffened plate suffers overall buckling, 
in accordance with the elastic theory of thin plate, 
the stain energy stored in the plate is: 

𝑈𝑈p =
𝐷𝐷
2
� � ��

𝜕𝜕2𝜔𝜔
𝜕𝜕𝜋𝜋2�
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𝜕𝜕𝜋𝜋2
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2

� d𝜋𝜋 d𝜋𝜋 

(4) 

where, D = Et3/[12(1-ν2)], is the flexural stiffness of 
the plate per unit width; E and ν are the Young's 
modulus and Poisson's ratio of the steel, 
respectively. 

The strain energy accumulated from the bending 
deformation of the stiffeners is: 

𝑈𝑈s = ��
𝐸𝐸𝐼𝐼s
2 �

𝜕𝜕2𝜔𝜔𝑖𝑖
𝜕𝜕𝜋𝜋2 �

2

d𝜋𝜋
𝑎𝑎

0

𝑛𝑛

𝑖𝑖=1

 (5) 

where, Is is the moment of inertia of a single 
stiffener on its intersection with the mother plate. 

The power exerted by the external force on the 
plate and the stiffeners are: 

𝑉𝑉p =
1
2
� � 𝜎𝜎x𝑡𝑡 �

𝜕𝜕𝜔𝜔
𝜕𝜕𝜋𝜋
�
2

d𝜋𝜋 d𝜋𝜋
𝑏𝑏

0

𝑎𝑎

0

 (6) 
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𝜎𝜎x𝑡𝑡sℎs
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𝜕𝜕𝜔𝜔𝑖𝑖
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𝑎𝑎

0

𝑛𝑛

𝑖𝑖=1

 (7) 

respectively. 

Then the total potential energy of the stiffened 
plate is: 

𝛱𝛱 = 𝑈𝑈p + 𝑈𝑈s − 𝑉𝑉p − 𝑉𝑉s (8) 

Substituting Eqns. (1-2) and Eqns. (4-7) into Eqn. 
(8), and applying the principle of potential energy 

(a)

(b)
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standing value, i.e. ∂Π/∂f = 0, the elastic buckling 
stress of the unilaterally restrained stiffened plate 
suffering overall buckling can be obtained: 

𝜎𝜎cr = 𝑘𝑘o
𝜋𝜋2𝐷𝐷
𝑏𝑏2𝑡𝑡

(9) 

where, ks is elastic buckling coefficient, which is 
expressed as: 

𝑘𝑘o =
12𝜋𝜋4 + 8𝜋𝜋2𝛽𝛽2 + 12𝛽𝛽4 + 32𝜋𝜋4𝛾𝛾s

(3 + 8𝛿𝛿s)𝜋𝜋2𝛽𝛽2
(10) 

when n=1, and 

𝑘𝑘o =
12𝜋𝜋4 + 8𝜋𝜋2𝛽𝛽2 + 12𝛽𝛽4 + 12𝜋𝜋4𝛾𝛾s(𝑛𝑛 + 1)

3(1 + (𝑛𝑛 + 1)𝛿𝛿s)𝜋𝜋2𝛽𝛽2

(11) 

when n>1. 

where, β = a/b, is the aspect ratio of the plate; γs = 
EIs/(bD), is the relative stiffness of a single 
stiffener to mother plate; δs = hsts, is the cross 
section area of a single stiffener. 

When the stiffened plate suffers sub-plate 
buckling, the total potential energy of the 
stiffened plate is: 

𝛱𝛱 = 𝑈𝑈p − 𝑉𝑉p (12) 

Substituting Eqns. (3-4) and (6) into Eqn. (12), and 
taking ∂Π/∂f = 0, the elastic buckling stress of the 
unilaterally restrained stiffened plate suffering 
sub-plate buckling can be obtained: 

𝑘𝑘s =
4𝛽𝛽2(𝑛𝑛 + 1)4

𝜋𝜋2 +
4𝜋𝜋2

𝛽𝛽2
+

8(𝑛𝑛 + 1)2

3
(13) 

2.4 The minimum value of elastic buckling 
coefficient 

The variation of buckling coefficient with aspect 
ratio and stiffness of stiffeners in the case of 
overall buckling of unilaterally restrained stiffened 
plate is shown in Figure 3. As can be seen from 
Figure 3, unilateral restraint can increase the 
buckling coefficient compared with the plate 
without out-of-plane restraint; increasing the 
stiffness of stiffeners can significantly increase the 

buckling coefficient; the buckling coefficient 
decreases with an increase in aspect ratio and 
approaches a minimum value when the aspect 
ratio is greater than the critical one. 

Figure 3. Buckling coefficient versus aspect ratio 

For n > 1, taking ∂k/∂β=0, the minimum elastic 
buckling coefficient can be obtained:  

𝑘𝑘o,min =
8(1 + 3�1 + (𝑛𝑛 + 1)𝛾𝛾s)

3(1 + (𝑛𝑛 + 1)𝛿𝛿s)  (14) 

when β≥β0, and 

𝑘𝑘o,min =
12 + 8𝛽𝛽2 + 12𝛽𝛽4+12𝛾𝛾s(𝑛𝑛 + 1)

3(1 + (𝑛𝑛 + 1)𝛿𝛿s)𝛽𝛽2
(15) 

when β<β0, 

where, β0 = (1+(n+1)γs)1/4, is the critical aspect 
ratio of the plate. 

In the same way, the minimum elastic buckling 
coefficient of the plate suffering sub-plate 
buckling can be obtained: 

𝑘𝑘s,min =
32
3

(𝑛𝑛 + 1)2 (16) 

2.5 Critical relative stiffness of stiffeners 

Equalizing Eqns. (14-15) and Eqn. (16), the critical 
relative stiffness of stiffeners can be derived, see 
Eqns. (17-18). 

𝛾𝛾s∗ =
1

𝑛𝑛 + 1�
𝑘𝑘s,min(1 + (𝑛𝑛 + 1)𝛿𝛿s)𝛽𝛽2

4

−
2𝛽𝛽2

3
− 𝛽𝛽4 − 1�

(17) 
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when β<β0, and 

𝛾𝛾s∗ =
1

𝑛𝑛 + 1
��
𝑘𝑘s,min(1 + (𝑛𝑛 + 1)𝛿𝛿s)

8
−

1
3�

2

− 1�

(18) 

when β≥β0. 

3 Ultimate strength 

3.1 Effective width of flat plates 

The elastic buckling coefficient is only applicable 
to ideal flat plates of linearly elastic materials. 
However, the ultimate strength (or post-buckling 
strength) of the plates in engineering is strongly 
affected by material nonlinearity, initial geometric 
imperfection and welding residual stress. It is well 
recognized that the ultimate strength of a 
unilaterally restrained plate can be calculated by 
the effective width method based on the elastic 
buckling coefficient. The effective width formulas 
provided by AS4100 [18] presented in Eqn. (19). 

𝜌𝜌 =
0.65
𝜆𝜆

(19) 

where, ρ = be/b ≤ 1, is effective width factor of the 

plate; be is the effective width; 𝜆𝜆 = � 𝑓𝑓y
𝜎𝜎cr

=

𝑏𝑏
𝑡𝑡
�12(1−𝜐𝜐2)𝑓𝑓y

𝑘𝑘𝜋𝜋2𝐸𝐸
, is the slenderness of the plate; fy is 

the yield strength of steel, k is the elastic buckling 
coefficient of the plate. 

Sun et al. [9] classified the plates into elastic 
buckling, elastic-plastic buckling and plastic 
buckling plates using slenderness limits and 
proposed effective width formulas as follows: 

𝜌𝜌 = 1 (21) 

when λ ≤ 0.500, and 

𝜌𝜌 =
0.66
𝜆𝜆0.6

(22) 

when 0.500 < λ ≤ 1.348, and 

𝜌𝜌 =
0.64
𝜆𝜆0.5

(23) 

when λ > 1.348. 

3.2 Effective area of stiffened plates 

Based on the concept of effective width of the flat 
plates, the ultimate strength of the unilaterally 
restrained stiffened plates can be estimated using 
the proposed effective area method.  

The effective area Ae of the unilaterally restrained 
stiffened plate is determined by the different 
bucking modes, as shown in Figure 4, consisting of 
two parts: the effective area of the mother plate 
and the effective area of the stiffeners. The 
expressions of Ae are shown in Eqn. (19). 

Figure 4. Effective area: (a) overall buckling; and (b) 
sub-plate buckling. 

𝐴𝐴e = 𝑏𝑏me𝑡𝑡 + 𝐴𝐴se (24) 

𝑏𝑏me = �𝜌𝜌𝑖𝑖𝑏𝑏𝑖𝑖

𝑛𝑛+1

𝑖𝑖=1

 (25) 

where, bme is the effective width of the mother 
plate; bi is the width of the i-th sub-plate, equals 
to the width of the mother plate b for the case of 
𝛾𝛾s < 𝛾𝛾s∗  and the length between adjacent rigid 
stiffeners or between rigid stiffeners and plate 
sides for the case of 𝛾𝛾s ≥ 𝛾𝛾s∗; ρi is the effective 
width factor which can be calculated by Eqn. (19-
23); Ase is the effective area of stiffeners, equals to 
the cross section area of the stiffeners within the 
effective width of the mother plate for the case of 
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𝛾𝛾s < 𝛾𝛾s∗  and the total cross section area of all 
stiffeners for the case of 𝛾𝛾s ≥ 𝛾𝛾s∗. 

The ultimate strength P of the unilaterally 
restrained stiffened plates can be estimated by: 

𝑁𝑁 = 𝑓𝑓y𝐴𝐴e (26) 

4 FE analysis 
In order to verify the accuracy of the effective 
area method for the ultimate strength of 
unilaterally restrained stiffened plates proposed in 
this paper, numerical simulations of 492 
unilaterally restrained stiffened plates under 
uniform compression were performed by ABAQUS. 

4.1 FE model and verification 

The FE model of unilaterally restrained plate is 
shown in Figure 5. In this model, the steel plate is 
simulated by 4-node reduced integral shell 
element (S4R). The grid size is approximately 5% 
of the width of the plate. The concrete was 
replaced by a rigid surface to consider its 
unilateral restraint effect on the plate. A "hard 
contact" is specified normal to the interface 
between the steel plate and the rigid surface, 
where the bond and friction are neglected in the 
tangential direction. A fixed constraint is applied 
at the bottom of the plate. The top and side edges 
of the plate release only the z-directional 
displacements, and the rotational and 
translational degrees of freedom in other 
directions are constrained. Uniform pressure is 
applied by imposing a displacement in the z-
direction on the top edge of the plate. 

The constitutive model of steel developed by Tao 
et al. [19] is applied herein, which takes into 
account the strain hardening of the steel and is 
applicable to both normal and high-strength steel. 

The first-order elastic buckling mode of the plate 
is taken as the geometric initial imperfection. The 
maximum deformation of the initial geometric 
imperfection is b/200 as suggested in Eurocode 3 
[20]. The distribution of residual stress on the 
cross-section of the plate or the sub-plate takes 
the form of rectangular pattern. It is assumed that 
the residual tensile stress and compressive stress 
are fy and −0.2fy respectively. The residual stresses 

in the stiffeners are ignored since it is assumed 
that they have minor effect on the ultimate 
strength. 

Figure 5. FE model 

The load-axial shortening behavior, failure mode 
and ultimate strength predicted by the finite 
element model are compared with the 
experimental results in references [4, 5, 21]. It can 
be seen that the model accurately predicts the 
buckling failure mode (Figure 6) of the specimen 
(Figure 7) and also the load-axial shortening 
behavior. The average and standard deviation of 
the ratio of the numerical results to the test 
results are 0.96 and 0.06 respectively. Hence, the 
FE models established in this paper can accurately 
predict the local buckling behavior of unilaterally 
restrained plates. 

Figure 6. Comparison of failure mode of specimen 
FB80-1 [21] 
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Figure 7. Comparison of load-axial shortening: (a) 
normal strength steel; and (b) high strength steel. 

4.2 Parameters of numerical tests 

Numerical tests of unilaterally restrained stiffened 
plates under uniformly compressed were 
performed utilizing the FE method mentioned 
above. The parameters in the numerical tests are 
the width-to-thickness ratio, the aspect ratio, the 
number of stiffeners, the relative stiffness of the 
stiffeners and the yield strength of the steel, as 
shown in Table 1. These parameters cover as 
much as possible the range of practical 
engineering applications of CFST bridge towers. 
Since the concrete only acts as a unilateral 
restraint on the stiffened plates, the numerical 
tests do not consider the effect of concrete-
related parameters. 

Table 1. Parameters of numerical tests 

Variable Values or Range 
Width-to-thickness-ratio of 

plate, b/t 200, 400, 600 

Number of stiffeners, n 2 ~ 20 
Aspect ratio, β 0.5, 1, 2 

Width-to-thickness-ratio of 
stiffener, bs/ts 

8 ~ 12 

Yield strength of steel fy 
[MPa] 355, 420, 550, 690 

Total number of FE models 256 

4.3 Results and discussion 

4.3.1 Buckling modes 

The typical buckling modes of the unilaterally 
restrained stiffened plate gained from FE analysis 
are shown in Figure 1. For the plates with the 
relative stiffness of stiffeners much larger than the 
critical relative stiffness, the sub-plate buckling of 
occurred in the limit state as shown in Figure 8 (a). 
For the plates with the relative stiffness of 
stiffeners smaller than the critical relative stiffness, 
the overall buckling occurred in the limit state as 
shown in Figure 8 (b). In addition, a small number 
of plates with the relative stiffness of stiffeners 
close to the critical relative stiffness exhibited a 
mixed buckling mode of the two mentioned above 
as shown in Figure 8 (c). Nonetheless, the
buckling mode of most of the stiffened plates can 
be judged by the critical relative stiffness of the 
stiffeners proposed in this paper. 

Figure 8. Buckling modes from FE model 
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4.3.2 Ultimate strength 

The ratios of the ultimate strengths of unilateral 
restrained stiffened plates calculated by different 
effective width formulas to the FE analysis results 
are shown in Fig. 9. It can be seen that the 
ultimate strength of unilaterally restrained plates 
calculated by the effective width formula for steel 
structures (Eqn. 19) are more discrete, i.e., the 
error tends to increase with the increase of the 
plate slenderness. While the effective width 
formula proposed by Sun et al. [9] estimated the 
ultimate strength with a more uniform error 
distribution. It is noteworthy that the average 
values of the ultimate strength of stiffened plate 
calculated by the effective width formulas are 
greater than the FE analysis results, and the 
effective area method is recommended for 
preliminary design rather than construction 
drawing design. Extensive experimental 
investigations are needed to develop a more 
accurate design method. 

Figure 9. Comparison of ultimate strength: (a) AS 
4100; and (b) Sun et al. [9]. 

5 Conclusion remarks 
In this paper, the steel panels of CFST bridge 
towers are modified to unilaterally restrained 
stiffened plates with four fixed edges. The elastic 
buckling coefficients of the unilaterally restrained 
stiffened plates were derived with the Ritz 
method, and the equations for calculating the 
critical relative stiffness of stiffeners used to 
identify the buckling modes of the plates were 
provided. Based on the concept of effective width 
of post-buckling strength of flat plate, the 
effective area method was proposed to estimate 
the ultimate strength of the unilaterally restrained 
stiffened plates. Numerical simulations were 
conducted utilizing the FE model verified by 
experimental results. The FE analysis results show 
that the ultimate strength of the unilaterally 
restrained stiffened plates under uniform 
compression can be estimated by using the 
effective area method. The elastic buckling 
coefficient and effective area method of 
unilaterally restrained stiffened plates proposed in 
this paper can provide guidance for the 
preliminary design of steel panels of CFST bridge 
towers. 
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Abstract 

The expansion joint of simply supported bridge makes the driving uneven and maintenance inconvenient. 
Therefore, it is the best way to reduce or cancel it. Link slab is a favourable substitute. At present, it is mainly 
used for small and medium span bridges. This paper attempts to introduce the link slab into long-span simply 
supported steel-concrete composite bridge. The numerical model of the whole bridge is built, and the 
influences of bridge span, debond length of link slab and thickness of link slab on the mechanical property of 
continuous bridge deck structure are studied. The results show that as the bridge span increases, the 
longitudinal tensile stress on the upper surface of the control section increases significantly. 

Keywords: Long span simply supported bridge; Debond Link Slab; Debond length; Thickness of DLS 

1 Introduction 

Steel structure and steel-concrete composite 
structure bridges have outstanding advantages 
such as large span capacity, and easy assembly 
construction. They are widely used in Bridge 
Engineering in developed countries such as Europe, 
America and Japan. As of 2015, the proportion of 
steel structure bridges in China is still less than 
1%[1]. In recent years, under the guidance of 
national policies, the adaptability of steel-concrete 

composite structures in long-span bridge, 
mountain bridge, prefabricated bridge and other 
structures has attracted more and more 
attention[2]. 

Simply supported bridge has the advantages of 
good economic benefits, simple structure and fast 
construction speed. So it occupies an important 
position in the construction of modern bridges in 
China. However, there are many expansion joints in 
simply supported bridge, which reduce the flatness 
of the bridge deck. In addition, the expansion joints 
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bearing the dynamic load for a long time, are easy 
to damage, difficult to maintain, and need to be 
replaced frequently. 

Predecessors put forward the idea of reducing or 
eliminating expansion joints. Some scholars 
proposed link slab to replace the expansion joint, 
and then some related studies were reported [3-5]. 
Link slab makes the steel girder simply supported 
and the bridge deck continuous. In order to 
improve its mechanical property, link slab is 
required to be debond from the steel girder. So it is 
also called Debond Link Slab(DLS). However, the 
application of link slab in long-span simply 
supported composite bridge is rarely reported. 

In order to speed up the construction and reduce 
the number of expansion joints of simply 
supported bridge, this paper attempts to introduce 
debond link slab into long-span simply supported 
steel-concrete composite bridge. First of all, we 
need to study its reasonable structural parameters. 
A large-span simply supported π-shaped steel-
concrete composite bridge is used as a background 
project in this paper(According to Chinese 
standard[8], large-span means single span is larger 
than 40m). The numerical method is used to study 
the influence of the bridge span, debond length of 
DLS and thickness of DLS on the mechanical 
property of the debond link slab, which lays the 
foundation for a reasonable design of this structure. 

2 Debond Link Slab 

As shown in Figure 1, the Debond Link Slab is set at 
the end of the simply supported composite beam, 
with the debond length Lc and the thickness of DLS 
hc. The low elastic modulus material is set within 
the unbonded length range, and the steel rebar is 
set in the link slab. 

Figure 1. Schematic diagram of Debond Link Slab 

3 Engineering background 

A long span simple-supported π-shaped steel-
concrete composite bridge is used as the research 
object to analyze the mechanical performance of 
the continuous bridge deck structure. The span of 
the simply supported beam is 60m, with 4 main 
beams; the width is 25.5m; the beam height is 3m; 
the main beam spacing is 6.95m;the cantilever 
length is 1.25m; the bridge deck is 250mm thick. 
The continuous bridge deck structure is shown in 
Figure 1, and the cross-sectional dimensions are 
shown in Figure 2. 

(a) 1/2-whole bridge cross section
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(b) π-shaped girder cross section

Figure 2. Sectional layout of simply supported 
steel-concrete composite bridge 

4 Numerical model 

Figure 3 The whole bridge model 

As shown in Figure 3, this paper uses general finite 
element software ANSYS to establish a two-span 
single beam model. In the model, the concrete is 
C55, simulated by solid element. And the steel 
beam is Q420, simulated by shell element. The two 
interfaces are connected by common nodes. 
Reinforcement is not simulated in the model due to 
elastic analysis. The analyzed conditions include: (1) 
dead load, (2) live load, (3) dead load + live load. 

For debond link slab, longitudinal tensile stress is 
an important indicator. The following part takes a 
model as an example to show the distribution of 
longitudinal tensile stress in different parts of the 
full bridge. In the model, the bridge span is 60m, 
the bridge deck width is 5.8m, the thickness of the 
bridge deck is 250mm, the debond length is 2m, 
and the thickness of DLS is 235mm. The material 
properties of concrete and steel are listed in Table 
1. 

Table 1 Material properties of concrete and steel 

Material 

Elastic 
Modulus
（MPa） 

Poisson'
s ratio 

Thermal 
expansion 
coefficient 

/℃ 

Bulk density gravity 
N/mm3 

C55 3.55×104 0.2 1.0×10-5 26×10-6 

Q420 
2.06×105 0.3 1.2×10-5 78.5×10-6 

In order to facilitate the subsequent description, 
here are two key cross sections: the end cross 
section of DLS, the midspan cross section of DLS, as 
shown in Figure 4. 

Figure 4. Key cross section 

4.1 Dead load 

(a)Longitudinal tensile stress distribution of bridge
deck

(b) Longitudinal tensile stress distribution of steel
beam

(c) Longitudinal tensile stress distribution of DLS
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Figure 5. Longitudinal tensile stress distribution of 
different parts of the whole model under dead load 

As shown in Figure 5, under dead load, the deck 
continuous slab is close to cracking, and the 
maximum longitudinal tensile stress appears 
between the DLS end section and the midspan 
section. 

4.2 Live load 

(a)Longitudinal tensile stress distribution of bridge
deck

(b) Longitudinal tensile stress distribution of steel
beam

(c) Longitudinal tensile stress distribution of DLS

Figure 6. Longitudinal tensile stress distribution of 
different parts of the whole model under live load 

As shown in Figure 6, under live load, the deck 
continuous slab is close to cracking, and the 
maximum longitudinal tensile stress appears 
between the DLS end section and the midspan 
section. 

4.3 Dead load and live load 

(a)Longitudinal tensile stress distribution of bridge
deck

(b) Longitudinal tensile stress distribution of steel
beam

(c) Longitudinal tensile stress distribution of DLS

Figure 7. Longitudinal tensile stress distribution of 
different parts of the whole model under dead load 
and live load 

As shown in Figure 7, under the dead load + live 
load, the continuous slab of the bridge deck has 
been cracked, and the maximum longitudinal 
tensile stress appears between the DLS end section 
and the mid-span section. 

5 Parametric analysis 

In order to determine the reasonable size of the 
continuous bridge deck structure, it is necessary to 
analyze the mechanical performance 
parametrically. Through the preliminary analysis of 
the force mechanism of the continuous bridge deck 
structure, it can be seen that under various loads, 
the performance of the continuous bridge deck 
structure is related to bridge span, debond length 
of DLS, and the thickness of DLS. The factors above 
are now analyzed one by one. The value of each 
parameter is shown in Table 2. 

Table 2 The value of each parameter of models 

model 
number 

bridge 
span L
（m） 

debond 
length Lc
（m） 

Deck 
thickness 

h(mm) 

thickness of 
DLS hc
（mm） 

1 50 2 250 235 

2 60 2 250 235 

3 65 2 250 235 

4 60 3.2 250 235 

5 60 4.4 250 235 

6 60 2 220 205 

7 60 2 280 265 
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5.1 bridge span 

5.1.1 The end cross section of DLS 

(a)dead load

(b)live load

(c)dead load + live load

Figure 8 Transverse distribution of longitudinal 
tensile stress on the upper surface of the end 
section of DLS under different load conditions 

It can be seen from Figure 8 that (1) under different 
load conditions, the transverse distribution of 
longitudinal tensile stress on the upper surface of 
the DLS end section is not uniform. Especially under 
dead load, a negative shear lag phenomenon 
occurs; (2) The bridge span has a significant effect 
on the longitudinal tensile stress on the upper 

surface of the DLS end section. For the DLS end 
section, under dead load, as the bridge span 
increases from 55m to 65m, the maximum 
longitudinal tensile stress on the upper surface 
increases from 1.63MPa to 2.66MPa, with an 
increase of 63%; under live load, as the bridge span 
increases, the maximum longitudinal tensile stress 
on the upper surface increases from 2.04MPa to 
3.13MPa, with an increase of 53%; when subjected 
to dead load + live load, as the bridge span 
increases, the maximum longitudinal tensile stress 
on the upper surface increases from 3.60MPa to 
5.71MPa, with an increase of 59%. 

5.1.2 The midspan cross section of DLS 

(a)dead load

(b)live load

(c)dead load + live load
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Figure 9 Transverse distribution of longitudinal 
tensile stress on the upper surface of the midspan 
section of DLS under different load conditions 

It can be seen from Figure 9 that (1) Under different 
load conditions, the transverse distribution of 
longitudinal tensile stress on the upper surface of 
the DLS mid-span section is not uniform, with a 
positive shear lag phenomenon occurring; (2) For 
the DLS mid-span section, when only subjected to 
dead load, as the bridge span increases from 55m 
to 65m, the maximum longitudinal tensile stress on 
the upper surface increases from 3.98MPa to 
6.60MPa, with an increase of 66%; under live load, 
as the bridge span increases, the maximum 
longitudinal tensile stress on the upper surface 
increases from 2.97MPa to 4.54MPa, with an 
increase of 53%; when subjected to dead load + live 
load, as the bridge span increases, the maximum 
longitudinal tensile stress on the upper surface 
increases from 6.95MPa to 11.14MPa, with an 
increase of 60%. 

5.2 debond length 

5.2.1 The end cross section of DLS 

(a)dead load

(b)live load

(c)dead load + live load

Figure 10 Transverse distribution of longitudinal 
tensile stress on the upper surface of the end 
section of DLS under different load conditions 

It can be seen from Figure 10 that (1) under 
different load conditions, the transverse 
distribution of longitudinal tensile stress on the 
upper surface of the DLS end section is not uniform, 
with a negative shear lag phenomenon occurring; 
(2) The effect of debond length on the longitudinal
tensile stress on the upper surface of the DLS end
section is significant. For the DLS end section,
under dead load, as the debond length increases
from 2m to 4.2m, the maximum longitudinal tensile
stress on the upper surface decreases from
2.10MPa to 0.08MPa, with a decrease of 96%;
under live load, as the debond length increases, the
maximum longitudinal tensile stress on the upper
surface decreases from 3.04MPa to 0.12MPa, with
a decrease of 96%; when subjected to dead load +
live load, as the debond length increases, the
maximum longitudinal tensile stress on the upper
surface decreases from 4.58MPa to 0.21MPa, with
a decrease of 95%.

5.2.2 The midspan cross section of DLS 

(a)dead load
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(b)live load

(c)dead load + live load

Figure 11 Transverse distribution of longitudinal 
tensile stress on the upper surface of the midspan 
section of DLS under different load conditions 

It can be seen from Figure 11 that (1) Under 
different load conditions, the transverse 
distribution of longitudinal tensile stress on the 
upper surface of the DLS mid-span section is not 
uniform, with positive shear lag phenomenon 
occurring; (2) The bond length has little effect on 
the longitudinal tensile stress on the upper surface 
of the DLS midspan section. For the DLS mid-span 
section, when only subjected to dead load, as the 
debond length increases from 2m to 4.4m, the 
maximum longitudinal tensile stress on the upper 
surface decreases from 5.18MPa to 5.14MPa, with 
a decrease of 1%; under live load, as the debond 
length increases, the maximum longitudinal tensile 
stress on the upper surface decreases from 
3.70MPa to 3.60MPa, with a decrease of 1%; when 
subjected to dead load + live load, as the debond 
length increases, the maximum longitudinal tensile 
stress on the upper surfaced decreases from 
8.88MPa to 8.73MPa, with an decrease of 2%. 

5.3 thickness of DLS 

5.3.1 The end cross section of DLS 

(a)dead load

(b)live load

(c)dead load+live load

Figure 12 Transverse distribution of longitudinal 
tensile stress on the upper surface of the end 
section of DLS under different load conditions 

It can be seen from Figure 12 that (1) under 
different load conditions, the transverse 
distribution of longitudinal tensile stress on the 
upper surface of the DLS end section is not uniform. 
Especially under dead load, a negative shear lag 
phenomenon occurs; (2) The thickness of DLS has a 
significant effect on the longitudinal tensile stress 
on the upper surface of the DLS end section. For the 
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DLS end section, under dead load, as the thickness 
of DLS increases from 205mmm to 265mm, the 
maximum longitudinal tensile stress on the upper 
surface increases from 1.87MPa to 2.31MPa, with 
an increase of 24%; under live load, as the thickness 
of DLS increases, the maximum longitudinal tensile 
stress on the upper surface increases from 
2.33MPa to 2.81MPa, with an increase of 21%; 
when subjected to dead load + live load, as the 
thickness of DLS increases, the maximum 
longitudinal tensile stress on the upper surface 
increases from 4.20MPa to 5.02MPa, with an 
increase of 20%. 

5.3.2 The midspan cross section of DLS 

(a)dead load

(b)live load

(c)dead load + live load

Figure 13 Transverse distribution of longitudinal 
tensile stress on the upper surface of the midspan 
section of DLS under different load conditions 

It can be seen from Figure 13 that (1) Under 
different load conditions, the transverse 
distribution of longitudinal tensile stress on the 
upper surface of the DLS mid-span section is not 
uniform, with positive shear lag phenomenon 
occurring; (2) The thickness of DLS has little effect 
on the longitudinal tensile stress on the upper 
surface of the DLS midspan section. For the DLS 
mid-span section, when only subjected to dead 
load, as the thickness of DLS increases from 205mm 
to 265mm, the maximum longitudinal tensile stress 
on the upper surface decreases from 5.27MPa to 
5.09MPa, with a decrease of 3%; under live load, as 
the thickness of DLS increases, the maximum 
longitudinal tensile stress on the upper surface 
decreases from 3.76MPa to 3.64MPa, with a 
decrease of 3%; when subjected to dead load + live 
load, as the thickness of DLS increases, the 
maximum longitudinal tensile stress on the upper 
surfaced decreases from 9.02MPa to 8.73MPa, 
with a decrease of 3%.  

6 Conclusions 

Aiming to study the static performance of the 
bridge deck continuous structure, a large-span 
simply supported π-shaped steel-concrete 
composite bridge is numerically modeled in this 
paper. The influences of the bridge span, debond 
length of DLS and thickness of DLS on the 
mechanical property of the link slab are studied. 
The following conclusions are obtained: 

(1) As the bridge span increases, the longitudinal
tensile stress on the upper surface of the control
section increases significantly. Under different load
cases, when the span increased from 55m to 65m,
the maximum longitudinal tensile stress on the
upper surface of the control section increased by
53-66%. Therefore, when the long-span simply
supported steel-concrete composite bridge adopts
the continuous bridge deck structure, the bridge
span should not be too long, and it is not
recommended to exceed 60m.

(2) As the debond length increases, the longitudinal
tensile stress on the upper surface of the control
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section decreases slightly. Under different load 
cases, the maximum longitudinal tensile stress on 
the upper surface of the control section only 
increases by about 1% when the unbonded length 
increases from 2 m to 4.4 m. 

(3) As the thickness of DLS increases, the
longitudinal tensile stress on the upper surface of
the control section decreases slightly. Under
different load cases, the maximum longitudinal
tensile stress on the upper surface of the control
section only increases by 3% when the unbonded
slab thickness increase from 205mm to 265mm.
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Abstract 

Link slab makes the steel girder simply supported and the bridge deck continuous. Therefore, it is a fine 

substitute for expansion joint in simply supported bridge. However, the application of link slab in long-span 
simply supported composite bridge is rarely reported. This paper attempts to introduce the link slab into 
long-span simply supported steel-concrete composite bridge. In order to study the static performance of the 
link slab, this research designs a full-scale I-shaped segment specimen and conducts a numerical analysis on 
it. The calculation results are compared with the full bridge model to verify its feasibility, preparing for a 
follow-up test. 

Keywords: Long span simply supported bridge; Debond Link Slab; Full-scale specimen design. 

1 Introduction 

In 2016, the Ministry of transport of China issued 
the guiding opinions on promoting the 
construction of highway steel structure bridges. 
After that, more and more importance has been 
attached to the adaptability of steel-concrete 
composite structures in long-span bridge, 
mountain bridge, and prefabricated bridge [1]. 

Simply supported bridges have the advantages of 
good economic benefits and simple structure. 

Therefore, it is the most widely used bridge type. 
However, there are many expansion joints of 
simply supported bridge, which makes the driving 
uneven. In addition, the expansion joint is easy to 
damage, difficult to maintain, and need to be 
replaced frequently. 

In order to solve the above problems, in the late 
1970s, engineers put forward the concept of 
Continuous Bridge Deck, which means that two 
adjacent spans of simply supported bridge decks 
(all or part) or deck pavement are connected 
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together instead of expansion joints. In this way, 
the advantages of simply supported bridges can 
continue to be used, and the smoothness of the 
bridge deck can be improved. In the 1980s, Japan 
began to adopt bridge seamless technology to 
avoid the disadvantages of expansion joints. 
Among them, continuous bridge decks are one of 
the most economical and feasible ways, by 
choosing appropriate continuous materials or 
setting artificial seams to absorb, disperse or 
induce continuous deformation of the bridge deck 
[2].  

At present, a large number of small and medium-
span bridges such as hollow slab beams, T beams 
and small box beams in China have adopted 
continuous pavement structure [3-5]. They are 
divided into three main types: articulated joints 
type, rigid joints type, and tie rod type. A large 
number of engineering practices have shown that 
the continuous structure of such a bridge deck 
cannot meet the force requirements due to its 
small structural thickness, poor integrity, and few 
reinforcements. This results in continuous 
structure cracking, water seepage, poor durability, 
and increased maintenance costs. 

According to some reported studies [6-8], link slab 
is a good substitute for expansion joint in simply 
supported bridge. Link slab makes the steel girder 
simply supported and the bridge deck continuous. 
In order to improve its mechanical property, link 
slab is required to be debond from the steel girder. 
So it is also called Debond Link Slab (DLS). However, 
the application of link slab in long-span simply 
supported composite bridge is rarely reported. 

This research attempts to introduce debond link 
slab into long-span simply supported steel-
concrete composite bridge (According to Chinese 
standard [9], large-span means single span is larger 
than 40m). To study cracking behavior, failure 
mode and ultimate bearing capacity of the link slab, 
this research designs a full-scale I-shaped segment 
specimen and conducts a numerical analysis on it. 
The calculation results are compared with the full 
bridge model to verify its feasibility, preparing for a 
follow-up test. 

2 Debond Link Slab 

As shown in Figure 1, the Debond Link Slab is set at 
the end of the simply supported composite bridge, 
with the debond length Lc and the thickness of DLS 
hc. The low elastic modulus material is set within 
the unbonded length range, and the longitudinal 
steel rebar is set in the continuous bridge deck 
structure. 

Figure 1. Schematic diagram of Debond Link Slab 

3 The mechanism of Debond Link 
Slab 

The following analyzes the mechanism of Debond 
Link Slab under the main load [10-11]. 

3.1 Axial load 

Under vehicle braking force and overall 
temperature, the composite bridge will produce 
overall longitudinal deformation.The longitudinal 
extension will cause the link slab to crack (as shown 
in Figure 2). 

Figure 2. Failure mode under axial load 

3.2 Bending moment 

Subjected to dead load, shrinkage, creep, gradient 
temperature, lane load and uneven settlement, the 
ends of the simply supported composite bridge 
rotate to make the link slab bear the negative 
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bending moment, which causes the upper surface 
to crack. When the structure and load are 
symmetrical, rotation angles of the ends are 
symmetrical, as shown in Figure 3. Figure 4 shows 
the unilateral rotation at beam end. When the link 
slab bears the bending moment, the top surface of 
link slab is under tension, and the bottom surface 
is in the compression status. 

Figure 3. Mechanical performance of DLS under 
symmetrical rotation 

Figure 4. Mechanical performance of DLS under 
asymmetrical rotation 

3.3 Wheel load 

The link slab subjected to wheel load is equivalent 
to the two-end fixed beam, when there is a non-
rigid support (empty or elastic support) 
underneath it. When the vehicle is on the middle 
span of the link slab, the bottom surface of of the 

link slab bears tensile stress and may crack, as 
shown in Figure 5. 

Figure 5. Mechanical performance of DLS under 
wheel load 

In summary, simultaneously subjected to dead load, 
shrinkage, creep, lane load, gradient cooling, 
overall heating, support settlement, etc., the link 
slab will bear axial tension and negative bending 
moment due to axial deformation and rotation of 
the beam end, which will cause the top surface of 
the link slab to crack. 

4 Engineering background 

Taking a long span simply supported π-shaped 
steel-concrete composite bridge as the research 
object, this paper analyzes the mechanical 
performance of the continuous bridge deck 
structure. The span of simply supported beam is 
60m, with four π-shaped main beams; the width is 
25.5m; the beam height is 3m; the spacing of main 
beams is 6.95m; the length of cantilever is 1.25m; 
the thickness of bridge deck is 250mm. The 
continuous bridge deck structure is shown in Figure 
1, and the section size is shown in Figure 6. 

(a) 1/2-whole bridge cross section
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(b) π-shaped girder cross section

Figure 6. Sectional layout of simply supported 
steel-concrete composite bridge 

5 Segment model design 

In order to study the static performance of the link 
slab, such as the stress distribution, cracking load, 
crack development mode, failure mode and 
ultimate bearing capacity of the continuous bridge 
deck slab, based on the principle of unchanged 
neutral axis position, a full-scale I-shaped segment 
model is designed in this paper, for follow-up 
experimental research. In order to verify the 
rationality of the segment model, it is necessary to 
analyze the segment model and the whole bridge 
model, and compare the results of the two. 

5.1 Experimental segment model analysis 

According to laboratory conditions, the size of the 
full-scale I-shaped segment model used in this 
paper is 12.5m long, 1m wide, and 3m in high. The 
cross-sectional dimensions are shown in Figure 7. 

Figure 7. Cross section of segment model 

In order to facilitate the subsequent description, 
here are two key cross sections: the end cross 
section of DLS, the midspan cross section of DLS, as 
shown in Figure 8. 

Figure 8. Key cross section 

In order to study the stress distribution of the 
segment model, this paper uses general finite 
element software. The concrete is C55, simulated 
by solid elements. The steel beam is Q420, 
simulated by shell elements. And the two 
interfaces are connected by common nodes. Due 
to the elasticity analysis, the reinforcement is not 
simulated in the model. The analyzed working 
conditions include (1) gravity, (2) concentrated 
force of 200kN, (3) gravity + concentrated force of 
200kN. 
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5.1.1 Gravity 

(a)Longitudinal tensile stress distribution of bridge
deck

(b) Longitudinal tensile stress distribution of steel
beam

(c) Longitudinal tensile stress distribution of DLS

Figure 9. Longitudinal tensile stress distribution of 
different parts of the segmental model under 
gravity 

5.1.2 Concentrated force of 200kN 

(a)Longitudinal tensile stress distribution of bridge
deck

(b) Longitudinal tensile stress distribution of steel
beam

(c) Longitudinal tensile stress distribution of DLS

Figure 10. Longitudinal tensile stress of different 
parts of the segmental model under concentrated 
force of 200kN. 

5.1.3 Gravity and concentrated force of 200kN 

(a) Longitudinal tensile stress distribution of bridge
deck

(b) Longitudinal tensile stress distribution of steel
beam
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(c) Longitudinal tensile stress distribution of DLS

Figure 11. Longitudinal tensile stress distribution of 
different parts of the segmental model under 
gravity and concentrated force of 200kN. 

According to Figure 9 - Figure 11, it can be seen that 
under self-weight, the longitudinal tensile stress of 
the link slab of the segmental model is already very 
large. Therefore, in the actual loading process, the 
self-weight of the specimen must be taken into 
account. 

5.2 Whole bridge model analysis 

Figure 12The whole bridge model 

As shown in Figure 12, the whole bridge model is a 
single beam model. The bridge deck and steel 
beam are simulated by solid element and shell 
element respectively, and the applied load includes 
dead load and lane load. Next, the corresponding 
part with one web is taken as the research object 
to discuss the stress distribution under different 
working conditions. 

5.2.1 Dead load 

(a)Longitudinal tensile stress distribution of bridge
deck

(b) Longitudinal tensile stress distribution of steel
beam

(c) Longitudinal tensile stress distribution of DLS

Figure 13. Longitudinal tensile stress distribution of 
different parts of the whole model under dead load 

As shown in Figure 13, under dead load, the deck 
continuous slab is close to crack, and the maximum 
longitudinal tensile stress appears between the DLS 
end section and the midspan section. 

5.2.2 Live load 

(a)Longitudinal tensile stress distribution of bridge
deck

(b) Longitudinal tensile stress distribution of steel
beam

(c) Longitudinal tensile stress distribution of DLS
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Figure 6. Longitudinal tensile stress distribution of 
different parts of the whole model under live load 

As shown in Figure 14, under live load, the link slab 
is close to cracking, and the maximum longitudinal 
tensile stress appears between the DLS end section 
and the midspan section. 

5.2.3 Dead load and live load 

(a) Longitudinal tensile stress distribution of bridge
deck

(b) Longitudinal tensile stress distribution of steel
beam

(c) Longitudinal tensile stress distribution of DLS

Figure 15. Longitudinal tensile stress distribution of 
different parts of the whole model under dead load 
and live load 

As shown in Figure 15, under the dead load + live 
load, the link slab has been cracked, and the 
maximum longitudinal tensile stress appears 
between the DLS end section and the mid-span 
section. 

5.3 Comparison 

Next, the longitudinal tensile stresses on the top of 
the midspan cross section and the end cross-
section of DLS are extracted respectively, and the 
transverse distribution of segment model and 
whole bridge model under different working 
conditions are compared, so as to prove the 
rationality of segment specimen design. 

5.3.1 The midspan cross section of DLS 

Case-1: the segmental bridge model under gravity 

Case-2: the whole bridge model under dead load 

Figure 16. The transverse distribution of the 
longitudinal tensile stress on the top of two models 

Case-1: the segmental bridge model under gravity 
and 200kN concentration force 

Case-2: the whole bridge model under dead load + 
live load 

Figure 17. The transverse distribution of the 
longitudinal tensile stress on the top of two models 

It can be seen from the figures that under different 
working conditions, in the middle span of link slab, 
the longitudinal tensile stress on the top of the two 
models is evenly distributed in the transverse 
bridge direction, and there is shear lag. The relative 
value of longitudinal tensile stress is between 0.880 
~ 1.000, and their distribution in the transverse 
direction of the bridge is very close. 

580



IABSE CongressNanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

5.3.2 The end cross-section of DLS 

Case-1: the segmental bridge model under gravity 

Case-2: the whole bridge model under dead load 

Figure 18. The transverse distribution of the 
longitudinal tensile stress on the top of two models 

Case-1: the segmental bridge model under gravity 
and 200kN concentration force 

Case-2: the whole bridge model under dead load + 
live load 

Figure 19. The transverse distribution of the 
longitudinal tensile stress on the top of two models 

It can be seen from the figures that under different 
working conditions, at the end cross-section, the 
longitudinal tensile stress on the top of the two 
models is evenly distributed in the transverse 
direction of the bridge, and there is shear lag. The 
relative value of longitudinal tensile stress is 
between 0.910 ~ 1.000, and their distribution in the 
transverse direction of the bridge is very close. 

Therefore, it is believed that the segment specimen 
can accurately simulate the longitudinal stress 
distribution of the whole bridge model in the 
transverse direction, that is, the segment specimen 
design is reasonable. 

6 Conclusions 

In order to study the static performance of the link 
slab in the long-span simply supported steel-
concrete composite bridge, a full-scale I-section 
specimen is designed and numerically analysed. 
The calculation results are compared with the 
whole bridge model, and the following conclusions 
are obtained:  

(1) The longitudinal tensile stresses on the top of
the two models are unevenly distributed in the
transverse direction, and there is a phenomenon of
shear lag. The distribution of the two models in the
transverse direction is relatively close.

(2) The segment specimen can accurately simulate
the longitudinal tensile stress distribution of the
whole bridge model in the transverse direction,
that is, the segment specimen design is reasonable.

Therefore, this segment model can be used for 
static tests in the follow-up. 
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Abstract 
At present, typical reinforcement methods of box girders able to consider spatial effects are known 
as the amplification factor method, "panel element model" method, and the "spatial grid model" 
method. However, the differences between these methods have not been investigated. 

In this paper, these methods are compared in terms of the full spatial resistances of box-girders, by 
evaluating the reinforcement results in an example. A surplus indicator in different directions in 
terms of the ultimate bearing capacity and normal section crack resistance is defined. The results 
show that in the mid-span section, the amplification factor method is prone to over-limiting the 
principal tensile stresses at the bottom panel near the web, and the other two methods have the 
good load-bearing capacity and crack resistance in all directions, but the reinforcement (especially 
for the spatial grid model method) is too conservative at the web and bottom panel.  

Keywords: box girder; design method; spatial effect. 

1 Introduction 
Concrete box-girders possess the merits of high 
availability and strong bending, and torsion 
resistance, and are thus comprehensively applied 
in the bridges of span lengths of more than 40m [1]. 
Meanwhile, the mechanical features of box-girder 
bridges are also more sophisticated than any other 
structures with an open section, such as the T beam 
bridges. The spatial effects in the top, bottom, and 
web slabs of a box-girder, as well as the 

connections between them, are so remarkable that 
a very precise design is difficult to implement. Then 
inappropriate consideration of these spatial effects 
in the reinforcement design analysis happens, 
which might introduce cracks and structural risk 
[2,3].     

To solve this issue, the codes worldwide started to 
use an amplification factor approach for the 
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structural analysis of reinforcement design, such as 
the eccentric load factor (ELF) for thin-walled 
effects [3-7], the transverse distribution factor (TDF) 
for the web load allocation [8] and effective 
distribution width (EDW) for the shear lag effect. 
However, it was in practice found that the unified 
factors are unable to consider the spatial effects 
conservatively [4, 9-13]. Aiming at the defects of 
the amplification factor approaches, more precise 
reinforcement design ideas have recently been 
advanced. 3D detailed finite element models [14] 
were ever introduced. Although these models can 

include all the spatial effects, considerable 
computation efforts are required and in addition, 
local and global effects of the structure are mixed 
to prevent a reinforcement based on beam 
theories prescribed by codes. Note that a sandwich 
model method was proposed to deal with the 
reinforcement analysis of each slab of a box girder 
by Brondum-Nielsen [15-18]. This method 
incorporates the spatial effect interaction between 
the longitudinal bending, shear and torsion, and 
the transverse frame bending, which was adopted 
by the European code [15]. This method firstly 
extracted the internal forces of the slab segments 
of the box girder from finite element analysis, and 
then allocate the forces to each slice of the three-
slice divided slab. However, the slice division along 
the thickness direction involves a complex iteration 
process. Inspired by the sandwich model, a three-
layer stress concept of slabs along with a spatial 
grillage model fitted for codes was proposed to 
fully consider the spatial effects of a box girder by 
Xu et al. [19]. This concept with the model can 
simultaneously consider the local and global 
structural effects, which was adopted as a precise 
reinforcement design method by the Chinese code 
[4]. In the extension study of this idea [2,14,20,21], 
Sun et al. [14] proposed a 3D reinforcement design 
method for the concrete box-girder bridges. On 
this basis, Zhang [22] and Xu establish a new 
reinforcement design idea based on panel 
elements, in which the internal forces from the 
spatial grillage model are utilized for the panel 
analysis of the sandwich model. For convenience, a 
corresponding force matrix was proposed to 
extract a full version of panel element stresses 
corresponding to the internal force extreme cases. 

As stated above, the reinforcement design 
methods of concrete box-girder bridges 
considering spatial effects in use differ in ideas. To 
date, none of the literature has provided a 
comparison study between them to show their 
differences in spatial resistance capacity. In this 
paper, the amplification factor method, spatial 
grillage model method, and panel element method 
are compared in terms of the full spatial resistances 
of box-girders, by evaluating the reinforcement 
results. Surplus indicators in terms of the ultimate 
bearing capacity and normal section crack 
resistance are defined for a case study. 

2 Methodology 
This part introduces the main ideas of the 
amplification factor method, sandwich model 
method, spatial grillage model method, and panel 
element method for the reinforcement design of 
concrete box-girder bridges. 

2.1 Amplification factor method 

In the codes worldwide, the bridges with a box-
girder section are designed following the rules of 
bridges with an I or T beam section. In this way, 
amplification factors (ELF [23], TDF [24,25], EDW 
[26]) are used to quantify the spatial features of a 
box girder such as shear lag, distortion, and torsion 
effects. Taking the Chinese code [4] as an example, 
the reinforcement can be divided into a 
longitudinal analysis and a transverse frame 
analysis. A three degree of freedom (DOF) 
unidimensional beam element model is used to 
analyze the longitudinal internal forces provided 
for longitudinal reinforcement without considering 
the statically indeterminate cross-sectional shear 
stress distribution of the box girder. The transverse 
reinforcement resorts to the transverse internal 
forces obtained from a segment frame FE 
calculation. In this method, the combined effects of 
the components are used to represent the spatially 
mechanical effects.  

2.2 Sandwich model method 

The sandwich model [17, 18] enables a 
reinforcement based on stresses. As shown in Fig.2. 
It divides the panel element of a box-girder along 
the thickness direction into three slices. The steel 
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bars are placed in the top and bottom slices in 
order to undertake the bending moment, torsion, 
in-plane axial forces, and shear forces. The middle 
slice is the one with no cracking, in order to 
undertake the out-of-plane shear forces and 
transitive shear forces from the other two slices. In 
this way, the horizontal shear stresses and 
bending-shear interaction effects in the panels can 
be considered, and the internal forces of each 
panel can be allocated to the top and bottom slices 
as:  

𝑛𝑛𝑝𝑝𝑝𝑝𝑝𝑝𝑝𝑝 = 𝑛𝑛𝑝𝑝𝑝𝑝𝑝𝑝
(𝑧𝑧𝑖𝑖−𝑦𝑦)
𝑧𝑧𝑖𝑖

± 𝑚𝑚𝑆𝑆𝑆𝑆𝑖𝑖
𝑧𝑧𝑖𝑖

      (1) 

𝑣𝑣𝑝𝑝𝑝𝑝𝑝𝑝 = 𝑣𝑣𝑝𝑝𝑝𝑝
(𝑧𝑧𝑣𝑣−𝑦𝑦)
𝑧𝑧𝑣𝑣

± 𝑚𝑚𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆

𝑧𝑧𝑣𝑣
     (2) 

i = x, y. where the bending moment mSdx and mSdy, 
torsion mSdxy, in-plane axial forces nsdx and nsdy, and 
in-plane shear force vsd per unit width are obtained 
from a shell FE model. npSdx, npSdy, and vSd are in-
plane axial forces of the top, and bottom slices and 
in-plane shear force per unit width, respectively. 
Here zx denotes the force arm of the transverse 
axial force, zy the force arm of the shear force, and 
the distance between the target internal force and 
the element mid surface. At this moment, what we 
should consider is the in-plane stress state of each 
of the top and bottom slices, in which an 
orthotropic steel bar grid can be arranged to resist 
the in-plane principal stress effects based on 
material mechanics formulas. 

z Mid-plane
The upper layer of y

zv

npSdx

npSdx

npSdx

npSdx

npSdy

npSdy

npSdy

npSdy

vpSd vpSd

vpSd vpSd

vpSd vpSd

vpSd vpSd

The lower layer of y

Mid-plane
The upper layer of y

The lower layer of y

denotes the shear between layers, 
which can be ignored here

“ ”

Figure 2. The Sandwich model 

2.3 Spatial grillage model method 

The spatial grillage model method is an updated 
reinforcement idea based on stresses. The core 
strategy of the method is "breaking up the whole 
into parts." Different from the internal force 
division of the sandwich model, this method 
considers the three-layer stress states in each 
panel of a box-girder. On this basis, orthotropic 
cross grillages of 6-DOF beam elements are used to 
simulate the panel stiffness of the box girder and 
also to link the three-layer stresses. Since these 
grillages stay in different planes as the panel 
component of the box girder, the whole box girder 
can be converted to a spatial grillage structure to 
include the total spatial features. In this way, the 
membrane effects are uniformly distributed along 
the element surface and the local load effects from 
the top and bottom panels can both be reflected in 
the same model by dividing the cross-section. Then, 
the reinforcement design can be divided into the 
out-of-plane and in-plane reinforcement cases of 

the grillage panels, which connect to the top, 
bottom layer stress states, and the mid-layer stress 
state, respectively. Orthotropic steel bar grids are 
necessary to resist the layer in-plane stress states 
of a panel. It should be noted that, since the box 
girder section is divided into grillages, it is here 
assumed that the failure of a local grillage means 
the failure of the corresponding whole cross-
section. 

2.4   Panel element method 

The panel element method is to establish a strategy 
to link the sandwich model with the spatial grillage 
model. The main procedure can be described as: 

1) Establish the spatial grillage model, and use each
cross beam to represent a panel element, which is
composed of four equivalent beam elements
with24 DOFs in the longitudinal and transverse
directions, as shown in Fig. 3;
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2) The 24 DOFs can be rearranged to six DOFs of a
panel element according to Eq. (3) to (8);

3) Calculate the six DOFs of the panel element that
control the design of the element under multiple
load combinations, and then obtain the
corresponding force matrix of the panel element
identifying the most adverse internal forces of the
element.

4) Reinforce each panel element according to
Section 2.2.

where 𝑁𝑁𝑥𝑥(1𝑗𝑗) ,𝑀𝑀𝑦𝑦(1𝑗𝑗) , 𝑉𝑉𝑦𝑦(1𝑗𝑗) , 𝑇𝑇𝑥𝑥(1𝑗𝑗)corresponds to 
𝑁𝑁𝑥𝑥1, 𝑀𝑀𝑦𝑦1, 𝑉𝑉𝑦𝑦1, 𝑇𝑇𝑥𝑥1𝑗𝑗 in Figure 3, and so on. 

Figure 3. 24 DOFs of a panel element composed of 
longitudinal and transverse cross beam elements 

𝑛𝑛𝑋𝑋 = 𝑁𝑁𝑋𝑋
𝑏𝑏

= 𝑁𝑁𝑆𝑆(3𝑗𝑗)+𝑁𝑁𝑆𝑆(4𝑖𝑖)

2𝑏𝑏
     (3) 

𝑛𝑛𝑌𝑌 = 𝑁𝑁𝑌𝑌
𝑎𝑎

= 𝑁𝑁𝑆𝑆(1𝑗𝑗)+𝑁𝑁𝑆𝑆(2𝑖𝑖)

2𝑎𝑎
    (4) 

𝑚𝑚𝑋𝑋 = 𝑀𝑀𝑋𝑋
𝑏𝑏

= 𝑀𝑀𝑆𝑆(3𝑗𝑗)+𝑀𝑀𝑆𝑆(4𝑖𝑖)

2𝑏𝑏
  (5) 

𝑚𝑚𝑌𝑌 = 𝑀𝑀𝑌𝑌
𝑎𝑎

= 𝑀𝑀𝑆𝑆(1𝑗𝑗)+𝑀𝑀𝑆𝑆(2𝑖𝑖)

2𝑎𝑎
  (6) 

𝑛𝑛𝑋𝑋𝑌𝑌 = 𝑛𝑛𝑌𝑌𝑋𝑋 = 1
2

× �𝑉𝑉𝑆𝑆(1𝑗𝑗)+𝑉𝑉𝑆𝑆(2𝑖𝑖)

2𝑎𝑎
+ 𝑉𝑉𝑆𝑆(3𝑗𝑗)+𝑉𝑉𝑆𝑆(4𝑖𝑖)

2𝑏𝑏
�   (7) 

𝑚𝑚𝑋𝑋𝑌𝑌 = 𝑚𝑚𝑌𝑌𝑋𝑋 = 1
2

× �𝑇𝑇𝑆𝑆(1𝑗𝑗)+𝑉𝑉𝑆𝑆(2𝑖𝑖)

2𝑎𝑎
+ 𝑇𝑇𝑆𝑆(3𝑗𝑗)+𝑇𝑇𝑆𝑆(4𝑖𝑖)

2𝑏𝑏
�  (8) 

3 Case study 
For a comparison study between the amplification 
factor method, spatial grillage method, and panel 
element method, an example of a concrete bridge 
is introduced. New indicators are defined to 
measure the extent of these reinforcement 
methods in resisting the structural spatial effect. 
The spatial effects are reflected by the in-plane and 
out-of-plane effects of divided panels. 

3.1 Structural dimension and indicator 
definition 

The example is a two-span (40+40 m) concrete 
continuous box-girder bridge with the structural 
layout shown in Fig. 4. The design parameters are 
listed in Table 1.  

Two steps are performed for the study. First, the 
three methods are respectively carried out for the 
reinforcement of the bridge. Second, seven 
indicators are established in terms of the ultimate 

Table 1. Structural design parameters 

Name Content Name Content 
Construction On-site casting Span 2×40 m 

Width 12m Lane Three lanes 
Load Highway-Ι Grade [4] Concrete C50 [4] 

Cross-section One box one cell Steel HRB400 [4] 
4000

1900

4000

C1

(a) 

1200

25280
40

25

280

640

32
5

(b) 

Figure 4. Structural dimension of the concrete continuous box girder bridge: (a) Elevation and (b) Cross-
section (Unit: cm)

limit state and serviceability limit state, in order to 
evaluate the resistant extents of the methods on 

the out-of-plane and in-plane effects of divided 
panels of the box-girder bridge (Fig. 5). 
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Figure 5. Analysis and comparison route for the three reinforcement methods 

For the symbol system of the indicators, X and Y 
denote the longitudinal and transverse axes, 
respectively. ①, ②, and ③ denote the 
amplification factor method, spatial grillage model 
method, and panel element method, respectively. R1 
to R4 denote the box cell section outer side along X-
axis, inner side along X-axis, outer side along Y-axis, 
and inner side along Y-axis. Then, a concept of surplus 
rate is introduced to measure the reinforcement 
results corresponding to the in-plane and out-of-
plane effects of panels.  

For the comparison under the ultimate limit state, 
the out-of-plane effect mainly considers the out-of-
plane bending moment of the panel, as shown in 
Fig. 7(a) and (b). If in a unit panel element, the 
ultimate flexural capacity provided by the steel 
bars and concrete is Rw, and the design value of the 
bending moment under a specified load 
combination is Sw, then 𝜆𝜆𝑤𝑤=Rw/Sw can be defined to 
measure the surplus rate of the out-of-plane 
bearing capacity, including the longitudinal 
bending moment capacity surplus rate and the 
transverse one. When 𝜆𝜆𝑤𝑤 ≥1 holds, it shows that 
the out-of-plane effects of the element are 
effectively resisted, otherwise, the reinforcement 
is not enough at this direction. The in-plane effects 

firstly consider the axial forces in the longitudinal 
and transverse directions, as shown in Fig. 7(c) and 
(d). If in a unit panel element, the axial force 
capacity provided by the steel bars and concrete is 
Rz, and the design value of the axial force under a 
specified load combination is Sz, then 𝜆𝜆𝑧𝑧=Sz/Rz can 
be defined as the axial force capacity surplus rate, 
including the longitudinal one and the transverse 
one. In addition, the principal tensile force, integral 
from the principal tensile stresses, is also 
concerned based on the checking convention. 
Similarly, 𝜆𝜆𝑙𝑙=Rl/Sl can be defined as the principal 
tensile force capacity surplus rate, where Rl is the 
principal tensible force capacity per unit length 
provided by the steel bars and concrete, and Sl is 
the design value of the principal tensile force per 
unit length under the specified load combination. 

For the comparison under the serviceability limit 
state, a calculation formula of crack width (Wcr) 
along with the relevant specifications in Chinese 
code [4] is employed (Eq. (9)) to measure the 
normal section crack resistance of the methods. If 
the limit crack value is Wf, the normal section crack 
resistance surplus rate λf can be defined by and is 
also considered in the longitudinal and transverse 
directions, respectively. 
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(a) (b) (c) (d) 

Figure 6. Diagram of the in-plane and out-of-plane effects of a panel element（a）Out-of-plane effect of 
top and bottom panel（b）Out-of-plane effect of web panel（c）In-plane effect of top and bottom panel

（e）In-plane effect of web panel 

𝑊𝑊𝑐𝑐𝑐𝑐 = 𝑐𝑐1𝑐𝑐2𝑐𝑐3
𝜎𝜎𝑠𝑠𝑠𝑠
𝐸𝐸𝑠𝑠
∙ 𝑐𝑐+𝑝𝑝
0.30+1.4𝜌𝜌𝑡𝑡𝑡𝑡

 (9) 

c1 is the surface shape factor of the reinforcement, 
c2 is the long-term effect impact factor, c3 is the 
coefficient related to the shape of the member 
under force, ơss is the longitudinal tensile 
reinforcement stress in the cracked section caused 
by the combination of the action frequency 
encounter(MPa), Es is the modulus of elasticity of 
the reinforcement(MPa), c is the concrete 
protective layer thickness of the outermost row of 
longitudinal tensile reinforcement(mm),d is the 
diameter of the longitudinal tensile 
reinforcement(mm), ρte is the effective 
reinforcement rate of longitudinal tensile 
reinforcement. 

3.2 Modelling and reinforcement results 

Under the same load cases, the unidimensional 
beam element model is used for the amplification 
factor method, and an identical grillage model is 
used for the spatial grillage model method and the 
panel element method. In the spatial grillage 
modeling of the box girder, the top, web, and 
bottom panels are for short indicated by T, W, and 
B, respectively. The longitudinal beams are 
connected by transverse beams with an identical 
interval of 1 m. On this basis, the panel elements 
with the area of   1×1m each can be obtained from 
the cross beams by a division form, as shown in Fig. 
7. The bridge is finally discretized into 2710 nodes
and 4923 elements.

(a)        (b)      (c) 

 Figure. 7 Diagram of the spatial grillage modeling: (a) Cross-sectional division (b) Spatial grillage model (c) 
Unidimensional element model

The C1 cross-section is selected for reinforcement 
comparison. The reinforcement results of the three 
methods in the form of reinforcement rate are 
shown in Fig.8. 

The results in Fig.9 show that method ② has the 
largest reinforcement ratio, followed by method 
③. At the top panel (Y-direction), the
reinforcement rate of the method ① is the largest
on the outer side.

Based on the reinforcement rate, the bending 
moment capacity surplus rates of the methods are 
shown in   Fig. 9(a), and the axial force capacity 
surplus rates of the methods are shown in Fig. 9(b). 
The principal tensile force capacity surplus rates 
are listed in Table 2. The normal section crack 
resistance surplus rates are shown in Fig. 9(c). 
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Figure 8.  Reinforcement rates of the three methods (Unit: %) 

Remark: the results of Table 2 includes the detailing requirements according to the code [4]. 
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Fig. 9 Diagram of the surplus rate comparisons of the three methods: (a) Bending moment capacity surplus 
rate and (b) Axial force capacity surplus rate and (c) The normal section crack resistance surplus rates 

Table 2 Principal tensile force capacity surplus 
rates of the three methods 

① ② ③ ① ② ③
T1 6.03 3.00 3.00 W1 15.7 25.2 15.7 
T2 1.81 1.00 1.00 W2 1.05 1.46 1.09 
T3 1.45 1.61 1.00 W3 1.05 2.23 1.47 
T4 1.66 1.52 1.01 B1 0.84 1.75 1.16 
T5 1.97 1.20 1.20 B2 0.88 1.88 1.49 
T6 2.02 1.00 1.34 B3 1.00 2.02 1.30 

The analysis results of the bending moment 
capacity surplus rates show that, in the top panel x-
direction, ② is the most strong to resist the out-
of-plane effects, in the top panel y-direction,① is 
the most strong to resist the out-of-plane effects， 
except for the position T6 with the relationship of 
③>①>②. In the web panel, ② is the strongest
to resist the out-of-plane effects. In the X-direction
of the bottom panel, the surplus rates of the
methods have the relationship of ②≥③>①, and

the method ②and③ have a larger surplus rate in 
the x-direction with a value over 20.  

The analysis results of the axial force capacity 
surplus rates show that, in the top panel y-direction, 
the method ① mostly has the largest surplus rate. 
In the web panel, the relationship of ②≥③≥① 
holds, and in the Y-direction, the surplus rate of the 
method ②in the position W3 is up to 83.279, 
which is too large. In the bottom panel, the 
relationship of ②>③>① holds, but in the x-
direction, except for position B1, the relationship of 
③>②> ①holds.

The analysis results of the principal tensile force 
capacity surplus rates show that, in the top panels, 
the surplus rates of the methods mostly have the 
relationship of ①>③>②. However, in positions 
T3, the relationship of ②>③>①holds, and in 

① ② ③

1.30
0.65

1.00 0.50 2.501.25
1.35

R1 R2

① ② ③

1.50
0.75

2.20 1.10 2.501.25
1.30

R3 R4
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positions B1 and B2, the surplus rate of method ① 
is less than 1.  

The analysis results of the normal section crack 
resistance surplus rates show that, in the top panel 
y-direction, the surplus rates of the three methods
have the relationship of ①>②>③, except for the
position T3, the relationship of ②>①> ③holds. In
the web panel and the bottom panel, the method
② has a mostly larger surplus rate. However, the
surplus rates of the method ② in the positions
W2(x-direction)、B2（y-direction） are so large,
that the maximum value is close to 32.8734 and
27.7916.

In summary, in resisting the out-of-plane effects, 
the spatial grillage model method shows larger 
surplus rates and too large values in the mid-cross-
section. In resisting the in-plane effects, both the 
panel element method and the spatial grillage 
model method are effective. The Amplification 
method easily shows a lack of reinforcement in the 
conjunction between the bottom panel and the 
web panel. For the normal section crack resistance, 
the spatial grillage model method has more 
feasible surplus rate values than the other two 
methods, which manifest an overall too 
conservative reinforcement.    

4 Conclusions 
In this paper, the amplification factor method, 
spatial grillage model method, and the panel 
element method, as typical reinforcement design 
methods of concrete box-girder bridges, 
considering spatial effects are compared through 
an example by defining a series of surplus rate 
indicators. The main contributions are as follows: 

(1) The three methods can both fulfill the basic
design requirements of the ultimate limit state of
the concrete box-girder bridge, but they greatly
differ in the extent of resisting the out-of-plane and 
in-plane effects of the panels composing the box
girder: for the out-of-plane effects, the spatial
grillage model method and panel element method
have a stronger resistance than the amplification
factor method, but much too conservative, leading
to waste of material. For the in-plane effects, the
spatial grillage model method and panel element
method are mostly more reliable than the
amplification factor method, which shows a lack of

reinforcement at the local position of the junction 
between the bottom panels and the web panel.  

(2) The amplification factor method might be fitter
for the normal section crack resistance, but the
spatial grillage model method and panel element
method are both too conservative at this point.

(3) The comparison results show that the spatial
grillage model method and panel element method
have a comparatively large surplus rate in the
reinforcement of the box-girder bridge. However,
both methods with a divided cross-section have
not considered the effects of "internal force
redistribution" when local cracking happens,
leading to a too conservative reinforcement in
some local positions of the flange panels of the
bending segment of a box-girder bridge. This point
needs to be settled down in future work.
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Desirable Geometrical Configurations of The Web/Flange Splices for 
Enhancing the Frictional Slip Resistance of an I-Girder  

Ryo Sakura, Takashi Yamaguchi  
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Abstract 
The present study focuses on the major slip behavior of high-strength frictional bolted connections 
in an I-girder. Bolted girder connections resist the applied bending moment through the cooperation 
of flange and web resistances. Flange and web splices are individually designed following practical 
design codes, such as Eurocode 3 and the Japanese Specifications for Highway Bridges. In the 
present study, FEA of various cross-sectional dimensions of the web splice in girder bolted 
connections, having various bolt arrangements of the web splice, and various number of bolts in the 
flange and web splices have been conducted to quantitatively evaluate the cooperative slip behavior 
of the girder connections. It has been found that the frictional force of the web splice was small 
compared to the design resistance. Moreover, as the bolt spacing of the web splice increased and 
the number of bolt rows of the web splice decreased, the ratio of the frictional force to the design 
slip resistance increased. 

Keywords: girder bolted connections; high-strength frictional bolted joints; slip limit state; 
cooperative resistance mechanism 

1 Introduction 
Flange and web splices of girder connections are 
designed separately, following general design 
codes such as Eurocode 3 [1], Japanese 
Specifications for Highway Bridges [2], and the AISC 
Steel Construction Manual [3]. The ultimate and 
slip resistance of web splice is obtained by 
determining the ultimate and slip strength of the 
bolt is farthest from the center of gravity. This is 
because the implementation of the simplified 
design procedure and the web splices of the beam 
and girder connections are generally evaluated 
using the instantaneous center (IC) of the rotation 
method [4,5].  

However, actual girder connections resist the 
applied bending moment through the cooperation 

of flange and web resistances [6,7] (herein 
cooperative resistance mechanism). Moreover, the 
slip resistance of the girder bolted connections is 
attributed to the flange and several web bolts [8,9]. 
Although the American Association of State 
Highway and Transportation Officials (AASHTO) 
LRFD Bridge Design Specifications [10] include the 
cooperative resistance mechanism; due to the lack 
of data on the influences of the various structural 
parameters, the details of the cooperative 
resistance mechanism are not clear. 

It was found that the cooperative resistance 
mechanism had a significant effect on the slip limit 
states. Furthermore, clarifying the cooperative 
resistance mechanism enhances the slip resistance 
and reduces the number of bolts in bolted girder 
connections. 
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In present study, to quantitatively evaluate the 
cooperative resistance, FE analysis of bolted 
connections of plate girders with various cross-
sectional dimensions and bolt arrangement of the 
web splice, and various numbers of bolts of the 
flange and web splices were conducted. 

2 FE Analysis 
A general-purpose structural analysis software, 
Abaqus/Standard 2020, was used to perform 
three-dimensional elastoplastic finite 
displacement analysis [11]. 

2.1 Analytical model 

The analytical model was based on the friction-
bolted girder connection shown in Figure 1. Figure 
1(c) shows the cross-section of the I-girder at the 
bolted connection. The connection in the pure-
bending area in the middle of the girder was the 
point of focus. The analysis was set up as a half 
model, considering the symmetry of the girder in 
the longitudinal direction. The bolts applied in the 
present study were F10T-M16 bolts. The ratio of 
the bolt hole diameter d0 to the bolt diameter d is 
the same as that of the case of the M22 bolt. 

Both the specimen and bolt are meshed using the 
C3D8R element, which is an eight-node linear brick 
element with reduced integration method and 
hourglass control. To select the optimal mesh size 
with reasonable accuracy and computation time, 
mesh convergence studies were conducted. A 
refined mesh size with a resolution of 
approximately 3 × 3 mm was applied, as shown in 
Figure 1(b). 

From the finite element model verification 
obtained by comparing the slip strength between 
the test results, the friction coefficient between the 
girder and splices, and the splice and washer were 
0.85 and 0.01, respectively [9]. 

Table 1 shows the material properties of all joint 
components based on the material tests [9]. Figure 
2 shows the stress-strain curves utilized in the FE 
modelling of these materials. 

Figure 1. Finite element model and typical divisions in this analysis 
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Figure 2. Stress-strain curves 
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Table 1. Mechanical properties of the material 
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2.2 Analytical cases 

In the present parametric study, a total of 15 FE 
models, including five allocation types for three 
joint types, were generated.  

The selected number of bolts in the flange and web 
splices of the modelled connections in the 
parametric studies are listed in Table 2. The slip 
resistance ratios of flange to web splices were 
changed by varying the number of bolt columns of 
the web splices and the magnitude of the bolt 
tension in the flange splices. 

The selected geometric dimensions and the bolt 
allocation of the modelled connections in the 
parametric studies are listed in Table 2(a). 
Specifically, the selected end distance to bolt 
diameter ratios e2/d were 2.25, 3.65, and 6.19; 
whereas the selected heights of the web splice to 
bolt diameter ratios h’/d were 41.25 and 46.5. The 
allocation type represents the height-edge 
distance of web splices. 

2.3 Design resistance 

The design slip resistances of all the cases are listed 
in Table 2(b). In Japan, the overall slip resistance 

a. Number of bolts of flange and web splices

b. Geometrical dimensions of web splices and slip moment resistance (unit: mm)

Table 2. Summary of the analysis cases 

Joint type A B C A B C A B C A B C A B C
Web splice

M ws　(kN・m) 675 450 450 727 484 484 675 450 450 778 519 519 830 554 554

Flange splice
M fs　(kN・m) 886 1033 886 886 1033 886 886 1033 886 886 1033 886 886 1033 886

M ws  / M fs 0.76 0.44 0.51 0.82 0.47 0.55 0.76 0.44 0.51 0.88 0.50 0.59 0.94 0.54 0.63
Overall slip

M SL　(kN・m) 1425 1393 1245 1467 1421 1273 1425 1393 1245 1508 1448 1301 1550 1476 1328

Second
moment
of area

flange /
(flange+web)

splices

Allocation type h'/d_41.25 - e 2 /d_ 3.65
(Standard case)

h'/d_41.25 - e 2 /d_ 2.25 h'/d_46.5 h'/d_46.5 - e 2 /d_ 3.65 h'/d_46.5 - e 2 /d_ 2.25

slip
moment

resistance

0.78 0.71

Detailed dimensions of
bolt arrangemnts and

splices

58
8

10
6

36
84

12
7

78
54

6
99

64
67

2
36

96

63
0

57
90

85

h'
e2

g

12
7

78
57

54
6

72 72 3030

Joint type
Number of bolts U-FLG WEB L-FLG U-FLG WEB L-FLG U-FLG WEB L-FLG
row 2 8 2 2 8 2 2 8 2
column 3 3 3 3 2 3 3 2 3
total 6 24 6 6 16 6 6 16 6
bolt grades
bolt diameter
target introduced
tension (kN)

123.7 106 123.7

M16 M16 M16

Note: The red letters were varied as a structural parameter.

106 106

Type A Type B Type C

F10T F10T F10T
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was proposed using Eq. (1), considering the 
cooperative resistance.  

𝑀𝑀𝑆𝑆𝑆𝑆 = ∑𝑀𝑀𝑓𝑓𝑓𝑓 + ∑𝑀𝑀𝑤𝑤𝑓𝑓   (1a) 

𝑀𝑀𝑓𝑓𝑓𝑓 = ∑(𝑅𝑅𝑛𝑛𝑓𝑓 × ℎ𝑓𝑓) (1b) 

𝑀𝑀𝑤𝑤𝑓𝑓 = ∑(𝑅𝑅𝑛𝑛𝑤𝑤 × ℎ𝑤𝑤𝑤𝑤) (1c) 

where MSL is the overall slip moment resistance, Mfs 
and Mws are the slip moment resistances of the 
flange and web splices, respectively, Rnf is the slip 
resistance of flange splice, Rnw is the slip resistance 
of each horizontal bolt row, hf is the distance from 
the neutral axis to the flange, hwi is the distance 
from the neutral axis to the center of each 
horizontal bolt row. 

2.4 Definition of slippage 

In general, the definition of slippage of frictional 
bolted joints is defined as the relative displacement 
between the connected plate and the connecting 
plates [12]. The distance from the neutral axis 
affects the relative displacement of the girder-
bolted connections, and the occurrence of an 
obvious slip is unlikely because the girders usually 
have several connections. 

In the present study, slippage was determined by 
the decrease rate of the bolt tension at the position 
shown in Figure 3 [9]. The initial and overall slip 
strengths M*

slip and M*
mslip, respectively, were 

defined as the slippage of the girder bolted 
connections.  

Figure 4. Relationship between moment and curvature 
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Type A Type B Type C
h’/d41.25-e2/d3.65

h’/d46.5
h’/d41.25-e2/d2.25

h’/d46.5-e2/d3.65
h’/d46.5-e2/d2.25

Initial slip M*
slip

Overall slip M*
mslip

Full plastic Mp

h’/d41.25-e2/d3.65

h’/d46.5
h’/d41.25-e2/d2.25

h’/d46.5-e2/d3.65
h’/d46.5-e2/d2.25

Initial slip M*
slip

Overall slip M*
mslip

Full plastic Mp

h’/d41.25-e2/d3.65

h’/d46.5
h’/d41.25-e2/d2.25

h’/d46.5-e2/d3.65
h’/d46.5-e2/d2.25

Initial slip M*
slip

Overall slip M*
mslip

Full plastic Mp

Figure 3. Representative bolts 
for determining the slippage, 
M*

slip and M*
mslip 

 

Table 4. Cooperative slip strength Column No.
1 2 3

Representative  bolt 
for determining the 
initial slip M*

slip

Representative bolt 
for determining the 
overall slip M*

mslip

1

2
3
4
5
6
7
8

Row No.
M *

slip M *
mslip

h'/d 41.25-e 2 /d 3.65 1045 1361 0.95 - -

h'/d 41.25-e 2 /d 2.25 1094 1415 0.97 1.05 1.04
h'/d46.5 1045 1361 0.96 1.00 1.00

h'/d46.5-e 2 /d3.65 1125 1476 0.98 1.08 1.08
h'/d46.5-e 2 /d2.25 1129 1528 0.99 1.08 1.12

h'/d 41.25-e 2 /d 3.65 1171 1405 1.02 - -
h'/d 41.25-e 2 /d 2.25 1270 1440 1.01 1.09 1.02

h'/d46.5 1169 1400 1.00 1.00 0.99
h'/d46.5-e 2 /d3.65 1285 1484 1.02 1.10 1.05
h'/d46.5-e 2 /d2.25 1294 1520 1.03 1.11 1.07

h'/d 41.25-e 2 /d 3.65 1040 1258 1.01 - -
h'/d 41.25-e 2 /d 2.25 1044 1302 1.02 1.00 1.03

h'/d46.5 1000 1259 1.01 0.96 1.00
h'/d46.5-e 2 /d3.65 1107 1343 1.03 1.06 1.07
h'/d46.5-e 2 /d2.25 1115 1388 1.05 1.07 1.10

Type
A

Type
B

Type
C

Ratio to stantard case
(h'/d 41.25 - e 2 /d 3.65)Joint

type Allocation type

Initial slip
M *

slip

(kN・m)

Overall slip
M *

mslip

(kN・m)

M *
mslip

/ M SL
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3 Results and discussions 

3.1 Cooperative slip behavior 

Table 4 shows the initial and overall slip strengths, 
and Figure 4 shows the moment vs. curvature 
curves at the mid-span. The moment in the vertical 
axis is normalized by the design gross cross-
sectional yield resistance My.  

The initial slopes of the curves coincided in all cases. 
The initial slip strength M*

slip was larger than the 
slip resistance of the flange splice ΣMfs and 
coincided with the point at which the slope of the 
curve became nonlinear. When the height of the 
web splices h’ is fixed, a gradual increase in the 
initial slip strength M*

slip is observed with a 
gradually increasing parameter gage g (the bolt 
spacing in the web height direction). According to 
Ref. [9], the initial slip is attributed to the slip of the 
flange splices and the farthest web part bolts, as in 
the experimental result.  

The slope of the curves at the overall slip strength 
M*

mslip is flat, and the curvature at M*
mslip is 

approximately three times of that at M*
slip. The 

effect of gage g on M*
mslip is the same as that of 

M*
slip. M*

slip and M*
mslip, which remained constant 

when only parameter h' was increased. 

3.2 Frictional moment of flange/web splice 

The frictional moments of flange and web splices 
M*

fric_flg and M*
fric_web at the overall slip M*

mslip are 
listed in Table 5. The frictional force Fi was obtained 
from the contact surface between the girder and 
the splice. The frictional moment was obtained 
from the frictional force of each row and the 
distance from the neutral axis to the center of each 
bolt row, as shown in Figure 5 and Eq. (2).  

𝑀𝑀𝑓𝑓𝑓𝑓𝑤𝑤𝑓𝑓_𝑓𝑓𝑓𝑓𝑓𝑓
∗ = (𝐹𝐹𝑓𝑓𝑓𝑓 + 𝐹𝐹𝑓𝑓𝑓𝑓) × ℎ𝑓𝑓  (2a) 

𝑀𝑀𝑓𝑓𝑓𝑓𝑤𝑤𝑓𝑓_𝑤𝑤𝑤𝑤𝑤𝑤
∗ = ∑(𝐹𝐹𝑤𝑤 × ℎ𝑤𝑤𝑤𝑤) (2b) 

where M*
fric_flg and M*

fric_web are the frictional 
moments of the flange and web splices, Fi is the 
frictional force of each row. 

The frictional moment of flange splices M*
fric_flg 

coincided with the slip moment resistance of flange 
splice Mfs. Therefore, provided that the initial slip 
strength does not exceed the design gross cross-
section yield resistance My, the slip moment 
resistance of the flange splice is fully exerted. 

Table 5. Frictional moment of flange/web splice 

Figure 5. Frictional force and moment 

M *
fric_flg M *

fric_web
M fric_flg

/ M fs

φ * =
M *

fric_web

/ M ws

h'/d 41.25-e 2 /d 3.65 878 459 0.99 0.68

h'/d 41.25-e 2 /d 2.25 877 517 0.99 0.71
h'/d46.5 878 463 0.99 0.69

h'/d46.5-e 2 /d3.65 877 579 0.99 0.74
h'/d46.5-e 2 /d2.25 875 632 0.99 0.76

h'/d 41.25-e 2 /d 3.65 1019 363 0.99 0.81
h'/d 41.25-e 2 /d 2.25 1019 413 0.99 0.85

h'/d46.5 1019 369 0.99 0.82
h'/d46.5-e 2 /d3.65 1018 456 0.99 0.88
h'/d46.5-e 2 /d2.25 1017 493 0.98 0.89

h'/d 41.25-e 2 /d 3.65 878 368 0.99 0.82
h'/d 41.25-e 2 /d 2.25 878 413 0.99 0.85

h'/d46.5 878 370 0.99 0.82
h'/d46.5-e 2 /d3.65 878 454 0.99 0.88
h'/d46.5-e 2 /d2.25 877 498 0.99 0.90

Type
B

Type
C

Frictional moment
(kN・m)

Ratio frictional
moment to slip

moment resistanceJoint
type Allocation type

Type
A

F1

F2

F3

F4

F5

F6

F7

F8

Ffu

Ffl

hwi

Flange splice

Web splice

Flange splice

hf

lw
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The frictional moment of the web splices M*
fric_web 

was lower than that of the web splice Mws in all 
cases. The ratio frictional moment to slip moment 
resistance of web splices φ* obtained by Eq. (3) 
increased with increasing parameter g (bolt 
spacing in the height of the web direction). 
However, the slip moment ratio φ* decreases as 

the number of columns of the web splice increases 
or the number of bolts in the flange splice 
decreases.  

𝜑𝜑∗ = 𝑀𝑀𝑓𝑓𝑓𝑓𝑓𝑓𝑓𝑓_𝑤𝑤𝑤𝑤𝑤𝑤
∗ /𝑀𝑀𝑤𝑤𝑤𝑤  (3) 

3.3 Moment of the components 

The moments of the flange and web splices, M*
f 

and M*
w, respectively, at the overall slip M*

mslip are 
presented in Table 6. 

As shown in Table 6, the moment sharing ratio 
flange to web at M*

mslip is affected by the bolt 
arrangement of the web splice and the number of 
bolts in the flange and web splices. This was 
because the load transfer of the flange splice did 
not increase after the initial slip M*

slip. According to 
Table 2(b) and Table 6, it was found that the ratio 
sharing moment of web splices to sharing moment 
of flange splices M*

w / M*
f was smaller compared to 

the ratio slip moment resistance of web splices to 
slip moment resistance of flange splices Mws /Mfs. 

From the above, it is concluded that the ratio φ* 
was less than 1.0 because the sharing moment of 
web splices at the overall slip M*

w smaller than the 
slip moment resistance of web splices Mws.  

3.4 Cooperative slip resistance 

3.4.1 Slip resistance of web splice 

Figure 6 shows the ratio frictional moment to slip 
moment resistance of web splices φ* vs. the 
expected reduction factor 𝛷𝛷. Considering that the 
frictional moments of the web splice were affected 
by the number of columns of web splices and the 
bolt allocation types, the expected reduction factor
𝛷𝛷  was determined as Eq. (4) through trial-and-
error learning approach. 

𝛷𝛷 = 1.3 × 𝑀𝑀𝑤𝑤𝑤𝑤

𝑀𝑀𝑤𝑤𝑤𝑤
× �𝐻𝐻𝑤𝑤𝑤𝑤/2

𝑙𝑙𝑤𝑤
�

0.5
(4a) 

𝑀𝑀𝑤𝑤𝑤𝑤 = 𝜌𝜌 × 𝑛𝑛 × �
𝐻𝐻𝑤𝑤𝑤𝑤

2
� (4b) 

where Mwe denotes the slip moment resistance of 
the farthest web part bolts (row No.1/8), Hwe is the 
distance from row No.1 to No.8, lw is the length of 

Table 6. Moment of the flange/web splices 

Figure 6. Ratio frictional moment to slip moment 
resistance of web splices φ* vs. expected 
reduction factor 𝛷𝛷  

y = 0.862x + 0.129
R² = 0.990

0.0
0.1
0.2
0.3
0.4
0.5
0.6
0.7
0.8
0.9
1.0

0.0 0.1 0.2 0.3 0.4 0.5 0.6 0.7 0.8 0.9 1.0

φ*

Φ

Type A Type B Type C

h'/d 41.25-e 2 /d 3.65 0.64 0.36 0.57

h'/d 41.25-e 2 /d 2.25 0.61 0.39 0.64
h'/d46.5 0.64 0.36 0.57

h'/d46.5-e 2 /d3.65 0.59 0.41 0.71
h'/d46.5-e 2 /d2.25 0.56 0.44 0.78

h'/d 41.25-e 2 /d 3.65 0.72 0.28 0.39
h'/d 41.25-e 2 /d 2.25 0.70 0.30 0.43

h'/d46.5 0.72 0.28 0.39
h'/d46.5-e 2 /d3.65 0.68 0.32 0.48
h'/d46.5-e 2 /d2.25 0.66 0.34 0.51

h'/d 41.25-e 2 /d 3.65 0.69 0.31 0.45
h'/d 41.25-e 2 /d 2.25 0.67 0.33 0.50

h'/d46.5 0.69 0.31 0.45
h'/d46.5-e 2 /d3.65 0.65 0.35 0.55
h'/d46.5-e 2 /d2.25 0.63 0.37 0.60

flange / girder
flange / (flange+web)

splices

Type
A

Type
B

Joint
type Allocation type

Internal moment sharing ratio(%)

M *
f M *

w M *
w  / M *

f

Second
moment
of area

Geometrical configurations

0.74
h' / d 41.26：0.78

h' / d 46.5：0.71

Type
C

597



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

the web (see Fig. 5), ρ is the slip resistance of a bolt, 
and n is the number of columns of the web splice. 

As shown in Figure 6, φ* and 𝛷𝛷  were positively 
correlated. Thus, focusing on the parameters 
contained in 𝛷𝛷 , it will be understood that φ* 

depends on the number of columns and rows of 
web splices. However, further data accumulation is 
necessary because the cross section of the girder is 
expected to affect M*

fric_web. 

3.4.2 Proposed slip resistance 

Considering that the initial slip is attributed to the 
slip of the flange splices and the farthest web part 
bolts, and that the overall slip is attributed to the 
slip of the flange splices and the bolt group in the 
web splices other than that around the neutral axis, 
we propose the initial and overall slip resistance 
formulas as in Eq. (5), (6). In Eq. (6), the slip 
resistance of web splices with the expected 
reduction factor 𝛷𝛷 is considered. 

𝑀𝑀𝑆𝑆𝑆𝑆𝑆𝑆1 = 𝑀𝑀𝑓𝑓𝑓𝑓 + 𝑀𝑀𝑤𝑤𝑤𝑤/2 (5) 

𝑀𝑀𝑆𝑆𝑆𝑆𝑆𝑆2 = 𝑀𝑀𝑓𝑓𝑓𝑓 + 𝛷𝛷𝑀𝑀𝑤𝑤𝑓𝑓   (6) 

where MSLp1and MSLp2 are the initial slip moment 
resistance and overall slip moment resistance, 
respectively. 

Table 7 shows the ratio of the analytical initial and 
overall slip strengths M*

slip and M*
mslip based on the 

design slip resistances MSLp1 and PSLp2, respectively.  

The proposed slip resistances MSLp1 and MSLp2 
evaluate conservatively the analytical initial and 
overall slip strengths M*

slip and M*
mslip, respectively. 

Moreover, there was little variation in M*
mslip/MSLp2. 

4 Concluding remarks 
In this study, the FEA of the variations in the cross-
sectional dimensions of the web splice owing to the 
girder bolted connections, the bolt arrangement of 
the web splice, and the number of bolts of the 
flange and web splices have been conducted to 
evaluate quantitatively the cooperative slip 

behavior of the girder connections. The concluding 
remarks are as follows. 

(1) The analytical initial and overall slip strengths
M*

slip and M*
mslip increase with the increasing

parameter gage g (the bolt spacing in the
height of the web direction). However, the
frictional moment of the web splices M*

fric_web

is lower than that of the moment resistance of
the web splice Mws in all the cases. The ratio
frictional moment to slip moment resistance of
web splices φ* increased with increasing
parameter g (bolt spacing in the height of the
web direction).

(2) Considering that the frictional moments of the
web splice were affected by the number of
columns of web splices and the bolt allocation
types, the expected reduction factor 𝛷𝛷  was
determined. As a result, φ* and 𝛷𝛷  were
positively correlated.

(3) We have proposed initial and overall slip
resistance formulas using the slip moment
resistance of the flange splices and several slip
moment resistances of the web splices. The
discrepancy between the proposed slip
resistance and the analytical slip strength was
within 3%.

Table 7. Cooperative slip resistance 

h'/d 41.25-e 2 /d 3.65 1.01 1.03

h'/d 41.25-e 2 /d 2.25 1.05 1.03
h'/d46.5 1.01 1.03

h'/d46.5-e 2 /d3.65 1.07 1.03
h'/d46.5-e 2 /d2.25 1.06 1.03

h'/d 41.25-e 2 /d 3.65 1.03 1.01
h'/d 41.25-e 2 /d 2.25 1.12 1.00

h'/d46.5 1.03 1.00
h'/d46.5-e 2 /d3.65 1.12 1.00
h'/d46.5-e 2 /d2.25 1.12 1.00

h'/d 41.25-e 2 /d 3.65 1.06 1.01
h'/d 41.25-e 2 /d 2.25 1.05 1.01

h'/d46.5 1.02 1.01
h'/d46.5-e 2 /d3.65 1.11 1.01
h'/d46.5-e 2 /d2.25 1.11 1.01

M *
mslip

/ M slip2

Type
C

M *
slip

/ M slip1

Joint
type Allocation type

Type
A

Type
B
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Abstract 
The ultra-high performance concrete (UHPC) link slab has been proposed to provide a suitable 
solution to the cracking problem of conventional reinforced concrete (RC) link slab. This paper 
presents an experimental study on the tension mechanisms of UHPC link slab under monotonic 
tension loads. The experimental results of load-displacement curves, crack development and strains 
of UHPC link slab were investigated and compared with those of RC link slab. It can be found that in 
the elastic phase, the tension stiffness and ultimate loads of the UHPC link slab were respectively 
2.6 and 2.4 times those of the RC link slab. Compared with the RC link slab, the number of cracks on 
the top surface of the UHPC link slab was larger, but the average crack width was significantly 
smaller. The concrete and reinforcement strains of UHPC link slab were smaller than those of RC 
link slab.  

Keywords: jointless bridge decks; link slab; ultra-high performance concrete; tension mechanisms; 
load-deflection response; tension stiffness; crack development. 

1 Introduction 
Deck joints are installed at each end of simple-
supported girders to accommodate the cyclic 
longitudinal thermal movements of the 
superstructure [1, 2]. However, a large number of 
investigation data showed that the deck joints are 
expensive to maintain and easy to be damaged due 
to the influences of unconservative set of design 
temperature parameters and overloaded vehicles 
[3-7]. In order to resolve the problems caused by 
deck joints, the concept of jointless bridges have 
been widely studied and used [1, 3-6, 8]. Link slab, 
i.e. a continuous slab installed between adjacent
simply supported girders, is one solution to

eliminate deck joints over the piers to form a 
jointless bridge deck [9-12]. 

However, the conventional reinforced concrete (RC) 
link slab is subjected to a complex stress state due 
to the combination of: a) the girders longitudinal 
deformation induced by the average effective 
bridge temperature variation; b) the concrete 
creep and shrinkage; c) the rotational deformation 
of the girder ends caused by vertical traffic load. 
Due to the previous reasons and to the low tensile 
strength of the concrete material, it is easy to be 
cracked causing deterioration [11-14]. 

Compared with RC material, the ultra-high 
performance concrete (UHPC) has larger tensile 
strain, higher compressive strength and better 
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durability [15, 16]. Therefore, UHPC can be an ideal 
replacement in link slab, taking take full advantage 
of high strength and durability of UHPC [11, 12] and 
resolving the cracking problems of the link slab and 
the corresponding leakage. 

UHPC has been used more and more in engineering 
in recent years. The UHPC link slab has been used 
by New York State Department of Transportation in 
some projects since 2013 [17]. However, there is 
no report on the application of UHPC link slab in 
actual engineering in China. Moreover, there is a 
lack of research data on theoretical analysis, design 
method and experimental research of UHPC link 
slab. In view of this, the monotonic tension tests of 
UHPC and RC link slabs were carried out in this 
study. The test results including the load-
displacement curves, crack development, load-
strain curves of RC and UHPC link slabs were 
compared to explore the tension mechanisms of 
UHPC link slab. 

2 Test Program 

2.1 Test specimens 

Two specimens were prepared for the 
experimental tests. Each specimen consists of two 
C40 concrete girders with the length and height of 
1500 mm and 400 mm, two C40 concrete deck 
slabs with the length and height of 970 mm and 100 
mm and one link slab with the length and height of 
1100 mm and 100 mm, as illustrated in Figure 1. 
The width of the specimens was 1000 mm. The link 
slab material type was chosen as concrete C40 for 
one specimen and UHPC for the other. A rubber 
sheet with thickness and length of 3 mm and 600 
mm was arranged between the link slab and girder 
as debonding layer.  

2.2 Material properties 

The UHPC mix proportion used to prefabricate the 
UHPC link slab is listed in Table 1 [18]. Six 150 mm 
cubes and three 150×150×300 mm prisms were 
cast and cured in the same condition as the 
specimen with the concrete C40 link slab. Six 100 

mm cubes, three 100×100×300 mm prisms and 
three standard dog bones were cast and cured in 
the same condition as the specimen with the UHPC 
link slab. The elastic modulus (E), compressive cube 
strength (fcu), axial compressive strength (fc) and 
axial tensile strength (ft) of concrete C40 and UHPC 
were measured in accordance with Chinese code 
GB/T50081-2002 [19], as listed in Table 2.  

Six standard tensile test specimens of 
reinforcement HRB335 were fabricated. The elastic 
modulus (E), yield stress (fy) and ultimate stress (fu) 
were obtained by the standard tensile coupon tests 
in accordance with Chinese code GB/T228-2002 
[20], as listed in Table 2. 

2.3 Test setup 

The tension test was performed in the structure 
engineering testing laboratory of Fuzhou University, 
China, with the test set-up as illustrated in Figure 1. 
The right girder was fixed on the ground, an 
horizontal load on the left end of the girder was 
applied using a jack to simulate the longitudinal 
deformation induced by uniform temperature drop, 
so that the link slab was subjected to tension force.  

The multi-stage loading method with load 
increments of 4 kN was used for this test. Each load 
increment was maintained for about 5 min. When 
the crack on the top surface of link slab was close 
to 0,1 mm, the load increments were changed to 1 
kN.  

As illustrated in Figure 1(a), for each specimen, 
three linear voltage displacement transducers 
(LVDTs) (L-1 to L-3) were installed, where L-1 and L-
3 were used to measure the longitudinal 
displacement of the link slabs, while L-2 was used 
to measure the deflection. Three concrete strain 
gauges (CS-1, CS-2 and CS-3) were arranged on the 
top surface of the link slab with a longitudinal 
distance interval of 200 mm to measure the 
concrete strain. Two reinforcement strain gauges 
(RS-1 and RS-2) were installed on the longitudinal 
reinforcement of the link slab with a longitudinal 
distance interval of 300 mm. 
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(a) 

(b) 

Figure 1. Test set-up and arrangement of gauges: (a) elevation view, (b) photo (unit: mm) 

Table 1. UHPC mix proportion (unit: kg/m3) 

Cement Silica 
fume 

Quartz sand Quartz 
powder Superplasticizer Steel fiber Water 

Coarse Medium Fine 

860 258 453 352 121 81 22 156 179 

Table 2. Material properties 

Materials E (GPa) fcu (MPa) fc (MPa) ft (MPa) fy (MPa) fu (MPa) 

C40 34,7 43,2 32,8 3,2 / / 
UHPC 45,9 165,3 143,3 8,8 / / 

HRB335 200 / / / 342 520 
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3 Test Results 

3.1 Load-displacement relationship 

The maximum longitudinal displacement of the link 
slab (dls) was measured by LVDT (L-1). The load (P) 
was obtained by the sensor installed in the jack. 
The load-maximum deflection (P-dls) relationship 
curves of RC and UHPC link slabs are illustrated in 
Figure 2. In all figures, the solid points denote the 
data obtained from the RC link slab and the hollow 
points denote the data obtained from the UHPC 
link slab. It can be observed that the P-dls curves of 
RC and UHPC link slabs under longitudinal 
deformation can be divided into three phases, 
namely, elastic phase, crack developing phase and 
failure phase.  

In the elastic phase (dls is in the range of 0~0,3mm 
for the RC link slab and 0~0,2mm for the UHPC link 
slab), the link slabs displacement increased 
approximately linearly with the load. The link slabs 
tension stiffness in the elastic phase nearly kept 
constant, and the tension stiffness of the UHPC link 
slab (852,3 kN/mm) was 2,6 times that of the RC 
link slab (235,7 kN/mm). The ultimate load of UHPC 
link slab (156 kN) was 2,4 times that of RC link slab 
(65 kN). 

The first crack was observed at the top surfaces of 
the link slabs, the corresponding crack load of RC 
and UHPC link slabs were respectively 101 kN and 
210 kN. After the appearance of the first crack, the 
link slabs entered in the crack developing phase (dls 
is in the range of 0,5~1,9mm for the RC link slab and 
0,7~3,0mm for the UHPC link slab). With an 
increased in P, the number and width of cracks 
increased, and the tension stiffness of the link slabs 
decreased. 

In the failure phase (dls is in the range of 1,9~3,9mm 
for the RC link slab and 3,0~4,0mm for the UHPC 
link slab), with an increase in P, the number of 
cracks kept the same, but the width of cracks 
increased and the tension stiffness of the link slabs 
decreased to nearly zero. 

Figure 2. Comparison of P-dls curves obtained from 
RC and UHPC link slabs 

3.2 Crack development 

The widths of cracks appeared on the top surface 
of each specimen were monitored by the crack 
width measuring instrument during the test. The 
final distributions of cracks on the top surfaces of 
RC and UHPC link slabs are shown in Figure 3. It can 
be observed that the cracks occurred in UHPC link 
slab were more but smaller than those in RC link 
slab. The maximum crack widths (Wmax), the 
average crack widths (Wavg) and the number of 
cracks on the top surfaces of RC and UHPC link slabs 
were summarized in Table 3. It can be found that 
the number of cracks on the top surface of the 
UHPC link slab was about two times that of the RC 
link slab. However, the Wavg on the top surface of 
the UHPC link slab (0,09mm) was significantly 
smaller, which was about 69%, than that of the RC 
link slab (0,13mm). The Wmax on the top surfaces of 
RC and UHPC link slabs were nearly the same. It can 
be concluded that the widths of cracks on the top 
surface of the UHPC link slab can be effectively 
limited, which could improve the impermeability 
and durability of the link slab. 
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(a) 

(b) 

Figure 3. Comparison of cracks distribution: (a) RC 
link slab, (b) UHPC link slab 

Table 3. Summary of number and widths of cracks 

Types Number Wmax

[mm] 
Wavg 
[mm] 

RC link slab 26 0,21 0,13 

UHPC link slab 58 0,20 0,09 

UHPC/RC 223% 95% 69% 

The Wmax-P curves of RC and UHPC link slabs are 
compared in Figure 4. It could be observed that 
with the same P, the Wmax on the top surface of the 
UHPC link slab was significantly smaller than that of 
the RC link slab. It can be concluded that the crack 
resistance of the UHPC link slab was much better 
than that of the RC link slab. 

Figure 4. Comparison of Wmax-P curves on the top 
surfaces of RC and UHPC link slabs 

3.3 Concrete and reinforcement strains 

The concrete strain (εc) and reinforcement strain 
(εs) obtained from concrete strain gauges (CS-1, CS-
2 and CS-3) and reinforcement strain gauges (RS-1 
and RS-2) were chosen to analyze, respectively. 
Because the εc was inaccurate after concrete 
cracking, the εc in the elastic stage were taken into 
account.  

It can be observed from Figure 5 that with the same 
P, the εc increased from the end to the mid-length 
of the link slabs. The slope of P-εc curve of UHPC 
link slab was larger than that of RC link slab, which 
indicated that the tension stiffness of UHPC link 
slab was larger than that of RC link slab.  

It can be observed from Figure 6 that with the same 
P, the εs in the elastic stage increased from the end 
to the mid-length of the RC link slab. It was because 
after the concrete cracks successively appeared 
from the mid-length to the end of the RC link slab, 
the force was successively carried out by the 
corresponding parts of reinforcements in the RC 
link slab. However, with the same P, the εs in the 
elastic stage were nearly the same from the end to 
the mid-length of the UHPC link slab. It can be 
concluded that after some micro-cracks appeared 
on the UHPC link slab, the tension stress 
distribution on the reinforcements in the UHPC link 
slab was uniform.  

Moreover, it can be also found from Figure 5 and 6 
that with the same P, the εc and εs of UHPC link slab 
were smaller than those of RC link slab. The yielding 
loads of the reinforcements in the UHPC link slab 
(123 kN) were 1,7 times those in the RC link slab (71 
kN), which is due to the fact that the steel fibers in 
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the UHPC link slab prevented the development of 
concrete cracks and helped the concrete and 
reinforcements deform together. The test results 
indicated that the UHPC material can effectively 
improve the tension stiffness and capacity of link 
slab, therefore the UHPC link slab is an efficient 
solution to the link slab in jointless bridges. 

Figure 5. Comparison of P-εc curves of RC and 
UHPC link slabs 

Figure 6. Comparison of P-εs curves of RC and 
UHPC link slabs 

4 Conclusions 
The following conclusions can be drawn based on 
the test introduced in this paper: 

(1) In the elastic phase, the tension stiffness and
ultimate load of the UHPC link slab were
respectively 2,6 and 2,4 times as those of the RC
link slab. In the crack developing phase, with an
increased in load, the number and width of cracks
increased, and the tension stiffness of the link slabs
decreased.

(2) Compared with the RC link slab, the number of
cracks on the top surface of the UHPC link slab was
larger (about two times), however, the average

crack widths was significantly smaller (0,09mm, 
about 69%). With the same P, the average crack 
widths on the top surface of the UHPC link slab was 
significantly smaller than that of the RC link slab. 
Therefore, the crack resistance and impermeability 
of the UHPC link slab was much better than that of 
the RC link slab. 

(3) With the same load, the concrete strain on the
top surface increased from the end to the mid-
length of the link slabs. The concrete strain and
reinforcement strain of UHPC link slab were smaller 
than those of RC link slab. The tension stress
distribution on the reinforcements in the UHPC link
slab was uniform. From the tests done, it seems
that the UHPC material can effectively improve the
tension stiffness and capacity of link slab.
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Abstract 
To investigate the effects of short stud arrangement on flexural behavior of steel-UHPC composite 
decks, a static bending test was conducted on a full-scale segmental specimen and a parametric 
analysis was executed based on a validated finite-element model. The test results showed that when 
UHPC crack width reached 0,10 mm, the measured strain of UHPC was 1568 με, accounting for 47% 
of the material ultimate tensile strain. And the corresponding nominal stress of UHPC was largely 
over the material cracking stress. The parametric analysis results showed that increasing stud 
spacing from 200 mm to 300 mm increased the UHPC cracking load by 9,7% because of a lower 
composite action; compared with the normal arrangement, studs arranged in groups with the same 
amount could increase the UHPC cracking load by 11,1% while maintaining the combined effect. 
However, this was under the condition that the steel and UHPC partially interacted.  

Keywords: steel-UHPC composite decks; short stud arrangement; flexural behavior; finite element 
simulation; parametric analysis 

1 Introduction 
Combining an ultra-high performance concrete 
(UHPC) slab with an orthotropic steel deck by shear 
connectors can significantly enhance the bending 
stiffness of the deck, reduce the cracking risk of 
fatigue-prone details, and ameliorate structural 
diseases of the pavement [1,2,3]. The cubic 
compressive strength and tensile strength of UHPC 
are normally more than 120 MPa and 7 MPa, 
respectively. Besides, excellent post-cracking 
behavior can be observed on the material under 
tension due to the strain-hardening feature [4].  

In the last decade, application cases of the steel-
UHPC composite deck increased rapidly among 
new projects and reconstructions of aged bridges. 
The shear connector is crucial to achieving a 
satisfying combination between the steel deck and 
the UHPC slab. Main structural forms of the shear 
connector include headed stud, section steel, 
reinforcement mesh, etc., among which headed 
stud is most commonly adopted because of 
constructional convenience and mechanical 
reliability. However, since the thickness of the 
UHPC slab is usually small, the headed stud used in 
the steel-UHPC composite deck typically has a 
height of 40 mm and a diameter of 13 mm, leaving 
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an aspect ratio of around 3. This is a very different 
situation compared with composite girders with 
normal concrete. 

Moreover, the appropriate layout of the stud is 
crucial to structural safety and economy. However, 
the stud spacing of the steel-UHPC composite deck 
is comparatively larger than that of the 
conventional steel-concrete composite girder, 
resulting in a partial-combined feature with the 
apparent discontinuous distribution of sectional 
strain. Therefore, the design principle of headed 
stud in composite girders is inapplicable to the 
steel-UHPC composite deck. 

The previous studies on headed studs in steel-
UHPC composite decks mainly focused on the static 
and fatigue performance of the stud structure [5,6,7]. 
Li et al. [8] conducted a static flexural test on steel-
UHPC composite decks and found the failure mode 
of the deck under positive bending action was the 
damage of studs at the side positions. Luo et al. [9] 
presented an experimental investigation showing 
that increasing the stud spacing from 150 mm to 
200 mm decreased the UHPC cracking load and 
promoted crack development. The above literature 
indicated that the stud spacing had an unignored 
effect on the bending performance of the steel-
UHPC composite deck. However, the influence of 
stud spacing on the combined effect, structural 
stiffness, and UHPC cracking characteristics of the 
steel-UHPC composite deck are not clear yet, 
further leading to the inappropriate design theory, 
which negatively affected the popularization and 
mechanical reliability of steel-UHPC composite 
decks. 

To this end, this study aims to investigate the effect 
of short stud arrangement on the bending 
performance of the steel-UHPC composite bridge 
deck. A static bending test containing two loading 
cases was conducted on a deck specimen with 
normal stud spacing of 200 mm. Besides, 
parametric analysis investigated the effects of stud 
spacing and arrangement form was executed based 
on a validated finite-element (FE) model. The 
deflection development, steel-UHPC combined 
effect, UHPC cracking characteristics, and stud 
shear forces were summarized and discussed 
accordingly. The results provided important 

support to the design practice of steel-UHPC 
composite decks. 

2 Experimental setup 

2.1 Test specimen 

A full-scale segmental steel-UHPC composite deck 
specimen was designed and fabricated based on an 
actual project. As shown in Figure 1, the specimen 
was 7000 mm long, 1960 mm wide, and 488 mm 
high. The thicknesses of the UHPC slab and steel 
deck plate were 60 mm and 12 mm, respectively. 
The spacing of bulb flat ribs and diaphragms were 
400 mm and 2000 mm, respectively. The 16-mm-
diameter reinforcements with a 100 × 100 mm 
spacing were embedded in the UHPC slab with a 
cover thickness of 15 mm. The height and diameter 
of the headed stud were 40 mm and 13 mm. The 
stud spacing was 200 mm in both longitudinal and 
transverse directions. The UHPC slab was cured in 
an outdoor environment with a temperature of 
20~30 ℃. 

(a) Elevation view

(b) Cross-section

Figure 1. Schematic diagram of test specimen 
(unit: mm) 

2.2 Material property 

Table 1 lists the mechanical properties of UHPC 
material after 7 and 28 days of curing obtained by 
the standard test methods, in which με is a strain 
unit equal to 10-6. The specimens for the material 
property test were cured under the same condition 
as the deck specimen. Figure 2a shows the average 
tensile stress-strain relationship of UHPC obtained 
by uniaxial tensile tests, of which the peak point 
corresponded to the ultimate tensile stress and 
strain. The uniaxial tensile tests were conducted on 
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the specimens shown in Figure 2b. The volume 
content of steel fiber embedded in the UHPC was 
2,3%. The mechanical properties of steel plates, 
reinforcements, and headed studs were obtained 
by standard tensile tests. The results are listed in 
Table 2. 

Table 1. Mechanical properties of UHPC 

Curing 
age 

[Day] 

fcu

[MPa] 
fac 

[MPa] 
E 

[GPa] 
fu

[MPa] 
εu

[με] 

7 100,8 94,1 57,0 10,1 3300 

28 127,4 109,0 47,9 11,3 3361 

Note: fcu is cubic compressive strength; fac is axial 
compressive strength; E is elastic modulus; fu is 
ultimate tensile stress; εu is ultimate tensile strain. 

Table 2. Mechanical properties of steel 

Steel 
part 

Thick-
ness/ 

Diame-
ter 

[mm] 

Yield 
strength 

[MPa] 

Ultimate 
strength 

[MPa] 

E 
[GPa] 

Steel 
plate 

11 455 607 227 

12 411 547 214 

Rebar 16 480 689 209 

Headed 
stud 13 - 473 - 

Note: E is elastic modulus; “-” means the value was 
failed to obtain because the coupon of the headed 
stud was too small. 

(a) Average tensile stress-strain relationship (b)
Specimen dimension (unit: mm) 

Figure 2. Uniaxial tensile test of UHPC 

2.3 Bending test setup 

The static bending test contained two loading cases. 
Case 1: the continuously-supported specimen 
loaded at two midspans, as shown in Figure 3a. This 
case mainly investigated deflection development 
and UHPC cracking characteristics under negative 
bending action. During Case 1, a 40 kN block was 
placed on a side diaphragm to ensure contact 
between the specimen and support. The load was 
monotonically increasing by 50 kN as one step and 
stopped to unload to 0 when the UHPC crack width 
reached 0,10 mm at Section 1-1. Load 1 and Load 2 
remained synchronized all the time. Case 2: the 
simply-supported specimen loaded at midspan, as 
shown in Figure 3b. This case mainly investigated 
the failure mode of the steel-UHPC composite deck 
under positive bending action. Figure 4 shows the 
deployment of measuring gauges, including strain 
gauges and displacement meters. The deflections 
of Sections 1-1 and 2-2, longitudinal component 
strains, and UHPC crack width were monitored 
during the loading process. 

(a) Case 1

(b) Case 2

Figure 3. Diagram of loading cases (unit: mm) 

(a) Strain gauges

(b) Displacement meters

Figure 4. Deployment of measuring sensors (unit: 
mm) 
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3 Test results and discussion 

3.1 Load-deflection curve 

Figures 5a, b show the load-deflection curves of the 
specimen derived from Case 1 and 2, respectively. 
The load was the reaction force value of Load 2, 
and the deflection was the average value of 
displacement meters below Section 2-2. 

As shown in Figure 5a, the deflection increased 
linearly with the load, indicating the elastic state of 
the specimen. Besides, UHPC cracks appeared at 
Section 1-1 and kept developing with the increasing 
load. The load-deflection curve derived from Case 
2 consisted of elastic, plastic, and failure stages. 
The yielding of bulb flat ribs led to the plastic 
deformation of the specimen and further caused 
the UHPC crushing at the failure stage. Figure 6 
displays the ultimate state of the specimen under 
Case 2. 

The bending moment of Section 2-2 when the 
bottom of bulb flat ribs yielded and the load 
reached the peak under Case 2 was defined as the 
elastic limit moment and ultimate moment, which 
were 382 kN·m and 705 kN·m, respectively. This 
shows that the ultimate moment was significantly 
larger than the elastic limit moment, indicating 
enough safety redundancy after bulb flat ribs got 
yielded. 

(a) Case 1

(b) Case 2

Figure 5. Load-deflection curves of test specimen 

(a) Overall deformation

(b) Plastic deformation of bulb flat ribs

(c) UHPC crushing

Figure 6. Ultimate state of test specimen under 
Case 2 
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3.2 UHPC cracking characteristics 

Table 3 lists some critical structural responses of 
the specimen when UHPC crack width reached 0.05 
mm and 0,10 mm at Section 1-1 under Case 1, in 
which the nominal tensile stress was calculated 
based on elastic beam theory. It shows that when 
UHPC crack reached 0,10 mm wide, the 
longitudinal UHPC strain reached 1568 με, 
accounting for 47% of the material ultimate tensile 
strain obtained by uniaxial tensile tests. And the 
longitudinal reinforcement strain accounted for 35% 
of the yielding strain under the same cracking state. 
Besides, the nominal tensile stress corresponding 
to UHPC crack with 0,10-mm-width was largely 
over the cracking stress obtained by the material 
property test, indicating that the mechanical 
contribution of UHPC will be underappreciated if it 
is limited to the cracking stress in the practical 
design. 

Table 3. Critical structural responses of the 
specimen under different UHPC cracking states 

Wmax

[mm] 

Load 
level 
[kN] 

σn

[MPa] 
εuhpc 

[με] 

εuhpc 

/εu

[%] 

εrein

[με] 

εrein

/εy

[%] 

0,05 400 9,8 329 10 306 13 

0,10 850 20,8 1568 47 814 35 

Note: Wmax is maximum UHPC crack width; σn is 
UHPC nominal tensile stress; εuhpc and εrein are 
measured strains of UHPC and reinforcement at 
specimen center, respectively; εy is yielding strain 
of reinforcement. 

4 Numerical simulation 
The static bending test conducted on the steel-
UHPC composite deck provided valuable 
mechanical performance results, while additional 
analysis was still needed for further mechanism 
understanding since the effects of stud spacing and 
arrangement form remained unclear. Hence, a 
numerical simulation was executed in this study. 

4.1 FE model setup 

As shown in Figure 7, the UHPC slab, steel deck, 
reinforcement, and headed stud were modeled by 
the solid elements (C3D8R), shell elements (S4R), 
truss elements (T2D3), and connectors, 

respectively. The solid elements around Section 1-
1 of the FE model were locally fine-meshed with a 
dimension of 25 × 20 × 20 mm (length × width × 
height), while the rest was comparatively coarse 
for computational efficiency. 

Regarding the interactions between different 
materials, the steel-UHPC interface interaction was 
simulated by contact setting, with the “Hard 
contact” for normal behavior and the “Penalty” 
formulation for tangential behavior. The 
reinforcements were embedded in the UHPC slab 
with no absolute exterior tolerance. In addition, 
the loading and boundary conditions were 
consistent with the experimental test. 

Figure 7. Components of FE model. 

4.2 Material constitution 

Figure 8 shows the UHPC compressive constitution 
in the analysis, which was established based on 
material property test results and the fitting 
equation proposed by Shan [10] and Guan et.al. [11]. 
The constitution in tension was shown in Figure 2a 
already. In addition, the Concrete Damaged 
Plasticity model was introduced in the analysis to 
reflect UHPC cracking behavior. It contains two 
relationships: stress-inelastic strain relationship 
and damage factor-inelastic strain relationship, 
which could be respectively derived by Eqn. (1) and 
Eqn. (2) based on the stress-strain relationships [12]. 

εin﹦ε-σ/E    (1) 

𝑑𝑑 = 1 − 𝜎𝜎
�𝜀𝜀−𝜀𝜀𝑝𝑝𝑝𝑝�𝐸𝐸0

  (2) 

where εin is inelastic strain; E0 is initial elastic 
modulus (in MPa); d is damage factor; εpl is plastic 
strain, which could consider as 0,7εin based on 
Zhang [13]. 

The constitutions of steel parts contained elastic 
and linear hardening stages based on the material 
property test results as listed in Table 2. The 
connector simulated headed stud had a shear 
capacity of 76 kN and shear stiffness of 350 kN/mm 
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according to the push-out test results presented in 
Zhang [14]. 

Figure 8. UHPC compressive constitution in the 
analysis 

4.3 Verification work 

Figure 9 compares the load-deflection curves 
derived from test and simulation results. The 
simulated curves generally agreed well with the 
experimental ones. The simulated deflection 
derived from Case 1 was slightly smaller than that 
of the tested one under the same load level 
probably due to the initial defect of the test 
specimen. 

Figures 10a and b depict the cracking state of the 
UHPC slab around Section 1-1 at the end of Case 1 
and the ultimate state of the specimen under Case 
2. DAMAGET and DAMAGEC range from 0 to 1,
representing the intact status to failure of the
material by tension and compression, respectively.
It can be seen that the appearances were
consistent with each other.

(a) Case 1

(b) Case 2

Figure 9. Comparison of load-deflection curves 
between test and simulation results 

(a) UHPC cracking state around Section 1-1 at the
end of Case 1 

(b) Ultimate state of the specimen under Case 2

Figure 10. Comparison of damaged modes
(damage factor 0 for intact; 0,99 for severest 

damage) 

5 Parametric analysis 
Based on the verified FE model, a parametric 
analysis was further executed to investigate the 
effects of stud arrangement on the bending 
performance of the steel-UHPC composite deck. 
Table 4 lists the involving FE models, in which 
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model N200 was regarded as the reference model 
because it simulated the test specimen. The other 
FE models had identical setup except for the stud 
arrangement. Specifically, model N300 had a 
normal stud arrangement with a 300 × 300 mm 
spacing. And the headed studs in model G200 were 
arranged in groups with a total amount close to 
N200. 

Table 4. FE models for parametric analysis 

Model 
name 

Stud arrangement form 
[mm] 

Stud 
amount 

N200* Normal, 200 × 200 315 

N300 Normal, 300 × 300 161 

G200 Group, as shown in Figure 
11 297 

Note: ‘*’ represents the reference model. 

Figure 11. Stud arrangement of model G200 (unit: 
mm) 

5.1 Deflection development 

Figure 12 shows the load-deflection curves of the 
FE models under Case 1. Table 5 lists the derived 
bending stiffnesses at several load levels. The 
bending stiffness was defined as the slope of the 
secant line going through the point on the load-
deflection curve and the origin. It shows that the 
stiffness ratio of N300 to N200 and G200 to N200 
was 0,96 and 0,99, respectively, indicating a 
negligible impact on the bending stiffness of the 
steel-UHPC composite deck. 

Figure 12. Load-deflection curves of FE models 
under Case 1 

Table 5. Bending stiffnesses of FE models at 
several load levels 

Load 
level 
[kN] 

Bending stiffness 
[kN/mm] 

N200 
(1) 

N300 
(2) (2)/(1) G200

(3) (3)/(1)

500 173,8 166,0 0,96 172,5 0,99 

1000 169,0 162,1 0,96 168,0 0,99 

1500 163,4 156,4 0,96 162,1 0,99 

5.2 Sectional strain distribution 

Figure 13 shows the sectional strain distribution 
along the height of Section 1-1. The selecting load 
level was 250 kN under Case 1 when the UHPC had 
not cracked yet. An obverse discontinuity of 
longitudinal strain occurred at the steel-UHPC 
interface, indicating the partial-combined status. 
The strain difference between the UHPC slab and 
steel deck was marked at the interface in Figure 13. 
It shows that the stud spacing increased from 200 
mm to 300 mm resulting in an increase by 38% of 
the strain difference, while group arrangement did 
not significantly affect the strain difference 
compared with normal arrangement with the same 
stud amount. 
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Figure 13. Sectional longitudinal strain distribution 
along height of Section 1-1 

5.3 UHPC stress development 

Figure 14 shows the development of UHPC average 
principal tensile stress obtained at Section 1-1 
under Case 1. Table 6 lists the cracking load levels 
of the FE models. The cracking load corresponded 
to when the average principal tensile stress of the 
UHPC slab at Section 1-1 reached the cracking 
stress of 10.1 MPa based on material property test 
results. It shows that the cracking load level of 
N300 and G200 improved by 9,7% and 11,1% 
compared with N200, respectively, indicating that 
increasing the stud spacing or arranging studs in 
groups was beneficial to delaying the occurrence of 
UHPC cracks. 

Figure 14. Development of UHPC average principal 
tensile stress at Section 1-1 under Case 1 

Table 6. FE models for parametric analysis 

Model Cracking load
[kN] 

Improvement 
(take N200 as reference) 

N200 462,1 - 

N300 506,7 9,7% 

G200 513,2 11,1% 

5.4 Stud shear force 

Table 7 lists the extracted maximum stud shear 
forces of the FE models at several load levels under 
Case 1. The shear force extraction positions were 
around 500 mm away from Section 1-1. It shows 
that increasing stud spacing and group 
arrangement would cause a larger stud shear force, 
further negatively affecting the fatigue 
performance of headed studs. 

Table 7. Bending stiffnesses of FE models at 
several load levels 

Load 
level 
[kN] 

Shear force 
[kN] 

N200 
(1) 

N300 
(2) (2)/(1) G200

(3) (3)/(1)

500 16,8 20,2 1,20 21,1 1,26 

1000 30,5 36,1 1,18 38,4 1,26 

1500 41,6 46,7 1,12 48,3 1,16 

6 Conclusions 
The effect of short stud arrangement on the 
flexural performance of steel-UHPC composite 
bridge deck was investigated by a static bending 
test and parametric analysis. The test was 
conducted on a full-scale segmental specimen with 
a normal stud spacing of 200 mm, and following 
parametric analysis investigated the mechanical 
influence of stud spacing and arrangement form. 
Based on the presented results, the following 
conclusions can be drawn. 

(1) The static bending test results showed that the
steel-UHPC composite bridge deck had enough
safety redundancy when the bottom of bulb flat
ribs got yielded under positive bending action. The
failure mode consisted of the severe yielding of
bulb flat ribs and then crushing of the UHPC slab.

(2) The measured strain results showed that when
UHPC crack width reached 0,10 mm, the UHPC
strain reached 1568 με, accounting for 47% of the
material ultimate tensile strain. Meanwhile, the
reinforcement strain reached 814 με, accounting
for 35% of the yielding strain.
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(3) According to the calculated nominal tensile
stress corresponding to UHPC crack with 0.10-mm-
width, taking only UHPC cracking stress as the
controlling factor in engineering design will lead to
a waste of material strength.

(4) The parametric analysis results showed that the
normal stud spacing increased from 200 mm to 300 
mm causing the UHPC cracking load to increase
9,7%, which was contributed by a lower composite
action.

(5) The parametric analysis also showed that
compared with the normal arrangement of headed
studs, group arrangement with the same stud
amount could increase the UHPC cracking load by
11,1% while maintaining the combined effect.
However, this was under the condition that the
steel and UHPC in the composite deck partially
interacted.

(6) Increasing stud spacing or arranged studs in
groups would degrade the fatigue performance of
the headed studs.
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Abstract 
Metallic zinc coatings are recognized as environmentally friendly, sustainable, and low maintenance, 
providing the lowest life cycle cost corrosion protection. Various case studies illustrate that the 
corrosion protection of steel bridges with thermal spray zinc (TSZ) duplex coating are very good in 
the environmental corrosivity of class 4 or 5 without any maintenance for a long time. Meanwhile, 
TSZ coatings on the exposed surface of the concrete of reinforced concrete structures can be 
electrically connected to the steel reinforcement and provide corrosion protection to the steel.  The 
lives of iconic bridges have been successfully extended by using TSZ coatings for use as anodes in 
ICCP systems. 

Keywords: thermal sprayed zinc; corrosion; steel bridge; reinforced concrete bridge. 

1. Introduction
Steel is a strong, versatile and inexpensive material 
with uses in many different construction industries, 
the bridge industry amongst others. It has the 
highest strength to weight ratio of all construction 
metals and is recyclable. However, in order to 
enhance and protect this vital asset, corrosion 
prevention is essential. Metallic zinc coatings are 
well established and recognized as the most cost-
effective corrosion protection available for steel 
structures. Zinc coatings protect steel from 
atmospheric, marine and in-soil exposure 
conditions, and can be applied either by hot dip 
galvanizing or by thermal spraying [1,2]. Hot dip 

galvanizing involves the full immersion of the steel 
into a bath of molten zinc, ensuring complete 
coverage over all surfaces with a zinc coating. 
However, some structures can be too large to 
galvanize. With thermal sprayed zinc coatings, 
there is no size limitation to the part to be coated, 
and the technology is fully portable, allowing easy 
field applications.  

Road steel bridges are typically designed with a 
lifetime of 100 years. However, lifetime extensions 
are normal and there are many bridges that are 
older than 100 years. Bridges are most likely to be 
replaced or decommissioned due to increased 
traffic capacity or the closing of the road than for 
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exceeding the design lifetime. With such long 
lifetimes, the maintenance of the protective 
coating is a major contributor to the operational 
expenses. Hence, coating systems with very long 
durability are of great interest. In order to increase 
the coating lifetime and reduce the coating 
maintenance costs, The Norwegian Public Roads 
Administration (NPRA) introduced thermally 
sprayed zinc (TSZ) duplex coatings for coastal steel 
bridges in 1965 and for all bridges in 1977, 
replacing red lead coatings [3]. The duplex coating 
consists of TSZ with a protective paint coating on 
top. The inspection results of the bridges taken by 
NPRA show long lifetimes can be achieved with TSZ 
duplex coating, more than 30-year-old coatings are 
still in good conditions [3].  

Meanwhile, Thermal sprayed metallic zinc coatings 
on the exposed surface of the concrete can be 
electrically connected to the steel reinforcement 
and provide corrosion protection, which were 
successfully tested as anodes in cathodic 
protection systems for reinforced concrete 
structures in the United States. The California 
Department of Transportation (Caltrans) 
completed a 12-year investigation of fifteen 
different painted and metallized coatings for use as 
cathodic protection anodes on concrete. The 
results of their study indicated that TSZ anodes 
provided the best combination of cost, longevity, 
acceptability and effectiveness for cathodic 
protection systems. They also noted that the low 
resistivity of zinc provides very good current 
distribution through the anode, that TSZ anodes 
can be easily applied to surfaces with complex 
designs with only insignificant change to the 
appearance of the concrete, and that the anode 
thickness can be adjusted for particular conditions. 
Finally, at the end of service life, the zinc anodes 
can be easily renewed. [4] 

The objective with the work presented in this paper 
was to summarize experiences of the use of TSZ 
duplex coatings and TSZ coating anodes on bridges 
with a long-term service. 

1 2. Experiences with TSZ duplex 
coatings on steel bridges in Norway 

2.1 Rombak bridge 

Rombak Bridge (Figure 1) is a suspension bridge, 
opened in 1964, that crosses the fjord Rombaken 
near Narvik town in Norway. The bridge had to be 
re-coated in 1970 with a duplex coating system on 
site since only a temporary coating system was 
used at beginning and corrosion initiated on much 
of the steel construction. The new coating system 
applied was: 100µmTSZ; 10µm of wash 
primer(max); 80-100µm of alkyd inhibiting paint 
(with zinc chromate); 80-100µm of alkyd finishing 
paint (with MIO and aluminium flakes). The 
corrosivity of the environment the bridge located 
in was class C3  (ISO 12944-2)[5]. 

Figure 1. Rombak bridge over the Rombak fjord, 
the truss work coated with TSZ duplex coating[5] 
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During an inspection of the bridge in 2009, after 39 
years of service without maintenance, no corrosion 
could be found [5]. Figure 1 shows rivet joints on 
the truss work under the bridge. The coating was 
applied after the bridge was completed, so the TSZ 
could not penetrate into the crevices in the truss 
work. Such overlapping joints are typical corrosion 
traps, where corrosion often appears early. 
However, the coating also protects the crevices. 
improvements, the duplex coatings applied today 
are expected to perform better than the coatings 
studied above.[3] 

2.2 Bergsøysund bridge 

Bergsøysund bridge is a long floating bridge located 
on the coast in Mid-Norway, opened in 1992. As 
Figure 2 shows the floating bridge with a truss 
construction is located very close to the water 
surface. The corrosivity at the site most likely 
corresponds to corrosion class C5. The coating 
system applied on steel consists of: 100µmTSZ (arc 
sprayed); 10µm of phosphoric acid wash 
primer(max); 3 × 40-50µm of alkyd/chlorinated 
rubber; 40-50µm of silicon alkyd. Measured film 
thickness was 230-570µm, with an average of 
350µm.   

After 20 years without any maintenance, it can be 
observed that the coating has small pinholes 
distributed over large parts of the truss structure. 
Small amounts of white rust (zinc oxide) are found 
in the pinholes, but no  spreading of corrosion 
around them. The pinholes  may be due to  some 
defects in the alkyd paints, but the TSZ coating can 
still provide the corrosion protection on steel, even 
after many years of exposure in a highly corrosive 

environment. No sign of corrosion of the steel can 
be seen.[5] 

2.3 Brevik bridge 

Brevik bridge (Figure 3) was built in 1962, with a 
very similar construction and corrosivity 
environment to Rombak bridge. The total area of 
the truss work is 11250m2. Brevik bridge has been 
protected with conventional coating systems, 
which has resulted in several maintenance 
operations. Two major maintenance operations  

were performed during the 1970s and 1980s, 
before in 1992 the bridge was blast cleaned and a 
new coating system consisting of a zinc rich primer, 
an epoxy mastic barrier coat and a polyurethane 
topcoat was applied.  

Figure 3 also shows some corrosion attacks found 
on the truss work under the bridge in 2001, 9 years 
after application of the new coating in 1992. 
Exposure, corrosivity, construction and age are 
very similar for Rombak bridge and this bridge. 
Hence, the very different performance of the 
corrosion protection must be due to properties of 
the coating system. The TSZ duplex coating on 
Rombak bridge obviously is superior to the paint 
only system. A new maintenance operation was 
performed on the Brevik bridge in 2013, consisting 
of patch repair of the corroded areas. [5] 

Based on the experiences with TSZ duplex coating 
systems reported in many cases including the 
above examples, coating lifetimes to first (paint) 
maintenance in the order of 30 years have been 
achieved on average for bridges in corrosivity  

Figure 2. Bergsøysund bridge near Kristiansund, coated with TSZ duplex coating[5] 
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category C4 or C5 environments [3].  A new TSZ 
duplex coating system consisted of TSZ coating and 
a paint system on top is developed. The alkyd 
paints have been replaced by modern epoxy and 
polyurethane based paint. In addition, awareness 
about the importance of preventing spitting and 
pinholes has increased. These applications errors 
are prevented by adjusting the spraying 
parameters. If such errors are observed, the 
coating can be easily repaired with simple sanding 
before the next coat is applied. Due to these  

Experiences with TSZ anodes on Concrete Bridges 
in Oregon 

Based on the successful tests completed by 
Caltrans, the Oregon Department of 
Transportation (ODOT) selected TSZ coatings for 
use as anodes in ICCP systems on the historic Cape 
Creek and Depoe Bay bridges. These bridges are 
magnificent arch bridges on U.S. Route 101 
designed in the Art Modern style and listed in the 
National Register of Historic Places. The decision to 
repair these older bridges with a TSZ anode based 
ICCP system involved issues of public finance and 
safety but also historical significance. [4] 

3.1 Cape Creek Bridge 

 The Cape Creek bridge (Figure 3) was the first 
ODOT project to use TSZ anodes for ICCP. The zones 
were identified and selected based on architectural 
features, so as to have similar current density. In  

 

total, the sprayed surface area was 9,500 m2 with a 
coating thickness of 500µm. The ICCP systems were 
operated by ODOT with a target current density of 
approximately 2.2 mA/m2, which was found to 
adequately protected the steel reinforcement over 
a wide range of conditions. At the time, the Cape 
Creek Bridge Rehabilitation project was the largest 
renovation and cathodic protection project 
undertaken anywhere in the world. The bridge 
rehabilitation took 21 months and was completed 
in December 1991. The cathodic protection system 
has operated since January 1992. Many of the 
techniques and procedures developed on the Cape 
Creek bridge for zinc anode based ICCP systems on 
steel reinforced concrete bridges are still the 
industry standard today. 

3.2 Depoe Bay Bridge 

The installation of the ICCP system on the Depoe 
Bay bridge (Figure 4) took 32 months and finished 
in 1996, involved the thermal spraying of 5,900 m2 
of zinc anodes. The bridge is located in a sensitive 
area which includes a marina and the Depoe Bay 
Wayside Ocean state park. It was important that 
the concrete remediation and zinc thermal spray 
work was performed with minimal social or 
environmental impact [4]. 

Figure 3. Brevik bridge, and corrosion occurred at overlapping rivet/bolt joints after 9 years 
maintenance from 1992[5] 
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ODOT has successfully extended the lives of the 
iconic bridges by using TSZ coatings for use as 
anodes in ICCP systems. Zinc anodes minimize the 
dead load added to the structure, and the grey 
colour of zinc was an important consideration for 
the rehabilitation of the historic bridges. Also, the 
low electrical resistivity of zinc allows uniform 
distribution of the cathodic protection current. The 
25  year experience at ODOT shows that the service 
life of reinforced concrete structures can be 
economically extended by using metallic zinc 
anodes to protect the plain steel reinforcement 
from further corrosion. 

3. Conclusions

Thermal spray zinc duplex coatings have been used 
for corrosion protection of Norwegian steel bridges 
since the 1960s, mainly with success. Application  

 

quality has the strongest impact on coating life. 
Application errors like pinholes, spitting and low 
paint film thickness caused most coating failures 
found in this study. These errors decrease the 
protective properties of the paint film. The zinc 
coating provides active corrosion protection, but 
will have a definite lifetime, depending on the 
corrosivity. Hence, such application errors will 
reduce the coating lifetime more in corrosive 
environments than in mild environments. 

The Oregon Department of Transportation (ODOT) 
has successfully extended the lives of the iconic 
bridges by using thermal sprayed zinc coatings for 
use as anodes in ICCP systems. The arc sprayed zinc 
anodes were easily applied to the complex shapes 
found on the bridges. Metallic zinc coatings are 

Figure 3.. Cape Creek Bridge. Before and after installation of thermal sprayed zinc anodes 

Figure 4. Depoe Bay Bridge. Before and after installation of thermal sprayed zinc anodes 
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recognized as environmentally friendly, sustainable, 
and low maintenance, providing the lowest life 
cycle cost corrosion protection. 
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Abstract 
Corrosion of steel reinforcing bar (rebar) is the most significant cause of concrete failure, resulting 
in expensive repairs, reduced load carrying capacity and premature replacement of concrete 
structures. This paper will discuss continuous galvanized rebar now available for concrete structures. 
The properties of this zinc coated rebar and its contribution to improvement of concrete 
performance will be presented together with the status of related national and international 
standards and applications in China. The Continuous Galvanized Rebar (CGR) coating process 
improves product consistency, increases through put and reduces costs. The zinc coating is durable 
and resistant to abrasion that is routine during transport and construction but is also highly ductile 
and can be formed after galvanizing to further reduce cost and speeding construction schedules. 
Once in the concrete, the zinc coating protects the rebar both as a barrier coating and with the well-
known sacrificial properties of a galvanized coating.  

Keywords: corrosion; galvanizing; rebar; reinforcing steel bar; zinc; continuous galvanized rebar. 

1. Introduction
Hot dip galvanizing is by far the most effective way 
to protect steel from corrosion. The zinc coating 
acts first as a barrier protection, isolating the base 
steel from corrosive elements, and secondly by 
cathodic protection, acting as a sacrificial anode to 
protect the steel from corrosion should the coating 
be compromised. 

The excellent corrosion protection provided by zinc 
will also extend the life of steel-reinforced concrete 

structures exposed to aggressive environments 
that promote corrosion of steel reinforcement. 
Galvanizing increases resistance to chloride 
corrosion both by increasing the threshold chloride 
level where corrosion begins and by slowing the 
rate of corrosion after that threshold is exceeded 
and is also very effective in combating the effects 
of carbonization-induced reinforcement corrosion 
[1].  

Field studies highlight the excellent performance of 
galvanized reinforcing steel as a successfully 
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established practice for extending the life of 
concrete structures in many countries. A recent 
study conducted in Canada revealed that 
galvanized steel was found to have 5-10 times 
lower corrosion rate than carbon steel in heavily 
contaminated concrete containing 2% of chlorides 
by mass of cement, depending on environmental 
exposures. The corrosion rate of carbon steel was 
found to increase exponentially with time in a very 
corrosive environment, while galvanized steel 
maintained a stable and much lower corrosion rate. 
The low corrosion rates of galvanized rebar 
explained the fact that no corrosion induced 
cracking was found on columns of two concrete 
highway bridges after over 50 years in service [2]. 

Steel reinforcement can be in the form of wire, 
prestressing strand or reinforcing bar (rebar). In the 
case of rebar, the most widely used method to 
apply the zinc is by the batch hot-dip galvanizing 
method. It involves the immersion of cleaned steel 
bars into a bath of molten zinc at 450°C for several 
minutes. During immersion in the molten zinc, a 
metallurgical reaction occurs between the steel 
and the zinc, which produces a coating on the steel 
made up of a series of layers of zinc-iron 
intermetallics (Gamma, Delta, Zeta), which grow 
out from the steel/zinc interface leaving a layer of 
essentially pure zinc (Eta phase) at the top surface 
of the coating. Batch hot-dip galvanized coatings 
can have a mass of up to about 1,100g/m2 (~150 
microns thick). The composition of these coatings, 
including the thickness of the zinc surface layer, can 
vary as a function of the chemistry of the steel 
being coated and of the operating parameters of 
the zinc bath [3]. Batch hot-dip galvanized coatings 
on reinforcing steel are almost always completely 
composed of the intermetallic phases due to the 
chemistry of the steel.  

Continuously galvanized rebar (CGR) is produced 
by a similar method used for the continuous 
galvanizing of steel sheet [4]. The zinc coating on 
CGR is different from the coating on traditionally 
batch hot-dip galvanized rebar: where the batch 
hot-dip galvanized coating consist out of various 
zinc-iron intermetallics (Gamma, Delta, Zeta), the 
zinc coating on CGR is almost pure zinc with a very 
thin iron-aluminium-zinc intermetallic inhibition 
layer (few microns thick) in between the steel and 

the zinc coating. CGR zinc coatings are still very 
abrasion resistant, but much more ductile than the 
zinc-iron intermetallic coatings in batch hot-dip 
galvanized rebar. These ductile, thus highly 
formable coatings can be bent, stretched and 
twisted, and are limited only by the formability of 
the base steel. The formation of the zinc-iron alloy 
layers that occurs during the batch hot-dip process 
is avoided in the new process by adding a small 
percentage (0.20%) of aluminum to the zinc bath 
and by having much shorter immersion times (1 to 
10 seconds). Aluminum acts as an inhibitor to the 
zinc-iron reaction, forming an extremely thin, iron-
aluminum-zinc inhibition layer, and allows the 
production of an essentially pure, yet very 
formable, zinc coating on the rebar. The 
continuously galvanized coating will provide the 
same corrosion protection properties as hot dip 
galvanized rebar, while the very short immersion 
times means that there is no impact on mechanical 
properties of the steel and high strength rebar can 
be zinc coated with the CGR process. 

2. Corrosion of steel reinforcing bar in
concrete

Zinc coatings passivate very quickly when exposed 
to fresh concrete. This passivation enhances the 
long-term corrosion protection of the galvanized 
rebar during years of service. The initial passivation 
of a zinc coating when embedded in concrete 
occurs within hours and is affected by the 
chemistry of the surface layer. A coating with a 
pure zinc layer is known to be more completely 
passivated than one that is an intermetallic zinc-
iron phase [1]. Galvanizing rebar in a continuous 
manner using a zinc-0.2% aluminum alloy will 
produce a zinc coated reinforcing steel with over 50 
microns of pure zinc coating that can withstand the 
subsequent reinforcing bar forming operations and 
has the potential to resist corrosion in concrete to 
an extent equal to that of much thicker zinc-iron 
coatings. 

The initial passivation of galvanized coatings in 
concrete is controlled by the relationship between 
the cement alkali content and the zinc corrosion 
rate. The pH of cement in contact with the zinc 
coating controls the formation of a compact and 

623



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

adherent layer of calcium hydroxyzincate (CHZ), a 
compound that passivates the surface of the zinc 
coating from further reaction with the concrete. 
The threshold for passivation of zinc in concrete 
pore solutions is at a pH of between 12.8 and 13.2 
± 0.1 [5].  pH levels greater than 13.2 do not 
develop in concrete pore solutions during the first 
few hours if sulphate is used as a settling regulator, 
or enough alkaline sulphates are present. If 
sulphates are not present, the passivation layer 
develops when the pH of the concrete solution 
drops below 13.2. Between 13.2 and 12.8 the layer 
develops slowly and the galvanized coating may 
continue to react until the passivating layer is 
formed. In any case, regardless of the pH level of 
the concrete, the presence of a pure zinc layer is 
key to the rapid formation of a compact passivating 
film of CHZ on the galvanized rebar. 

While in service, the corrosion of rebar occurs 
when aggressive species, such as chloride ions, or a 
carbonation front, reach the surface of the 
reinforcement. In order to initiate corrosion of 
galvanized rebar, these aggressive species have to 
disrupt the physical barrier of the CHZ film. 
Carbonation lowers the pH from highly alkaline to 
neutrality (pH 7), where the corrosion rate of Zn is 
very low. As a result, galvanized rebar does not 
generally corrode in carbonated concrete, 
although carbonated concrete can be quite 
corrosive to black steel.  

Chlorides are the more aggressive and are the most 
frequent cause of reinforcement distress. Chloride 
ions come from the raw construction materials, 
marine environments or de-icing salts. Zinc is 
attacked by chloride ions but has a higher threshold 
value for initiation of corrosion than black steel. 
That is, the concentration of chloride ions needed 
to start corrosion of zinc is up to 4 times higher 
than the concentration needed to start corrosion of 
black steel. The effect is shown schematically in 
Figure 1. The green line shows the chloride 
threshold needed to initiate corrosion. When black 
steel starts to corrode, the corrosion products build 
up stress until the concrete cracks. At a chloride 
threshold level 2x – 4x higher, the zinc coating on 
the galvanized rebar will start to corrode, however, 
the corrosion products migrate into the concrete 
matrix and do not build up the same stress levels in 

the concrete. The overall behaviour depends on 
the source of the chloride ions, the state of the 
galvanized surface (including protection afforded 
by Zn corrosion products), and the degree of 
protection provided by the concrete cover. 

Figure 1. Progress of chloride induced corrosion on 
black and galvanized rebar 

Results of potentiodynamic anodic polarization 
scans performed by Sergi et al show that the pure 
zinc Eta phase corrodes at half the rate of the zinc-
iron alloy intermetallic Zeta phase [6]. In batch hot 
dip galvanized reinforcing steel, the outermost 
layer of the coating is most often comprised of the 
Zeta phase. The new continuously galvanized rebar 
coatings will be comprised entirely of pure zinc Eta 
phase and are expected to corrode at half the rate 
of the zinc-iron intermetallic layers. Half the 
coating thickness will be required to provide 
equivalent corrosion protection.  

More recent results from Tan and Hansson [5] 
confirm that the corrosion rate for a coating with a 
pure zinc surface layer is half the rate of an 
annealed coating composed entirely of zinc-iron 
intermetallic phases. They measured the average 
depth loss of coating thickness for the formation of 
the passivating CHZ layer on a pure zinc coating as 
compared to a fully annealed coating within the 
first two days as listed in Table 1. Both coatings are 
fully passivated although only 0.45 microns of the 
pure zinc coating are consumed, while 1.18 
microns of the annealed coating are consumed. 
The depth losses are considered insignificant when 
compared to the total coating thickness but 
support the previous work showing that a pure zinc 
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coating will last twice as long as a coating 
composed of zinc-iron intermetallic phases.   

Table 1. Depth loss to passivation [5] 

3 Continuously galvanized rebar 
products standards 

The CGR product is covered by two existing product 
standards. The first is the International Standard 
ISO 14657 ‘Zinc-coated steel for the reinforcement 
of concrete’. The ISO standard covers a wide range 
of coating weights from 140g/m2 up to 600g/m2 
and has no specific language about galvanizing 
methods. An ASTM standard A1094 ‘Specification 
for Zinc-Coated (Continuous Hot-Dip Galvanized) 
Steel Bars for Concrete Reinforcement’ is also 
available for CGR. The ASTM A1094 standard is 
specific for the continuous coating process and 
specifies coating weights of 360g/m2.  

4 The continuous galvanized rebar 
process 

In the CGR coating process, the steel reinforcing 
bar is fully immersed in molten zinc for a period of 
only several seconds before cooling [4]. Including 
the preheating stage, the total time the steel is at 
the temperature of the molten zinc (465°C) is about 
4 to 5 seconds. This allows all grades of steel 
(normal and high strength) to be galvanized with no 
change in the coating structure or risk of strain age 
embrittlement. Due to the limited immersion time, 
the rebar will have a coating of essentially pure zinc. 
A schematic of a continuous galvanizing process 
line is shown in Figure 2.   

The heat-to-coat method for galvanizing shown in 
Figure 2 uses an inert atmosphere to de-oxidize the 
steel before galvanizing. Currently, only flux-based 
versions of this process are being used to produce 
cut lengths of CGR. Using a flux to deoxidize the 
steel allows for more flexibility in production 
schedules. In commercial operations multiple 
strands are run side-by-side at speeds from 10 to 
perhaps 80 metres per minute. The induction 
heating step is used to dry the flux, and/or to 
preheat the bar surface temperature before 
galvanizing, allowing the normal continuous 
galvanizing iron/aluminum reaction to occur that 
forms the thin and ductile intermetallic alloy layer. 
The pure zinc CGR coating is highly formable and 
allows the rebar to be shipped directly from the 
galvanizer to the fabricator and then to the job site. 

Coating 
type 

Average depth loss to 
passivation 

(um) 

Annealed 1.18 

Pure Zinc 0.45 

Figure 2. Process for continuous galvanized of reinforcing bar (Courtesy of Coating Controls) 
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This improves scheduling and reduces construction 
costs. 

5. Case studies
The first reinforced concrete project built in North 
America with CGR was the Buffalo Creek Bridge, in 
Buchanan County, near Independence, Iowa by the 
Iowa DOT in 2018. This was a typical span that was 
designed for 100+ year service life. The bridge is in 
a rural area but subject to seasonal road de-icing 
salts that can accelerate corrosion. To provide the 
highest level of protection, the entire bridge 
superstructure was constructed of galvanized steel, 
including the beams, h-piles, and girders, and CGR 
was used for the reinforced concrete bridge deck. 
The use of CGR also contributed to improving the 
tight construction timelines because it was shipped 
directly through an established supply chain 
distributor for fabrication and delivered to the site  

for immediate installation, allowing construction to 
finish before winter arrived. Tunnels can present 
unique corrosive atmospheres that need special 
attention. Water seepage can produce elevated 
relative humidity within a tunnel. Saltwater 
seepage can introduce Cl– into the tunnel 
atmosphere. Road or rail traffic can increase the 
concentration of SO2 pollution and particulate 
pollution such as brake dust. To evaluate corrosion 
resistant materials for tunnel construction a test 
section built with CGR was installed in October 
2020 in the Haicang Section Tunnel of the Second 
West Passage of Xiamen, Fujian Province, China. 
The Haicang undersea tunnel combines all the 
potential corrosion issues and is a challenging 
environment. Almost 100 tons of CGR bars were 
laid in the tunnel to improve the corrosion 
protection of the tunnel for 100-year service life. 

 

Figure 3. CGR installed for the Buffalo Creek Bridge 

Figure 4. CGR installed for the Haicang Section Tunnel 
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A precast structure for a tunnel project in 
Middlebury VT, USA presented unique challenges 
from extreme corrosion protection to vibration 
loads to material procurement to reliably 
integrated delivery methods for the construction of 
this critical asset. The project scope was to replace 
two nearly 100-year-old rail bridges to improve the 
rail alignment safety and soften the rail curve to 
allow better horizontal clearance for trains. The 
tunnel is about 110m long with a vertical clearance 
of at least 6.5m. The new tunnel will be completed 
this year in 2022 and offers improvements for more 
efficient and safer rail alignment and horizontal 
clearance for freight and passenger trains. 

6. Conclusions

A new continuously galvanized rebar product is 
available with excellent corrosion resistance and 
exceptional formability. Galvanizing increases 
resistance to chloride corrosion both by increasing 
the threshold chloride level where corrosion begins 
and also by slowing the rate of corrosion after that 
threshold is exceeded, and is immune to corrosion 
at the pH levels of carbonization-induced 
reinforcement corrosion. These highly formable 
CGR coatings can be bent, twisted and stretched 
and are limited only by the formability of the base 
steel. 
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Abstract 
To investigate the failure mode and effect on a steel girder negative bending behavior of an SFRC 
composite deck, eccentric tension tests and numerical simulations were conducted on C50 concrete 
composite deck and SFRC composite deck specimens. Furthermore, parametric analysis via girder 
segment finite element models was carried out for summarizing the influences of the composite 
deck on the steel box girder performance. The test and simulation analysis results showed that the 
residual contribution of SFRC slab to the axial tensile stiffness of composite deck was 36% as cracking 
up to 0,10 mm, while that of C50 concrete slab was only 15%. Moreover, the parametric analysis 
results showed that the residual contribution of SFRC slab to the bending stiffness of steel girder 
was twice that of C50 concrete slab. When SFRC crack width reached 0.10 mm, the bending stiffness 
of the main girder was reduced by 11% compared with the intact state. 

Keywords: SFRC composite deck; eccentric tension test; parameter analysis; bending stiffness. 

1 Introduction 
Combining steel fiber reinforced concrete (SFRC) 
with orthotropic steel deck by shear connectors 
can significantly reduce cracking risk at fatigue-
prone details and ameliorate pavement 
deteriorations. SFRC can be classified as normal 
steel fiber reinforced concrete, high performance 
concrete, and ultra high-performance concrete 
according to the compressive strength. Besides, 
excellent post-cracking behavior can be observed 
on the material under tension due to the strain-
hardening feature. For medium span continuous 
municipal bridges, ordinary or high-strength SFRC 
can meet the engineering demands and the cost is 

relatively low. Therefore, making efficient use of 
the mechanical advantages of SFRC can improve 
the mechanical properties and economy of the 
bridge structure. 

The previous studies on bridges with a composite 
bridge deck mainly focused on the bridge deck 
mechanical behavior. Shao et al.[1] conducted 
transverse bending tests on steel-ultra high 
performance concrete (UHPC) composite bridge 
decks and found that the local effect of transverse 
stress on the bridge deck is significant. Su et al.[2] 
proposed a crack width calculation method 
considering the residual stress of SFRC cracking 
through a static bending test of full-scale 
segmental composite bridge decks. Ye et al.[3] 
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found that thickness of SFRC slab and section 
flexural strength are critical factors affecting the 
fatigue life of composite bridge deck. Besides, 
some studies have been executed on the static and 
fatigue properties of shear connectors in the 
composite bridge deck[4,5]. 

Comparatively, the effect of the steel-SFRC 
composite deck on steel girder performance has 
not been studied enough. The stiffness 
contribution variation and evaluation theory 
addressing the concrete crack issue in the negative 
bending region of a continuous steel box girder 
with a composite deck has not been clarified. Some 
researchers established segment finite element 
models of continuous steel box girders with the 
composite deck while the focus was still on the 
mechanical performance of the bridge deck[6,7]. In 
practical design, insufficient understanding of the 
post crack performance of the concrete slab will 
make it difficult to evaluate the contribution of the 
composite bridge deck to the steel girder. 
Moreover, the existing studies on the composite 
deck were executed mainly for UHPC which is of 
relatively higher material expense. Therefore, the 
effect of normal SFRC with lower cost on the steel 
girder performance is not fully understood. 

To this end, this study aims to investigate the 
influence of steel-SFRC composite bridge deck 
cracking on the mechanical performance of steel 
girders. Eccentric tension tests on normal concrete 
composite deck and SFRC composite deck 
specimens were conducted. And corresponding 
finite element simulations have been executed. 
These were for investigating the failure mode and 
stiffness reduction of the SFRC composite deck. 
Meanwhile, finite element models of continuous 
steel box girders with steel-SFRC composite deck 
were established for parametric analysis to 
summarize the influences of concrete material and 
SFRC slab thickness on the bending stiffness of steel 
girders. The results provided support to the design 
practice of continuous steel box girder with steel-
SFRC composite deck.  

2 Experiment setup 

2.1 Test specimens 

Two composite deck specimens were designed and 
fabricated based on an actual project. As shown in 
Figure 1, the specimen was 1600 mm long, 240 mm 
wide, and 242 mm high. The thickness of the 
concrete slab and steel deck plate was 80 mm and 
12 mm, respectively. The flat rib was 150 mm high 
and 12 mm thick. The 10-mm-diameter 
reinforcements with a 100 × 100 mm spacing were 
embedded in the UHPC slab with a cover thickness 
of 35 mm. The height and diameter of the headed 
stud were 60 mm and 13 mm. The stud spacing was 
100 mm in both longitudinal and transverse 
directions. The end plate was 30 mm thick and 
welded at both ends of the test specimen to 
connect with the loading device and anchor. The 
centroid of the end plate was offset upward by 15 
mm relative to the centroid of the cross-section of 
the test specimen. C50 concrete and SFRC were 
used for the two specimens, respectively, and the 
corresponding specimen numbers were T-C50 and 
T-SFRC. The concrete slab was cured in an outdoor
environment with a temperature of 20~30 ℃.

(a) Elevation view (b)Cross-section

Figure 1. Schematic diagram of the specimen 
(Unit: mm) 

2.2 Material properties 

Table 1 lists the mechanical properties of concrete 
material after 28 days of curing obtained by the 
standard test methods. The specimens for material 
property tests were cured under the same 
condition as the deck specimen. The mechanical 
properties of steel plates, reinforcements, and 
headed studs were obtained by standard tensile 
tests. The results are listed in Table 2.  

Table1. Mechanical properties of concrete 

Material fcu

[MPa] 
fac 

[MPa] 
ft

[MPa] 
E 

[GPa] 

629



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

C50 51,4 40,0 3,2 45,1 

SFRC 85,0 70,3 4,3 38,7 
Note: fcu is cubic compressive strength; fac is axial 
compressive strength; ft is axial tensile strength; E is 
elastic modulus. 

Table2. Mechanical properties of steel 

Steel part T/D 
[mm] 

fy

[MPa] 
fu

[MPa] 
E 

[GPa] 

Steel plate 12 328 485 170 

Reinforcement 10 528 667 210 

Headed stud 13 - 520 - 
Note: T is thickness; D is diameter; fy is yield strength; fu 
is ultimate strength; E is elastic modulus; “-” means the 
value was failed to obtain because the coupon of the 
headed stud was too small. 

2.3 Load setup 

Figure 2 shows the eccentric tension loading setup. 
Two end plates of the test specimen were 
connected with the distribution beam and anchor, 
respectively. The bottom of the specimen was fixed, 
and the top of the specimen could rotate in the 
bending plane due to the hinge of the hydraulic 
jack. A 2000 kN load capacity hydraulic jack was 
used in the tests. A 50 kN pre-loading was executed 
before starting a formal monolithic loading process. 
During the formal loading stage, the load was 
increased monotonically, with 100 kN as a phase, 
and holding for 5 minutes between two phases to 
observe the cracking state of the test specimen. 
The loading mode switched from load control to 
deflection control at the load level of 1400 kN. The 
test was stopped when the unloading 
phenomenon occurred. The axial displacement and 
development of concrete cracks of specimens were 
monitored in the tests. 

Figure 2. Loading setup 

3 Test results and discussion 

3.1 Failure mode 

Figure 3 presents the ultimate status of the T-C50 
test specimen, showing cracks of the concrete slab 
and the yield of the steel flat rib. T-SFRC specimen 
shows a similar phenomenon. A few wide cracks 
distributed sparsely appeared on the C50 concrete 
slab while dense cracks with small width appeared 
on the SFRC slab. The ultimate load of the T-C50 
and T-SFRC specimen was 1758 kN and 1802 kN, 
respectively, indicating the ultimate bearing 
capacity of the composite deck was governed by 
the yield of steel. 

Figure 3. Ultimate status of T-C50 specimen 

3.2 Concrete cracking characteristics 

Figure 4 shows the development of the maximum 
crack width of the concrete slab during the loading 
setup. The cracks of the T-C50 specimen developed 
rapidly in the early load stage that the most cracks 
appeared before 400kN, with large width and 
sparse distribution. Many new micro-cracks 
appeared on the T-SFRC specimen under each load 
level. The load level of the T-C50 and T-SFRC 
specimen was respectively 400 kN and 900 kN 
when the maximum crack width reached 0,20 mm. 
It indicated SFRC could improve the crack 
resistance of the composite deck. 
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Figure 4. Load-maximum crack width curve 

3.3 Axial tensile stiffness 

Figure 5 presents the load-displacement curve of 
test specimens. Defining the slope of the secant 
line going through the point on the load-deflection 
curve and the origin as the axial tensile stiffness of 
specimens. Table 3 listed the axial tensile stiffness 
when the concrete slab was intact without cracks 
or the maximum crack width reached 0,10 mm and 
0,20 mm, respectively. The theoretical axial tensile 
stiffness of the T-C50 and T-SFRC specimen is 1041 
kN/mm and 965 kN/mm, respectively. The 
theoretical value of the T-C50 specimen was taken 
as the axial tensile stiffness in the intact state due 
to the initial cracking state of the C50 concrete slab 
was not detected in the tests. 

As shown in Table 3, compared with the intact state, 
the axial tensile stiffness of the T-C50 and T-SFRC 
specimen was respectively reduced by 49% and 24% 
when the maximum crack width reached 0,10 mm. 
When the one reached 0,20 mm, the axial tensile 
stiffness of the T-C50 and T-SFRC specimen was 
respectively reduced by 51% and 40%. The results 
showed SFRC could lower down the degree of axial 
tensile stiffness reduction of the composite deck 
after cracking. 

Figure 5. Load-axial displacement curve of 
specimens 

Table3. Axial tensile stiffness of specimens 

Specimen 
label 

K0  
[kN/mm] 

K0,1 
[kN/mm] 

K0,2 
[kN/mm] 

T-C50 1041,0 530,2 515,4 
T-SFRC 968,1 735,6 583,5 

Note: K0, K0,1, K0,2 is the axial tensile stiffness of 
specimens when the concrete slab was uncracked or the 
crack width reached 0,10 mm and 0,20 mm, respectively. 

4 Numerical simulation 
The eccentric tension test conducted on the steel-
concrete composite deck had provided valuable 
mechanical performance results, while the 
concrete cracking states can not be quantified just 
by experiments due to the limits of measuring 
devices. Hence, a numerical simulation based on 
the plastic damage model of materials was 
executed to make a further mechanism 
understanding in this study. 

4.1 Composite deck FE model setup 

As shown in Figure 6, the concrete slab, steel plate, 
reinforcement, and headed stud were simulated by 
the solid elements (C3D8R), shell elements (S4R), 
truss elements (T2D3), and connectors, 
respectively. The steel-concrete interlayer 
interaction was simulated by a contact algorithm, 
in which the “Hard contact” was for normal 
behavior and the “Penalty” formulation with a 
frictional coefficient of 0,3 was for tangential 
behavior. The reinforcements were embedded in 
the UHPC slab with no absolute exterior tolerance. 
In addition, the loading and boundary conditions 
were consistent with the experimental test. Table 
4 lists the corresponding relationship between the 
test specimen and the finite element model. M-
steel model that without a concrete slab was used 
as a comparison reference to investigate the 
mechanical contribution of the concrete slab to 
composite deck.  
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Figure 6. Components of finite element model 

Table4. Summary of finite element models 

Specimen 
label 

Specimen 
label 

Concrete 
material 

M-C50 T-C50 C50 
M-SFRC T-SFRC SFRC 
M-Steel - - 

Note: “-” means no corresponding specimen label and 
concrete slab for model M-Steel. 

4.2 Material constitution 

The compressive and tensile constitutions of 
concrete were established based on the material 
test results and Ref[8], as presented in Figure. 7. 
Besides, the Concrete Damaged Plasticity model 
was introduced in the analysis to reflect the 
concrete cracking and crushing. It contains two 
types of relationships: stress-inelastic strain 
relationship and damage factor -inelastic strain 
relationship. The two can be respectively derived 
by Eqn. (1) and Eqn. (2) proposed by Ref[9,10]. based 
on the stress-strain relationships.  

εin﹦ε-σ/E       (1) 

d=1-�σ/(Eε)  (2) 

where εin is inelastic strain; E is initial elastic 
modulus (in MPa); d is damage factor. 

(a) Compressive constitution

(b) Tensile constitution

Figure 7. Constitutions of concrete in FE model 

The constitutions of steel parts contained elastic 
and linear hardening stages based on the material 
property test results as listed in Table 2. The 
connector elements were used to simulate headed 
stud which had a shear capacity of 76 kN and shear 
stiffness of 350 kN/mm according to the push-out 
test results presented in Ref[11]. 

4.3 Test simulation result 

Figure. 8 shows the load-displacement curves 
derived from the loading test and numerical 
simulation, which are generally consistent. Table 5 
lists the axial tensile stiffness obtained by 
simulation at load levels when the concrete slab 
was intact or the crack width reached 0,10 mm and 
0,20 mm in loading tests, respectively. Compared 
with Table 3, the axial tensile stiffness and the 
reduction degree after cracking obtained by 
simulation agreed well with the test results. 

Figure 9 shows the increase rate of axial tensile 
stiffness of the model M-C50 and M-SFRC 
compared with the model M-Steel at load levels 
corresponding to the above cracked states, 
expressed by KM0, KM0,1 and KM0,2, respectively. 
Defining the residual stiffness contribution as the 
ratio of the increase rate of the axial tensile 
stiffness in the cracked state to that in the intact 
state. When the crack width respectively reached 
0,10 mm and 0,20 mm, the residual stiffness 
contribution of the model with SFRC slab was 44% 
and 23%, respectively, while that of the model with 
C50 concrete slab was 12% and 9%, respectively. 
The results showed the SFRC slab still contributed 
more obviously to the axial tensile stiffness of the 
composite deck after cracking. 
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(a) C50 concrete slab

(b) SFRC slab

Figure 8. Comparison of load-deflection curves 
between test and simulation results 

Table5. Axial tensile stiffness of FE models 

Model 
label 

KM0 
[kN/mm] 

KM0,1 
[kN/mm] 

KM0,2 
[kN/mm] 

M-Steel 464,7 464,6 463,4 
M-C50 1110,4 542,3 519,8 

M-SFRC 1048,9 721,0 596,2 

Figure 9. Comparison of axial tensile stiffness of FE 
models 

Figure 10 compares the distribution of concrete 
tensile damage derived from the simulation at the 
load level of 900 kN. It could be seen that the 
distribution of tensile damage in FE models was 
consistent with the experimental results. Hence, it 
is feasible to establish a calibration relationship 
between SFRC tensile damage value and crack 
width to characterize the concrete crack width in 

numerical simulation. When the SFRC was intact 
without cracks or the maximum crack width 
reached 0,10 mm an 0,20 mm, respectively, the 
corresponding tensile damage value was 0,11, 0,37 
and 0,62, respectively. 

Figure 10. Comparison of concrete tensile damage 
(DAMAGET=0: Intact; DAMAGET=1: failure) 

5 Parametric analysis on steel box 
girder with composite bridge deck 

On the basis of the corresponding relationship 
between SFRC tensile damage value and crack 
width, a parametric analysis was further executed 
to figure out the effects of the concrete material 
and SFRC slab thickness on the negative bending 
behavior of the steel girder. 

5.1 Girder segment FE model setup 

Referring to the design parameters of typical 
medium span continuous steel box girders, 1/4 
girder segment FE models in the negative moment 
region were established based on the structural 
symmetry property. Figure 11 displays the 
schematic diagram of the segment FE model and 
the boundary conditions. 

The FE models for parametric analysis were 
summarized in Table 6. The first letter A or B in the 
model label represents the continuous steel box 
girder segment model with a middle span of 50 m 
or 80 m, respectively. The material constitution of 
segmental FE models was consistent with that of 
the composite deck FE model. The negative 
bending moment was introduced by applying 
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jacking displacement on the steel bottom plate at 
the fulcrum in the segment model. 

Figure 11. 1/4 girder segment FE model in 
negative moment region 

Table6. Summary of segmental models and 
corresponding parameters 

Model label Concrete material Thickness 
[mm] 

AS - - 
AC1 C50 100 
AF1 SFRC 80 
AF2 SFRC 100 
AF3 SFRC 120 
BS - - 

BC1 C50 100 
BF1 SFRC 80 
BF2 SFRC 100 
BF3 SFRC 120 

Note: The first letter A or B in the model label 
represents the continuous steel box girder segment 
model with a middle span of 50 m or 80 m, 
respectively; “-” means no concrete slab for model M-
Steel. 

5.2 Effect of concrete material 

Figure 12 presents the load-deflection curves of the 
segmental FE models with different concrete 
materials in group A. The bending stiffness was 
defined as the slope of the secant line going 
through the point on the load-deflection curve and 
the origin. It shows the concrete slab did not 
significantly affect the ultimate capacity of the 
steel box girder in the negative moment region, 
while having an effect on the bending stiffness. 

Figure 12. Load-deflection curves of models with 
different concrete materials in Group A 

Figure 13 shows the bending stiffness of models 
with different concrete materials at load levels 
when the concrete slab was intact or the tensile 
damage value was 0,37 and 0,62, expressed by KB0, 
KB0,1 and KB0,2, respectively. It shows the bending 
stiffness of steel box girder increase by more than 
20% after introducing a 100 mm thick concrete slab. 
The residual stiffness contribution was defined as 
the ratio of increase rate of the bending stiffness in 
the cracked state to that in the intact state. When 
the crack width respectively reached 0,10 mm and 
0,20 mm, the residual stiffness contribution of the 
model with SFRC slab was 48% and 19%, 
respectively, while that of the model with C50 
concrete slab was 22% and 13%, respectively. The 
results showed SFRC slab still contributed greatly to 
the bending stiffness of the steel box girder after 
cracking. 

Figure 13. Bending stiffness of models with 
different concrete material in group A 

Figure 14 shows the tensile damage states of 
models with different concrete materials in group 
A at the load level when the tensile damage value 
of the model with SFRC slab was 0,37. It could be 
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seen that the tensile damage states of segmental 
girder models under negative moment were 
consistent with that of the composite deck models 
under eccentric tension. The tensile damage state 
of the C50 concrete slab was banded and serious, 
while that of the SFRC slab was uniform and slight. 
Besides, the initial cracking load of the model with 
SFRC slab increased by 39% compared with the 
model with C50 concrete slab, indicating that SFRC 
could significantly improve the crack resistance 
performance of continuous steel box girder in the 
negative moment region. 

Figure 14. Concrete tensile damage of models with 
different concrete materials in Group A 

(DAMAGET=0: Intact; DAMAGET=1: failure) 

5.3 Effect of SFRC slab thickness 

Figure 15 shows the load-deflection curves of the 
FE models with different SFRC slab thicknesses, 
including 80 mm, 100 mm, and 120 mm. The 
ultimate capacity of simulated segment girder 
models was generally the same when the SFRC slab 
thickness varied from 80 mm to 120 mm.  

Figure 16 shows the bending stiffness of models 
with different SFRC slab thicknesses at load levels 
when the concrete slab was intact or the tensile 
damage value was 0,37, respectively. The bending 
stiffness of segmental steel box girders increased 
by 16-23% after introducing 80-120mm thick SFRC 
slabs. Moreover, when the tensile damage value 
was 0,37, which meant the crack width of the SFRC 
slab reached 0,10 mm, the bending stiffness of 
segmental girder models was reduced by about 11% 
compared with the intact state. In other words, the 
bending stiffness reduction factor of steel box 
girder with SFRC composite deck can be considered 
as 0,89 when the crack width of SFRC slab reached 
0,10 mm. 

Figure 15. Load-deflection curves of models with 
different SFRC slab thicknesses in Group A 

Figure 16. Bending stiffness of models with 
different SFRC slab thicknesses in Group A 

6 Conclusions 
An investigation on the eccentric tension 
performance of steel-concrete composite deck was 
carried out by a static eccentric tension test and 
numerical analyses. Furthermore, the effect of 
concrete material and SFRC slab thickness on the 
bending performance of steel box girder was 
investigated by parametric analysis works. Based 
on the presented results, the following conclusions 
can be drawn. 

(1) The tested failure of the composite deck
specimen under eccentric tension load consisted of 
the severe yielding of steel rib and intensive cracks.
The SFRC slab appeared more cracks with smaller
width.

(2) In terms of the corresponding verified
numerical simulation, the SFRC slab can effectively
improve the axial tensile performance of the
composite deck. When the crack width respectively 
reached 0,10 mm and 0,20 mm, the residual axial
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tensile stiffness contribution of the model with 
SFRC slab was 48% and 19%, respectively, while 
that of the model with C50 concrete slab was 22% 
and 13%, respectively. 

(3) The parametric analysis results showed that the
initial cracking load of steel box girder with SFRC
slab increased by 39% compared with steel box
girder with C50 concrete slab. When the crack
width respectively reached 0,10 mm and 0,20 mm,
the residual stiffness contribution of SFRC slab was
48% and 19%, respectively, while that of C50
concrete slab was 22% and 13%, respectively. This
indicates SFRC slab still contributes obviously to the 
bending stiffness of the steel box girder after
cracking.

(4) The parametric analysis results also showed the
bending stiffness reduction factor of steel box
girder with SFRC composite deck can be considered 
as 0,89 when the crack width of SFRC slab reached
0,10 mm.
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Abstract 

In order to study the effect of thickness of rigid pavement on the fatigue performance of orthotropic 
deck, the shell-solid finite-element model was established to analyze the stress on the opening area 
of diaphragms in orthotropic deck under different concrete thickness. The results show that with or 
without rigid pavement, the stress distribution of the bridge deck and the hot-spot stress at the 
opening area of the diapragm are significantly different. The stess amplitude at the diaphragm-
opening area of the orthotropic steel bridge deck with rigid pavement is only half of that in 
orthotropic steel bridge deck without rigid pavement. The thickness of the concrete has a great 
influence on the fatigue strength of the opening area of the diaphragm in orthotropic steel bridge 
deck when the concrete thickness is no more than 100 mm.  

Keywords: Steel-concrete orthotropic decks; Finite-element method; rib-to diaphragm; Fatigue 
strength assessment approach. 

1 Introduction 

Orthotropic steel bridge decks have been widely 
used in long-span bridges due to their overall light 
weight, convenient construction, high strength and 
easy transportation. A typical tranditional 
orthotropic steel deck usually consists of a bridge 
deck plate、longitudinal and transverse stiffeners[1]. 
Despite inherently possessing excellent structural 
properties, orthotropic steel decks are prone to 
initiate cracks as a consequence of high cyclic 
stresses by wheel loads in conjunction with 
inevitable fabrication defects. Meanwhile, 
Orthotropic steel bridge decks usually use asphalt 
concrete as the pacements. Because of the 
insufficient stiffness in the deck and severe 
overloading, the pavements are always found 

damaged in long-term operation, which seriously 
limits the application and development of 
orthotropic steel bridge decks[2]. 

Relevent data shows that fatigue cracks of 
orthotropic steel bridge decks are mostly 
discovered in the conjunction of longitudinal ribs 
and transverse diaphragms. It has been found that 
when the opening height of the diaphragm is 
1/3~1/2 of the height of the longitudinal rib, and the 
opening position is treated by a smooth transition, 
the diaphragm has better mechanical properties[3]. 
While Zhang[4] obtained the relationship between 
the thickness of the longitudinal rib and the shape 
of the opening by finite element analysis. In the 
fatigue tests of the welding forms of longitudinal 
ribs and transverse diaphragms conducted by 
Tsakopoulos[5], the test results indicated that the 
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fatigue performance of the diaphragms is better 
when the groove full penetration weld is used and 
the chamfer is designed at the opening of the 
diaphragms. 

Recent years, the engineering community has set a 
concept of orthotropic steel-concrete composite 
bridge deck in response to the various fatigue 
problems of orthotropic steel bridge decks[6]. By 
using shear connectors such as studs, the steel 
bridge deck is connected with the upper concrete to 
form a rigid pavement. Through this way, the 
stiffness of the bridge deck is increased, thereby, 
reducing the risk of fatigue cracks in bridge decks. 
Based on this, this article establishes an orthotropic 
steel-concrete bridge deck FE model. Using the hot 
spot stress method to analyze the fatigue 
performance of the opening area in diaphragms as 

well as the influence caused by different concrete 
thickness. The research results can provide a 
reference for the fatigue resistance desigan and 
relevent engineering design of the details of 
longitudinal ribs and transverse diaphragms. 

2 Background of the Orthotropic 

Composite Bridge Deck 

Taking a (35+30)m continuous curved box grider 
bridge as the background project, the form of the 
main girder in this project adopts flat steel box 
girder. The depth of the girder is 1.6m, and the 
width is 19.5m, as shown in Fig.1. There two traffic 
lanes in each direction, and the width of each 
direction is 8.67m with no sidewalks. 

Fig.1 Deck Section to be Investigated (Unit:mm) 

Fig.2 Typical Section Layout (Unit:mm) 

To enhance the fatigue durability of the orthotropic 
bridge deck, a 14-mm-thick deck plate stiffened 
with an 8-mm-thick trough is used under heavily 

loaded vehicle lanes. The size of the trough is 
300×280×8 mm, as shown in Fig.2, and the spacing 
of the longtitudinal ribs is 600mm. The deck is 
surfaced with two layers:the 100-mm-thick epoxy 
asphalt concrete on the top, and the 100-mm-thick 
steel fibre reinforced concrete on the bottom. The 
steel bridge deck and the concrete are connected by 
shear studs to compose the orthotropic steel-
concrete composite bridge deck. The specification 
of the shear studs is Φ19 with the height of 60mm, 
and the vertical and horizontal spacing is 300mm. 
The steel is Q345qD and the concrete is C50 low 
shrinkage steel fiber reinforced concrete.  

19500
Vehice Lane Vehice Lane Vehice Lane Vehice Lane

14mm 
Deck Plate8mm U-rib

100mm Rigid Pavement
100mm Asphalt Pavement

28
0

170

300 300 300

R40
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3 FE Model of the Bridge Deck 

The finite element models of the orthotropic deck in 
the negative bending moment zone of the project 
are built. The model consists of five diaphragms and 
six troughs. The length of the model is 10m, and the 
width is 3.6m. The depth of the diaphragms is 0.8m, 
and the distance betweem the adjacent diaphragms 
is 2.5m. The rigid pavement composed by steel fibre 
reinforced concrete is considered in the model. The 
deck plate thickness td is taken as 14mm, and the 
thickness of the longitudinal rib trib is taken as 8 mm. 
The detail of the bridge deck segment is shown in 
Fig.3. 

The finite element analysis(FEA) software ANSYS is 
used to carry out the analysis. Two kinds of finite 
elements are used. The shell element is “shell63” in 
ANSYS with eight nodes, and each node has six 
degree of freedom. The solid element is “solid65” in 
ANSYS with eight nodes, and each node has three 
degrees of freedom. The linear elastic material 
properties of steel and concrete are attributed to 
the FE model. Young’s modulus of steel is taken as 
210 GPa and Poisson’s ratio is taken as 0.3, while 
concrete is taken as 34.5 GPa with Poisson’s ratio of 
0.2.  

Fig.3 Finite Element Model 

To simulate the real force of the orthotropic steel-
concrete composite bridge deck segment, the 
boundary conditions of the FE model are as follows: 
(1) The nodes on the edges of the diaphragms are
fixed in all directions to simulate the vertical
support from the diaphragm of the steel box girder;
(2) The nodes along the edges of  the deck plate are
pin-supported to simulate the transverse constraint
from the top plate and the diaphragm of steel box
girder; (3)The nodes in the bottom of the concrete
and the top of the steel deck are coupled to
simulate the connection between the rigid
pavement and the orthotropic steel bridge deck.

Calculation mode Ⅲ  specified in JTG D60-2015[7] is 
conducted as the fatigue load in FE model as is 
shown in Fig.4(a), and the single-wheel load is 
120kN. The area under vehicle load is 400 mm×800 
mm considering the diffusion effect of 100-mm-
thick concrete layer. Since the minimum 
longitudinal wheelbase of the standard fatigue 
vehicle is 1.2m, which is 0.48 times compared with 
the distance between two diaphragms, only use the 
front tires to simplify the calculation. Considering 
that the loading positions have significant effects on 
fatigue performance of the opening area in 
diaphragms, three transverse loading conditions 
were adopted in FE model. The transverse loading 
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positions are given in Fig.4(b). The starting point of 
longitudinal loading cases is that the center of the 
wheel is just above the second diaphragm(D2), and 

the end point is that the center line of the wheel is 
directly above the middle diaphragm(D3), as is 
shown in Fig.4 (a). 

(a) Longitudinal Loading

(b) Transverse Loading

Fig.4 Loading Condition (Unit:mm) 

4 Fatigue Strength Assessment 

4.1 Hot spot stress approach 

The hot spot stress approach was recommended for 
welded joints where there was no clearly defined 
nominal stress due to complicated geometric 
effects, and where the structural discontinuity was 
not comparable to a classified structural detail. Due 
to the geometric effect, although there are no 
relevant welding details at the opening of the 
diaphragm, the fatigue performance can still be 

calculated by hot spot stress approach. The 
structural stress at the hot spot usually includes all 
stress raising effects of weld detail excluding all 
stress concentrantions, besides, the none-linear 
peak stress was eliminated by linearization of the 
stress through the plate thickness or by 
extrapolation of the stress at the surface. Therefore, 
the accuracy of the results is highly mesh sensitive 
as well as the extrapolation method. Relative 
research has shown that the extrapolation method 
has little effect on the hot spot stress, generally, 
two-point linear extrapolation can be satisfied. 
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Fig.5 Extrapolation Path of Diaphragm Detail 

According to the recommendation of AASHTO in the 
United States, the a-type linear extrapolation 
method is conducted to determine the hot-spots 
stress at the opening poistion of the diaphragm The 
points at 0.5 t (t is the thickness of the diaphragm) 
and 1.5 t from the opening position of the 
diaphragm are selected as the hot-spot stress 
interpolation point, which is consistent with the 
welding specification of the International Society of 
Welding. Eq.(1) shows the linear extrapolation 
equation for hot-spot stress. Hence，the element 
sizes correspond to the recommendations in 

AASHTO[8] for the stress extrapolation to the hot-
spots should not be larger than the thickness of the 
plate. In order to facilitate the calculation, the mesh 
size of the diaphragm is set to 8 mm (one-half the 
thickness of the diaphragm), and the extrapolation 
path is shown in Fig.5. 

𝜎𝜎ℎ𝑠𝑠 = 1.5𝜎𝜎0.5𝑡𝑡 − 0.5𝜎𝜎1.5𝑡𝑡    (1) 

4.2 Hot-spot stress under moving-wheel 
load 

Since the opening position of the Diaphragms is 
affected by both in-plane and out-of-plane stresses, 
the principal stress of the diaphragm is selected as 
the reference stress. And according to the wheel 
loading position, the diaphragm opening where the 
third U-rib(3#) is located in the middle 
diaphragm(D3) is chosen as the concerned section, 
as is shown in Fig.6. Meanwhile, to compare the 
effect of rigid pavement on the fatigue performance 
of the orthotropic steel bridge deck, on the basis of 
original FE model, the upper concrete element was 
deleted. Only shell element in the FE model to 
simulate the stress distribution of the orthotropic 
steel bridge deck to analyze the fatigue 
performance of diaphragm. 

Fig.6 Fatigue Detail of the Bridge Deck 
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PH2
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(a) Orthotropic Bridge Deck with Rigid Pavement (b) Orthotropic Steel Bridge Deck
Fig.7 Maximum Hot-spot Stress 

Firstly, taking the stress distribution of the middle 
diaphragm whether rigid pavement was brought 
about or not under three typical transverse wheel 
loading conditions as the comparision. Under the 
moving of wheel loads at different longitudinal 
bridge positions, the variation of the maximum 
principal stress (calculated by Eq(1)) in the 
concerned area at the intermediate diaphragm(D3) 
is shown in Fig.7. The abscissa in Fig.7 is the 
longitudinal-bridge distance between the centerline 
of the wheel load and the D3 

Since the wheel loads are located at the side span 
between the first diaphragm(D1) and second 
diaphragm(D2), whether rigid pavement is 
conducted or not, the principal stress of the 
concerned section is small(almost 0). It is indicated 
that the longitudinal influence of the wheel load is 
limited to the distance of two adjacent spans of 
internediate diaphragm. Therefore, the stress 
history of wheel loads located in the adjecent two 
spans of the intermediate diaphragm is given as 
follow. It can be seen from Fig.7 that the presence 
or absence of rigid pavement has a great effect on 
the fatigue performance of the opening area in 
diaphragms. The influence is mainly manifested in 
several aspects: 

(1) There is a big difference in terms of stress value
between two models. For the orthotropic steel
bridge deck with rigid pavement, althouth the
transverse Ⅲ is the most unfavorable loading
condition, there is little difference in the hot-spot
stress under three transverse loading conditions.
The absolute value of the maximum hot-spot stress
is about 70 MPa. While for the orthotropic steel
bridge deck without rigid pavement, the absolute
value of the maximum hot-spot stress is about
143MPa, which appears in the transverse loading
condition Ⅲ. Compared with the condition Ⅰ and
condition Ⅱ , the stress of condition Ⅲ  is quite
greater. As is shown in Fig.7, compared with the
model with rigid pavement, the calculated result
without rigid pavement is increased by about 1
times.

(2) The response to the longitudinal position is
different. For the orthotropic steel bridge deck with
rigid pavement, when longitudinal distance
between the centerline of wheel load and the
intermediate diaphragm(D3) Z=0.2m ( the former
edge of the tire is about to enter the area of the
intermediate diaphragm), the hot-spot stress of the
concerned section becomes the greatest, and this
phenomenon only occurs in loading condition Ⅰ

Reference Point Reference Point
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and condition Ⅱ. As for loading condition Ⅲ, when 
the centerline of wheel load is exactly above the 
intermediate diaphragm, the hot-spot stress value 
of the concerned section becoms maximum. While 
for the orthotropic steel bridge deck without rigid 
pavement, no matter how the transverse load is 
distributed, when the longitudinal distance Z=0.4m, 
there is the maximum hot-spot stress in the 
concerned area. It shows that the stiffness of the 
bridge deck is significantly improved due to the 
existence of the rigid pavement layer, which 
reduces the out-of-plane deformation of 
diaphragms. The rigid pavement can effectively 
reduce the level of the principal stress in 
diaphragms. 

(3) For both FE models, when the wheel load
gradually approaches the middle diaphragm, the
hot-spot stress of the concerned area gradually
begins to increase, and a large fluctuation occurs in
the value of hot-spot stress when the wheel load
passes through the section. The difference is that
this fluctuation of the bridge deck with rigid
pavement is smaller, and when the transverse
loading condition is condition Ⅲ, the fluctuation is
slightest. However, for the bridge deck without the
rigid pavement, the fluctuation of hot-spot stress is
intense regardless of the transverse loading
condition.

5 Effect of thickness of concrete layer 

On the basis of the above shell-solid FE model, 
change the thickness of the rigid pavement layer of 
the orthortorpic steel btidge deck with other 
paramentes unchanged. To calculate the maximum 
principal stress at the vulnerable fatigue detail of 
diaphragm-opening area for different concrete 
thickness, take 5 thickness of concrete (80 mm, 90 
mm,100 mm, 110 mm and 120 mm) to conduct the 
numerical analysis. For design principal of different 
thickness, the comparision of hot-spot stress of the 
partition at the intermediate diaphragm in different 

longitudinal loading positions is shown in Fig.8. Due 
to space limitations, Fig.8 only shows the most 
unfavorable transverse loading condition for 
different thickness of cncrete (transverse loading 

condition Ⅲ). 

Fig.8 Maximum Hot-spot Stress in Different 
Thickness 

The calculation result shows that: 

(1) With the increase of the concrete thickness, the
maximum value of hot-spot stress and the
maximum amplitude of hot-spot stress of the
concerned detail at the opening of the diaphragm
are conspicuously reduced. When the concrete
thickness varies from 0 mm to 80 mm, the maximum 
hot-spot stress is changed from 142.7 MPa to 82.1
MPa, with the decrease of 73.8%. When the
concrete thickness is no more than 100 mm, as the
concrete thickness continues to increase, the
influence of improving the fatigue resistance of the
diaphragm-opening area caused by the variety of
the concrete thickness also changes linearly. As the
thickness of the concrete increases by 20mm, the
maximum hot-spot stress decreases by about 7 MPa, 
with an average decrease of 12.0%. However, this
increase in fatigue resistance is significatly
weakened when the thickness of the concrete is
above 100mm. As is shown in Fig.8, when the
thickness of the raigid pavement varies from 100

Reference Point
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mm to 120 mm, the hot-spot stress in concerned 
section only decreased by about 4 MPa, with a 
decrease of only 6.3%. 

(2) The change of thickness of the concrete actually
influences the value of hot-spot stress at the
opening area of the diaphragm by affecting the deck 
stiffness of the orthotropic steel bridge deck. The
thicker the rigid pavement, the smaller the out-of-
plane deformation of the diaphragm will be. As is
shown in Fig.8, when the stiffness of the bridge deck 
is gradually changed since the thickness of the
concrete varies from 80 mm to 120 mm, the most
unfavorable longitudinal loading position of the
opening area of the intermediate diaphragm is
changed from Z=0.4m (the longitudinal distance
between the centerline of wheel load and the
intermediate diaphragm(D3)) to Z=0.2m. The
fluctuation of the hot-spot stress at the opening
area of the diaphragm caused by the wheel load
becomes slighter and slighter. It can be concluded
from the above discussion that an appropiate
increase in the thickness of the rigid pavement can
effectively improve the fatigue performance of the
vulnerable detail at opening area of the diaphragm.
However, this improvement does not increase

linearly with the continuous increase of the 
thickness of the concrete. 

To clarify the effect of concrete thickness on the 
vulnerable fatigue detail of the diaphragm-opening 
area, the amplitude of the hot-spot stress 
correspondng to different thickness of the rigid 
pavement is calculated, as is shown in Fig.9, and the 
maximum amplitude of the stress are summarized 
in Tab.1.  

Fig.9 Effect of Concrete Thickness on Fatigue Stress 
Amplitude at Concerned Point 

Tab.1 Stress Amplitude of Fatigue Performance 

Concrete Thickness 
/mm 

Transverse Loading Condition Ⅲ /MPa 
Maximum Stress Minimum Stress Stress Amplitude 

0 -2.66 -145.36 142.70 
80 -1.35 -83.43 82.08 
90 -1.31 -78.28 76.97 

100 -0.84 -69.99 69.15 
110 -1.31 -69.90 68.59 
120 -1.34 -66.40 65.06 
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As is shown in Fig.9, when the concrete thickness 
varies from 0 mm to 100 mm, the amplitude of hot-
spot stress in the opening area of the diaphragm 
decreases significantly, and the downward trend is 
almost linear with the change of the thickness of 
the concrete. The maximum fatigue-stress 
amplitude in concerned area declines from 142.7 
MPa to 69.2 MPa, the value has more than doubled. 
Then with the further invrease of thickness of the 
concrete, the trend of maximum amplitude in 
concerned area has gradually slowed down. There 
are only 4.1 MPa drop of hot-spot stress in the 
opening area of the diaphragm with the decrease 
of 6.3%, considering the increased of the concrete 
is 20 mm. It can be concluded that when the 
thickness of the concrete is above 100 mm, the 
increased stiffness of the orthotropic bridge deck 
brought by the rigid pavement layer is relatively 
weakened. At the same time, although the impact 
of the vehicle on the fatigue performance of 
structure is reduced, while the overall increased 
stress level caused by the weight of the structure 
will become another concerned point. Currently, it 
is believed that the thickness of the deck plate of 
the orthotropic steel bridge deck can be 
appropriately changed, and a thinner thickness of 
the deck plate can be selected to achieve the 
economical and applicable construction 
requirments of the steel bridge under the condition 
of satisfying the force requirments. 

6 Conclusion 
In this paper, the FE model is used to analyze the 
hot-spot stress of the fatigue vulnerable parts of 
the diaphragm-opening area in a orthotropic steel 
bridge deck with rigid pavement layer, and 
following conclusions are drawn: 

(1) Under the action of wheel load, the presence or
absence of rigid pavement has a great influence on
the local stress properties of the bridge deck. Rigid
pavement reduces the out-of-plane deformation of 
the diaphragm by increasing the stiffness of the
overall orthotropic bridge deck. Thereby, achieve
the purpose of reducing the stresss in concerned
area.

(2) Compared with the bridge deck without rigid
pavement, the stress of the bridge deck with rigid
pavement at concerned area in the diaphragm-

opening area is greatly decreased, especially under 
the vehicle load, the amplitude of hot-spot stress 
of the latter is only 50% of the former. 

(3) For the bridge deck with rigid pavement, when
the thickness of the concrete is no more than 100
mm, there is a great effect on the fatigue strength
of concerned area for the opening area of the
diaphragm through changing the tickness of the
concrete. However, when the thickness of the
concrete is too large, the improvement of the
fatigue performance of the structure caused by the
rigid pavement is weakened. Apparently, the self-
weight of the whole structure becomes another
concern of the overall design.
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Abstract 
The toggle brace viscous damping system has been proved to be an effective motion amplification 
device, which can amplify the deformation of the damper under wind load and earthquake action, 
thus significantly improving the energy dissipation efficiency of the damper. In the existing viscous 
damping system of elbow joint, the damping force will act directly on the floor beam, which often 
leads to unsatisfied performance of the connected floor beam. Therefore, a double-damper toggle 
brace device is proposed in this paper, and a mathematical model of geometric parameter 
optimization of double-damper toggle brace device system is established. According to this 
mathematical model, a larger displacement amplification factor can be obtained, which is far 
superior to the existing toggle damping system. Finally, a two-story steel frame model is taken as an 
example to verify the effectiveness and applicability of the proposed double-damper toggle brace 
device system. 

Keywords: viscous damping device; double-damper toggle viscous damping device; seismic 
response. 

1 Introduction 
Viscous damper is a kind of velocity-dependent 
damper with no stiffness. It has the advantages of 
strong energy dissipation, no additional stiffness, 
and the displacement and damping force are out of 

phase. A large number of engineering practices 
have proved that viscous damper is a kind of energy 
dissipation device that can effectively absorb and 
dissipate seismic action and wind load [1], such as 
Huntington Building 111 in Boston, Yintai Center in 
Beijing, International Trade Center in Tianjin, Four 

646

mailto:john.doe@goodmail.com


IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Seasons Hotel in San Francisco, Millennium Plaza in 
Boston, etc. 

However, due to the small interlayer displacement 
and interlayer relative velocity of the structure 
under wind load, the application of viscous damper 
in the rigid structure system is not very good in 
energy dissipation effect [2]. The toggle brace 
viscous damper is an effective motion amplifying 
device, which can amplify the deformation of the 
damper under wind load and earthquake action, 
thus significantly improving the energy dissipation 
efficiency of the damper. 

For super tall buildings, the bending deformation 
and shear deformation of the structure are equally 
significant. In the existing formulas for calculating 
the axial deformation of the toggle viscous damper, 
the axial deformation of the damper is calculated 
by multiplying the displacement amplification 
coefficient by the horizontal relative deformation 
at both ends of the damper, which will 
overestimate the displacement amplification effect 
of the toggle viscous damper. Constantinou[3,4] 
was the first to put forward two types of viscous 
damping arrangement of upper cubit and lower 
cubit. Hwang et al. [5] proposed a new formula for 
calculating axial deformation under four 
installation forms of diagonal connection, herring, 
upper toggle and lower toggle, in which the relative 
horizontal and vertical deformations at both ends 
of the damper were taken into account. Hwang et 
al. [6] studied the toggle damping system and 
installed the device directly to the beam-column 
joint. Through shaking table test, the damping 
effect of viscous damping system with elbow joint 
is studied. Engelen et al. [7] presented the solving 
process of eigenvalues of additional viscous 
damping energy dissipation structures and derived 
the calculation formula of the optimal damping 
constant. Huang et al. [8] conducted a systematic 
study on the toggle-joint viscous damping system 
and found that the amplification efficiency of the 
displacement amplification coefficient was related 
to the geometric relationship of the length of the 
bar and the stiffness of the supporting bar. 

There is a problem that the damping force directly 
acts on the floor beam in the existing viscous 
damping system of elbow joint, which often leads 
to unsatisfied performance of the connected floor 

beam. And the displacement amplification 
coefficient of the existing toggle-joint viscous 
dampers is not stable, which affects the 
performance of vibration reduction. In order to 
solve the above problems and explore a vibration 
damping system with larger displacement 
amplification factor. In this paper, a new type of 
double-damper toggle brace device system is 
presented, and the mathematical model of 
geometric parameter optimization of double-
damper toggle brace device system is established. 
The double-damper toggle brace device system 
greatly improves the utilization efficiency of 
building space and saves the precious building 
space, and the displacement amplification 
coefficient obtained is far greater than the existing 
toggle brace viscous damping system. Finally, this 
paper takes a two-story planar steel frame 
structure as an example to verify the effectiveness 
and applicability of the proposed system. 

2 Constitutive relation of viscous 
damper 

The axial output and deformation velocity of the 
nonlinear viscous damper can be expressed as: 

( )F C v sign vα=  (1) 

F is the axial force; v  is the axial deformation 
velocity ； C is the damping coefficient ； α is 
damping exponent； ( )sign x  is a sign function。
When the damping coefficient 4000 /c N s m= ⋅ ，

the damping exponent separately take 1.0α = 、

0.7α = 、 0.5α = and 0.2α = ，the change of 
Axial force of viscous damper F and axial 
deformation velocity v  is shown in Figure 1. It can
be seen that in the picture：when 1.0α = ， The 
relationship of  viscous damping between axial 
force and deformation velocity is linear ， The 
linear viscous damper；whenα  decrease， The

area of [ ]1,1v∈ −   enclosed by the hysteretic loop
curve and the abscissa in the range increases，This 
means that the smaller the damping exponent, the 
greater the energy dissipation capacity. the 
premise is that the axial deformation velocity of 
viscous damping does not exceed 1 /m s . 
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Figure 1. Schematic diagram of constitutive 
relation of viscous damping 

3 Optimization of geometrical 
parameters of double-damper 
toggle brace device system 

The toggle viscous damper can be divided into 
three arrangement modes of upper toggle system, 
lower toggle system and reverse toggle system 
according to different geometrical structures, as 
shown in Figure 2. As can be seen from Figure 2, 
there are some disadvantages in the arrangement 
of upper, lower and reverse toggle system. First, in 
order to achieve the maximum displacement 
amplification factor, the damping rod and the 
supporting rod should form a 90 degree right Angle, 
so that the damping rod is directly connected with 
the floor beam. The damping force will act directly 
on the floor beam, which is disadvantageous to the 
design of the floor beam [2]. The second is the 
arrangement of the upper toggle system, lower 
toggle system and reverse toggle system. In order 
to achieve better vibration reduction effect, it 
needs to be arranged in more floors, occupying 
more building space. Third, in order to avoid the 
displacement amplification coefficient obtaining 
too large a value and damaging the viscous damper, 
the displacement amplification coefficient of these 
several toggle modes should not exceed 4. 

(a) upper toggle system

(b) lower toggle system

(c) reverse toggle system

Figure 2. Three arrangement modes of the toggle 
brace viscous damper system 

The double-damper toggle brace device system is 
shown in Figure 3. Its displacement amplification 
coefficient is calculated on the assumption of small 
deformation without considering the axial 
deformation of the supporting rod. 

Figure 3. Double-damper toggle brace device 
system 
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Figure 4. Simplified model of double-damper toggle brace device system 

According to the simplified model in Figure 4, the 
displacement amplification factor of the double-
damper toggle brace device system is deduced. In 
Figure 4, the hinge point moves E  from to ''E . 

2

1 2
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cos( )EEd uθ

θ θ
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+
‘’ (2) 

Deduced from the geometric relationship, the axial 
deformation DLu of the upper damper can be
expressed as: 
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Therefore, the displacement amplification factor of 
the lower damper can be expressed as: 

2 1 3
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sin sin( )
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θ θ θ
θ θ

+
= =

+


）
 (4) 

Meanwhile, the axial deformation of the upper 
damper can be expressed as: 

2
1 2 4 1 4

1 2

sin[ cos( ) sin ]
cos( )DUu d d uθ

θ θ θ
θ θ

= + = − +
+

(5
)

Therefore, the displacement amplification factor of 
the upper damper can be expressed as: 

2
4 1 4

1 2

sin cos( ) sin
cos( )

DU
U

U
f

u
θ

θ θ θ
θ θ

= = − +
+

 (6) 

When 1 3 90θ θ+ = 

, the displacement amplification 
coefficient of the lower damper reaches the 
maximum; When 1 4θ θ= , the displacement 

amplification coefficient of the upper damper 
reaches the maximum. 

Figure 5. The upgrated simplified model of double-
damper toggle brace device system 

Therefore, the simplified model of the double-
damper toggle brace device system can be further 
developed as Figure 5. The displacement 
amplification factor of the double-damper toggle 
brace device system is: 

L Uf f f= + = 2
4

1 2

2sin sin 6
cos( )

θ
θ

θ θ
+ <

+
(7) 

At this point, the displacement amplification 
coefficient of the double-damper toggle brace 

device system is only related to 2θ , and can be 

obtained by taking the derivative of 2θ : 

' 1
2

1 2

2cos
cos ( )

f θ
θ θ

=
+

(8)

Derivative is always greater than zero, so the 
displacement amplification coefficient of the 
double-damper toggle brace device system 
increases with the increase of 2θ . In addition, when, 
the displacement amplification factor reaches an 
infinite value, which means that the reverse toggle 

649



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

type system becomes a transient system, and any 
small deformation of the damper will be infinitely 
magnified and the damper will be destroyed. 
Constantinou et al. [9] suggested that the Angle 
variation of ±0.3° should be considered when 
evaluating the sensitivity of the toggle brace 
viscous damper system to the angle. 

The practical double-damper toggle brace device 
system should not cause a large change in the 
amplification factor when the Angle of the support 
bar and the damping bar changes slightly. As the 
displacement amplification factor is too large, it 
will lead to the destruction of the viscous damper. 
Therefore, it is suggested that when the change of

2θ  is ±0.3°, the change of the displacement 
amplification factor should be less than 0.2, and the 
displacement amplification factor should not 
exceed 6. 

At this point, the mathematical model of the 
double-damper toggle brace device system can be 
obtained as follows: 

2 2( ( ) ( 0.3)) 0.2abs f fθ θ− ± < (9) 

2 2
2arccos( / ) 80h l h θ+ < <  (10) 

2
4

1 2

2sin sin 6
cos( )

θ
θ

θ θ
+ <

+
(11) 

2 2( ( ) ( 0.3)) 0.2abs f fθ θ− ± < (12) 

4 Case study 
The two-story frame structure as shown in Figure 6 
is taken as a case to verify the practicability and 
effectiveness of the double-damper toggle brace 
device system proposed in this paper. 

Figure 6. Two-layer frame model 

The span length of the structure L=6m, storey 
height H=4m. The beam section size is 400×200×
8×13, the column section size is 300×300×12×
12, the beam and column are made of Q345 steel. 
The damping exponent of the viscous damper is 
zero. The sum of the live load on the beam is Q 
=41kN/m (dead load + live load /2). El Centro wave 
was adopted for the duration of 30s and time 
interval of 0.02s, as shown in Figure 7. 

Figure 7. El Centro wave acceleration history 

According to the mathematical model of the 
double-damper toggle brace device system, when 
=73.5°, the maximum displacement amplification 
factor is obtained. The layout of the double-
damper toggle brace device system is shown in 
Figure 8. 
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Figure 8. Two-layer frame arranged  with the 
double-damper toggle brace device system 

Geometric modeling  was carried out in the finite 
element analysis software to obtain the seismic 
response of horizontal absolute displacement of 
the first and second floors, as shown in Figure 9 
and Figure 10. 

By comparing the results of undamped system, the 
reverse toggle system and the double-damper 
toggle brace device system, we can find that the 
double-damper toggle brace device system has 
good energy dissipation and vibration damping 
ability, which is much superior to the reverse toggle 
system. 

Figure 9. Horizontal absolute displacement of the 
first floor 

Figure 10. Horizontal absolute displacement of the 
second floor 

5 Conclusions 
In this paper, a double-damper toggle brace device 
system is proposed, and the mathematical model 
of geometric parameter optimization of the 
double-damper toggle brace device system is 
established. The following conclusions can be 
drawn from this paper: 

(1) In order to avoid the displacement
amplification factor of the double-damper toggle
brace device system being too large, the variation
of the displacement amplification factor should be
less than 0.2 when the change is ±0.3°, and the
displacement amplification factor should not
exceed 6;

(2) The double-damper toggle brace device system
has good energy dissipation and vibration
reduction;

(3) The double-damper toggle brace device system
can simultaneously reduce the influence of building 
space and improve the damping efficiency.
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Abstract 
The main topic of paper is practical use of UHPFRC as main material for superstructure of pedestrian 
bridges. Three practical examples of real pedestrian bridges are presented – first is segmental single 
span bridge (completely made by UHPFRC segments), the second is cable stayed pedestrian bridge 
also with superstructure made by UHPFRC segments and the last one is low raised arch with external 
prestressing tendons. Information about design (material and structural analysis, details solutions 
and construction stages) are described and presented. 

Keywords: UHPFRC; pedestrian bridge; structural analysis; precast segments; cables; construction. 

1 Introduction 
UHPFRC or UHPC is a new promising high-quality 
cementitious material. Its mechanical properties 
(compressive strength 120-180 MPa, flexural 
tensile strength approximately 20-40 MPa) and 
workability make it possible to design new 
constructions of specific parameters and shapes. At 
the same time, a very high durability many times 
higher than ordinary concrete is essential for 
practical use. Methodologies were also developed 
under the leadership of the CTU in Prague to 
further expand the possibilities of designing and 
applying UHPC and UHPFRC in the Czech Republic. 

2 Segmental bridge in Pribor, 
Moravia 

2.1 Basic Information 

This relatively modern cement composite material 
was used in this case to build a footbridge designed 
as a simple supported girder with length of the 
span 35 meters and total structure length 36 

meters from UHPFRC C 110/130 with dispersed 
steel reinforcement. The general view of the bridge 
is shown in Fig. 1. The bridge is placed on the 
reinforced concrete substructure (abutments) by 
means of four cylindrical steel bearings with a 
diameter of 200 mm. The surface of the structure 
is directly walkable (without additional 
waterproofing and covering surfaces) with water 
drainage realised by cross section slope of 1.0%. 
The bridge is equipped with a railing system - 1.1 
meters high, formed by optically subtle circular 
posts with a diameter of 22 mm. These posts are 
longitudinally connected by a solid lacquered 
acacia handrail. Inside the handle is integrated 
footbridge lighting, including the necessary 
accessories. 

2.2 Structure arrangement of the bridge 

The superstructure with a depth of 800 mm is 
divided in the longitudinal direction into five 
segments with a length of 7.2 meters and a cross-
section according to Fig. 2. The slenderness ratio of 
the structure is therefore 1:44.  
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Figure 1. General view of the pedestrian bridge in Pribor 

Figure 2. Cross section 

The total width of the cross section is 2.5 meters. 
The volume (and the mass also) of concrete of the 
footbridge is reduced by twenty large polystyrene 
blocks, which reduce the consumption of UHPFRC 
material and self-weight of the footbridge. It is thus 
hidden grate structure of the beam formed by a 
system of cooperating longitudinal and transverse 
ribs. 

The precast segments are longitudinally connected 
by prestressing tendons placed in the longitudinal 
ribs of the inner grate. The system of prestressing 
tendons is, untraditionally for segmental structures, 
solved by raised cables of parabolic geometry. This 
solution has a favourable effect on the values of 
normal stresses over the length of the structure. 

Thus, due to the segmental construction 
technology, it was essential for the design to 
reliably protect the longitudinal prestressing 
system against corrosion damage. A unique 
multiple protection system for prestressing 
tendons is designed, consisting of: 

 sealing joints with epoxy sealant.

 connection of cable ducts in joints with special
Liaseal coupler (Freyssinet) – see Fig. 3.

 grouting of cable ducts.
 use of Monostrand ropes (Freyssinet) supplied 

in a protective tube.

This protection ensures trouble-free load-bearing 
capacity and serviceability and durability of the 
bridge for a design service life of 100 years. 

Figure 3. The precast segment with detail of 
coupler  

2.3 Construction process of the bridge 

For the foundation the set of micropiles is used. 
They are connected directly with foundation blocks 
and abutments.  

2.3.1 Precast segments 

The production of individual segments was carried 
out by KS PREFA concrete plant. Here, half-length 
test segments were made in advance to verify the 
design assumptions. Subsequently, five segments 
of the load-bearing structure were made at weekly 
intervals, which were transported to the 
construction site 14 days after the concreting of the 
last segment. 

The total weight of the load-bearing structure is 
approximately 88.5 tons, with the outer segments 
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weight approximately 19.5 tons and the middle 
segments weight 16.5 tons. 

Due to the directly walking surface of the bridge, it 
was necessary to perform concreting in the 
inverted position so that the finally visible surfaces 
were in contact with the formwork. The formwork 
of each segment can basically be divided into the 
bottom and side formwork, which was formed by 
Phenox concrete plywood and the formwork of the 
segment faces using steel sheets. The side and 
bottom formwork consists of simple large-format 
Phenox boards, while the edges are formed by 
rounded corner strips with a radius of 10 mm. The 
front steel sheet is a fundamentally more complex 
element, which includes shear locks in the shape of 
a flat truncated pyramid and tubular centring 
extensions for key cantering of mutually adjoining 
longitudinal prestress cable ducts. 

Figure 4. Preparation for segment casting – 
formwork, polystyrene blocks, reinforcement 

Each joint between the segments is designed as a 
normal course of the prestressing rope axis, with 
the result that each joint between the segments 
must be formed by a special front formwork plate. 
Thanks to the symmetry of the structure, it was 
possible to minimize the total number of front 
formwork sheets to 3 pieces. The shear locks in the 
front plate consist of a milled steel plate inserted 
into the surface of the plate. Its main task is to 
create teeth, the transmission of shear forces 
between the joints, however, thanks to the 
precision of casting the segments, it also serves to 
guide the segments correctly when gluing them 
together. Although from the external point of view, 
the segments look very simple, elegant, and clean 
in shape, it was necessary to incorporate many 
assembly, protection, and handling elements into 
their bowels. 

2.3.2 UHPFRC material 

The used UHPFRC mixture was developed at the 
CTU in Prague, Klokner Institute and optimized in 
cooperation with KS PREFA. UHPFRC class 
C110/130, XF4 with dispersed steel reinforcement 
in the form of steel wires was used to produce 
precast segments. The final mixture consists of 
cement, fine aggregates with a maximum size of 2 
mm, slag, micro silica, and steel microfibers 10 mm 
long. The volume fraction of fibres was 1.5%. The 
volume of water and superplasticizer was 
optimized with respect to processability. No 
additional pigment was used in the production of 
the individual segments. The mixture was 
developed as self-compacting and self-levelling. 
Due to the very good consistency of the mixture, no 
additional compaction was necessary, and all parts 
of the form were filled without any problems. Basic 
mechanical properties were tested in the 
laboratories of the CTU Klokner Institute. The 
parameters of the mixture are as follows: 

 Bulk density reached values of 2420 – 2480
kg/m3.

 Compressive strength of concrete measured
on rollers (150/300 mm) in the range 137.6 –
145.9 MPa.

 The modulus of elasticity oscillated in the
range of 47.5 – 49.6 GPa.

2.3.3 Casting 

The production was carried out continuously, in 
series. The previous concrete segment with the 
fitted front plate thus formed the formwork wall of 
the next segment. The individual concreting took 
place on Czech terms in record volumes ranging 
between 6.5 m3 for the middle and 7.7 m3 for the 
extreme segments. 

The temperature development during the 
hydration process in the extreme end cross 
member of the first and last segment was verified 
on the test segments. It is a block of concrete with 
dimensions of 1.0 × 2.5 × 0.8 meters. Concreting of 
the load-bearing structure segments took place 
early in the summer months to eliminate the effect 
of high temperatures on the evaporation of water 
from the mixture and on the development of heat 
of hydration in general. 
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After concreting each segment, a wax-based 
protective film was applied to the free surface of 
the structure by double spraying. Due to the 
development of heat of hydration during the 
solidification of the mixture, it was necessary to 
guarantee the most even and slowest cooling of 
the concrete prefabricated parts. Only in this way 
is it possible to prevent the formation of cracks 
from differential shrinkage between elements of 
different thicknesses. In this respect, the process of 
treating segments can be compared to treating 
products made of glass. The cooling of the whole 
element always took several days and for that 
reason the segments made during this time were 
covered with polystyrene boards. 

Figure 5. Bridge structure assembly 

2.3.4 Bridge structure assembly 

The footbridge was assembled in a segmented 
manner within one working day. At the 
construction site, a heavy frame of the Musk type 
was assembled in advance, consisting of a pair of 
simple beams with mounting support in the 
riverbed in the middle of the span. The floor of the 
frame consisted of a total of four rigid steel beams, 
which minimized deflection from the load of the 
precast segments. Drop wedges were also placed 
on the upper surface of the frame, which allowed 
both the precamber of the structure to eliminate 
the deflection of the frame and at the same time 
the precamber and subsequently disengagement 
of the supporting structure after its prestressing.  

The precast segments were transported to the 
construction site by a total of five trucks. To 
assemble the precast segments, a massive crane 
with a load capacity of 550 tons was assembled in 
advance at the construction site. 

The segments were fitted on a support frame in the 
direction from the left bank. Spacings of 
approximately 100 mm between the segments 
were omitted. The outermost segment S5 was 
anchored to prevent its longitudinal displacement, 
while it was also connected to the substructure by 
pre-assembled bearings. 

After assembly, the individual segments had to be 
connected to each other by sealing the joints. An 
epoxy sealant with an extended workability time of 
approximately 30 minutes was used for gluing the 
segments. The switching procedure was as follows: 

 Height adjustment of the precast part to be
connected.

 Raise the prefabricated part by approximately
1.0 m.

 Application of sealant to the precast face,
installation of the LIASEAL coupling.

 Synchronous switching of segments until
sealant extrusion.

 Clearing the joint and moving the platoon to
the next segment.

To seal the joint, it is necessary to monitor the 
gradual extrusion of the epoxy sealant around the 
perimeter of the cross-section during the gluing of 
the segments.  

The epoxy sealant used for gluing prefabricated 
parts is very viscous and tends to resist the 
switching force on larger areas. After cleaning the 
joint with technical alcohol, it was then possible to 
continue with the next connected segment. 
Freyssinet company was the supplier of the 
prestressing system. The prestressing system of the 
bridge consists of three cables running inside the 
bridge in a geometry of parabolic arch with a rise of 
400 millimetres. Each cable consists of 17 tendons 
(Ø15.7 mm – St 1640/1860) with a protective 
plastic layer preventing the ropes from meeting the 
corrosive medium. 

The cables are routed in standard 95/100 mm 
diameter corrugated steel ducts. These ducts are 
connected in individual joints with special LiaSeal 
95/155 mm cable couplers. It is a plastic product 
offered by Freyssinet consisting of three basic parts 
– a pair of sockets and an inserted seal. Prior to
concreting, the pair of sockets is fitted to the ends
of the cable ducts, which are completed with an
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inserted seal before the epoxy sealant is applied. 
The connection of both sockets then occurs when 
the segments are connected by a mutual “click”, 
during which it is necessary to overcome the slight 
resistance of the coupling. 

The ropes were tensioned unilaterally with an 
anchoring tension of 1440 MPa approximately one 
week after the segments were glued together. The 
next day after prestressing, the ducts were injected 
with cement mortar. The injection tube was placed 
at the lowest point of the prestressing parabola, 
leading to the lower surface of the bridge.  

3 Pedestrian bridge in Luzec over 
Vltava river 

3.1 Introduction 

The aim of the project for a new road for 
pedestrians and cyclists including a bridge over the 
Vltava was to build a new connection between 
Lužec on the left bank and Bukol on the right bank. 
The existing ferry was replaced, creating a 24-hour 
connection for the needs of local pedestrians, 
cyclists (the footbridge is located on the Eurovelo 7 
long-distance cycle route) and, if necessary, for the 
passage of IZS and Vltava River Basin vehicles 
weighing up to 3.5 t. 

3.2 Superstructure 

The superstructure consists of monolithic end 
crossbars at the end abutments O1 and O3 and a 
total of 33 prefabricated segments (31 standard 
length segments and 2 shortened segments). The 
segments were made of UHPC, the declared 

strength class based on the structural performance 
requirement of the structure is C 110/130. 

Figure 6. Typical cross section 

Theoretically the bridge has two spans, the 
individual spans are asymmetrical and have lengths 
of 99.18 m and 31.9 m. The superstructure is fixed 
only at the location of the abutments O1 and O3. In 
the case of the O1 abutment, the support structure 
is placed on a pair of longitudinally sliding bearings, 
while in the case of the O3 abutment it is rigidly 
connected. This design solution allowed the 
elimination of expansion joints bearings at this 
location. The structural height is variable from 750 
mm to 500 mm at the abutment O1 area. Normal 
segments are with a constant height of 500 mm, 
which are monolithically connected to the casting 
in situ part over abutment O3. At the point of the 
frame corner, the height of the abutment 
cantilever is increased from the segment’s depth 
from 500 mm to 1000 mm at the theoretical 
insertion point.  

Figure 7. Overall view of the bridge
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The total width of the segments is 4.5 m and the 
length of a typical segment is 3.998 m. The 
superstructure consists of 31 typical segments and 
2 atypical segments. The outermost atypical 
segments are formed by splitting the typical 
segment in the middle of its length. The atypical 
segments have a length of 1,998 m. The width of 
the extreme beams of the segment is 400 mm at 
the narrowest point. The beams widen in height 
towards the axis of the segment to 500 mm and 
through a linear ramp into the segment plate, 
which is 60 mm thick. The transverse ribs, which 
are at 1/4 of the segment length and 3/4 of the 
segment length (or 1/2 of the segment length for 
atypical segments), extend continuously axially 
from 200 mm to 400 mm in height and pass 
through a linear ramp into the upper segment plate. 
A 10 mm deep “collar” is formed on the segment 
faces. A perimeter seal was inserted between the 
segments and the joint formed by the collar was 
subsequently filled with a monolithic high-strength 
filling material. The top surface of the segments has 
zero slope in both longitudinal and transverse 
directions. The longitudinal slope of the entire 
bridge is defined by a polygon course that replaces 
the actual course of the level. 

The individual segments were connected by a pair 
of VSL 32 mm tension rods during the cursory 
assembly. After the assembly was completed, the 
final external longitudinal prestressing of the 
bridge deck was carried out using a pair of cables 
consisting of 19 15.7 mm cables placed in PE 
sleeves. The protectors are placed in segments in 
defined grommets routed through the transverse 
ribs. At both ends of the support structure, the 
tensioning cables pass through the end monolithic 
crossbars, on the faces of which they are 
subsequently anchored. The tensioning of the 
longitudinal prestressing cables was finally 
unilateral from abutment O3. the entire external 
longitudinal prestressing system is designed to 
allow for its eventual complete replacement during 
the life of the structure. 

Figure 8. Prestressing tendons situated under the 
bridge deck 

3.3 Hangers 

A total of 17 pairs of hangers are designed on the 
bridge – 16 pairs serve directly to support the 
bridge deck, one pair of hangers is designed to 
anchor the entire structure to the abutment O3, 
which ensures the global stability of the entire 
bridge given the significant disproportion of the 
lengths of the main and end spans. A Redaelli 
suspension system (including end caps), type FLC – 
„Full locked coil strands“ was used. A total of 4 
diameters of supporting cables were used – FLC 32 
for all main span hangers and for the first 2 pairs 
(from the pylon direction) of the second span, FLC 
36 for the third pair of second span hangers, FLC 60 
for the fourth pair of second span hangers and FLC 
64 for the main stabilising hangers anchored to the 
O3 end abutment. The distribution of the hangers 
was based on a detailed structural analysis of the 
bridge performance during construction and 
throughout its service life. It respects the natural 
flow of forces on the structure and the stiffness 
distribution requirements. The shape of the hinge 
anchoring fixtures on the pylon and in the 
segments is designed based on the Radaelli 
anchoring system used, the given diameter of the 
hanger and its inclination. The activation 
(tensioning) of the hangers was realized in their 
lower level – from the bridge deck, on the pylon 
passive anchoring is designed without the 
possibility of rectification. The anchoring elements 
in selected segments of the bridge deck are made 
of the main contact plate of 40 mm thickness. This 
contact plate is provided with holes for the 
concrete placement, holes for the passage of the 
concrete reinforcement of the segments and holes 
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for fixing during the concrete placement. The holes 
for fixing during concreting are designed in a 180 
mm grid and have been designed to accommodate 
the M24 mounting bolt. The hanger is connected to 
the main contact sheet by a pin connection. To 
define the width of the main plate as required by 
the manufacturer, demarcation rings are designed. 
The heel plate and vertical stiffeners are involved 
in the transmission of the vertical and horizontal 
forces acting on the anchorage. The vertical 
stiffeners transfer the horizontal effects, and the 
heel plate transfers the vertical load effects. The 
vertical stiffeners are designed in 20 mm thick 
metal plate. The number and location of these 
stiffeners is determined by the magnitude of the 
forces applied. The whole system of anchoring the 
hinges in the segments has been designed so that 
it is not a weak point of the whole system. 

3.4 Construction process 

The 40-metre-high steel pylon was produced in 
bridge works and transported to the construction 
site in parts approximately 20 metres long. At the 
construction site, the pieces were welded together. 
Then two cranes erected the pylon. 

The classic method of construction over the banks 
was used – which means placing segments on 
scaffolding. The 17 pairs of stay cables were 
attached to the pylon from the assembly platform 
in groups, in 4 steps altogether. We followed the 
free cantilever method, and we used an installation 
traveller, which was 16 metres long, to construct 
the main span over the river. While we attached 
the 8 m long rear part of the traveller to the 
finished structure, we always seated 2 segments on 
the front part of the traveller. One step of 
constructing the bridge deck lasted two days, and 
we built 8 metres of the deck during that period. To 
take another step, we moved the traveller 8 metres 
forward. At each step, the front of the installation 
traveller was temporarily attached to the pylon by 
a pair of assembly cables, which was deactivated as 
soon as the pair of permanent cables attached to 
the bridge deck segment was activated. We fitted 
adjustable stools on the installation traveller to 
allow for precise vertical and horizontal positioning 
of each segment.  

Figure 9. Construction process of the bridge 

Spatial joints of 25 mm thickness emerged between 
the segments, and we filled them with high 
strength fast setting compound. In the longitudinal 
direction, the segments were successively fastened 
together with O 32 mm pre-tensioning bars, then 
pre-tensioned when the filling material in the joints 
hardened. Thus, we built in 9 steps 72 metres of the 
bridge deck above the flowing water. In the end, 
we tensioned and grouted the external longitudinal 
pre-tensioning cables. That represents 19 cable 
pairs of 133 metres in length. Pressure reserve in 
the joints is thus sufficient during all loading 
situations, and the bridge deck stiffness increased. 

4 Pedestrian bridge over the River 
Labe in Hradec Kralove 

4.1 Introduction 

The new pedestrian bridge in Hradec Kralove was 
designed to connect the centre of the city to the 
developing area around the congress centre. The 
growth of the area was accelerated by the project 
of the newly built ČSOB offices, and the aim of the 
bridge is to support the further development.  

On both banks of the Elbe River run bicycle paths, 
which provide the access to the area. The main aim 
of the bridge is to redirect the cyclists and the 
pedestrians from the nearby bridge on the ring 
road and to facilitate the transfer between both 
parts of the city. The construction of the pedestrian 
bridge shall also provide a desirable access to the 
ČSOB offices. 
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Figure 10. Visualisation of the bridge 

The structure of the bridge is divided into two 
asymmetrical spans, the main span across the river 
reaching almost up to 69 m. The main bearing 
elements are two full locked coil cables of 130 mm 
in diameter installed in an optimised shape, giving 
the structure the desired structural integrity. The 
bridge deck is made of lightened precast UHPFRC 
elements, through which four unbonded 
prestressing cables pass. The bridge deck and the 
bearing cables are connected by slim steel 
crossbars. In the abutment area the UHPFRC are 
substituted with steel crossmembers. The 
substructure is designed in a distinctive way to 
match the modern appearance of the bridge deck. 

4.2 Superstructure 

4.2.1 UHPFRC segments 

The bridge deck is formed by 39 precast lightened 
UHPFRC segments of the length of 2,4 m. The cross-

section of the segments is created by a very thin 
slab with two longitudinal beams and two cross 
beams (walls) which increase global stiffness of the 
element. 

Figure 11. UHPFRC Segments 

The space in joints between segments will be filled 
with epoxy resin. The character of the structure 
sets very high requirements for the quality of the 
concrete surfaces.  The walked-on surface will have 
a periodical anti-slip pattern provided by the matrix 
inserted in the formwork, however the demands 
on the rest of the surfaces are not much lower. The 
whole segment meets the requirements for the 
fair-faced concrete, it is smooth without bigger 
blisters and the color of each member is almost 
uniform. 

4.3 Construction 

During the assembly of the superstructure the 
bridge will be supported by combination of heavy 
scaffolding and light duty scaffolding.   

Figure 12. General view of construction site
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The assembly method shall proceed in following 
steps. Firstly, the ropes are installed, then the steel 
ribs are mounted. Subsequently, the UHPFRC 
segments are installed one by one, by the gantry 
crane with balance beam. The segments are 
imported to the left bank, where it is possible to 
plan the storage area. During the segment 
installation the geometry of the bridge will be 
continuously rectified. After the segments’ 
assembly, the space between them is filled with 
epoxy resin. Later the unbonded cables and then 
bearing cables are tensioned. 

Figure 13. Finished pier 

5 Conclusions 
The implementation of the footbridge confirms the 
possibilities of UHPFRC to create aesthetically and 
structurally unique construction works. Modern 
structures use the ultra-high-performance 
concrete (UHPC) ever more often thanks to the 
unique properties of this material. Material with a 
high strength and long life enables us to design very 
slim structures without the need to insulate their 
surface. On the other hand, to produce structural 
elements requires precise/meticulous adherence 
to the methods and procedures. 
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Abstract 
Pumping is the most commonly used construction method for modern concrete transportation 
and pouring. This paper summarizes the theoretical and experimental research results on the flow 
behavior characteristics and pumpability prediction of pumped concrete. The formation 
mechanism of lubrication layer based on shear induced particle migration theory is introduced, 
and the distribution of concrete shear rate and flow rate in the pipeline is analysed. This paper 
discussed three prediction methods of concrete pumpability, including empirical judgment, coil 
test and pumping resistance calculation. Thus, the cognition of concrete pumping process can be 
improved and reference for engineering and technical personnel in pumping construction can also 
be provided. 

Keywords: concrete; pumping; lubrication layer; velocity distribution; pumpability. 

1 Introduction 
Pumping has gradually become the main 
construction method of modern concrete 
transportation and pouring since the first use of 
pumping in the United States in the 1930s. 
According to statistics[1], in 2020, the output of 
ready mixed concrete in China has reached 2.94 
billion m3, and most of the ready mixed concrete 
is transported and poured by pumping. Pumping 
technology directly affects the quality of concrete 
construction. At the same time, with the 

development of Chinese construction industry, 
lightweight, long-span and other construction 
objectives require concrete to have high strength 
and high constructability, which puts forward new 
requirements for pumping technology. For 
example, Guangzhou Chow Tai Fook financial 
center project requires that C80 high-strength 
concrete be pumped into the 530m high shear 
wall[2], and the complex double-layer rigid steel 
plate shear wall requires that the concrete has low 
shrinkage and self-leveling characteristics. 
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The difficulties of concrete pumping technology lie 
in the high cost of full-scale test, the difficult 
observation of concrete flow behavior in pump 
pipe, the lack of theoretical model of multiphase 
composition of fresh concrete and so on. Under 
the pressure, the concrete moves axially along the 
pump pipe. It is important to understand the 
material division and rate division of concrete 
flowing in the pipeline to master the 
characteristics of concrete flow behavior.  

This paper summarizes the flow behavior 
characteristics of concrete in the pump pipe and 
the prediction methods of concrete pumpability, 
so as to improve the cognition of concrete 
pumping process and provide reference for 
engineers and technicians. 

2 Formation mechanism of 
lubrication layer 

Concrete is a kind of heterogeneous composite 
material. Under the action of pumping pressure, 
the concrete moves forward in the pipeline. 
Weber[3] observed that there is a layer of cement-
based material between the inner wall of the 
pipeline and the concrete body, which is different 
from the central part of the pipeline. This layer of 
cement-based material is called lubricating layer. 
A large number of subsequent studies have 
proved the existence of this lubricating layer[4- 7]. 

As for the formation mechanism of lubricating 
layer, there are three mainstream hypotheses: 
shear induced particle migration[8], bleeding[9] and 
sidewall effect[ 10], among which shear induced 
particle migration is widely accepted. Shear 
induced particle migration was first proposed by 
Phillips et al. [ 11 ] to describe the relationship 
between viscosity and local particle density and 
particle migration and diffusion in a suspension 
composed of single size particle Newtonian fluid. 
The main content is that in the high shear density 
region, the intensification of particle collision will 
drive the particles to migrate away and enter the 
surrounding region (Fig. 1 (a)). After particle 
migration, the viscosity of its surrounding area will 
rise, which inhibits this continuous migration 
effect (Fig. 1 (b)). In this way, the particle collision 
frequency reaches equilibrium in the region of 
high shear and high viscosity. 

Fig. 1 Schematic of shear-induced particles 
migration[12] 

3 Pumpability prediction 
Pumpability prediction is very important for 
engineering field technicians and concrete 
production technicians. By understanding the 
pumping performance of concrete, the technicians 
on site can judge the pumpability of concrete and 
o select appropriate pumping equipment, process
and parameters to reduce the construction period
delay and economic loss caused by pump blockage.
In order to make the concrete meet the
requirements of specific working conditions, the
technicians can adjust the workability of concrete
by changing the mix proportion and admixture,
which improves the construction efficiency and
quality. Prediction of pumpability mainly includes
empirical judgment method, coil test method and
pump pressure calculation method.

3.1 Slump 

Slump and expansion of slump are two most 
commonly used indicators to describe the flow 
degree of concrete. In standard JGJ / T 10-2011 
technical specification for concrete pumping 
construction, there are specific requirements for 
concrete slump required for pumping height 
under different working conditions, as shown in 
Table 1. 
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Table 1 Relationship between slump and pumping height 

Maximum pumping height(m) 50 100 200 400 >400

Slump(mm) 100-140 150-180 190-220 230-260 - 

Slump flow(mm) - - - 450-590 600-740

3.2 Flow time 

The Slump-flow time (T500) is commonly used to 
describe the concrete flow velocity, and its 
specific meaning is the time from the lifting of 
concrete slump to the concrete expansion of 
500mm. The emptying time of inverted slump 
cylinder (hereinafter referred to as pouring time) 
can be used to describe the flow rate of high-
strength concrete, and its specific meaning is the 
time from lifting the inverted concrete slump 
cylinder to emptying the concrete in the cylinder. 

In the standard JGJ/T 283-2012, although the T500 
is described, there are no clear index 
requirements for T500 under pumping conditions. 
Technicians often use T500 index to evaluate the 
viscosity of concrete and then judge the 
pumpability of concrete. 

The standard JGJ/T 281-2012 describes the 
pouring time index, and gives the pouring time 
control index for pumping high strength concrete 
mixture. It is recommended that the pouring time 
be within 5 ~ 20s. 

3.3 Coil test 

The most direct way to judge the pumpability of 
concrete is to test it through the actual pumping 
test. Before some ultra-high and ultra-far pumping 
construction, technicians will use coil test to 
actually test whether the concrete workability can 
meet the pumping requirements under special 
working conditions. However, coil test often 
requires a lot of equipment, materials and human 
resources. 

3.4 Pumping resistance calculation 

According to the rheological properties of 
concrete, the pumping resistance is calculated in 
combination with the size of pump pipe, pipeline 
layout and pumping distance. The method to 

judge the pumpability of concrete by comparing 
the pumping resistance with the maximum 
pumping pressure of pumping equipment is called 
pumping resistance calculation. If the pumping 
resistance is greater than the maximum pump 
pressure of the pump, it cannot be pumped; 
otherwise, it can be pumped. The authors’ team 
has studied the concrete pumpability by adding 
ultrafine powder like nanoclay, nano-CaCO3 and 
microsized marble powder [13]. The results show 
that the thickness of lubrication layer is about 1-
2mm, besides, the marble powder largely reduces 
the viscosity of lubrication layer as well as the 
pumping resistance. 

4 Summary 
Understanding and mastering concrete pumping is 
a complex and systematic work of designing and 
construction technology, equipment model, 
material performance and other knowledge and 
skills. Based on the review and discussion of this 
paper, the following conclusions can be 
summarized: 

(1) During concrete pumping, a lubricating layer
will be formed between the concrete body and
the pipe wall, which is conducive to the smooth
pumping of concrete. Shear induced particle
migration is the main mechanism of lubrication
layer formation.

(2) According to different concrete properties and
pumping processes, there are two flow conditions:
domestic plug flow and viscous flow; and the
theoretical calculation of the pipeline’s velocity
distribution.

(3) There are three methods to predict the
pumpability of concrete: empirical judgment, coil
test and pump resistance calculation. Empirical
judgment is common and subjective, coil test is
direct and costly, pump resistance calculation is
economical and the process is complex.
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(4) At present, the theoretical model can only
calculate the linear pumping and assumes that the
concrete does not segregate. The interaction
between the pumping process and concrete
material migration is not clear. It is urgent to carry

out in-depth theoretical and experimental 
research and make full use of computer 
computing power to reveal the whole process 
behavior of concrete pumping. 
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Abstract 
In order to investigate the cracking behavior of curved steel-concrete composite mechanical 
behavior under a hogging moment, two composite box girders with a central angle of 9º were 
designed and tested under static loads. In the reported test program, the CCB-1 was designed with 
steel fiber reinforced concrete (SFRC) slab and shear studs. In contrast, the CCB-2 was designed with 
Engineered Cementitious Composites (ECC) and Uplift-Restricted and Slip-Permitted (URSP) 
connectors for enhanced crack resistance. The load-displacement curve, strength and displacement 
ductility, failure mode, and strain distribution were reported in detail. For the test small curvature 
beams loaded under the hogging moment, the flexural critical failure mode was observed for both 
specimens, which was governed by compressive yielding of the top steel plate and tensile yielding 
of the concrete slab. The URSP connectors effectively reduce the stiffness of the interface slip of 
composite girders, enhance the interface slip capacity, and reduce the crack width of concrete 
compared with traditional shear studs.   

Keywords: Curved composite beam; steel fiber reinforced concrete; Engineered Cementitious 
Composites; Uplift-Restricted Slip-Permitted connector. 

1 Introduction 
The steel-concrete composite beam combines the 
steel beam and the concrete slab through shear 
connectors. The compressive strength of concrete 
and tensile strength of the steel plate can be fully 
achieved in composite beams. Therefore, the 
composite beams have been widely adopted in 
many large-scale complex composite structures 
and ultra-high-rise buildings with reduced self-
weight and enhanced mechanical performance. 
Significant experimental and finite element (FE) 
simulation has been reported in the existing 
literatureto investigate the mechanical 
performance of composite beams as well as 
concrete beams [1-4]. Recently, in order to reduce 
the concrete cracking in the continuous composite 

beam, Nie et al. [5] proposed Uplift-Restricted and 
Slip-Permitted (URSP) connectors. The URSP 
connectors were composed of traditional shear 
studs and low-elastic modulus material. In order to 
further verify the cracking resistance behavior of 
URSP connectors, a significant experimental study 
has been conducted. These tests include hysteretic 
shear test and pull-out tests [6], two hogging 
moment tests on steel truss-concrete composite 
beams [7-8], three continuous composite beams 
[9], suspension bridge tests [10], and a series of FE 
simulation of composite frame [11]. Existing test 
and simulation results showed that the application 
of URSP connectors at the hogging moment region 
of the composite beams significantly reduced the 
cracking behavior of composite beams. In addition, 
the URSP connectors have been widely adopted in 
many bridges in China, including the Tianjin Haihe 
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River Jizhao Bridge and the China Highway 
Shenzhen Xingwei-Huangtian U-turn Bridge. The 
engineering applications showed notably 
enhanced cracking resistance compared to 
traditional composite beams. 

In addition, the Engineered Cementitious 
Composites (ECC) was developed to achieve tensile 
strain-hardening behavior [12]. The application of 
ECC has shown notably enhanced ultimate tensile 
strain exceeding 4% and ultimate strength 
exceeding 4 MPa. The research result also found 
that the crack opening stabilized after rapid growth 
at the initial stage, reaching a steady-state 
maximum crack width of under 100 με. Because of 
the crack resistance at the material level, the ECC 
has excellent potential to be extended to steel-
concrete composite beams. However, there has 
been a dearth of the steel-ECC composite beam 
connected with URSP connectors, and the cracking 
performance and global behavior of the innovative 
composite beam have not been reported in the 
literature. 

In response to the limit of existing research, this 
study conducts experimental research on steel-ECC 
composite beam with URSP connectors. The 
prototype bridge is a prefabricated continuous 
composite box girder with a 50 m span length. 
Based on the design results, the continuous 
composite box girder is vulnerable to cracking 
under a combination of service load, temperature 
load, and shrinkage. Therefore, this research aims 
to solve the difficult problem of concrete slab 
cracking. The project improves the anti-crack 
property of concrete deck by adopting new type 
connectors, high-performance composite 
materials, and optimizing the construction process. 

2 Experimental Program 

2.1 Specimen design 

In this research, two small-curvature double-box 
composite beams were designed based on the 
Chinese code [13] and tested. The specimen CCB-1 
consists of steel fiber concrete with traditional 
shear studs, while the specimen CCB-2 was 
composed of ECC and URSP connectors. Fig. 1 
shows the schematic plot of the test specimens, 
and Fig. 2 shows the design details of these two 
beams. As shown in Fig. 1 and Fig. 2, the specimens 
were composed of a curved steel beam and 
concrete slab connected by shear connectors. As 
shown in Fig. 2, the test specimens were inverted 
to apply a hogging moment. The design of 
specimen CCB-1 and CCB-2 only differed in terms of 
concrete material choice and shear connectors, 
while the other parameters were the same for CCB-
1 and CCB-2. The centerline of curved beams was a 
round circular curve with a radius of 35015 mm, a 
central angle of 9°, and an arc length of 5700 mm. 
The steel beam consists of top flange plate, bottom 
flange plate, steel web, longitudinal stiffeners at 
the flange plates, diaphragms, and local stiffeners. 
The longitudinal ribs of the circular curve were also 
applied at the top and bottom flange plate. For the 
intersection between the diaphragms and the 
longitudinal ribs, the diaphragms were perforated, 
and the longitudinal ribs were continuous. The 
steel box girder of 452 mm width and 300 mm 
height were applied. The top flange plate was 640 
mm in width and 8 mm in thickness. The bottom 
flange plate was 600 mm in width and 12 mm in 
thickness. A total of 5 diaphragms were applied at 
equal spacing, as shown in Fig. 1.   

C40 steel fiber concrete
Traditional shear studs 22

10

10
40

d=22

d=10

(a) specimen CCB-1 (b) shear stud
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Uplift-restricted and slip 
permitted (URSP) 

connectors

ECC

EVA foam

15

10 10 10

10
30

104010

d=40

d=1
0

(c) specimen CCB-2 (d) Uplift-restricted and slip
permitted (URSP) connector

Fig. 1 Schematic plot of test specimen CCB-1 and CCB-2 (in units of mm) 
The design of stiffeners is reported as follows. As 
shown in Fig. 2, two rows of longitudinal 
stiffeners were welded along the full length of 
the top and bottom flanges of each steel box. 
The design of shear connectors is as follows. For 
the connection between the top flange plate and 
the concrete slab, a total of 980 shear 
connectors were welded in 70 rows. For the 
connection between the diaphragm and the 
concrete slab, a total of 20 shear connectors 
were welded on each diaphragm. The shear 
studs for specimen CCB-1 were 10 mm in 
diameter and 50 mm in height. The URSP 
connector was 10 mm in diameter and 40 mm in 
height. The Ethylene-Vinyl Acetate (EVA) foam of 
10 mm in thickness was applied for the URSP 
connector. The design of reinforcing bars in the 
concrete slab is as follows. The concrete slab was 
2000 mm in width and 60 mm in thickness, a 

total of 12 longitudinal rebars of 16 mm 
diameter were applied at 100 mm spacing. A 
total of 36 transverse rebars of 12 mm diameter 
were applied between every two rows of shear 
connectors in the transverse direction. The 
welding details of test specimens are as follows. 
The twin fillet weld was adopted for connecting 
steel plates in the girder. 

For CCB-2, The steel structure parts of 
specimens were welded in the factory and were 
subsequently transported to the laboratory. 
Subsequently, the shear connectors were welded to 
the steel flange plate, and formworks were erected. 
The EVA foam was applied to the shear connectors 
to form the URSP connector. The reinforcing bars 
were applied above the steel flange plate, and 
concrete was poured and cured indoor before 
testing. 

σ=9°, R=35835mm, L=5633.2mm
D

D
σ=9°, R=34195mm, L=5367.1mm

(a) Plan view of CCB-1 and CCB-2

668



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

1001395.31395.31395.31395.3100

32
0

60

5781.2

100+69×80.887+100=5781.2

Shear studs D10@50 for CCB-1
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(d) Cross-section C-C
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(e) Cross-section D-D
Fig. 2 Details of test specimen CCB-1 and CCB-2 (in units of mm) 

2.2 Material propertie 

The concrete slab of specimen CCB-1 adopted SFRC 
with a design cubic strength of 40 MPa, and the 
SFRC was manufactured by mixing milled steel fiber 
into C40 grade commercial concrete (design 
compressive strength of 40 MPa) with a volumetric 
ratio of 0.77%. The concrete slab of specimen CCB-
2 was made of low-shrinkage ECC with increased 
tensile strength, tension strain hardening behavior, 
and enhanced construction workability. Both the 
polyvinyl alcohol (PVA) fiber and steel fiber were 
adopted for manufacturing ECC in specimen CCB-2. 
For the ECC in specimen CCB-2, the cement is low 
shrinkage composite cement, and the sand is 
quartz sand with sand fineness ranging from 100 to 
200 meshes. The mass ratio between composite 

cement, water, and sand is 1.00:0.35:0.20 for both 
the SFRC in specimen CCB-1 and the ECC in 
specimen CCB-2. 

The developed ECC material exhibits excellent 
mechanical performance under axial tension 
loading. In addition, the ECC material also shows 
multi-point cracking and strain hardening property 
after initial material cracking. The critical points of 
the uniaxial tensile test are also listed in Table 1. In 
Table 1, the cracking strength was defined as the 
end of the linear part in the ascending branch in the 
stress-strain curve. In order to ensure the safety of 
ECC material in design practice, and considering 
the crack width, the ultimate tensile strength is 
defined as tensile strength when the tensile strain 
reaches 1.5%. If ECC reached its maximum strength 
before 1.5% tensile strain, the maximum tensile 
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stress was defined as tensile strength, and the 
corresponding strain is defined as the ultimate 
tensile strain. As shown in Table 1, the hybrid 
reinforcing system in the developed ECC material 
had cracking strength of 3.29 MPa, an ultimate 

tensile strength of 4.40 MPa, and an ultimate strain 
of 1.77%. Therefore, the ECC material with 
enhanced ductility and tensile strength was 
developed for specimen CCB-2 in this research. 

Table 1 Uniaxial tensile test result of ECC coupon 

Age Cracking 
strength/MPa 

Mean 
value 

Tensile 
strength/MPa 

Mean 
value 

Ultimate 
tensile 

strain/% 

Mean 
value/% 

28d 
3.40 

3.29 
4.30 

4.4 
1.30 

1.77 3.58 4.73 2.70 
2.90 4.17 1.32 

For each concrete slab, three concrete cubes of 100 
mm were prepared for cube compressive strength 
fcu, three concrete prisms of 100×100×400 mm 
were cast for flexural strength, and two concrete 
prisms of 100×100×300 mm were cast for prism 
compressive strength and Young’s modulus. The 
concrete coupons were cast and cured under the 
same conditions of the test specimens and tested 
on the same day of loading. The test material 

properties of concrete coupons are as shown in 
Table 2. In Table 2, the 150 mm cube compressive 
strength fcu was calculated by subdividing 100 mm 
cube compressive strength fcu100 by 1.05, as 
recommended by Guo [14]. As shown in Table 2, 
the developed ECC in specimen CCB-2 had 
significantly improved tensile strength and flexural 
strength compared to the SFRC in CCB-1.

Table 2 Material property of concrete coupons (in units of MPa and mm) 

Specimen 
number 

100 mm Cube 
compressive 

strength fcu100/MPa 

150 mm Cube 
compressive 

strength fcu/MPa 
Flexural 

strength/MPa 
Uniaxial tensile 
strength ft/MPa 

Young’s 
modulus 
Ec/MPa 

CCB-1 52.3 49.8 6.1 2.5 28501 
CCB-2 76.6 73.0 15.5 4.4 23800 

The steel strength grades of steel beams have 
a strength grade of Q345QE (nominal yield strength 
of 345 MPa). The longitudinal and transverse 
rebars of 16 mm diameter have a strength grade of 
HRB400 (nominal yield strength of 400 MPa). Three 

uniaxial tensile tests were conducted for each steel 
plate thickness and rebar, and the average result is 
shown in Table 3. The shear studs in both 
specimens had the ultimate tensile strength of 480 
MPa as per Chinese code [13].

Table 3 Material property of steel plates and rebar coupons (in units of MPa and mm) 

Grade Thickness or 
diameter Yield strength fys Ultimate strength fus fus/fys Elongation ratio 

Q345qE 6 mm plate 363.7 509.2 1.40 0.303 
Q345qE 8 mm plate 356.4 499.0 1.40 0.310 
Q345qE 12 mm plate 351.1 484.7 1.38 0.325 
HRB400 16 mm rebar 411.0 476.8 1.16 0.250 
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2.3 Test setup 

Fig. 3 shows the test setup for the composite 
beams. The concentrated loads were applied by an 
electro-hydraulic servo loading system with a 
capacity of 300 t, and a distributing beam with 
adequate stiffness was applied between the 
vertical actuator the steel beam. The distributing 
beam transfers the concentrated vertical load to 
two steel beams with approximately the same 
vertical loads. As shown in Fig. 3 the simply 
supported boundary condition was applied for 
each specimen. Two sliding supports were applied 
on one side, and two fixed supports were applied 
on the other side of four steel piers. The friction 
was eliminated in the sliding supports, and the 
rotation constraint was released at both sliding 
supports and the fixed supports. Therefore, the 
simply supported boundary condition was 
guaranteed for each specimen throughout the 
loading history. 

Fig. 3 Boundary condition and installation of 
the test specimen 

The static loading test method was adopted in this 
test. Inverted composite beams were destroyed 
under a hogging moment by applying concentrated 
force on the mid-span of them. The stepwise 
loading method was adopted in the test, and the 
vertical load of each stage was 50 kN with a loading 
rate of 1.0 kN/s. The yield load was estimated 
before loading, and the loading was converted to 
displacement control after reaching the yield 
load.Test measurement  

The test data at each measuring point is 
automatically collected and recorded by the data 
collecting system during the test process. The load-
displacement curve is drawn in real-time as the 
basis for the test control. During the test process, 
the deformation of structures, cracking behavior of 

concrete slab, buckling behavior of steel plate, and 
damage location were recorded manually.  

3 Test Result 

3.1 Load-displacement curve and strength 
and displacement capacity 

The flexural failure was observed for both 
specimens in the test. Fig. 4 shows the comparison 
of load-displacement curves of mid-span sections 
between two specimens, and Fig. 5 shows the 
comparison of interface slip between concrete and 
steel beam of two specimens. As shown in Fig. 4, 
the specimen CCB-1 had an ultimate capacity of 
1092.5 kN, while the specimen CCB-2 had an 
ultimate capacity of 1160.2 kN. The difference in 
ultimate capacity was insignificant. The reason for 
the slight difference in ultimate capacity is 
concluded as follows. In the present test, both 
specimens reached the flexural failure capacity, 
which was primarily contributed by the tensile 
capacity in the RC slab and the flexural capacity in 
the steel beam. For both specimens, the reinforcing 
bars contributed to the majority of the ultimate 
tensile capacity in the RC slab. Therefore, the 
difference between the ultimate capacity was 
insignificant. The interface slip between the steel 
beam and the concrete slab at 1/4-span section 
was measured, as shown in Fig. 5. The interface slip 
between the steel beam and the concrete slab was 
lower than 0.5mm throughout the loading history 
for specimen CCB-1. For specimen CCB-2, however, 
the interface slip increased rapidly after reaching 
the yield load of 999.8 kN. When the test was 
stopped at mid-span deflection of 90 mm, the 
interface slip reached 5.4 mm. The test result 
showed that the steel-ECC composite beam with 
URSP connectors had notable interface slip 
capacity under hogging moment. In comparison, 
the traditional composite beam with shear studs 
showed limited interface slip throughout the 
loading history. 
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Fig. 5 Comparison of the load-interface slip curve 
between specimens 

The yield load, ultimate load, and 
displacement ductility are illustrated in Table 4. 
The yield displacement was obtained by the 
graphical method recommended by Han and Li [15]. 
As shown in Table 4, the ductility ratio of specimen 
CCB-1 and CCB-2 was 1.76 and 2.30, respectively. 
Therefore, the specimen CCB-2 had significantly 
enhanced displacement ductility compared to 
specimen CCB-1, which is attributed to the 
interface slip behavior of the URSP connector. 

Table 4 Yield load and capacity of test specimens 

Specimen 
number 

Yield load 
Py/kN 

Yield 
Displacement 

Δy/mm 

Peak 
load 

Pu/kN 

Peak 
displacement 
Δmax/mm 

Pu/Py Δu/Δy 

CCB-1 914.42 30.62 1092.51 53.74 1.19 1.76 
CCB-2 999.8 37.92 1160.2 87.4 1.16 2.30 

3.2 Test observation and failure mode 

The specimen CCB-1 cracked at a vertical load 
of 50 kN, while the specimen CCB-2 cracked at a 
vertical load of 100 kN. The crack width of 
specimen CCB-2 was significantly lower than that of 
specimen CCB-1 throughout the loading history. 
Besides, the cracking load of CCB-2 was also 
notably higher than that of CCB-1. The enhanced 
crack-resistant behavior of specimen CCB-2 was 
attributed to the following two reasons. First, the 
specimen CCB-2 adopted ECC for the concrete slab, 
which had higher tensile strength, flexural strength, 
and tensile strain-hardening behavior compared to 
the SFRC in specimen CCB-1. Second, the crack-
resistant behavior of the URSP connector in the 

hogging moment region also reduced the crack 
width of specimen CCB-2 notably. As 
recommended by Nie et al. [6], the URSP connector 
released the cracking strain by introducing an initial 
gap between the shear studs and concrete at the 
service load. Under ultimate load, however, the 
gap between the shear studs and concrete was 
closed, and the ultimate flexural capacity of the 
composite member under the hogging moment 
was maintained. Besides, the crack width at the 
inner side of the specimen was notably higher than 
that of the outer side of the specimen, which was 
attributed to the transverse moment and torque 
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induced by the design initial curvature of the 
composite beams. 

Fig. 6 and Fig. 7 show the strain distribution at 
the mid-span section of specimen CCB-1 and CCB-
2, respectively. The vertical position of 0 denotes 
the top surface of concrete slab, while the vertical 
position of 380 mm denotes the bottom flange 
plate. For both Fig. 6 and Fig. 7, the axial strain was 
recorded by a total of 5 strain gauges applied to the 
steel beam and one strain gauge applied to the top 
surface of the concrete slab. As shown in Fig. 6 and 
Fig. 7, the strain at the inner side of the specimen 
was developed more rapidly than the strain at the 
outer side due to combined transverse bending 
moment and torque. As shown in Fig. 6, the axial 
strain distribution was approximately linear with 
respect to the vertical position, which conforms to 
the assumption that the plane section remains 

plane. Because the shear studs were applied for 
specimen CCB-1, the strain of the rebars in 
concrete slab was slightly higher than that of the 
steel flange plate. Besides, due to the local buckling 
and fracture of welding between the web and 
flange plate, the strain rapidly increased at 0.8 
times the ultimate capacity (Pu). As shown in Fig. 7, 
for specimen CCB-2, the strain of the rebars in 
concrete slab was slightly lower than that of steel 
flange plate when the test load was less than 0.6Pu. 
However, when the test load reached 0.8 Pu, the 
strain of the rebars in concrete slab was slightly 
higher than that of the steel flange plate. This result 
indicates the gap between the shear connector and 
concrete was closed at 0.8 Pu, and the assumption 
that the plane section remains plane can be applied 
before reaching the ultimate load in specimen CCB-
2. 
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4 Conclusions 
This paper conducted static loading tests of 

two curved composite box girders with different 
types of concrete and shear connectors. The 
specimen CCB-1 adopted SFRC slab and shear studs, 
while the specimen CCB-2 adopted ECC slab and 
URSP studs to reduce the crack width of the 
concrete slab. This research reported the load-
displacement relationship, the failure modes, 
cracking behavior, and strain measuring results. 
The following three conclusions can be drawn: 

(1) Compared with SFRC, the ECC material
notably reduce the crack width of the composite 
beam in hogging moment regions, and contributes 
to the ductility and ultimate capacity of the 
composite beam. 

(2) The local buckling of webs of composite
steel beams was not observed before reaching the 
ultimate load. For the test small curvature beams 
loaded under the hogging moment, the flexural 
critical failure mode was observed for both 
specimens, which was governed by compressive 
yielding of the top steel plate and tensile yielding 
of the concrete slab. 

(3) The URSP connectors effectively reduce
the stiffness of the interface slip of composite 
girders, enhance the interface slip capacity, and 
reduce the crack width of concrete compared with 
traditional shear studs. 
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Abstract 
Grouted connection (GC) is an important part of the offshore wind turbine (OWT) support structure. 
There are a lot of axial compression tests of GCs. But in order to thoroughly study the effects of 
different parameters on GCs, it is necessary to carry out the numerical study with the finite element 
method (FEM). In this study, the local models of GC were established by using the FE software 
ABAQUS. The numerical results were verified by the experimental results. A parametric study was 
carried out to investigate the influence of grout thickness, lateral compressive stress, shear key 
spacing, and the number of shear keys. The study shows that increasing the lateral pressure and the 
number of shear keys can significantly improve the bearing capacity. While increasing the grout 
thickness within a certain range will reduce the bearing capacity. And increasing the shear key 
spacing within a certain range will improve the bearing capacity.  

Keywords: grouted connection; axial bearing capacity; finite element simulation; parameter 
analysis. 

1 Introduction 
Wind energy has a huge scope of utilization and 
value utilization. The connection is an important 
part of the OWT support structure. Because of its 
many advantages, a large number of OWT support 
structures are currently connected by grouting. 

There were many experimental studies on the axial 
load capacity of the GCs. The experiments can be 
divided into scaled-down experiments and local 
experiments. Due to the large size of the OWTs, it 
is difficult to conduct prototype experiments. So, 
the scaled-down experiments were widely used. 
Billington[1][2] conducted about 60 static load 
loading experiments of scaled-down models based 
on five factors. Lamport[3][4] conducted six sets of 
scaled-down experiments to study the effect of 

four factors. Since the scale-down experiments 
have many limitations in the process of physical 
reduction, they cannot simulate the real force 
states of large diameter OWTs, so local 
experimental studies are needed. Under the 
premise of large pile diameter, the local 
equivalence of the circular tube can be a flat plate, 
which can be directly simplified to a double shear 
experiment of flat plates by symmetry. Wang et 
al.[5] used this model for the test. 

In addition to experiments, many scholars have 
carried out FE simulation studies. Two typical 
models are still used for the establishment of the 
FE model. Wang et al.[6] used the flat plate double 
shear model to develop FE analysis of GCs. Chen et 
al.[7] used FE analysis to investigate the 
compression-bending performance of the GCs. 
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With the trend of large-scale OWTs, there are many 
problems in scaled-down models. More attention 
needs to be paid to the study of local models. The 
purpose of this paper is to conduct a numerical 
study of the local model of the GCs based on 
existing test results. Section 2 presents the local 
experiments of the GCs used in this numerical 
study. Section 3 describes the FE modeling 
procedure. Section 4 verifies the FE model by 
comparing the results of the existing flat plate tests 
of the GCs. Section 5 carries out a parametric study 
to investigate the effects of different factors on the 
bearing capacity of GCs and reveal the force 
transmission mode and damage mechanism of GCs. 
Finally, the conclusions of this paper are 
summarized in Section 6. 

2 Introduction of experimental test 
In this study, the numerical model was validated 
using local model experiment results[8]. Specimen 
B-25-4 from the test was used for validation, and
the geometry of the specimen is shown in Figure 1.

Figure 1. The geometry of the specimen 

The material properties data of the steel and grout 
were measured in the test and recorded in Table 1 
and Table 2, respectively. 

Table 1. Steel material properties table 

Description 
Yield 

strength 
[MPa] 

Ultimate 
Strength 

[MPa] 

Modulus 
of 

elasticity 
[MPa] 

Steel plates 
on both sides 421.7 556.2 1.96×105 

The middle 
steel plate 420.8 555.5 2.00×105 

Table 2. Grout material properties table 

Modulus of 
elasticity 

[MPa] 

Compressive 
strength 

[MPa] 

Tensile 
strength 

[MPa] 

Poisson's 
ratio 

4.90×104 68.4 4.6 0.2 

3 FE modeling of the local model 
In this section, the FE modeling process of the local 
model of the GCs under axial load is described in 
detail. The software is ABAQUS. The nonlinear FE 
model of the GCs is established based on the 
concrete damage plastic (CDP) model, considering 
both material and geometric nonlinearity. And the 
force performance is calculated numerically. 

3.1 Model geometry and meshing 

In the FE model, the steel plate of the flat plate 
specimen was modeled separately from the grout. 
The size of the model was the same as that of the 
specimen used in the test. 

C3D8R elements were used for both the steel 
plates and the grout. In the height and width 
directions, both grout and steel plates were divided 
into intervals of about 10 mm. In the thickness 
direction, the grout was divided into 6 layers, and 
the steel plates were uniformly divided into 4 
layers. To improve the calculation accuracy, the 
mesh near the shear keys needs to be refined. The 
mesh is shown in Figure 2. 
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Figure 2. Meshed connection and discretization 

In the test, the shape of the shear keys is semi-
circular. If the semi-circular shear keys are directly 
used for modeling, the mesh will be prone to 
distortion. Therefore, the semi-circular shear keys 
were simplified to trapezoidal shear keys of the 
same area.  

3.2 Material modeling 

The steel material properties data were obtained 
by coupon tests. The stress-strain curve of the steel 
was modeled as a classical bilinear steel plasticity 
model. Von Mises yield criterion and kinematic 
hardening rule were used for the steel in ABAQUS. 

The material properties of the grout were based on 
the actual measured values. Based on the material 
properties, the grout can be considered high-
strength concrete, so we can use the CDP model to 
simulate the grout. The parameters of the model 
are shown in Table 3.1. The uniaxial compressive 
stress-strain curve of the grouted material is 
described by using Guo’s model[9], and the uniaxial 
tensile stress-strain relationship is described by 
using the fracture energy. 

Table 3. CDP parameters 

Dilation 
angle 
φ 
[°] 

Eccentricity 
λ 

Strength 
ratio 

fb0 / fc0 
Kc Viscosity

ν 

38 0.1 0.7 1.16 0.001 

3.3 Contacts 

When building the FE model, it is necessary to 
define the normal direction contact and tangential 
direction contact between the grout and the steel 
plates. Hard contact was set in the normal direction. 
In the tangential direction, the unbonded Coulomb 
friction model was selected. For the value of the 
interfacial friction coefficient μ, Lotsberg[10] 
believed that it should be 0.7 for the test specimens 
and 0.4 for the actual engineering member. 
However, when Nikolaos[11] and Wang[6] performed 
FE simulation analysis on the test specimens, they 
all took μ = 0.4 for safety reasons. In this study, a 
sensitivity analysis of μ was carried out. It was 
found that the ultimate bearing capacity of the FE 
model with μ = 0.7 was increased by about 10% 
compared with that of μ = 0.4. The effect of 
changing μ on the ultimate bearing capacity of the 
model is relatively small. Considering the defects in 
the fabrication of the test specimens and the micro 
eccentricity during loading, it was decided to take 
μ = 0.4 for safety. 

3.4 Boundary conditions and constraints 

The boundary conditions and constraints of the 
model were referred to the test, shown in Figure 3. 
In the FE model, a reference point was set at the 
top of the model, and a coupling constraint was 
formed between the reference point and the top 
surface of the model to control the vertical 
displacement of the top surface of the model (dx = 
dz = 0, rx = ry = rz = 0). The vertical constraint (dy = 
0) was applied to the bottom of the model to
ensure that no vertical displacements occurred at
the bottom of the model. The top reference point
of the model was equivalent to the vertical
displacement loading point in the test. When
applying loads to the model, a uniform
compressive stress p was first applied to the lateral
steel plate, and then a uniformly increasing vertical
displacement was applied at the reference point.
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Figure 3. Boundary conditions and constraints 

4 FE model validation 
In this section, the simulation of the flat plate 
double shear test[8] was performed. The FE 
simulation results were compared with the test 
results to verify the correctness of the FE models. 
The validation focused on the failure mode, 
ultimate bearing capacity, and longitudinal strain. 

4.1 Failure mode 

The failure modes of specimen B-25-4 and the FE 
model are shown in Figure 4. It can be found that 
the failure mode of the test specimen and the 
failure mode obtained from the FE simulation are 
very close. The difference is that the failure mode 
simulated by the FE is completely symmetric, while 
the failure mode of the test specimen is not 
completely symmetric. The reason is that the FE 
simulation is an ideal condition, while the test is 
different. Incomplete symmetry of the specimen 
itself as well as the loading device can lead to 
asymmetry in the failure mode of the specimen. 
Therefore, it is acceptable that there is a certain 
difference between the failure mode of the test 
and the FE simulation. 

Figure 4. Comparison of final damage modes 

4.2 Ultimate bearing capacity 

The axial bearing capacity of the test specimen is 
332.3kN, and that of the FE simulation is 364.0kN. 
The difference is 9.5%, which is within the 
acceptable error range. The reason is that the grout 
in the third pair of shear key positions on the right 
side of the test specimen was not damaged, but the 
grout between the shear keys of the FE simulation 
was damaged completely, which made the test 
bearing capacity relatively low. Therefore, it can be 
considered that the ultimate bearing capacity 
coincides well. 

4.3 Longitudinal strain 

The test data recorded the strain of the strain 
gauges at five locations for axial loads of 50kN, 
100kN, 150kN, and 200kN. The top of the middle 
steel plate of the specimen is recorded at 0mm, 
downward in the positive direction. The strains at 
the same points under the same load were 
extracted from the FE simulation results and 
plotted in Figure 5.  
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Figure 5. Comparison of longitudinal strain 

It can be seen that a large strain difference only 
occurs in one position. In the rest of the positions, 
the strain is within the acceptable difference, and 
the variation trend is also consistent. The strain at 
this position in the test data was very small. A 
rough calculation based on the stress-strain 
relationship shows that this is not in line with the 
actual situation. The reason for this phenomenon is 
that the position is very close to the indenter during 
the test, and the indenter interferes with the 
measurement of the strain gauge, resulting in a 
large deviation of the actual measurement results 
at this position. Therefore, it is reasonable to have 
a large deviation in this position. 

In summary, the FE simulation results are in good 
agreement with the experimental results. The FE 
model can simulate the experimental situation well. 

5 Parametric analysis 
In this section, parametric analysis was carried out 
on the basis of the correct FE model. The influence 
of four parameters was focused on, which were 
grout thickness, lateral compressive stress, shear 
key spacing, and the number of shear keys. The 
main points of interest were bearing capacity and 
failure modes. 

5.1 Parameter settings 

Four parameters were set for the FE model: grout 
thickness tg, lateral compressive stress p, shear key 
spacing s, and the number of shear keys n. All FE 

models were based on the standard specimen B-
25-4. Keeping the width, thickness, and length of
the steel plates and the length of the grout
unchanged, all other parameters were changed as
the object of study. The range of grouting thickness
was set from 10mm to 100mm. Every two groups
got an interval of 15mm, totaling 7 groups. The
range of lateral compressive stress was set from
2MPa to 10MPa. Every two groups got an interval
of 2MPa, totaling 5 groups. The range of shear key
spacing was set from 10mm to 80mm. Every two
groups got an interval of 10mm, totaling 8 groups.
To study the effect of the number of shear keys, 2
pairs and 4 pairs of shear keys can be added based
on the specimen with shear key spacing s = 30mm
and shear key pairs n = 3.

5.2 Grout thickness 

The load-displacement curves of the GCs with 
different grout thicknesses are shown in Figure 6. 
The ultimate bearing capacity of each GC is 
364.5kN, 364kN, 361kN, 339.3kN, 312.1kN, 
289.1kN, and 267.4kN, respectively, as shown in 
Figure 7. From Figure 7, it can be seen that the 
ultimate bearing capacity of the GCs hardly 
changes when the grout thickness increases from 
10 mm to 40 mm. And when the grout thickness 
increases from 40mm to 100mm, the ultimate 
bearing capacity of the GCs decreases significantly 
and decreases almost linearly with the increase of 
grout thickness. From Figure 6, it can be seen that 
the bearing capacity of each curve increases rapidly 
in the rising branch, while it decreases slowly in the 
falling branch, showing a better ductility. The five 
load-displacement curves with grout thicknesses of 
40mm~100mm have a more similar form of change. 
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Figure 6. Load-displacement curves of GCs with 
different grout thicknesses 

Figure 7. Ultimate bearing capacity of GCs with 
different grout thicknesses 

Figure 8 shows the grout damage of each GC. It can 
be seen that when the grout thickness is 10mm and 
25mm, the grout damage mainly develops along 
the diagonal connection line of every pair of shear 

keys, forming a diagonal compression struts system. 
When the grout thickness increases to 40 mm, the 
grout damage changes to develop mainly between 
every two pairs of shear keys. Since the damage 
mode changed, the form of the load-displacement 
curve changed from 55 mm. With the further 
increase of grout thickness, the grout main damage 
area gradually moves upward and the grout at the 
bottom of the GC becomes debonded. When the 
grout thickness increases to 100mm, the grout is 
only damaged above the middle. The lower grout 
has almost no damage except for partial crushing 
near the shear keys, but the debonding 
phenomenon at the lower part is the most serious. 
As the grout damage area moves up, the lower 
grout fails to form an effective diagonal 
compression struts system. The grout damage is 
incomplete and fails to make full use of the bearing 
capacity of the whole section of the grout. 
Therefore, when the grout thickness exceeds 
40mm, the bearing capacity of GCs will be reduced 
by increasing the grout thickness. 

Figure 8. Damage of grout at different grout thicknesses: (a) tg = 10mm, (b) tg = 25mm, (c) tg = 40mm, 

(d) tg = 55mm, (e) tg = 70mm, (f) tg = 85mm, (g) tg = 100mm；

5.3 Lateral compressive stress 

The load-displacement curves of GCs with different 
lateral compressive stresses are shown in Figure 9. 
The ultimate bearing capacity of each GC is 
296.7kN, 364.0kN, 426.9kN, 478.6kN, and 505.7kN, 
respectively, as shown in Figure 10. From Figure 10, 
it can be seen that the bearing capacity of the GCs 
is significantly increased with the lateral 
compressive stress increases. And the bearing 

capacity increases linearly in the process of lateral 
compressive stress raising from 2MPa to 8MPa. 
Then the increase of the bearing capacity is slightly 
flatter than before. In Figure 9, each curve has a 
long and gentle declining section, which indicates 
that all of them are ductile damage. Among the five 
curves, the four curves from 2MPa to 8MPa have 
the same trend. The descending segment of the 
10MPa curve is gentler, which proves that it has 
better ductility. It can be concluded that increasing 
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the lateral compressive stress can significantly 
improve the axial bearing capacity of the GCs. But 
when the lateral compressive stress is big, further 
increasing the lateral compressive stress does not 
help to improve the bearing capacity as 
significantly as increasing the lateral compressive 
stress at a small level of lateral compressive stress. 

Figure 9. Load-displacement curves of GCs with 
different lateral compressive stresses 

Figure 10. Ultimate bearing capacity of GCs with 
different lateral compressive stresses 

Figure 11 shows the grout damage of each GC. The 
grout damage of the five models is very similar, and 
the damage all develops mainly along the diagonal 
connection line of every pair of shear keys, forming 
a diagonal compression struts system. This proves 
that the change of lateral compressive stresses 
does not change the failure mode of GCs.  

Figure 11. Damage of grout under different lateral 
compressive stresses: (a) p = 2MPa, (b) p = 4MPa, 

(c) p = 6MPa, (d) p = 8MPa, (e) p = 10MPa

5.4 Shear key spacing 

The load-displacement curves of GCs with different 
shear key spacing are shown in Figure 12. The 
ultimate bearing capacity of each GC is 199.0kN, 
245.5kN, 296.9kN, 336.8kN, 352.7kN, 365.5kN, 
363.7kN, and 367.4kN, respectively, as shown in 
Figure 13. Figure 13 shows that when the shear key 
spacing is less than 40mm, the bearing capacity 
increases almost linearly with the increase of the 
shear key spacing. Over 40mm, the bearing 
capacity increases slowly. When the shear key 
spacing exceeds 60mm, the effect of increasing the 
shear key spacing on the bearing capacity is not 
obvious. In Figure 12, the curves of s ≤ 40mm have 
basically the same trend, and the curves of s ≥ 
50mm overlap to a high degree. These coincide 
with the 2 turning points of the curve in Figure 13. 
Each curve in Figure 12 shows good ductility. In 
summary, the increase of shear key spacing within 
a certain range can significantly improve the 
bearing capacity of GCs. But when the shear key 
spacing increases to a certain degree, the change 
of shear key spacing has almost no effect on the 
bearing capacity. 
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Figure 12. Load-displacement curves of GCs with 
different shear key spacing 

Figure 13. Ultimate bearing capacity of GCs with 
different shear key spacing 

Figure 14 shows the grout damage of each GC. 
When the shear key spacing is small (s = 10 mm), 
the grout damage develops mainly along the 
diagonal connection line of every three pairs of 
shear keys. When the shear key spacing is 
moderate (s = 20mm to 40mm), the grout damage 
develops mainly along the diagonal connection line 
of every two pairs of shear keys. When the shear 
key spacing is large (s = 50mm to 80mm), grout 
damage mainly along the diagonal connection line 
of every pair of shear keys. They all form a force 
transmission system of diagonal compression 
struts. The difference is that the force is 
transmitted between which pair of shear keys. The 
above grout damage situation proves that the 
change in shear key spacing can directly change the 
failure modes of the GCs. This also explains why the 
carrying capacity shows a “double fold line” growth 
pattern.

Figure 14. Damage of grout with different shear key spacing: (a) s = 10mm；(b) s = 20mm；(c) s = 30mm；
(d) s = 40mm；(e) s = 50mm；(f) s = 60mm；(g) s = 70mm；(h) s = 80mm
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5.5 number of shear keys 

Figure 15. Load-displacement curves of GCs with 
different number of shear keys 

Figure 16. Ultimate bearing capacity of GCs with 
different number of shear keys 

The load-displacement curves of GCs with the 
different numbers of shear keys are shown in 
Figure 15. The ultimate bearing capacity of each GC 
is 296.9kN, 423.8kN, and 517.3kN, respectively, as 
shown in Figure 16. Figure 16 shows that the 
bearing capacity increases almost linearly. 
Increasing the number of shear keys can 
significantly increase the bearing capacity of the 
GCs. Figure 15 shows that the load-displacement 
curves of the three models have the same trend. 

Figure 17. Damage of grout with different number 
of shear keys: (a) n = 3, (b) n = 5, (c) n = 7 

Figure 17 shows the grout damage of each GC. The 
failure mode of the GCs does not change by 
increasing the number of shear keys. The 
difference in the number of shear keys only leads 
to a difference in the number of diagonal 
compression struts. It is due to the identical failure 
mode that the load-displacement curves of each 
GC show an identical trend, reflecting only the 
difference in numerical magnitude. Since each 
diagonal compression strut provides essentially 
equal bearing capacity, the ultimate bearing 
capacity rises almost linearly.  

6 Conclusions 
In this paper, FE models are established for the 
equivalent flat plate model of GCs, and the 
numerical analysis results of this paper show that: 

(1) The failure mode, ultimate bearing capacity,
and longitudinal strain distribution obtained from
the FE model are in good agreement with the test
results. The method can reflect the actual situation
of the GCs under axial load more accurately and
can be applied to the analysis of actual projects.

(2) The effects of four parameters on the axial
bearing capacity of the GCs were studied. The
ultimate bearing capacity is significantly increased
by increasing the lateral compressive stress or the
number of shear keys. When the grout thickness is
small, the change of grout thickness has no
significant effect on the ultimate bearing capacity.
And when the grout thickness is large, the increase
of grout thickness will reduce the ultimate bearing
capacity. When the shear key spacing is not large,
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the increase in shear key spacing will increase the 
ultimate bearing capacity. When the shear key 
spacing is large, the effect is not obvious. 

(3) The force mechanism of GCs is to form a system
consisting of multiple diagonal compression struts.
The changes in lateral compressive stress and the
number of shear keys will not change the failure
mode of GCs, but the changes in grout thickness
and shear key spacing will change the failure mode
of GCs. Specifically, when grout thickness and shear 
key spacing are changed, grout damage will
develop along the diagonal connection line of
different pairs of shear keys.
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Abstract 
Reactive powder concrete (RPC) has been widely used due to its high tensile and compressive 
strength and excellent durability. However, the failure mechanism of RPC local pressure is still 
unclear. Therefore, reasonable structural dimensions of the finite element model (FEM) and the 
relevant parameters of the RPC were selected to deeply explore the local pressure of the RPC under 
the local loading. The FEM of the axial local compression of the RPC with different constitutive 
models was built. The whole nonlinear analysis process of the local pressure of RPC was completed, 
and the failure mode, stress distribution, and maximum plastic principal strain of the specimen were 
analyzed. The model shows that the local pressure performance of RPC is improved due to the 
increase of ultimate tensile strength, the local pressure failure mode of RPC conforms to the wedge 
split theory, and the orthogonal ties can uniformly distribute the pressure stresses. 

Keywords: Reactive powder concrete (RPC); finite element model (FEM); local pressure; constitutive 
models. 

1 Introduction 
Reactive powder concrete (RPC) [1] is a new type 
of cement-based composite material. Compared 
with  Ordinary Concrete, RPC has been widely used 
in high-rise structures, nuclear reactor waste 
storage containers, long-span bridges, and other 
practical projects [2].RPC has significantly 
improved mechanical properties and durability [3, 
4]. For bridge engineering [5], the improvement of 
compressive strength [6] and bending strength of 
RPC can effectively reduce the size of the structure 
under the same bearing capacity, thereby 
significantly improving the spanning capacity of the 
bridge structure itself. However, when the RPC is 

combined with the prestressed structures, it can 
achieve a smaller cross-sectional size than the 
conventional prestressed concrete structural 
members [7]; it also makes the local pressure 
problem of the RPC structural members under the 
post-tensioned prestressed anchors more difficult, 
prominent, and complicated. The applied force on 
the steel strands will be transferred to the concrete 
through the bearing plate. The pressure 
transmitted by the bearing plate will cause vertical 
compression inside the concrete. In addition, due 
to the relatively concentrated pressure area of the 
bearing plate, the high compressive stress will 
cause lateral expansion inside the concrete. 
However, this local lateral expansion will be 
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constrained by the outer layer of concrete. 
Therefore, due to the mutual influence of various 
deformations and constraints, the stress and 
deformation of the concrete in the anchorage area 
are highly complex. 

The effects of transverse shear forces on the stress 
and strain distributions of rectangular post-
tensioned concrete anchorage blocks were 
investigated, and results showed that the 
maximum bursting stress occurred longitudinally 
between 0.3𝑏𝑏 and 0.5𝑏𝑏(𝑏𝑏= cross-section width) [8]. 
Toutlemonde et al. [9] conducted an experiment to 
study the exploitation of UHPC in PSC structures, 
and the results verified the possibility of reducing 
the amount of steel. Oliva and Okumus [10] studied 
the causes and ways of controlling cracking using 
the finite element method with ABAQUS software.  

Researchers [11] had systematically studied the 
local pressure performance and compression 
mechanism of ordinary concrete [12, 13], including 
influencing factors, failure mechanism, calculation 
methods, etc., and put forward the theory of hoop 
strengthening, wedge split theory, tension, and 
compression rod truss model, etc. However, there 
is no clear understanding of the failure mechanism 
of reinforced RPC due to local pressure. Therefore, 
it is essential to study the failure mode of RPC, 
which it could serve as a guide for analyzing 
structural performance.  

2 Specimen design 
According to Saint-Venant's principle, the exact 
distribution of a load is not important far away 
from the loaded region, as long as the resultants of 
the load are correct. Therefore, the pressure can be 
considered uniformly distributed in the region far 
from the bearing plate. At the same time, 
considering an appropriate height-to-width ratio 
𝑏𝑏/ℎ of the test specimen is beneficial for reducing 
the friction between the testing machine and the 
contact surface of the test specimen. Two 
specimens were modeled. The modeled specimens 
are prisms with an aspect ratio of 2.0 and a size of 
200 mm × 200 mm × 400 mm. A duct of 50 mm 
diameter is reserved in the center of the specimen 
section to simulate a prestressed duct [14]; other 
parameters are shown in table 1. 

Table 1 RPC elastic parameter 

No. 𝒂𝒂/mm 𝒍𝒍𝐜𝐜𝐜𝐜𝐜𝐜/mm 𝑷𝑷𝒗𝒗% 
SR1 100 115 5,83 
SR2 100 125 5,37 

Since 𝑎𝑎 is the bearing plate width, 𝑙𝑙cor is the size of 
the inner edge of the reinforced orthogonal ties, 𝑃𝑃𝑣𝑣 
Is the reinforcement ratio for orthogonal ties. 

2.1 Orthogonal ties material model 

The orthogonal ties adopt an HRB335 steel bar with 
a diameter of 10 mm. The stress-strain constitutive 
relationship of the orthogonal ties is carried out 
using an ideal elastic-plastic model. The adopted 
mechanical properties in the simulation are shown 
in Table 2. 

Table 2 parameter of reinforcement 

Density 
(kg.m3) 

Modulus 
of 

elasticity 
/(106PA) 

Poisons 
ratio 

Yield 
strength 
/(108PA) 

7800 200 0.3 4,08 

2.2 Concrete material model 

ABAQUS has powerful nonlinear analysis 
capabilities, providing the development of four 
kinds of concrete constitutive models: concrete 
diffused crack model, mixed concrete model, 
concrete damage plastic model, and concrete crack 
model. The concrete damage plastic model has 
good convergence, and it can be used for 
monotonic, cyclic, and dynamic loading. Therefore, 
this paper will document the literature [14] on the 
RPC axial compression tests and create a 
constitutive relation that will be used in the 
damage plastic model to define the behaviour of 
FEM for analysis and calculation. The tension 
relationship of RPC adopts a double-line model. 
The test results of the paper provide the 
mechanical performance parameters of RPC, and 
the elastic parameters, are shown in Table 3. 

Table 3 RPC elastic parameter 

Density 
/(kg.m3) 

Modulus of 
elasticity 
(104Mpa) 

Poisson’s 
ratio 

2310 3,789 0,2 
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2.3 RPC constitutive model 

2.3.1 Ma's Model: 

According to the uniaxial pressure stress-strain 
curve constitutive model given in the literature[15], 
The main formula is shown in Eqn.1. 

y = �
𝑎𝑎𝑎𝑎 + (5 − 4𝑎𝑎)𝑎𝑎4 + (3𝑎𝑎 − 4)𝑎𝑎5

𝑥𝑥
𝑏𝑏(𝑥𝑥−1)2+𝑥𝑥

（1） 

here: 𝑎𝑎 = 𝜀𝜀/𝜀𝜀𝑝𝑝𝑝𝑝 , 𝑦𝑦 = σ/𝜎𝜎𝑝𝑝𝑝𝑝 , 1,1 ≤ 𝑎𝑎 ≤ 1,4 , 6 ≤
𝑏𝑏 ≤ 10,𝜎𝜎𝑝𝑝𝑝𝑝—is the peak stress corresponding to 
the stress-strain curve of the constitutive 
model; 𝜀𝜀𝑝𝑝𝑝𝑝 —is the strain at the peak stress 
corresponding to the stress-strain curve of the 
constitutive model: this paper takes 𝑎𝑎 = 1,18, 𝑏𝑏 =
6. The constitutive compression relationship of the
RPC specimens in this test is given. The
compression and the tensile peak stress and
corresponding strain of each group of specimens
are shown in Table 4, and the compression and the
tensile stress-strain curve of each group of
specimens are shown in Figure 1.

Table 4 RPC Specimen compression and tensile 
peak stress and strain 

No. 𝛔𝛔𝒑𝒑𝒑𝒑𝒄𝒄 𝑴𝑴𝑷𝑷𝑴𝑴 𝛆𝛆𝒑𝒑𝒑𝒑𝒄𝒄  𝛔𝛔𝒑𝒑𝒑𝒑𝒕𝒕 𝑴𝑴𝑷𝑷𝑴𝑴 𝛆𝛆𝒑𝒑𝒑𝒑𝒕𝒕  
SCR1 135,5 0.003576 9,7 0,000256 

Additional material parameters in the damage-
plasticity model in FEA: Density  𝑃𝑃 =23,1 kg/m3, 
Elastic modulus E=37890 MPa (is the initial slope of 
the stress-strain curve); Poisson's ratio μ =0,19, 
Other damage plastic model parameters are shown 
in Table 5. 

2.3.2 Shan's Model: 

Many uniaxial loading tests were carried out on the 
RPC test blocks. The experimental data and 
theoretical analysis were combined to fit RPC's 
uniaxial compressive stress-strain relationship 
curve [16-18]. The main formula is shown in Eqn.2. 

y = �
𝑎𝑎𝑎𝑎 + (6 − 5𝑎𝑎)𝑎𝑎5 + (4𝑎𝑎 − 5)𝑎𝑎6

𝑥𝑥
𝑏𝑏(𝑥𝑥−1)2+𝑥𝑥

（2） 

where = σ𝑐𝑐/𝑓𝑓𝑐𝑐 ,  σ𝑐𝑐  is the stress of the concrete 
under compression,  𝑓𝑓𝑐𝑐  is the axial compressive 
strength of the prism, 𝑦𝑦 = σ𝑐𝑐/σ0, σ𝑐𝑐 is the strain 
of concrete under compression,  σ0 is the peak 

compressive strain of concrete; This paper 
takes 𝑎𝑎 = 1,177, 𝑏𝑏 = 2,41 . 
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Figure 1. （b） RPC Tensile stress-strain curve 

Table 5 Damage Plastic Model Parameters 

𝝍𝝍/ (°) ∅ 𝐟𝐟𝐛𝐛𝐛𝐛/𝐟𝐟𝐜𝐜𝐛𝐛 𝐊𝐊𝒄𝒄 𝛍𝛍 
30 0,1 1,16 0,6667 0,0005 

𝜓𝜓 is (Dilation Angle); ∅ is eccentricity; fb0/fc0 is the 
ratio of biaxial pressure strength to uniaxial 
pressure ultimate strength ( fb0/fc0 ): K𝑐𝑐 Is the 
constant stress ratio, which is the ratio of the 
second stress invariant on the tensile meridian 
plane to the compression meridian plane: μ is the 
viscosity parameter. 

3 Finite element model 
In the FEM analysis, the plastic damage model uses 
a combination of non-correlated multi-hardening 
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plasticity and isotropic damage elasticity to 
describe the irrecoverable damage during concrete 
crushing. The plastic damage model assumes that 
the elastic behavior of the material is isotropic, 
homogeneous, and linear. The mechanical 
behavior of the damaged plastic part of concrete in 
uniaxial tension and compression is described by 
damage plasticity. The concrete damage plasticity 
model has good convergence and can be used for 
monotonic, cyclic, and dynamic loading. Therefore, 
in this paper, the plastic damage model is selected 
to simulate the process of deformation and failure 
of RPC specimens under the action of local loads. 

In order to verify the rationality of the above theory, 
different constitutive models will be used. The 
finite element software ABAQUS was used to 
analyze the literature [19], and reinforced 
orthogonal ties restrained RPC anchorage zone 
block. Figure 2 shows the geometric dimensions 
and reinforcement diagram of the test model. 
b × h=200 mm × 400 mm, the block length is 200 
mm, and the longitudinal bars are HRB335 steel 
bars.  

Figure 2 Dimensions of specimens 

The element type of the concrete part is a three-
dimensional hexahedron, an 8-node reduction 
element (C3D8R), and the size of the model meshes 
was 10 mm; The element type of the steel bearing 
plate is a three-dimensional hexahedron, an 8-
node reduced element (C3D8R), and the size of the 
model mesh was 5 mm. The orthogonal ties part 
element model adopts a three-dimensional truss, 
2-node linear element (T3D2), which is different
from the concrete part model, and the mesh size of
the model was 5 mm. The model mesh is shown in
Figure 3. The assembly assembled the steel bearing 
plate, the concrete part, and the interaction

function module, then embedded the orthogonal 
ties frame into the concrete model through the 
EMBEDDED command so that the orthogonal ties 
frame and the concrete form contact force. 

Figure 3. SCR1 Concrete model meshing 

3.1 Model Boundaries 

In order to extract the relevant data such as the 
load-displacement curve of the model in the post-
processing of the model more conveniently, the 
reference points RP1 and RP2 were established on 
the top and bottom of the specimen, respectively, 
during the pre-processing and modelling of the 
FEM. Coupling is performed on the top surface of 
the steel bearing plate, and the RP2 reference point 
is coupled with the bottom surface of the concrete 
part of the model. 

The boundary of the FEM is based on the actual 
situation, simulating the vertical restraint of the 
bottom surface of the test specimens and the 
frictional force between the two. Therefore, the 
RP2 reference point needs to be flattened in three 
directions in the FEM to constrain the kinematic 
degrees of freedom and the torsion about the y-
axis of the specimen.  

3.2 Model Loading 

The model is loaded using displacement control 
loading by applying strong force to the RP1 
reference point. The specimen is loaded by 
controlling the displacement. The displacement 
loading value of the RP1 reference point is taken as 
5 mm, and the incremental step is set to 500 in the 
analysis module STEP. 
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4 Model Results 

4.1 Principal stress analysis 

Figure 4 shows the deformation of the RPC 
concrete FEM and the Von Mises stress nephogram 
of the specimen under the ultimate local pressure 
load. The results showed that when the local 
pressure is transmitted to the section away from 
the loading end b (the width of the cross-section of 
the specimen), the longitudinal pressure stress can 
be uniformly distributed, which is consistent with 
the Saint-Venant principle, the expansion, and 
transverse tensile stress will occur. This stress 
conforms to the theory of wedge splitting. Under 
local pressure, significant stress will be generated 
around the bearing plate, mainly because the 
wedge-shaped body under the bearing plate is 
gradually formed, making it in a multi-axial in the 
compressed state, the stress is concentrated. 

Figure 4 SCR1 Concrete model meshing 

In order to gain a deeper understanding of the 
stress mechanism of RPC specimens under the 
action of local loads, this paper establishes the 
FEM P1 for the local pressure of the reserved 
channel axis based on the constitutive model 
relationship of the RPC obtained from the test. 
The local pressure ultimate bearing capacity of 
the model P1 is 1868 KN. For the entire stress 
process of the P1 model, the maximum plastic 
principal strain (Max. Principal) of its vertical 
section is extracted. 

(a)F=952 KN (b) F=1293 KN

(c) F=1638 KN (d) F=1868 KN

Figure 5. SCR1 specimen plastic maximum 
principal strain contour plot map 

As shown in figure 5(a), at the initial stage of 
loading of the specimen, the maximum plastic 
principal strain appears on the outside of the 
bearing plate; in parts A and B, the trend is to 
develop a downward in the syncline, and the 
maximum plastic principal strain gradually 
decreases, which is consistent with the diffusion of 
the local load inside the specimen. 

As shown in figure 5(b), with the increase of the 
load, the maximum plastic principal strains of parts 
A and B continue to develop obliquely downward. 
The stresses in concrete at parts A & B and the 
bearing plate form an arch-like stress structure that 
jointly bears the load pressure load. In addition, the 
maximum plastic principal strain also appeared in 
the concrete of part C, indicating that the lateral 
tensile force appeared at the center of the 
specimen, and the lateral tensile force would 
gradually develop with the loading and cracking 
occurred when the ultimate tensile strain of the 
material was reached. 

Figure 5(c) shows that the maximum plastic 
principal strain is divided into four parts when the 
load increases to the ultimate bearing capacity. 
Also, it can be seen from Figure 5(c) that after the 
disconnecting from parts C and D, parts A and B 
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have gradually connected. The main reason is that 
with the increase of the local load, the wedge-
shaped body is gradually formed, and the original 
arch structure formed by A and B has a shear slip 
plane, which causes the arch structure to fail. 

As shown in figure 5(d), the maximum plastic 
principal strain of part A is connected into pieces, 
indicating that the wedge-shaped body in the 
specimen is completely formed and the component 
is damaged. 

4.2 Stress distribution analysis 

Figure 6 shows the Von Mises stress nephogram of 
the concrete part and the orthogonal ties part 
structure of the specimen under the ultimate local 
load. 

(a) concrete part (b) orthogonal ties

Figure 6. SCR1 Local pressure stress contour plot 
map of the specimen 

(a) F=952 KN (b) F=1293 KN

(b) F=1638 KN (d) F=1868 KN

Figure 7. SCR1 variation of hoop stress during local 
pressure of specimen 

Due to the hoop effect of the orthogonal ties, the 
integrity of the core concrete is better, which 
makes the local pressure spread faster. Therefore, 
the local pressure specimen with orthogonal ties 
can achieve uniform distribution of longitudinal 
pressure stress in the section closer to the loading 
end. 

In figures 6 and 7, it can be seen that the stress of 
the orthogonal ties placed near the loading end of 
the Local pressure specimen reaches the yield 
strength of the HRB335 steel bar. The configuration 
of the orthogonal ties has indeed effectively 
exerted its constraining effect. The local pressure 
performance of the RPC specimen is significantly 
improved. In addition, the deformation of the 
orthogonal ties has a tendency of lateral expansion 
and vertical downward, which shows from the side 
that a wedge-shaped body is formed inside the 
specimen and gradually slides down under the 
action of partial pressure load. 

(a) outer principal stress

(b) outer vertical stress

(c)inner principal stress

Figure 8. SCR1 Variation of Hoop Stress during 
local pressure of specimen 
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Figure 8 shows a tensile strain near the loading end 
under the local load. As a result, there is a vertical 
tensile strain in the outer concrete, but a significant 
pressure strain occurs in the core concrete, so the 
principal stress of the inner layer is expressed as 
compression. 

5 Constitutive model's analysis 
The bearing capacity and displacement obtained 
from the simulation results of the two RPC 
constitutive models and the measured values are 
listed in table 6. It can be seen that the maximum 
difference between the simulated load and the test 
value is 3,5%, and the maximum difference 
between the simulated load and the test value is 
3,4%. Figure 9 compares the simulated and 
measured values of the load-displacement curves 
of specimens SCR1 and SCR2. The possible reasons 
for the difference are the data fluctuation caused 
by the measurement error in the test, and the 
simplification and assumption of the RPC in the 
concrete damage plastic model are not entirely 
consistent with the actual situation. 

In addition, the embedded constraints of 
reinforcement and RPC show that the bond slip 
between them is not considered, which is different 
from the actual test. The numerical results are in 
good agreement with the experimental results, 
indicating that the constitutive relations 
mentioned in [20] (Shan's Model) can be used for 
the design analysis local pressure of RPC. 

Table 6 comparison of numerical simulation results 
and experimental results of RPC 

No. Constitutive
Models 

Bearing 
Capacity Test Error 

SCR1 Shan Bo 1881,996 1836,784 2,4% 
Ma Yefeng 1772,631 3,5% 

SCR2 Shan Bo 1869,302 1821,15 2,6% 
Ma Yefeng 1761,791 3,4% 

0 1 2 3 4 5
0

500

1000

1500

2000

Lo
ad

/K
N

Displacement/mm

 Test
 Ma's Model
 Shan's Model

(a)SCR1

0 1 2 3 4 5
0

500

1000

1500

2000

Lo
ad

/K
N

Displacement/mm

 Test
 Ma's Model
 Shan's Model

(a)SCR2

Figure 9 Load-displacement curve for comparison 
of numerical results and test results 

6 Discussion and Conclusions 
It is not difficult to see from the analysis of the 
whole loading process of the partial compression 
specimen that the stress mechanism of the 
specimen under the pressure of the partial 
compression load conforms to the wedge split 
theory, and this paper discussed only two types of 
constitutive models, Ma's Model and Shan's Model. 
The results show that Shan's Model gives higher 
accuracy than Ma's Model, and other models were 
not investigated. It is proposed to establish a study 
to see the accuracy of other models. 

(1) The local pressure failure mode of RPC (RPC)
conforms to the wedge split theory.

(2) The local pressure specimen with orthogonal
ties can achieve uniform distribution of
longitudinal pressure stress in the section
closer to the loading end.
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(3) The numerical simulation results are in good
agreement with the experimental results,
indicating that the constitutive relations
mentioned in the literature [20](Shan's Model)
can be used for the Design analysis local
pressure of RPC.

(4) Compared with Ordinary Concrete, RPC has a
longer plastic development stage and better
local pressure performance due to improved
ultimate tensile strength.
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Abstract 
The assembled composite bridge pier with high performance steel (HPS) and ultra-high 
performance fibre reinforced cementitious composite material (UHPFRC) possess the advantages 
of factory production and good seismic performance. In order to improve the connection degree 
and seismic performance of pier-foundation embedded joint in HPS-UHPFRC composite pier, PBL 
shear connectors and UHPFRC were adopted in the embedded part. Numerical simulation was 
carried out on the seismic performance of the joint with PBL shear connectors and without the 
connectors. Besides, the parametric analysis of the main influencing factors was conducted, 
including the construction of PBL shear connector, embedded depth of the pier and material types 
of the joint. The influence laws were obtained through the comparisons, and reasonable 
suggestions were provided for the design of HPS-UHPFRC composite pier-foundation joint.  

Keywords: HPS-UHPFRC composite pier; embedded joint; seismic performance; PBL shear 
connector. 

1 Introduction 
High performance steel (HPS) and ultra-high 
performance fibre reinforced cementitious 
composite material (UHPFRC) possess the 
advantages of high compressive, tensile and 
toughness properties, which can be applied to 
assembled concrete filled steel tube (CFST) 
composite pier to form assembled HPS-UHPFRC 
composite pier, so as to improve the bearing 
capacity and ductility of the bridge pier, and meet 
the stress requirements of assembled 
substructure of bridge in strong earthquake areas. 
The connection joint between the pier and the 

foundation is the key part of the assembled HPS-
UHPFRC composite pier, which controls the 
overall performance and safety of the structure. 

In order to improve the seismic performance of 
pier-foundation joint, relevant scholars have 
carried out experimental and theoretical studies. 
Pertold et al. [1] researched on two groups of 
embedded steel footings, and showed that the 
bond strength between the steel and concrete 
and the punching strength of the concrete base 
were conducive to vertical load transmission. Hsu 
et al. [2] proposed a connection method of CFST 
column foot by adding stiffeners in the embedded 
part, and verified the superiority through quasi-
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static tests. However, these studies are only for 
cast-in-place piers, and lack of verification for the 
joints of prefabricated piers. Sun et al. [3] 
completed the low cycle reciprocating load test of 
embedded CFST double-column piers connected 
with cast-in-place and prefabricated, and pointed 
out that the seismic performance of the two piers 
was very similar. Zhu [4] proposed a new type of 
prefabricated embedded CFST pier-beam joint 
with shear ring, and concluded that the bonding 
performance of the joint with fiber-reinforced 
mortar was significantly better than that of the 
traditional method. Combined with actual project, 
Geng [5] established finite element models of 
reinforced concrete piers of cast-in-place and 
prefabricated UHPC connection joint respectively, 
and found that the plastic hinge area in the post-
casting section of UHPC moved upward. 

It can be found that the current researches on the 
use of high-performance materials at the joint are 
mostly for prefabricated reinforced concrete pier, 
and the researches on prefabricated composite 
pier are less. Meanwhile, the construction of the 
joint needs further improvement. Therefore, finite 
element models were established in this paper to 
study the seismic performance of assembled HPS-
UHPFRC composite pier-foundation embedded 
joint. The parametric analysis of the main 
influencing factors on the seismic performance of 
joint was conducted, including the joint form and 
construction, the embedded depth and the 
material type at the joint, and reasonable 
suggestions were put forward for the design of 
HPS-UHPFRC composite pier-foundation joint. 

2 Finite element model 

2.1 Establishment of FE model 

In order to study the rationality of the model, the 
specimen SpeUTH5 in literature [6] was selected 
as the verification object, and the finite element 
model was established as shown in Figure 1. 

Figure 1 Finite element model (Unit: mm) 

Under the action of reciprocating load, the 
bilinear kinematic strengthening model and ideal 
elastic-plastic model were applied to steel tube 
and steel bar respectively. Plastic damage model 
was adopted for concrete and UHPFRC, and the 
tensile and the compression constitutive model of 
UHPFRC proposed in references [7] and [8] were 
used respectively. The compressive constitutive 
relationship of UHPFRC confined in steel tube was 
based on the model proposed in reference [9], 
and the material performance parameters were 
adjusted to the relevant parameters suitable for 
UHPFRC [10], such as elastic modulus, peak 
compressive strain and concrete compressive 
strength, etc. Constitutive expression given in 
Chinese Code for Design of Concrete Structures 
(GB50010-2010) was adopted by concrete. 

The solid element (C3D8R) was used for steel tube, 
concrete, and UHPFRC, while the truss element 
(T3D2) was used for rebars. 

Face-to-face constraint was selected between 
steel tube and concrete, UHPFRC. The penalty 
function was used for tangential behavior, and the 
friction coefficient was set to 0.25 and 0.6 
respectively. Hard contact was used to simulate 
normal behavior. Binding contact was adopted 
between concrete and concrete, UHPFRC. The 
rebars were embedded into the concrete. 

All degrees of freedom were restrained on the 
bottom surface of the pile cap, and a pressure 
load was applied on the top surface of the model 
to simulate the axial load. Cyclic loading of lateral 
loads was simulated by lateral displacement 
amplitude loading. 

Steel tube
Ultra-high 

performance concrete
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2.2 Verification of FE model 

The comparison of the skeleton curves obtained 
by the finite element and experiment is shown in 
Figure 2. Before the peak load, due to some initial 
defects in the test, the stiffness of the simulation 
is larger, while the stiffness of the descending 
section tends to be consistent. The relative error 
of the two peak loads is within 10%, and the 
skeleton curves are in good agreement, indicating 
the effectiveness of the finite element model. 

Figure 2. Comparison of skeleton curves of 
numerical simulation and experiment 

3 Numerical analysis results 

3.1 Structural parameters 

Double steel tubes filled with UHPFRC was used in 
the bridge pier, and C40 concrete was used for 

pile cap. Q420qD and HRB400 were used for steel 
tube, rebars respectively. At the junction of the 
steel tube and the pile cap, a certain space was 
reserved outside the steel tube as the post-
pouring part. When the steel tube was installed, 
UHPFRC was poured at the reserved position. Two 
kinds of connection modes were adopted by pier-
foundation connection, namely direct embedded 
joint and embedded joint with PBL shear 
connector (referred to as PBL embedded joint, as 
shown in Figure 3 and Figure 4). At the same time, 
a total of 9 models were designed considering the 
joint form and PBL spacing, embedded depth, and 
material type at the joint (Table 1). The axial 
compression ratio was taken as 0.05. The 
measured values of material property test were 
used for material property parameters. Among 
them, the axial compressive strength of UHPFRC 
and C40 concrete are 150 MPa and 43.8 MPa 
respectively, and the elastic modulus are 40000 
MPa and 33800 MPa respectively. The yield 
strength and tensile strength of Q420 are 517 
MPa and 591 MPa respectively. 

Table 1. Model Parameter Table 

Numbering 
Embedded 

depth of 
pier 

PBL shear connector 
Materials in 
steel tube 

Materials for 
post-pouring 

parts 

Horizontal 
ultimate load 

[kN] 
Aperture 

[mm] 
Hole spacing 

[mm] 
D-2.0 2.0d - - UHPFRC UHPFRC 692 
D-1.5 1.5d - - UHPFRC UHPFRC 686 
D-1.0 1.0d - - UHPFRC UHPFRC 589 

D-2.0-J40 2.0d - - UHPFRC C40 616 
P-2.0-100 2.0d 20 100 UHPFRC UHPFRC 679 
P-2.0-80 2.0d 20 80 UHPFRC UHPFRC 708 
P-2.0-60 2.0d 20 60 UHPFRC UHPFRC 717 
P-1.5-60 1.5d 20 60 UHPFRC UHPFRC 691 
P-1.0-60 1.0d 20 60 UHPFRC UHPFRC 658 

Note: In model number, D represents direct embedded joint, J represents joint material, P represents PBL 
embedded joint. In the embedded depth of pier, d represents the long edge size of the model section. 
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Figure 3. Model construction diagram (mm) 

Figure 4. Finite element model diagram 

3.2 Influence of joint form and PBL spacing 

3.2.1 Failure mode 

In order to study the influence of joint form and 
construction on the seismic performance of the 
connection, the finite element models of direct 
embedded joint and PBL embedded joint (PBL 
spacing is 60 mm, 80 mm and 100 mm 
respectively) were established. As can be seen 
from Figure 5, the steel tube at the bottom of the 
pier yielded, and UHPFRC in the tube was crushed. 

In terms of damage distribution range, the 
damage of post-pouring UHPFRC in the direct 
embedded joint (D-2.0) was distributed along the 
corner of steel tube in the height direction (Figure 
6 (a)). In addition, the damage of pile cap was 
larger than that of PBL embedded joint (Figure 5 (c) 
and (d)). The cracking of the post-pouring UHPFRC 

in PBL embedded joint was distributed around the 
wall plate, and the damage distribution and stress 
range were wider and more uniform in the plane, 
and the damage occurred mostly at the PBL shear 
connectors within 1.5 d near the top of the pile 
cap in the height direction (Figure 6 (b)), indicating 
that the PBL shear connector transferred more 
load to the post-pouring UHPFRC, whose material 
strength was utilized to minimize damage of the 
pile cap. For PBL embedded joint, in the case of 
enough embedded depth of pier, PBL spacing had 
little effect on the damage distribution of the 
structure, but reducing PBL spacing could increase 
the number of shear connectors and improve the 
safety reserve, so that PBL shear connectors could 
play a more important role in some extreme cases. 
In addition, PBL shear connectors can be 
appropriately denser within 1.5 d near the top of 
the pile cap with large stress. 

(a) Mises stress of (b) Compression damage of

steel tube of P-2.0-80 P-2.0-80

(c) Tensile damage        (d) Tensile damage of D-2.0

of P-2.0-80

Figure 5. Stress cloud of structures 

(a) D-2.0 (b) P-2.0-80

Figure 6. Tensile damage of post-pouring UHPFRC 
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3.2.2 Hysteresis curve and skeleton curve 

The hysteresis curves of the four groups of models 
are shown in Figure 7. It can be seen that the 
overall trend of the curves with different 
constructions is the same, but the hysteresis 
curves of PBL embedded joint are more plump 
than that of the direct embedded joint. In general, 
there is little difference in hysteresis curves 
between direct embedded joint and PBL 
embedded joint, showing excellent energy 
dissipation performance. What’s more, the 
horizontal ultimate load of PBL embedded joint is 
greater than that of direct embedded joint, and 
with the decrease of PBL spacing, the horizontal 
ultimate load increases gradually, but the 
increment is small. The horizontal ultimate load of 
model P-2.0-60 is the maximum, and D-2.0 is the 
minimum, with a difference of 3.6%. It shows that 
both kinds of joints have good bearing capacity, 
which can be improved by increasing the number 
of PBL shear connectors to a certain extent. 

Figure 7. Comparison of hysteresis curves 

3.2.3 Displacement ductility 

The ratio of ultimate displacement to yield 
displacement in the horizontal direction of the 
model is calculated to obtain the displacement 
ductility coefficient of the structure. The mean 
values of positive and reverse displacement 
ductility coefficients of models D-2.0, P-2.0-60, P-
2.0-80 and P-2.0-100 are 2.93, 3.09, 3.03 and 3.13, 
respectively. It can be seen that the ductility 
coefficient of PBL embedded joint is greater than 
that of direct embedded joint, and the maximum 
difference between them is 6.8 %, indicating that 
the structure can obtain better ductility 
performance after PBL shear connector is used in 

embedded joint. In addition, when UHPFRC is 
adopted in the post-pouring part, the PBL hole 
spacing has little effect on the structural ductility. 

3.2.4 Stiffness degradation curve 

Figure 8 shows the stiffness degradation curves of 
models. During the loading process, with the 
gradual yield of steel tube and the increase of 
concrete damage, the stiffness of the structure is 
constantly degraded. Before the steel tube yielded, 
the secant stiffness of the direct embedded joint is 
significantly less than that of the PBL embedded 
joint, illustrating that the introduction of PBL 
shear connectors enhance the stiffness and overall 
performance of the structure in the normal use 
stage. The smaller PBL shear connector spacing is, 
the greater secant stiffness is, indicating that PBL 
spacing has a certain but small impact on the 
structural stiffness. 

Figure 8. Stiffness degradation curves 

3.3 Influence of embedded depth 

3.3.1 Failure mode 

Finite element models of direct embedded joint 
and PBL embedded joint were respectively 
established under the embedded depth of 2.0 d, 
1.5 d and 1.0 d on the pile cap. It can be seen from 
Figure 9 that with the decrease of the embedded 
depth of the pier, the prying force of pier 
increased continuously under the action of 
horizontal load, and the damage of post-pouring 
UHPFRC and pile cap increased accordingly. 

When the embedded depth is 2.0 d, damage to 
composite piers occurred in all models at the 
bottom of the pier, which was easy to repair after 
the earthquake and belonged to the ideal failure 
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mode. When the embedded depth was reduced to 
1.5 d, for the direct embedded joint, the pile cap 
was seriously damaged, and the superposition 
failure of the pier and pile cap occurred suddenly, 
indicating that the embedded depth of the pier 
was insufficient. For PBL embedded joint, the 
damage of the pile cap was relatively light, and 
only the pier was damaged. When the embedded 
depth continued to decrease to 1.0 d, the damage 
of post-pouring UHPFRC and pile cap of all models 
was serious, and the pull out damage of pile cap 
occurred. The above analysis shows that the 
introduction of PBL shear connectors can reduce 
the required embedded depth of the pier column. 
For direct embedded pier, it is suggested that the 
embedded depth of the pier column is not less 
than 2.0 d. For PBL embedded pier, it is 
recommended that the embedded depth of pier 
column should not be less than 1.5 d. 

(a) P-1.5-60 (b) D-1.5

Figure 9. Tensile damage of structures 

3.3.2 Hysteresis curve and skeleton curve 

The hysteresis curves of all models are similar to 
those of models D-2.0 and P-2.0-60, and the 
change of curves is little under different 
embedded depths. When the embedded depth is 
1.0 d, due to the pull-out failure of the pile caps of 
the two joints, the number of hysteresis loops is 
reduced, thereby reducing its seismic 
performance. As show in Figure 10, the skeleton 
curves of direct embedded joint under different 
embedded depths basically coincide before 
structural failure. After the steel tube yielded, 
with the decrease of embedded depth, the 
horizontal load of PBL embedded joint decreases 
gradually, with a maximum difference of 8.2%. 
This is because the number of PBL shear 
connectors is reduced with the decrease of 
embedded depth, the interaction between steel 
and post-pouring UHPFRC is weakened, and the 
development degree of plastic hinge at the 

bottom of the pier is also reduced. Therefore, the 
influence of embedded depth on the horizontal 
bearing capacity of PBL embedded joint is greater 
than that of direct embedded joint. 

Figure 10. Comparison of skeleton curves 

3.3.3 Displacement ductility 

The mean values of positive and reverse 
displacement ductility coefficients of models D-2.0, 
D-1.5, D-1.0, P-2.0-60, P-1.5-60 and P-1.0-60 are
2.93, 2.83, 1.13, 3.09, 3.12 and 1.69 respectively.
In PBL embedded joint, the damage of post-
pouring UHPFRC is caused by the prying force of
pier and the shear force transmitted by PBL shear
connector. Under the same embedded depth, the
pier prying force of two kinds of joints is the same,
but the PBL shear connector would transfer more
shear force to the post-pouring UHPFRC, so that
the crack development is more sufficient and the
plastic deformation ability of the joint is stronger.
Therefore, the ductility of embedded joint can be
improved by adding PBL shear connectors. Under
different embedded depths, when embedded
depth is greater than or equal to 1.5 d, the
superposition between prying force of pier and
PBL shear connector increases with the decrease
of embedded depth, and the cracking range of
post-pouring UHPFRC gradually increases, which
increases the ductility of PBL embedded joint. In
addition, when the embedded depth is 1.0 d, the
structural ductility cannot be fully developed due
to the early failure of the pile cap.

3.3.4 Stiffness degradation curve 

Figure 11 shows the stiffness degradation curves 
of each model. Before the steel tube yielded, with 
the decrease of embedded depth, the secant 
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stiffness of PBL embedded joint decreases 
accordingly, while there is little change in direct 
embedded joint. The above analysis shows that 
increasing the embedded depth of the pier helps 
to improve the stiffness of PBL embedded joint 
during the normal use phase, but there is little 
effect on the stiffness of direct embedded joint. 

Figure 11. Stiffness degradation curves 

3.4 Influence of joint materials 

3.4.1 Failure mode 

In order to verify the superiority of UHPFRC in the 
joint part, the post-pouring part of direct 
embedded joint D-2.0 was changed from UHPFRC 
to C40 concrete, and the model D-2.0-J40 was 
obtained. D-2.0 was damaged at the bottom of 
the pier and near the top of pile cap, while the pile 
cap of D-2.0-J40 was seriously damaged, and pull 
out damage occurred. After using UHPFRC at the 
joint part, the joint can resist more tension and 
pressure under the horizontal load. Therefore, the 
failure mode of the structure is changed, so as to 
give full play to the material properties of the pier. 

3.4.2 Hysteresis curve and skeleton curve 

Figure 12 is the comparison of hysteretic curves of 
models. It can be seen that the horizontal ultimate 
bearing capacity of D-2.0 is about 12.3% higher 
than that of D-2.0-J40. The hysteresis curve of D-
2.0 is full, indicating that the bonding performance 
between steel and UHPFRC at the joint is better, 
and the material properties of the pier are fully 
developed. The hysteresis curve of D-2.0-J40 is 
pinched and has a long sliding platform. Combined 
with the failure of the model, it was found that 
the post-pouring concrete was extruded and 

cracked, accompanied by serious cracking of the 
pile cap. Therefore, post-pouring UHPFRC at the 
joint part can significantly improve the bearing 
capacity and energy dissipation of the joint. 

Figure 12. Comparison of hysteresis curves 

3.4.3 Displacement ductility 

The mean values of positive and negative 
displacement ductility coefficients of models D-2.0 
and D-2.0-J40 are 2.93 and 1.35, respectively. It 
can be seen that the ductility coefficient of D-2.0 
is 2.2 times that of D-2.0-J40. Therefore, after 
UHPFRC is poured into the joint part, the ductility 
of the structure is significantly improved due to 
the higher material ductility. 

3.4.4 Stiffness degradation curve 

Figure 13 shows the stiffness degradation 
comparison curves of models. The figure shows 
that during the whole loading process, the secant 
stiffness of D-2.0 is always greater than that of D-
2.0-J40 due to the small damage of the pile cap, 
illustrating that the post-pouring UHPFRC at the 
joint part can resist more external forces, thus 
improving the overall stiffness of the structure. 

Figure 13. Stiffness degradation curves 
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4 Conclusions 
(1) Compared with the direct embedded joint, the
introduction of PBL shear connector in joint part
of HPS-UHPFRC pier can enhance the shear
transfer between the steel tube and post-pouring
UHPFRC to minimize damage of the pile cap, thus
the seismic performance of the joint is improved.

(2) When the pier’s embedded depth is sufficient,
PBL spacing has little effect on the bearing
capacity and seismic performance of the structure,
but reducing PBL spacing can increase the number
of PBL shear connectors and improve the safety
reserve of the structure. Meanwhile, PBL shear
connectors can be appropriately denser within 1.5
d near the top of the pile cap, where the stress of
PBL shear connectors is larger.

(3) The embedded depth of pier column would
affect the failure mode of the structure, and the
introduction of PBL shear connectors in the joint
part can reduce the required embedded depth of
pier column. For direct embedded pier, it is
suggested that the embedded depth of the pier
column is not less than 2.0 d. For PBL embedded
pier, it is recommended that the embedded depth
of pier column should not be less than 1.5 d.

(4) For the assembled HPS-UHPFRC composite
bridge pier, the structure with UHPFRC in the
post-pouring part of the pier-foundation joint has
higher bearing capacity and seismic performance
than that with ordinary concrete.
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Abstract 
Twin-I girder bridge systems are representative structures used in bridge industrialization 
construction. They have advantages including structure simplification, material save and 
accelerated construction, but the system using two main girders limits the span and makes the 
lateral effect more significantly. The general suitable spans range from 25m to 45m, which limits the 
use of twin-girder bridges. To increase the span limit, the use of tube as top flange and high strength 
steel can improve structure behavior and increase bridge spans. In the paper, parametrical study 
and structure optimization were conducted to investigate the behavior of tubular flange girder 
bridges using high strength steel. Parameters including cross-beam arrangement, stiffeners, tube 
size were studied. Comparisons between the systems using ordinary steel and that using high 
strength steel were conducted.  

Keywords: high strength steel; tubular flange girder; span limit; lateral torsion bulking; stability. 

1 Introduction 
Nowadays, the industrialized operation mode has 
gradually penetrated into bridge construction. 
Since 2016, China's Ministry of Transportation has 
been vigorously promoting the industrialized 
construction of highway steel bridges (including 
steel truss girders, steel box girders, and Steel-
concrete composite girder bridges) to promote the 
construction of highway bridges and to make full 
use of the performance advantages unique to steel 
bridges. The industrialized construction of bridge 
structures requires simple cross-section, uniform 
segments and simplified lateral connection 
(crossbeams). For the twin-I girder bridges that are 

used for industrialized construction, currently I 
section is mostly adopted, which is convenient for 
industrialized construction but has some problems 
meanwhile[1]. Firstly, in order to improve the 
stability and torsional resistance, a large number of 
crossbeams need to be arranged between the main 
girders, which increases construction time and cost. 
Secondly, the main girders made of ordinary steel 
are heavy, which has more requirements for 
construction equipment. Finally, the span of twin-I 
girder bridges is up to 40 m, which is not suitable 
for longer span bridges. Therefore, based on the 
demand of industrialized bridge construction, a 
tubular flange girder using high-strength steel is 
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proposed to replace the I-girder using ordinary 
steel. 

High-strength steels were manufactured in the US 
as early as the 1960s and were firstly used in bridge 
structures in 1962 [2]. In the 1990s, the American 
Iron and Steel Institute, the U.S. Navy, and the 
Federal Highway Administration began to study the 
production of high-strength steels, and they were 
firstly used in highway bridges. After that, the US, 
Japan, Sweden and other countries have used high 
strength steel in bridges. Since high strength steels 
have higher yield strength, bridges built with high 
strength steels generally have a span from 50 m to 
140 m. Also, although the use of high strength 
steels and the transportation costs are higher, 
bridges made with high strength steels are lighter 
in weight and therefore less expensive [3]. 

The concept of tubular flanges was firstly proposed 
by Australian researchers in the 1980s[4], and the 
first proposed cross-section consisted of two 
closed triangular flanges with high torsional 
stiffness and a relatively soft web. The triangular 
flanges were formed by cold bending a whole steel 
plate at both ends, and then welded to form the 
whole. After that, researchers in various countries 
have successively proposed a variety of flange 
forms, such as double triangular, pentagonal, 
circular, rectangular and other forms [5][6], 
followed by a structure in which the lower flange 
remains unchanged and the upper flange is tubular, 
while also filling the upper flange tube with 
concrete. Compared with I-girder, the lower web 
height of tubular flange girder improves the 
stability of the structure as well as the torsional 
resistance, and the industrial construction with 
tubular flange section can make the connection 
between the two main girders simpler and the 
construction easier. 

The combination of high-strength steel and tubular 
flange can significantly improve the capacity of the 
structure. Gao[7] investigated the lateral torsional 
buckling performance of high-strength tubular 
concrete flange girders by six specimens under 
simply supported concentrated mid-span loading 
conditions. On this basis, the behavior of tubular 
flange girder bridges using high strength steel is 
initiated, which can improve the capacity and 
reduce the construction cost of industrialized 

constructed bridges. The main contents of this 
study are: (1) To establish a suitable finite element 
analysis model; (2) To analyze the improvement of 
the capacity of individual girder with high-strength 
tubular flange compared with that with I-girder 
using ordinary steel; and (3) To establish a twin 
girder model and analyze the influence of the 
number of crossbeams, stiffening ribs and tubular 
flange dimensions. 

2 Finite Element Model 
In this study, ABAQUS general-purpose finite 
element analysis software is used for the analytical 
studies. Appropriate element and material 
parameters are selected, boundary conditions are 
established to meet the actual situation, and initial 
geometric imperfections are introduced for 
analysis. Details of the models are discussed in this 
section. 

2.1 Material models and properties 

The model uses three-dimensional four-node shell 
element (S4R) for the flanges, web and stiffening 
ribs, and beam element (B32) for the crossbeams. 
The steel is a linear elastic isotropic material in the 
elastic range, with an elastic modulus of 200 GPa 
and Poisson's ratio of 0,3. An ABAQUS classical 
metal plasticity material model is adopted for steel 
in the inelastic range. This model implements the 
Von Mises yield surface to define isotropic yielding, 
associated plastic flow theory, and either perfect 
plasticity or isotropic strain hardening behavior. 
The yield strength of the ordinary steel used in this 
study is 345 MPa and the yield strength of the high-
strength steel is 690 MPa, both with a density of 
7,85 × 103 kg/m3. 

2.2 Boundary conditions 

2.2.1 Individual girder 

The boundary conditions of individual girder model 
take the I-girder as an example. For the end section 
1-1, the lower flange is constrained in x, y and z
directions (ux=0, uy=0, uz=0), and for the end
section 1-2, the lower flange is constrained in y and
z directions (uy=0, uz=0), as shown in Figure 1. The
constraints on the lower flange of the tubular
flange girder are the same as those of the I-girder.
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Figure 1. Diagram of single girder boundary 
conditions 

2.2.1 Twin-girder system 

The boundary conditions of the twin-girder system 
model take the tubular flange girder as an example, 
for the end section 1-1, the lower flange is 
constrained in x, y and z directions (ux=0,uy=0,uz=0), 
for the end section 1-2, the lower flange is 
constrained in x and z directions (ux=0,uz=0), for the 
end section 2-1, the lower flange is constrained in 
y and z directions (uy=0,uz=0), and for the end 
section 2-2, the lower flange is constrained by the 
z direction (uz=0), as shown in Figure 2. 

Figure 2. Diagram of twin-girder boundary 
conditions 

2.3 Initial geometric imperfections 

Due to the uncertainties in the manufacturing and 
welding process of steel, the steel girder usually 
has initial geometric imperfections in the actual 
process, which will have a great impact on the 
lateral torsional buckling strength of the steel 
girder, so the initial geometric imperfections of the 
steel girder need to be included in the finite 
element simulation[8]. In general, the elastic 
buckling shape obtained from the elastic buckling 
analysis is applied to the geometry of the finite 
element model in proportion to the initial 
geometry to model initial geometric imperfections. 
The scale of the initial geometric imperfections is 

usually set to 1/1000 of the span length in the 
calculation. 

2.4 Analyses 

Two methods of analyses are used in this paper: 
elastic buckling analysis (eigenvalue buckling 
analysis) and non-linear load-displacement analysis. 
The elastic buckling analysis is conducted to check 
the models and to understand the expected failure 
modes. The buckling mode obtained from the 
elastic buckling analysis will be used as the 
geometric imperfections. Non-linear load-
displacement analysis, including both material and 
geometric non-linearity, is used to obtain the 
ultimate load capacity. 

3 Analysis of Individual Girder 
The ultimate capacity of the individual girder can 
be improved by increasing the yield strength of the 
material or using a tubular flange instead of the 
plate flange. In this chapter, the ultimate capacity 
of I-girder is improved by the tubular flange and the 
yield strength of material. The dimensions of I-
girder are based on the cross section at the pivot 
point of 35m steel-concrete composite girder 
bridge, and the cross-sectional area of tubular 
flange structure is approximately the cross-
sectional area of I-girder, as shown in Figure 3. 

Figure 3. Dimensions drawing of I-girder and 
tubular flange girder 

3.1 I-girder using ordinary steel 

Using the dimensions of I-girder in Figure 3 as the 
reference, the ultimate capacity of individual girder 
is obtained by changing the span, and the ratio of 
ultimate capacity to the self-weight of individual 
girder is used to denote the load capacity of 
individual girder for different span using ordinary 
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steel (normalized ratio of capacity). From Figure 4, 
the results show that the capacity of individual 
girder decreases with the increase of span, and the 
change of the capacity is small in the range from 
35m to 40m. 

Figure 4. Ultimate capacity of I-girder using 
ordinary steel 

3.2 I-girder using high strength steel 

Using the dimensions of I-girder in Figure 3 as the 
reference, the ultimate capacity of individual girder 
using high strength steel is obtained. From Figure 5, 
it is seen that the capacity of individual girder 
decreases with the increase of span, and the 
capacity changes uniformly with the change of 
span, but the capacity of individual girder using 
high strength steel is larger than that using ordinary 
steel. 

Figure 5. Ultimate capacity of I-girder using high 
strength steel 

3.3 Tubular flange girder using ordinary 
steel 

Using the dimensions of tubular flange girder in 
Figure 3 as the reference, the ultimate capacity of 
individual girder is obtained for different spans. 

From Figure 6, the results show that the capacity of 
individual girder decreases with the increase of 
span, and the capacity changes uniformly with the 
change of span, but the capacity of tubular flange 
girder is larger than I-girder. 

Figure 6. Ultimate bearing capacity of tubular 
flange girder using ordinary steel 

3.4 Tubular flange girder using high 
strength steel 

Using the dimensions of tubular flange girder in 
Figure 3 as the reference, the ultimate capacity of 
individual girder is obtained. As shown in Figure 7, 
the capacity of individual girder decreases with the 
increase of span, and the capacity changes 
uniformly with the change of span. 

Figure 7. Ultimate bearing capacity of tubular 
flange girder using high strength steel 

3.5 Summary 

Taking the capacity of 45m I-girder using ordinary 
steel as the standard, the improvement ratio of 
capacity by changing material properties and cross 
section form is calculated, and the results are 
shown in Figure 8. With the decrease of the span, 
the stability of the individual girder is improved and 

706



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

the ultimate capacity is gradually increased. For the 
same span, the tubular flange using high strength 
steel has the largest capacity. The larger the span 
is, the higher the improvement ratio is. Meanwhile, 
the change of cross-section form has larger effect 
on the capacity than the change of material 
properties. 

Figure 8. Comparisons of ultimate capacity 
improvement 

4 Analysis of Twin-girder System 
For the structural cross-sectional arrangement of 
the composite system, a typical two-way four-lane 
section (width of 12,75m) in China's highway 
construction is selected, and the cross-section 
dimensions are shown in Figure 9. The parameters 
including crossbeams, stiffeners and the thickness 
of the tubular flange were studied on the ultimate 
capacity of twin-girder system. 

Figure 9. Schematic diagram of twin-girder system 

4.1 Stiffeners 

The stiffeners can strengthen the lateral torsional 
stiffness of the section and prevent the section 
from failure due to distortion[9]. In this section, the 
influence of the number of stiffeners on the 
structural behavior of the twin-girder bridge 
systems is investigated. The diagram of one interior 
stiffener and eight interior stiffeners are shown as 
follows. 

a. One interior stiffener

b. Eight interior stiffeners

Figure 10. The diagram of one interior stiffener 
and eight interior stiffeners  

The influence of the stiffeners on the ultimate 
capacity is shown in Figure 11, where the 
normalized ratio of ultimate capacity is the ratio of 
the ultimate load to self-weight. The ultimate 
capacity is increased with the increase of stiffeners. 

Figure 11. Influence of stiffeners on ultimate 
bearing capacity 

From Figure 11, it is seen that the increase of the 
stiffeners can improve the ultimate capacity of the 
twin-girder system up to about 27%. The ultimate 
capacity of two interior stiffeners decreases 
compared with that of one interior stiffeners since 
the stiffener at mid span greatly improves the 
deformation capacity of the mid-span section. 

4.2 Crossbeam 

The crossbeams can strengthen the overall 
stiffness of the twin-girder system and prevent the 
single girder from failing due to lateral bending[9]. 
In this section, the influence of crossbeams on the 
structural performance of the twin-girder system is 
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explored. The diagram of one interior crossbeam 
and eight interior crossbeams are shown as follows. 

a. One interior crossbeam

b. Eight interior crossbeams

Figure 12. The diagram of one interior crossbeam 
and eight interior crossbeams  

The influence of the crossbeams on the ultimate 
capacity of the twin-girder system is shown in 
Figure 13, where the normalized ratio of ultimate 
capacity is the ratio of the ultimate load to the self-
weight. The ultimate capacity is increased with the 
increase of interior crossbeams, but the differences 
are not big when the number of crossbeams over 
three. 

Figure 13. Influence of crossbeams on ultimate 
bearing capacity 

From Figure 13, it is seen that the increase of the 
crossbeams can improve the ultimate capacity of 
the twin-girder system. One and two interior 
crossbeams can make the ultimate capacity greatly 
improved, and the subsequent increase of the 
number of crossbeams has less influence on the 
ultimate capacity, so it is not recommended to use 
too many crossbeams. 

4.3 Thickness of tubular flange 

From the previous section, it is seen that when 
there are two interior crossbeams within the span, 
the capacity of the twin tubular flange girder 
system basically reaches the maximum value, so 
the tubular flange girder bridge using two interior 
crossbeams is selected to investigate the effect of 
thickness of tubular flange, as shown in Figure 14. 

Figure 14. Twin girder with two interior 
crossbeams 

The influence of tubular flange thickness on the 
ultimate capacity is shown in Figure 15. The tubular 
flange thickness has a big effect on the ultimate 
capacity. 

Figure 15. Influence of tubular flange thickness on 
ultimate capacity 

From Figure 15, it is seen that the increase of 
tubular flange thickness can improve the ultimate 
capacity of the twin-girder system, and the 
ultimate capacity increases by 40% from 16mm to 
24mm. When the thickness of tubular flange 
changes from 18mm to 20mm, the increase of 
ultimate capacity of twin-girder system is more 
obvious, and the increase of ultimate capacity 
becomes small when the thickness of tubular 
flange continues to increase. 

4.4 Comparison with ordinary steel 

The tubular flange girder bridge using two interior 
crossbeams within the span is adopted for analysis 
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in this section, and the material is replaced by Q690 
with Q345. The comparison between ordinary steel 
and high-strength steel is presented in Figure 16. 

Figure 16. Comparison of bearing capacity of twin 
girder system 

From Figure 16, the capacity of the tubular flange 
girder is significantly increased using Q690. 
Therefore, it is concluded that the use of high-
strength steel instead of ordinary steel can reduce 
the thickness of the members, reduce the amount 
of steel and control the cost of material. 

5 Conclusions 
This paper mainly analyzes the behavior of tubular 
flange girders using high-strength steel. Through 
the parameter analysis of individual girder and 
twin-girder systems, the following conclusions can 
be drawn: 

(1) The use of tubular flange and high-strength
steel can improve the capacity of individual girder,
and the combination of high-strength steel and
tubular flange structure can be greatly improved,
up to about 90%;
(2) The ultimate capacity of the twin-girder
system increases with the increase of the stiffeners,
crossbeams and the thickness of tubular flanges,
among which the increase of crossbeams has the
most significant influence. However, a small
number of interior crossbeams can greatly enhance 
the ultimate capacity;
(3) The ultimate capacity of tubular flanges
made of high-strength steel can be increased by
about 65% compared with that made of ordinary
steel, so the section size can be reduced and the
material cost can be controlled by using high-
strength steel.
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Abstract 
A lightweight steel-UHPFRC composite beam structure, consisting of a half rolled section with in-
built steel dowels as connectors and a T-shaped UHPFRC component, is proposed originally in this 
paper. The excellent properties of steel and UHPFRC materials can be exploited fully and properly, 
and the presence of in-built steel dowel is expected to allow effective force transmission between 
steel and UHPFRC components, benefiting from its higher shear resistance and ductility. Two 
composite beams with various heights of UHPC web are tested by 4PBT method, aiming at 
validating this concept and investigating the flexural behavior under sagging moment. And a high 
resolution Digital Image Correlation (DIC) system is applied during testing, in addition to 
conventional measuring techniques. Moreover, the sectional analysis method considering the 
tensile properties of UHPFRC is applied to predict the flexural.  

Keywords: composite beam; UHPFRC; rolled section; steel dowel; in-built connector; flexural 
behaviour; sectional analysis; DIC. 

1 Introduction 
Benefiting from the outstanding mechanical 
properties and durability of Ultra High 
Performance cementitious Fiber Reinforced 
Composites (UHPFRC) [1], the combination of 
UHPFRC and steel in composite structure allows 

more elegant and slender filigree element 
compared with conventional steel-concrete 
composite member in bridge engineering. The 
challenging tasks of the concept include: (1) 
proper geometry and arrangement of UHPFRC and 
steel components to fully utilize both materials; (2) 
efficient interaction between two components to 
ensure overall structural performance. 
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Several studies [2–6] have been conducted to 
implement this concept in the form of steel-
UHPFRC composite beam structure. It is validated 
that the self-weight of steel-UHPFRC composite 
beam can be reduced by more than 40%, while 
the cracking and ultimate resistance are increased 
by more than 300% and 20% respectively, 
compared with traditional solution. However, the 
existing steel-UHPFRC composite beam structures 
can be further optimized, given that: (1) UHPFRC 
is generally arranged in compression zone leading 
to waste of tensile properties of UHPFRC; (2) the 
upper flange of I-shaped steel component might 
be superfluous due to its position located at 
around the neutral axis of composite beam. 
Furthermore, the lightweight steel-UHPFRC 
composite structure maybe susceptible to fatigue 
issues due to the potential welding weakness of 
steel component and widely used headed stud 
connectors, especially with ever-increasing traffic 
load and volume. 

Figure 1 Existing steel-UHPFRC composite beam 

Recently, steel dowels, as a new form of 
continuous shear connector, have been developed 
[7,8]. They can be produced and built on the steel 
component directly through cutting without 
welding on the upper flange of steel component. 
Also, they enable fast installation of reinforcing 
bars, and exhibit higher resistance and ductility 
compared with headed studs. They are now 
limited to two basic shapes, namely puzzle (PZ) 
and modified clothoid (MCL) shapes (Figure 2), 
and increasingly used in European steel-concrete 
composite bridges 

Figure 2 Shape of steel dowels 

Accordingly, this paper originally proposes a 
lightweight steel-UHPFRC composite beam with 
in-built steel dowel as connector, aiming at 
utilizing fully both materials. To verify this new 
composite structure, two beams with different 
height of UHPFRC components are fabricated, and 
their flexural behavior are investigated by means 
of 4-point bending test (4PBT).  Moreover, the 
sectional analysis method considering the tensile 
properties of UHPFRC is applied to predict the 
flexural resistance of proposed composite 
structure. 

2 Conceptual design 
As illustrated in Figure 3, the new steel-UHPFRC 
composite beam structure consists of an 
inverted T-shaped steel component with in-
built steel dowel as connector and a T-shaped 
UHPFRC component with steel reinforcement. 
The steel component is produced as a half 
from I-shaped rolled section by single cutting 
(automatic oxygen cutting, laser cutting, etc.), 
and the cutting line forms the continuous 
steel dowels as shear connectors directly. 
Hence, two identical steel components with 
in-built dowels can be generated from one 
rolled section through single cutting. And the 
steel dowels are inserted into the web of T-
shaped UHPFRC component, forming steel-
UHPFRC composite dowel, to create 
connection between two components. 

In such context, compared with conventional 
steel-concrete composite beam, the new structure 
is expected to exploit fully and properly the 
excellent properties of both steel and UHPFRC 
materials (Figure 4): 

(1) The single-flange steel component, whose
relative ineffective steel part near the neutral
axis is removed, is arranged in the high
tension zone to resist large part of the tensile
stress of the cross-section.

(2) Upper part (top flange mainly) of UHPFRC
component is in compression zone to resist
the entire compressive stress, and the lower
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part of UHPFRC web contributes to part of 
tensile resistance of the cross-section. 

(3) The hot rolled section with low residual stress
during manufacturing is used and divided into
two identical steel components with in-built

steel dowels by single cutting. Thus, no 
welding procedure is required, leading to fast 
fabrication and assembly, as well as reducing 
risk of fatigue failure. 

Figure 3 Schematic illustration of proposed steel-UHPFRC composite beam structure 

Figure 4  Distribution of strain and stress in cross-section 

3 Experimental campaign 

3.1 Material and specimen 

Aiming at validating the feasibility of proposed 
composite structure under sagging moment, two 
beams with different heights of UHPFRC webs are 
prepared, and the MCSL-shaped steel dowel is 
used in present experimental campaign (Figure 6). 
The length of both beams is limited to 4.0 m 
considering the lab condition, and large number of 
vertical stirrups are intentionally arranged in the 
shear-bending zones to avoid unfavorable shear 
failure during testing. 

The used UHPFRC is an industrial premix 
containing 2.0% by volume of straight steel fibers 

with length of 13 mm and diameter of 0.2 mm. At 
28 days, the UHPFRC has an average modulus of 
45GPa and compressive strength of 140MPa, 
measured on cube specimen with dimension of 
100×100×100mm. The tensile response of UHPFRC 
material is obtained based on direct tensile test 
(DTT) on 6 dumbbell specimens following SIA-
2052 [9], as shown in Figure 5. 
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Figure 5 DTT for UHPFRC material (unit: mm) 

During casting, the fresh UHPFRC mixture is 
poured continuously from one end of the beam 
element and pulled slightly on top to the other 
end to fill entirely the formwork. Afterward, the 
top surface of elements are covered by plastic 
sheet and demoulded after 48h. The elements are 
then cured in steaming condition (≥90°C) for 
another 48h, and subsequently stored in the 
laboratory until testing. 

3.2 Test method and procedure 

The 4-point bending test (4PBT) method is applied, 
as shown in Figure 6(d). The lengths of constant 
moment zone are 600mm and 800mm for beam I 
and beam II, respectively. The Digital Image 
Correlation (DIC) system is used to observe the 
full-field strain evolution during the whole testing 
process: two digital cameras are placed on the 
side of the element at a distance of 600 mm and 
an angle of 25 degrees to the horizontal. The 
targeted surface with area of 800×500 mm is 
painted with matte white paint, followed by 
spraying a black speckle pattern with size around 
0.8 mm. In this case, the DIC measurement 
accuracy can reach about 5με. In addition, several 
LVDTs are installed to measure the deflection at 
the middle of the element and deformation at the 
supports, respectively. All deflection/deformation 
measurements are performed with respect to the 
strong floor. In addition, a stain gauge is installed 
on bottom at the middle of rolled section. 

Figure 6 Two composite beams for 4PBT: (a) cross-section of beam-I; (b) cross-section of beam-II; (c) steel 
dowel; (d) test set-up (unit: mm) 
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4 Results and analysis 

4.1 Tensile response of UHPFRC material 

The DTT results are presented in Figure 7 in terms 
of stress vs. strain curves. In general, all specimens 
exhibit strain-hardening behavior with 
comparable values of elastic limit and ultimate 
strength, although the ultimate strain varies. Thus, 
the average response is chosen as representative 
properties of present UHPFRC material for 
following analysis, namely elastic modulus 𝐸𝐸𝑈𝑈 =
45𝐺𝐺𝐺𝐺𝐺𝐺, elastic limit 𝑓𝑓𝑈𝑈𝑈𝑈𝑈𝑈 = 10.87MPa, ultimate 
tensile strength 𝑓𝑓𝑈𝑈𝑈𝑈𝑈𝑈 = 11.66MPa , hardening 
strain 𝜀𝜀𝑈𝑈𝑈𝑈𝑈𝑈 = 0.29%. 

Figure 7 Stress-strain curves of UHPFRC under DTT 

4.2 Flexural behavior of composite beams 

The shear failure mode, rather than flexural failure 
mode, at the end of testing (Figure 8). It should be 
noted that flexural cracking in the constant 
moment zone is dominated before reaching the 
peak force, while the inclined cracking in the 
shear-bending zone appears only when 
approaching the peak force and developed 
intensively afterward. Thus, the structural 
response before the peak force can still represents 
acceptably the flexural behavior of proposed 
composite beam in present study. 

Figure 8 Failure mode of both beams after testing 

The test results from 4PBT are presented in terms 
of force versus central deflection (𝐹𝐹- 𝛿𝛿) curves, as 
shown in Figure 9 (Beam I as example). Here, the 
central deflection values are determined from the 
central LVDT, excluding the deformation at the 
supports, and the force values are recorded from 
the loading cell. Based on DIC analysis using VIC-
3D, the full-field strain evolution on the constant 
moment zone surface of the beam element is 
captured. In Figure 9, DIC strain contours at 
characteristic points in 𝐹𝐹- 𝛿𝛿 curve are selected to 
illustrate the damage propagation, in which the 
lines with different colors mark the matrix 
discontinuities and fictitious cracks. Note that 
initiation and propagation of matrix 
discontinuities are invisible to the naked eye and 
could not be measured using traditional sensors, 
but are detected on DIC strain contours. 
Additionally, the opening evolution of each matrix 
discontinuity and fictitious crack is obtained 
through extensometer in DIC analysis. 

Figure 9 𝐹𝐹- 𝛿𝛿  curve from beam I under 4PBT 

On those basics, the elastic limit (point A with 
force 𝐹𝐹𝑈𝑈 and deflection 𝛿𝛿𝑈𝑈) is determined once the 
first matrix discontinuity is generated. The point B 
and point C refer to the moments when the 
maximum openings reach 0.05mm and 0.1mm, 
the corresponding forces and strains on central 
bottom of steel section are named as 𝐹𝐹0.05, 𝐹𝐹0.1 
and 𝜀𝜀𝑏𝑏,0.05 , 𝜀𝜀𝑏𝑏,0.1 , respectively. In Table 1, the 
characteristic parameters for both beams are 
summarized, and the nominal stress at the bottom 
of UHPFRC component are calculated for point A 
(𝜎𝜎𝑈𝑈), B (𝜎𝜎𝑛𝑛,0.05) and C (𝜎𝜎𝑛𝑛,0.1) using Eq.(1). 

𝜎𝜎 = 𝑀𝑀𝑀𝑀 𝐼𝐼⁄        (1) 
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It is noted that the calculated stress of UHPFRC at 
elastic limit (point A) is around 6.60MPa, which is 
lower than 𝑓𝑓𝑈𝑈𝑈𝑈𝑈𝑈 = 10.87𝑀𝑀𝐺𝐺𝐺𝐺  from DTT results. 
This can be explained by the existence of steel 

reinforcement and steel dowel in slim UHPFRC 
web, resulting in restrained shrinkage and thus 
pre-damage in UHPFRC materials. 

Table 1 Flexural parameters for both beams 

No. 
I xn y Fe F0.05 F0.1 εb,e εb,0.05 εb,0.1 σe σn,0.05 σn,0.1 

mm4 mm mm kN kN kN ×10-6 ×10-6 ×10-6 MPa MPa MPa 

B1 5.34×109 264 176 
267 

(283) * 

879 
(933) *

1295 
(1266) * 

366 1222 1667 6.60 21.73 32.01 

B2 3.36×109 258 92 
345 

(357) *

1025 
(1059) * 

- 526 1563 - 6.61 19.65 - 

 * The force is predicted based on the sectional analysis in section 4.3. 

Figure 10 Schematic multi-layered section, strain and stress distribution of composite beam

4.3 Sectional analysis 

The sectional analysis method considering the 
tensile properties of UHPFRC, following the 
studies from Yoo et al.[4], is applied to predict the 
flexural resistance of proposed composite beam. 
As illustrated in Figure 10, the cross section is 
subdivided into multiple layers, and the strain 
distribution is assumed to be linear along the 
height of cross section. 

Thus, by assuming a value for 𝜀𝜀𝑏𝑏𝑜𝑜𝑈𝑈𝑈𝑈𝑜𝑜𝑡𝑡, the strain 
𝜀𝜀𝑖𝑖  in each layer is determined as Eq.(2), and the 
corresponding 𝜎𝜎𝑖𝑖 is calculated based on the stress-
strain responses of UHPFRC and steel materials 
from rebars and rolled section. The specific 
position of neutral axis 𝑥𝑥𝑛𝑛 can then be obtained 
giving that the resultants of the sectional forces in 
all the layers are in equilibrium, see Eq.(3). And 
the total moment M can be calculated using Eq.(4). 

𝜀𝜀𝑖𝑖 = 𝑥𝑥𝑖𝑖−𝑥𝑥𝑛𝑛
ℎ−𝑥𝑥𝑛𝑛

∙ 𝜀𝜀𝑏𝑏𝑜𝑜𝑈𝑈𝑈𝑈𝑜𝑜𝑡𝑡    (2) 

 𝐹𝐹𝑈𝑈𝑈𝑈 + 𝐹𝐹𝑈𝑈𝑈𝑈 + 𝐹𝐹𝑠𝑠𝑈𝑈 + 𝐹𝐹𝐻𝐻𝑈𝑈 = 0 

∫𝜎𝜎𝑖𝑖 𝑏𝑏𝑖𝑖𝑑𝑑ℎ + ∫𝜎𝜎𝑠𝑠 𝑑𝑑𝐴𝐴𝑠𝑠 = 0         (3) 

∫𝜎𝜎𝑖𝑖 𝑏𝑏𝑖𝑖𝑀𝑀𝑖𝑖𝑑𝑑ℎ + ∫𝜎𝜎𝑠𝑠 𝑀𝑀𝑠𝑠𝑑𝑑𝐴𝐴𝑠𝑠 = 0         (4) 

where 𝑏𝑏𝑖𝑖 is the width of ith layer; 𝑑𝑑ℎ is the height 
of each layer;  𝑀𝑀𝑖𝑖  is the distance between each 
neutral axis and ith layer; 𝜎𝜎𝑠𝑠 and 𝐴𝐴𝑠𝑠 are the stress 
and area of steel reinforcement, respectively. 

As listed in Table 1, it is obvious that the force 
prediction based on the proposed sectional 
analysis method agrees well with the test results. 

5 Conclusions 
This paper originally proposes a lightweight 
steel-UHPC composite beam structure, which 
consists of a half rolled section with in-built 
steel dowels as connectors and a T-shaped 
UHPFRC component. Its flexural behavior is 
then investigated based on 4PBT, and its 
flexural resistance is analyzed using sectional 
analysis method. The main conclusions are: 

(1) The proposed composite structure can
fully utilize the excellent properties of UHPFRC 
and steel, exhibiting higher performance in terms 
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of construction efficiency, structural response 
and durability compared with conventional 
steel-concrete structure, as well as existing 
steel-UHPFRC structure. 

(2) The tensile stress at the bottom of
UHPFRC component when force reaches elastic 
limit (point A) is around 6.60MPa, which is lower 
than 𝑓𝑓𝑈𝑈𝑈𝑈𝑈𝑈 = 10.87𝑀𝑀𝐺𝐺𝐺𝐺 from DTT results. This can 
be explained by the existence of steel 
reinforcement and steel dowel in slim UHPFRC 
web, resulting in restrained shrinkage and thus 
pre-damage in UHPFRC materials. 

(3) The values of nominal tensile stress at the
bottom of UHPFRC component when crack 
opening reach 0.05mm and 0.1mm are around 
20MPa and 32MPa. 

(4) The sectional analysis method considering
the tensile properties of UHPFRC can precisely 
predict the flexural resistance of proposed 
composite beam under sagging moment. 

(5) Further studies on the shear behavior and
model of proposed composite structure should be 
conducted in the next step.  
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Abstract 
A project is located in the core area of the high-speed railway station, subject to large traffic 
volume and various controlling factors. A new steel-UHPC composite slab girder bridge is adopted 
based on and taking into account the characteristics of the project. Compared with the 
conventional structure, the self-weight of the bridge superstructure is greatly reduced; meanwhile, 
the size and weight of the lower part of the bridge are further reduced due to the fact that the 
prestressed concrete bent cap with large volume and weight is replaced by steel box beam; the 
fact that longitudinal and transverse beams are connected by high-strength bolts speeds up the 
on-site construction progress. Furthermore, components of the project have light self-weight and 
are easy to transport and install, which further reduces the impact of the construction on the 
environment. This paper introduces the design scheme and stress analysis of the new steel-UHPC 
composite beam structure, with the aim of providing reference for similar projects in the future. 

Keywords: new steel-UHPC composite slab girder bridge; light self-weight; steel box beam; high strength 
bolt connection; stress analysis. 

1 Introduction 
The development of steel bridge has a history of 
more than 100 years, and the steel-concrete 
composite beam bridge has a history of nearly 70 
years. Since the reform and opening up, China has 
built many steel bridges and steel-concrete 
composite girder bridges, which have made 
important contributions to the national economic 
and social development. However, long-term 
engineering practice shows that the steel bridge 
deck pavement is very easy to be damaged, and 
fatigue cracks are easy to appear at various joints 
of orthotropic steel bridge deck; For steel-
concrete composite beam bridge, tensile cracking 
is easy to occur in the negative moment area of 
the structure, and due to large self-weight and 
large amount of materials, the structural 
applicability and economy are getting worse and 

worse with the increase of span and structural 
complexity [1]. 

A project is located in the core area of the high-
speed railway station. There are dense buildings 
on both sides of the road, heavy ground traffic, 
many existing buildings and structures, and there 
are many intersections with the subway. The 
complex construction conditions have made the 
conventional bridge structure design scheme no 
longer applicable. In this paper, a new steel-UHPC 
composite slab girder bridge structure is proposed 
based on ultra-high performance concrete, so as 
to carry out its application technology research, 
further strengthen the application and promotion 
of UHPC materials in bridge engineering, and 
make an important contribution to the 
construction of infrastructure and technical 
progress of bridge engineering in our country. 
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2 Characteristics and development 
status of steel-UHPC structure 

Steel concrete composite bridges use physical and 
mechanical properties of steel and concrete 
materials to learn from each other and combine 
the two materials to form an integral structure. 
Composite structure bridges are widely used in 
bridge engineering because of their advantages 
such as fast construction speed, low construction 
cost and good integrity of bridge surface[1]. 
However, due to the mechanical properties of 
concrete materials such as low tensile strength 
and obvious shrinkage and creep effect, the 
concrete bridge deck is very easy to crack under 
external load and effect [2]. 

As a new type of cement-based composite 
material, ultra-high performance concrete (UHPC) 
has ultra-high compressive strength and high 
tensile strength. It has the advantages of high 
elastic modulus, low creep coefficient and good 
durability [3] [4] [5], which enable UHPC to greatly 
reduce the structural size and improve the 
durability of the structure. Meanwhile, UHPC 
bridge deck can solve the problems such as 
orthotropic plate fatigue and steel deck 
pavement[6] [7], It has a wide application prospect 
in the field of bridge engineering in China. At 
present, scholars at home and abroad have done a 
great deal research on ultra-high performance 
concrete, but it is rarely applied to practical bridge 
engineering. 

Replacing the ordinary concrete deck slab in the 
steel-concrete composite bridge with UHPC deck 
slab can not only effectively improve the 
mechanical performance of the deck slab and 
reduce the cracking disease, but also optimize the 
thickness of the deck slab, significantly reduce the 
self-weight of the composite beam, reduce the 
lower size of the bridge and improve the overall 

structural performance. At present, the steel 
UHPC composite beam structure is only 
successfully used in the Fifth Nanjing Yangtze 
River Bridge, and most of the engineering 
applications of UHPC materials are still at the steel 
bridge pavement level. Steel-UHPC composite 
structure is suitable for prefabricated construction 
and has a good application prospect in the rapid 
construction technology of prefabricated bridges[8]. 

3 Structural design and application 
of new steel-UHPC composite plate 
girder bridge 

3.1 Structural design 

In this case, the new steel UHPC composite plate 
beam adopts continuous beam structure, the 
fulcrum adopts box steel beam, the single hole 
span is 30m~35m, and the total width of the 
structure is 26.6m. A total of 8 longitudinal beams 
are set in the transverse direction of the bridge, 
and the beam height at the centreline of the 
longitudinal beam is 1.5m. The longitudinal beams 
are connected by small beams with a standard 
spacing of 6m. The small beams are made of 
standard specification section steel and connected 
with the longitudinal beam through high-strength 
bolts. 

UHPC bridge deck is paved on the steel beam, and 
the steel and concrete are connected by shear 
nails to form a composite section. The standard 
thickness of bridge deck is 17cm, and the 
thickness at the position of longitudinal beam and 
cross beam is thickened to 23cm. The single span 
bridge is divided into three precast slabs in the 
transverse direction, the length of the precast slab 
is 3.0m ~ 3.3m in the longitudinal direction, and a 
30cm wide wet joint is set between the precast 
slabs. 

Fig. 1 elevation view of new steel UHPC composite slab girder bridge 

718



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Fig. 2 section A-A 

Fig. 3 section B-B 

Fig. 4 effect drawing of new steel UHPC composite slab 
girder bridge 

The box steel beam is 2.3m high, the beam top 
adopts variable slope design to adapt to the 
change of cross slope of bridge deck, and the 
beam bottom adopts flat slope. The total length of 
the beam is 26.2m, the width of the middle 
fulcrum is 1.8m, and the width of the side fulcrum 
is 1.2m. The bottom surface of the beam is 
provided with two supports with a spacing of 7.5m. 
Transverse diaphragms and longitudinal and 
transverse stiffeners are set inside the box beam, 
and solid web diaphragms are set at the 
corresponding positions of supports and 
longitudinal beams. 

The structure and construction conditions of the 
project are complex. On the premise of ensuring 
quality and accuracy, it is required to realize rapid 
construction. Considering the advantages and 
disadvantages of steel structure welding and 
bolting[9] [10] [11], it is proposed that the longitudinal 
beam and box beam are connected by bolt 
welding, in which the top plate of I-shaped steel 

longitudinal beam is aligned with the top plate of 
beam and connected by welding; and the web and 
bottom plate of the longitudinal beam are 
connected with the steel beam by high-strength 
bolts. 

3.2 UHPC material properties 

The introduction of coarse aggregate into UHPC 
bridge deck to form coarse aggregate active 
powder concrete bridge deck can effectively 
reduce the production cost and has good 
application performance in bridge engineering 
construction. It has been successfully applied in 
the steel-concrete composite beam bridge deck of 
the Fifth Nanjing Yangtze River Bridge[12]. Coarse 
aggregate reactive powder concrete is defined as: 
concrete with ultra-high strength, high toughness 
and high elastic modulus produced by active 
powder such as cement and admixture, fine 
aggregate, coarse aggregate with particle size no 
more than 10mm, high-strength micro steel fibre, 
water reducer and plasticizer mixture, water and 
other component materials[3] [4] [5]. The volume 
content of steel fibre of UHPC is 2.5%, and the 
water binder ratio should be 0.16 ~ 0.22. 

The standard value of the compressive strength of 
the prism of UHPC material is 0.6 times of the 
cube compressive strength, the partial coefficient 
of the material is considered as 1.5, and the 
tensile strength is considered as 10% of the 
compressive strength. UHPC has the 
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characteristics of axial tensile strain hardening. 
The mechanical property test of UHPC should be 
carried out according to the method specified in 
the standard for test methods of mechanical 
properties of ordinary concrete (GB / T 50081-
2016), and the cube compressive strength test 
should be 100mm × 100mm × 100mm cube 
specimen with loading rate of 1.2Mpa/s. The 
representative value of concrete specimen should 
be determined in accordance with the provisions 
of standard for inspection and evaluation of 
concrete strength (GB / T 50107-2010). The 
freezing resistance grade of UHPC is designed to 
be F500 with the permeability grade to be P40[13]. 
The main design parameters of UHPC material are: 
cube compressive strength 150Mpa, axial 
compressive strength 60Mpa (standard value 
90Mpa), axial tensile strength 6Mpa (standard 
value 9Mpa), elastic modulus 54Gpa, initial crack 
flexural tensile strength 10Mpa, flexural tensile 
strength 18Mpa, fracture toughness is 20KJ/m2, 
specific gravity is 2.65t/ m3. 

4 Stress analysis of main structures 

4.1 Steel longitudinal beam 

The stress calculation of longitudinal beam adopts 
the beam grid methodology, and the effective 
distribution width of longitudinal bridge deck is 
determined according to the requirements of the 
specification. According to the construction 
sequence of erecting steel beam first followed by 
bridge deck, a finite element model is established. 
The model is divided into elements according to 
structural geometric structure, plate thickness 
change and other factors. The concrete bridge 
deck element and steel beam element are 
connected by common node. The longitudinal 
beam is 1500mm high, the top plate is 400mm 
wide and 14 ~ 36mm thick; and the bottom plate 
is 600 ~ 750mm wide, 20 ~ 36mm thick and the 
web is 12 ~ 14mm thick. The spacing between 
vertical stiffeners of longitudinal beam web is 2m 
in the middle of the span, and densification design 
is carried out at the fulcrum. The dead weight of 
the structure, temperature, bearing settlement, 
concrete shrinkage and creep and other effects 
are considered for the model load, and the urban-

A mobile vehicle load is adopted for the live load. 
The finite element model is shown in Figure 5. 

Fig. 5 finite element model of longitudinal beam 

Figure 6 stress of top plate of longitudinal beam 

Figure 7 stress of longitudinal beam bottom plate 

As can be seen from the above figure, the 
maximum tensile stress of steel beam top plate is 
223Mpa, the maximum compressive stress is 
153Mpa, the maximum tensile stress of bottom 
plate is 230Mpa, and the maximum compressive 
stress is 239Mpa, meeting the requirements of 
Q345 steel strength design value of 270Mpa. 

4.2 Steel horizontal beam 

Steel beam is the focus of the structural design of 
new steel-UHPC composite slab beam. The middle 
beam with complex stress is selected as the 
research object, and the finite element model is 
established. The concrete deck element and steel 
beam element are connected by common node. 
The steel beam is 26.2m long and 1.8m wide. The 
bottom surface of the beam is provided with two 
supports with a spacing of 7.5m. The finite 
element model is shown in Figure 8. 

Fig. 8 finite element model of bent cap 
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The 2.3m beam height model used in the design 
(roof thickness 36mm, bottom plate thickness 
32mm) is selected to study the influence of four 
kinds of bridge deck thickness on the stress of 
beam structure. Meanwhile, in order to 
demonstrate the rationality of the 2.3m beam 
height used in the design, four beam height 
models are selected to calculate the maximum 
tensile and compressive stress in normal use. Each 
research parameter as obtained is proportional to 
the maximum tensile and compressive stress, as 
shown in Fig. 9 ~ 10. 
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Fig. 9 relationship between bridge deck thickness and steel 
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Fig. 10 relationship between beam height and steel beam 
stress 

As can be seen from Figure 9, with the increase of 
the thickness of the bridge deck, the greater the 
stress of the steel beam becomes. The maximum 
stress corresponding to the 17cm thick UHPC 
bridge deck used in the design is at the bottom 
edge of the steel beam, the stress value is 
225.4Mpa, and the design strength is 20%. If C50 
concrete slab is used, that is, when the thickness 
of bridge deck is 25cm and 30cm, it can be found 
that the steel strength is insufficient, and 

measures such as increasing the beam height or 
increasing the thickness of beam top and bottom 
plate need to be taken. 

It can be seen from Figure 10 that the smaller the 
beam height, the greater the stress of the steel 
beam becomes. When the beam height decreases 
to 2.1m, the maximum compressive stress is 
254.8Mpa and the strength margin is only 6%. As 
the beam is designed to control the compressive 
stress at the bottom edge and taking into account 
the economy of structural design, it can be 
deduced that the 2.3m beam height selected in 
the design is reasonable, and the design strength 
is 20% richer at this time. 

4.3 Bridge deck 

Since there are no relevant design specifications 
for ultra-high performance concrete, in order to 
ensure the safety of structural design, the 
concrete bridge deck is simplified into a simple 
supported beam calculation model with 1m slab 
width and 3.45m span. According to the code for 
design of highway reinforced concrete and 
prestressed concrete bridges and culverts (JTG 
3362-2018), the limit state of flexural bearing 
capacity of bridge deck is calculated. Through the 
analysis of the thickness of bridge decks 
commonly used in the project, UHPC plates and 
C50 concrete plates with the thickness of 13cm, 
17cm, 25cm and 30cm are taken respectively to 
calculate the bending capacity of the 
corresponding midspan normal section, and the 
relationship between the thickness of bridge 
decks, materials and bending capacity is obtained, 
as shown in Figure 11. 
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It can be seen from Figure 11 that the excellent 
material properties of UHPC do not contribute 
significantly to the flexural capacity of the bridge 
deck, and the flexural capacity is directly 
proportional to the thickness of the plate. The 
design value of the bending moment at the 
midspan of the bridge deck in the model is 
extracted as 64.2Knm. The new steel UHPC 
composite plate beam adopts 17cm thick UHPC 
plate, with the corresponding bending bearing 
capacity of 85.9kNm and strength margin of 33.8%. 
Meanwhile, as UHPC material has excellent 
properties such as ultra-high strength, high 
toughness, high elastic modulus, low shrinkage 
and fatigue resistance, the use of UHPC sheet can 
meet the needs of engineering design. 

5 conclusion 
1. The new steel-concrete composite slab girder
bridge adopts UHPC material for the bridge deck,
and the self-weight of the structure can be
effectively reduced by more than 30%. Under the
same construction conditions, UHPC thin plate has
the advantage of larger prefabricated area of
single block, reduced number of wet joints and
more reasonable overall stress of bridge deck. The
prestressed concrete bent cap with large volume
and weight is replaced by steel box beam, and the
size of the lower part of the bridge is further
reduced.

2. Under the same design parameters, using UHPC
thin plate, the design strength of steel beam is up
to 20%, while using thicker ordinary concrete
bridge deck, the strength of steel beam is
insufficient. Therefore, the use of UHPC thin plate
can not only reduce the dead weight of the bridge
deck itself, but also reduce the beam height and
steel consumption, which is in line with the
national concept of green environmental
protection.

3. UHPC materials do not contribute significantly
to the improvement of the flexural bearing
capacity of the bridge deck. The design adopts
17cm thick UHPC slab, and the strength margin of
the bridge deck is 33.8%. However, due to its
excellent flexural tensile strength, fracture
toughness and crack resistance, the use of UHPC
sheet can meet the needs of engineering design.

4. The new steel UHPC composite slab girder
bridge proposed in this paper needs to be
combined with relevant tests in the later stage to
comprehensively study its engineering
characteristics.
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Abstract 
This paper studies the long-term shrinkage and creep performance of C60 low shrinkage and low 
creep high performance concrete used in the main bridge of continuous rigid frame box girder 
bridge. The finite element model of the bridge is established by finite element simulation software. 
Firstly, the shrinkage and creep effect of the main bridge over a long time is calculated and analyzed 
by using the shrinkage and creep model of C60 low shrinkage and low creep concrete and different 
specification models of ordinary C60 concrete. The effects of shrinkage and creep on the internal 
force, stress, deflection and prestress loss of the main beam of the bridge under different loading 
ages are studied. Finally, combined with the prior information of concrete materials and data 
sample information, bayes method is used to predict the service reliability of the bridge. The 
research results can provide guidance for the long-term shrinkage performance and creep reliability 
of the bridge. 

Keywords: C60 low shrinkage and low creep high performance concrete; Shrinkage creep effect; 
Bayesian updating method; Failure probability; Bridge reliability 

1 Introduction 
Concrete shrinkage and creep is a unique time-
varying characteristic of the material itself. 
Concrete creep is a phenomenon that the creep 
increases with the increase of load holding age 
under the action of long-term load [1-3]. Concrete 
shrinkage and creep will increase the prestress loss, 
long-term deformation and internal force 
redistribution of concrete bridges after long-term 
operation [4]. Therefore, many studies began to 
carry out relevant research represented by C60 
high-performance concrete and put relevant 
research into real bridge application [5-10]. With 
the construction and use of a large number of 
prestressed continuous rigid frame bridges, the 
phenomena of bridge deflection, prestress loss and 

cracking caused by concrete shrinkage and creep 
are common [11-13]. Therefore, the research on 
the ultra long-term shrinkage and creep effect and 
long-term reliability of C60 low shrinkage and low 
creep prestressed continuous rigid frame bridge 
has certain theoretical value and economic 
significance. 

In recent years, a large number of scholars have 
studied the shrinkage and creep effect of concrete 
used in long-span bridges. Liu et al. [14] analyzed 
the shrinkage and creep effect of Hong Kong Zhuhai 
Macao Bridge over a long period of 30 years by 
carrying out the shrinkage and creep test of high 
crack resistant dense homogeneous concrete used 
in Hong Kong Zhuhai Macao Bridge; Pan et al. [15] 
proposed a modified shrinkage and creep 
prediction model through the shrinkage and creep 
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test of high-strength and high-performance 
concrete used in Sutong Bridge and applied it to the 
calculation and analysis of Sutong bridge; Meng et 
al. [16] provided a new idea to improve the 
prediction accuracy of shrinkage and creep effect 
of long-span prestressed concrete box girder 
bridge by carrying out the experimental research 
on concrete shrinkage and creep of "material level, 
component level and structure level"; Ma et al. [17] 
carried out the creep test of high-performance 
concrete used in Jingzhou Yangtze River Bridge, 
combined with the finite element model, and 
compared the standard model with the user-
defined creep prediction model. 

For the study of long-term reliability of concrete 
bridges, Li and fan [18] proposed a multi-
dimensional failure probability calculation method 
based on subset simulation method; Fan [19] 
proposed a new method for failure probability 
analysis of long-span bridge girder based on 
optimal r-vine copula information; Lantsoght [20] 
proposed the failure probability calculation 
method of shear failure of bridges; Zhu and 
Frangopol [21] put forward the calculation method 
of cumulative time failure probability of bridge 
components; Luo et al. [22] deduced the failure 
probability calculation formula of each failure 
mode of the bridge based on Copula theory; Zhu et 
al. [23] proposed the calculation method of time-
varying reliability and failure probability of 
concrete bridge components; Yang et al. [24] 
established the reliability analysis method of 
dynamic copula model considering the dynamic 
correlation of bridges; Zhang et al. [25] studied the 
monitoring method of long-term state of bridge by 
using copula model. 

The organizational structure of this paper is as 
follows. Firstly, by establishing the finite element 
model of C60 low shrinkage and low creep 
continuous rigid frame bridge, this paper compares 
and analyzes the shrinkage and creep effect of the 
main bridge over a long time. Then, based on the 
finite element model, Bayesian updating method is 
used to evaluate and predict the service reliability 
of the main bridge. 

2 Analysis of shrinkage and creep 
effect of real bridge 

2.1 Engineering background 

A prestressed continuous rigid frame box girder 
bridge has a total length of 2.9 km, of which the 
span of the main bridge is (115 + 215 + 115) m and 
the design load is highway grade i-i. The main 
bridge adopts a single chamber box section. The 
top plate of the box girder is 16.25m wide and 
0.30m thick. The one-way cross slope is 2%, and the 
bottom plate is 8.15m wide. The cross bridge is 
horizontal to the bottom plate. The beam height at 
the middle of the main span is 4.2m, the beam 
height of the pier section is 12.8m, and the height 
span ratio is 1/16.8. The height of the box girder 
changes according to the parabola of 2.0 degree, 
and the main body of the box girder adopts C60 low 
shrinkage and low creep high-performance 
concrete. The pier is made of C40 concrete, and the 
superstructure is arranged in a separated double 
width structure horizontally. Figure 1 shows the 
structural layout of the main bridge of the bridge. 

Figure 1. Layout of main span structure of the 
bridge 

2.2 Finite element model 

In this paper, the finite element software ANSYS is 
used to establish the simulation model of a long-
span prestressed continuous rigid frame bridge 
(115 + 215 + 115) m (Figure 2). In the model, the 
box girder is established by beam element. There 
are 315 nodes and 134 beam elements in the whole 
bridge. According to the calculation mode specified 
in different specifications [26,27] at home and 
abroad. The shrinkage and creep model of C60 low 
shrinkage and low creep high performance 
concrete used for the main bridge adopts the 
prediction model established in literature [28], and 
is simulated by time-dependent material function. 

725



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Figure 2. finite element model of main bridge 

2.3 Analysis of shrinkage and creep effect 

The shrinkage and creep of concrete have certain 
effects on the structural internal force, section 
stress, main beam deflection and prestress loss of 
the bridge in the operation stage. It is discussed 
from two aspects: different specification models 
(CEB-FIP (2010), ACI specification model, C60 low 
shrinkage and low creep high performance 
concrete prediction model) and different loading 
ages (5d, 7d, 10d and 28d), The shrinkage and 
creep effects of the mid span position within 100 
years of the design reference period are compared 
and analyzed. In the bridge operation stage, CEB-
FIP (2010), ACI specification model and C60 
shrinkage and creep prediction model of low 
shrinkage and low creep high-performance 
concrete are used to compare and analyze the 
structural internal force under the action of 
shrinkage and creep in the design reference period 
of 100 years, taking into account the sensitive 
parameters such as structural self weight, phase II 
dead load and vehicle load, as shown in figure 3, 
figure 4 and figure 5. 

It can be seen from figure 3- figure 5 that the 
maximum bending moment under JTG 3362-2018 
specification model reaches -5.12×105kN·m for the 
shrinkage and creep effect of ordinary C60 
concrete when the bridge is completed for 100 
years. The maximum bending moment under ACI 
code model reaches -4.75×105kN·m. The maximum 
bending moment under CEB-FIP(2010) 
specification model reaches -5.04. The maximum 
bending moment of C60 low shrinkage and low 
creep high performance concrete under shrinkage 
and creep effect is -3.92×105kN·m, which is about 
0.8 times that of ordinary C60 concrete. From the 
above results, the use of C60 low shrinkage and low 
creep high-performance concrete can effectively 

reduce the change of internal force of main beam 
compared with ordinary C60 concrete. 

Figure 3. bending moment diagram of ACI 
specification model/（×105kN·m）

Figure 4. bending moment diagram of CEB-
FIP(2010) specification model /（×105kN·m） 

Figure 5. bending moment diagram of C60 
specification model /（×105kN·m） 

Based on the shrinkage and creep prediction model 
of C60 low shrinkage and low creep high 
performance concrete, this paper calculates the 
influence of shrinkage and creep effect on stress at 
different loading ages (5d, 7d, 10d and 28d), as 
shown in Figure 6. 

It can be seen from Figure 6 that the loading age 
has a certain impact on the stress of the upper and 
lower flanges of the midspan section. Under 
different loading ages, the stress changes of the 
upper and lower flanges of the midspan section are 
basically the same. The change is significant in the 
first ten years and tends to be stable after ten years; 
For the upper flange of mid span section, the 
compressive stress of 24d is reduced by about 
0.2MPa compared with 5d in 10 - 100 years of 
bridge completion; For the lower flange of midspan 
section, the compressive stress of 24d loading age 
increases by about 20.4% compared with 5d in 10 - 
100 years of completion.
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（a）Upper flange stress distribution （b）Lower flange stress distribution 

Figure 6. Influence of shrinkage and creep effect at different ages on stress change of midspan section 
within 100 years 

By comparing and analyzing the influence of 
shrinkage and creep effect on the deflection of the 
middle section of the main span of the bridge 
within 100 years under the JTG 3362-2018 
specification model of ordinary C60 concrete, CEB-
FIP (2010) specification model, ACI specification 
model and the shrinkage and creep prediction 
model of C60 low shrinkage and low creep high 
performance concrete (the loading age is 7d), as 
shown in Figure 8 and table 1, and the finite 
element model of structural downward deflection 
is shown in Figure 7. 

It can be seen from figure 8 and table 1 that under 
different shrinkage and creep models, the 
deflection of midspan section increases rapidly in 0 
-10 years, slows down after 10 years of completion
of the bridge, and gradually tends to be stable; The
effects of shrinkage and creep on deflection under
different prediction models are quite different.
Under the ACI specification model of ordinary C60
concrete, JTG 3362-2018 specification model and
CEB-FIP (2010) specification model, the midspan
deflection after 30 years of completion is 89.72mm,
93.91mm and 87.96mm respectively. After 100
years of completion, the midspan deflection is
90.07mm, 107.61mm and 101.68mm respectively,
with an increase of 0.39%, 14.59% and 15.6%
respectively compared with 30 years of completion,
Under the shrinkage and creep prediction model of
C60 low shrinkage and low creep high-performance
concrete, the midspan deflection is 40.428mm

after 30 years of completion, and 40.94mm after 
100 years of completion, with an increase of 1.27% 
compared with 30 years of completion. Compared 
with other specification models, the calculated 
value increment of midspan Section Deflection in 
100 years is only 38% - 45% of the calculated value 
increment of deflection under other specification 
models. 

Figure 7. downward deflection of main bridge 
structure 
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Figure 8. time-varying analysis of deflection of 
midspan section under shrinkage and creep 

Table 1. Mid span deflection under different code 
models /mm 

Time C60 model ACI CEB-FIP 

0 0 0 0 

1 -21.58 -49.97 -25.87

3 -31.20 -69.20 -45.49

10 -39.05 -85.60 -70.93

20 -40.14 -89.21 -86.54

30 -40.43 -89.72 -93.91

50 -40.70 -89.93 -100.82

70 -40.83 -90.01 -104.38

100 -40.9436 -90.07 -107.62

Based on the shrinkage and creep prediction model 
of C60 low shrinkage and low creep high 
performance concrete, the influence of shrinkage 
and creep effect on deflection at different loading 
ages (5d, 7d, 10d and 28d) is calculated, as shown 
in Figure 9 and table 2. It can be seen from Figure 9 
and table 2 that the loading age has a great 
influence on the deflection of midspan section. The 
deflection of the completed bridge is positively 
correlated with the loading age. When the bridge is 
completed for 100 years, the deflection at the 
loading age of 5d, 7d, 10d and 28d under the action 
of shrinkage and creep effect is 53.02mm, 
40.94mm, 32.17mm and 17.42mm respectively, 
and the deflection at the loading age of 28d is 67.14% 
lower than that at the loading age of 5d. 

Figure 9. time varying diagram of mid span 
deflection under different loading ages 

Table 2 midspan deflection at different loading 
ages 

Time 5d 7d 10d 28d 

0 0 0 0 0 

1 -27.98 -21.58 -17.18 -9.10

3 -40.39 -31.19 -24.59 -13.25

10 -50.49 -39.05 -30.63 -16.56

20 -51.94 -40.14 -31.49 -17.04

30 -52.33 -40.43 -31.73 -17.18

50 -52.68 -40.69 -31.97 -17.31

70 -52.87 -40.83 -32.09 -17.37

100 -53.02 -40.94 -32.18 -17.422

3 Time varying reliability analysis 
based on Bayes updating method 

3.1  Bayes method to update structural 
model parameters 

When the structure is in service, its performance 
will change and the structural reliability will be 
reduced. Therefore, it is necessary to update the 
structural model parameters to make the 
structural reliability prediction more practical. 
Bayes method is widely used in structural reliability 
analysis. It integrates a priori information and 
sample information to update the model 
parameters, reduces the subjective uncertainty, 
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and provides a new thinking for reliability analysis 
[29-31]. 

A model parameter is assumed to be 𝜃𝜃, Pdf priori a 
is ( )f θ , and the test sample data y C, then a 
posteriori Pdf is: 

( | ) ( | ) ( )f y kf y fθ θ θ=           （1） 

Where: 1/ ( )k f y= ， ( | )f y θ  is the likelihood 
function, and pdf is related to the model error. The 
probability model error is represented by discrete 
Gaussian process, and each element is 
independent. The mean value is 0 and the standard 
deviation is σ . Then the likelihood function is: 

0
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 = − −  
∑       （2） 

Negative log likelihood function: 
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Take the derivative of σ in formula (3) and make 
the expression equal to 0 to obtain: 
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σ θ θ

=

= −∑    （4） 

After minimizing equation (4), the most likely value 
of θ̂  and the corresponding model error standard 
deviation is obtained. When enough sample data n 
is obtained, the prior distribution will not be 
dependent on the posterior distribution.  

When there is a unique θ̂ , the pdf updated by the 
model parameters is estimated with the help of 
Gaussian distribution, and θ̂  is the most likely 
mean of the ground, and the covariance can be 
calculated by Hessian matrix. 

3.2 Case analysis 

Taking the mid span section of the main bridge as 
the analysis object, the reliability of down 
deflection and flexural capacity is calculated and 
analyzed. The main beam adopts single box single 
chamber box type variable section, and its variation 
form is quadratic parabola. The top plate and 

bottom plate are 16.25m and 8.15m wide 
respectively.  

Figure 10. mid span section of main bridge box 
girder/cm 

Based on the prior information and data sample 
information of the shrinkage and creep effect of 
C60 low shrinkage and low creep high performance 
concrete, combined with the uncertainty 
calculation method of shrinkage and creep 
prediction mode introduced in literature [32], the 
Bayesian method is used to update the uncertainty 
coefficient of shrinkage and creep, and the 
posterior distribution law is obtained, as shown in 
Figure 11, and the calculation of deflection failure 
probability is shown in Figure 12. 

It can be seen from the figure that the standard 
deviation of the uncertainty coefficient of 
shrinkage and creep decreases gradually with the 
increase of the number of updates; The annual 
failure probability of downward deflection of 
bridge structure using C60 ordinary concrete is 5.5 
× 10-6. The annual failure probability of downward 
deflection of bridge structure using C60 low 
shrinkage and low creep high performance 
concrete is 1.3 × 10-6, about 25% of C60 ordinary 
concrete. This shows that the use of C60 low 
shrinkage and low creep high-performance 
concrete can effectively reduce the failure 
probability compared with C60 ordinary concrete. 
The results of deflection failure probability before 
and after the update are quite different. The failure 
probability after the update is less than that before 
the update. With the increase of the number of 
updates, the failure probability of the bridge 
structure in the re service period decreases, which 
shows that the update and correction using the 
measured information can effectively improve the 
structural reliability evaluation results.
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.

Figure 11. standard deviation of uncertainty coefficient of shrinkage and creep after updating 

(a) Annual failure probability before update (b) annual failure probability after update

Figure 12 Comparison of annual failure probability before and after update 

4 Conclusions and further study 
Based on the engineering background of a long-
span prestressed continuous rigid frame box girder 
bridge with C60 low shrinkage, low creep and high-
performance concrete, the finite element model of 
the main bridge is established in this paper. The 
influence of shrinkage and creep effect on internal 
force, stress, deformation and prestress loss of 
bridge structure under long-term operation is 
analyzed. Using MATLAB software programming, 
integrating the prior information of C60 low 
shrinkage and low creep high-performance 
concrete material parameters and existing data 
samples, the parameters are updated by Bayesian 
method, and the time-varying reliability of the 
bridge in service period is analyzed. The main 
conclusions are as follows. 

(1) The existing shrinkage and creep prediction
models (GL2000, ACI-209, etc.) have certain errors
in predicting the shrinkage and creep of C60 low

shrinkage and low creep high-performance 
concrete, and the deviation is up to 40%. The 
prediction model of shrinkage strain and creep 
coefficient of C60 low shrinkage and low creep high 
performance concrete selected in this paper has 
been tested, and the prediction accuracy is good. 

(2) The internal force, stress, deformation and
prestress loss calculated by the modified prediction 
model based on the test results are less than the
prediction results of the bridge gauge, indicating
that the shrinkage and creep effect of materials has 
a great impact on the structure. The shrinkage and
creep effect of C60 low shrinkage and low creep
high performance concrete is more favorable to
the structure than that of C60 ordinary concrete.
The shrinkage and creep effects of concrete at
different loading ages also have a certain impact on 
the structural parameters of existing bridges. The
longer the loading age is, the safer the bridge
structure is relatively.

10 15 20 25 30 35 40
0.405

0.410

0.415

0.420

0.425

0.430

0.435

0.440
Sh

ri
nk

ag
e 

un
ce

rt
ai

nt
y 

fa
ct

or

Service time/a

Updated

10 15 20 25 30 35 40

0.300

0.305

0.310

0.315

0.320

0.325

0.330

0.335

C
re

ep
 U

nc
er

ta
in

ty
 C

oe
ff

ic
ie

nt

Service time/a

Updated

0 20 40 60 80 100
10-7

10-6

10-5

10-4

U
nu

pd
at

ed
 A

nn
ua

l F
ai

lu
re

 P
ro

ba
bi

lit
y

year

 C60 low shrinkage low creep high performance concrete
 C60 ordinary concrete

0 10 20 30 40 50 60 70 80 90
8.5E-07

9.0E-07

9.5E-07

1.0E-06

1.0E-06

1.1E-06

1.1E-06

1.2E-06

1.2E-06

1.3E-06

U
pd

at
ed

 A
nn

ua
l F

ai
lu

re
 P

ro
ba

bi
lit

y

Re-service time/a

first update
second update
third update
Fourth update

730



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

(3) In this paper, by synthesizing the prior
information and data samples of concrete
materials, the failure probability curve updated by
Bayesian method can better represent the
characteristics of resistance deterioration. The
more data sample information, the more accurate
the reliability prediction result of the bridge. The
research results can provide a reference for the
reliability prediction of prestressed continuous
rigid frame bridge using C60 low shrinkage, low
creep and high performance concrete.
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Abstract 
Currently, research on wind fields of U-shaped valleys is rarely reported. In order to study the wind 
characteristics in a mountainous U-shaped valley, a lidar was placed at a bridge site located in a U-shaped 
valley. Then, nearly 6 months of original data ranging from 0 m to 810 m were analyzed statistically. It was 
found that the wind parameters are correlated among different virtual wind towers (VWTs). The wind speed 
profile is divided into three categories: disordered, linear and nonlinear. The wind direction is consistent with 
the main wind direction at the bridge site and the average wind direction of different VWTs has a high 
consistency. The concept of wind-direction deflection rate is put forward to describe the variation of wind 
direction with height. These measured wind parameters could be used as a reference for bridge wind-
resistant design. 

Keywords: bridge engineering; wind characteristics; field measurement; U-shaped valley; lidar; bridge site 

. 

1 Introduction 
Many long-span bridges have been built in 
mountainous valley areas, for example, Royal 
Gorge Bridge, (1929, 384 m), Cañon City, Colorado, 
USA; and Yachihe Bridge (2016, 800 m), Guizhou 
Province, China; and more will be built in the future. 
The requirement for long-span bridges in 
mountainous valley areas also enhances the 
performance standard of long-span bridges. 
Among them, the influence of wind on the long-
span bridges cannot be ignored, and is even one of 
the critical factors. At the same time, the 
distribution of wind parameters in mountainous 
valley terrain is complex and different from that in 
flat terrain. Although much research has been 
conducted in this field, due to the impact of 
topographic relief and elevation changes, the 
spatio-temporal distribution of wind speed in 
mountainous valley areas has its own unique 

patterns, which are generally analyzed on a case-
by-case basis and are difficult to be described by a 
unified mathematical model. At present, the study 
of wind parameters in mountainous valley areas is 
one of the hot topics in wind engineering research. 

Wind tunnel terrain model test, numerical 
simulation, and field measurement are the mainly 
method to study the wind parameters. Wind tunnel 
terrain model test is widely used, but there is room 
for improvement in accuracy because of 
characteristic flow simulation and scaling model 
making [1]. With the development of computer 
technology and computational fluid dynamic (CFD), 
numerical simulation methods have been applied 
more and more widely, and their reliability has also 
been verified [2]. However, further research is 
needed in calculating domain size and setting 
boundary conditions. In spite of the time 
consuming, huge investment and limited measured 
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positions, field measurement can obtain the most 
direct and reliable wind field data, and it is often 
used as the verification standard for the analysis 
results of the first two methods [3-4]. 

From the perspective of measuring equipment 
performance, field measurement can be divided 
into direct measurement and indirect 
measurement. Direct measurements, for example, 
tall mast balloons with anemometers have been 
important in defining the profiles of atmospheric 
parameters of the atmosphere boundary layer [5-
7]. The ability to observe atmospheric variables 
with a minimum of assumptions has been widely 
used, despite the development costs and 
associated limitations on sample size. However, 
limited by the performance of direct measurement 
instruments, only limited monitoring positions can 
be set up, and the location of instruments is 
restricted by terrain and other conditions; 
therefore, direct instruments are generally 
installed on the bridge deck of pylons. This method 
is difficult to use to obtain wide-range wind 
parameters at bridge sites, such as the wind profile 
at the bridge midspan located at deep 
mountainous valley. Especially in the design state, 
when the bridge has not been built yet, it is 
impossible to conduct large-scale direct 
observation in a mountainous valley. 

With the development of testing technology, 
especially the application of remote monitoring 
technology, indirect observation is mostly made by 
remote sensors, such as sodar, and lidar, which 
greatly reduce the cost of field measurement and 
allow a large range of massive data to be obtained. 
Owing to the advantages of volume sampling, 
remote sensors are becoming more widely 
recognized, and the availability of improved 
resolution and Doppler capabilities in these remote 
sensors have greatly increased their utility, thus 
making remote sensors the observational platform 
of choice in many situations [8-10]. 

Among the remote sensors, lidar is uniquely 
capable of collecting an all-weather, high-accuracy, 
large detection range high, spatio-temporal 
resolution and other excellent characteristics, and 
is a more powerful instrument for measuring wind 
parameters than others. Charland [11] used the 
Doppler wind lidar (DWL)to research a wildland fire 

plume in complex terrain east of San Jose, CA, USA. 
Vertical wind and turbulence profiles within 200 m 
were measured to study the kinematic structure 
and spatial and temporal evolution of the fire 
plume and found that the velocity accelerates at 
the plume boundary. Liao et al. [12] used the data 
measured by a WindCube lidar installed in 
mountain valley and turbulence characteristics of 
the wind were analyzed. Wang et al. [13] studied 
the wind characteristics in a mountainous valley by 
2D anemometers and 3D Doppler radar. 

At present, the measured research on wind 
parameters of mountainous valleys at bridge site 
areas mostly adopts anemometers or anemometer 
mast. The spatial range of the measured data is 
limited, and it is difficult to arrange multiple wind 
towers in the spanning direction of the bridge due 
to the constraints of terrain and equipment. There 
are limited reports about the wind field 
measurement study of U-shaped valleys through 
lidar. 

 The aim of this paper is to obtain the wind 
characteristics at a bridge site in a U-shaped valley. 
Therefore, in this paper, a lidar was used to study 
the wind field characteristics in a U-shaped valley 
at bridge site. Five virtual wind towers were set up 
at the key position of the main girder for 
continuous observation for about six months. Then, 
through screening the original data, the measured 
data in the range of 0–810 m were analyzed, and 
wind speed and direction were analyzed from the 
perspectives of time, space, and statistical 
distribution. The research method and results can 
provide reference for the study of mountain valley 
wind fields, and it provides a wind parameter basis 
for bridge design. 

2 Topography Description and Field 
Measurement Setup 

A U-shaped valley is the research object, and the 
field measurement is the study method, are 
described as follows. 

2.1 Topography Description 

A U-shaped valley is located in the Jinsha River 
(Lijiang, Yunnan Province, China) under the 
jurisdiction of southwest China, with numerous 
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peaks and ravines crisscrossing, low latitude and 
high altitude, and topographic features and profiles 
of a U-shaped valley, as showed in Figure 1. Its 
climate is dominated by the northern subtropical 
montane monsoon climate. In addition, the main 
wind direction in this region is southwesterly, and 
gale weather appears from November to April. A 
long-span suspension bridge will cross the U-
shaped valley, with an elevation of about 2000 m 
and a height of about 600 m above the river, as 
shown in Figure 1.  

Figure 1.  U-shaped valley and bridge 

2.2 Lidar System 

Compared with traditional wind measurement 
means, such as anemometers and sodar, the 
Wind3D 6000 3D scanning wind measuring lidar 
has the advantages of higher measurement 
accuracy, higher spatial and temporal resolution, 
and lower detection blind area. An optical scanning 
mirror is equipped with high-pointing accuracy, 3D 
scanning detection can be realized, and the 
maximum detection radius can be up to 6 km. In 
addition, the lidar has the advantages of small size, 
light weight, and low power consumption, which 
makes it easy to build stations and transport in the 
field, as shown in Figure 1. 

Figure 2.   Wind3D 6000 Lidar system 

2.3 Setup of the Lidar 

The setup of the lidar system is divided into site 
selection, measuring scheme, installation, 
debugging, and testing. The details are as follows: 

1) Site selection: After a detailed field investigation, 
the lidar is installed beside the highway. The site is
open and unobstructed, the horizontal distance
from the midspan of the bridge is about 1700 m,
and the vertical height difference is about 200 m,
which is convenient for transportation and field
electricity consumption, as shown in Figure 1.

2) Measuring scheme: In order to measure the
distribution characteristics of wind parameters in
the spanning direction of the bridge, measuring
points are arranged at 5 key positions: the west
bridge tower, 1/4 span, midspan, 3/4 span, and
east bridge tower, respectively. Five virtual wind
measuring towers are set up, namely from VWT-1
to VWT-5, as shown in Figure 1.

3) Installation: the lidar system is equipped with a
power supply, monitoring, and a 4G network to
facilitate data transmission and site monitoring, as
shown in Figure 2.

4) Debugging: after field debugging, with little
interference from the surrounding environment,
the signal-to-noise ratio (SNR) is greater than 10,
the lidar system runs normally, and the wind
parameter measurement is normal and reliable.

5) Testing: according to the gale wind season from
11/11/2020to 3/5/2021, from late autumn to early
summer, the operating state of the lidar system
was real-time monitored, and a continuous 173
days of data was measured and recorded.

3 Raw Data Validity 
The effective distance of the lidar pulse signal is 
related to weather conditions, especially the 
aerosol content in the air, such as rain, snow, fog, 
and haze, which may change the aerosol content 
and affect the transmission of the echo signal. In 
order to improve the quality and reliability of the 
data, the following screening work was performed 
for the original data before data analysis: 

1) Abnormal value data shall be removed; that is,
when the wind speed or direction exceeds its
measurement range of 0–75 m/s or 0–360°, the
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wind speed or direction is “999”, and it shall be 
removed. 

2) Eliminate unreliable data. According to the
suggestions of the equipment manufacturer, the
larger the SNR, the more reliable the data will be.
When the SNR is less than 10 dB, there may be
strong noise and disturbance, which will reduce the 
reliability of the measured data, so the data shall
be eliminated.

3) Conduct data validity analysis for data with good
continuity and reliability within the scope of
concern, such as 0–810 m.

The data effective ratio is defined as follows: Taking 
24 h per day as the unit time, the total numbers of 
wind speed data at different heights and the total 
numbers of data excluded are counted to obtain 
the total numbers of effective data. Then, the total 
numbers of effective data are divided by the total 
numbers of data to obtain the effective ratio of 
data at different heights, as shown in Eqn. (1). 

𝛽𝛽 = (𝑁𝑁 −𝑁𝑁𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒)/N (1) 

Where,  𝛽𝛽   is the effective ratio,  𝑁𝑁  is the total 
numbers of data at a measured height in a day, and 
𝑁𝑁𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒  is the total numbers of excluded data at a 
measured height in the day. 

As can be seen from Figure 3 and Table 1, the 
measurement range of the lidar is between 0–810 
m per day, and the effective ratio of the data 
fluctuates greatly. Combined with historical 
weather forecasts, it was light rain on 20 January 
and 5 March, the data efficiency was the worst, and 
the data efficiency of each height was less than 0.8. 
It was cloudy on 19 December and the data quality 
was better than that on 20 January. On 25 March 
the day was clear and the effective ratio varied 
from 0.772 to 0.992 and had good performance. It 
can be found that lidar data has a higher quality 
when measured on a fine day. This may help to 
improve the application efficiency of lidar based on 
weather forecasts. 

Figure 3.   Data effective ratio 

Table 1. Historical weather list 

Date Weather Wind 

direction

Effective 
rate 

19/12/2020 Cloudy 
South 
Wind 

Grade 2 

0.382–
0.919 

20/01/2021 
Light 
Rain 

Southwest 
Wind 

Grade 2 

0.134–
0.726 

05/03/2021 
Light 
Rain 

West 
Wind 

Grade 1 

0.263–
0.794 

25/03/2021 
Clear
Day 

Southwest 
Wind 

Grade 2 

0.772–
0.992 

10/04/2021 Fine Day 
Southwest 

Wind 
Grade 2 

0.692–
0.980 

4  Results and Discussion 
Next, the wind speed and wind direction are 
analysed. 

4.1 Wind Speed 

4.1.1 Wind Speed Distribution 

Wind speed spatio-temporal distribution and time 
history at a certain height are shown in Figure 4. It 
can be found that the wind speed varies from 0 m/s 
to 25 m/s. Although the spatio-temporal 
distribution of the wind speed at the same location 
of the virtual wind tower (VWT) is obviously 
nonuniform, its trend among different virtual 
towers is consistent to a certain extent, which 
indicates that wind speed distribution along the 
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spanning direction of the bridge has a certain 
correlation. 

Figure 4.    Spatio-temporal distribution of wind 
speed at VWT-3 

Time history of the wind speed is shown in Figure 5, 
with the height of the bridge deck taken as the 
starting point, from 0 m to 750 m and the interval 
is 150 m; thus, 6 specific heights are selected. The 
starting point on the time axis is selected as 0:0:0 
at midnight every day, and the day is divided into 
240 time periods with an interval of 6 min. Taking 
the third category as an example, the wind speed 
at different heights fluctuates significantly, and the 
degree of fluctuation does not decrease 
significantly with the increase in height, indicating 
that the influence of mountain valley terrain on the 
wind speed is more obvious than that of surface 
roughness. 

Figure 5.   Time history of wind speed at VWT-3 

After preliminary research, it was found that during 
the measurement period, the data with the wind 
speed effective ratio is not less than 0.6, occupied 
only 8%. On the one hand, when wind speed is low, 
the noise proportion of the original data is 
relatively high, and the reliability of the data is 
relatively low. On the other hand, the influence of 
small value wind on wind-resistance performance 

of the structure is negligible. Then, combined with 
the data characteristics, 57% of the data is 
excluded with a minimum wind speed not less than 
7 m/s as the standard. Next, the effective wind 
speed at different virtual tower locations was 
counted, and it was found that the effective data at 
the midspan location accounted for 34%, much 
higher than other measuring positions. Due to the 
influence of valley topography, the effective data 
at the west bridge tower accounted for the lowest 
proportion, only 11%. Furthermore, the effective 
data at VWT-3 was taken as the research object and 
analyzed, as showed in Figure 6. 

Figure 6.   Flow chart of the raw data selection 

In wind-resistance research of long-span bridges, 
the wind speed at the height of main girder 
deserves special attention [14] and is set as the 
reference wind speed, which is used to process the 
dimensionless wind speed. 

4.1.2 Wind Speed  Profile 

After analysis, the nondimensional wind speed 
profiles do not conform to the power or 
exponential law and are classified into three types, 
as shown in Figure 7, respectively. According to the 
shape characteristics of the wind profile, Eqns. (2-
3) are used for the nondimensional wind profile
fitting.

h = 𝑎𝑎𝑎𝑎 + ℎ� (2) 

Where, 𝑎𝑎  is the nondimensional wind speed, h is 
the height (m),  𝑎𝑎 and ℎ� are the parameters (m). 

𝐻𝐻 = ±η√𝑎𝑎 − 𝑎𝑎� + ℎ∗ (3) 

Where,  𝐻𝐻 and ℎ∗ are the height (m), 𝑎𝑎 and  𝑎𝑎�  are 
the nondimensional wind speed, and η  is the 
coefficient of surface roughness (m). 

The first type, Type-1, takes up the highest 
proportion at 62%, and it is discrete and has no 
obvious rule. The second type, Type-2, has 
approximately linear distribution and the 

737



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

nondimensional wind speed in the whole 
measuring space does not change significantly with 
height, which is basically the same as the wind 
speed at the bridge deck. The third type, Type-3, is 
characterized by a relatively high wind speed at the 
bridge deck position as the height rises to about 
400 m and the nondimensional wind speed 
decreases by about 20%, presenting an increasing 
trend. The piecewise exponential function is used 
for fitting. 

(a) 

(b) 

(c) 

Figure 7.   Wind speed profile, (a), disordered, (b), 
linear, (c), nonlinear 

4.2 Wind Direction 

4.2.1 Wind Direction Distribution 

The spatio-temporal distribution of wind direction 
at the locations of the VWT-3 was shown in Figure 
8. Overall, the wind direction ranges from 120° to
300°, with southerly wind dominating, which is
consistent with the annual main wind direction at
the bridge site. Wind direction changes with time,
height, and position in a complex way, and it is
difficult to find a uniform rule.

Figure 8.   Spatio-temporal distribution of wind 
direction at VWT-3 

Taking VWT-3 as an example, 6 specific heights 
were selected. Figure 9 shows the time-history 
change of wind direction at this position. It can be 
roughly seen that wind-direction fluctuation 
decreases with the increase in height, reflecting 
that the interference of a U-shaped valley to 
incoming flow gradually decreases with height. 

Figure 9.   Time history of wind direction at VWT-3 

4.2.2 Wind Direction Deflection 

Taking the midspan position as an example from 
Figure 10, the wind direction rose, and it can be 
seen that the wind direction at the bridge deck 
height is significantly affected by the U-shaped 
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valley terrain, and the wind direction is highly 
dispersed, mainly north and southeast. As height 
rises, the wind direction dispersion decreases, and 
the main wind turns to the right and tends to the 
southwest. In order to study the torsion law of 
wind direction with height, the following analysis 
was made: 

Figure 10.   Wind direction rise diagram at VWT-3 

First, the wind-direction deflection rate α  is 
defined: the wind direction of the oncoming flow 
would deflect with height due to the influence of 
U-shaped valley topography, Coriolis force, and
other factors, which is represented as the change
rate of the angle with the unit height. The smaller
the absolute value α  is, the more violently the
oncoming wind direction is deflected by
disturbance, as shown in Figure 11 and Eqn. (4).

Figure 11.   Wind direction rise diagram at VWT-3 

𝛼𝛼 =  ∂y/ ∂x (4) 

Take the derivative of Eqn. (4), 

𝑦𝑦 =  αx + b (5) 

Where, x  is the wind-direction angle (°), 𝑦𝑦 is the 
height (m), α is the wind-direction deflection rate 
(m/°), and  b is the undetermined constant (m). 

Further, 24 hours is taken as the unit time to 
calculate the average (AVE) and standard deviation 
(STD) of the wind direction. Taking VWT-1 and 
VWT-3 as examples, as shown in Figure 12, the 150 
m height is the turning point, and the AVE and STD 
of wind direction have a numerical mutation, which 
may be due to the blocking effect range of 
mountains in the direction of incoming flow being 
about 150 m. On the one hand, below 150 m, the 
maximum AVE wind direction is about 225° and the 
maximum STD is about 94.3°. On the other hand, 
above 150 m, the AVE and STD of wind direction 
fluctuate weakly; the AVE wind direction increases 
about 14%, from 185° to 211°, and the STD of wind 
direction goes down by 8°and 4°. 

Figure 12.   Average and STD of wind direction 

Next, taking 150 m as the cutoff point, the data is 
divided into two parts, the first stage and the 
second stage. Statistical and fitting analysis was 
made for the AVE wind direction. Deflection of 
wind direction with height is treated as a linear 
piecewise function, as shown in Figure 13 and Eqn. 
(5). 

The fitting results are shown in Figure 13. The wind-
direction deflection pattern shows two linear 
relations of positive and negative. Below the height 
turning point in the first stage, the wind deflection 
rate 𝛼𝛼1 is −10, and in the second stage, the wind 
deflection rate 𝛼𝛼2  is 65/3, |𝛼𝛼2| ≈ 2.17|𝛼𝛼1| . 
According to the definition of 𝛼𝛼, below 150 m, the 
wind deflection is more dramatic, approximately 
2.17 times that above the cutoff point. 
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Figure 13.   The law of wind direction changes with 
height 

5 Conclusions 
The field measurement of a U-shaped valley is 
conducted and the following conclusions are drawn. 

1) Lidar can measure and record wind parameters
in the field for a long time, and in view of the
effective ratio β, measurements taken can obtain
higher quality data when the weather is clear.

2) The wind field data during the measuring period
were selected and analyzed, and the wind field
parameter showed nonuniform characteristics in
time and height.

3) The nondimensional wind speed profile was
divided into three types (disordered, linear, and
nonlinear), and is different from those
recommended in the specification or those in an
open area.

4) The wind direction has a certain consistency at
different VWTs, and the phenomenon of wind
direction twists with the height could be described
by the wind-direction deflection rate α. In addition,
below the cutoff point, the wind deflection is more
dramatic.

5) Confined to the performance of the lidar, no
analysis has been performed on wind speed power
spectrum and spatial coherence, and further
updates of equipment or advanced analysis
method is needed.

6 References 
[1] Bowen AJ. Modelling of strong wind flows over 

complex terrain at small geometric scales.

Journal of Wind Engineering and Industrial 
Aerodynamics. 2003;91(12-15):1859-71. 

[2] Blocken B, van der Hout A, Dekker J, Weiler O.
CFD simulation of wind flow over natural
complex terrain: Case study with validation by
field measurements for Ria de Ferrol, Galicia,
Spain. Journal of Wind Engineering and
Industrial Aerodynamics. 2015;147:43-57.

[3] Lystad TM, Fenerci A, Øiseth O. Evaluation of
mast measurements and wind tunnel terrain
models to describe spatially variable wind field
characteristics for long-span bridge design.
Journal of Wind Engineering and Industrial
Aerodynamics. 2018;179:558-73.

[4] Jing H, Liao H, Ma C, Tao Q, Jiang J. Field
measurement study of wind characteristics at
different measuring positions in a
mountainous valley. Experimental Thermal
and Fluid Science. 2020;112:109991.

[5] AL-JIBOORI MH, F H. Surface roughness
around a 325-m meteorological tower and its
effect on urban turbulence. Advances in
Atmospheric Sciences: English Version.
2005;22(4):595-695.

[6] Ye Z, Li N, Zhang F. Wind characteristics and
responses of Xihoumen Bridge during
typhoons based on field monitoring. Journal of
Civil Structural Health Monitoring. 2019;9:1-
20.

[7] Yu C, Li Y, Zhang M, Zhang Y, Zhai G. Wind
characteristics along a bridge catwalk in a
deep-cutting gorge from field measurements.
Journal of Wind Engineering and Industrial
Aerodynamics. 2019;186:94-104.

[8] Tamura Y, Suda K, Sasaki A, Iwatani Y, Fujii K,
Hibi K, et al. Wind speed profiles measured
over ground using Doppler sodars. Journal of
Wind Engineering and Industrial
Aerodynamics. 1999;83(1):83-93.

[9] Canadillas B, Westerhellweg A, Neumann T.
Testing the performance of a ground-based
wind LiDAR system: One year intercomparison
at the offshore platform FINO1. DEWI-
Magazin. 2011;38:58-64.

740



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

[10] Knoop S, Bosveld FC, de Haij MJ, Apituley A. A
2-year intercomparison of continuous-wave
focusing wind lidar and tall mast wind
measurements at Cabauw. Atmospheric
Measurement Techniques. 2021;14(3):2219-
35.

[11] Charland AM. Doppler wind lidar observations
of a wildland fire plume. State of California,
the United States: San Jose State University;
2012.

[12] Liao H, Jing H, Ma C, Tao Q, Li Z. Field
measurement study on turbulence field by
wind tower and Windcube Lidar in mountain
valley. Journal of Wind Engineering and
Industrial Aerodynamics. 2020;197:104090.

[13] Wang F, Chen XM, He R, Liu Y, Hao JM, Li JW.
Wind characteristics in mountainous valleys
obtained through field measurement. Appl
Sci-Basel. 2021;11(16).

[14] Tang HJ, Li YL, Shum KM, Xu XY, Tao QY. Non-
uniform wind characteristics in mountainous
areas and effects on flutter performance of a
long-span suspension bridge. Journal of Wind
Engineering and Industrial Aerodynamics.
2020;201:104177.

741



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Advances in and Benefits of Rapid Steel Connections 

Salam Al-Sabah 
Arup, Dublin, Ireland 

Debra F. Laefer 
New York University, NY, USA 

Arturo E. Schultz 
University of Texas at San Antonio, TX, USA 

Patrick McGetrick 
National University of Ireland, Galway, Ireland 

Contact:debra.laefer@nyu.edu 

Abstract 
Pairing of robotic arms with precision cutting in the form of laser, plasma, and water jet cutting has 
opened the door to entirely new forms of structural steel connections that can be assembled with 
no field welding and minimal (if any) bolting. Such connections can offer increased erection speed, 
decreased safety issues, and in some cases the opportunity for rapid disassembly, thereby creating 
a pathway for direct reuse. This paper provides an overview on the testing, numerical modeling, and 
field assembly of one such connection – the Intermeshed Steel Connection (ISC). This paper 
highlights features and behaviors of this connection when simulated, tested, and erected in a beam-
to-beam connection and focuses on compliance, ability to be designed reliably, load transfer 
between the side plates and the main member, and the relatively rapid speed of erection compared 
to a traditional fully bolted connection. Because of its limited number of pieces, the connection may 
enable in-situ robotic assembly.  

Keywords: steel connections; digital manufacturing; steel fabrication; steel erection; quick steel 
connections; design for disassembly; robotic assembly. 

1 Introduction 
Steel structures are assembled from many small 
parts connected together to create the final 
configuration. Part sizes are usually maximized to 
the extent possible within manufacturing, 

transportation, and erection limitations. Those 
limits result in the need for many connection pieces. 
Steel connections have been a major factor in the 
design, costing, and construction of the structural 
steel industry, since its earliest day of its mass 
production in the 19th century [1] Currently most 
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connections are bolted or welded. Huge advances 
in materials, manufacturing, and technology of 
these connections were introduced before WWII 
related to bolting and welding, but concerns 
related to productivity, safety, disassembly, and 
adoptability to automation remain [2]–[5] . 

Notably, the steel construction industry was an 
early adopter of automation with the goal of 
improving productivity. This was particularly the 
case in steel fabrication shops where automation in 
handling, drilling, punching, cutting and routing 
have been prominent since the 1980s. However, 
while other industries, such as automotive and 
electronics continued to invest and adopt 
automation since then, the steel construction 
industry stagnated. A car or electronics factory of 
today looks quite different from one of 30 years 
ago, while equivalent steel fabrication shops are 
largely indistinguishable from those of more than a 
generation ago. Consequently, while global 
manufacturing labour productivity increased by 3.6% 
per year over the last 20 years, the construction 
industry managed to improve only 1% annually [6]. 

Having more automation in the steel construction 
industry is stymied by the fabrication and erection 
of steel connections, particularly moment 
connections. A bolted moment connection of an 
open section needs many bolts to transfer the 
required forces. Presently automating the process 
of installing a large number of bolts and torquing 
them is still a difficult challenge to solve. Similarly, 
automating site welded moment connections has 
yet to be achieved. Conversely, this paper presents 
recent developments in a class of steel connections 
that lend themselves to automatic manufacturing 
and quick erection. In particular, this paper details 
the features, behaviour, manufacturing, and 
performance of intermeshed steel connection (ISC) 
[Fig. 1]. 

2 The intermeshed steel connection 
As a possible solution to the advancement of 
automation in steel construction a new class of 
rapid connections such as Quicon [4], ConXTech [2], 
and LASTEICON [7] have been developed.  However, 
some require welding (LASTEICON), specially 
manufactured components (ConXTech), or are 
unable to be used as moment connections (Quicon). 

In response, a new connection concept was 
recently developed and tested to fully leverage 
advances in robotic cutting – the Intermeshed Steel 
Connection (ISC) [1], [8]. The development of the 
ISC was guided by the following criteria: 

• Ability to transfer large shear force and
bending moment

• Avoidance of welding
• Use of standard steel sections and parts
• Minimization of pieces needed for site

assembly (bolts and other components)
• Use of available steel cutting technology

2.1 General arrangement of the ISC 

In the ISC connection, a series of notches (referred 
to here as teeth) are cut into portions of both the 
upper and lower flanges of both members adjacent 
to the connection site. The side elements are plates 
or angles with holes or sockets corresponding to 
the flange teeth. The webs of the two beams are 
linked together by shear splice plates bolted to the 
two webs. An overall view of the ISC is shown in 
Figure 1,  

a) Exploded view b) Assembled view

Figure 1. ISC general arrangement with side angles 

The side elements are held in position by T-bolts 
embedded in the flange teeth with clamping plate 
washers, Figure 2. 

Figure 2. T-bolt and end plate washers 
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At the two ends of the beam members, the flanges 
are also cut to create an interlocking arrangement 
able to transfer lateral forces from one flange to 
another, Figure 2. 

2.2 Load path through the ISC 

The connection transfers the flanges forces from 
one member to another as axial forces in the side 
elements. The load transfer from a flange to a side 
element develops through the many contacts 
between the teeth and sockets. A detail of such 
contact is shown in Figure 3a. The particular socket 
shape was detailed to reduce corner stress 
concentrations. This load path results in two of the 
side elements acting as tension members and the 
other two acting as compression members. Shear 
force is transferred through bolts to the shear 
splice plate in a similar manner to a typical bolted 
connection.  

a) Geometry

b) Equivalent stress

Figure 3. Contact detail between teeth and socket 

2.3 Variations of the ISC 

The ISC was conceived to transfer the flange axial 
forces to side elements. These can be side angles, 
(Figure 1) or side plates (Figure 4). The shear force 
can be transferred by usual shear splice plates 
(Figure 1) or by a stepped web (Figure 4). In this 
latter case, the shear force is transferred by bearing. 

The ISC concept can be applied to column-column 
connections, beam-beam connections, and portal 
frame connections, Figure 5. 

Figure 4. ISC with side plates and stepped web 

Figure 5. Possible uses of the ISC 
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In an arrangement similar to the column-column 
connection shown in Figure 5, the beam-beam 
connection can be modified as shown in Figure 6 
where only two side plates are used to connect the 
flanges. This arrangement has the advantage of 
avoiding deck attachment interference. 

Figure 6. ISC plate beam-beam connection 

2.4 Manufacturing of the ISC 

The ISC transfers forces between members through 
multiple contact surfaces. So, the requirement for 
accurate cutting of the steel members to the 
particular ISC geometric arrangements is of great 
importance to achieving the desired connection 
behaviour. The most widely available methods are 
plasma cutting, laser cutting, and water jet cutting 
[1]. All are able to create the intricate geometric 
arrangements of the ISC as these cutting tools are 
available in CNC machines with multiple axes of 
movement. As part of the research to develop the 
ISC, each of these cutting methods were tested, 
and all proved to be able to produce all or part of 
the ISC (Figure 7). More details can be found at [1], 
[8]. 

Figure 7. Possible ISC cutting methods 

2.5 Cutting tolerances and the ISC 

Steel cutting tolerances are covered by the 
international standard ISO 9013 [9]. Five tolerance 
levels are specified with Range 1 being the best and 
Range 5 is the worst. Cutting a 10 mm thick plate 
will result in a deviation of 0.08 mm, 0.22 mm, 0.50 
mm, 1.0 mm, and 1.55 mm for ranges 1 to 5, 
respectively. The best laser and waterjet cutters 
can achieve Range 1, while the best currently 
available plasma cutters can achieve Range 2 or 3. 

The ISC was developed from its inception to 
accommodate large manufacturing deviations 
without significantly affecting its structural 
performance. In principle, the flange teeth are 
analogous to bolts bearing on the sides of the 
sockets, which are analogous to holes of standard 
bolted connections. Depending on the bolt 
diameter, a standard hole in a bolted connection 
can be 1-3 mm larger than the bolt’s nominal 
diameter. The gap between the bolt and the hole’s 
sides is part of the tolerances dictated by 
manufacturing and site tolerances. Such levels of 
manufacturing tolerances are achievable by steel 
cutting methods used to manufacture the ISC. 
Larger initial gaps between the mating surfaces can 
be achieved by tapered teeth with matching 
tapered notches.  The gaps would be designed to 
reduce, as the side plates approach final the 
positioning. More details can be found at [1]. 

2.6 Structural behaviour of the ISC 

The structural behaviour of the ISC was studied 
numerically and by multiple laboratory tests. The 
information resulting from these studies were used 
to develop a code-compliant design procedure. 

2.6.1 Numerical study of the ISC 

The initial numerical simulations of the ISC 
connection were conducted using finite element 
models with geometric, material, and contacts as 
sources of non-linearity. Local models were used to 
optimise the geometry of the notches, Figure 3b. 
More detailed studies were undertaken to 
encompass the entirety of beam assembly, 
including the ISC connection, Figure 8 [10]. The 
overall conclusions of numerical studies to date 
were (1) the confirmation of the ISC behaviour 
when compared with the test results and (2) the 

745



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

validation of performance of the ISC as predicted 
by the developed design method. More details can 
be found at [1], [8], [10], [11]. 

Figure 8. Experimental and numerical models of 
Test 1 

2.6.2 Testing of the ISC 

ISC testing was conducted on full connections 
through small and large-scale testing, as well as on 
parts of the connection. Those tests employed 
beams or parts of beams cut with plasma, laser, 
and water jet methods. The initial tests were on 
scaled models of beam flanges connected with two 
side plates, Figure 9 [12]. More large-scale tests 
were conducted on full beams (Figures 8, 10, and 
11). The test results were closely predicted by the 
numerical results (Figures 8 and 11). More details 
can be found at [10]. 

Figure 9. ISC flange test model with strain results 

The Figure 10 test beams were American W18 × 46 
and W21 × 57. The specified cutting tolerance for 
each of the flange teeth of 1.6 mm was achieved 
with a plasma cutter with a maximum measured 
deviation of 1.4 mm. The side angle sixes were 
L2½×2×3/8 and L3×2 × 3/8 and were cut with a 
water jet cutter. The specified tolerance of 0.8 mm 
was achieved with a maximum measured deviation 
of 0.4 mm. 

Figure 10. Test beams 1-4 [8] 

Figure 11. Experimental and numerical model of 
Test 2 

Other medium-scale tests were conducted (e.g. 
Figures 12-13). Test beam B, with a 254x146x31UB 
section, shown in Figure 12, was fabricated using a 
plasma cutter. However, in that case, the cutting 
tolerance of 2 mm was not achieved and a 
maximum deviation of 8.5 mm was measured. 
Critically, despite large manufacturing geometric 
deviations measured in Test beam B, the ISC 
performed as expected. The main side effect of the 
large manufacturing geometric deviations was 
large initial soft load-displacement behaviour, 
where low stiffness was observed (Fig. 12). 

Figure 12. Test beam B [13] 

Test beam C (Figure 13) was an IPE270 and 
fabricated with a laser cutter. In that case, the 
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cutting tolerance of 0.5 mm was achieved at most 
locations with an average measured deviation of 
0.3 mm and a maximum measured deviation of 
0.66 mm. The most noticeable effect of the 
particularly good manufacturing accuracy of Test 
beam C was the large initial stiffness shown in the 
load-displacement curve (Figure 13) particularly 
when compared with the behaviour noted in Test 
beam B (Figure 12). 

Figure 13. Test beam C [14] 

The main conclusion that can be made from the 
analysing the test results is that all ISC connections 
performed as expected and achieved more their 
expected design resistance, irrespective of 
manufacturing accuracies.  

2.6.3 Design of the ISC 

The apparent simplicity of the resistance of the ISC 
can be reflected in the development of a code-
compliant design procedure. As described in Sec. 
2.2, the load effects are resisted by axial forces in 
the side elements resisting the bending moment 
and shear forces in the shear splice plates. The 
separation of bending moment and shear designs 
simplify the design procedure.  

The ISC is not recommended to be located at 
locations where the full plastic section resistance is 
required. The reason is that the effective flange 
width is slightly reduced due to the cutting 
required to create the flange teeth. The area of 
each of the side elements is calculated to resist the 
axial load transferred from the flanges by the teeth. 
The number of teeth and their geometry is dictated 
by the side element thickness, which needs to be 
kept small to reduce the flange width reduction. 
Once the thickness of the side element is decided, 
the load transferred between an individual tooth 
and the side element can be calculated based on 

the design value of bearing stress between the two. 
Tooth individual length is dictated by its shear and 
moment capacity resulting from the load 
transferred to the side element. A predictable 
ductile behaviour is achieved by oversizing the 
teeth such that a ductile failure of the side 
elements happens first. 

As with typical design procedures, ISC design is an 
iterative process and can be tailored to any design 
code. More details for the application of this 
procedure to the American steel design standard 
can be found in [9]. A more detailed design 
procedure that includes the contribution of the 
shear splice plates in the moment resistance can 
found in [11]. Other aspects of the ISC behaviour 
such as stiffness and performance under cyclic 
loading require further future research. 

2.7 Assembly of the ISC 

A controlled experiment for the erection of a steel 
frame with ISC connections was conducted to 
assess constructability. The one bay, two storey 
frame was 3,681 mm wide and 5,000 mm high. The 
beam section was IPE270 while the columns 
section was 152x152x30UC, Figure 14.  

Figure 14. ISC erection test 

All steel cutting was made with a laser cutter to a 
design tolerance of +/- 0.5 mm along the finger 
length and +/- 0.75 mm perpendicular to the finger 
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length. The aim of using particularly small tolerance 
was to make the frame assembly more difficult. All 
the tolerances were achieved with very good cut 
quality, Figure 14. 

The test was carried out in four steps: 1) Frame 
assembly; 2) Frame disassembly; 3) Introduction of 
frame geometric deviations; 4) Frame assembly. 
The geometric deviations introduced at step 3 were 
made by lifting the base of one column by 10 mm 
and introducing angle deviations in the beam stubs 
connections to the columns at level 1. This was 
introduced by inserting a 1 mm thick shim plate at 
the bottom end of the 1st level stub beam on one 
side and a 1 mm thick shim plate at the bottom end 
of the 1st level stub beam on the other side. The 
resulting deviations create more overall geometric 
deviations in the frame. 

All assembly activities were recorded and the time 
for each activity was measured. The subsequent 
analysis indicated the following: 1) fast learning 
curve with the first four side plate connection 
duration of 11:14, 12:58, 8:43, and 6:24 minute, 
respectively; 2) following the introduction of the 
geometric deviations, the final two side plates 
assembly times 4:24 and 4:39 minute; 3) 
disassembly was completed without any difficulties. 
The average side plate disassembly time was 2:36 
minutes.   

Figure 15. Frame erection 

The main conclusions of the frame assembly test 
were that ISC can be used in steel frames which can 
then be erected using normal construction 
equipment and methods with fast learning curve 
and that the connection disassembly takes nearly 
half the assembly time. A view of the assembled 
frame after the introduction of geometric 
deviations is shown in Figure 15. 

2.8 ISC automation 

The possibility of using the ISC to enhance 
automation in the fabrication and erection of steel 
structures is a tempting endeavour. Robotic plasma 
cutters with 5 or more axes can achieve fast and 
precise cutting of intricate geometries. The mass 
adaptation of this available technology is only a 
matter of time and will reduce fabrication cost of 
the ISC and similar connections. 

The ISC with its smaller number of individual 
components relative to standard bolted 
connections lays the ground work for automating 
the erection of steel frames. A simple comparison 
between an ISC and a bolted column connection is 
shown in Figure 16. The level of complexity and 
number of components between the two types is 
obvious and may enable robotic involvement. 

Figure 16. Column-column ISC and bolted 
connections 

3 Conclusions 
A new steel connection is presented to allow for 
the utilization of available robotic CNC steel cutting 
technologies in the manufacturing of connections 
with more automatic fabrication and fewer bolts at 
site connections. The ISC relies on fully automatic 
plasma, laser, and waterjet cutters to create a 
connection utilizing geometry in its load transfer. 
The ISC can resist large bending moments and 
allow for reasonable geometric deviations without 
major resistance reduction. The ISC enables easy 
and fast assembly and disassembly without 
damaging the steel and, thereby, provides better 
opportunities for reusing steel rather than just 
recycling. The strength of the ISC can be easily 
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assessed based on simple load path. Simple code-
based design can be made on such basis. More 
detailed designs that include the contribution of 
the shear splice plates are also developed.  The 
ISC’s simplicity lends itself to introduce more 
automation to steel fabrication and erection 
activities. The resulting efficiency and productivity 
improvements can be utilized to make steel a more 
sustainable construction material in the future.  
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Abstract 
The cable saddle on top of pylon not only helps the main cable pass through the summit of design 
form, but also transmits the tremendous force to the pylons. An imbedded cast iron cable saddle is 
proposed for a single pylon and two spans cable stayed bridge. Due to the arched shape of the 
cable saddle, the local compressive pressure on concrete bed may not be uniform. A plain strain 
FE model and A solid FE model is adopted to investigate the stress distribution in concrete 
foundation. The reduce factor for nonuniform local compression is about 0.73. This cable saddle 
structure can meet the local bearing capacity via theoretical verification, which could provide an 
example for the similar type of structures.  

Keywords: concrete local compressive behaviour; embedded cable saddle; nonuniform local 
compression; finite element method 

1 Introduction 
The main cable saddle is a specific structural 
member installed on top of pylons for suspension 
bridges. It not only helps the main cable pass 
through the peak of design cable form, but also 
transmits the tremendous vertical force to the 
pylons. In order to reduce the bending stress in 
the main cable in the cable saddle, the radius of 
the groove casted in the cable saddle is usually at 
the range from 8 to 12 times of main cable’s 
diameter. Moreover, the cable saddle structure 
should guarantee that bundles of wires are fixed 
in it, where there is enough friction between main 
cable and cable saddle.  

For the suspension bridges with two or more 
pylons, the cable saddles usually are offset to the 
side span a certain amount of distance before the 
girder segments are lifted. This approach has 
advantage of cutting down the bending moment 
at the root of pylons, generated by the 
unbalanced forces on both sides of the cable 
saddles during construction. Then the cable 

saddles will be propelled step by step towards the 
main span direction in accordant with the girder 
segments lifted and installed. These cable saddles 
would eventually arrive at the centre of top 
section of pylons just when the girders are totally 
installed in right place under the main cable. In 
this research the background involves a single 
pylon suspension bridge that is a symmetric 
hybrid of suspension and cable stayed structure. 
However, comparing with the common 
suspension bridges just mentioned, the bending 
moment in pylon is not going to be influenced by 
the unbalanced forces of main cable, thus the 
cable saddle needs to be offset no longer. 

With respect to saving material and keeping 
simple for the structure, an imbedded cast iron 
cable saddle is proposed in this paper. Compared 
with the common cable saddle structure, the 
amount of material for the alternative can be 
reduced by approximately 40%. It should be noted 
that the imbedded cable saddle is not an original 
innovation around the countries, the Hardanger 
bridge in Norway has adopted the similar 
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approach to deal with the structural connection. It 
is apparent that the vertical force from the main 
cable on the cable saddle is transmitted to the top 
of the pylon via the imbedded cable saddle. Thus, 
the concrete surface at the bottom of the 
imbedded cable saddle is subjected to huge local 
compression. As for the local compressive 
pressure of concrete members, there have been a 
number of researching focusing on this aspect. 
Venckevicius proposed a method algorithm of 
which was derived from numerous experimental 
data. According to this research, the local 
compressive strength was influenced by material 
strength, relatively members height and the 
magnitude of local pressure [1]. Wang et al. 
adopted a solid finite element model taking into 
account of nonlinear material to simulate a 
concrete square column loaded at the centre of 
the section. It showed the local compression area 
ratio had an effect on the longitudinal stress of 
the specimen, then a strut-and-tie model 
proposed by the researchers was in line with the 
stress distribution in the specimen [2-3]. Miao and 
Zheng conducted an experimental study on 30 
concrete pull-out specimens to evaluate the effect 
of bond stress on the local bearing capacity. There 
was an increase in the local bearing capacity of 
the concrete corresponding with an increase in 
the concrete strength and the load area [4]. Chen 
carried out a series of local compression 
experiments on 27 specimens strengthened by 
double layer ring steel bars. There were three 
kinds of typical failure modes occurred. The local 
bearing capacity of the specimens improved 
significantly with the height decreasing [5]. Cai 
investigated the local compressive behaviour of 
three concrete column joint zone specimens. The 
results showed that obvious differences among 
specimens of various heights [6]. The bearing 
capacity of specimen decreased with the height 
growing up, this result drawn is consistent with 
the previous study. Xiao discussed the feasibility 
of double layer ring reinforcement for a pile cap 
subjected to local load, which was verified by a 
series of finite element models that it has better 
tensile performance and higher local bearing 
capacity [7]. In addition, there are theoretical 
methods for design process in different national 
specifications to verify the bearing capacity of 

local compression [8-10]. However, due to the 
specific shape of the cable saddle structure, the 
contact part between the cable saddle and 
concrete bed is fairly cambered. Therefore, the 
local compressive pressure on concrete bed may 
not be uniform. This issue has received relatively 
less attention by researchers. This issue will be 
investigated in this paper to make sure the 
imbedded cable saddle is able to work reasonably. 
Firstly, the mechanic analysis model for the action 
between cable saddle and concrete bed is 
simplified as a plain strain problem, the nonlinear 
contact state between cast iron and concrete is 
also taken into account in 2D plain strain finite 
element model. The stress distribution of concrete 
bed is studied with different sections of cable 
saddle. Secondly, the nonuniform local pressure 
on the curved surface is studied by a solid finite 
element, then the factor for nonuniform local 
compression is proposed. The maximum design 
distribution area Ac1 proposed by Chinese 
research is used to verified the local bearing 
capacity safety. At last, the contribution of the 
indirect reinforcement in the concrete bed under 
the cable saddle is discussed. 

2 Background of the project 
The imbedded cable saddle is going to be adopted 
by a hybrid suspension and cable-stayed bridge. 
The span of this bridge is 638+638m which has a 
single pylon (Figure 1). There are 20 pairs of steel 
cables and 23 pairs of hangers for supporting the 
main girder. It has mentioned that the cable 
saddle on the top of the pylon does not need to 
be propelled for the bending moment control in 
the pylon, so the imbedded cable saddle is 
designed and proposed for the project. 

The structural appearance of the imbedded cable 
saddle recommended in this project is shown in 
Figure 2, which is 8m long and made of cast iron 
ZG270-500 based upon the Chinses specifications 
[10], of which yield strength is 200 MPa. The cast 
in situ concrete foundation which is going to be 
call concrete bed bears the imbedded cable saddle 
underneath, illustrated in Figure 3. The height of 
the cable saddle’s section is 978mm, and the 
bottom edge of it is 1400mm width. The 
imbedded cable saddle goes into the trapezoidal 
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concrete bed is 778 mm depth. There is a small 
angle 1.2° tilted between the symmetric axis of 
the cable saddle and the centre line at the 
concrete bed bottom side. The concrete C55 is 

used to cast the concrete bed, of which design 
axial compressive strength is 24.4MPa, and elastic 
modulus is 3.55×104MPa [11]. 

638 638
1276

Figure 1. The elevation of the hybrid suspension and cable-stayed bridge 

8 m

Figure 2. The imbedded cable saddle 

Concrete bed

Cable saddle

Figure 3. The recommended section of the 
imbedded cable saddle in the concrete bed 

3 Influence of cable saddle structure 
forms on stress distribution in 
concrete bed 

In order to study the influence of cable saddle 
shapes on the concrete bed, a series of sections 
for the cable saddle were used to investigate the 
stress distribution in the concrete bed, as shown 

in Figure 4. Actually, section A is the one adopted 
by the Hardanger bridge that mentioned before. 
This cable saddle section has a couple of steps at 
the bottom. This step-like shape may be to 
increase the friction area with concrete, but it 
could also cause the stress concentration at the 
right angle of the concrete bed. 

(A) (B) (C)

(D) (E) (F)

Figure 4 The silhouettes of the optional imbedded 
cable saddles section 

With respect to a large amount of parameters 
analysis for cases study, it needs to adopt a clear 
and efficient approach. Assumed that the 
deformation along the cable saddle direction 
under the action of radial force can be neglected, 
so a 2D finite element (FE) plane strain model is 
established for the cable saddle imbedded in the 
concrete, as illustrated in Figure 5. In order to take 
into account of the friction between the cable 
saddle and concrete, contact elements are added 
into the FE model along the contact parts. Based 
on the definition of the Coulomb friction, the 
friction force is equal to the value that pressure on 
the contact surface multiplies the friction 
coefficient, which is 0.4 in this study.  
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x
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A BC

Figure 5 The plain strain FE model for the 
imbedded cable saddle in the concrete bed 
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Figure 6 Stress distribution under the cable saddle 

The cable radial force in the groove of cable 
saddle is converted into pressure which is applied 
on the FE element. In order to investigate the 
stress variation in concern part of the concrete 
bed, two paths Point A to B and Point C to D are 
located at the plain strain FE model. The vertical 
stress σy along the Path A to B and the horizontal 
stress σx along the Path C to D is fetched 
respectively. The stress distribution results are 
plotted in Figure 6, the horizontal axis x is the 

length of two paths. The stress value with 
different sections is relatively close from the stress 
results, it indicates that the section shape has 
much less influences on the local compressive 
behaviour of the concrete bed. 

The vertical stress σy right under the bottom of 
cable saddle reaches the peak value around 34.5 
MPa, which is much greater than the design value 
of the concrete compressive strength 24.4 MPa, 
and the width of stress distributions exceeding the 
design value limit is about 500mm. Nevertheless, 
this over limit region may still bear the local 
compression because of its confined compressive 
state. This phenomenon has been confirmed and 
taken into account by Baushinger’s empirical ratio 
factor: 

1 0c cm A A=     (1) 

where the Ac0 is the load area, and Ac1 will be 
discussed later. The confined stress state is also 
proved by horizontal stress distribution σx in 
Figure 6, it can be seen that the stress distribution 
from point C down 300mm is compressive, and 
then it becomes tensile stress from 250mm down 
to 1200mm. Therefore, the maximum 
compression part may not be definitely 
unfavorable position, in addition to the confined 
effect from surrounding concrete, the friction at 
the bottom of cable saddle on concrete may also 
constrain the contact part. Besides, it is found that 
it is easy to cause stress concentration at the edge 
and right angle area of cable saddle where is 
prone to get cracked in concrete, so the step-like 
shape is avoided in the recommended section. 

4 Theoretical verification for non-
uniform local pressure on the 
concrete bed 

Although the concrete under the cable saddle may 
have higher strength due to surrounding confined 
effect, the local pressure surface is an arched strip 
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surface, and the load transmitted from the 
bottom of the cable saddle to the pressure surface 
is likely to be non-uniform compression. According 
to the European concrete design specification 
Eurocode 2 [9], the concentrated resistance force 
is determined as follow and see Figure 7: 

0 1 0 03.0Rdu c cd c c cd cF A f A A f A= ⋅ ≤ ⋅ ⋅     (2) 

Where the fcd is design value of the concrete 
compressive strength, Ac1 is the maximum design 
distribution area with a similar shape to Ac0. In 
addition, the value of FRdu should be reduced if the 
load is not uniformly distributed on the area Ac0. 

Figure 7 Design distribution for partially loaded 
areas in Eurocode 2 

There are two questions for this verification 
method, it is not clear that to what extent the 
reduce factor for non-uniform local is ought to be 
and Ac1 is conditional as there is no precise 
explanation to pinpoint it. In order to find out the 
reduce factor for the arched strip nonuniform 
pressure，a solid element FE model, as shown in 
Figure 8 is established and used to investigate the 
stress distribution of the arched contact part 
under the imbedded cable saddle. 

Figure 8 The solid element FE model for the 
imbedded cable saddle in the concrete bed 

The cable saddle and concrete bed are both 
modelled by solid elements, and mesh size is 
100mm. Materials properties are consistent with 
the previous 2D FE model. The bottom area of the 
concrete bed area is constrained in XYZ degrees. 
The contact elements are also adopted to 
simulate the contact effect between the cable 
saddle and the concrete bed. The penalty stiffness 
method is adopted for the contact algorithm, with 
contact gaps closed and the penetration reduced.  

Fig 9 Contrast of vertical stress distribution σy 
between the 2D and 3D FE model 

Compared with the results of the plain strain FE 
model under the same pressure in the saddle 
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groove, the vertical stress distribution σy in the 
symmetric area of the concrete bed is sliced and 
fetched, as shown in Figure 9. As the contour of 
the stress distribution plotted, the two kinds of FE 
model approach could have a relatively 
agreement. The stress distribution under the cable 
saddle in solid FE model is shown in Figure 10, the 
stress concentration is around 25.2 MPa. 
Therefore, the reduce factor for nonuniform local 
compression could be 25.2/34.5=0.73. Actually, in 
reference to AASHTO specification for bearing 
design, for the case of nonuniform bearing 
compression, the reduce factor is recommended 
to be 0.75 [8]. So the result could be relatively 
reasonable. 

25.2 MPa

Figure 10 Stress distribution in the concrete bed 
solid FE model 

In regards of Ac1 in Figure 7, Chinese specification 
proposes an approach for strip local pressure, as 
depicted in Figure 11. In accordance with the 
results from laboratory tests it shows that the 
practical modified ratio 1 0c cm A A=  is close to 
1.73 [12]. The principle for this approach is that 
Ac1 and Ac0 should be concentric and symmetric. 

b b b

Ac0

Ac1

Figure 11 Definition of Ac1 in Chinese specification 

The radial local pressure on arched surface could 
be regarded as the similar way in Equation 2, but 
the Ac0 is calculated based upon the vertical 
mapping area that is 1.4×8=11.2 m2. Based on the 
parameters obtained above, the concentrated 
resistance force could be calculated as 
24400×11.2×1.73×0.72=3.4×105 kN. The maximum 
cable force could reach 2.85×105 kN, and the angle 
of main cable tangent line and horizontal axis is 
19.533°, thus the vertical local load is equal to 
1.91×105 kN, which is less than the theoretical 
concentrated resistance force. 

5 Discussion on the indirect 
reinforcement under the local 
compressive pressure 

Even though the theoretical local compression 
bearing capacity is much larger than the designed 
vertical force, it still needs the structural measures 
to have the structure in good condition for 
serviceability limit state. According to the 
traditional theory of local compression failure, 
with the increase of load, the cracks further occur 
and lead to split, and a small wedge under the 
local pressure caused by shear failure may be 
formed, as shown in Figure 12.  

Figure 12 Failure mode caused by the strip local 
pressure  

The precedent local compression tests have drawn 
a conclusion that under strip local pressure the 
cracks gradually occurred inside or at surface then 
the specimens got split [13-14]. According to the 
stress distributions results in Figure 6, the tensile 
stress region is approximate 1000mm depth right 
under the confined concrete part, and this region 
may crack at the beginning. In order to improve 
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the splitting bearing capacity of concrete bed, 5 
layers of Φ12mm indirect reinforcement are 
applied under the imbedded cable saddle. This 
effect is not mentioned any information in 
Eurocode 2 about assessing the contribution of 
the indirect reinforcement.  

In addition to the lateral constraint provided by 
the indirect reinforcement in the wedge part, the 
indirect reinforcement under the concrete wedge 
can effectively control cracks development at 
inside of concrete members. A method algorithm 
with respect to the improvement of local 
compression bearing capacity of indirect 
reinforcement is recommended as follows [12]: 

1( )R re v y s corF f nA Aρ− = +      (3)

However, the indirect reinforcement should be set 
up properly, which may affect the construction 
quality of the structure. The improvement of its 
bearing capacity R reF −  should be less than 0.8 
times of concentrated resistance force RduF for 
plain concrete. 

6 Conclusions 
The imbedded cable saddle is designed and used 
for a single pylon hybrid cable stayed bridge. The 
local compressive behaviour of the concrete bed 
under the cable saddle is studied. This cable 
saddle structure can meet the local bearing 
capacity via analysis of numerical FE models and 
theoretical verification, which could provide a 
method for the similar type of structures. These 
conclusions can be drawn: 

1) The different section shapes have less
influences on the local compressive behaviour of
the concrete bed, but it is easy to cause stress
concentration at the edge and right angle area of
cable saddle where is prone to get cracked in
concrete bed.

2) The maximum compression part in concrete
may not be unfavorable. In addition to the
confined effect from surrounding concrete, the
friction at the bottom of cable saddle on concrete
may also constrain the concrete.

3) The reduce factor for nonuniform local
compression could be 0.73 in this project. The

theoretical local compression bearing capacity is 
larger than the designed vertical force. 

4) It recommends to apply the indirect
reinforcement under the local compressive
pressure. Despite of making contribution to local
bearing capacity, it can also effectively control
cracks development at inside of concrete
members.
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Abstract 
Unsteady characteristics of aerodynamic force and wind-induced pressure on a 3:2 rectangular 
section under accelerating airflow are investigated through wind tunnel experiments. Three 
aerodynamic coefficients, drag coefficient 𝐶𝐶𝑑𝑑(𝑡𝑡), RMS of lift coefficient 𝐶𝐶𝑙𝑙𝑟𝑟𝑟𝑟𝑟𝑟(𝑡𝑡), Strouhal number 
of the rectangular section in the accelerating airflow with or without initial velocity are compared 
with those of the steady flow. Results show that in the cases of airflow accelerated from the static 
state, significant unsteady feature appears in all three aerodynamic coefficients, 𝐶𝐶𝑑𝑑(𝑡𝑡) and 
𝐶𝐶𝑙𝑙𝑟𝑟𝑟𝑟𝑟𝑟(𝑡𝑡) decreases and St number increases in the early accelerating stage. For accelerating 
airflow with an initial velocity, the three aerodynamic characteristics fit well with steady flow 
values, indicating negligible impact on any of these variables. 

Keywords: accelerating airflow; rectangular section; unsteady aerodynamic force; wind tunnel test. 

1 Introduction 
Accelerating airflow is a distinguishing feature of 
extreme wind hazards such as tornadoes and 
downbursts. Unlike the atmospheric boundary 
layer wind environment, the wind speed of the 
above two disasters increases intensely in a short 
time, resulting in significant unsteady features of 
the wind force on the structure. Among them, the 
rectangular section is widely used in bridge 
members, such as stiff hangers and support 
columns of arch bridges, and pylons of cable-
supported bridges. Efforts have been made by 
many researchers [1-7] on wind tunnel 
experiments and numerical simulation of 
aerodynamic characteristics of the rectangular 
section in uniform flow, such as lift coefficients, 
drag coefficients, Strouhal number, wake region et 
al. Nevertheless, relatively fewer studies are 

carried out on unsteady wind force of rectangular 
section under accelerating airflow. 

Sparyaky firstly studied the development of 
vortices around the section of an accelerating 
bluff body in a water tunnel [8, 9]. Matsumoto 
simulated accelerating airflow by suddenly 
switching a louver-shaped device installed 
downstream of the wind tunnel test section, and 
found the maximum drag force coefficient is 1.14-
1.25 times of that under steady flow [10]. Takashi 
investigated the force on the ellipse and rectangle 
section prism under the 0.2s accelerating time 
airflow generated by the actively controlled 
rotation of the horizontal plate blades in the wind 
tunnel [11]. Yang investigated the effect of the 
accelerating flow on the aerodynamic forces of 
three two-dimensional rectangular prisms through 
a series of unsteady wind tunnel manometric 
experiments [12]. Zhao and Cao [13] simulated the 
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vertical gust profile and wind speed time history 
of the downburst and further investigated the 
surface pressure and structural aerodynamic 
forces of high-rise structures. The non-stationary 
coefficients related to acceleration and 
accelerating time are also defined to illustrate the 
overshoot effect of the non-stationary 
accelerating airflow. 

In this study, the rectangular section with a side 
ratio of 3:2 is used to investigate the unsteady and 
unsteady characteristics of aerodynamic force and 
wind pressure under different accelerating airflow. 
Test results will help wind engineers better 
understand how structures are loaded during non-
stationary or transient wind events. 

2 Accelerating airflow generation 
and wind tunnel test 

2.1 Accelerating airflow generation 

All experiments were carried out in TJ-5 multi-fan 
wind tunnel of Tongji University (Figure 1). It is an 
open-circuit and blowing-type wind tunnel that 
consists of 120 independent controlled multi-fans, 
whose revolving speed and phase could be 
actively and synchronously adjusted to simulate 
any designated wind profile and velocity. The wind 
tunnel section is 1.5×1.8m and has a range of 0–
18m/s for mean wind speed. 

Wind speeds were measured by Series100 four-
hole cobra probes produced by TFI, whose tips 
were positioned aligning with the windward face 
of the test model. The static pressure and three 
directional components of instantaneous wind 
speed signals were sampled at 1000 Hz. 

Figure 1. TJ-5 Multi-Fan Wind Tunnel 

The step-type accelerating wind speed was used 
to simulate the sudden increase of wind speed in 
the downbursts or tornados. The wind speed 
starts from zero or constant at the initial stage, 
then the airflow is accelerated in a short time to 
the target high wind speed and maintains 
platform wind speed until the aerodynamic force 
on the section reaches a steady state. Moreover, 
the advantage of accelerating airflow generated 
by the multi-fan wind tunnel is significant. It is 
noted that compared with the accelerating airflow 
generated by swiftly rotated flat blades [10-11], 
accelerating airflow generated by the multi-fan 
control wind tunnel can not only ensure that its 
horizontal and vertical wind speed components 
are small enough during the airflow accelerating 
process, but also make it possible that airflow is 
accelerated from a static state. 

Five accelerating airflow cases are given in Table 1 
with different starting and target velocities to 
study the unsteady wind force on a 3:2 
rectangular section under accelerating airflow. 

Table 1. Accelerating airflow cases 

Flow 
condition 

Us 
[m/s] 

Ut 
[m/s] 

amax 
[m/s2] 

Case A1 0 7 5 

Case A2 0 11 14 

Case A3 0 15 23 

Case B1 4 11 12 

Case B2 4 15 22 

2.2 Experimental Model and Pressure 
Measurement 

The rectangular pressure model with a side ratio 
of 3:2 has a length of 1500 mm, and its width(B) 
and depth(D) of the section are 90mm and 60 mm, 
respectively. The model is vertically installed on 
the upper and lower aluminum turntables that are 
connected to the aluminum inner framework. 
Thus, the blocking ratio is 4.48% at 0 degree 
attacking angle. The model is made of 4 mm 
plexiglass plate with multiple transverse ribs to 
ensure sufficient strength and rigidity to avoid 
deformation and vibration under the impulse of 
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experimental accelerating airflow which interferes 
with the accuracy of pressure measurement. 
Fourteen and nine pressure taps with a spacing of 
60mm are evenly arranged in the along-wind and 
crosswind faces of the model, respectively. The 
counter clockwise numbered pressure measuring 
taps and coordinate axis of the model are 
illustrated in Figure 2. 

Figure 2. 1Section model dimension and pressure 
measuring point layout 

Surface pressures were measured simultaneously 
by 64-channel ESP-64HD electronic pressure 
scanning valves at 300Hz. All pressure measuring 
taps are connected to the inner installed 
electronic pressure scanning valve with a 20mm 
short plastic hose to mitigate the distortion of 
both amplitude and phase of the high-frequency 
component in the pressure signal that is 
influenced by the length of the pressure 
measuring tube. Then the pressure signal is 
exported through the data cable to the outside of 
the model. 

The static pressure around the model in the 
steady flow wind tunnel test is usually negligible 
because it is mitigated by a pressure-balancing 
joint set on the wall of the wind tunnel. 
Nevertheless, for the accelerating airflow that is 
motivated by the revolving fans, the static 
pressure inside the wind tunnel would vary with 
time due to the limitation of the wind tunnel wall. 
Therefore, it is necessary to accurately measure 
the varying static pressure inside the wind tunnel 
during the whole accelerating process, assuring 
accurate subtraction from the total pressure 
sampled by electronic scanning valves to obtain 
the actual pressure 

The static pressure measurement system set on 
the wall of the inner support framework is shown 
in Figure 3. The inner support framework is 
3350mm wide and 1750mm high, made from an 

aluminum frame, deflector, and frosted plexiglass 
plate providing sufficient boundary layer thickness 
to ensure that the wind speed is zero at the 
position of the static pressure measuring taps. 

Figure 3. Inner wind tunnel support and static 
pressure measurement system 

Twenty-four and thirteen static pressure taps with 
a spacing of 100mm (150mm at frame connection) 
are set in the centreline along the streamwise 
direction and vertical direction in the wind tunnel 
test section. Static pressures were sampled 
simultaneously with the surface pressure of the 
sectional model at the same frequency during 
airflow acceleration. 

3 Characteristics of the wind field 
and static pressure of wind tunnel 

3.1 Wind field characteristics of the test 
section 

The time history of velocity in three directions and 
along wind acceleration of airflow in Case A3 is 
shown in Figure 4. It can be found that the wind 
speed along the flow direction increases within 
nearly 1s and the fluctuating component is 
neglectable in the accelerating stage. The mean 
value of the vertical and lateral component of 
wind speed varies around zero with the amplitude 
of fluctuating component smaller than 0.2m/s 
during the airflow accelerating period. Excessive 
lateral and vertical airflow components existing in 
the accelerating airflow would inevitably affect 
the generation, development, and shedding of 
vortices on the model, thus affecting the pressure 
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and aerodynamic force on the rectangular section 
under accelerating airflow. The test results prove 
that TJ-5 multi-fan can provide high-quality 
accelerating airflow for the following research. 
The acceleration of the airflow is computed by 
velocity using the five-point difference method, 
and the maximum of the five cases are listed in 
Table 1. 

(a) Along wind speed

(b) Vertical wind speed

(c) Horizontal wind speed

(d) Acceleration

Figure 4. The velocity and acceleration time history 
of accelerating airflow (Case A3) 

(a) Vertical direction of the test section

(b) Along-wind direction

Figure 5. Static pressure measured by cobra probe 
and inner framework (Case A3) 

3.2 Static pressure 

The static pressures measured on the surface of 
the inner framework and by the cobra probes are 
shown in Figure 5. It can be found that the static 
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pressure of the test section increases suddenly 
during the acceleration of the airflow, and then it 
decays with oscillation which may be caused by 
the oscillation of the air restricted in the wind 
tunnel. The static pressure measured at different 
measuring taps of the inner framework along the 
height and that of the cobra probe have the same 
increasing and decreasing trend, and achieve the 
peak at the same time, indicating that the static 
pressure of the entire test section changes 
synchronously during the airflow accelerating 
process. This also verifies that the static pressure 
at the position of the model can be obtained from 
that of the static pressure measurement system 
on the inner framework. 

In addition, the static pressure and wind speed are 
both non-stationary processes, meaning the time 
alignment of the two is particularly important. The 
time difference between the pressure and wind 
speed data is eliminated by aligning their static 
pressures’ peaks of the cobra probe and the inner 
framework. Thus, the synchronization of the 
pressure acquisition system and wind speed 
sampling system could be achieved. 

From Figure 5(b), it can be found that the static 
pressure at different locations along the stream 
also reach the maximum at the same time, but the 
maximum of static pressure at upstream is greater 
than that of the downstream. A significant positive 
static pressure gradient exists in the wind tunnel. 
The pressure of different taps on the section 
model surface needs to deduct the corresponding 
static pressure to obtain the real pressure. 
Therefore, especially for the rectangular section 
with a large side ratio, the static pressure gradient 
will play an important part in the accurate 
integration of the pressure entire section to 
compute the total aerodynamic force. Since the 
static pressure on the windward face is larger than 
that of the leeward face, if not considering the 
existing positive gradient in the static pressure in 
the surrounding environment, the computed drag 
coefficient would be overestimated and larger 
than the real one. In the study, the time-varying 
static pressure 𝐶𝐶𝑟𝑟𝑠𝑠𝑠𝑠𝑖𝑖  for each pressure tap is 
computed by the interpolation of the nearest two 
reference points on the inner frame along wind 
direction. 

4 Results of the accelerating flow 
Three time-varying aerodynamic coefficients, the 
drag coefficient, 𝐶𝐶𝑑𝑑(𝑡𝑡), the RMS of lift coefficients, 
𝐶𝐶𝑙𝑙𝑟𝑟𝑟𝑟𝑟𝑟(𝑡𝑡)  , Strouhal number, St(t) of the 
rectangular section are chosen to compare with 
the corresponding coefficient in steady airflow for 
investigating the influence of acceleration. The 
pressure coefficient 𝐶𝐶𝑝𝑝(𝑡𝑡) is also given for clear 
insight into the variation of local pressure. They 
are defined as follows, 

𝐶𝐶𝑝𝑝𝑖𝑖 (𝑡𝑡) =
𝑝𝑝𝑖𝑖(𝑡𝑡) − 𝑝𝑝𝑖𝑖𝑟𝑟𝑠𝑠𝑠𝑠(𝑡𝑡)

1
2
𝜌𝜌𝑈𝑈2(𝑡𝑡)

 (1) 

𝐶𝐶𝑑𝑑(𝑡𝑡) =
∑(𝑝𝑝𝑖𝑖(𝑡𝑡) − 𝑝𝑝𝑖𝑖𝑟𝑟𝑠𝑠𝑠𝑠(𝑡𝑡))𝑑𝑑𝑖𝑖𝑠𝑠𝑠𝑠𝑠𝑠𝛼𝛼𝑖𝑖

1
2
𝜌𝜌𝑈𝑈2(𝑡𝑡)

 (2) 

𝐶𝐶𝑙𝑙𝑟𝑟𝑟𝑟𝑟𝑟(𝑡𝑡) =
𝑅𝑅𝑅𝑅𝑅𝑅(∑(𝑝𝑝𝑖𝑖(𝑡𝑡) − 𝑝𝑝𝑖𝑖𝑟𝑟𝑠𝑠𝑠𝑠(𝑡𝑡))𝑑𝑑𝑖𝑖𝑐𝑐𝑐𝑐𝑠𝑠𝛼𝛼𝑖𝑖)

1
2
𝜌𝜌𝑈𝑈2(𝑡𝑡)

 (3) 

𝑅𝑅𝑡𝑡 =
𝑓𝑓(𝑡𝑡)𝑈𝑈(𝑡𝑡)

𝐷𝐷
(4) 

Where, 𝑝𝑝𝑖𝑖(𝑡𝑡)  and 𝑝𝑝𝑖𝑖𝑟𝑟𝑠𝑠𝑠𝑠(𝑡𝑡)  are the measuring 
pressure and the static pressure of ith tap, 𝑑𝑑𝑖𝑖  is 
the half-length between the nearest two taps or 
the model edge, and 𝛼𝛼𝑖𝑖 is the angle between the 
X-axis and the direction of the face that the ith tap
on. These aerodynamic coefficients for steady
flow are computed similarly by replacing the time-
varying variable with a constant.

4.1 Drag coefficient 𝑪𝑪𝒅𝒅(𝒕𝒕) 

Figure 6 shows the change of 𝐶𝐶𝑑𝑑(𝑡𝑡)  and the 
pressure coefficient of the point at the center of 
the windward face (Tap 5) and leeward face (Tap 
28) with accelerating velocity. A drop of  𝐶𝐶𝑑𝑑(𝑡𝑡) can
be found at the initial accelerating stage for cases
with an initial velocity, while the 𝐶𝐶𝑑𝑑(𝑡𝑡) fits well
with the steady value computed by experiment in
uniform flow.

For Case A2 with zero initial wind velocity and 
smaller target velocity, the pressure coefficient 𝐶𝐶𝑝𝑝 
on windward Tap 5 varies little during the 
acceleration period, while for Case A3, the 
pressure coefficient 𝐶𝐶𝑝𝑝  of the midpoint on the 
windward face shows a larger value than Case A2 
in the initial stage of the acceleration process, but 
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approaches to Case A2 when velocity exceeds 
5m/s. For the case with initial wind velocity (Case 
B1), the pressure coefficient of the windward fits 
well with the result in the steady flow. 

(a) 𝐶𝐶𝑑𝑑(𝑡𝑡)

(b) 𝐶𝐶𝑝𝑝5(𝑡𝑡)

(c) 𝐶𝐶𝑝𝑝28(𝑡𝑡)

Figure 6. Drag coefficient 𝐶𝐶𝑑𝑑(𝑡𝑡) and pressure 
coefficient 𝐶𝐶𝑝𝑝 during accelerating period 

𝐶𝐶𝑝𝑝 of Tap 28 on the leeward face shows a more 
significant deviation with the steady flow’s result 
than that of Tap 5. Meanwhile, larger variability 

exists in the cases without initial velocity (Case A2 
and A3) than that accelerated from 4m/s (Case 
B1). All three lines lie above that of steady flow 
with a smaller absolute value indicating that the 
suction force on the leeward surface is weaken 
compared with the steady state during the whole 
accelerating process. This can also explain the 
drop and recovery of drag coefficient 𝐶𝐶𝑑𝑑(𝑡𝑡) at the 
start of the accelerating stage. 

4.2 RMS value of lift coefficient 𝑪𝑪𝒍𝒍𝒓𝒓𝒓𝒓𝒓𝒓(𝒕𝒕) 

Figure 7 shows the change of 𝐶𝐶𝑙𝑙𝑟𝑟𝑟𝑟𝑟𝑟(𝑡𝑡) and the 
pressure coefficient of the point at upstream (Tap 
11), midstream (Tap 17), and downstream (Tap 23) 
of the side surface with accelerating velocity. All 
lines lie below the result of steady flow, and 
𝐶𝐶𝑙𝑙𝑟𝑟𝑟𝑟𝑟𝑟(𝑡𝑡) has a much lower value for cases with an 
initial velocity of 0 at the initial accelerating stage, 
while that for cases with initial velocity shows less 
decrease. 

(a) 𝐶𝐶𝑙𝑙𝑟𝑟𝑟𝑟𝑟𝑟(𝑡𝑡)

(b) 𝐶𝐶𝑝𝑝11(𝑡𝑡)
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(c) 𝐶𝐶𝑝𝑝17(𝑡𝑡)

(d) 𝐶𝐶𝑝𝑝23(𝑡𝑡)

Figure 7. RMS value of lift coefficient 𝐶𝐶𝑙𝑙𝑟𝑟𝑟𝑟𝑟𝑟(𝑡𝑡) and 
pressure coefficient Cp during the accelerating 

period 

Since 𝐶𝐶𝑙𝑙𝑟𝑟𝑟𝑟𝑟𝑟(𝑡𝑡) reflects the overall fluctuation of lift 
during the accelerating process, the detailed 
mechanism can be revealed through the 𝐶𝐶𝑝𝑝  of 
taps on the side face. The leading-edge point of 
the side face (Tap 11) is located in the vortex 
shedding area for the rectangular section. 𝐶𝐶𝑝𝑝 of it 
is negative with a larger absolute value during the 
initial acceleration period, and the increase of 
target velocity contributes to greater suction force. 
𝐶𝐶𝑝𝑝  of Tap 17 also decreases at the initial 
accelerating stage, while the minimum is much 
less than that of Tap 11 at the upstream. The 
absolute value of 𝐶𝐶𝑝𝑝 on Tap 23 increases with the 
wind speed, which means the suppression effect 
of the vortex on the downstream point disappears 
gradually with the accelerating velocity and 
restore to the steady state. 

Considering the 𝐶𝐶𝑙𝑙𝑟𝑟𝑟𝑟𝑟𝑟(𝑡𝑡) and 𝐶𝐶𝑝𝑝 on the side face, 
it can be inferred that accelerating airflow without 

initial velocity amplifies the pressure on the 
leading edge and suppress the development of 
pressure on the trailing edge of the side face. 
Meanwhile, the high correlation of vortex 
shedding and wake rage on the symmetric side 
face contributes to the smaller value of 𝐶𝐶𝑙𝑙𝑟𝑟𝑟𝑟𝑟𝑟(𝑡𝑡) at 
the initial accelerating period. On the contrary, for 
accelerating airflow with an initial velocity, the 
stable wake rage that has been formed can quickly 
adjust to the varying velocity, even within a short 
time interval. 

4.3 Time-varying 𝑺𝑺𝒕𝒕(𝒕𝒕) 

The vortex shedding frequency increases with the 
increase of the wind speed in the accelerating 
process. Continuous wavelet transform is applied 
to obtain the time-varying frequency of lift on 
section. Further, the St number can be computed 
with the corresponding wind speed. Figure 8 gives 
the time history of the St number in Case A3 and 
B2 during the accelerating process. 

(a) Case A3

(b) Case B2
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(c) St number

Figure 8. Time-varying frequency and St number 

For Case A3 with the initial wind speed of 0, the St 
number increases significantly in the early stage of 
acceleration, which means vortex shedding 
frequency is much larger than that of 
corresponding wind velocity in a steady flow. But 
for Case B2 when the airflow is motivated from 
initial wind speed, the St number does not change 
significantly during the entire acceleration process. 
This difference could be explained that for cases 
with an initial velocity, the existing steady vortex 
structure grows gradually to the pattern of target 
velocity, while for cases with an initial velocity of 0, 
establishing the wake range of the rectangular 
section requires intense shedding vortex with 
higher frequency. 

5 Conclusions 
Unsteady characteristics of aerodynamic force and 
wind-induced pressure on a 3:2 rectangular 
section under accelerating airflow are investigated 
through wind tunnel experiments. The main 
results are as follows, 

The drag coefficient 𝐶𝐶𝑑𝑑(𝑡𝑡), RMS of lift coefficient 
𝐶𝐶𝑙𝑙𝑟𝑟𝑟𝑟𝑟𝑟(𝑡𝑡) , Strouhal number of the rectangular 
section shows a significant unsteady feature in the 
accelerating airflow. 

When airflow is accelerated from a stationary 
state, the drag coefficient 𝐶𝐶𝑑𝑑(𝑡𝑡) decreases in the 
early accelerating stage, which are caused by the 
suppression of the pressure on the leeward face. 
the RMS of lift coefficients 𝐶𝐶𝑙𝑙𝑟𝑟𝑟𝑟𝑟𝑟(𝑡𝑡) is reduced and 
much smaller than that of the corresponding 
velocity in the steady flow. Nevertheless, the local 

pressure coefficient of the side face, especially the 
leading edge is augmented. Moreover, St number 
of the rectangular section also increases at the 
early accelerating stage. 

For accelerating airflow with an initial velocity, the 
three aerodynamic characteristics fit well with 
steady flow values, which means airflow 
acceleration has negligible impact on any of these 
variables. 
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FE Modeling of the Interfacial Behaviour of Precast Multi-box Girder 
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Abstract 
To facilitate the reuse of the internal mold of precast multi-box girder and accelerate bridge 
construction, the torsional crossbeam at the end of precast simply supported multi-box girder needs 
to be changed to post-cast in-situ. Finite Element Modelling package ABAQUS 2021 was used to 
model the interfacial shear behaviour of the three-dimensional Z-shaped straight shear specimens. 
The models took into account the bond-slip relationship between the old and new concrete 
interfaces and the interaction between the concrete and the shear key. The models were validated 
and calibrated based on the experimental results. The study shows that the rigid shear key can 
improve the shear load capacity of the specimen at the new and old concrete interface. The 
difference between the model and experimental results is relatively small and therefore it shows 
the capability of the finite element modelling to carry out parametric analysis.  

Keywords: precast multi-box girder; concrete interface; shear performance; new-to-old concrete; 
anchors; shear key. 

1 Introduction 
Simple-supported continuous small box girder 
bridge is a typical medium-span bridge which is 
very economical and applicable, and is favored by 
the engineering construction and construction 
parties[1]. Because the two ends of the small box 
girder need to set a diaphragm to ensure the 
torsional performance, the internal model uses a 
disposable wooden template, which is time-
consuming and expensive[2]. The integral pull-out 
steel internal formwork technology is introduced 
into Shanghai Jiamin Viaduct. However, this 
construction technology requires that the precast 
part of the small box girder cannot contain the end 
diaphragm, and the joints of the precast-cast-in-
situ structure need to be moved in to the support 
span. Because the shear force near the fulcrum of 
the small box girder is the largest, it results in 
precast - cast-in-place joint shear problems. 

Numerous scholars have carried out studies on the 
shear resistance of new-to-old concrete interfaces. 
The results show that without reinforcement, the 
main factors affecting the interface shear capacity 
are the direction of the bond surface, the 
roughness of the interface, the type of interface 
agent, the concrete strength, the curing age and 
the dimensional effect[3–8]. The joints in the 
precast-cast sections form a natural weak surface 
and there are no prestressed steels passing 
through, which is not conducive to shear resistance 
(see Figure 1). However, the anchoring of 
prestressed steel bars at the interface constitutes a 
rigid shear key that is beneficial to the shear 
resistance of the interface.  

Therefore, in this paper, numerical models are 
established to analyse the factors affecting the 
interface shear load capacity, based on Z-type 
direct shear experiments in conjunction with the 
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end of prefabricated small simply supported box 
girders in actual projects. 

Figure 1 Precast RC beam 

2 Experimental set-up description 
According to the literature [9], four sets of eight Z-
shear specimens were made in the preliminary 
experiments, which included two basic specimens 
(C-C specimens) and six rigid shear bond specimens, 
as shown in Figure 2(a) and 2(b). The interfaces of 
the basic specimens (C-C) were only manually 
chiselled. However, rigid shear key specimens still 
require a shear key at the centre of the concrete 
interface. The diameter of the rigid shear key was 
determined by selecting the anchorage 
specifications in T/T329-2010[10], choosing three 
diameter types of 70, 90 and 120 mm ( R70; R90; 
R120). The total length of the shear key was 180 
mm, with 55 mm extending into the new concrete 
side to match the actual anchorage length in the 
project. The old concrete side was embedded 125 
mm to ensure that the rigid shear key had sufficient 
embedment depth on the old concrete side to 
prevent it from pulling out of the concrete, as 
shown in Figure 2(b). 

The interface size of each group of specimens was 
300 mm x 200 mm, and the roughness of the 
interface was 1.7-2.0 mm (average sand filling 
depth). According to the production process of 
precast box girder, the pouring interval for new and 
old concrete was set to 20 days, and both new and 
old concrete used the same type concrete, whose 
average measured cube compressive strength was 
82.83 MPa. The measured yield strengths for 
reinforced steel and rigid shear key were 466 and 
345 MPa, respectively. The electro-hydraulic servo 
universal testing machine was used for force- 

controlled loading, and the LVDT displacement 
meter was used to record the vertical relative shear 
displacement(Figure 2(c)). 

(a) Basic specimen (C-C)

(b) Rigid shear specimen

(c) Experimental set up

Figure 2. Design of specimens 
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3 Computational model 

3.1 Material constitutive relationship 

3.1.1 concrete 

The CDP model in ABAQUS was chosen in the 
current study for simulating concrete. It allows the 
definition of inelastic behavior of concrete in 
compression and tension stiffening in tension, 
including failure characteristics in both tension and 
compression. Because the cube compressive 
strength of concrete measured in this paper is 
82.83 MPa, which belongs to high strength 
concrete. This paper chose Dingfaxing[11–13] 
constitutive model. Based on the regression 
analysis of C20-C120 strength grade compressive / 
tensile stress-strain test data, the nonlinear 
analysis of high strength concrete structure was 
more representative. The nominal stress-strain 
relationship of concrete was transformed into the 
true stress-strain relationship which was input into 
ABAQUS software. Other relevant plastic failure 
model parameters are shown in table 1. 

Table 1. Parameters of plastic failure model 

dilation 
angle 

flow 
potential 

eccentricity 
(fc0/fb0) K viscosity 

parameter 

38 0.1 1.16 0.666 0.005 

3.1.2 steel 

In this study, a linear elastic and fully plastic bilinear 
stress-strain material model was used for 
reinforcement bars and shear keys in tension and 
compression. The yield strength fy, elastic modulus 
Es, and Poisson’s ratio n of reinforcement bars and 
shear keys were taken as 466 MPa & 345MPa, 210 
GPa, and 0.3 respectively. 

3.2 Interaction 

3.2.1 Concrete interface 

In this study, the surface-based cohesive behaviour 
of ABAQUS was chosen to simulate the bond 
behaviour between the old and new concrete 
interfaces, which is better than cohesive elements 
in considering the near-zero-thickness interface 
situation. A bilinear cohesive model was used to 

simulate the shear behaviour of the concrete 
interfaces (see Figure 3). The process of 
determining the parameters of the intrinsic 
characteristics is as follows: 

(a) Interface normal constitutive

The normal critical stress of interface is usually 
68.6 % ~ 84.2 % of the strength of new and old 
concrete. In this paper, the normal critical stress of 
the interface is 𝑡𝑡𝑛𝑛 = 0.75𝑓𝑓𝑡𝑡 ,𝑓𝑓𝑡𝑡 = 0.24𝑓𝑓𝑐𝑐𝑐𝑐

2/3 . The
normal stiffness is the large number of the same 
level as the elastic modulus of concrete. Normal 
fracture energy can be approximately calculated by 
referring to the definition of concrete type I 
fracture energy in MC-90[16], that is 𝐺𝐺𝐹𝐹𝑛𝑛 = 𝐺𝐺𝐹𝐹𝛪𝛪 =
𝛼𝛼(𝑓𝑓𝑐𝑐/10)0.7 . The variable α is related to the 
aggregate size of concrete, and the corresponding 
value is 0.03. 

(b) Interface tangential constitutive

Figure 3. Bilinear traction-separation approaches 

In this paper, according to the ratio of the peak 
shear load Fmax of the basic specimen to the 
interface area A, the critical stress of the two 
tangential directions of the interface is determined, 
namely 𝑡𝑡𝑠𝑠𝑠𝑠 = 𝑡𝑡𝑡𝑡𝑡𝑡 = 𝐹𝐹𝑚𝑚𝑚𝑚𝑚𝑚/𝐴𝐴. When there is no Z-
type interface shear test, the formula (1) is 
recommended for high strength concrete 
specimens with roughness (averaged sand filling 
depth ) h = 1.5 ~ 2 mm. 

𝑡𝑡 = (0.028𝑓𝑓ck − 0.546)ℎ − 0.0033𝑓𝑓ck + 0.9(1)

Interface stiffness and interface fracture energy are 
defined as follows: 

𝐾𝐾 = 𝑡𝑡𝑛𝑛𝑛𝑛(𝑡𝑡𝑠𝑠𝑠𝑠、𝑡𝑡𝑡𝑡𝑡𝑡)/𝛿𝛿𝑛𝑛𝑛𝑛(𝛿𝛿𝑠𝑠𝑛𝑛、𝛿𝛿𝑡𝑡𝑛𝑛) (2) 

𝐺𝐺 = 1
2
𝑡𝑡𝑛𝑛𝑛𝑛(𝑡𝑡𝑠𝑠𝑠𝑠、𝑡𝑡𝑡𝑡𝑡𝑡) ⋅ 𝛿𝛿𝑛𝑛𝑛𝑛�𝛿𝛿𝑠𝑠𝑛𝑛、𝛿𝛿𝑡𝑡𝑛𝑛� (3) 
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Failure to the concrete interface starts to occur 
when the peak stress is reached. The relative 
displacement at the peak stress is usually 
extremely small, with an order of magnitude of 10-

4 to 10-5 m[14]. The experimental data 
corresponding to the model in this study did not 
measure specific values due to sensor accuracy 
problems, so the relative displacement of the peak 
shear stress at the interface was taken as 0.01mm. 
According to equation (2), the interface shear 
stiffness (two tangential stiffness is the same) and 
shear fracture energy that corresponds to type II, 
type III fracture of concrete can be calculated. 
According to the literature [15], Type II and Type III 
fractures are usually 10-15 times the fracture 
energy of Type I. Therefore, the interface shear 
fracture energy was taken as 10 times the normal 
fracture energy, i.e. 𝐺𝐺𝑠𝑠𝑠𝑠 = 𝐺𝐺𝑡𝑡𝑡𝑡 = 10𝐺𝐺𝑛𝑛𝑛𝑛. According 
to the interface shear fracture energy and the peak 
shear stress by equation (3), the interface shear 
failure displacement can be obtained. 

3.2.2 Concrete-shear key interface 

There is no detailed study on the interaction 
between rigid shear keys and concrete. In this 
study, the relationship between concrete and rigid 
shear keys is defined based on the study of the 
interaction between steel and concrete.  

The rigid shear key material selected in this 
experiment is 45# round steel with three diameters 
of 70mm, 90mm and 120mm. Under the action of 
vertical shear load, the rigid shear key at the 
concrete interface has a complex stress state. It is 
not only sheared, but also has tension, 
compression, bending and torsion interactions 
with concrete. It is in a complex three-dimensional 
stress state.  

Figure 4. Three-dimensional stress field at the rigid 
shear key-concrete interface 

The three-dimensional stress field at the interface 
is visualised in Figure 4. The transfer of stress from 
the interface is divided into circumferential normal 
stress, circumferential tangential stress and axial 
tangential stress. Three-dimensional non-linear 
spring elements were chosen to define the rigid 
shear key-concrete interface. The default 
coordinate system used to establish the spring 
elements in ABAQUS is the Cartesian Coordinates. 
To facilitate the analysis of the circumferential 
normal and circumferential tangential stresses, a 
separate local coordinate system is required for the 
spring elements. The local coordinate system must 
be a columnar coordinate system to ensure the 
correct orientation of the spring elements. The 1, 2 
and 3 directions of the spring elements are 
specified to correspond to the circumferential 
normal, circumferential tangential and axial 
tangential directions of the three-dimensional 
stress field at the interface. 

Figure 5. Relationship of circumferential normal 
stress 

As shown in Figure 5, for the circumferential 
normal to the concrete interface, the stress 
transfer when the interface is in extrusion and 
tension needs to be considered. When the 
interface is under tension, the normal tensile stress 
at the interface is small, and in the model it can be 
assumed that no stress is transferred. When the 
interface is under extrusion, it is assumed that 
there is a linear relationship between the stress 
and the extrusion displacement, and that the 
interface stiffness is Kn. Therefore, the 
circumferential normal stress relationship can be 
considered as in Eq. (4): 

𝜎𝜎𝑛𝑛 = �𝐾𝐾𝑛𝑛 ⋅ 𝑠𝑠 𝑠𝑠 < 0
0 𝑠𝑠 ≥ 0 (4) 

where s is the relative displacement normal to the 
interface; 𝐾𝐾𝑛𝑛 = 343𝑓𝑓𝑐𝑐

1/3.
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The nonlinear spring constitutive needs to be 
transformed according to the interface stress 
constitutive. The spring constitutive corresponds to 
the interface force and displacement relationship, 
i.e., the interface stress is multiplied by the
corresponding element area. The specific
constitutive relationship is expressed as Eq. (5):

𝐹𝐹𝑛𝑛 = �𝐾𝐾𝑛𝑛 ⋅ 𝑢𝑢 ⋅ 𝐴𝐴0 𝑢𝑢 < 0
0 𝑢𝑢 ≥ 0 (5) 

where A0 is the area of the element corresponding 
to the nonlinear spring; u is the relative 
displacement of the nonlinear spring in the 
circumferential normal direction. 

For the circumferential and axial tangential 
directions of the interface, this study assumes that 
the two tangential slip constitutive are the same. 
Since there is no research on tangential slip 
constitutive of rigid shear key at home and abroad 
at present, this paper refers to the MC-90 [16] for 
the definition of the bond-slip constitutive of 
smooth circular steel bars in the FE model. As 
shown in Figure 6, the key parameters for bond slip 
are the peak shear stress 𝜏𝜏𝑐𝑐 and the corresponding 
displacement 𝑠𝑠0 . The shear stiffnesses 𝐾𝐾𝑠𝑠  and 
𝐾𝐾𝑡𝑡can be determined from the peak shear stress 
and displacement. In MC-90[16] different peak 
stresses and peak stress displacements are defined 
for different types of reinforcement, with peak 
stresses between 0.1�𝑓𝑓𝑐𝑐𝑐𝑐  and 0.3�𝑓𝑓𝑐𝑐𝑐𝑐 , 
corresponding to peak displacements of 0.01mm to 
0.1mm. 

Figure 6. Interfacial tangential stress relationships 

Because the rigid shear key-concrete interface is in 
a multi-axial complex stress state, according to Xu 

Feng's[17] study of the bond performance of light 
round reinforcement and concrete under complex 
stress states, lateral stresses could have a large 
effect on the interface tangential bond slip 
constitutive. Numerous experimental data indicate 
that the interface bond tangential stiffness  has 
great discretization. There is still no better formula 
to predict it at present, but the law of peak stress is 
more obvious. 

According to the above research results, combined 
with the peak stress formula proposed in MC-90 
[16], this study took the axial tangential and 
circumferential tangential peak stress of 0.6�𝑓𝑓𝑐𝑐𝑐𝑐, 
and the corresponding peak displacement was 
calculated according to the test results of R70 
specimens. Five peak stress displacements were 
defined as 0.01, 0.03, 0.05, 0.07 and 0.10 mm, 
respectively, and the corresponding displacements 
were calculated, as shown in Figure 7.Based on 
FEM analysis, the comparison between numerical 
and experimental results was shown in Table 2. It is 
indicated that the shear capacity of the specimens 
under the five stiffness was 295.97, 284.47, 273.73, 
264.63 and 254.94 kN, respectively. The shear 
capacity gradually increased with the increase of 
the tangential stiffness, and the relative errors with 
the experimental averaged value were 1.72%, 
5.54%, 9.10%, 12.12% and 15.34%, respectively. In 
summary, this paper takes the relative 
displacement corresponding to the tangential peak 
stress as 0.01 mm, and defines the tangential 
constitutive of interface as Eq. (6): 

𝜏𝜏𝑡𝑡 = 𝜏𝜏𝑠𝑠 = �
𝐾𝐾 ⋅ 𝑠𝑠 |𝑠𝑠| < 0.01mm

0.6�𝑓𝑓𝑐𝑐𝑐𝑐 |𝑠𝑠| ≥ 0.01mm (6) 

Nonlinear spring constitutive needs to be 
transformed according to the interface stress 
constitutive, the specific constitutive is as Eq.(7):  

𝐹𝐹𝑡𝑡 = 𝐹𝐹𝑠𝑠 = �
𝐾𝐾 ⋅ 𝑢𝑢 ⋅ 𝐴𝐴0 |𝑢𝑢| < 0.01mm

0.6�𝑓𝑓𝑐𝑐𝑐𝑐 ⋅ 𝐴𝐴0 |𝑢𝑢| ≥ 0.01mm
 (7) 
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Figure 7. Trial calculation of the tangential 
stiffness of the interface 

Table 2. Comparison of trial results of tangential 
stiffness 

number 
K 

(MPa/mm) 

(1) 

Test 
mean 

(kN) 

(2) 

FEM 

(kN) 

(1) /
(2)

S-0-1 546 301.1 295.9 0.983 

S-0-3 182 301.1 284.5 0.945 

S-0-5 109.2 301.1 273.7 0.909 

S-0-7 78 301.1 264.6 0.879 

S-0-10 54.6 301.1 254.9 0.847 

3.2.3 Other interactions 

The contact between the upper (or lower) pads and 
the specimen was set as Tie connection. The 
structural reinforcements and channel steels were 
fully bonded to the concrete with embedded 
region constraints. To facilitate load addition, 
reference points were set at the upper and lower 
ends of the mat with coupling restraints set on the 
corresponding faces. The FEM models for basic and 
shear key specimens were shown in in Figure 8. 

(a) Basic specimen (b) Shear key specimen

Figure 8. Diagram of finite element model

3.3 Model verification 

For the basic specimens, the interface failure was 
brittle, so the peak shear load was mainly 
concerned. According to FEM analysis (Figure 9), 
the peak shear load of the basic specimen was 
227.21 kN under a 10 mm mesh, which was 98.4% 
and 96.0% compared with the two test results, with 
an average relative error of only 2.8%. Thus, it  was 
in good agreement with the test results. This 
indicates that the cohesive behavior model has 
good applicability to the shear resistance of 
unreinforced interfaces.  

The failure of the specimens with rigid shear keys 
(Specimens R70, R90 and R120) was similar to the 
basic specimens. The failure was relatively sudden 
and the crack development was not obvious before 
the failure, and the overall brittle failure 
characteristics were observed. From the FEM 
analysis and the data measured in the tests (Figure 
9), it is indicated the FEM model can simulate the 
peak load well. The analysis results were 295.67, 
345.72 and 396.82kN, respectively, which were 
98.2%, 101.9% and 113.1% of the mean test results, 
respectively. Except for R120 specimens, which 
have a great discreteness with an error of 18.5% 
between the two sets of experiment data and the 
mean value, the error in shear load capacity of R70 
and R90 specimens was within 2%. This shows the 
reasonableness of the concrete interface model 
and the rigid shear key-concrete interface model 
proposed in this study. 
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Figure 9. Comparison of experimental and finite 
element results 

4 Parametric analysis 
To further investigate the effect of the rigid shear 
key on the shear resistance of the new-to-old 
concrete interfaces, the rigid shear key specimens 
were numbered for different working conditions 
and the naming convention took the form of D-L-fck, 
in which D is the diameter of the shear key, L is the 
depth of the embedded side of the new concrete 
and fck is the cube compressive strength of 
concrete (see Figure 10). The specific working 
condition construction parameters and groupings 
are shown in Table 3, where the control working 
conditions are marked with *. 

Figure 10. The schematic diagram of rigid shear 
key construction 

Table 3. Parameters setting of each working 
condition 

Series Number D/mm L/mm fck/MPa 

D 
*70-55-C83 70 55 83 

80-55-C83 80 55 83 

*90-55-C83 90 55 83 

100-55-C83 100 55 83 

110-55-C83 110 55 83 

*120-55-C83 120 55 83 

L 

*90-55-C83 90 55 83 

90-65-C83 90 65 83 

90-75-C83 90 75 83 

90-90-C83 90 90 83 

90-125-C83 90 125 83 

fck 

90-55-C50 90 55 50 

90-55-C60 90 55 60 

90-55-C70 90 55 70 

90-55-C80 90 55 80 

*90-55-C83 90 55 83 

4.1 Shear key diameter 

Figure 11 shows the load-displacement curves for 
the diameter group. The entire loading process is 
divided into elastic, hardening and failure stages 
according to the curve characteristics.  

During the elastic stage, the relative displacement 
of the concrete interface is small and the interface 
shear is transferred mainly through interfacial 
bonding. The other part is transferred indirectly 
through a rigid shear key facing surface with 
concrete extrusion. In the finite element model, 
the interface cohesive behavior contact at this 
stage is in the elastic rise section, and the concrete 
only occurs elastic deformation. An increase in the 
diameter of the rigid shear key has a small effect on 
the slope of the elastic section of the curve.  

After entering the hardening stage, the relative 
displacement of the concrete interface increases 
fast, but the vertical load increases relatively slowly, 
and the curve stiffness obviously begins to decline, 
reaching the peak load when the stiffness is 0. At 
this stage, the interface cohesive behavior contact 
enters into the damage evolution stage. The 
interface shear resistance mainly relies on the 
extrusion between concrete and rigid shear key. At 
the same time, the concrete in the compression 
zone gradually enters the plastic stage. All concrete 
in the compression zone yields when the peak load 
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is reached. The increased diameter substantially 
increases the area of action of the rigid shear key 
with the concrete, resulting in a more pronounced 
increase in load during the hardening stage for 
larger diameter specimens.  

The load gradually decreases during the failure 
stage. The interfacial bond failures and the shear 
load capacity mainly comes from the interaction 
between the rigid shear key and the concrete, 
similar to the pin-bolt action. This action is similar 
to the dowel action of a steel bar. 
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Figure 11. Load - displacement relationship of 
diameter group 

4.2 Shear key embedment depth 

This study uses rigid shear keys to simulate the 
force characteristics of the prestressed anchors at 
the interface between the precast beam and the 
cast-in-place end crossbeam. The embedment 
depth of the rigid shear key is the thickness of the 
anchor plate. 

Figure 12 shows the vertical shear load-relative 
displacement curves for the 90 mm diameter group 
under different embedment depths. It is indicated 
that when the embedded depth changes within the 
range of one times the diameter (90 mm), it has 
little influence on the shear capacity. The 
embedded depths were 55 mm, 65 mm, 75 mm, 
and 90 mm, and the peak loads were 345.7 kN, 
334.5 kN, 334.6 kN, and 340.4 kN, respectively. 
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Figure 12. Load - displacement relationship of 
embedment depth group 

4.3 Concrete strength 

In the experiments, only one type of concrete were 
studied with the measured compressive strength of 
82.83 MPa. In this section, four specimens with 
concrete strengths of C50, C60, C70 and C80 were 
analysed numerically. 

Figure 13 shows the vertical shear load-relative 
displacement curves for 90 mm diameter rigid 
shear key specimens under different concrete 
strengths. It is clear that the peak shear load 
increases with increasing concrete strength, while 
the stiffness in the elastic  stage also increases with 
increasing concrete strength. 
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For peak loads, the increase in concrete strength 
directly increases the peak bond stress at the 
concrete interface. On the other hand, by affecting 
the interaction between the shear key and the 
concrete, the shear bearing capacity is increased. 
The failure of the shear key specimens studied in 
this paper were all concrete failures. An increase in 
concrete strength will directly increase the 
ultimate load of the specimen, i.e. the shear load 
capacity for this study. For the elastic stiffness, for 
reasons similar to the peak load, the concrete 
strength is used as the main parameter when 
defining the stiffness of the old and new concrete 
interfaces and the shear key-concrete interface 
stiffness (Equations 3 and 6). 

5 Conclusions 
(1) This paper systematically illustrates the method
for determining concrete interface parameters.
The bilinear cohesive model allows for a more
accurate simulation of the mechanical behaviour of 
the new-to-old concrete interface. Its
implementation is simple and its accuracy meet
engineering design requirements.

(2) The normal and tangential constitutive model of 
rigid shear bond-concrete interface is proposed
and realized by nonlinear spring element in
ABAQUS software. The error between calculation
results and experimental values is small, which can
be used for parametric analysis.

(3) Both the shear key diameter and the concrete
strength have a significant effect on the shear load
capacity of the interface, but it is not sensitive to
the depth of shear key embedment.
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Abstract 
To investigate the new design method of prefabricated retaining walls and the reliability of 
connection, three new prefabricated cantilever concrete retaining walls were proposed and 
compared with an integral one. In this study, the structural performance of the retaining wall was 
obtained by considering the Concrete Damaged Plasticity model in Abaqus, and UHPC (ultra-high 
performance concrete) was applied to filling the joint connection. The results indicate that the 
ultimate bearing capacities of the three new prefabricated retaining walls are higher than that of 
the integral retaining wall, and ductility of them are good enough. There is no bond failure occurred 
in the UHPC grouting joint of the caulking retaining walls. Moreover, the corbel attached to the 
retaining wall reduces the bending height of the vertical plate, and increases the area of the root 
compression surface. Therefore, the corbel retaining wall has the best structural performance. 

Keywords: prefabricated retaining wall; Concrete Damaged Plasticity model; UHPC; structural 
performance; numerical analysis. 

1 Introduction 
With the development of urbanization, high energy 
consumption and high pollution in the field of civil 
construction have been becoming increasingly 
prominent. To solve the damages of site pouring, 
prefabricated assembly construction technology 
has become the focus of research and application 
in recent years [1-3]. Most of the prefabricated 
building components are prefabricated in the 
factory, which can ensure the construction quality 
of the components, reduce the discharge of 
construction waste. Therefore, the application of 
fabricated structures not only meets the needs of 

modern construction development, but also is the 
future research direction [4, 5]. 

Over more than 140 years of development, 
prefabricated assembly construction technology 
has been successfully applied to industrial buildings, 
residential buildings and public facilities [6, 7]. As a 
structure to resist the earth pressure and improve 
the stability of the soil, the retaining wall is mainly 
constructed by on-site pouring. Different from 
prefabricated components such as beams, plates 
and frame structures, the research on 
prefabricated retaining walls is relatively lagging 
behind [8]. In recent years, many scholars have 
carried out research on the performance of 
prefabricated assembled retaining walls and 
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achieved some useful results [9]. However, the 
prefabricated retaining wall still needs further 
research and exploration. 

The cantilever retaining wall has the advantages of 
a clear action mechanism, low requirement for 
foundation bearing capacity, simple structure, easy 
to divide into components and controllable 
material strength. At present, the cantilever 
retaining wall is mostly constructed by cast-in-
place combined with prefabrication, but the 
connection between the vertical plate and the 
bottom plate is still weak. With the deepening of 
the research on prefabricated retaining walls, 
many scholars have numerically analysed and 
verified the performance of prefabricated retaining 
wall through field tests. Liu et al. [10]designed 
three kinds of connection forms of vertical slab 
floor of cantilever retaining wall, including reserved 
reinforcement welding, bolt angle steel connection 
and anchor bolt connection, and carried out scale 
model test. The test results demonstrated that the 
three connection forms had little difference in 
installation convenience. The bearing capacity of 
welded retaining wall was the largest, which was 
basically the same as the overall cast-in-place 
retaining wall. The bearing capacity of the other 
two connection forms was slightly smaller, and the 
three assembled retaining walls had sufficient 
safety factors. Shen [11]carried out the field test of 
the plug-in retaining wall by a 1:1 full-scale model. 
It is implied that the mortise and tenon of the plug-
in retaining wall were obviously separated from the 
bottom plate where bending failure occurred with 
steel yielding and concrete cracking seriously. 
Grove was the weak link of the whole retaining wall 
structure, and the stress of the steel bar was very 
low when the wall was damaged at the groove. And 
judging from the ultimate bearing capacity of the 
test, both the plug-in retaining wall and the bolted 
retaining wall could meet the assembly 
requirements of the side retaining wall of the 
sidewalk. Ye et al. [12]put forward the scheme of 
prefabricated double-sided composite concrete 
slab retaining wall, and carried out the finite 
element analysis. The numerical results indicated 
that the larger tensile stress area of the assembled 
retaining wall appeared in the connection between 
the upper end of the wall and the prefabricated 
plate, between the panel and the bottom plate, 

while the maximum tensile stress was not more 
than 1.2MPa. In addition, the test investigated that 
the deformation of the panel turned to be wavy 
due to the constraint of the supporting wall, and 
the deformation of the joint was larger than other 
parts at the same height. Liu et al. [8]explored the 
rationality of the composite retaining wall and the 
effective connection mode of the composite 
surface, put forward three kinds of new assembled 
cantilever concrete retaining walls, and carried out 
the static loading test with the two groups of 
control retaining wall. The results showed that the 
deterioration of the bearing capacity of the three 
new retaining walls was limited (within 15%) 
compared with that of the cast-in-situ retaining 
wall. The composite retaining wall was an effective 
form of the fabricated retaining wall and therefore 
it had good applicability and feasibility. 

UHPC (Ultra-High Performance Concrete) refers to 
the use of reactive powder, mixed with a certain 
amount of steel fibre, superplasticizer and fine 
aggregate composite materials [13]. The tensile 
strength of UHPC can exceed 10 MPa due to the 
incorporation of steel fibre, and the 3-day strength 
can reach 80% of the 28-day strength [14]. 
Compared with normal concrete, ultrafine particles 
are added to UHPC, which greatly increases the 
overall compactness and improves its durability, 
showing extremely high permeability resistance, 
carbonation resistance and corrosion resistance 
[15-17]. Experimental studies have demonstrated 
UHPC has good bonding with normal concrete, so 
it can be widely used in structures, components 
and connections [18-20]. At present, there is little 
research on the connection of UHPC used in 
prefabricated retaining walls. Based on the current 
research results and the latest materials, this paper 
put forward three new types of prefabricated 
retaining wall: corbel type, cup-top type and 
lapped reinforcement type. By using the concrete 
plastic damage model and bond-slip parameters, 
the structural performance of the retaining wall 
was numerically analysed by Abaqus CAE, and the 
rationality of the three retaining walls was verified 
in the final. The stress mechanism and failure mode 
were analysed in detail, which could provide new 
ideas and a certain basic for the design and 
construction of prefabricated retaining walls. 
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2 Design scheme 
In order to compare the bearing capacity of three 
new retaining walls, an integral retaining wall was 
set as the control in the analysis. Based on the 
engineering project, the height of the vertical plate 
and the width of the bottom plate might be large. 
In order to facilitate the calculation, the height of 
the vertical plate and the width of the bottom plate 
of the model have been reduced without affecting 
the analysis results. As shown in Figure 1, the 
height and width of the retaining wall are 2.0m and 
0.45m respectively. The width of the bottom plate 
is 2.4m and the thickness is 0.45m. The longitudinal 
length of a segment is 740mm，where the length 
of the hole reserved is 500mm for inserting the 
vertical plate into the bottom plate and the 
disconnected distance between the vertical plate 
and the bottom plate is 240mm. After 
reinforcement calculation, the reinforcement of 
the tension side of the vertical plate: C16@70; the 
reinforcement of the compression side of the 
vertical plate: C16@140. 

Figure 1. The outline and the reinforcement of the 
integral retaining wall 

2.1 Corbel type 

The vertical plate of the corbel retaining wall 
(Figure 2(a)) is installed at the compression side 
near the bottom plate. The additional bracket also 
reduces the bending height of the vertical plate, 
and the contact between the bracket and the 
bottom plate can greatly improve the bearing 
capacity of the compression side. The force 
transmission between the vertical plate and the 
bottom plate is transmitted by the friction force of 

the tenon-mortise joint and the corbel extrusion, 
and the construction is fast and convenient. 

2.2 Cup-top type 

The bottom plate of the cup-top retaining wall 
(Figure 2(b)) is equipped with haunch, which not 
only reduces the bending height of the vertical 
plate, but also increases the volume of the bottom 
plate and makes the bottom plate more stable. The 
vertical plate and bottom plate are connected by 
UHPC grouting joints, and the construction is 
relatively rapid. 

2.3 Lapped reinforcement type 

The shape of the bottom plate and the vertical 
plate of the lapped reinforcement retaining wall 
(Figure 2(c)) has not changed. The difference is that 
the socket of the bottom plate is designed to teeth 
shape, and the connection between the vertical 
plate and the bottom plate is UHPC grouting and 
reserved steel bars. The grouting joint could be 
regard as a “Wet joint” combining reserved steel 
bars with UHPC grouting.  

(a)Corbel type

(b)Cup-top type
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(c)Lapped reinforcement type

Figure 2. Structure of new prefabricated retaining 
walls 

3 Numerical simulation 

3.1 Model overview 

In this paper, Abaqus was used for numerical 
simulation, the discrete model was established 
without considering the bond slippage between 
the rebar and concrete. HRB335 was used as the 
reinforcement, and the concrete grade was C50. 
The steel element was T3D2, and the concrete 
element was C3D8R. The ideal elastic-plastic model 
was selected for the constitutive relation of steel 
bars without considering the strengthening stage. 
The uniaxial stress-strain curve of concrete was 
based on the formula specified in GB50010-2010 in 
the simulation, and the compressive constitutive of 
UHPC was based on the formula defined by Wu [21] 
which tensile constitutive rising section of UHPC 
was approximately a straight line, and the strain 
hardening during tension was no longer considered. 
The descending section used the exponential 
model recommended by Jiang [22]. The damage 
factors of concrete materials in the CDP model 
were calculated based on the principle of Sidiroff 
energy equivalence. Table 1 lists the values of C50 
and UHPC plasticity parameters. 

Table 1. Plasticity parameters 

Material 
Elastic 

modulus 
[MPa] 

Dilation 
angle 

Viscosity 
parameter 

C50 34553 40° 0.005 

UHPC 41432 30° 0.0005 

The contact part between the vertical plate and the 
bottom plate was adopted by “hard” contact which 
the friction coefficient was 0.7. The interface bond-
slip behaviour of C50 and UHPC was simulated by 
Surface-based cohesive behaviour. The secondary 
tension criterion was adopted to simulate the bond 
relationship. Based on field tests and combined 
with relevant literature [23, 24], Table 2 lists the 
parameters related to bonding properties. To 
prevent stress concentration during loading, a steel 
backing plate (C3D8R) was set within 100mm of the 
top of the vertical plate. The bottom area attached 
to the bottom plate was constrained and the 
horizontal displacement of 25mm was applied at 
the top of the vertical plate with the displacement 
loading mode in the simulation. 

Table 2 Parameters related to bonding properties 

Bonding properties UHPC grouting joints 

Knn/Ktt/Kss 15MPa 

t0n/ttn/tsn 5MPa 

Total/Plastic 
displacement 3mm 

Friction coefficient 1.09 

Viscosity coefficient 0.001 

3.2 Failure mode 

After defining the “damage factor”, the tensile 
damage and crack location of the CDP model could 
be found in the cloud image. Figure 3 shows the 
deformation and damage of various retaining walls 
subjected to 25 mm horizontal displacement at the 
top of the vertical plate. 

The integral retaining wall was integrally cast with 
the vertical plate and the bottom plate, and the 
tensile steel bar of the vertical plate penetrated to 
the bottom plate to form a steel frame. Figure 3(a) 
shows that the failure of the vertical plate is similar 
to the force mode of the cantilever beam, and the 
cracks of the vertical plate are parallel to the plate 
width direction. The cracks are densely distributed 
at the root connection between the bottom plate 
and the vertical plate on the tension side, and there 
are a few oblique cracks in the middle of the 
bottom plate. 
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The corbel structure attached to the corbel 
retaining wall greatly increased the compression 
area, and then reduced the force on the weakest 
section of the vertical plate (the corbel top edge 
section). Figure 3(b) shows that vertical cracks and 
oblique cracks appear at the root of the vertical 
plate and horizontal cracks appear at the upper 
part of the corbel. Compared with the integral 
retaining wall, there is less the bottom cracks of the 
corbel retaining wall, and only a few vertical cracks 
appear at the root of the vertical plate. 

For the cup-top retaining wall, the height of the 
bending point of the vertical plate was increased 
due to the haunch of the bottom plate, but the 
connection between the vertical plate and the 
bottom plate was relatively weak. Figure 3(c) 
shows that the bottom plate is mainly 
concentrated at the joint when subjected to force. 
There are few cracks at the root of the vertical plate, 
mainly horizontal cracks. The tension side of the 
vertical plate is separated from the bottom plate, 
and the filling joint is basically free of damage; the 
upper part of the vertical plate is close to the 
horizontal crack. 

The lapped reinforcement retaining wall enhanced 
the connection between the vertical plate and the 
bottom plate through the grouting joint planting 
bar. From Figure 3(d), it can be seen that the 
distribution of cracks in the vertical plate of the 
planting-reinforced retaining wall is similar to that 
of the cup-top type, and the distribution of the 
cracks of the bottom plate is near the corbel type 
or the integral type. There are fewer cracks at the 
root of the vertical plate, and the vertical plate on 
the tension side is separated from the bottom plate. 
Due to the strengthening effect of the filling joint, 
the force of the bottom plate is more obvious.  

(a)Integral type

(b)Corbel type

(c)Cup-top type

(d)Lapped reinforcement type

Figure 3. Deformation and damage of retaining 
walls 

3.3 Bearing capacity analysis 

Figure 4 shows the load and displacement curves at 
the top of the vertical plate under various retaining 
walls. The initial stiffness of the cup-top retaining 
wall is the largest, and the four types of retaining 
walls enter the plastic stage when loaded to 75kN. 
After entering the plasticity, the stiffness of the 
cup-top retaining wall is still the largest, and the 
mechanical performance of the integral retaining 
wall is similar to that of the corbel retaining wall, 
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and the stiffness of the lapped reinforcement 
retaining wall is the smallest. 

Figure 4. Load-displacement curve of retaining 
walls 

Due to the reduction in plug size, the number of 
tension bars of the three prefabricated retaining 
walls is less than that of the integral type. The 
bearing capacity needs to be corrected according 
to the ratio of the length of tenon and mortise 
inserted into the bottom plate and the total length 
of the bottom plate within the range of unit 
longitudinal width. Table 3 shows the cracking load 
and the corrected ultimate bearing capacity. It is 
demonstrated that the modified ultimate bearing 
capacity of the fabricated retaining wall is higher 
than that of the integral retaining wall, and the 
ultimate bearing capacity of the corbel retaining 
wall is close to twice that of the integral retaining 
wall. 

Table 3. Comparison of ultimate bearing capacity 

Type 

Ultimate 
bearing 
capacity 

[kN] 

Modified 
capacity 

[kN] 

Factor 
▲

Integral 180.6 180.6 1.00 

Corbel 210.7 311.8 1.73 

Cup-top 163.9 242.6 1.34 

Lapped 
reinforcement 139.2 206.0 1.14 

▲Factor: The ratio of the modified value of the
bearing capacity of prefabricated retaining wall to
the value of Integral retaining wall.

3.4 Strain analysis of tensile rebar 

The strain change of the tensile rebar is an 
important criterion for judging the ductility of the 
member, and the average strain of the tensile rebar 
at the root of the vertical plate is selected as the 
strain index. Figure 5 shows the strain-load curves 
of various types of retaining walls. The strain 
growth rate of the tensile rebar of the planting-
reinforced retaining wall is the fastest. The strain 
curves of the integral, cup-top and corbel retaining 
walls are almost coincident before loading to 
100kN, and the steel bar has an obvious yield 
platform. After the steel bar strain reaches 1600με, 
the strain increases sharply and all structures reach 
the limit state. 

Figure 5. Strain-load curve of steel bar 

Table 4 lists the comparison of the first yield load 
and ultimate load of various types of retaining wall 
steel bars. The ratio of yield load/ultimate bearing 
capacity of prefabricated retaining wall is between 
0.65 and 0.78, which is far less than that of integral 
retaining wall. It is verified that the prefabricated 
retaining walls has sufficient safety reserves before 
reaching the ultimate bearing capacity, and the 
ductility deformation ability is strong. 

Table 4. Comparison of rebar yield load 

Type Yield load 
[kN] 

Bearing 
capacity 

[kN] 
Y/B 

Integral 171.6 180.6 0.95 

Corbel 158.3 210.7 0.75 

Cup-top 128.5 163.9 0.78 

Lapped 
reinforcement 90.6 139.2 0.65 
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3.5 Stress analysis of filling joint 

UHPC grouting joint is the weakest part of the 
caulking retaining wall. Figures 6 and 7 show the 
distance between the main surface and the slave 
surface of the cup-top and lapped reinforcement 
retaining walls. The UHPC grouting joint is reliably 
connected with the vertical plate and the bottom 
plate. And the maximum separation distance is less 
than 2.5mm. The maximum separation distance 
between the vertical plate and the bottom plate is 
6.07mm, which is far exceeding the given plastic 
displacement (3mm). It is proved that the broken 
parts on both sides of the vertical plate are 
separated from the bottom plate. 

(a)Vertical plate-UHPC

(b)UHPC- bottom plate

Figure 6. COPEN status (Cup-top) 

(a)Vertical plate-UHPC

(b)UHPC-bottom plate

Figure 7. COPEN status (Lapped reinforcement) 

Figure 8 shows the distribution of the principal 
tensile stress at the filling joint. Through the 
simulation, it is found that the principal tensile 
stress at the filling joint increases first, then 
decreases, and then tends to be stable. The 
maximum principal tensile stress of the cup-top 
type is 10.64MPa (45.7kN), and that maximum 
principal tensile stress of the lapped reinforcement 
type is 10.1MPa (19.5kN). The time when the stress 
at the grouting joint reaches the maximum is prior 
to the yield of the steel bar. Because of the high 
tensile strength of UHPC, it can meet the stress 
requirement at the grouting joint. 

(a)Cup-top type

(b)Lapped reinforcement type

Figure 8. Distribution of the principal stress 
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4 Conclusions 
This paper put forward three new types of 
prefabricated retaining walls. By using the concrete 
plastic damage model and bond-slip parameters, 
the structural performance of the retaining wall 
was numerically analysed by Abaqus. The following 
conclusions are obtained. 

(1) The failure forms of the four retaining walls are
roughly the same. The tension side of the vertical
plate of the prefabricated retaining wall is
separated from the bottom plate, and the bending
damage occurs in the middle and lower part of the
vertical plate. The integral retaining wall is
dominated by horizontal cracks, while the
prefabricated retaining wall has vertical cracks and
oblique cracks.

(2) Considering the height of the haunch, the initial
stiffness of the cup-top retaining wall is the largest
one under the same loading condition. According
to the equivalent bending principle, the ultimate
bearing capacity of the prefabricated retaining wall
is higher than that of the integral retaining wall.

(3) The compressive bearing capacity of the corbel
type is improved by the corbel. The corbel
increases the area of the root of the vertical plate,
which makes the most unfavourable section of the
vertical plate move up from the root. Therefore,
the bearing capacity of the corbel retaining wall far
higher than the others.

(4) Compared with the integral retaining wall, the
ratio of yield load to ultimate bearing capacity of
the fabricated retaining wall is between 0.65 and
0.78. Therefore, the three new prefabricated
retaining walls have sufficient safety reserve and
strong ductility deformation ability.

(5) No bond failure occurred in the UHPC grouting
joint. The principal tensile stress at the filling joint
increases first, then decreases, and finally tends to
be stable. The maximum principal tensile stress of
UHPC grouting joints is more than 10 MPa, and the
high tensile strength of UHPC can meet the stress
requirement of grouting joints.

(6) For the cup-top retaining wall, the relative
bending force arm of the most unfavourable
section in the vertical plate is decreased by the
haunch ribs of the bottom plate. And the

comprehensive performance of the lapped 
reinforcement retaining wall is weak. In addition, 
the use of UHPC increase the cost. By contrast, the 
corbel retaining wall balances the shortcomings of 
the grouted joint retaining wall, and can give full 
play to the role of the corbel and the tensile rebar. 
It has the highest bearing capacity, the most 
reasonable force and the best structural 
performance. 
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Abstract 
Wing-spread bridge is an innovative stress-ribbon arch pedestrian bridge expected to be built along 
Binjiang Avenue, Shanghai, China. Human-induced vibration is an important factor that needs to be 
considered in the operation period of pedestrian bridges. However, there is a lack of research on 
this new structure's dynamic characteristics and vibration reduction measures. In this paper, the 
finite element (FE) model of the Wing-spread Bridge is firstly established, and the modal analysis is 
conducted based on the FE model. Subsequently, the maximum acceleration of each mode under 
pedestrian dynamic load is calculated. The result shows that the maximum acceleration of the first-
order lateral bending mode exceeds the best comfortable indicator. Finally, two tuned mass 
dampers (TMD) are designed to be installed at the top of the arches, and the vibration amplitude of 
the bridge with TMD meets the requirements. 

Keywords: stress ribbon arch bridge; FEM; modal analysis; vibration control; TMD. 

1 Introduction 
Wing-spread bridge is an imaginary 164m stress-
ribbon arch bridge built in Shanghai. The arch and 
the main cable overlap in the middle of the span. A 
back-cable partial double-layer suspension-arch 
combination system is proposed in creating the 
entire bridge, and several innovations are realized. 
The rigid frame effectively connects the flat arch 
and the sling in the middle of the bridge. Under the 
lifting action of the sling, the overall bending 
moment of the flat arch is improved, the cross-
section is lightsome, and the span of the whole 

bridge is increased. Bridge decks are set on the 
main arch and suspension belt, and the double 
bridge decks bring different walking experiences to 
pedestrians. The tower and foundation are the 
significant components of the bridge. We adjust 
the position and the cable force of the back cable, 
and the cable force of the main cable to achieve 
better structural performance. In this state, the 
structure has almost no horizontal thrust on the 
foundation, and the bridge tower is only subject to 
axial force under the action of dead load. At the 
same time, the bridge tower adopts the shape of a 
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flying bird, which corresponds to the surrounding 
water environment. 

The static calculation results show that under 
various combinations, the bearing capacity and 
deflection of the bridge meet the requirements of 
the specification [1]. Human-induced vibration is a 
common phenomenon in the operation stage of 
pedestrian bridges. The abnormal vibration event 

of the Millennium Bridge in London has caused 
much public opinion worldwide [2]. Therefore, the 
vibration control of the pedestrian bridge structure 
is particularly important. TMD is widely used in 
bridges in vibration control due to its convenient 
design and installation and excellent vibration 
damping effect. This paper mainly introduces the 
dynamic analysis and vibration control design of 
the wing-spread bridge. 

Figure 1. Effect picture of the wing-spread bridge 

2 FE model and Modal Analysis 

2.1 FE model of the Wing-spread bridge 

The effect picture of the wing-spread bridge is as 
shown in Figure 1. The bridge's FE model is 
established to analyze the bridge's dynamic 
characteristics, as shown in Figure 2. Bridge towers, 
arch ribs, beams, foundations, and transverse 
bracing all adopt the beam element. The main 
cable adopts the cable element. The bridge deck 
adopts the shell element. The entire model 
contains 292 nodes and 691 elements. 

2.2 Modal Analysis 

The Lanczos method is used to conduct the modal 
analysis, and the frequencies and shapes of the first 
thirty modes are calculated in the process. Table. 1 
exhibit the description of the first five modes. 
Figure 3 shows the mode shape of the first five 
modes. At the same time, the modal mass and 
stiffness of every mode are calculated in this 
chapter. 
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Figure 2. Finite Element Model of the wing-spread 
bridge 

Table. 1 First five modes of "Wing-spread Bridge" 

Mode Order Frequency/Hz Description 
1 0.9553 First-order symmetric vertical bending mode 
2 1.0761 First-order lateral bending mode of arches 
3 1.1137 First-order antisymmetric vertical bending 
4 1.9435 First-order lateral bending mode 
5 2.0110 Second-order positive symmetric vertical bending mode 

(a) (b) 

(c) (d) 
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(e) 

(a) First-order symmetric vertical bending mode, (b)First-order lateral bending mode of arches, (c)First-order
antisymmetric vertical bending, (d)First-order lateral bending mode, (d)Second-order positive symmetric
vertical bending mode.

Figure 3. Mode shapes of the first five modes.

3 Dynamic Response Calculation 

3.1 Pedestrian load calculation 

When people are walking on the bridge, periodic 
vertical and lateral impacts are generated on the 
bridge. The frequency of the periodic vertical force 
generated by the pedestrian load is approximately 
1.25-2.3 Hz, and the frequency of the lateral 
periodic force is 0.5-1.2 Hz. Based on the 
periodicity of the walking force, both vertical and 
lateral forces can be expressed in the Fourier series. 
The vertical pedestrian load can be expressed as 
Eq.1. The lateral pedestrian load can be expressed 
as Eq.2 [3]. 

𝐹𝐹𝑣𝑣(𝑡𝑡) = 𝐺𝐺 + 𝐺𝐺�𝛼𝛼𝑣𝑣𝑣𝑣 𝑠𝑠𝑠𝑠𝑠𝑠( 2𝑠𝑠𝑖𝑖𝑓𝑓𝑝𝑝𝑡𝑡 + 𝜑𝜑𝑣𝑣𝑣𝑣)
∞

𝑣𝑣=1

 (1) 

𝐹𝐹𝑙𝑙(𝑡𝑡) = 𝐺𝐺�𝛼𝛼𝑙𝑙𝑣𝑣 𝑠𝑠𝑠𝑠𝑠𝑠( 2𝑠𝑠𝑖𝑖𝑓𝑓𝑝𝑝𝑡𝑡 + 𝜑𝜑𝑙𝑙𝑣𝑣)
∞

𝑣𝑣=1

 (2) 

In the formulas, G  is the person's weight, t  is the 
time, pf  is the step frequency, viα  is the vertical 
dynamic load factor, viϕ  is the harmonic phase 
angle of the ith vertical harmonic force, liα  is the 
lateral dynamic load factor, liϕ  is the phase angle 
of the ith lateral harmonic force. According to Eq.1 
and Eq.2, the dynamic load of a single pedestrian 
can be expressed as Eq.3. 

𝐹𝐹(𝑡𝑡) = 𝛼𝛼𝐺𝐺�𝜓𝜓𝑣𝑣 𝑠𝑠𝑠𝑠𝑠𝑠( 2𝑠𝑠𝑖𝑖𝑓𝑓𝑝𝑝𝑡𝑡)
∞

𝑣𝑣=1

 (3) 

When calculating the pedestrian load, the vertical 
dynamic load factor vα  can be taken as 0.4, the 
lateral dynamic load factor lα  can be taken as 0.05, 
and the pedestrian's standard weight is 700N [3]. In 
addition, considering the probability that the 
pedestrian cadence is close to the critical value of 
the fundamental frequency variation range, the 
reduction factor 𝝍𝝍 is introduced for the dynamic 
load. The relationship between the reduction 
factor 𝝍𝝍 and dynamic load frequency is expressed 
in Figure 4. 
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(a) (b) 

(a) Vertical reduction factor 𝝍𝝍, (b)Lateral reduction factor 𝝍𝝍.

Figure 4.The diagram of the pedestrain load reduction factors.

When the crowds walk randomly on the bridge, 
the impact force of every pedestrian reduces due 
to the inconsistency. According to the principle of 
load equivalence, the dynamic load of N  
pedestrians can be equivalent to the load 
generated by eN  pedestrians in the same step. eN
is calculated based on Eq.4. 

𝑁𝑁𝑒𝑒 = �
10.8�𝜉𝜉𝜉𝜉𝜉𝜉 𝜉𝜉 < 1 𝑝𝑝𝑝𝑝𝑝𝑝𝑠𝑠𝑝𝑝𝑠𝑠/𝑚𝑚2

1.85√𝜉𝜉𝜉𝜉 𝜉𝜉 ≥ 1 𝑝𝑝𝑝𝑝𝑝𝑝𝑠𝑠𝑝𝑝𝑠𝑠/𝑚𝑚2
(4) 

Among them d  is the crowd density, ξ  is the 
damping ratio of the structure and S  is the area of 
the bridge deck. Based on Eq.1~Eq.4, the effective 
pedestrian load per unit area with step frequency 

pf  is expressed as Eq.5. 

𝐹𝐹𝑠𝑠(𝑡𝑡) = 𝑁𝑁𝑒𝑒𝛼𝛼𝐺𝐺𝜓𝜓𝑠𝑠𝑠𝑠𝑠𝑠( 2𝑖𝑖𝑓𝑓𝑝𝑝𝑡𝑡)/𝜉𝜉 (5) 

3.2 Maximum acceleration of each mode 

The area of the wing-spread bridge's deck is 
1743.6m². The effective pedestrian loads per unit 
area of the first five modes are calculated and 
exhibited in Table. 2. The acceleration response of 
each mode under the corresponding pedestrian 
dynamic load is calculated with the Newmark-Beita 
method. The amplitude of each mode is exhibited 
in Table. 2. 

Table. 2 First five modes of "Wing-spread Bridge" 

Mode 
order 

Amplitude 
of the 

Dynamic 
Pedestrian 

Load 
(kN/m^2) 

Amplitude 
of the 

Vibration 
Acceleration 

(m/s^2) 

Vibration 
Direction 

1 0 0 Vertical 
2 1.177 0.17 Lateral 
3 0 0 Vertical 
4 0 0 Lateral 
5 0 0 Vertical 

The vertical and lateral vibration acceleration range 
recommended by the French Institute of Highway 
and Motorway Regulations SETRA are shown in 
Table. 3 [4]. The acceleration response limit of 
outdoor pedestrian bridges generally adopts the 
best comfortable indicator. 

Table. 3 Vibration acceleration range 

Comfo
rt 

Catego
ry 

Comfort 

Vertical 
acceleratio

n 
range(m/s

^2) 

Lateral 
acceleratio

n 
range(m/s

^2) 

CL1 Best <0.50 <0.1 
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CL2 Moderate 0.50~1.00 0.10~0.30 

CL3 Poor 1.00~2.50 0.30~0.80 

CL4 Unaccepta
ble >2.50 >0.80

The result shows that the amplitude of the first-
order lateral bending mode exceeds the best 
comfortable indicator. Thus, the vibration design 
needs to be carried out to the second mode.  

4 TMD design 

4.1 Parameters of the TMD 

The most widely used vibration reduction method 
in bridges is passive control. In order to control the 
vibration amplitude of the second mode, a TMD 
system is designed. Ikeda and Ioitichu proposed the 
TMD optimal parameter calculate method of 
damped structures with different physical 
parameters (displacement and acceleration) as the 
optimization objectives. When the minimum 
acceleration of the main structure is used as the 
optimization criterion, the optimized values of the 
frequency ratio and damping ratio of TMD are 
shown in Eq.6 and Eq.7 [5]. 

𝛾𝛾𝑜𝑜𝑝𝑝𝑜𝑜 =
1

�1 + 𝜇𝜇
+ (0.096 + 0.88𝜇𝜇 − 1.8𝜇𝜇2)𝜉𝜉

+ (1.34 − 2.9𝜇𝜇 + 3𝜇𝜇2)𝜉𝜉
(6) 

𝜉𝜉𝑜𝑜𝑝𝑝𝑜𝑜 = �
3𝜇𝜇(1 + 0.49𝜇𝜇 − 0.2𝜇𝜇2)

8(1 + 𝜇𝜇)
+ (0.13 + 0.72𝜇𝜇
+ 0.2𝜇𝜇2)𝜉𝜉
+ (0.19 + 1.6𝜇𝜇 − 4𝜇𝜇2)𝜉𝜉

(7) 

In the equation, 𝜇𝜇 is the ratio of TMD mass to the 
modal mass. 𝜉𝜉  is the damping ratio of the mode. 
 𝛾𝛾𝑜𝑜𝑝𝑝𝑜𝑜  is the ratio of TMD frequency to the modal 
frequency after optimization. 𝜉𝜉𝑜𝑜𝑝𝑝𝑜𝑜  is the TMD 
damping ratio after optimization. 

Next, the damping design of these modes is carried 
out separately. The design parameters include 
installation position, mass, stiffness, and damping 
ratio when designing TMD. 

On the premise of a fixed mode mass ratio, 
installing the damper at the amplitude position， 
the vibration damping efficiency of the TMD is the 
highest, and the mass of the TMD is the lowest[6]. 
Therefore, the TMD should be installed at the 
amplitude position of the vibration mode as much 
as possible. The vibration amplitude of the second 
mode appears at the medium of the arch, and the 
TMD is installed at this position. 

Since the acceleration amplitude of the second 
mode exceeds the standard by little value, the 
mass ratio is set to 0.2%. Then the parameters of 
the TMD are shown in Table 24. The modal mass 
and stiffness are calculated in 2.2. The damping 
value of the TMD is calculated based on the 
definition of the damping ratio. 

Table. 4 First five modes of Wing-spread Bridge 

0.2
% 

0.99
95 

2.871
% 

478.
45 

39291.
37 249.08 

4.2 Acceleration Calculation after Vibration 
Reduction 

The second mode of the main structure and the 
TMD system form a two-degree-of-freedom 
system. The schematic diagram of the structure is 
shown in Figure 5. Newmark-Beita method is 
utilized to solve the acceleration of the two-
degree-of-freedom system. The acceleration 
response history is shown in Figure 6, and the 
maximum value of the second mode is 0.08m/s^2, 
reaching the best comfortable indicator. 

Figure 5. The diagram of the system with a TMD 
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Figure 6. The acceleration time history of the 
selected mode 

The relative displacement time history curve of 
TMD is shown in Figure 10. The maximum relative 
displacement of TMD is 0.085m, the displacement 
is small. There is no need to reserve a large activity 
space for TMD, and the displacement robustness is 
also superior. 

4.3 Robustness evaluation of the TMD 

Due to errors in actual manufacturing and 
installation of the TMD, there may be some 
deviations between actual parameters and design 
values. These errors could influence the vibration 
control performance of the TMD, so a robustness 
analysis of the TMD is required. Taking the damping 
ratio of TMD as the horizontal axis, the frequency 
ratio of the main structure and the TMD as the 
vertical axis, and the acceleration amplitude of the 
mode structure as the contour value, the 
robustness curve of the structural parameters of 
the TMD is drawn, as shown in Figure 7. This graph 
can be divided into two single-dimensional 
robustness evaluation graphs, as shown in Figure 8 
and Figure 9. The design value is not at the top of 
the peak but the slope for the damping and 
frequency ratios. Therefore, the robustness is 
superior. Changes in design parameters will not 
cause significant changes in TMD damping 
performance. 

Figure 7. Robustness curve 

Figure 8. Peak acceleration-damping ratio curve 

Figure 9. Peak acceleration-frequency ratio curve 

The relative displacement time history curve of 
TMD is shown in Figure 10. The maximum relative 
displacement of TMD is 0.085m, the displacement 
is small. There is no need to reserve a large activity 
space for TMD, and the displacement robustness is 
also superior. 
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Figure 10. The displacement time history of the 
selected mode 

5 Conclusions 
This paper introduces the innovative design, modal 
analysis, and vibration control design of the wing-
spread bridge. The form of the stress-ribbon arch 
bridge is adapted in the design of this bridge. Four 
innovations in the design, making this bridge 
reasonable in mechanics and beautiful in shape, 
are briefly explained. The FE model of this bridge is 
established, and modal analysis is carried out based 
on this model. After calculation, the amplitude of 
acceleration of the first-order lateral bending mode 
exceeds the limit value of the specification, so the 
vibration reduction design of this mode is needed. 
The vibration control design is carried out, and the 
TMD is installed at the top of the arches. With the 
TMD, the vibration of the bridge is controlled to 
satisfy the best comfortable indicator. The TMD is 
robust enough to resist error in manufacturing and 
operation.  Furthermore, the surroundings' 
features are considered in the design, and the 
bridge will become an attractive addition to the 
landscape of Binjiang Avenue. 
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Abstract 
The analysis of creep effect on steel-concrete composite structure is very complex. In this paper, 
the numeric analysis method of creep effect on steel-concrete composite structure with equivalent 
temperature field method is deduced, including transformation of initial creep strain to nonlinear 
equivalent temperature field along composite section, and also the reduced elasticity modulus of 
the concrete deck is taken for solution by computer. Based on this method, the programs for 
analysis of creep effect on steel-concrete composite structure with elements of integrated section 
without need of building models as divided separate layer have been developed, which has been 
used to analyse the creep effect on a long-span pre-stressed steel-concrete composite bridge. The 
conclusion has been drawn that creep effect is remarkable on pre-stressed steel-concrete bridge 
even if the reduced equivalent modulus of elasticity is considered.  

Keywords: creep; steel-concrete composite beam; equivalent temperature field; reduced modulus 
of elasticity ;numeric analysis. 

1 Introduction 
Steel-concrete Composite Structure is a type of 
structure widely used in bridge and civil 
engineering. As its section is composed of two 
different kinds of material of concrete and steel, 
and creep caused by concrete is more evident 
than steel that the creep of steel can be 
neglected, and so the creep effect analysis of this 
composed structure become more complicated. 
The statically determinate composite structure 
can also cause self-stress due to the strain 
re-distribution of creep, which complies the plain 
section assumption. As the statically 
indeterminate composite structure, secondary 
super-static stress should be caused by creep, 

besides the self-stress. Self-stress effect of creep 
from static for example simply supported 
composite beams can be solved by manual 
calculation or with equations given in textbook[1], 
but creep effect of super-static composite beams 
is far more complicated than that of static ones 
that it can not be analysed accurately only if by 
programs. There is great need for suitable and 
numeric analysis method and effective software. 
In some cases we may build models by two 
separate layers that represent respectively 
different material of steel and concrete, and 
connect them with additional rigid element. But 
this method increase the element numbers, and 
bring the result that is not continuous where the 
node points connect, and so is usually not ideal.  
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In this paper, creep strain is converted to the 
equivalent nonlinear temperature field along 
section in the transformed equivalent section by 
converting concrete part to equivalent steel area, 
and the effective ratio of elasticity modulus of 
steel to concrete  is reduced according to creep 
while the creep effect is analysed using this 
temperature field . In Specifications for Design of 
Highway Steel Bridge(JTG D64-2015) [2] 
promulgated by China ministry of transportation 
and communication and China national criterion 
of Code for Design of Steel and Concrete 
Composite Bridges (GB50917-2013) [3], effective 
ratio of modulus of elasticity is also taken into 
account for analysing creep effect of composite 
beam with equivalent transformed section 
method.  As follows, author will deduce solution 
method for analysis of creep effect of composite 
beam with the finite element method, giving 
clear expression of creep load vector in common , 
which is afterwards used to develop software 
applicated to analysis of creep effects on 
long-span composite section bridge.  

2 Conversion to equivalent 
nonlinear temperature field from 
initial strain of creep along section 
of composite beam  

While analysis of creep or shrinkage effect, we 
should calculate the initial strain at first that is 
supposed free and not restricted yet.[4] [5] Then 
by using plain section assumption and restriction 
from  super-static structure boundary conditions, 
we can solve the creep and shrinkage effect of 
composite beam. As to shrinkage, initial strain is 
not difficult for us to change into temperature 
field according to the material’s linear expansion 
coefficient.  But as to initial strain caused by 
creep, because creep of current stage is 
connected with all the load effect produced in the 
past stages and so relative to the history of load, 
is far more complicated to be analysed while 
conversed to equivalent temperature field.  

The initial strain of steel part at the lower part of 
the section can be regarded as zero, considering 
that creep is insignificant at the steel part of 

section. At the upper part of section, there exists 
initial strain caused by creep. As to shrinkage, 
there is only axial strain and no bending strain in 
concrete deck of composite bridge, so initial 
strain is shown in rectangular shape in concrete 
deck part . But as to creep, both axial and 
bending strains exist, so creep initial strain is 
shown in trapezium shape.  

So the creep strain along section of steel-concrete 
composite beam is shown in nonlinear form as 
Figure 1, in which ℎ𝑠𝑠   and ℎ𝑐𝑐  are respectively 
the height of steel and thickness of concrete with 
a sudden change at the combined interface point. 
If we use 𝑢𝑢𝑖𝑖0  or  𝑢𝑢𝑗𝑗0  represents respectively 
axial displacement at Node I or J end point of 
element caused by creep, 𝜃𝜃𝑖𝑖0 or 𝜃𝜃𝑗𝑗0 represents 
respectively angle displacement at Node I or J 
end point of element caused by creep, and l 
represents element length, we can get result as 
shown in Eqns. (1–2), where 𝜀𝜀𝑥𝑥0 represents axial 
strain caused by axial displacement, ∅0
represents curvature strain caused by angle 
displacement. Both of them comply the plain 
section assumption.  In Eqns. (3-6), 𝜀𝜀0

𝑡𝑡𝑡𝑡𝑡𝑡、𝜀𝜀0𝑐𝑐𝑑𝑑𝑖𝑖𝑑𝑑、
𝜀𝜀0𝑠𝑠𝑑𝑑𝑖𝑖𝑑𝑑、and 𝜀𝜀0𝑏𝑏𝑡𝑡𝑡𝑡 are respectively initial strain at 4 
characteristic points , i.e. those at the  top 
flange, combined interface of concrete part, 
combined interface and the bottom flange of the 
steel part, along section of composite beam. 
Initial strains at 2 points of steel are zero. 
Equivalent temperature field is gotten by dividing 
initial strain with expanding coefficient α ,  
which is expressed in Eqns. (7-10), where 𝛥𝛥𝑡𝑡𝑐𝑐

𝑡𝑡𝑡𝑡𝑡𝑡、 
𝛥𝛥𝑡𝑡𝑐𝑐𝑑𝑑𝑖𝑖𝑑𝑑 、 𝛥𝛥𝑡𝑡𝑠𝑠𝑑𝑑𝑖𝑖𝑑𝑑 、 𝛥𝛥𝑡𝑡𝑠𝑠𝑏𝑏𝑡𝑡𝑡𝑡  represent equivalent 
temperature values at 4 characteristic points 
along section, positive involved with 
increase ,negative with decrease. Equivalent 
temperature field is nonlinearly or piecewise 
linear distributed along section. 

𝜀𝜀𝑥𝑥0 =
𝑢𝑢𝑗𝑗0 − 𝑢𝑢𝑖𝑖0

𝑙𝑙
（1） 

∅0 =
𝜃𝜃𝑗𝑗0 − 𝜃𝜃𝑖𝑖0

𝑙𝑙
（2） 
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Figure 1 Initial strain along section of 

steel-concrete composite beam 

𝜀𝜀0
𝑡𝑡𝑡𝑡𝑡𝑡 = 𝜀𝜀𝑥𝑥0 + ∅0(ℎ− 𝑦𝑦0) 

=
(𝑢𝑢𝑗𝑗0 − 𝑢𝑢𝑖𝑖0)

𝑙𝑙
+

(𝜃𝜃𝑗𝑗0 − 𝜃𝜃𝑖𝑖0)(ℎ− 𝑦𝑦0)
𝑙𝑙 （3） 

𝜀𝜀0𝑐𝑐𝑑𝑑𝑖𝑖𝑑𝑑 = 𝜀𝜀𝑥𝑥0 + ∅0(ℎ𝑠𝑠 − 𝑦𝑦0)

=
(𝑢𝑢𝑗𝑗0 − 𝑢𝑢𝑖𝑖0)

𝑙𝑙
+

(𝜃𝜃𝑗𝑗0 − 𝜃𝜃𝑖𝑖0)(ℎ𝑠𝑠 − 𝑦𝑦0)
𝑙𝑙

 （4） 

𝜀𝜀0𝑠𝑠𝑑𝑑𝑖𝑖𝑑𝑑 = 0 （5） 

𝜀𝜀0𝑏𝑏𝑡𝑡𝑡𝑡 = 0 （6） 

𝛥𝛥𝑡𝑡𝑐𝑐
𝑡𝑡𝑡𝑡𝑡𝑡 =

𝜀𝜀0
𝑡𝑡𝑡𝑡𝑡𝑡

𝛼𝛼
（7） 

𝛥𝛥𝑡𝑡𝑐𝑐𝑑𝑑𝑖𝑖𝑑𝑑 =
𝜀𝜀0𝑐𝑐𝑑𝑑𝑖𝑖𝑑𝑑

𝛼𝛼
 （8） 

𝛥𝛥𝑡𝑡𝑠𝑠𝑑𝑑𝑖𝑖𝑑𝑑 = 0 （9） 

𝛥𝛥𝑡𝑡𝑠𝑠𝑏𝑏𝑡𝑡𝑡𝑡 = 0 （10） 

𝑢𝑢𝑖𝑖0 = �𝑢𝑢𝑖𝑖0,𝐽𝐽 • 𝛥𝛥𝜑𝜑𝐼𝐼𝐽𝐽

𝐼𝐼

𝐽𝐽=1

 （11） 

𝜃𝜃𝑖𝑖0 = �𝜃𝜃𝑖𝑖0,𝐽𝐽 • 𝛥𝛥𝜑𝜑𝐼𝐼𝐽𝐽

𝐼𝐼

𝐽𝐽=1

 （12） 

𝑢𝑢𝑗𝑗0 = �𝑢𝑢𝑗𝑗0,𝐽𝐽 • 𝛥𝛥𝜑𝜑𝐼𝐼𝐽𝐽

𝐼𝐼

𝐽𝐽=1

 （13） 

𝜃𝜃𝑗𝑗0 = �𝜃𝜃𝑗𝑗0,𝐽𝐽 • 𝛥𝛥𝜙𝜙𝐼𝐼𝐽𝐽

𝐼𝐼

𝐽𝐽=1

 （14） 

Axial and angle displacement caused by creep can 
be expressed as Eqns. (11-14), shows the total 
sum of  the creep  displacement resulted from 
the elastic deflection from Step I to Step J, where 
step I is currently calculated step, step J is that 
before Step I, 𝛥𝛥𝜑𝜑𝐼𝐼𝐽𝐽  is the creep coefficient 
increased from step I to step J. As the creep effect  
from creep itself, we can times creep secondary 
inner force with creep coefficient and added it up 
while calculating creep load vector. 

So just by inserting this temperature field along 
transformed section, we can make numeric 
analysis of creep effect on composite beam. But 
while transforming concrete part to steel area, we 
should reduce concrete’s elasticity modulus for 
calculating the equivalent modulus ratio of steel 
to concrete, just as we do that while analysing 
creep effects on concrete beam, otherwise the 
creep effect solved will be far more greater than 
in reality.  

3 Solution of self-stress and 
super-static effect of creep 

Author of this paper has deduced numerical 
method for solution of temperature and 
shrinkage effects on composite beam[6], which 
can be extended to the solution of creep effects 
on composite beam. In the same way as used for 
solution of temperature effect on composite 
structure, based on the nonlinear temperature 
field, according to the plain section assumption, 
in combination of  constitutive equations and 
balance equations, the actual strain restrained by 
geometric equations can be solved out,  thus 
after back substitution the self-stress effect can 
be gotten. And also with the actual axial strain 
and curvature, by locking down node points of 
elements, we can deduce the load vector of creep 
effect, that makes the solution of super-static 

0
top

0c
div

0s   =0
div

0   =0
bot

0
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effect available. 

3.1 Solution of restricted strain and 
self-stress 

Suppose 𝑛𝑛0 is the ratio of elasticity modulus of 
steel 𝐸𝐸𝑠𝑠   to concrete 𝐸𝐸𝑐𝑐 , 𝑛𝑛𝐿𝐿  is the ratio of 
elastic modulus of steel 𝐸𝐸𝑠𝑠   to 𝐸𝐸𝑐𝑐

𝜑𝜑 , i.e.
concrete's  equivalent modified modulus 
relative to concrete creep. 𝑟𝑟𝜑𝜑 is the reduction 
coefficient also relative to concrete creep. All of 
those are shown in Eqns. (15-17).

𝑛𝑛0 =
𝐸𝐸𝑠𝑠
𝐸𝐸𝑐𝑐

（15） 

𝑟𝑟φ =
𝐸𝐸𝑐𝑐
𝜑𝜑

𝐸𝐸𝑐𝑐
（16） 

𝑛𝑛𝐿𝐿 =
𝐸𝐸𝑠𝑠
𝐸𝐸𝑐𝑐
𝜑𝜑 =

𝑛𝑛0
𝑟𝑟𝜑𝜑

（17） 

Figure 2 Restricted strain along section of 

steel-concrete composite beam 

Based on assumption of plain strain section, we 
can get the increment strain 𝛥𝛥𝜀𝜀𝑦𝑦 restricted by 
the  geometry equation of Eqn. (18), and shown 
in Figure 2. 𝜀𝜀0𝑦𝑦  is the initial strain at the 
calculated point of section where is at the height 
y from the bottom of section. ∅  is  the 
section’s actual curvature after creep effect 
solution, positive if making the up  flange in 
tension. 𝜀𝜀𝑏𝑏𝑡𝑡𝑡𝑡  is the strain at the bottom flange 
of section after creep effect solution, positive 
while in tension. 

𝛥𝛥𝜀𝜀𝑦𝑦 = 𝜀𝜀0𝑦𝑦 − 𝜀𝜀𝑏𝑏𝑡𝑡𝑡𝑡 − ∅𝑦𝑦 （18） 

In Eqn. (19), the initial strain is conversed from 
temperature field by times of coefficient of 
expansion, where ∆𝑡𝑡𝑦𝑦  is the value of 
temperature gradient at the point with the height 
of 𝑦𝑦 from bottom.

𝜀𝜀0𝑦𝑦 = 𝛼𝛼 • 𝛥𝛥𝑡𝑡𝑦𝑦 （19） 

According to Eqns. (18) and constitutive relation, 
stress of concrete 𝜎𝜎𝑐𝑐 and stress of steel 𝜎𝜎𝑠𝑠 can 
be expressed in Eqns. (20-21), among which, ℎ is 
the total height of the composite beam. Both 𝜎𝜎𝑐𝑐
and 𝜎𝜎𝑠𝑠  are positive if making section fabric 
tensile, and negative vice versa.

𝜎𝜎𝑐𝑐 = 𝐸𝐸𝑐𝑐𝛥𝛥𝜀𝜀𝑦𝑦 =
𝐸𝐸𝑠𝑠
𝑛𝑛𝐿𝐿

(𝜀𝜀0𝑦𝑦 − 𝜀𝜀𝑏𝑏𝑡𝑡𝑡𝑡 − ∅𝑦𝑦), 

while ℎ𝑠𝑠 ≤ 𝑦𝑦 ≤ ℎ𝑠𝑠 + ℎ𝑐𝑐 （20） 

𝜎𝜎𝑠𝑠 = 𝐸𝐸𝑠𝑠(𝜀𝜀0𝑦𝑦 − 𝜀𝜀𝑏𝑏𝑡𝑡𝑡𝑡 − ∅𝑦𝑦), 
while 0 ≤ 𝑦𝑦 ≤ ℎ𝑠𝑠 （21） 

By integration of stress along the transformed 
section and taking account of equilibrium of axial 
force N and bending moment M, we can get eqns. 
(22-23), by which wen can solve two unknown 
variables ∅ and 𝜀𝜀𝑏𝑏𝑡𝑡𝑡𝑡, as shown in Eqns. (24-25), 
among which, 𝑏𝑏𝑦𝑦 is the transverse width of 
section at the point with the height of 𝑦𝑦. 

𝐴𝐴0ʹ𝜀𝜀𝑏𝑏𝑡𝑡𝑡𝑡 + 𝐴𝐴0ʹ𝑦𝑦0ʹ∅ = � 𝜀𝜀0𝑦𝑦𝑏𝑏𝑦𝑦
ℎ𝑠𝑠

𝑑𝑑𝑦𝑦 + 

+
1
𝑛𝑛𝐿𝐿
� 𝜀𝜀0𝑦𝑦𝑏𝑏𝑦𝑦
ℎ𝑐𝑐

𝑑𝑑𝑦𝑦 
（22） 

𝐼𝐼0ʹ∅ = � 𝜀𝜀0𝑦𝑦𝑏𝑏𝑦𝑦(𝑦𝑦 − 𝑦𝑦0ʹ)
ℎ𝑠𝑠

𝑑𝑑𝑦𝑦 + 

+
1
𝑛𝑛𝐿𝐿
� 𝜀𝜀0𝑦𝑦𝑏𝑏𝑦𝑦
ℎ𝑐𝑐

(𝑦𝑦 − 𝑦𝑦0ʹ)𝑑𝑑𝑦𝑦 
（23） 
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∅ =
1
𝐼𝐼0ʹ

[� 𝜀𝜀0𝑦𝑦𝑏𝑏𝑦𝑦(𝑦𝑦 − 𝑦𝑦0ʹ)
ℎ𝑠𝑠

𝑑𝑑𝑦𝑦 + 

+
1
𝑛𝑛𝐿𝐿
� 𝜀𝜀0𝑦𝑦𝑏𝑏𝑦𝑦(𝑦𝑦 − 𝑦𝑦0ʹ)
ℎ𝑐𝑐

𝑑𝑑𝑦𝑦] 

（24） 

𝜀𝜀𝑏𝑏𝑡𝑡𝑡𝑡 =
1
𝐴𝐴0ʹ

(� 𝜀𝜀0𝑦𝑦𝑏𝑏𝑦𝑦
ℎ𝑠𝑠

𝑑𝑑𝑦𝑦 + 

1
𝑛𝑛𝐿𝐿
� 𝜀𝜀0𝑦𝑦𝑏𝑏𝑦𝑦
ℎ𝑐𝑐

𝑑𝑑𝑦𝑦) − 𝑦𝑦0ʹ∅ 
（25） 

Among equations above, 𝐴𝐴0ʹ , 𝐼𝐼0ʹ  and 𝑦𝑦0ʹ 
represent respectively the transformed area, 
inertia moment and location of centroid of the 
transformed section with the ratio of modified 
equivalent elastic module 𝑛𝑛𝐿𝐿 . 𝐴𝐴0ʹ ,𝐼𝐼0ʹ and 𝑦𝑦0ʹ 
are expressed as followed in Eqns. (26-28).

𝐴𝐴0ʹ = � 𝑏𝑏𝑦𝑦
ℎ𝑠𝑠

𝑑𝑑𝑦𝑦 +
1
𝑛𝑛𝐿𝐿
� 𝑏𝑏𝑦𝑦
ℎ𝑐𝑐

𝑑𝑑𝑦𝑦 （26） 

𝐼𝐼0ʹ = � 𝑦𝑦𝑏𝑏𝑦𝑦(𝑦𝑦 − 𝑦𝑦0ʹ)
ℎ𝑠𝑠

𝑑𝑑𝑦𝑦 + 

+
1
𝑛𝑛𝐿𝐿
� 𝑦𝑦𝑏𝑏𝑦𝑦(𝑦𝑦 − 𝑦𝑦0ʹ)𝑑𝑑
ℎ𝑐𝑐

𝑦𝑦 
（27） 

𝑦𝑦0ʹ =
∫ 𝑏𝑏𝑦𝑦ℎ𝑠𝑠

𝑦𝑦𝑑𝑑𝑦𝑦 + 1
𝑛𝑛𝐿𝐿 ∫

𝑏𝑏𝑦𝑦ℎ𝑐𝑐
𝑦𝑦𝑑𝑑𝑦𝑦

𝐴𝐴0ʹ
（28） 

By back substitution the restriction Eqn.(18) with 
the actual curvature ∅ and bottom axial strain 
𝜀𝜀𝑏𝑏𝑡𝑡𝑡𝑡, the restrained strain increment is gotten. 
And then self-stress effect can be solved 
according to Eqns. (20-21).

3.2 Load vector of creep and solution of 
super-static effect on composite beam 

By locking node I and node J of elements, we can 
get the effective load vector including effective 
load value 𝑁𝑁𝑖𝑖,𝑀𝑀𝑖𝑖,𝑁𝑁𝑗𝑗 and 𝑀𝑀𝑗𝑗 shown as Eqns. 
(29-30). By solution of finite element equations 
after assembling the load vector, using the 
modulus ratio of steel to modified equivalent 
elastic modulus of concrete, the creep effect 

including secondary force and stress can be 
solved out.  

𝑁𝑁𝑖𝑖 = −𝑁𝑁𝑗𝑗 = −𝐸𝐸𝑠𝑠𝐴𝐴0ʹ(𝜀𝜀𝑏𝑏𝑡𝑡𝑡𝑡 + ∅𝑦𝑦0ʹ) （29） 

𝑀𝑀𝑖𝑖 = −𝑀𝑀𝑗𝑗 = −𝐸𝐸𝑠𝑠𝐼𝐼0ʹ∅ （30） 

3.3 Adjustment of property by width of 
section instead of adjustment of 
elasticity modulus 

𝑏𝑏𝑦𝑦
𝑛𝑛𝐿𝐿

=
𝑏𝑏𝑦𝑦

𝐸𝐸𝑠𝑠/𝐸𝐸𝑐𝑐
𝜑𝜑 =

𝑟𝑟𝜑𝜑𝑏𝑏𝑦𝑦
𝑛𝑛0

（31） 

In Eqns. (24-28),we can see that 𝑏𝑏𝑦𝑦 is always 
divided by 𝑛𝑛𝐿𝐿. From Eqn. 31 , we know that it is 
equivalent that reducing 𝐸𝐸𝑐𝑐  while keeping 
𝑏𝑏𝑦𝑦 original, or reducing 𝑏𝑏𝑦𝑦  while keeping 𝐸𝐸𝑐𝑐 
original. So we have no need of adjustment of 
𝐸𝐸𝑐𝑐 , just need to reduce 𝑏𝑏𝑦𝑦 while calculating the 
properties of transformed section , i.e. 𝐴𝐴0ʹ , 𝐼𝐼0ʹ
and 𝑦𝑦0ʹ . Thus while developing numeric 
programs, we just need to reduce the width of 
𝑏𝑏𝑦𝑦 at the height of 𝑦𝑦 from the bottom flange to 
calculate the properties of transformed section, 
and use 𝑛𝑛0 calculated by 𝐸𝐸𝑐𝑐. In the process of 
calculating properties, it’s just need to adjust the 
original properties by calculating the area and its 
location, so getting properties increment or 
decrement due to the change of 𝑏𝑏𝑦𝑦. The value of 
reduction coefficient is relative to the creep 
coefficient involved in that current step for 
calculation, which is variable in different stage. 

If  ∆𝐴𝐴 , ∆𝑆𝑆  and ∆𝐽𝐽   are supposed the 
increment or decrement of area, area moment 
and inertia moment to the bottom flange, the 
new properties namely 𝐴𝐴0ʹ , 𝐼𝐼0ʹ  and 𝑦𝑦0ʹ  are 
expressed as Eqns. (32-35).   

𝐴𝐴0ʹ = 𝐴𝐴0 + 𝛥𝛥𝐴𝐴 （32） 

𝑦𝑦0ʹ =
𝐴𝐴0𝑦𝑦0 + 𝛥𝛥𝑆𝑆
𝐴𝐴0 + 𝛥𝛥𝐴𝐴 （33） 

𝐼𝐼0ʹ = 𝐼𝐼0 + (𝛥𝛥𝐽𝐽 −
𝛥𝛥𝑆𝑆2

𝛥𝛥𝐴𝐴
) + 𝐴𝐴0(𝑦𝑦0ʹ − 𝑦𝑦0)2 + 
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+𝛥𝛥𝐴𝐴(𝑦𝑦0ʹ −
𝛥𝛥𝑆𝑆
𝛥𝛥𝐴𝐴

)2 （34） 

𝛥𝛥𝐽𝐽 = 𝐽𝐽0 +
𝛥𝛥𝑆𝑆2

𝛥𝛥𝐴𝐴
（35） 

Reduced equivalent elasticity modulus should be 
used in many procedures including calculation of 
elements' stiffness, solution of node 
displacement and element inner force by back 
substitution with displacement, and also solution 
of self-stress, equivalent load vector of creep. In 
all these procedures, it’s convenient as the 
method just reduces the width by and no need to 
change EC by using n0. 

The above-mentioned principle that 
transformation of creep to equivalent 
temperature can be also applicated to analysis of 
shrinkage effect on composite beam, except that 
there is no need to reduce properties or just 
taking reduction coefficient as 1.0 involved in 
shrinkage analysis. The finite element programs 
had been developed by author using the 
numerical method deduced above. 

4 Example of long-span pre-stressed 
composite bridge 

The bridge of Shen Zhen Dan Ping express way 
project is a long-span pre-stressed composite 
bridge in a variety of section height ranging from 
2.5m to 4.8m,with 3 spans of 62m+90+58m, 
composed of 2 boxes at the left and 3 boxes at 
the right bridge section, and the bridge width is 
14m and 17.5m on different sides, concrete deck 
thickness is 45cm, as shown in Figure 3. Concrete 
of grade C55 was used, with 𝐸𝐸𝑐𝑐 of 3.55x104 Mpa. 
Steel of grade q345q-D, with 𝐸𝐸𝑔𝑔 of 2.1x105 Mpa. 
Surface pavement thickness is 19cm, with density 

of 25 kN per m3. Barrier weight load values 10kN 
per meter per side. 10 years period is considered 
for creep calculation period. Both internal and 
external pre-stressed tendons are set as model in 
Figure 4. In the longitudinal direction of this 
bridge, there is only one horizontal restriction, 
the rest three ones are movable. All the four 
bearings are free about rotation freedoms. 

The construction steps of the model are divided 
sequentially including ： construction of 
manufactured steel parts and permanent  and 
temporary supports ； connection of steel parts; 
pouring concrete deck； formation of stiffness for 
total section； tension of pre-stressed tendons； 
removing temporary supports； installation of 
surface pavement and barriers； 10 years period 
of shrinkage and creep； service stage. 

Using the programs developed by author for 
analysis of creep effect on this composite beam 
based on equivalent temperature load method 
that takes in consideration of reduction 
coefficient of concrete’s modulus of elasticity 
deduced above in this paper, the models of the 
left and right bridges have been run in computer 
separately. The results show that stresses of 
concrete part at mid-supports of the bridge is 
evident and so a key fact that controls the design 
procedure. In Table 1, concrete and steel stresses 
caused by creep at 4 characteristic points are 
listed. All of those are composed of self-stress 
and super-static  stress. The sum stress including 
self-stress and super-static stress at these 4 
points are respectively -2.36 MPa,-2.79 MPa, 
17.75 MPa, 7.71Mpa, the later two values are 
stresses at interface and bottom flange of steel 
part, other two values are stresses at the top 
flange and interface of concrete slab. 
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Figure 3 Section of steel-concrete composite bridge 

Figure 4 Model of steel-concrete composite bridge 

Table 1. Stresses Caused by Creep on Section of mid-support Location 

top flange of 
concrete 

[MPa] 

Interface of 
concrete 

[MPa] 

interface of 
steel 

[MPa] 

Bottom flange 
of steel 

[MPa] 

self-stress -0.695 -1.459 25.635 -3.546

Super-static 
stress 

-1.665 -1.331 -7.885 11.256 

sum -2.36 -2.79 17.75 7.71 

Figure 5 Secondary bending moment from creep 

Seen from Figure 5, the maximum 
secondary bending moment from creep is 
-18603 kNm at section of the first
mid-support. If not considering the
reduction coefficient of concrete’s

elasticity modulus, bending moment is 
great to -26206 kNm. That is to say, 
bending moment after reduction is 
decreased to 70.98% as that before 
reduction. By analysis, it shows that the 
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secondary bending moment at the section 
of midpoint supports caused by shrinkage 
and pre-stressed tendons are also 
negative, all of those 3 factors makes the 
up flange of concrete slab tensile. So the 
secondary force caused by creep is too 
remarkable to be neglected for 
pre-stressed composite structure, even if 
the equivalent reduced modulus of 
elasticity is considered. 

5 Conclusion 

In this paper, to solve the creep effect of 
composite structure, the initial strains are 
transformed into nonlinear equivalent 
temperature field along the height of 
section, and taking reduced equivalent 
elasticity modulus at the concrete part, 
the expression of creep load vector for 
common use and also the numeric 
analysis method have been deduced. This 
method can be applicated perfectly to 
solve the creep effect on steel-concrete 
composite structures with elements in 
integrated transformation section by 
computer without need of building 
models in separately divided layers. The 
programs based on this method have 
been developed are suitable for analysis 
of both creep effect and shrinkage effect , 
and  have been used to analyse the 
practical composite bridge to draw the 
conclusion that creep effect is remarkable 
on pre-stressed steel-concrete bridges, 
especially those super-static ones , even if 
the reduced equivalent modulus of 
elasticity is considered.  
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Abstract 
Although more and more research achievements have been obtained in offshore engineering in 
recent years, there are few studies on transportation of bridge under marine condition. In order to 
explore the response characteristics of bridge transportation under the action of marine 
environment, this paper conducts numerical simulation of the transportation of a butterfly arch 
bridge by a semi-submersible barge.  In this paper, the software based on potential theory has been 
used to analyze the swing motion of the transportation of bridge. The motion response of the 
combined float has been calculated under the action of wind, waves and currents with the varying 
of frequencies and directions. The results show that the swing motion amplitude of the combined 
float in the condition determined by the local code is relatively small, and the action of waves are 
the main factor of the swing motion compared to wind and currents.  

Keywords: marine transportation; AQWA; semi-submersible barge; butterfly arch bridge. 

1 Introduction 
In recent years, the construction of offshore 
projects such as cross-sea bridges and sub-sea 
tunnels has been increasing in order to alleviate the 
problem of insufficient urban land resources in 
developed areas. Therefore the application of 
technology related to the marine transportation 
and installation of bridge sections is becoming 
more and more significant. Marine transportation 
of bridges is a fluid-structure coupling problem. 
There are usually two research methods to solve 
the problem of barge transportation, CFD method 
and potential flow theory method. Although the 

CFD theory method present high calculation 
accuracy, it requires huge computational power 
and running time, while the potential flow theory 
analysis method is fast and meets the accuracy 
requirement of most shipping project and occupies 
an important position in the ship transportation 
engineering. Therefore, the most used commercial 
software in the marine field such as AQWA, MOSES, 
WAMIT, etc. are based on the 3D potential flow 
theory. For the above reasons, this paper uses 
AQWA as the main analysis tool for bridge marine 
transportation. 
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The project studied in this paper is the process of 
the transportation of an 11,000-ton steel butterfly 
arch bridge-section by the 15,000-ton semi-
submersible barge near the maritime region of 
Hong Kong. Currently there are some researches 
have been conducted about bridge transportation 
by ship, and there are also some papers on ship 
about the issue. For example, Peng Liu et al. (2015) 
introduced the technical details of the 
transportation of the HZMB, and analyzed the 
performance of support, limiting devices and 
Locally stressed member during the ship 
transportation of the girder[1]. Jun Pan et al. (2016) 
introduce the details of the arrangement of the 
construction scheme for the marine transportation 
and lifting of the Kyushu Channel Bridge of the 
HZMB[2]. Jianfa Zhao et al. (2006) presented the 
construction scheme for the transportation and 
installation of the concrete girder bridge in 
Hangzhou Bay[3]. Zhongda Lv (2006) introduced 
the weather measurement control technology of 
Hangzhou Bay Bridge, as well as the prefabrication, 
transportation and erection technology of 
prestressed concrete bridge[4]. To sum up, All of 
the above research only discussed the details of the 
transportation scheme without fine-grained 
numerical analysis. 

Although there is less research on ship 
transportation of bridges, there is much research 
on ship transportation of large cargoes. The 
research on semi-submersible transport can be 
traced back to the semi-submersible barge "Ocean 

ServantⅠ " designed by Wijsmuller Company in 
1976. Van Hoorn F (1990) analysed the 
performance of semi-submersible barges based on 
the example of a semi-submersible transporting a 
tension leg platform and discussed some criteria 
for semi-submersible transport based on several 
examples of semi-submersible transport by 
Wijsmuller[5]. There is also some research have 
been conducted on semisubmersible barges in 
recent years, such as the numerical calculation of 
the working conditions of a semisubmersible barge 
carrying a 40,000-ton offshore platform using 
Moses software by Zuopeng Lu[6]. Xu Liu et al. 
(2019) conducted a scale-down model test of a 
50,000-ton semisubmersible barge designed 
independently in China, and using the OCTOPUS 
program to conduct a numerical simulation study 
of the barge[7]. 

Through reviewing the literature, it can be found 
that most of the current studies on bridge 
transportation by ships only stay at the level of the 
discussing of construction scheme and qualitative 
analysis, and lack of refined research. In contrast, 
although there are many studies on the 
transportation of cargoes by semi-submersible 
ships, the mechanical properties of the bridge are 
not exactly the same as those of general cargoes, 
so it is necessary to analyse the marine 
transportation of bridges using relatively refined 
numerical methods. 

Boundary element model of 
combined floating structure

Wind

Current

Wave

AQWA LINE

FER

DRIFT

RAOs

Response Time Curves

Peak motion predicted

Combined floating structure
Figure 1 The analysis process of this paper 
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2 Analytical methods and theories 
The analysis process is shown in Figure 1: Firstly, 
the mathematical model and relevant parameters 
of relevant environmental conditions such as wind, 
wave, and currents are determined by referring to 
the codes, literature and statistics of local sea area. 
Then the barge, the butterfly arch bridge and the 
supports are considered as a combined float 
without separation, and the boundary element 

model of the combined float would be established. 
After that, the hydrodynamic frequency domain 
analysis of the combined float would be conducted 
by AQWA-LINE to calculate the results of the 
hydrostatic properties, motion amplitude, 
additional mass, and radiation damping, etc. 
Subsequently, the frequency domain analysis 
module of AQWA-FER would be used to conduct 
the frequency domain analysis of the combined 
float under irregular wave condition, and the 
predicted values of the amplitude of wave swing 
motion is the value meets the exceeding 
probability of amplitude to be one thousandth. 
Finally, the AQWA-DRIFT module would be used to 
perform the time domain analysis for certain 
marine conditions and plot the time history curves 
of motion. 

2.1 Boundary element model 

2.1.1 Definition of coordinate system 

The origin of the fixed system axes(LSA) is located 
at the intersection of the stern face, the centreline 
face and the still water face at the initial moment 
(e.g. point O in Figure 3). The origin of the local 
system axes(LSA) is located at the centre of gravity 
(e.g. point G in Fig. 3). At the initial moment, the x-

axis of both the FRA and the LSA are pointing to the 
forward direction of the ship's bow. 

Figure 3 wave direction definition 

The direction of the wave is defined as shown in 
Figure 3. The direction of the propagation along the 
x-axis of the overall coordinate system is 0°, and
the direction of the wind and current is defined in
the same way as the wave.

X
Y

O

Submersible BargeWave direction

θ
θ=0

θ=270

θ=90

θ=180

X

Z

Y

water
O

y’ (sway)

G x’ (surge)

z’ (Heave)

(yaw)

(roll)
(pitch)

Draft=4.16m

Figure 2 Definition of coordinate system 
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2.1.2 Boundary element model establishment 

The bridge transported by this project is a steel 
structure butterfly arch bridge with a main span of 
214m and a bridge width of 35.8m. The main arch 
rib of the bridge is 44.789m high, and the arch rib 
is inclined outward by 20°. The construction 
scheme include onshore prefabrication, overall 
marine transportation and overall installation at 
sea, and a semi-submersible barge is adopted to be 
the transportation tool for the arch bridge. The size 
of the semi-submersible barge is 146m in length, 
70m in width and 8.5m in height. The total weight 
of the butterfly arch bridge to be transported by 
the project is 11,000t, and the towing speed is 
2.6m/s during the transportation. In this paper, the 
butterfly arch bridge, the bracket and the semi-
submersible ship are regarded as an inseparable 
combined float. The parameters of the combined 
float are shown in the following table1: 

Table 1. properties of combined float 

Properties Value 

Mass 3.72E+07[kg] 

Moment of inertia 
IXX 2.76E+10[kg.m2] 
IYY 9.43E+10[kg.m2] 
IZZ 9.52E+10 [kg.m2] 

Draft 4.16[m] 

Centre of gravity 
X 67.19[m] 
Y 0.00[m] 
Z 8.95[m] 

Use ANSYS to establish the boundary element 
model (figure 4) of the combined float. In this 
model, the surface elements choice SHELL181 
elements, and PIPE59 element corresponds to the 
Morrison elements. Then, the surface element 
model would be exported as aqwa file supported 
by AQWA. 

Figure 4 boundary element model 

2.2 Environmental model 

2.2.1 Wind and flow loads 

In this paper, the effects of wind and ocean current 
on the structure are considered in the form of force 
and moment on centre of gravity. The calculation 
formula of wind and current force can be 
calculated by the mathematical model described in 
Eqn. (1-2)[9]: 

Fx =
1
2
ρCx𝐴𝐴𝑥𝑥𝑉𝑉2 (1) 

Fy =
1
2
ρCy𝐴𝐴𝑦𝑦𝑉𝑉2 (2) 

Where ρ is the density and for the wind to take the 
air density, for the flow to take the density of sea 
water; 𝑉𝑉 is the speed of the wind or sea current; Cx 
is the wind or flow force coefficient; 𝐴𝐴𝑥𝑥   is 
projected area of the windward side in the x-
direction and the same as 𝐴𝐴𝑦𝑦. 

<PORT WORKS DESIGN MANUAL> is a code 
prepared by a Hong Kong authority based on actual 
measured parameters in the waters off Hong Kong. 
Determine the wind and current recommended 
value of velocity by referring to the < PORT WORKS 
DESIGN MANUAL> and the value is as follow table2. 

Table 2 Recommended velocity value 

Condition Average velocity[m/s] 

Wind 
Normal 17.0 

Extreme 27.0 
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Current Normal 1.0 

2.2.2 Wave spectrum 

In this paper, the assumption that the waves in the 
sea are consistent with the JONSWAP spectral 
model was made. The JONSWAP spectrum is a 
three-parameter spectrum, which is determined by 
three parameters: the spectral peak elevation 
factor r, the spectral peak period Tp, and the 
significant wave height Hs. The JONSWAP spectrum 
is embedded in the AQWA software, so the theory 
of JONSWAP spectrum is not introduced in this 
paper. The value of the parameters in this paper 
are as follow table3. 

Table 3 Parameter of JONSWAP spectrum 

Tp[s] Hs[m] r 

7.0 2.5 1.93 

2.2.3 Wave loads 

The three-dimensional potential flow theory 
assumes that the fluid is ideally inviscid and that 
the flow is Spineless. The governing equations for 
the fluid can then be reduced to the problem of 
solving the Laplace equation boundary value 
problem. The solution of the Laplace equation is 
accomplished by the built-in algorithm of the 
AQWA software, which will not be introduced in 
this paper. Once the system of Laplace's equations 
has been solved, the potential value in the fluid 
domain can be obtained and the fluid pressure at 
the boundary of the combined float can be 
calculated according to the following Eqn. (3). 

p = −ρ�
δϕr
δt

+
δϕω
δt

+
δϕd
δt

� − 𝜌𝜌𝜌𝜌𝜌𝜌  �3� 

Then the wave force and moment can be expressed 
as Eqn. (4-5) 

�⃗�𝐹 = �(𝑝𝑝.𝑛𝑛�⃗ )𝑑𝑑𝑑𝑑
𝑆𝑆

(4) 

𝑀𝑀��⃗ = �𝑝𝑝(𝑟𝑟 × 𝑛𝑛�⃗ )𝑑𝑑𝑑𝑑
𝑆𝑆

(5) 

Where 𝑆𝑆 is the wet surface of the float and 𝑛𝑛�⃗  is the 
normal vector to the boundary of the float. �⃗�𝐹 ,𝑀𝑀��⃗   
are wave force and wave moment respectively. 

2.3 Swing motion of combined float 

2.3.1 Control equations for Swing motion 

The elastic deformation of the combined float in 
the wave is small compared to its displacement 
motion, so consider the swing motion of the 
combined float in the wave by treating is as a rigid 
body, whose equation  is Eqn.(6) . 

(M + ∆M)�̈�𝑋 + 𝐵𝐵𝑋𝑋 + 𝐾𝐾𝑋𝑋 = 𝐹𝐹 (6) 

Where M is the mass matrix; ∆M is the additional 
mass matrix;  𝐵𝐵  is the damping matrix, 𝐾𝐾 is the 
hydrostatic stiffness matrix; 𝐹𝐹 is the load array; 𝑋𝑋 
is displacement array consist with 6 dof swing 
motion: surge, sway, heave, roll, pitch and yaw. 
In the above equations, all the data except the 
damping matrix can be calculated using the AQWA 
hydrodynamic calculations or the methods already 
described earlier in this paper. 

2.3.2 Estimation of roll damping 

It is extremely difficult to determine the damping 
coefficient by theoretical methods so it is usually to 
use the empirical formulas to estimate damping. To 
solve ship or marine engineering problem only roll 
damping should be calculated by empirical formula 
because the damping of other dof are major 
determined by radiation damping which can be 
calculated by potential. It is worth mentioning that 
there is several models can be used to estimate roll 
damping including Ikeda model, Bearden model 
and Nikolayev model. Nikolayev model has been 
used in this paper, and it is determined by the 
formula as Eqn. (7-8). 

2μ = k1
𝐿𝐿𝐵𝐵4

𝐷𝐷(𝐵𝐵2 + 𝐻𝐻2)𝜑𝜑A (7) 

A = 2μ�(𝐼𝐼𝑥𝑥𝑥𝑥 + Δ𝐼𝐼𝑥𝑥𝑥𝑥)𝑘𝑘𝑟𝑟𝑟𝑟𝑟𝑟𝑟𝑟 (8) 

Where: L, B, H and D are the length[m], width[m], 
depth[m] and displacement[t] respectively; k1 is 
the empirical coefficient, 0.055~0.060 for general 
marine vessels, 0.060 is taken in this paper; 𝜑𝜑A is 
the roll amplitude, 0.1rad is taken in this paper. The 
damping factor can be calculated as shown in the 
table4 below: 
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Table 4 Viscous damping value estimated 

Type Value[N·m·s] 

Estimated roll damping factor 1.05E+10 

Radiation roll damping 2.13E+09 

Viscous damping estimated 
value 8.35E+09 

2.3.3 Swing motion amplitude prediction 

If the amplitude of the motion response with 0.1% 
exceedance probability is used as the predicted 
estimate of the maximum response value for this 

condition, the extreme value of the motion 
response with 0.1% exceedance probability can be 
estimated by the following equation Eqn.(9)[8]. 

R𝑚𝑚𝑚𝑚𝑥𝑥 = 1.86𝑅𝑅1/3 

𝑅𝑅1/3   the significant value of the combined float 
which means average of the first 1/3 of the larger 
values in the statistics of all movement 
amplitudes. 𝑅𝑅1/3 can be calculated by AQWA-FER. 

3 Numerical calculation results and 
discussion 

3.1 Variation of RAO 
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In the research of ship swing motion, the 
performance of navigation for ship is most 
influenced by  heave, roll and pitch, so this paper 
mainly focuses on the motion response of these 
three degrees of freedom. 

Firstly the natural period estimated value calculate 
by AQWA-LINE. Four different periods of waves 
near the natural period t=7, 8, 10 and 12, were 
chosen to plot the RAO-direction variation curves, 
as shown in Figure (5-10). According to Figure (5-

10), it can be seen that having a sailing speed 
apparently affects the RAO of the pitch and heave 
motion, but only very little effect performed on the 
roll motion. Besides, both roll and heave motion 
get the maximum value at wave angle of of ±90°, so 
it can be judged that the sea state with wave angle 
of 90° is the state we should focus on. The pitch 
motion get the maximum value at angle of 0° or 
±180°. In terms of the maximum response value, 
the response amplitude of the roll motion is 
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approximately twice than pitch motion, which is in 
a similar ratio to the barge's length-width ratio. 

3.2 Predicted value of movement 
amplitude 

In the calculation of this part, he following sea state 
was selected: 

JONHSWA spectrum with a spectral peak period of 
7[s], a significant wave height of 2.5 m and a 
spectral peak elevation factor of 1.93. The wave 
frequency range for the frequency domain analysis 
was 0.089 to 1.7 Hz, and the wave angles were 0 to 
360° with an interval of 45°. 

By using the AQWA-FER module for frequency 
domain analysis, the significant values and 
predicted value of motion response amplitude 
were calculated as shown in the following table5. 

As can be seen from the table5, the swing motion 
amplitude predicted by the aforementioned 
methods of the combined float in the Pre-defined 
marine environment is small relative to the barge 
size, with a roll response amplitude of only 1.985°, 
a maximum pitch response of only 0.891° and a 
maximum heave response amplitude of only 
0.558m. 

Figure 11 Maximum amplitude estimated by significant value of  swing motion 

Angle 
Significant value of amplitude Maximum amplitude estimated 

Heave[m] Roll[°] Pitch[°] Heave[m] Roll[°] Pitch[°] 

0 0.122 0.00 0.479 0.227 0.000 0.891 

45 0.095 0.270 0.480 0.177 0.502 0.893 

90 0.300 1.067 0.085 0.558 1.985 0.158 

135 0.121 0.147 0.298 0.225 0.273 0.554 

180 0.086 0.003 0.201 0.160 0.006 0.374 

225 0.121 0.147 0.298 0.225 0.273 0.554 

270 0.300 1.067 0.085 0.558 1.985 0.158 

315 0.095 0.270 0.480 0.177 0.502 0.893 

3.3 Time domain calculations 

The time domain analysis was conducted by using 
the AQWA-DRIFT module. The calculation time was 
set to 3 hours, and the time history result were 
calculated for two types of wave motion 

considering wind  flow forces and not considering 
wind flow forces. The wind, current and wave 
conditions are the same as 3.2. the time history 
curve was plotted with the results after the motion 
was stabilised (time=4000~6000) as shown in 
Fig(15-17). 
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Figure 14 history curve of pitch 

As can be seen from figures (15-17), all of them 
show that the effect of wind flow forces on the 
heave and roll motion of the combined float in an 
irregular wave is very small, while the effect of 
pitch is slightly larger. But considering that the roll 
is very small, the effect of wind and flow forces on 
the roll motion of the barge is relatively not 
important compared with wave. 

4 Conclusion 
The main influencing conditions on the response of 
the combined float in the marine environment are 
wind, waves and currents, and waves are the main 
influencing factor on the response of the swing 
motion. 

The maximum response amplitude of the 
combined float is very small, so that the 
transportation of bridge of this paper can be 
considered to be safe in the condition assumed. 

Based on a comprehensive analysis of the effects of 
wave direction and wave frequency, it can be 
assumed that an incident wave direction of ±90° is 
the most unfavourable direction of wave incidence 
for similar projects. 
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Abstract 
This paper investigated the seismic performance of steel frames under earthquake motion. Two-
story steel frames were designed based on a code-design method for a medium and high-risk 
seismic zone. The frame's nonlinear static and dynamic analyses have been performed using 
OpenSees software and sap2000. We consider diverse configurations, concentrated plasticity, and 
fiber-model were employed. The results obtained in the analytical study concluded that the user 
design method was reasonable and the mean maximum drift of the frames under the ground motion 
sets was in an acceptable range. 

Keywords: nonlinear static analysis; dynamic analysis; earthquake motion; steel frame; 
concentrated plasticity model; fiber model. 

1 Introduction 
A.Elnashai et al. (1) Presented how stiffness is the
most pertinent parameter in responding to
serviceability requirements under the frequent
small earthquake. Strength is utilized to control the
level of inelasticity under the infrequent medium-
sized earthquake; finally, collapse prevention
under the large rare earthquake is most affected by 
ductility. A.Chopra(2) explain the theory and
application to earthquake engineering. Two-story
steel frames were designed for a seismically active
area using the Chinese Seismic Design Code (3) to
address this issue. OpenSees software (4) was
employed for nonlinear static and dynamic
analyses.

2 Elastic Analysis 
The 2-story steel frame structure is to be designed. 
The seismic design of the frame is carried out. The 
structure is assumed to be located on medium-stiff 
soil (500≥ 𝑉𝑉𝑠𝑠 >250) (class II), in Sichuan Province, 
a region with a Seismic Fortification Intensity of 8 
(basic acceleration of ground motion of 0,20g). The 
seismic loads and seismic design criteria used for 
the structure were established according to "GB 
50011-2010 Code for Seismic Design of Buildings". 

2.1 Loads Assumption 

Considering two uniformly distributed loads (Live 
load, superimposed dead load) and a span between 
planar frames of S = 4,00 m, the linearly distributed 
loads acting on beams were summarised in Table 1. 
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Table 1. loads description. 

Live load 
[KN/m2] 

Imposed 
dead load 
[KN/m2] 

Seismic load 
[g] 

2,5 5 
El Centro (N-

S ground 
motion) 

 Figures 1 and 2 show the live and superimposed 
loads acting on each story. 

Figure 1. Live load 

Figure 2. superimposed dead load 

2.2 Material Detail 

Trial sections for beams and columns were 
assumed to perform the elastic analysis. Then, the 
corresponding verification for member strength 
(resistance) and structure stiffness was made. 

I-shaped welded built-up members of Q345 steel
plates were considered for beams and columns.
The preliminary sections for beams and columns
are illustrated in Figure 3.

2.2.1 Model assumption 

The modeling and analysis of the building were 
based on several assumptions, which are 
summarized as follows: 

- The columns and beams were modeled
using frame elements;

- The columns were fixed at the base;
- Soil-structure interaction was neglected;
- A rigid diaphragm connected all nodes at

the same floor level;
- Rigid zones were considered at the ends of

both beams and columns.

2.2.2 Analysis procedure 

To evaluate the responses of the frame 
(deformations, internal forces, and reactions) 
under both vertical and lateral loads, a 2D finite 
element model of the building was developed in 
SAP2000. Two types of linear elastic analysis were 
performed:  response spectrum analysis (RSA) and 
harmonic motion response analysis. The last one 
was conducted under a minor earthquake level (i.e., 
for frequent earthquakes).  

The first two-mode shape of the frame has been 
summarized in Table 2. Below  

Table 2. vibration frequencies and period of each 
mode 

Period 
 𝑻𝑻𝒏𝒏

[sec] 

Cyclic 
frequency 

𝒇𝒇𝒏𝒏 
[HZ] 

Circular 
frequency 

𝝎𝝎𝒏𝒏 
[rad/s] 

Mode 1 0.6376 1.5683 9.8539 

Mode 2 0.1668 5.9957 37.6720 
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Figure 3. Trial sections: (a) beams; and (b) columns 

The limit for elastic inter-story drift ratio (IDR), i.e., 
under minor earthquake level, for multi-story and 
tall steel structures is equal to 1/250 or 4,0x10-3. 
Moreover, the limitation for elastoplastic inter-
story drift ratio (IDR), i.e., under major earthquake 
level, is 1/50 or 0,02. Table 3 shows the inter-story 
drift ratios for response spectrum analysis. 

Table 3. IDR 

Story 
height 
[mm] 

Inter-
story drift 

[mm] 

Inter-story 
drift ratio Code 

limit 

Floor     
2 3600 8,1382 2,26x10-3 4x10-3

Floor
1 3600 6,5033 1,81x10-3 4x10-3

2.2.3 Resonance phenomenon 

a sinusoidal wave has been taken as input, and the 
amplitude has been kept constant while the ratio 
of frequency input to natural frequency changed. 

A harmonically varying load of sine-wave form can 
be expressed as:  

𝑝𝑝(𝑡𝑡) = 𝑝𝑝sin(𝜔𝜔t) (1) 

Where 𝑝𝑝  is the amplitude and 𝜔𝜔  the circular 
frequency. 

with the variable 𝛽𝛽 defined as the ratio of the 
applied loading frequency to the natural free 
vibration frequency, i.e. 

𝛽𝛽 = 𝜔𝜔/𝜔𝜔𝑛𝑛 (2) 

Then, the five values to perform the analysis are: 
𝛽𝛽1 = 0,25, 𝛽𝛽2 = 0,50, 𝛽𝛽3 = 1,00, 𝛽𝛽4 = 1,50, and 
𝛽𝛽5 = 2,00. In addition, 𝜔𝜔𝑛𝑛 for this analysis is taken 
as the natural circular frequency of the first mode, 
i.e. 𝜔𝜔𝑛𝑛 = 9,8539 𝑟𝑟𝑟𝑟𝑟𝑟/𝑠𝑠.

Therefore, the five natural circular frequencies of 
the input waves are summarized in Table 4.
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Table 4. properties of input sine waves

Figure 4. Minimum and maximum roof displacement versus 𝛽𝛽 

Figure 5. Minimum and maximum roof velocity versus 𝛽𝛽 

Figure 6. Minimum and maximum roof acceleration versus 𝛽𝛽 

Cyclic   
frequency, 

(Rad/s) 

Cyclic   
frequency, 

(Rad/s) 

Period 
[sec] 

Number 
of cycles equation 

Sine wave 1 2,4635 0,392 2,550 8 𝑝𝑝sin(2,4635t) 
Sine wave 2 4,9270 0,784 1,275 16 𝑝𝑝sin(4,9270t) 
Sine wave 3 9,8539 1,568 0,638 32 𝑝𝑝sin(9,8539t) 
Sine wave 4 14,7808 2,352 0,425 48 𝑝𝑝sin(14,7808t) 

Sine wave 5 19,7078 3,136 0,319 64 𝑝𝑝sin(19,7078t) 
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The sine waves were input as acceleration at the 
base, so a PGA (peak ground acceleration) value of 
700 mm/s2 (0.07g) was adopted following the 
provisions of the Chinese seismic code for time-
history analysis. Therefore, the plot curve's 
responses of maximum and minimum 
displacements, accelerations, and velocity are 
depicted in Figures 4 to 6. 

Regarding the resonance phenomena analysis, it 
was observed that when the period of the input 
sine wave was equal to the period of the frame for 
its first mode (𝛽𝛽  = 1.00), the amplitude of the 
vibration gets highly in comparison with the other 
cases of analysis (𝛽𝛽 = 0.25, 0.50, 1.50, and 2.00), 
which is consistent with the definition of resonance. 

2.3 Inelastic analysis 

Two numerical models of the steel moment frame 
designed above were developed in OpenSees 
(Open System for Earthquake Engineering 
Simulation) platform to perform inelastic analyses 
and examine its performance under seismic loading. 
The modeling comprised two different approaches 
to capture the nonlinear response of the structure: 
(a) Model 1 used the lumped (concentrated)
plasticity approach; (b) and Model 2 used the
distributed plasticity approach (or fiber model).

Three types of analysis were performed on the 
structure: (1) Modal analysis; (2) Nonlinear static 
(Pushover) analysis; and (3) Nonlinear dynamic 
(Time-history) analysis. The description of both 
models, assumptions, and analysis results are 
presented in the following subsections. 

2.3.1 Beam model 

Inelasticity in ductile framed structures is 
concentrated at or near member ends. In lumped 
inelasticity models, the element response is thus 
generally represented by zero-length plastic hinges, 
also referred to as "point hinges," located at 
member ends. The point hinges are inelastic 
springs. The stiffness matrix of the member is 
computed from the stiffness of the single or 
multiple springs. For elements with inelastic 
flexural behavior, the inflection point is usually 
assumed to be at member mid-length. The inelastic 

flexural deformations in each half of the beam are 
lumped in a rotational spring at the end of the 
member. Concentrated inelasticity models may 
describe complex hysteretic behavior by selecting 
appropriate constitutive relationships for the end 
springs. 

The main advantage of the lumped inelasticity 
models presented above is the simplicity of their 
formulation. Notwithstanding, these models 
oversimplify certain aspects of hysteretic behavior, 
which may render them of limited applicability. 
They are more retrospective than predictive (i.e., 
the behavior is needed before the analysis is 
performed). 

2.3.2 Model development 

Beams and columns were modeled as elastic 
elements with inelastic rotational springs at their 
ends. A modulus of elasticity of 206 GPa and yield 
strength of 345 MPa for steel material was used. 

The moment-rotation relationship for the inelastic 
springs was established based on the modified 
Ibarra-Medina-Krawinkler (IMK) deterioration 
model, available in the OpenSees library. This 
model incorporates relevant strength and stiffness 
deterioration parameters for structural response 
characterization as the building approaches 
collapse. 

Figure 7 shows the backbone curve of the modified 
IMK model in the moment-rotation domain. The 
parameters for the IMK model are: plastic 
rotational capacity (𝜃𝜃𝑝𝑝 ), post capping rotational 
capacity (𝜃𝜃𝑝𝑝𝑝𝑝) and cyclic deterioration parameter 
(Λ). 

Energy dissipation capacity of the defined W 
section in the form of Λ· 𝑀𝑀𝑦𝑦 ·𝜃𝜃𝑥𝑥  , where 𝑀𝑀𝑦𝑦  and 
𝜃𝜃𝑥𝑥 Are the estimated yield moment and yield 
rotation, respectively. Λ is a scalar used to quantify 
the total energy dissipation capacity of the RBS.  

the component as a multiple of the product 𝑀𝑀𝑦𝑦 ·
 𝜃𝜃𝑥𝑥  Both analytical and cyclic monotonic 
deterioration modeling parameters for beam and 
nonlinear column springs are shown in figures 8 
and 9. 
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Figure 7. Modified Ibarra Krawinkler(IMK) Deterioration Model for Inelastic Springs 

Figure 8. analytical model developed in OpenSees using the lumped plasticity approach 
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Figure 9. node and elements notation for the lumped plasticity model 

In addition, rigid zones were considered at the ends 
of the members. P-Delta effects were also included 
in the analysis. 

Gravity load and lateral masses have been 
respectively assigned at floor nodes. 

2.3.3 Nonlinear static analysis 

The first and second vibration periods obtained in 
the eigenvalue analysis for the lumped plasticity 
model were 0,628 and 0,158, respectively. 

The structure was laterally loaded with a pattern 
equivalent to the first mode shape, i.e., 0,45 units 
on the first floor and 1,00 units on the second floor. 
The analysis was a displacement-controlled type, 
and the controlling node was Node 31, a node at 
the roof. The analysis was set to be ended when the 
roof drift reached 0.075H, i.e., 540 mm, where H is 
the total height of the frame (H = 7200 mm), or 
when failure of the structure occurs. 

The lateral reactions were recorded to calculate 
the base shear and be able to plot the pushover 
curve in Figure 10. 
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Figure 10. beam model pushover curve 

2.3.4 Nonlinear dynamic analysis 

The time-history analysis was performed using the 
El Centro NS (1940) ground motion. The hysteretic 
curves, in terms of moment and rotation, of the 
nonlinear springs of the beam of Story 1 and Story 
2 are shown in Figures 11 and 12. 

Figure 11. The hysteretic curve of one beam end in 
Story 1 – Concentrated plasticity model 

Regarding the modal analysis, the periods found for 
the lumped plasticity model are slightly smaller 
than those found in the model in SAP2000. 
However, they show a good agreement since the 
error for the first and second modes is 1.57% and 
5.39%, respectively. 

In the pushover analysis, the maximum base shear 
the structure could sustain was 100x103 N, 
equivalent to 31.8% of its seismic weight. The 
yielding started at approximately 110 mm (0.015H) 
roof displacement. At approximately 400 mm 
(0.056H), the base shear decreased. 

Figure 12. The hysteretic curve of one beam end in 
Story 2 – Concentrated plasticity model 

 A displacement ductility factor (∆) of 4.9 can be 
estimated from the plot.  

2.4 Fiber model 

The section of beams and columns was divided into 
fibers. A division of 16x4 and 2x16 was applied to 
the flanges and webs, respectively. A uniaxial 
material model was required to be assigned to each 
fiber in the section, so the Steel01 material, 
available in OpenSees, was selected for this model. 
This command is used to construct a uniaxial 
bilinear steel material object with kinematic 
hardening and optional isotropic hardening 
described by a nonlinear evolution equation. 

2.4.1 Nonlinear static analysis 

The first and second vibration periods obtained in 
the eigenvalue analysis for the lumped plasticity 
model were 0.646 and 0.168, respectively. Figure 
13 shows the pushover curve. 

Figure 13. fiber model pushover curve 
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2.4.2 Nonlinear dynamic analysis 

the hysteretic curves, in terms of moment and 
rotation, of the nonlinear springs of the beam of 
Story 1 and Story 2 are shown in Figures 14 and 15. 

Figure 14. The hysteretic curve of one beam end in 
Story 1 – fiber model 

Figure 15. The hysteretic curve of one beam end in 
Story 2 – fiber model 

3 Discussion and Conclusions 
Based on the analyses done and the results 
obtained in this project, the following conclusions 
can be drawn: 

A 2-story steel frame structure was designed based 
on the provisions of the Chinese seismic code. It 
was verified that the structures satisfy the 
requirements for strength and stiffness. SAP2000 
was used to carry out the design under frequent 
earthquake levels based on linear elastic analysis. 

Inelastic analyses were performed on the structure 
using two different modeling approaches (1) the 
concentrated (lumped) plasticity model and (2) 

distributed (fiber) plasticity model. OpenSees 
platform was used to develop the models. Both 
models could capture the nonlinear response of 
the structure when subjected to seismic loading. 

Regarding the nonlinear static (pushover) analyses 
results, there was a difference between the 
maximum lateral load capacity obtained in the 
lumped plasticity model and that of the fiber model; 
the latter got a higher capacity because the lumped 
plasticity model included strength and stiffness 
degradation parameters for its nonlinear springs, 
and the fiber model did not. Although this 
discrepancy was observed, the yielding started at 
the same roof displacement for both models. 

Regarding the nonlinear dynamic (time-history 
analysis) results, the story displacements, relative 
story displacements, inter-story drift ratios, and 
roof drift ratios were very similar in both models. 
However, differences were found in the moment-
rotation hysteretic curves of the beam in Story 1. 
More cycles and larger rotation capacity were 
obtained in the fiber model compared to the 
concentrated plasticity model.  

4 References 
[1] Elnashai AS, Di Sarno L. Response of Structures. 

Fundamentals of Earthquake Engineering.
2008. 47–118 p.

[2] Chopra AK. Dynamics of structures : theory
and applications to earthquake engineering,
4/E. Berkeley, CA, United States:
Pearson/Prentice Hall.

[3] China Ministry of Construction (CMC). Code
for seismic design of buildings GB50011-
2010(China). Beijing, China: China
Architecture & Building Press; 2010.

[4] Open System for Earthquake Engineering
Simulation (OpenSees), OpenSees Version
2.5.0; Pacific Earthquake Engineering
Research Center: Berkeley, CA, USA, 2009.

820



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Numerical Analysis of Bolted Connectors in Prefabricated Steel-
Lightweight Aggregate Concrete Composite Beams 

Wei Wang1, Xie-dong Zhang1, Zhu-bing Xie2 

1School of Transportation and Logistics Engineering, Wuhan University of Technology, Wuhan, Hubei 
Province 430063, China 
2Wuhan Road and Bridge Construction Group Co.,LTD., Wuhan, Hubei Province 430051, China 

Contact: wwei5633@126.com 

Abstract 
This paper presented a three-dimensional (3D) numerical model to explore the shear behavior of 
bolt connections embedded in steel-lightweight aggregate concrete composite beams (SLACCBs) by 
utilizing the ABAQUS software. Nonlinear geometric effects and material nonlinearities were 
considered in the finite element (FE) modelling. The accuracy and reliability of the FE modelling were 
validated against the push-off tests initially. Subsequently, the basic shear properties of the bolted 
connection embedded in SLACCBs were studied and compared with that of the bolted connection 
embedded in the normal concrete (NC) slab by applying the verified FE modelling. Meanwhile, the 
effects of the concrete strength, concrete density, bolt diameter, and bolt tensile strength on the 
shear behaviour of bolt connection embedded in SLACCBs were also investigated by extensive 
parametric studies. 

Keywords: bolt shear connector; lightweight aggregate concrete (LAC); push-off test; finite element 
model; shear bearing capacity. 

1 Introduction 
Steel-concrete composite beams (SCCBs), which 
combine full advantages of two materials (tensile 
strength of steel and compressive strength of 
concrete), have long been employed in buildings 
and bridges [1-2]. Reliable shear connectors that 
resist the relative slip between the steel-concrete 
interface are the critical feature to guarantee the 
composite behaviour [3]. Traditional connectors 
(e.g., steel studs and Perfobond ribs) with 
outstanding mechanical performance and the ease 
of construction have been adopted and 
investigated extensively in SCCBs in recent decades 
[4-5]. However, dismounting and reusing the 
elements (i.e., steel beams, shear connectors and 

concrete slabs) is challenging when conventional 
SCCBs reach the end of their service life because 
the connections are not only welded to steel 
girders but embedded into the cast in situ concrete 
slabs. To achieve this challenging goal and to 
improve construction sustainability, high-strength 
bolts are applied in SCCBs to substitute traditional 
connections as the shear connection.  

Dallam [6] first reported the shear behaviour of 
high-strength bolts embedded in the NC slab by 
push-off tests. Test results showed that the shear 
resistance of high strength bolts was twice that of 
steel studs with the same dimensions. 
Subsequently, Dedic and Klaiber [7] elucidated the 
possibility of utilizing the high-strength bolts in 
rehabilitation work with older bridges by push-out 
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tests. In that study, the experiments concluded 
that the high-strength bolt could be applied as the 
shear connection with the comparable strength 
and stiffness to steel studs. In addition, Pavlović et 
al. [8] undertook push-off tests and corresponding 
FE analysis to understand better the difference of 
shear mechanism for bolts and studs embedded in 
prefabricated SCCBs. Their investigation revealed 
that the bolt connections applied in SCCBs can 
enhance the competitiveness and the level of 
prefabrication in composite structures. Recently, 
the basic shear properties of high-strength friction-
grip bolt (HSFGB) connection embedded in NC slab 
[9-11], geopolymer concrete (GPC) slab [12-14], 
steel-fiber reinforced concrete (SFRC) slab [15] and 
ultra-high-performance concrete (UHPC) slab were 
explored by push-off tests and FE analysis [16]. It 
was observed that the HSFGB connection displayed 
outstanding mechanical performance in SCCBs. 
Additionally, the multiple bolt effects and the shear 
behaviour of grouped bolt connectors embedded 
in NC slab were reported [17], and the results 
indicated that the shear strength per bolted 
connection was stronger than that of single bolt 
embedded in grouped connectors due to the 
multiple bolts effect. 

Previous investigations mainly pay attention to the 
shear behaviour of bolted connections embedded 
in NC, and it appears that there are no researches 
on bolted connectors embedded in SLACCBs. This 
study will focus on this point. A 3D non-linear FE 
modelling considered the geometric and material 
nonlinearities was presented, calibrated and 

verified against the push-off tests initially. 
Subsequently, the basic shear performance of 
bolted connections embedded in SLACCBs was 
investigated and compared with NC slabs by 
utilizing the verified FE modelling. Besides, the 
effects of several key variables, including the 
concrete strength, concrete density, bolt diameter, 
and bolt tensile strength on the shear behaviour of 
the bolted connection, were explored by extensive 
parametric studies. 

2 FE modelling 

2.1 Model geometry 

Figure 1 presents the configuration and details of 
push-out tested specimens in Refs. [2, 9, 15]. Four 
members, i.e., the concrete plate, steel girder, bolt 
connector and steel bars, were all considered in the 
numerical model to reflect the actual tests. Also, 
non-linear geometric effects, material 
nonlinearities and complicated contact properties 
involved in FE modelling were all taken into 
account in FE analysis. 

2.2 FE type and mesh 

The meshing details and element types of the FE 
modelling are outlined in Figure 2. Because of the 
symmetry of geometry and loading, only one-
quarter of the real specimen was modelled. The 
bolt connections, regions around the concrete 
holes, and the steel holes were specified as 3 mm. 

(a) (b) (c) 

Figure 1. Configuration and details of push-out tested specimens (unit: mm): (a) specimens tested by Chen et al. [2]; 
(b) specimens tested by Zhang et al. [9]; (c) specimens tested by Zhang et al. [15].

822



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

(a) (b) (c) (d) 
Figure 2. Mesh details and element types of the numerical model: (a) concrete plate C3D8R; (b) steel beam C3D8R; 

(c) bolt shear connector C3D8R; (d) steel cage T3D2.

At the same time, the mesh size of the concrete 
plates and steel girders was set as 30 mm. 

2.3 Material properties 

The material constitutive models proposed by Ding 
et al. [18-19] were used to represent the nonlinear 
behaviour of NC, LAC and steel in this study. 
Concrete Damaged Plasticity (CDP) model with the 
critical plastic parameters comprising the flow 
potential eccentricity (e), biaxial/uniaxial 
compressive strength ratio (fb0/fc0), and the ratio of 
the tensile to the compressive meridian (K) were 
set as 0.1, 1.225 and 2/3, respectively [20].  

The material stress-strain relationship of bolt 
connection proposed by Loh et al. [21] was used in 
this paper, which was also utilized by Chen et al. [2] 
and Liu et al. [10, 13].  

2.4 Boundary and loading conditions 

Figure 3 presents the symmetric boundary 
conditions and the loading surface of the FE 
modelling. All nodes lying in the symmetric Y-Z 
plane (Surface 1, colored by Red) were prevented 
at the X-direction translation (U1 = 0) and the Y and 
Z axes rotation (UR2 = UR3 = 0). All nodes lie on the 
symmetric X-Z plane (Surface 2, colored by Orange) 
were restrained from translating in the Y-direction 
(U2 = 0) as well as rotating in the X and Z axes 
directions (UR1 = UR3 = 0). Also, the bottom part of 
the concrete block (Surface 3, colored by Cyan) was 
fully fixed. The BOLT LOAD function was chosen to 
simulate the pretension force applied in tests. Then, 
the push-down loads were imposed on the top 
section of the steel beam. 

2.5 Interaction and constraint conditions 

 
Figure 3. Boundary conditions and loading surface. 

The interaction of numerical models comprised 
four contact pairs: concrete-to-steel, concrete-to-
bolt, concrete-to-bars, and bolt-to-steel. Except for 
the concrete-to-bars contact pair, all contact pairs 
were applied to the surface-to-surface contact. The 
HARD contact and PENALTY opinion were assumed 
for the normal response and tangential direction, 
respectively. The Embedded constraints were used 
to describe the concrete-to-bars contact pair.  

3 Verification of FE modelling 
The force-slip curves predicted by the numerical 
models were compared with those recorded in 
tests [2, 9, 15], as depicted in Figure 4. It was seen 
that the shear capacity and load-slip response 
obtained by numerical simulation were well 
consistent with the experimental results. The trend 
of numerical curves obtained by FE models (Figure 
4(b) to Figure 4(e)) were the same as the tested 
curves conducted by Zhang et al. [9]. The numerical 
curves consist of four distinct stages: (i) Friction 
transferring force stage (OA), the natural bonding 
friction at the steel-to-concrete interface and the 
pretension force exerted on the bolt connections 
were overcome by the external loading at the early 
stage. The slip at the interface was minimal and the 

Surface 2 

Surface 3 

Load surface 

Surface 1 
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bolt connections displayed a high stiffness in this 
stage. The friction loads (point A) can be mainly 
determined by the bolt pretension. (ii) Slipping 
stage (AB), noticeable slippage occurred due to the 
construction holes fabricated in specimens, thus, 
the theoretical slip value equals the sum of the 
steel-to-bolt clearance and the concrete-to-bolt 
clearance [13, 17]. (iii) Bolt shank transferring stage 
(BC), the bolt shank simultaneously bears against 
the shear, tension and bending force. The stress 
state of the bolt is similar to that of the traditional 
stud. (iv) Failure stage (CD), the slips increased with 
the load until the specimens failed. As for tested 
specimens in Refs. [9, 15], the trend of load-slip 
curves obtained from FE models was consistent 

with that of the relationship predicted by models in 
Ref. [9], except that there is no slipping stage (AB) 
(see Figure 4(a) and Figure 4(f)). This could be 
explained by the simplified FE modelling without 
considering the construction holes. In these 
comparisons, good agreement has been achieved 
between the numerical and experimental load-slip 
response in the initial loading stage (OA and AB 
stage). The stiffness of the bolt connectors 
calculated by FE models was slightly higher than 
the counterparts of specimens in the BC stage. This 
may be attributed to the simplification made in 
screw threads. Besides, the theoretical curvature is 
different from the experimental curvature due to 
the slip occurred at the steel-concrete interface [9]. 

(a) (b) (c) 

(d) (e) (f) 
Figure 4. Comparison of force-slip curves between numerical models and experiments results [2, 9, 15]: (a) T1 group [2]; 

(b) T1 group [9]; (c) T2 group [9]; (d) T3 group [9]; (e) T4 group [9]; (f) NC group [15].

4 Shear behaviour of bolted 
connector in LAC 

4.1 FE modelling 

The shear behaviour of the bolt connection 
embedded in steel-lightweight aggregate concrete 
composite beams (SLACCBs) was predicted based 
on the verified FE modelling shown above. The 
geometry of the numerical model was the same as 
the push-off test conducted by Zhang et al. [15], as 

shown in Figure 1(c). The nominal LAC strength, 
theoretical density, bolt diameter and bolt strength 
grade were set as 40 MPa, 1900 kg/m3, 16 mm and 
G8.8 (fu = 800 MPa, fy = 640 MPa), respectively. 
Meanwhile, the comparison of shear performance 
in load-slip response, shear bearing resistance, and 
failure modes between FE models with NC (FE-NC) 
and models with LAC (FE-LAC) was also performed. 

4.2 Results and discussion 
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The load-slip relationship and peak load capacity of 
bolted connectors embedded in LAC were 
compared with those of bolted connectors 
embedded in NC, as presented in Figure 5. The 
green and blue bars represent the shear strength 
of bolted connector embedded in NC and LAC, 
respectively. It was seen that the evolution of 
force-slip response in FE-LAC was similar to that in 
FE-NC, which consists of OB, BC, and CD stages (see 
Figure 5(a)). It was observed that the shear bearing 
resistance of the bolted connector in FE-LAC was 
usually less than that of the bolted connector in FE-
NC. This is because the LAC possesses a lower 
elasticity modulus than the NC with similar 
compressive strength. Meanwhile, the bolt 
connector embedded in LAC was sustained weaker 
confinement than in NC [3]. 

Figure 6 describes the comparison of the failure 
modes between FE-NC and FE-LAC (take M16-C30 
and M16-LC30, for example) when occurred the 
same slip. As can be observed, the external load 
applied in M16-C30 was 91.4 kN, 106.8 kN, 109.1 kN, 
and 111.7 kN when the relative slip was 2 mm, 6 

mm, 8 mm, and 12 mm, respectively. While in M16-
LC30 was 74.1 kN, 84.2 kN, 84.5 kN, and 81.9 kN, 
respectively. Thus, it can be concluded that the 
shear resistance of FE-LAC was lower than that of 

(a) 

(b) 
Figure 5. Comparison of shear behavior between the 
bolted connector embedded in LAC and NC: (a) load-

slip relationship; (b) shear bearing capacity. 

FE-NC when the compressive strength was the 
same. Besides, the concrete slab damage in M16-
C30 and M16-LC30 occurred first in the region 
around the bolted connector, and the damage 
value and damage area of the slab increased with 
the increase of the external load. Also, the slab's 
damage value and damage area in M16-LC30 were 
more significant than M16-C30, indicating that the 
cracks created in FE-LAC appeared earlier and 
much more than that in FE-NC. As for bolted shear 
connector, the value of PEEQ in M16-LC30 was 
lower than that in M16-C30, and its bending 
deformation in the former slab was minor than that 
in the latter when occurred the same relative slip. 
When the relative slip was 8 mm, M16-LC30 
sustained the maximum bearing capacity (see 
Figure 6(c)), in which the bolted connector had not 
reached the fracture strain. Hence, the failure 
mode of M16-LC30 was a concrete failure with bolt 
shear bending. The value of PEEQ for the bolted 
connector in M16-C30 exceeded the fracture strain 
(in grey) when relative slip reached 12 mm, 
manifesting that the failure mode was the bolt 
shear fracture. 

4.3 Parametric study 

The designed variables such as concrete strength, 
concrete density, bolt diameter and bolt tensile 
strength were selected to explore further the basic 
shear behaviour of bolted connections embedded 
in LAC. 
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(a) 

(b) 

(c) 

(d) 
Figure 6. Comparison of failure modes between FE-NC and FE-LAC (M16-C30, M16-LC30): (a) s = 2 mm; (b) s = 6 mm; 

(c) s = 8 mm; (d) s = 12 mm.

4.3.1 Effect of concrete strength 

Figure 7 shows the influence of the shear behaviour 
for models having different concrete strength 
grades (fcu ranging from 22.8 MPa to 43.8 MPa). It 
can be observed that the increase of fcu would lead 
to a significant increase in the shear strength. The 
load resistance per bolt was improved by 33.7% for 
18 mm when fcu was increased from 22.8 MPa to 
43.8 MPa. 

Load: 91.4 kN Load: 74.1 kN 
NC LAC 

Load: 106.8 kN Load: 84.2 kN 
NC LAC 

Load: 109.1 kN Load: 84.5 kN 
NC LAC 

Load: 111.7 kN Load: 81.9 kN 
NC LAC 
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Figure 7. Influence of concrete strength (fcu). 

4.3.2 Effect of concrete density 

Four different ρc, ranging from 1600 kg/m3 to 1900 

kg/m3, were considered in this investigation. Figure 
8 shows the influence of this variable on the shear 
performance. The change in ρc has no significant 
effect on the load-slip relationship and shear 
strength, similar to the conclusions drawn by 
Ollgaard et al. [3]. 

Figure 8. Influence of concrete density (ρc). 

4.3.3 Effect of bolt diameter 

Figure 9 plots the force-slip response for models 
having the same ρc (1900 kg/m3), fbtu (800 MPa), 
and different db, including 16 mm, 18 mm, 22 mm, 
27 mm. It can be seen that noticeable 
improvements in shear capacity can be observed as 
db enhanced. As the increase of db from 16 mm to 
27 mm, the shear capacity per bolt exhibited an 
increase by 67.8% for specimens with LC40. This 
increased shear strength after increasing db is due 
to the enhancement of the bolt effective shear area. 

Figure 9. Influence of bolt diameter (db). 

4.3.4 Effect of bolt tensile strength 

The influence of fbtu on the shear behaviour per 
connection is illustrated in Figure 10. Four different 
fbtu, including 800 MPa, 900 MPa, 1000 MPa, and 
1200 MPa, were considered in this investigation. It 
can be seen that an increase in fbtu led to an 
improvement in the shear strength. An 
improvement of 19.9% in the shear capacity can be 
obtained in specimens with 16 mm when fbtu raised 
from 800 MPa to 1200 MPa. 

Figure 10. Influence of bolt tensile strength (fbtu). 

5 Conclusions 
In this paper, the mechanical shear performance of 
the bolted shear connection embedded in SLACCBs 
is studied by using 3D nonlinear FE modelling. 
Based on the present investigation, the main 
conclusions are drawn as follows: 

(1) The developed 3D FE modelling both considered
the compressive and tensile damage resembled the 
push-off tests reasonably well in basic shear
performance, such as the shear carrying capacity,
load-slip relationship, and failure modes.

(2) The cracks created in the LAC slab appeared
earlier and were more numerous than that in the
NC slab, and the connector deformation that
occurred in the LAC slab was smaller than that in
the NC slab.

(3) The evolution of load-slip response of bolt
connection embedded in LAC slab was similar to
that of bolt connection embedded in NC slab. The
shear strength of the bolted connector embedded
in the LAC slab was usually lower than that of
bolted connector embedded in the NC slab.
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(4) The shear resistance of bolted connector
embedded in the LAC slab increased with the
increase of the concrete strength, bolt diameter,
and bolt tensile strength. The bolt connection
shear strength was not materially influenced by
concrete density. The bolt shear resistance in LAC
slab can be predicted according to the
recommendations in NC slab, but some reduction
needs to be considered.
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Abstract 
Welding technologies are widely applied in all kinds of steel structures. No matter what kind of 
welding is used, the welding residual stress is always inevitable. So, in this research, a semi-
destructive experiment and a numerical simulation are conducted to study the welding residual 
stress distributions of shear keys in the grouted connection section. The experiment uses the blind 
hole method on 3 flat-plate specimens of the sleeve section, to measure the welding residual stress 
distributions of them, which gives an approximate distribution of the real grouted connection 
section. Based on the experiment, a FEM numerical simulation is performed to estimate welding 
residual stress distribution. During the numerical simulation, EBD (Element Birth and Death) and 
Dflux subroutine are applied to maintain a better precision. Through the experiment and simulation, 
a comparison is done and a good correlation between welding residual stresses was found. 

Keywords: steel structure; welding residual stress; blind hole method; finite element method; 
element birth & death. 

1 Introduction 
Welding is a widely used joining method in industry 
because of its advantages such as low price and 
ease of operation. However, extra stresses, namely 
welding residual stresses, are introduced due to 
the great localized heat input and rapid cooling of 
the steel structure during the welding process, 
which is inhomogeneous for the whole structure 
[1]. This is no exception in some offshore wind 
turbine structures, where different parts of the 
structure are connected by sleeves and grout in 
grouted connection sections. In order to increase 
the friction between sleeves, the sleeves are 
equipped with multiple shear keys. The fabrication 
of these shear keys is done by welding [2], and 

these welding actions inevitably bring additional 
welding residual stresses and initial defects to the 
whole sleeve, which have an impact on the fatigue 
life of the whole structure [2–4], hence many 
studies are done on the welding of offshore steel 
structures. 

Jacob et al. [5] adopted the contour method of 
residual stress measurement to map residual 
stresses in the welded mock-up as well as in the CT 
specimens extracted from the weld region of the 
plate. Through the experiment, residual stresses 
above yield stress were found in the core region of 
weld specimens. These results indicate that 
welding residual stresses should be taken into 
consideration in OWT structures.  
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Li et al. [6] investigated the stress concentration 
factor (SCF) with a numerical model of the 
misalignments between two adjacent pile 
segments, to verify the effectiveness of the flat-
plate solutions. The flat-plate solutions were 
compared with the numerical results, which 
showed that the results of flat-plate solutions are 
quite close to the numerical results, indicating that 
flat-plate are reasonably effective in practical 
applications under complex loading conditions. 

However, recent studies about weld in OWT take 
little consideration of the distribution of welding 
residual stress distribution introduced to the sleeve 
section of the grouted connection section due to 
shear keys welding.  And it is obvious that the stress 
distribution of the sleeve matters to its fatigue life. 

In this research, the experiment program of the 
blind hole method to measure the welding residual 
stress is given in the second section, based on 3 
flat-plate specimens of the sleeve section. The third 
section gives the FEM numerical simulation of 
welding process, which derived the distribution of 
residual stress. The fourth section shows the 
results of experiments and numerical simulation. 
The conclusions are given in the last section. 

2 Experiment program 
The experiment is conducted on 3 flat-plate 
specimens of the sleeve section. The material of all 
three specimens is steel Q355. The thermal and 
mechanical properties are considered to be 
temperature-dependent. Each of the thermal and 
mechanical properties are given in Figure 1 and 
Figure 2, according to Pilipenko [7]. The dimensions 
are 400mm × 400mm × 8mm. And each the plate 
has a welded shear key in the middle of it. The 
structure of the shear key is given in Figure 3, and 
the welding procedure of the shear key is done by 
manual arc welding. The main welding parameters 
are given in Table 1. The 3 specimens are 
respectively named P1, P2, and P3. All of them are 
used to measure the distribution of their welding 
residual stress. The dimensions and distributions of 
gauging points on P1, P2, and P3 are given in Figure 
4 and Figure 5. 

Figure 1. Thermal properties of Q355 

Figure 2. Mechanical properties of Q355 

There are various methods to measure the residual 
stress in the specimen, and they can be divided into 
two categories: destructive testing method and 
non-destructive testing method. Destructive 
testing methods: (1) hole drilling method; (2) 
indentation method; (3) cutting method; (4) ring 
core method, etc. Non-destructive testing methods: 
(1) ultrasonic method; (2) magnetic method; (3) X-
ray diffraction method; (4) neutron diffraction
method, etc. Among them, the hole drilling method
[8], namely the blind hole method is one of the
earliest researched and most widely used methods,
so in this research, the measurement of residual
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stress is based on the blind hole method. The blind 
hole method, by calculating the strain changes at 
the location of the gauging point before and after 
the drilling, gives the stress of it. So, all three 
specimens are pasted with strain rosettes in the 
gauging points. P1 is equipped with 16 gauging 
points. P2 and P3 are equipped with 9 gauging 
points each, as shown in Figure 4, Figure 5, and 
Figure 7. 

Table 1. Welding parameters 

Welding 
current I 

Welding 
voltage U 

Welding 
speed v 

Shielding 
gas 

180A 25 5mm/s none 

The drilling process was carried out using the RSD-
1 device, produced by Jinan Sigma Technology Co. 
The setup of drilling is shown in Figure 6. The 
specimen is fixed by 2 G-cramps. Using the electric 
drill to drive the drill holder, a blind hole is created 
and the change of strain is recorded, which gives 
the welding residual stress. 

Figure 3. Details of shear key 

Figure 4. Dimensions and positions of gauging 
points in specimen P1 

Figure 5. Dimensions and positions of gauging 
points in specimens P2 and P3 

Figure 6. Set-up of drilling 
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(a) P1

(b) P2

(c) P3

Figure 7. Specimens with strain rosettes pasted in 
gauging points 

3 Numerical simulation 
The experiment of the blind hole method can only 
give the welding residual stress at each gauging 
point, but cannot give the distribution of welding 
residual stress in the whole plane of the specimen. 
So, the use of the finite element method (FEM) is 
necessary. The numerical simulation of welding 
residual stress has been quite mature, and its 
mechanism can be divided into three parts: 
thermal, mechanical, and microstructure[9]. In this 
study, the thermal-mechanical coupling is taken 
into consideration, and the steel phase change in 
microstructure is neglected in the FEM model.  

Using ABAQUS software, a model with the same 
dimensions as the flat-plate specimen was created 
for simulating the welding process based on the 
thermal-mechanical coupling modeling approach. 
The heat transfer affects both the temperature and 
stress field. The mechanical boundary conditions of 
the model are set to be pinned on 2 edges vertical 
to the shear key. The element type is defined as 
C3D8T. The whole model is divided into 60,160 
elements with 75,992 nodes, as shown in Figure 8. 
Besides, the whole shear key part uses the element 
birth and death (EBD) method to simulate the 
welding process, namely the shear key is gradually 
involved in the whole plate in the thermal and 
mechanical transfer process. The base material and 
weld wire metals are considered isotropic and 
homogeneous elastic-perfectly plastic solids. 

Figure 8.Mesh of the flat-plate model 

The heat transfer boundary considers thermal 
convection and thermal radiation[10], where the 
thermal convection 𝑞𝑞𝑐𝑐  bases on Newton's law of 
cooling, and thermal radiation 𝑞𝑞𝑟𝑟 bases on Stefan-

P1

P2

P3
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Boltzmann law, respectively shown in Eqn. (1) and 
Eqn. (2). 

𝑞𝑞𝑐𝑐 = −ℎ𝑐𝑐(𝑇𝑇𝑠𝑠 − 𝑇𝑇0) (1) 

𝑞𝑞𝑟𝑟 = −𝜀𝜀0𝑠𝑠0[(𝑇𝑇 + 273.15)4
− (𝑇𝑇0 + 273.15)4] (2) 

The heat transfer coefficient ℎ𝑐𝑐 is assumed to be 
15W/(m2 ∙ ℃). The emissivity ε0 is assumed to be 
0.85 . The 𝑇𝑇𝑠𝑠  is the surface temperature of 
specimens, the 𝑇𝑇0 is the ambient temperature that 
is assumed to be 20℃ . The s0  is the Stefan-
Boltzmann constant. 

While the double ellipsoidal heat source model 
proposed by Goldak [11], has been widely used as 
the heat source model in arc welding for more than 
thirty years. This method has been proved to be 
extremely effective for a wide range of arc welding 
operations[12]. So, in this study, the double 
ellipsoidal heat source model is applied and the 
expressions are given in Eqn. (3) and Eqn. (4). 

𝑞𝑞𝑓𝑓(𝑥𝑥,𝑦𝑦, 𝑧𝑧, 𝑡𝑡) =
𝑓𝑓𝑓𝑓𝜂𝜂𝑈𝑈𝑈𝑈6√3
𝜋𝜋√𝜋𝜋𝑎𝑎𝑓𝑓𝑏𝑏𝑏𝑏

∙ 
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�
2

− 3 �
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𝑏𝑏
�
2
− 3 �
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𝑏𝑏
�
2
� 

(3) 

𝑞𝑞𝑟𝑟(𝑥𝑥,𝑦𝑦, 𝑧𝑧, 𝑡𝑡) =
𝑓𝑓𝑟𝑟𝜂𝜂𝑈𝑈𝑈𝑈6√3
𝜋𝜋√𝜋𝜋𝑎𝑎𝑟𝑟𝑏𝑏𝑏𝑏

∙ 
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(4) 

The 𝑞𝑞𝑓𝑓 and 𝑞𝑞𝑟𝑟 in Eqn. (3) and Eqn. (4) represent the 
heat flux in the front and rear ellipsoidal quadrants 
respectively. The 𝜂𝜂 , 𝑈𝑈 , 𝑈𝑈  are the welding 
parameters, as shown in Table 1. The 𝑓𝑓𝑓𝑓   and 𝑓𝑓𝑟𝑟 
are the heat input fraction in the front and rear 
ellipsoidal quadrants, which in this study are all 
assumed to be 1.0. The shape parameters are 
assumed as: 𝑎𝑎𝑓𝑓 = 𝑎𝑎𝑟𝑟 = 2.8𝑚𝑚𝑚𝑚 ,𝑏𝑏 = 3.4𝑚𝑚𝑚𝑚 ,  𝑏𝑏 =
3.2𝑚𝑚𝑚𝑚. All the heat source input is defined by the 
Dflux subroutine of ABAQUS. 

4 Results and discussions 
Based on the experiment of 3 specimens and the 
FEM simulation, the welding residual stress results 
are derived.  

Figure 9 shows the longitudinal and transversal 
welding residual stress distributions of the FEM 
model along path A, P1 at gauging points 1-9, P2, 
and P3 at gauging points 1-5. The point 4 of P1 was 
damaged during the experiment, so the result of it 
was missing. The maximum tested longitudinal 
residual stress is 164.72MPa spotted at point 1 of 
P1. The maximum tested transversal residual stress 
is 98.03MPa spotted at point 3 of P3. The majority 
of all gauging points has residual stress within the 
range of ±100MPa. And the numerical result shows 
that the longitudinal residual stresses are all 
compressive on path A, the transversal residual 
stresses on the edge area are compressive and 
tensile on the middle part, which are all below 
100MPa. It is concluded that path A is influenced 
by welding, but the residual stresses are still less 
than the yield stress. 

Figure 10 shows the longitudinal and transversal 
welding residual stress distributions of the FEM 
model along path B, P1 at gauging points 4 and 10-
14, P2 and P3 at gauging points 3 and 6-9. The point 
4 and 9 of P1 were damaged during the experiment, 
so the result of them were missing. The maximum 
tested longitudinal residual stress is 241.16MPa 
spotted at point 11 of P1. The maximum tested 
transversal residual stress is 251.00MPa spotted at 
point 10 of P1. The gauging points close to the 
welding shear key tend to have a greater value. The 
gauging points away from the shear key has a 
residual stress within the range of ±150MPa. The 
numerical result shows that the longitudinal and 
transversal residual stresses peak at the area close 
to the shear key, which reach 413.81MPa and 
204.21MPa respectively. It is concluded that the 
shear key area of path B is greatly influenced by 
welding, and the longitudinal residual stresses 
even exceed the yield stress. 
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Figure 9. Welding residual stress along path A 

Figure 10. Welding residual stress along path B 

To get the whole view of residual stress, the 
longitudinal and transversal welding residual stress 
distributions are given in Figure 11 and Figure 12, 
by FEM. It can be found from the figures that the 
longitudinal residual stress is greater than the 
transverse in the shear key area. And the 
longitudinal residual stress in the area near the 
shear key has significantly exceeded the yield 
strength of the steel, while the transverse welding 
residual stress, although not exceeding the yield 
strength, still reached a great value. This is because 
the entire welding process is carried out along the 

longitudinal direction. Transverse and longitudinal 
welding residual stress values are large and 
basically concentrated in the middle within 3 times 
the width of the shear key. 

Figure 11. Longitudinal welding residual stress 
distribution 

Figure 12. Transversal welding residual stress 
distribution 

5 Conclusions 
In this research, based on 3 flat-plate specimens of 
the sleeve section, the distribution of the welding 
residual stresses introduced to the welding of shear 
keys were measured by the blind hole method. And 
the welding process was also simulated by the 
numerical model using the EBD technique. The 
comparisons of the distribution of welding residual 
stresses were given and discussed, and the main 
conclusions of this study are as follows: 

(1) The simplified FEM model neglects the phase
change of steel, which bases on the EBD
method and double ellipsoidal heat source

Path A

Path B
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model, gives realistic results of welding 
residual stress. 

(2) A good correlation between the numerical and
experiment results was found. The numerical
method can be used to illustrate the
distributions of residual stress caused by
welding.

(3) In flat-plate specimens of the sleeve section,
the welding residual stress is mainly distributed 
in the area close to the shear key manufactured 
by welding. The area within the width of shear
key is greatly influenced. The area within twice
the width is also influenced but the residual
stresses are less than the yield stress of steel.
The area 50mm away from welding is basically
not influenced.

(4) Welding does cause a great residual stress in
the sleeve of grouted connection section. The
influence to its fatigue life should be taken into
consideration.
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Abstract 

Extradosed cable‐stayed bridge has been used more and more in practical engineering because of 
its superior structural performance, good economic efficiency and good appearance. In this paper, 
taking a single cable plane prestressed concrete extradosed cable‐stayed bridge as an engineering 
example, finite element analysis (FEA) is applied to complete the static analysis and stability analysis 
of the bridge during the construction stage, completed bridge stage and operation stage. In addition, 
the characteristics of stress distribution of the anchorage zone are analysed by using FEA software 
and  the  space  finite  element  method.  Finally,  FEA  software  is  used  to  output  the  cable  force 
influence matrix, and  the cable  force adjustment and optimization are carried out based on  the 
calculation  principle  of  cable  force  optimization  and  combined  with Matlab  programming.  The 
results can be used as reference for the design and construction of similar bridges. 

Keywords:  extradosed  cable‐stayed  bridge;  finite  element  analysis  (FEA);  global  analysis;  local 
analysis; adjustment and optimization of cable force. 

1 Introduction 

With  the  development  of  bridge  technology,  the 
type of bridge structure has gradually formed two 
obvious  trends.  One  is  the  lightweight  structure, 
which reduces the self‐weight  through the use of 
new materials and more rigorous calculation; One 
is  the  combination  of  bridge  types,  that  is,  the 
beams,  arches  and  cables,  etc.  as  the  basic 
structure are combined with each other to form a 
more diversified composite bridge type [1].  

Extradosed cable‐stayed bridge is a relatively new 
cable‐beam  composite  structural  type,  which  is 
between continuous beam bridge and cable‐stayed 

bridge [2]. As a transitional bridge type, it has been 
used more and more in engineering practice for its 
superior  structural  performance,  good  economic 
benefit and good aesthetic effect. 

Extradosed  cable‐stayed  bridge  not  only  has  the 
stress  characteristics  of  the  beam  of  continuous 
beam bridge, but also has the flexibility and spatial 
triangle stress of conventional cable‐stayed bridge, 
but  it  is significantly different  from them in cable 
arrangement, size and stress characteristic [3]. The 
vertical  load of  extradosed  cable‐stayed bridge  is 
borne by the main girder and the cable. The form 
of  its main  girder  is  similar  to  that of  continuous 
beam bridge,  and  its  stiffness  is  less  than  that of 
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continuous beam bridge with the same span. The 
number  of  stay  cables  is  less  than  that  of 
conventional stay cables, and the inclination angle 
is smaller. Its vertical component plays the role of 
elastic support, and its horizontal component plays 
the role of external prestress. The cable only plays 
a  partial  role  in  the  overall  resistance  of  the 
structure, and the proportion of bearing load is less 
than that of the main girder [4]. 

Whether  internal  force distribution of extradosed 
cable‐stayed  bridge  is  reasonable  or  not  is 
particularly important for the quality of the whole 
bridge structure. It is an important problem to be 
solved  in  the  bridge  design  to  deal  with  the 
relationship between prestress and cable force and 
make the adjustment and optimization [5,6,7], so 
as to determine the reasonable completed bridge 
state.  After  that,  it  is  necessary  to  achieve  the 
bridge  state  through  construction  control,  which 
requires reasonable construction state analysis. In 
addition,  the  girder  of  extradosed  cable‐stayed 
bridge  is  mostly  concrete  beam,  and  the  cable‐
beam anchorage zone generally adopts the form of 
tooth  block,  so  complex  stress  distribution  will 
inevitably occur in this area [8]. The normal work of 
cable‐beam anchorage zone is the guarantee of the 
normal work of the bridge, so it is very necessary to 

analyse  it.  In  this  paper,  the  above  analysis  is 
carried  out  based  on  the  background  of  an 
extradosed  cable‐stayed  bridge,  and  the  analysis 
results  can be used as a  reference  for  the design 
and construction of similar bridges. 

2 Introduction of an extradosed 
cable-stayed bridge 

As  shown  in  Figure 1,  the bridge  is  a prestressed 
concrete  extradosed  cable‐stayed  bridge  with  a 
span combination of (80+4×141+80) m. The entire 
bridge  is  724  m  long.  The  entire  bridge  deck  is  
33,56 m wide.  

The main girder  is prestressed concrete structure 
and adopts single‐box three‐cell straight web box 
girder  cross‐section. The  tower  is 26 m high, and 
the  ratio of  tower height  to  span  is  1/5,423.  The 
box  girder  adopts  longitudinal,  transverse  and 
vertical  three‐direction  prestressed  concrete 
system. The stay cables are single plane and double 
rows, which are arranged in the central divider of 
the main girder. A total of 2×10 pairs of stay cables 
are  set  on  each  bridge  tower,  with  a  horizontal 
spacing of 1,0m and a longitudinal spacing of 4,0 m. 
Taking  the bridge project as  the background,  this 
paper makes corresponding research and analysis. 

Figure 1. General arrangement of the bridge (left: elevation (half), right: cross‐section, units: cm) 

3 Global analysis of the bridge 

The Midas  Civil  software  is  used  to  generate  the 
finite  element analysis  (FEA) model  and  calculate 
the mechanical  response of  the bridge  to various 
loads  in  each  construction  stage  and  completed 
bridge stage. 

3.1 FEA model of the bridge 

The  FEA model  has  800  elements  approximately, 
with beam elements used for girders and towers, 
and truss elements used for stay cables. The bridge 
adopts the single beam model, that is, the stiffness 

and  mass  of  the  girder  are  concentrated  on  the 
middle node, and the rigid connection mode in the 
master‐slave  relationship  is  used  to  connect  the 
girder  node with  the  cable  end  node.  The  girder 
and  tower  are  consolidated.  Figure  2  shows  the 
three‐dimensional FEA model of the bridge. 

Figure 2. FEA model of the bridge 
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The construction method of the extradosed cable‐
stayed bridge mainly adopts  the  cantilever  laying 
method and the full support cast‐in‐place method. 
The main girder is divided into 0th‐17th sections for 
sectional construction. The construction steps are 
installation of hanging basket ‐ concrete pouring ‐ 
moving  hanging  basket  ‐  tensioning  prestressed 
steel tendon ‐ (installing and tensioning stay cable). 

The construction cable force and completed bridge 
cable force of the bridge can be calculated by using 
the "unknown load factor" function of Midas Civil 
software.  Combined  with  the  minimum  bending 
moment  strain  energy  of  the  structural  element, 
the horizontal displacement limitation of the tower 
and  the  vertical  displacement  limitation  of  the 
anchorage  section  of  the  girder  as  the  objective 
function, the unknown load factor function is used 
to calculate the cable force at each stage. 

3.2 Results and discussions 

Various  loads  are  considered  to  be  added  in  the 
FEA  model.  Figure  3  and  Figure  4  are  the  result 
diagrams under the load combination 1. 

Load combination 1: dead weight + secondary dead 
load  +  initial  tension  of  cables  +  prestress  + 
displacement of foundation + shrinkage and creep 
of  concrete + vehicle  load + wind  load + uniform 
temperature rise + gradient temperature rise. 

At the completed stage, the maximum compressive 
stress  of  the  top  and  bottom  edges  of  the main 
girder section is 9,13 MPa under the action of this 
combination,  and  no  tensile  stress  exists.  The 
maximum vertical deflection is 0,10 m downward. 
All meet the bridge design requirements [9,10]. 

Figure 3. The stress of the girder and tower (MPa) 

Figure 4. The deflection of the bridge (m) 

The  key  construction  stages  are  selected  as  the 
research object. Figure 5 and Figure 6 are the stress 
diagram of the bridge at  the maximum cantilever 
stage and closure of side spans construction stage. 
The maximum compressive stress is 11,88 MPa and 
the  maximum  tensile  stress  is  0,14  MPa,  which 
meet the design requirements. 

Figure 5. The stress of the girder and tower at the 
maximum cantilever stage (MPa) 

Figure 6. The stress of the girder and tower at 
closure of side spans construction stage (MPa) 

The  critical  load  coefficients  and  corresponding 
buckling  modes  of  the  most  unfavourable 
construction state and the completed bridge state 
under the load combination are calculated by using 
the  linear buckling  analysis,  as  shown  in  Figure 7 
and Figure 8. The  first mode of  the  two stages  is 
out‐of‐plane buckling, and the stability coefficients 
are respectively 39,47 and 38,71, which meet the 
design requirements. 

Figure 7. The linear instability mode of the bridge 
at the maximum cantilever stage 

Figure 8. The linear instability mode of the bridge 
at operation stage 
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4 Analysis of the cable-girder 
anchorage zone 

The  concrete  girder  of  extradosed  cable‐stayed 
bridge  bears  huge  cable  force  in  the  cable 
anchorage zone, and the compression face is small, 
which leads to stress concentration and local large 
tensile stress easily. At the same time, in order to 
improve  the  stress  condition  of  the  structure,  a 
certain  number  of  prestressed  steel  tendons  are 
usually arranged, which makes the stress condition 
in this area extremely complex. In order to ensure 
the  safety  and  reliability  of  the  structure,  it  is 
necessary to analyse the local stress and optimize 
the  anchorage  zone.  The  FEA  software  Ansys  is 
used  to  analyse  the  spatial  stress  effect  of  the 
cable‐girder  anchorage  zone  under  the  action  of 
dead weight, cable force and prestress. 

4.1 Selection of beam segment 

Through  the  global  analysis  of  bridge  under  the 
operation  state,  it  is  found  that  the  stress  and 
deformation of the beam section at the side cable 
of the middle span are the largest, so this part of 
the  girder  is  selected  to  analyse  and  research. 
According to the Saint Venant’s Principle, the local 
model  is  generally  selected  as  large  enough  to 
weaken  the  influence  of  boundary  conditions  on 
the  stress  state  of  the  local  region.  At  the  same 
time,  combined  with  various  factors  such  as 
calculation efficiency, take two beam segments on 
both sides of the side cable, a  total of  four beam 
segments (14th‐17th beam segments) for modelling 
and analysing (Figure 9). The mid‐span cable force 
value obtained through global analysis are shown 
in Table 1, and the displacement value of the two 
ends of the beam segment are shown in Table 2. 

Figure 9. The selected beam segment 

Table 1. Cable force value 

Stay cable number Cable force (units: kN) 

C9  5230,1 
C10  5195,9 

Table 2. Displacement value at both ends of the 
beam segment 

Direction Near the tower 
Away from the 

tower 

Dx (units: m)  0,005768  0,005658 
Dy (units: m)  0  0 
Dz (units: m)  ‐0,021594  ‐0,029341 
Rx (units: rad)  0  ‐0,000232 
Ry (units: rad)  0,001071  0,001399 
Rz (units: rad)  0  0 

(Note: The X direction is the longitudinal bridge 
direction, the Y direction is the transverse bridge 
direction  and  the  Z  direction  is  the  vertical 
direction.) 

4.2 FEA model of the cable-girder 
anchorage zone 

Ansys  software  is  used  to  establish  the  finite 
element model of the selected beam segment. The 
concrete  girder  is  simulated  by  Solid45  element 
with 8 nodes and 3 degrees of  freedom, and  the 
prestressed  steel  tendon  is  simulated  by  Link8 
element which can only bear uniaxial tension and 
compression. The model is shown in Figure 10 (a) 
and 10  (b).  Figure 10  (c)  shows  the  layout of  the 
three‐dimension prestressed tendons. In the Ansys 
calculation  model,  the  X  direction  is  transverse 
bridge direction, the Y direction is vertical, and the 
Z direction is longitudinal bridge direction. 

(a) Geometrical model     (b) Finite element model

(c) Prestressed tendons        (d) Load application

Figure 10. FEA model of the beam segment
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4.2.1 Load 

(1) Dead load: Dead load includes self‐weight and
secondary dead load. Secondary dead load includes
the weight of bridge deck pavement, guardrail and
other dead weight, which is included according to
uniform distributed load.

(2) Live load: According to the requirements of the
code,  the  local  structure  analysis  of  the  bridge
requires adding vehicle load.

(3) Prestress: There are generally four methods to
apply prestress: direct loading method, equivalent
force  method,  equivalent  strain  method  and
equivalent temperature method. In this model, the
equivalent  strain method  is used  to  load and  the
constraint  equation  method  is  used  to  couple
prestressed tendon elements with girder elements.

(4) Stay cable  force: The cable  force  is applied  to
the anchor block plate in the form of surface load.

Load application is shown in Figure 10 (d). 

4.2.2 Boundary condition 

In order to accurately simulate the effect of section 
torsion on the structure, the load or displacement 
is applied at the centroid of end section. The FEA 
model loads the displacements at both ends of the 
beam segment obtained in the global analysis into 
the  centroid  of  section  in  the  form  of  forced 
displacement.  Because  there  is  no  node  at  the 
centroid  of  end  section,  a  mass  unit  Mass21  is 
established at the centroid of end section, and the 
degree of  freedom of  the node on  the  section  is 
coupled with the mass unit. Effect of rigid domain 
equation  and  the  displacement  of  structure  in  Y 
direction  after  adding  the  forced  displacement  is 
shown in Figure 11. 

Figure 11. Effect of rigid domain equation and the 
displacement in Y direction (m) 

4.3 Results and discussions 

4.3.1 Normal stress distribution of beam 

In  order  to  truly  reflect  the  distribution  of 
structural stress in the cable‐girder anchorage zone, 
the  relatively  small  area  on  both  sides  of  the 
anchorage  zone  is  selected  for  study.  Take  15th

beam segment for analysis here, and its stresses in 
the X, Y and Z directions are shown in Figure 12. 

The  maximum  normal  compressive  stress  of  the 
beam is about 11,5 MPa, and the maximum normal 
tensile  stress  is  about  1,5  MPa.  The  maximum 
tensile stress appears at the interface between the 
web and top and bottom plate. 

It  is  found  that  in  the  area where  the maximum 
tensile stress appears, the stress decreases sharply 
to  the  surrounding.  Considering  the  simplified 
treatment  in modelling, the chamfer treatment  is 
not carried out at the interface, so the stress at this 
point  is  distorted  and  the  stress  is  not  true.  In 
addition,  the stress  in  the coupling area between 
prestressed tendons and concrete is also large, and 
the stress in this part also has distortion, which will 
not  be  considered.  The  actual  stress  meets  the 
design requirements. 

4.3.2 Normal stress distribution of anchor block 

Figure  13  shows  the  three‐dimensional  stress 
diagram of the anchor block. It can be seen that the 
stress size and distribution of the anchor block are 
basically  reasonable.  The  maximum  normal 
compressive  stress  is  about  7,5  MPa,  and  the 
maximum normal tensile stress  is about 1,0 MPa. 
However,  the  values  of  tensile  stress  and 
compressive stress in all directions in the coupling 
region  between  the  bottom  prestressed  tendons 
and concrete are large, and the local stress in the 
coupling  region  is  distorted,  which  is  not 
considered.  The  local  stress  meets  the  design 
requirements.  

The X direction is transverse bridge direction, the Y 
direction  is  vertical,  and  the  Z  direction  is 
longitudinal bridge direction.
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Figure 12. The stress of the beam segment (In X, Y and Z direction, units: MPa) 

Figure 13. The stress of the anchor block (In X, Y and Z direction, units: MPa) 

4.3.3 Local analysis conclusions 

(1) There is a large tensile and compressive stress
at  the  longitudinal  and  transverse  prestressed
anchorage  point,  so  the  anchor  block  should  be
thickened appropriately to meet the requirements
of the structure.

(2) In  the  calculation,  it  is  applied  to  the  anchor
block in the form of surface load, so that the stress
concentration is not obvious. In actual construction
and  operation  stages,  there  will  be  some  stress
concentration  due  to  the  interaction  between
cable and tooth block. Therefore, the stress surplus
of  the anchor block  should be  fully  considered  in
the design process.

(3) In the connection between cross beam and box
girder, the chamfering angle should be guaranteed
to meet a certain design proportion, so as to ensure
that  the  stress  spreads  around  and  avoid  the
phenomenon of stress concentration in practice as
far as possible.

5 Adjustment and optimization of 
cable force 

The Midas Civil software is used to output the cable 
force  influence  matrix,  and  then  based  on  the 
calculation principle of cable force optimization for 

construction  control,  combined  with  Matlab 
software,  the  cable  force  adjustment  and 
optimization  of  extradosed  cable‐stayed  bridge 
from  the  construction  stage  to  the  completed 
bridge  stage  are  carried  out.  The  incremental 
tension of all stay cables from the initial cable force 
to  the  completed  cable  force  and  the  change  of 
structural  bending  moment  at  the  cable  beam 
connection during cable adjustment are obtained. 

5.1 Basic principles and calculation steps 

The basic principle of  cable  force adjustment  is a 
governing equation based on cable force value. The 
bridge has five bridge towers. The stay cables are 
symmetrically  tensioned  according  to  the  towers 
and numbered from the tower to both ends. The 
initial cable force of the  ith cable  is 𝐵𝐹 𝑖  and the 
ideal cable force is 𝑃𝐹 𝑖 , which are known. 

In order to go from 𝐵𝐹 𝑖  to 𝑃𝐹 𝑖 , it is necessary 
to  increase  the  tension 𝑥 ,  and  according  to  the 
superposition principle, the ith cable force is 

𝐵𝐹 𝑖 𝑓 𝑥 𝑃𝐹 𝑖  

𝑖 1, ⋯ , 𝑛 
(1) 

In Eqn. (1), 𝑛 is the number of cables, and 𝑓  is the 
ith cable force when 𝑥 1, which is the influence 
matrix.  Eqn.  (1)  meets  the  requirement  of  cable 
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force value. Because the number of unknown 𝑥  is 
the  same  as  the  order  of  the  equations,  the 
incremental tension 𝑥  can be uniquely solved. 

If the displacement constraints of some points and 
the internal force constraints of some sections are 
added, similar equations can be given as follows: 

Displacement constraints 

𝐵𝐺 𝑖 𝑔 𝑥 𝑃𝐺 𝑖  

𝑖 1, ⋯ , 𝑛  
  (2) 

Internal force constraints of sections 

𝐵𝑀 𝑖 𝑚 𝑥 𝑃𝑀 𝑖  

𝑖 1, ⋯ , 𝑛  
(3) 

Where: 

𝐵𝐺 𝑖  is the initial displacement of ith point, 
𝑃𝐺 𝑖  is the ideal displacement of ith point, 
𝑔  is the displacement of ith point when 𝑥 1, 
𝐵𝑀 𝑖  is the initial internal force of ith section, 
𝑃𝑀 𝑖  is the ideal internal force of ith section, 
𝑚  is the internal force of ith section when 𝑥 1, 
𝑛  is  the number of points  to meet displacement 
constraints,  and 𝑛  is  the  number  of  sections  to 
meet internal force constraints. 

From  the  above  analysis,  it  can  be  seen  that  the 
number  of  unknown  variables  𝑥  is  𝑛 and  the 
number of equations is 𝑛 𝑛 𝑛 . Obviously, it 
is impossible to obtain accurate solutions, but only 
approximate  solutions,  so  we  need  to  set  up  a 
functional. The theory of minimum error is usually 
used. The errors of Eqn. (1) is as follows: 

𝛥𝜀 𝑃𝐹 𝑖 𝐵𝐹 𝑖 𝑓 𝑥  

𝑖 1, . . . , 𝑛 
(4) 

The errors of Eqn. (2): 

𝛥𝜀 𝑃𝐺 𝑖 𝐵𝐺 𝑖 𝑔 𝑥  

𝑖 1, . . . , 𝑛  
(5) 

The errors of Eqn. (3): 

𝛥𝜀 𝑃𝑀 𝑖 𝐵𝑀 𝑖 𝑚 𝑥  

𝑖 1, . . . , 𝑛  
(6) 

Penalty  parameters 𝛽 , 𝛽 , 𝛽  are  introduced,  so 
the functional is as follows: 

𝐼 𝛽 𝛥𝜀 𝛽 𝛥𝜀

𝛽 𝛥𝜀  
(7) 

𝐼 is the absolute value of the error. Set  0 to 
establish 𝑛 𝑛 equations and obtain a unique set 
of solutions. The larger the penalty parameter, the 
smaller  the error,  so  it  can be used  to adjust  the 
accuracy of Eqn. (1), Eqn. (2) and Eqn. (3). 

5.2 Program calculation 

By  using  the  "unknown  load  factor"  function  of 
Midas Civil software, the influence matrix of cable 
force  on  element  internal  force  and  node 
displacement can be output.  The operation  steps 
are  as  follows:  establish  FEA model,  define  each 
cable  as  a  static  load  condition  and  conduct  a 
completed  bridge  analysis;  Establish  the  load 
combination of dead  load and unit  initial  tension 
load condition; The range of bending moment and 
axial force of cable tower and girder as well as the 
displacement range of girder node and cable tower 
top node are input into the constraints of unknown 
load factor module; Finally, the influence matrix of 
cable  force  on  internal  force  of  each  element  as 
well as the influence matrix of cable force on the 
node displacement of girder and tower are output. 

In this paper, the cables on both sides of the middle 
tower  (No.  3  tower)  are  selected  as  the  cable 
adjustment  object.  The  cable  number  nearest  to 
the  cable  anchor  point  is  C1,  and  the  number 
increases  in  the  direction  away  from  the  tower, 
that is C1‐C10 (Figure 14). 

Figure 14. Schematic diagram of cable numbering 

The following are the cable force influence matrix 
𝑓 (units: kN) and the Influence matrix of cable force 
on  bending  moment  of  beam  element  at  cable‐
girder connection 𝑚 (units: kN∙m). 
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𝑓   

1,0000 
‐0,0761 
‐0,0757 
‐0,0745 
‐0,0726 
‐0,0704 
‐0,0679 
‐0,0653 
‐0,0634 
‐0,0599 

‐0,0633 
1,0000 
‐0,0729 
‐0,0732 
‐0,0725 
‐0,0712 
‐0,0695 
‐0,0676 
‐0,0654 
‐0,0631 

‐0,0534 
‐0,0618 
1,0000 
‐0,0711 
‐0,0718 
‐0,0716 
‐0,0708 
‐0,0695 
‐0,0679 
‐0,0660 

‐0,0449 
‐0,0533 
‐0,0611 
1,0000 
‐0,0702 
‐0,0712 
‐0,0713 
‐0,0709 
‐0,0699 
‐0,0685 

‐0,0379 
‐0,0454 
‐0,0531 
‐0,0604 
1,0000 
‐0,0692 
‐0,0705 
‐0,0709 
‐0,0706 
‐0,0698 

‐0,0320 
‐0,0389 
‐0,0461 
‐0,0534 
‐0,0603 
1,0000 
‐0,0690 
‐0,0704 
‐0,0709 
‐0,0708 

‐0,0271 
‐0,0333 
‐0,0400 
‐0,0469 
‐0,0538 
‐0,0605 
1,0000 
‐0,0690 
‐0,0705 
‐0,0710 

‐0,0229 
‐0,0285 
‐0,0346 
‐0,0410 
‐0,0477 
‐0,0544 
‐0,0608 
1,0000 
‐0,0690 
‐0,0704 

‐0,0195 
‐0,0245 
‐0,0300 
‐0,0359 
‐0,0421 
‐0,0486 
‐0,0550 
‐0,0612 
1,0000 
‐0,0689 

‐0,0167 
‐0,0211 
‐0,0260 
‐0,0314 
‐0,0372 
‐0,0433 
‐0,0495 
‐0,0557 
‐0,0615 
1,0000 

𝑚   

‐0,5761 
2,3091 
4,6901 
6,6772 
8,3410 
9,7273 
10,8662 
11,7768 
12,4716 
12,9585 

‐2,1421 
‐1,5579 
1,0410 
3,2082 
5,0237 
6,5401 
7,7921 
8,8024 
9,5858 
10,1523 

‐2,1046 
‐2,7262 
‐2,6041 
‐0,2567 
1,7106 
3,3571 
4,7223 
5,8322 
6,7043 
7,3504 

‐2,0670 
‐2,6791 
‐3,3750 
‐3,7010 
‐1,5817 
0,1950 
1,6735 
2,8832 
3,8441 
4,5698 

‐2,0295 
‐2,6321 
‐3,3178 
‐4,0939 
‐4,8575 
‐2,9504 
‐1,3585 
‐0,0491 
1,0007 
1,8061 

‐1,9967 
‐2,5909 
‐3,2676 
‐4,0342 
‐4,8987 
‐5,6896 
‐3,9985 
‐2,6015 
‐1,4740 
‐0,5988 

‐1,9545 
‐2,5380 
‐3,2032 
‐3,9575 
‐4,8089 
‐5,7658 
‐7,3782 
‐5,8689 
‐4,6413 
‐3,6763 

‐1,9169 
‐2,4910 
‐3,1459 
‐3,8892 
‐4,7291 
‐5,6738 
‐6,7318 
‐8,7510 
‐7,4344 
‐6,3896 

‐1,8794 
‐2,4439 
‐3,0886 
‐3,8210 
‐4,6494 
‐5,5819 
‐6,6273 
‐7,7947 
‐10,2128 
‐9,0882 

‐1,8419 
‐2,3969 
‐3,0313 
‐3,7528 
‐4,5696 
‐5,4900 
‐6,5227 
‐7,6771 
‐8,9623 
‐11,7689 

5.3 Results and discussions 

Set  the  initial  cable  force  and  completed  cable 
force:  
BF  =  [3967,0,  3979,5,  4023,7,  4066,0,  4107,3, 
4148,4, 4187,8, 4222,8, 4258,2, 4294,5], 
PF  =  [5093,4,  5127,9,  5176,2,  5196,2,  5211,5, 
5221,9, 5225,7, 5220,2, 5204,7, 5168,7]; 
Set the initial bending moment of element at cable‐
girder connection:  
BM = [‐91677,39, ‐89171,02, ‐48696,93, ‐19825,37, 
7087,89,  35218,06,  79735,80,  94700,67, 
102711,14, 98567,89]. 

Based  on  the  calculation  principle  and  combined 
with Matlab programming, the incremental tension 
of  all  stay  cables  and  the  change  of  structural 
bending moment are obtained  (Table 3). All  data 
are  reasonable.  The  cable  force  transitions  from 
the initial cable force to the completed bridge cable 
force, and the bending moment value of the main 
beam is effectively reduced. 

Table 3. The incremental tension and bending 
moment change 

Stay cable 

number 

Incremental 

tension 

(units: kN) 

bending moment 

change 

(units: kN∙m) 

C1  1809,9  2063,7 
C2  1961,2  ‐7598,9 
C3  2081,5  ‐16720,9 
C4  2161,7  ‐25037,9 
C5  2223,1  ‐32256,3 
C6  2263,5  ‐39007,9 
C7  2282,2  ‐43093,2 
C8  2280,0  ‐45019,0 
C9  2252,0  ‐44270,0 
C10  2184,9  ‐40211,6 
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6 Conclusions 

In  this  paper,  the  finite  element  analysis  and 
structural  optimization  of  a  single  cable  plane 
prestressed  concrete  extradosed  cable‐stayed 
bridge are carried out. 

By  using  the  "unknown  load  factor"  function  of 
Midas Civil  software,  the  reasonable construction 
cable force and completed bridge cable force of the 
bridge  can  be  calculated.  The  results  of  static 
analysis  and  stability  analysis  of  the  bridge meet 
the design requirements. 

It  is  important  to  analyse  the  local  stress  and 
optimize  the  structure  of  cable‐girder  anchorage 
zone.  There  is  a  large  stress  at  the  prestressed 
anchorage  point,  so  the  anchor  block  should  be 
thickened appropriately to meet the requirements 
of the structure. There is stress concentration due 
to the interaction between cable and tooth block, 
so the stress surplus of the anchor block should be 
fully  considered  in  the  design  process.  In  the 
connection  between  cross  beam  and  box  girder, 
the  chamfering  angle  should  be  guaranteed  to 
meet a certain design proportion, so as to ensure 
that  the  stress  spreads  around  and  avoid  the 
phenomenon of stress concentration in practice. 

Based  on  the  calculation  principle  of  cable  force 
optimization  for  construction  control,  combined 
with  Matlab  programming,  the  cable  force 
adjustment  and  optimization  of  the  bridge  are 
carried  out.  The  incremental  tensions  of  all  stay 
cables from the initial cable force to the completed 
cable force are obtained and the bending moment 
value of the main beam is effectively reduced. 

The above analysis process, calculation results and 
optimization suggestions can be used as reference 
for the design and construction of similar bridges. 
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Abstract 
The precast concrete bridge pier in Ganzhou City, Jiangxi Province, China, was used as the research 
object to compare the longitudinal and transverse force differences of the bridge pier and further 
analyze the force characteristics of the bridge pier connection structure. The refined nonlinear finite 
element model with the load direction and axial pressure ratio as the variation parameters was 
established to analyze the horizontal force-displacement curve, anchor force, shear force of notched 
perfobond connector, strain distribution of steel jacket and notched perfobond connector-concrete 
relative slip. The results show that the concrete damage, anchor bolt action, strain distribution of 
steel jacket and notched perfobond connector-concrete relative slip are different in the longitudinal 
and transverse direction of the bridge pier. The bearing capacity of large axial pressure piers is larger 
than that of small axial pressure piers. The compression side damage of precast piers occurs at the 
concrete interface above the connection device. The shear force of outer notched perfobond 
connector is less than that of inner notched perfobond connector.  

Keywords: precast concrete pier; pier-pile cap joint; load direction; notched perfobond connector; 
finite element analysis. 

1 Introduction 
Precast assembly bridge pier has the advantages of 
high components quality, short construction time 
and green environmental protection [1]. Various 
connection methods have been developed such as 
grouting sleeve connection and grouting bellows 
connection [2]. However, the connection strength 
of grouting sleeve and other connection methods 
is closely related to their quality of construction, 
which is prone to grout uncompacted, grout 
leakage, and grout quality is difficult to detect [3], 
thus affecting the normal performance of the 

precast pier. Therefore, the connection structure of 
precast pier needs to be studied.  

Nzabonimpa [4] et. al and Kim [5] et. al adopted the 
metal plates to carry out column-column 
connection of precast concrete column and precast 
concrete pier-pile cap connection, and verified that 
the structure with metal plate connection has a 
good structure performance through pseudostatic 
test and nonlinear finite element analysis. Xie [6] et 
al. performed the assembly of piers with 
outsourced steel plates and steel flanges, and 
experimentally demonstrated that the outsourced 
steel plates enhanced the traditional plastic zone. 
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However, the engineering applications of the 
connection methods and the force characteristics 
of the components were not reported in the paper. 
Mashal [7] et al. assembled the precast bridge pier 
through steel armoring and prestressed tendons, 
and provided energy dissipation devices between 
the steel armoring and the base steel plate, the 
connection method was used in the Wigram-
Magdala Link Bridge in Christchurch, New Zealand. 
However, the force characteristics of the pier 
connection structure were not analyzed. 

The precast concrete bridge pier in Ganzhou City, 
Jiangxi Province, China, was used as a research 
object. The numerical simulation research of the 
proposed connection structure based on the 
existing pier-pile cap connection method was 
conducted, comparing the longitudinal and 
transverse force differences of bridge piers, and 
analyzing the force characteristics of bridge pier 
connection structure. The nonlinear finite element 
model of precast piers was established to discuss 
the horizontal force-displacement curve and 
concrete damage of precast piers, to research the 
prestressing anchor bolt action and the shear force 
of notched perfobond connector, to analyze the 
strain distribution of steel jacket and the notched 
perfobond connector-concrete relative slip. 

2 Pier-pile cap connection structure 

Figure 1. Precast bridge pier 

As shown in Figure 1, a precast pier in Ganzhou City, 
Jiangxi Province, China, was used as the research 
object. The steel-concrete combination connection 
device is buried at the bottom of the precast pier, 
which is connected to the anchor steel plate inside 
the pile cap through prestressing anchor bolt. The 
main reinforcement of pier column is connected to 
the base steel plate by bolt connectors. The inner 
side of the steel jacket is set with the notched 

perfobond connector, the concrete pier and the 
connection device are made to form a whole and 
work together through perforating rebar. During 
the construction of the pile cap, the anchor steel 
plate, prestressing anchor bolt and leveling steel 
plate are installed in place first, and then the 
prestressing anchor bolt is tensioned to the tension 
design value after the pier is transported to the site 
and lifted into position. Finally, concrete is 
encapsulated at the foot of the column to complete 
the construction of precast piers. 

3 Finite element model 

3.1 Model construction and grouping 

The construction and dimensions of the precast 
pier-pile cap combination connection model are 
shown in Figure 2. The length, width and height of 
the bridge pier are 5600 mm, 3000 mm and 7815 
mm, respectively. The cross-sectional size of pier 
column is 2000 mm×1600 mm, the cross-sectional 
reinforcement rate is 1.26%, the diameter of pier 
column main reinforcement is 40 mm, and the 
hoop reinforcement is in the form of composite 
hoop, the diameters are 16 mm and 12 mm, 
respectively. The distribution of main 
reinforcement is the same as the bolt connection 
holes of the base steel plate due to the main 
reinforcement connecting with the base steel plate 
through bolt connectors. The spacing of the hoop 
reinforcement is 200 mm, and within 2000 mm 
from the top and bottom of the pier, the hoop 
reinforcement is arranged in an encrypted manner 
with a spacing of 100 mm. The length, width and 
height of the connection device are 2540 mm, 2140 
mm and 490 mm, respectively, and the height and 
thickness of the steel jacket are 450 mm and 20 
mm, respectively. The heights and thicknesses of 
the steel stiffener and the notched perfobond 
connector are 400 mm and 20 mm, respectively, 
and the hole diameter of the notched perfobond 
connector is 60 mm. The thickness of the base steel 
plate is 40 mm and the diameters of the anchor 
connection hole and bolt connection hole are 43 
mm. The thicknesses of leveling plate and anchor
steel plate are 20 mm and 12 mm, respectively. The 
length and width of the hollow area are 1400 mm
and 1000 mm, respectively. The diameters of
perforating rebar and prestressing anchor bolt are
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22 mm and 40 mm, respectively. The length, width 
and height of the bolt connector are 100 mm, 100 

mm and 180 mm, respectively, and the length of 
the main reinforcement end connection is 60 mm.

Figure 2. Dimensions of pier-pile cap connection structure (mm): (a) front view; (b) side view. 

Table 1. Model grouping 

No. N 
[kN] n Horizontal 

load 
Cross-sectional 

[mm×mm] main reinforcement [mm] rate 
[%] 

PCBP-S 6925 0.06 longitudinal 2000×1600 Φ40 1.26 
PCBP-L 11837 0.11 longitudinal 2000×1600 Φ40 1.26 

PCBP-L-T 11837 0.11 transverse 1600×2000 Φ40 1.26 

The models are grouped as shown in Table 1. The 
model numbers of applied longitudinal horizontal 
load are set as PCBP-S and PCBP-L, and the applied 
axial pressure N is 6925 kN and 11837 kN, 
respectively, corresponding to the axial pressure 
ratio n is 0.06 and 0.11. Where, n=N/fcAg, Ag and fc 
are the cross-sectional area of pier column and 
axial compressive strength of concrete respectively. 
The model number of applied transverse horizontal 
load is set as PCBP-L-T, and the axial compression 
ratio is the same as PCBP-L. 

3.2 Finite element model 

The nonlinear finite element analysis software 
ABAQUS [8] was used to establish the finite 

element model of the combined pier-pile cap 
connection of the precast bridge pier, which mainly 
includes pier, pile cap and the connection device of 
the pier-pile cap combination. As shown in Figure 3, 
concrete, steel jacket, steel stiffener, notched 
perfobond connector, anchor steel plate and pier 
column main reinforcement were used as solids in 
C3D8R 3D solid reduced integral unit. T3D2 truss 
unit was used for pile cap reinforcement, pier 
column hoop reinforcement and anchor bolt. 
“Embedded” constraint was adopted to establish 
the interaction between pier reinforcement, pile 
cap reinforcement and concrete. “Tie” constraint 
was used between base steel plate, steel jacket, 
stiffener and notched perfobond connector to 
simulate welding. “Coupling” restraint was used 
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between the nut and the anchor bolt. The threads 
of the rebar and bolt connectors were simplified by 
the surface and constrained by “Tie”. The contact 
method was used to simulate the analysis between 
the connection device and the concrete, and the 
hard contact was used for the normal definition 
and the frictional contact was used for the 
tangential definition, and the friction coefficient 
was set to 0.5.  

In addition, a model loading reference point was 
set at the top of the pier column, both vertical and 
horizontal loads were applied to this point, with the 
vertical load controlled by force and the horizontal 
one-way load applied by displacement control. All 
nodes on the bottom surface of the pile cap were 
restrained. The first analysis step applied vertical 
load at the reference point until the design value 
was reached, the second analysis step applied 
horizontal load at the reference point. The pre-
stress was gradually applied to the anchor bolt in 
the first analysis step by temperature predefined 
field and was kept constant. 

Figure 3. Calculation model 

3.3 Material Constitutive 

The strength grade of the pier and pile cap was C50, 
the concrete damaged plasticity model was used 
for the concrete constitutive, and the uniaxial 
stress-strain relationship was calculated according 
to the curves and parameters suggested by the 
Chinese code (GB 50010-2010) [9]. The strength 
grades of steel bars and steel plates were HRB400 
and Q335 respectively, and the trilinear model was 
used. The bolt connector and anchor bolt were 
made of grade 8.8 and 10.9 high-strength steel 

materials, respectively, and the trilinear model was 
used. 

4 Calculation results analysis 

4.1 Horizontal force-displacement curve  
Figure 4 depicts the horizontal force-displacement 
curve of the precast pier. Compared with the 
longitudinal horizontal load large axial pressure 
model PCBP-L, the longitudinal small axial pressure 
model PCBP-S has a smaller peak load, a flatter 
horizontal force-displacement curve, and a smaller 
change in horizontal force after the model reaches 
the peak load. The peak load of the transverse 
horizontal load large axial pressure model PCBP-L-
T is slightly larger than that of PCBP-L, and the 
horizontal force decreases faster than PCBP-L after 
the model reaches the peak load. 

Figure 4. Horizontal force-displacement curve of 
precast bridge pier 

Table 2 shows the characteristic parameters of the 
horizontal force-displacement curves calculated 
based on the Park method. The yield load of the 
bridge pier is about 0.83 times the peak load, which 
is numerically similar to the ultimate load. After 
PCBP-S reaches the peak load, the curve decreases 
smoothly, and the pier has not yet reached the 
ultimate load when the displacement is 200 mm. 
Compared with PCBP-L, the yield load and peak 
load of PCBP-S are hysteresis. Both the yield load 
and peak load of PCBP-L-T appear before PCBP-L, 
which indicates that the initial lateral stiffness of 
the PCBP-L-T is greater. 
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Table 2. Eigenvalues 

No. Yield load 
[kN] 

Yield 
displacement 

[mm] 

Peak load 
[kN] 

Peak 
displacement 

[mm] 

Ultimate 
load 
[kN] 

Ultimate 
displacement 

[mm] 
PCBP-L 2757.9 33.8 3312.0 75.8 2815.2 160.6 
PCBP-S 2394.6 39.8 2855.0 96.0 -- -- 

PCBP-L-T 2770.8 19.1 3314.3 39.6 2817.2 141.2 

4.2 Concrete damage 

Figure 5 shows the concrete damage distribution of 
the precast piers under peak load. The damage on 
the compression side of the bridge pier mainly 
appears in the concrete section above the 
connection device, and the damage is more serious 
at the location where the pier was in contact with 
the notched perfobond connector. Compared with 

PCBP-L, PCBP-S has a larger damage surface on the 
side of the pier and larger damage on the concrete 
of the pile cap below the tension side connection 
device. Different from the PCBP-L and PCBP-S, the 
PCBP-L-T pier shows less damage under peak load 
on the compression side and the side of the pier, 
moreover, the concrete of the pile cap beneath the 
connection device on the compression side of 
PCBP-L-T occurs damage. 

Figure 5. Concrete damage: (a) PCBP-L (b) PCBP-S (c) PCBP-L-T 

4.3 Anchor force 

Figure 6 depicts the anchor force-displacement 
variation curve of the precast bridge pier. The 
anchor force curves of the three pier models 
increase first and then decrease with the increase 
of displacement. The anchor force of PCBP-L and 
PCBP-S is always greater than the tension design 
value during the loading process, indicating that 
the longitudinal anchor bolts take part of the load 
during the force application. The anchor force of 
PCBP-L-T has less variation, which indicates that 
the transverse anchor bolts mainly play the role of 
anchorage and the load is borne by other 
components. Compared with PCBP-S, the anchor 
force reduction of PCBP-L is greater, which is 
similar to the reduction of horizontal force. 

Figure 6. Anchor force-displacement curve 
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4.4 Shear force of notched perfobond 
connector 

Figure 7 shows the shear force of the notched 
perfobond connector on the tension side, where 
Vouter and Vinner represent the shear force in the hole 
of the outer and inner notched perfobond 
connector, respectively. When the displacement is 
less than 50 mm, the shear force gradually 
increases, and different trends appear after the 
displacement exceeds 50 mm. Vouter has a small 
variation and is relatively smooth throughout the 
loading process, however, Vinner changes more with 
the increase in displacement. Vinner of PCBP-L 
decreases significantly, and decreases from 60 kN 
to 20 kN when the displacement reaches 200 mm. 
Overall Vinner is greater than Vouter, indicating that 
the shear force in the hole of the inner notched 
perfobond connector is larger than that of the 
outer. 

Figure 7. Shear force of notched perfobond 
connector  

4.5 Strain distribution of steel jacket 

Figure 8 depicts the vertical strain distribution of 
the steel jacket of the connection device. The strain 
of the steel jacket on the tension side of the pier 
increases gradually with the increase of the 
distance from the base steel plate, and the strain at 
the top of the steel jacket reaches more than 
1000με. The strain of PCBP-S is the largest and the 
strain of PCBP-L-T is the smallest. The strain of the 
steel jacket on the compression side of the pier 
fluctuates with the variation of distance from the 

base steel plate, and the strain at the top (>300 mm) 
and bottom (<100 mm) of the steel jacket is greater 
than that at the middle, indicating that the steel 
jacket on the compression side is subjected to 
bending load. In addition, the strain of PCBP-L-T is 
larger than that of PCBP-L and PCBP-S, which 
indicates that the steel jacket of PCBP-L-T is 
deformed more due to the pier loading. 

Figure 8. Strain distribution of steel jacket 

4.6 Notched perfobond connector-
concrete relative slip 

The variation curves of the notched perfobond 
connector-concrete vertical relative slip on the 
tension side are given in Figure 9. The vertical 
relative slip increases with the increase in 
displacement, the vertical relative slip of PCBP-L 
and PCBP-S grows rapidly, and the relative slips 
both reach more than 12 mm when the 
displacement exceeds 150 mm. The slip value of 
PCBP-S is larger than that of PCBP-L, which is 
related to the axial pressure applied at the top of 
the pier, the smaller axial pressure produces a 
larger vertical relative slip. The relative slip of 
PCBP-L-T grows slowly, and the relative slip mainly 
appears when the displacement is less than 50 mm. 
After the displacement exceeds 50 mm, the 
notched perfobond connector-concrete relative 
slip of PCBP-L-T is less than 1 mm, which indicates 
that when the bridge pier is subjected to load, a 
small amount of vertical relative slip is generated 
between the notched perfobond connector and 
concrete, which then continues to work together 
until the pier is damaged. 
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Figure 10 depicts the horizontal displacement of 
the notched perfobond connector and concrete on 
the tension side. The horizontal displacement of 
notched perfobond connector and concrete of 
PCBP-L is less than that of PCBP-S. The trend of the 
notched perfobond connector-concrete horizontal 
relative slip is similar to the vertical relative slip of 
PCBP-L and PCBP-S. It should be noted that the 
horizontal displacement of the notched perfobond 
connector and the concrete is opposite for PCBP-L 
and PCBP-S, the horizontal displacement of the 
concrete is less than 2 mm, while the horizontal 
displacement of the notched perfobond connector 
reaches more than -10 mm, which is related to the 
force of the combined connection device, the 
notched perfobond connector and pier column 
main reinforcement is connected to the base steel 
plate through welding and bolt connectors, when 
the pier is subjected to horizontal load, the pier 
column main reinforcement is pulled, causing 
convex deformation of the base steel plate, which 
leads to the valgus deformation of the notched 
perfobond connector and produce displacement in 
the opposite direction to the load. The horizontal 
displacement of notched perfobond connector and 
concrete of PCBP-L-T changes more than 30 mm, 
however, the notched perfobond connector-
concrete relative slip of PCBP-L-T is small and the 
slip changes less after the displacement exceeds 50 
mm, which is similar to the notched perfobond 
connector-concrete vertical relative slip, indicating 
that notched perfobond connector and concrete 
continues to work together after a certain relative 
slip occurs during the loading process until the pier 
is damaged.  

Figure 9. Vertical relative slip 

Figure 10. Horizontal displacement 

5 Conclusion 
(1) According to the bearing capacity and damage
analysis of the bridge pier can be known. The
bearing capacity of large axial pressure piers is
higher than that of small axial pressure piers. The
damage on the compression side of the pier mainly
appears in the concrete section above the
connection device, and the concrete interface
damage on the transverse of the pier is smaller
than that on the longitudinal. The concrete damage 
of the pile cap below the longitudinal and
transverse connection devices appears on the
tension and compression sides, respectively.

(2) Based on the force analysis of anchor bolts and
notched perfobond connector can be known, there
is a difference between the longitudinal and
transverse anchor bolts action of the bridge pier.
Compared with the longitudinal anchor bolts of the
bridge pier, the transverse anchor force has less
variation, and the transverse anchor bolts of the
bridge pier mainly play the role of anchorage. The
shear force of the outer notched perfobond
connector is about 20 kN, the shear force of the
inner notched perfobond connector is mainly
between 35-65 kN, and the shear force of the outer 
notched perfobond connector is about 0.3-0.6
times of the inner one.

(3) According to the analysis of steel jacket strain
distribution and notched pofobond connector-
concrete relative slip can be known. The steel
jacket on the compression side of the bridge pier is
subjected to the bending load, the strain of
transverse steel jacket on the compression side is
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greater than the longitudinal, indicating that the 
pier load causes a greater deformation of the 
transverse steel jacket on the compression side. 
The longitudinal relative slip of the bridge pier is 
greater than the transverse, and the base steel 
plate occurs bulge deformation and notched 
pofobond connector occurs valgus deformation 
during the force. 
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Abstract 
The compressed steel-rubber composite anti-collision device is a new type of self-floating device 
protect bridges from ship collision, which can significantly reduce the structural damage caused by 
ship collision. The use of compressed tires recycles the old tires and increases the elasticity of the 
device. Based on experimental analysis, the paper continued to develop detailed finite element 
model to investigate the behavior of the anti-collision device. Besides the comparison with the test 
results, parametrical study was developed including the thickness, position, number of the 
diaphragms to evaluate the sensitive parameters, so as to determine the design parameters for 
different collision conditions. Finally, a simplified design method including the key parameters was 
proposed to simplify the design process of anti-collision design. 

Keywords: anti-collision device; parametrical study; ultimate load capacity; simplified formula 

1 Introduction 
The compressed steel-rubber composite anti-
collision device is a kind of self-floating bridge anti-
collision device with the advantages of high anti-
collision efficiency, good durability and low 
consumption (environmental protection and low 
cost). Previous and current research mainly focus 
on the ability to protect bridge abutment 
structures. Chen et al.[1] investigated the effects of 
material strength, number of roll-slip components 
and yield strength of energy-consuming steel 
cylinders on the anti-collision performance of self-
floating collision avoidance devices. The results 
showed that self-floating anti-collision devices 
could prolong the impact time and significantly 

reduce the peak impact force. Fan et al.[2] carried 
out numerical simulations of a new steel-concrete 
combination anti-collision device, and the 
numerical analysis results showed that the 
protection performance of the device was better 
than that of the traditional steel fenders. Luo et 
al.[3] investigated the protective capability of a 
steel-composite anti-collision device and showed 
that it could effectively mitigate the severity of 
ship-bridge collisions and significantly reduce the 
structural response of bridge columns. Zhou et al.[4] 
proposed a new type of assembled ultra-high 
performance concrete (UHPC) anti-collision device, 
and found that the collision prevention device had 
a very strong energy absorption capacity. Pan et 
al.[5] studied the collision process between a ship 
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and the bow-tip compartment of a single column 
bridge containment steel box, and obtained a 
formula that can be used to quickly estimate the 
collision force when a 1000-ton bulk carrier hits this 
type of containment steel box.  

The collision between a ship and a bridge anti-
collision device is a complex non-linear dynamic 
response process. There are many influencing 
factors and it is difficult to establish an accurate 
mathematical model to determine the relationship 
between them. For the design of anti-collision 
devices, numerical simulations or tests are 
required to determine the feasibility of the 
solution[6]. In recent years, many scholars have 
quantified the ship collision response of bridge 
structures by means of finite element methods[7-
9]. Meanwhile, the finite element method has been 
applied to the study of the performance of bridge 
anti-collision devices[10-12]. The software 
ABAQUS can simulate arbitrary geometries, and 
has a library of material models of various types to 
simulate the properties of typical engineering 
materials[13]. 

In the paper,  the numerical analyses are validated 
with the test results. Parametric study including the 
thickness, number and position of the diaphragm 
was conducted to analyse the influence of these 
parameters on the collision performance of the 
device, and a simplified calculation method for the 
capacity of the anti-collision device was concluded. 

2 Large-scale experiment 

2.1 Specimen parameters 

The diameter of the anti-collision device is 3 m. The 
diameter of the specimen is 1,8 m, taking into 
account the limitation of the actuator loading 
stroke (+1000 mm) during the experiment. There 
are two diaphragms in the specimen with a spacing 
of 1,6 m and 1,0 m from the end plate. the length 
of the test barrel is set to 4,0 m, taking into account 
the anchor bolt spacing requirement at the end 
plate. The main dimensions of the specimen are 
shown in Figure 1. 

Figure 1. Dimensions of the specimen 
(unit: mm) 

2.2 Experimental phenomena 

Displacement control was adopted, the loading 
fixture is shown in Figure 2; The loading head 
pressed downwards to the central position of the 
specimen, and eventually the central apex of the 
specimen had the maximum displacement, and no 
visible deformation occurred in the loading head, 
which can be regarded as a rigid body.  

Figure 2. Loading for the experiment 

(a) Outer cylinder

(b) Inner cylinder 

Figure 3. Local deformation of the specimen 

The local failure of the outer cylinder after the 
loading is shown in Figure 3. The internal bulkhead 
and the central part of the inner cylinder have 
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obvious failures (such as Figure 3a through Figure 
3b).  

3 Finite element model 

3.1 Steel cylinder 

3.1.1 Dimension and mesh 

(a) Specific dimensions of the specimen

(b) Loading device and its location

Figure 4. Finite element model of the specimen 

The finite element model of the specimen is shown 
in Figure 4. The ground (yellow part) below the 
specimen is simulated with a rigid body; the 
triangular shell above the barrel (yellow part) is the 
loading device (length 2,7m), and simulated using a 
rigid body. 

All of the above components (diaphragm, outer 
cylinder, inner cylinder, ground and loading device) 
are modelled using shell elements, and the mesh is 
in R3D4 element for explicit analysis, with a mesh 
size of approximately 80mm, but a finely drawn 
mesh is required for the circular part of the lower 
part of the loading head in contact with the outer 
cylinder; the diaphragm, outer cylinder and inner 
cylinder are in S4R element for explicit analysis, 
with a mesh size of approximately 50mm, and all 
other default settings are used. The mesh division 
is shown in Figure 5. 

Figure 5. Mesh division of the model 

3.1.2 Material properties 

The steel cylinder is made of titanium and Q235 
composite material, the end-diaphragm is made of 
Q235 steel of 16mm thickness, the mid-diaphragm 
(all parts except the weld) is made of Q235 steel of 
8mm thickness and the weld is made of Q235 with 
altered strain values. The specific material 
properties of each of the above components are 
given in Table 1. 

Table 1. Material properties of the steel cylinder 

Component Steel cylinder End-diaphragm Mid-diaphragm Weld 

Density (t/mm3) 7,85e-9 7,85e-9 7,85e-9 7,85e-9 

Young’s modulus 
(MPa) 

168000 200000 200000 200000 

Poisson's ratio 0,25 0,25 0,25 0,25 

Yield strength 
(MPa) 

314,59 300 300,45 300 

Ultimate strength 
(MPa) 

529,87 460 493,64 335 
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3.2 Rubber 

3.2.1 Dimension and mesh 

The rubber used in the anti-collision device in this 
paper are rubber tyres. A single tyre has an external 
diameter of 535 mm. For one section, a total of 7 
tyres are arranged (as shown in Figure 6), and a 
total of 8 layer are arranged between the two 
adjacent diaphragms and 5 layers of tyres between 
end diaphragm and the interior diaphragm. A 
specimen is arranged with a total of 18 layers of 
tyres(totally 126 tyres). The tyre is modelled using 
C3D8R solid elements with a mesh size of 
approximately 20mm. 

(a) Size of the tyres

(b) Arrangement of the tyres

Figure 6. Diagram of the tyres

3.2.2 Material properties 

The material properties of the tyre are based on 
the Yeoh model, where the value of C10 is taken as 
0,7, the value of C20 is taken as 0,05, the value of 
C30 is 0,01 and the density is 1e-6 t/mm3. 

3.3 Contact and boundary 

The contact between the outer cylinder and the 
ground, the outer cylinder and the loading device, 
and the outer cylinder and the inner cylinder were 
modelled using surface-to-surface contact (Explicit) 
with contact properties of tangential friction 
(friction coefficient of 0,2) and normal hard contact; 
the four diaphragms were in contact with the inner 

side of the outer cylinder and the outer side of the 
inner cylinder using surface-to-surface contact. 

A reference point is set at the centre of the ground 
rigid body, through which the ground side member 
condition is applied with the type ENCASTRE, 
constraining all degrees of freedom. A reference 
point is set at the topmost centre of the rigid body 
of the loading head (as shown in Figure 7a) and an 
inertia-mass (inertia-mass) is used at this reference 
point for displacement control. A displacement of -
750 mm is applied along the U2 direction (Y-
direction) to apply loads to the specimen (Figure 
7b). 

(a) Loading device

(b) Loading curve

Figure 7. Diagram of the loading device 

3.4 Comparison of experimental and 
numerical analysis results 

Figure 8 presents the failure mode from the 
numerical analysis. The results are consistent with 
the experimental results. 

(a) Overall
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(b) Outer cyinder

(c) Diaphragms

(d) Tyres

Figure 8. The deformation of the device 

The load-displacement curves obtained from the 
numerical analysis and experiment are presented 
in Figure 9. The numerical simulation results have 
good agreement with the experimental results, 
indicating that the finite element model numerical 
analysis method can effectively simulate the 
behavior of the anti-collision device. 

Figure 9. Load-displacement curve 

4 Parametric analysis 
From the analysis results above, the parameters 
can be optimized to improve the overall collision 
performance of the specimen. As the two 

diaphragms and the outer cylinder are deformed 
most severely after loading, the diaphragm has a 
big effect on the outer cylinder. Therefore, a 
parametric analysis including the thickness, 
number and position of the mid-diaphragms was 
carried out and a simplified calculation method 
applicable to the compressed steel-rubber 
composite anti-collision device is further 
summarized. 

4.1 Thickness of the mid-diaphragms 

Figure 10. Position of the mid-diaphragms 

The position of the mid-diaphragms is shown in 
Figure 10. The thicknesses of 6 mm, 8 mm, 12 mm 
and 16 mm were taken for analysis. The load-
displacement curve comparison was obtained (as 
shown in Figure 11). Obviously, the overall stiffness 
of the model specimen is not significantly improved 
with the increase of the thickness The behavior is 
linear and similar when the loading displacement 
smaller than 180 mm. 

With the increase of the load, the model with a 
diaphragm thickness of 6 mm yields first and the 
overall stiffness decreased. The overall stiffness 
begins to decrease when the load reaches 300mm. 
In conclusion, the increase in the thickness of the 
diaphragm improves the overall capacity of the 
structure, but does not significantly improve its 
overall stiffness. 

Figure 11. Load-displacement curve with different 
thicknesses 
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4.2 Position of mid-diaphragms 

In this section, the effect of the position of the two 
adjacent diaphragms (as shown in Figure 12) with a 
spacing of 808mm, 1204mm, 1600mm and 
1996mm was analyzed. 

Figure 12. Relative position of the mid-diaphragms 

Figure 13 presents the load-displacement for 
different spacing of diaghragms. Obviously, the 
overall stiffness of the model specimen decreases 
significantly when the spacing of the diaphragms 
increases, and the load capacity of all four models 
increases linearly when the load displacement less 
than 180 mm, but their stiffness increases as the 
spacing decreases. 

When the loading displacement reaches 600mm，
the model with the smallest spacing . In conclusion, 
the reduction of the spacing between the adjacent 
diaphragms increased the overall stiffness of the 
structure and the load capacity. 

Figure 13. Load-displacement curve for 
diaphragms with different spacing 

4.3 Number of the mid-diaphragms 

The analysis is carried out by adding 1 and 2 interior 
diaphragms (as shown in Figure 14, with an 
additional 8mm diaphragm in the mid-span). Figure 
15 presents the load-displacement curve. The 
overall stiffness is increased when the number of 
diaphragms is increased. There is an obvious 

decrease after the load up to 800kN for one 
diaphragm added since the diaphragm position is 
where the load applied and the welding of the 
diaphragm cracks. 

Figure 14. Position of the newly added mid-
diaphragm 

The maximum capacity is increased as the number 
of diaphragms increases. However, the cracking of 
the welds has a big effect on its overall stiffness. In 
conclusion, the increase in the number of 
diaphragms increases the overall stiffness of the 
structure and the load capacity during the linear 
loading phase; it is also seen that the quality of the 
weld has a greater influence on its overall stiffness. 

Figure 15. Load-displacement curve with different 
number 

4.4 Simplified calculation method 

The results of these calculations show that the 
damage process of the anti-collision device is 
closely related to the stiffness of the structure itself 
and the impact depth of the loading device. 

4.4.1 Critical impact depth ratio 

The results above show that the overall stiffness of 
the specimen remains constant within the linear 
phase, and with the load increase, the overall 
stiffness of the specimen will drop abruptly, 
proving that the specimen begins to damage. The 
impact depth at which the sudden change in 
stiffness occurs is defined as the critical impact 
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depth, and the ratio of the critical impact depth to 
the radius of the specimen cross-section is defined 
as the critical impact depth ratio. The critical 

impact depth, critical impact depth ratio and 
ultimate load capacity of each model are shown in 
Table 2. 

Table 2. Parameters of each model 

Thickness/mm Spacing/mm Number Critical impact 
depth /mm 

Critical impact 
depth ratio 

Ultimate load 
capacity/kN 

6 1600 2 180 0,20 1400 

8 1600 2 200 0,22 1800 

12 1600 2 250 0,28 2500 

16 1600 2 300 0,33 4000 

8 808 2 140 0,16 2500 

8 1204 2 180 0,20 2000 

8 1996 2 210 0,23 1700 

8 1600 3 300 0,33 2300 

8 1600 4 360 0,40 3000 

From Table 2, increasing the thickness and number 
of diaphragms can effectively improve the critical 
impact depth ratio and the ultimate load capacity 
of the anti-collision device. Reducing the spacing of 
the diaphragms can improve the critical impact 
depth ratio, but it will reduce the ultimate load 
capacity at the same time, because the larger the 
spacing of the diaphragms, the smaller the stiffness 
of the structure, which leads to a decrease in the 
ultimate load capacity. Overall, the larger the 
critical impact depth ratio of the anti-collision 
device, the stronger its deformation capacity and 
the higher the effective utilisation of the anti-
collision performance. 

4.4.2 Ultimate load capacity 

The ultimate load capacity 𝐹𝐹𝑚𝑚 is closely related to 
the thickness, spacing and number of the interior 
diaphragm. Taking the model with the interior 

diaphragm thickness of 8mm, spacing of 1600mm 
and number of 2 as the benchmark, the ultimate 
load capacity of the model is defined as 𝐹𝐹𝑚𝑚0, and 
the influence of the interior diaphragm thickness, 
spacing and number on the ultimate capacity is 
described using three coefficients (as shown in 
Table 3), namely thickness coefficient 𝛾𝛾𝑡𝑡 , spacing 
coefficient 𝛾𝛾𝑠𝑠 and number coefficient 𝛾𝛾𝑛𝑛 , the 
ultimate load capacity 𝐹𝐹𝑚𝑚 is calculated in Equation 
1. 

𝐹𝐹𝑚𝑚 = 𝛾𝛾𝑡𝑡𝛾𝛾𝑠𝑠𝛾𝛾𝑛𝑛𝐹𝐹𝑚𝑚0 (1) 

The relationship between the thickness coefficient 
(𝛾𝛾𝑡𝑡) and the diaphragm thickness(t), fitted from the 
data in Table 3, is given by: 

𝛾𝛾𝑡𝑡 =  0.0092𝑡𝑡2 − 0.0629𝑡𝑡 +  0.8564 (2)
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Table 3. Influence coefficients 

Thickness
（mm） 

𝜸𝜸𝒕𝒕 Spacing
（mm） 

𝜸𝜸𝒔𝒔 Number 𝜸𝜸𝒏𝒏 

 6 0,78 808 1,39 2 1 

8 1 1204 1,11 3 1,28 

12 1,39 1600 1 4 1,67 

16 2,22 1996 0,94 

The relationship between the spacing coefficient 
(γs) and the diaphragm spacing(s) is given by: 

𝛾𝛾𝑠𝑠 = 4 × 10−7𝑠𝑠2  − 0.0014𝑠𝑠 +  2.2475 (3) 

The relationship between the number coefficient 
(𝛾𝛾𝑛𝑛) and the diaphragm number(n) is given by:  

𝛾𝛾𝑛𝑛 = 0.335𝑛𝑛 +  0.3117 (4) 

5 Conclusions 
The failure mode and load-displacement curves of 
the anti-collision device obtained from the finite 
element numerical analysis have good agreement 
with the experimental results, indicating that the 
collision process of the anti-collision device can be 
effectively simulated by the finite element 
numerical analysis method. Through the 
parametric analysis of the thickness, the number 
and position of the diaphragms, it is found that the 
ultimate capacity of the compressed steel-rubber 
composite anti-collision device shows a non-linear 
increase with the increase of the thickness of the 
diaphragms and the decrease of the spacing. With 
the increase in the number of diaphragms, the 
ultimate capacity of the anti-collision device tends 
to increase linearly. Thus, a simplified formula for 
the ultimate load capacity of the device is proposed. 
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Abstract 
Ground motion is categorized into near fault zone and across fault zone where impulsive component 
is included. The impulsive component usually causes larger damage than that by far-fault ground 
motion. To build a Benchmark model platform for cable-stayed bridges across-fault region for 
comparative analysis, the paper proposes a way combining the finite fault source model. In the 
paper, the finite fault source model was conducted based on the site Qiongshan earthquake. After 
the geological structural parameters were determined, forward modeling of near site earthquake 
was carried out, and the observation points were obtained using numerical simulation. Then, the 
analysis results were compared with the pulse characteristic parameters of similar grade of 
recording ground motion. Additionally, the ground motion near-fault region was analyzed to 
validate the finite fault source model. 

Keywords: finite fault source model; impulsive component; structural parameters; forward 
modelling; ground motion. 

1 Introduction 
The earthquake poses a huge threat to bridge 
safety. During Jiji Earthquake in Taiwan, Beifeng 
Bridge with three spans across the fault collapsed, 
and Wuxi Bridge with two spans across the fault 
collapsed [1]. During Arifiye Earthquake in Kocaeli, 

Turkey, falling off girders occurred for bridges 
across the surface fault zone [2]. In the seismic 
design code for bridges in China, it is required that 
the site selection of bridges should avoid the main 
fault zones as far as possible with a long distance 
[3]. However, the layout of China transportation 
network will be located in the dense areas of fault 
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zones, and bridges across or near faults will no 
longer be an isolated case. Near fault earthquakes 
can be geographically divided into earthquakes 
across faults and those within 20km distance 
between faults [4]. The ground motion in this area 
includes pulse component, and its response to the 
bridge is different from that of the far-field 
vibration, which will cause greater damage. 

There are many methods to simulate near-field 
vibration. Li et al. [5] proposed an equivalent pulse 
model using exponential function to control pulse 
amplitude and cosine function to control waveform. 
Shashi et al. [6] proposed a classification rule to 
distinguish pulsed-ground motion waves and a 
synthetic model of equivalent pulsed-velocity 
model. Zeng et al. [7] analyzed the seismic 
response and damage index variation of cable-
stayed bridges across faults. The applicable 
conditions of the ground motion model proposed 
by the above methods have strict requirements, 
and the seismic data referred to is out of date, 
which is different from the local geological data, so 
it is not widely used. Wang [8] proposed a set of 
practical engineering prediction methods for fault 
ground motion estimation in China. Zhang et al. [9] 
predicted the strong ground motion of bedrock 
near the fault when the seismic moment 
magnitude of the fault was set as 𝑀𝑀𝑀𝑀=6.4, and the 
results showed a good agreement with the existing 
understanding. Dreger et al. [10] studied seismic 
time-history recording curves near both sides of 
faults under different fault types. Geol et al. [11] 
proposed the reaction spectrum method and 
analyzed and verified the method. 

Taking the site of Qiongshan Earthquake where 
Puqian Bridge is located in as an example, a fault 
source model is established in this paper. Puqian 
Bridge is located at the epicenter of Qiongshan 
Earthquake with M7,5 in 1605. The fault is basically 
orthogonal to the bridge site, and the seismic 
intensity is VIII degree. The PGA which has a 10% 
chance of surpassing in 50 years is 0,35g, and the 
PGA which has a 2% chance of surpassing in 50 
years is 0,59g. Across the Puqian-Qinglan fault zone, 
the fault zone is a normal fault with a NW-SE strike, 
a dip of SW, and an apparent dip angle ranging 
from 39°to 73°. The distance between the 

epicenter of the bridge ranges from 3 to 12km, and 
the fault depth is about 15km [12]. 

In order to evaluate the seismic effect of near fault 
site, a complete Benchmark platform is 
constructed. In this paper, the forward simulation 
of near-field motion is carried out, and the 
simulation results are compared with the pulse 
characteristic parameters of similar grade of 
ground motion, as to illustrate the validity of the 
simulation results.  

2 Forward modeling of near-field 
ground motion 

Forward modelling of ground motion is a method 
to obtain theoretical seismic records of 
observation points mainly by means of numerical 
simulation after determining geological structure 
parameters. The seismic source forward modelling 
can be used to study the intensity of ground motion 
in different spatial positions from point and surface, 
and the characteristics of wave field of different 
faults can be better understood. 

2.1 Finite fault mode 

Finite fault model is a source simulation model 
based on the process mechanism of source 
generation, propagation and interaction, which has 
good effect on the forward modelling of fault 
source. Ground motion can be regarded as the 
result of source spectrum of each fault element 
transmitted, amplified and superimposed through 
the site. The time-history curve of acceleration is 
expressed in Eqn. (1). 

𝑎𝑎(𝑙𝑙,𝑀𝑀, 𝑡𝑡) = � � 𝐷𝐷0𝑖𝑖𝑖𝑖(𝑙𝑙,𝑀𝑀) ∙ 𝑎𝑎𝑖𝑖𝑖𝑖(𝑡𝑡 + ∆𝑖𝑖𝑖𝑖)
𝑁𝑁𝑊𝑊

𝑖𝑖=1

𝑁𝑁𝐿𝐿

𝑖𝑖=1
 (1) 

The Equation is composed of two parts. The first 
one is the slip distribution function 𝐷𝐷0𝑖𝑖𝑖𝑖(𝑙𝑙,𝑀𝑀) 
which is related to the geometric parameters of the 
rupture plane. The average slip of each fault 
element on the rupture surface and the number of 
fault elements directly affect the stacking mode of 
ground motion synthesis including the attitude 
amplitude of vector synthesis. The other part is the 
point source function 𝑑𝑑𝑖𝑖𝑖𝑖(𝑡𝑡)  of fault element, 
which expresses the shape and amplitude of 
motion time history curve of each fault element 
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and reflects the characteristics of fault element 
propagation on the site. When ground motion 
synthesis is carried out, the time history of 
𝑁𝑁𝐿𝐿 × 𝑁𝑁𝑤𝑤  fault elements is superimposed 
according to 𝛥𝛥𝑡𝑡𝑖𝑖𝑖𝑖 , which is the time difference 
caused by the propagation distance of each fault 
element to the observation point. 

2.2 Average sliding distribution function 

Earthquakes are caused by the rupture of fault 
planes. Before the earthquake occurs, the faults 
can be regarded as uneven surfaces fitting together. 
When the displacement potential energy is 
released, a chain reaction of the rupture of a 
concave-convex body leads to the occurrence of 
the whole earthquake. Such fault models can be 
called Asperity models [13]. The spatial 
morphology parameters of the concave-convex 
model are mainly divided into global source 
parameters and local source parameters [14]. The 
global seismic parameters of the fault plane 
determine the macroscopic spatial scale of the 
fault, as shown in Figure 1(a). The local parameters 
determine the location of the concave-convex 
body on the fault plane and the random slip on the 
fault element, as shown in Figure 1(b). 

(a) (b) 

Figure 1. Concave-convex model of fault rupture 
surface 

Global seismic parameters include fault fracture 
surface area (𝑆𝑆), fracture surface along the strike 
direction length ( 𝐿𝐿 ), fracture surface along 
downdip direction width (𝑊𝑊), and fracture surface 
sliding on average（𝐷𝐷�）. All the fault parameters 
can be expressed by Eqn. (2). 𝛼𝛼  and 𝐶𝐶𝛾𝛾  are the 
parameters fitted from the database, and 𝑌𝑌𝑔𝑔 
representative of the global parameters after 
fitting. 

𝑙𝑙𝑙𝑙𝑙𝑙𝑌𝑌𝑔𝑔 = 𝛼𝛼𝑀𝑀𝑤𝑤 − 𝐶𝐶𝛾𝛾 (2) 

Local ground motion parameters include concave-
convex body number (N), the occurrence and 
distribution location of the largest concave-convex 
body, the occurrence of other concave-convex 
bodies, the average sliding on the fault and fracture 
starting point location. Eqn. (3) represents the 
relationship between the number of concave-
convex bodies and the length of the rupture 
surface. The parameters of the other concave-
convex bodies can be expressed by Eqn. (3) , and A 
and B are the corresponding fitting coefficients. 
The inhomogeneity and uncertainty of the mean 
slip distribution on the fault are simulated by K 
square source model, which is the transformation 
of a two-dimensional Fourier space, as shown in 
Eqn. (4). 𝑘𝑘𝑘𝑘𝑘𝑘 = 1/𝐿𝐿, 𝑘𝑘𝑘𝑘𝑘𝑘 = 1/𝑊𝑊, and they are the 
spatial corner wave numbers along the strike and 
downdip directions of the fault respectively. 

𝑙𝑙𝑙𝑙𝑙𝑙𝑌𝑌𝑝𝑝 = A𝑀𝑀𝑤𝑤 − 𝐵𝐵 𝑙𝑙𝑜𝑜 𝑙𝑙𝑙𝑙𝑙𝑙𝑌𝑌𝑝𝑝 = 𝐴𝐴𝑙𝑙𝑙𝑙𝑙𝑙𝑌𝑌𝑔𝑔 − 𝐵𝐵 (3) 

𝐷𝐷(𝑘𝑘𝑥𝑥,𝑘𝑘𝑦𝑦) =
𝐷𝐷�𝐿𝐿𝑊𝑊

�1 + (�𝑘𝑘𝑥𝑥𝐿𝐿
𝐾𝐾
�
2

+ �𝑘𝑘𝑦𝑦𝐿𝐿
𝐾𝐾
�
2
)
𝑒𝑒𝑖𝑖Φ�𝑘𝑘𝑥𝑥,𝑘𝑘𝑦𝑦� (4)

2.3 Ground motion function of point 
source 

Random point source model represents the 
disturbance effect of fault element rupture on 
ground surface. The Fourier spectrum (𝐸𝐸 ) of a 
random point source ground motion is expressed 
as the product of four functions, including the 
source of value function ( 𝑆𝑆 ), and transmission 
function (𝑃𝑃), site influence function (𝐺𝐺), and the 
ground motion type conversion function ( 𝐼𝐼 ), as 
shown in Eqn. (5).  

𝐸𝐸(𝑀𝑀0,𝑅𝑅, 𝑓𝑓) = S(𝑀𝑀0,𝑓𝑓) ∙ 𝑃𝑃(𝑅𝑅,𝑓𝑓) ∙ 𝐺𝐺(𝑓𝑓) ∙ 𝐼𝐼(𝑓𝑓) (5) 

The acceleration source amplitude function 
𝑆𝑆(𝑀𝑀0,𝑓𝑓) is expressed in Eqn. (6). 𝐶𝐶 is a constant 
independent of frequency, 𝑀𝑀0  is the average 
seismic moment on the fault element, and 𝑓𝑓𝑐𝑐  is the 
static corner frequency inversely proportional to 
the overall rupture area, which controls the 
amplitude of acceleration and the frequency 
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components of seismic waves generated by the 
source. 

S(𝑀𝑀0,𝑓𝑓) =
𝐶𝐶𝑀𝑀0𝐻𝐻𝑖𝑖𝑖𝑖(2𝜋𝜋𝑓𝑓𝑐𝑐𝑖𝑖𝑖𝑖)2

1 + (𝑓𝑓𝑐𝑐𝑖𝑖𝑖𝑖/𝑓𝑓) (6) 

The path transfer function 𝑃𝑃(𝑅𝑅,𝑓𝑓)  is a function 
related to geological composition, which consists 
of two parts, as shown in Eqn. (7). One part is the 
geometric decay function 𝑍𝑍(𝑅𝑅) , and the second 
part is the quality factor 𝑄𝑄(𝑓𝑓)  of the geological 
region of seismic area related to frequency. 

𝑃𝑃(𝑅𝑅, 𝑓𝑓) = Z(𝑅𝑅) ∙ 𝑄𝑄(𝑓𝑓) (7) 

The site influence function 𝐺𝐺(𝑓𝑓) is divided into two 
parts, including the amplification part 𝐴𝐴(𝑓𝑓)  as 
shown in Eqn. (8) and the attenuation part. 𝐴𝐴(𝑓𝑓) is 
the amplification effect of the site on the seismic 
source, which is related to the propagation speed 
and density of the seismic source in the geological 
environment of each layer and depends on detailed 
geological mapping parameters. In this paper, 
homogenization factor 1 is taken. 𝐷𝐷(𝑓𝑓)  is the 
attenuation function of the high-frequency part of 
the source transmitted in the site, which is 
determined by the empirical formula of moment 
magnitude. 

𝑄𝑄(𝑓𝑓) = 𝐴𝐴(𝑓𝑓) ∙ 𝐷𝐷(𝑓𝑓) 

 = 𝑒𝑒𝑘𝑘𝑒𝑒 (−𝜋𝜋𝑓𝑓(0,0106𝑀𝑀𝑤𝑤 − 0,012)) 
(8) 

The ground motion type conversion function 𝐼𝐼(𝑓𝑓) 
is derived from the differential relation of the time 
history curve, as shown in Eqn. (9). 𝐼𝐼 = 0,1 and 2 
correspond to the source displacement, velocity 
and acceleration respectively. 

𝐼𝐼(𝑓𝑓) = (2𝜋𝜋𝑓𝑓𝜋𝜋)2 (9) 

3 Near field ground motion 
simulation 

The simulation process of near field ground motion 
is divided into three parts. 

3.1 Construction of fault affected region 

According to the site conditions of Qiongshan 
earthquake, the macro input parameters for fault 

ground motion simulation are summarized and 
shown in Table 1. 

Table 1. Fault macro input parameters 

Parameters Symbol Value 

Magnitude 𝑀𝑀𝑤𝑤  7,5 

 Burial depth 
of upper 

boundary of 
fault /km 

𝑍𝑍𝑡𝑡𝑙𝑙𝑜𝑜 15 

Apparent 
dip 𝜑𝜑 39°、56°、73° 

Fault scale 
/km 𝐿𝐿 × 𝑊𝑊 83 × 33 

Subfault size 
/km 1 × 1 

Observation 
point 

Fault projection 
region、 

the annular 
region whose 
epicentral was 
5km and 15km 

The macro parameters were input into Matlab to 
build the affected region of the fault, as shown in 
Figure 2. The observation points as shown in Figure 
3 were selected and numbered by taking into 
account the bridge site of Puqian Bridge and the 
characteristics of Qiongshan Earthquake. The 
shadow area is the projection of the fault rupture 
plane on the horizontal plane. The dashed lines 
indicate epicentral distances of 5km and 15km, 
respectively. The horizontal projection area of the 
fault at observation points No. 1 through 16 was 
defined, observation points No. 17 through 40 
were the transition position between the cross-
fault and near-fault region, and observation points 
No. 41 through 64 were the near-fault region. 

Figure 2. Region around fault 
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Figure 3. Observation points 

3.2 Mean slip of fault rupture surface 

The average sliding distribution of the fracture 
surface is simulated by using the mixed concave-
convex model mentioned above. Eqn. (2) through 4 
are used to calculate the concave-convex 
parameters. The values of the calculated 
parameters and concave-convex parameters are 
shown in Table 2. The position and area of the 
largest concave-convex body were fixed, while the 
area of the other concave-convex body was fixed, 
and the shape and position were random. The 
simulation of the average slip distribution of 12 
groups of faults is shown in Figure 4. 

Figure 4. The mean slip distribution of faults for 
the predicted magnitude 7,5 earthquake 

3.3 Simulation of point source ground 
motion 

According to the spatial position relationship 
between observation points and fault rupture 
surface determined in Step 1 and the average slip 
distribution in Step 2, the ground motion response 
of fault elements to observation points can be 
simulated one by one. The time history function of 
point source ground motion mainly depends on 

seismic moment and corner frequency controlled 
by mean slip on fault element. It is also affected by 
site and path function. 

Table 2. Mixed sliding distribution model input 
parameters 

Parameters Symbol Equation Value 

Number of 
concave-
convex 

bodies/PCS 

𝑁𝑁 
𝑁𝑁
= INT(0,03𝐿𝐿
+ 0,76)

3 

Non-
concavity 

average slip 
/cm 

D 
log𝐷𝐷
= 0,5𝑀𝑀𝑤𝑤
− 1,02

506 

Maximum 
concave-
convex 

average slip 
/cm 

Da 
log𝐷𝐷𝑎𝑎
= log𝐷𝐷
+ 0,33

1084 

Other 
concave-
convex 

average slide 
/cm 

Do 

log𝐷𝐷𝑜𝑜
= log𝐷𝐷
+ 0,28 966 

Maximum 
concave-
convex 

dimension 
/km 

Lam 
log𝐿𝐿𝑎𝑎𝑎𝑎
= 0,5𝑀𝑀𝑤𝑤
− 2,07

47,8 

Wam 
log𝐿𝐿𝑎𝑎𝑎𝑎
= log𝑀𝑀𝑤𝑤
− 0,46

11,6 

Maximum 
concave-
convex 
center 

coordinates 
/km 

xam 
log𝑘𝑘𝑎𝑎𝑎𝑎
= log𝐿𝐿
− 0,31

40,7 

yam 
log𝑘𝑘𝑎𝑎𝑎𝑎
= logW
− 0,46

16,5 

Rupture 
initiation 

along strike 
coordinates 

/km 

xs 
log𝑘𝑘𝑠𝑠
= log𝐿𝐿
− 0,37

35,7 

ys 
log𝑘𝑘𝑠𝑠
= logW
− 0,38

13,9 

The spatial 
wave 

number 
along strike 

of finite 
faults /km-1 

kcx 
log𝑘𝑘𝑐𝑐𝑥𝑥
= −0,5𝑀𝑀𝑤𝑤
+ 1,93

0,015 

kcy 
log𝑘𝑘𝑐𝑐𝑥𝑥
= −0,5𝑀𝑀𝑤𝑤
+ 2,29

0,035 

Figure 5 shows the acceleration time history 
generation process of point source of fault element, 
including:(a)A Gaussian white noise is generated 
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with duration 𝑇𝑇𝑑𝑑 , mean value 0 and variance 1; 
(b)The Saragoni and Hart window function (1974)
is used to fit the ground motion shape according to
the pulse duration of the fault element; (c)The
Fourier transform and the mean square deviation
for normalization are used; (d)Eqn. (6) is used to
calculate the Fourier spectrum E of accelerated
ground motion multiplied by white noise; (e)It is
transform into time domain to obtain the final
acceleration ground motion time history curve.

Figure 5. Acceleration generation process of 
random point source 

3.4 Composite point source and Time 
history of ground motion based on 
combination of point source 

After the ground motion response of the point 
source to the observation point is obtained, the 
ground motion time history of the fault to the 
observation point is synthesized according to Eqn. 
(1), as shown in Figure 6. 

Figure 6. Ground motion synthesis based on fault 
element point source acceleration 

4 Comparisons of characteristic 
parameters for near-field ground 
motion 

This section analyzes the near-field ground motion 
by comparing the pulse parameters of simulated 
ground motion. The peak ground acceleration in 
the direction of vertical fault rupture plane 𝑃𝑃𝐺𝐺𝐴𝐴𝑣𝑣 
and the peak ground acceleration in the direction 
of parallel fault rupture plane 𝑃𝑃𝐺𝐺𝐴𝐴𝑝𝑝 are selected. 
𝑃𝑃𝐺𝐺𝑃𝑃/𝑃𝑃𝐺𝐺𝐴𝐴  (𝑃𝑃𝐺𝐺𝑉𝑉2𝐴𝐴 ) is the ratio of peak ground 
velocity to peak ground acceleration. The larger the 
value is, the stronger the directional effect is. Arias 
intensity 𝐼𝐼𝑎𝑎  is calculated according to Eqn. (10), 
which reflects the total energy released by ground 
motion received by the observation station. 
Generally, it is taken as the sum of the two 
horizontal Arias intensities [15]. The ratio of two 
horizontal Arias intensities, 𝐼𝐼𝑎𝑎𝑦𝑦/𝐼𝐼𝑎𝑎𝑥𝑥(𝐼𝐼𝑦𝑦2𝑥𝑥), reflects 
the proportion of vertical components. 

𝐼𝐼𝑎𝑎 =
𝜋𝜋

2𝑙𝑙
� [𝑎𝑎(𝑡𝑡)]2𝑑𝑑𝑡𝑡
𝑇𝑇

0
 (10) 

4.1 Comparison of characteristic 
parameters of simulated ground 
motion pulse 

Table 3 summarizes the extreme values of the 
pulse characteristic parameters mentioned above. 
𝐼𝐼𝑎𝑎 in parentheses is the 𝐼𝐼𝑦𝑦2𝑥𝑥 of the corresponding 
observation point, and 𝐼𝐼𝑎𝑎𝑥𝑥  and 𝐼𝐼𝑎𝑎𝑦𝑦  in parentheses 
are the Arias intensity values in the other direction. 
It is seen from the results in the table that the 
maximum values of pulse characteristic 
parameters are obtained when the apparent dip 
angle is 39°. The main reason is that with the 
decrease of apparent dip angle, the average 
distance between fault element and observation 
points decreases and the pulse effect increases. 
There is a strong correlation between 𝑃𝑃𝐺𝐺𝐴𝐴𝑣𝑣  and 
𝐼𝐼𝑎𝑎𝑥𝑥 . 𝑃𝑃𝐺𝐺𝐴𝐴𝑣𝑣  reaches its maximum value in the 
middle segment near the fault transmission 
direction, and 𝐼𝐼𝑎𝑎𝑥𝑥  reaches its maximum value in 
the similar position opposite the fault transmission 
direction. There is little difference between the two 
parameters, but the value of 𝑃𝑃𝐺𝐺𝑉𝑉2𝐴𝐴  at the 
observation point 58 is higher than that at the 
observation point 45 and there is a more significant 

(a) (b) (c)

(d) (e)

a1

+

+
⋮

+

+

Tdj

a2

an-1

an

a

Td

Tsj

aj

t

t

t

t

t

t

Δtj

⋮

868



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

directional effect. The maximum values of 𝑃𝑃𝐺𝐺𝐴𝐴𝑝𝑝 
and 𝐼𝐼𝑎𝑎𝑦𝑦 coincide in space (observation points 3 and 
4 are adjacent observation points on the central 
axis), thus the ground motion in parallel direction 
can be studied by taking point 5. The maximum 
value of Arias intensity is at observation point 21 
and the minimum values are all at the observation 
point with a distance of 15km from the epicenter. 
The results show that the ground motion pulse 
effect is relatively weak far away from where is 
parallel to the fault direction, and the single 
component of the ground motion is low in this 
position. 

Table 3. Extreme value of characteristic 
parameters of pulse 

Project Max. Number, 
angle Min. Number, 

angle 

𝑃𝑃𝐺𝐺𝐴𝐴𝑣𝑣/g 0,35 58，39° 0,06 51，76° 

𝑃𝑃𝐺𝐺𝐴𝐴𝑝𝑝/g 0,41 5，39° 0,19 54，39° 

𝑃𝑃𝐺𝐺𝑉𝑉2𝐴𝐴/s 0,22 58，39° 0,002 64，76° 

𝐼𝐼𝑎𝑎/(m/s) 2,52 
(1,33) 21，39° 

2,7 
(9,54) 52，76° 

𝐼𝐼𝑎𝑎𝑥𝑥/(m/s) 1,42 
(2,23) 45，39° 0,02 

(2,71) 51，76° 

𝐼𝐼𝑎𝑎𝑦𝑦/(m/s) 1,71 
(1,13) 5，39° 1,3 

(3,42) 57，39° 

According to the above analysis, the lateral ground 
motion of observation point 5 and the longitudinal 
ground motion of observation point 58 show 
obvious pulse characteristics. When the first-order 
natural vibration period of the structure is close to 
the pulse period 𝑇𝑇𝑑𝑑  of the ground motion, the 
structural response of the pulse earthquake is 
much larger than that of the far-field earthquake, 
and the "resonance effect" is generated. According 
to the basic natural vibration period of Benchmark 
model of Puqian Bridge, the ground motions of 
observation points 5 and 58 of the 11th sliding 
distribution are selected as response analysis 
ground motions, named Sim5 and Sim58. 

4.2 Comparison of simulated ground 
motion and recorded ground motion 

According to the parameters of Qiongshan 
Earthquake parameters and the characteristics of 
the Benchmark model of Puqian bridge, the pulse 

period of the bridge similar to the basic natural 
vibration period of the Puqian bridge is selected 
and the Sturno Earthquake in Irpinia, Italy which is 
the same type as the simulated ground motion is 
also selected. Then their pulse characteristic 
parameters are compared. Meanwhile, the Kocaeli 
Yarimca strike-slip fault earthquake with moment 
magnitude of 7,51 and the ChiChi CHY101 reverse 
fault earthquake with moment magnitude of 7,62 
is selected as transverse comparative analysis. The 
epicentral distances of the three stations are 
6,78km, 9,94km and 1,38km, respectively. 

The acceleration time history, Fourier amplitude 
spectrum of acceleration and response spectrum of 
single-degree of freedom system (damping ratio 
5%) recorded by Sim5, Sim58 and three stations in 
NS and WE direction are simulated, as shown in 
Figure 7. 

(a) 

(b) 

(c) 

Figure 6. The 𝑀𝑀𝑀𝑀7,5 normal fault ground motion 
simulated by the finite fault model compared with 

the acceleration time history: (a) Fourier 
amplitude spectrum; (b) response spectrum; (c) 

recorded by three stations 
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As seen from Figure 7a, the high-frequency 
components of the simulated ground motion are 
relatively large, and the selection of window 
functions remains to be studied. It is seen from 
Figure 7b that the amplitude spectrum in the 
vertical direction ranging from 0,5 to 7Hz of Sturno 
and Yarimca stations is better in the simulation, the 
amplitude of the low-frequency part is lower than 
the ground motion recorded by the stations, and 
the amplitude of the ground motion in the parallel 
direction of the high-frequency part is slightly 
larger than the recorded ground motion. Figure7c 
shows the response spectrum of acceleration. The 
simulated horizontal ground motion and the 
ground motion recorded by Sturno station in the 
direction of WE have a high similarity except in the 
low-frequency range, reaching an extreme value at 
about 0,3s, while in the vertical direction, the 
simulated ground motion is larger than the ground 
motion recorded by Sturno station. It is quite 
different from the reverse fault ground motion 
recorded at CHY101 station. The parallel direction 
response of simulated ground motion is quite 
different from that recorded by Yarimca station, 
while the vertical direction is close to the recorded 
ground motion in the range from 0,2s to 0,7s. 

5 Conclusions 
In this chapter, the theoretical basis of the finite 
fault source model is briefly introduced, a finite 
fault source model is proposed for ground motion 
near fault zone,  and the ground motion in the area 
affected by the Qiongshan Earthquake is simulated. 
The main conclusions are summarized as follows: 

(1) The smaller the apparent dip angle of fault
rupture plane, the larger the 𝑃𝑃𝐺𝐺𝐴𝐴, 𝑃𝑃𝐺𝐺𝑉𝑉2𝐴𝐴 and 𝐼𝐼𝑎𝑎,,
the stronger the ground motion pulse. The values
of 𝑃𝑃𝐺𝐺𝐴𝐴𝑣𝑣 and 𝑃𝑃𝐺𝐺𝑉𝑉2𝐴𝐴 on the hanging wall or in the
direction of propagation are larger than those on
the footwall, showing the hanging wall effect and
directional effect of near-fault earthquakes. The
distribution law of 𝑃𝑃𝐺𝐺𝐴𝐴𝑝𝑝, 𝐼𝐼𝑎𝑎  and 𝐼𝐼𝑦𝑦2𝑥𝑥  is contrary
to the previous one, since the fault distance of the
observation point of the footwall is closer, and the
effect of the footwall is greater than that of the
hanging wall.

(2) With comparisons of the acceleration time
history, Fourier amplitude spectrum and single

degree of freedom response spectrum between 
simulated ground motion and recorded ground 
motion, the 𝑃𝑃𝐺𝐺𝐴𝐴  is close to CHY101 (𝑀𝑀𝑤𝑤7,62 
oblique slip fault) in ChiChi Earthquake (1999). In 
addition, other ground motion pulse characteristic 
parameters in the simulated ground motion of 
𝑀𝑀𝑤𝑤7,5 normal fault are in good agreement with 
Irpinia (1980) Sturno (𝑀𝑀𝑤𝑤6,9 normal fault) of the 
same type. Compared with the 𝑀𝑀𝑤𝑤7,5 earthquake, 
the simulation results are smaller because of the 
deep focal depth of the Qiongshan Earthquake.  
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Abstract 
In railway bridges supporting a continuously welded rail, the friction induced at the location of the 
fasteners generates an increment of axial stress in the rail, to be controlled to maintain its integrity. 
The adequacy to consider creep and shrinkage effects along with the thermal effects in rail structure 
interaction (RSI) studies is often debated over. A widely accepted analysis approach in the industry 
is to model the fastening system as reversible bi-linear elastic-plastic. The present article exposes 
the conclusions of a study which, instead, adopted a realistic hysteretic law for the fastening system 
to demonstrate, through adequate time-dependent analysis, that the cyclic nature of temperature 
over time tends to eliminate the gradual increase in axial stress in the rail due to creep and shrinkage, 
potentially rendering the consideration of concrete rheologic effects in RSI analysis unnecessary, or 
to be accounted for adequately in order to avoid unnecessary conservatism. 

Keywords: RSI; CWR; creep; shrinkage; temperature; railway bridge; fasteners; UIC; hysteretic; 
longitudinal restraint. 

1 Introduction 
On railway bridges, the use of “Continuously 
Welded Rails” (referred to thereafter as “CWR”) has 
become very common because of advantages such 
as, amongst others, user’s comfort, ease of 
maintenance and installation cost. Since the tracks 
and the bridge structure are connected, the 
behaviour of one element affects the other and 
generates forces and displacements. The study of 
this interaction is often referred to as “Rail-
Structure Interaction” (thereafter referred to as 
“RSI”). The global context of codes and norms is not 
very abundant and the UIC 774-3 code is often cited 
as reference to provide guidance on the axial stress 
that has to be controlled in the rail. 

1.1 Principles of rail structure interaction 

When the supporting structure contracts of 
expands, its contraction or expansion entrains the 
rails through the connection of the fasteners 
connecting the structure and the rails. The simply 
supported beam example shown in Figure 1 is used 
to illustrate the phenomenon. Under thermal effect, 
the structure contracts along the x-axis of the beam 
with a boundary condition in A where no 
displacement is possible: and Point (B) where the 
beam is free to displace. The simply supported 
beam contracting under the rails then tends to 
compress the rails in the region of Point (A) while it 
tends to put the rail in tension in the region of Point 
(B).
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Figure 1: General principle of RSI under uniform temperature decrease 

1.2 Common RSI analysis approaches 

An accepted approach exposed in the UIC 774-3 
code to calculate the axial stress variations within 
the rails and due to the RSI effects, consists of the 
following. The friction taking place at the rail 
fasteners is modelled with an idealized bi-linear 
elastic-plastic friction law and it is generally 
accepted by the UIC code to proceed with a non-
linear analysis of relevant load cases and later 
linearly combine their results. While this is not 
strictly correct as it is not in accordance with the 
superposition principle, it is accepted practice by 
the UIC and in the industry, as a generally 
conservative and simple approach to adopt. The 
structure forces cited in the UIC 774-3 Section 1.4.1 
are listed below: 

 Uniform temperature variation of the
deck: ∆𝑻𝑻

 Horizontal braking and acceleration
forces: 𝑩𝑩𝒓𝒓 / 𝑻𝑻𝒓𝒓

 Rotation of the deck under vertical live 
load: 𝑳𝑳𝑳𝑳𝒗𝒗

 Deformation of the structure due to
creep and shrinkage: 𝑪𝑪𝒓𝒓 / 𝑺𝑺𝒉𝒉

 Deformation of the deck due to
thermal gradient: ∆𝑻𝑻𝒗𝒗

The load combination equation provided in the UIC 
774-3 Section 1.5.1, to calculate the total axial rail
stress variation is given in the equation below:

�𝑹𝑹 = 𝜶𝜶𝑹𝑹(∆𝑻𝑻) + 𝜷𝜷𝑹𝑹(𝑩𝑩𝒓𝒓 / 𝑻𝑻𝒓𝒓) + 𝜸𝜸𝑹𝑹(𝑳𝑳𝑳𝑳𝒗𝒗) 

The values of 𝛼𝛼,𝛽𝛽, 𝛾𝛾 are taken equal to 1. The UIC 
774-3 combination equation therefore prescribes
the consideration of uniform temperature, the

effects of trains braking/accelerating and the effect 
of the vertical train live loads only. 

Even though the above three loadings are often 
considered sufficient to verify that the rails aren’t 
subject to excessive axial stress variations, the 
consideration of creep and shrinkage effects, 
however not explicitly mentioned in Section 1.5.1 
of the code, is often debated over in the case of 
concrete railway bridges. 

1.3 Uniform temperature, creep & 
shrinkage 

The effects of uniform temperature, creep and 
shrinkage on the structure, are imposed internal 
deformations which, if the structure is restrained 
from freely deforming, result in forces generated 
because of the relative stiffnesses of the structural 
elements restraining each other. 

Uniform temperature varies in seasonal cycles. The 
imposed strain on the structure changes sign and 
the structure alternatively contracts and expands. 
The load generated at a particular fastener would 
point in opposite directions whether the structure 
is subjected to a contraction or an expansion. 

In turn, creep and shrinkage are gradual and 
unidirectional effects which are concomitant and 
resulting in a slow and steady contraction of the 
structure. 

Considering the example of the simply supported 
beam presented in Figure 1 above and restrained 
at Point (A), it can be understood that the position 
of Point (B) will gradually and steadily displace 
towards Point (A) because of creep and shrinkage, 
consequently loading the adjacent fasteners in one 
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direction. The seasonal variations of the uniform 
temperature will force Point (B) to oscillate from its 
position reached at any date under creep and 
shrinkage, thus loading adjacent fasteners 
alternatively in opposite directions. This effect, if 
the magnitude of the displacements is sufficient, 
tends to cancel the forces which would gradually 
build-up in the fastener under creep and shrinkage 
effects alone. 

This paper proposes a study evidencing that the 
effects of creep and shrinkage, gradual and 
unidirectional over time, tend to be largely affected 
by the cyclic and periodic fluctuations of uniform 
temperature; and that cumulating the forces 
arising from the two effects may be deemed 
unnecessary. 

2 Longitudinal restraint of rail 
fasteners 

On railway bridges where the CWR are connected 
to the deck through direct fixations (“unballasted 
tracks”), the rail is connected to the support by 
mechanical devices clamping the boot of the rail 
onto a stiff neoprene surface (Figure 2), on which 
the rail can slide, generating a friction often 
modelled as bi-linear elastic-plastic for the purpose 
of RSI studies. 

Figure 2: Typical direct fastening system (courtesy 
of Pandrol) 

2.1 Limits of the UIC 774-3 friction law 

The UIC 774-3 provides an idealised bi-linear 
elastic-plastic law, characterised by the force of the 
plastic plateau and the displacement beyond which 
this force is mobilised. In the case of this study, a 
value of 𝒖𝒖𝟎𝟎 = 𝟎𝟎.𝟓𝟓𝟓𝟓𝟓𝟓 and 𝒌𝒌 = 𝟒𝟒𝟎𝟎 𝒌𝒌𝒌𝒌/𝟓𝟓 is used 
in consideration of direct fixation of the track 
(Figure 3). 

Figure 3: Resistance of the Track/m/rail in function 
of the displacement of the rail 

This may appear adequate in the case where all 
displacements quantified at a given fastener are 
unidirectional. However, in the case of a reversal of 
the displacement, the behavior of the fastener 
would not be adequately modelled by a reversible 
bi-linear elastic-plastic law and a hysteretic 
behavior is to be adopted to quantify adequately 
the forces generated at the fastener. When 
considering the concomitant effects of uniform 
temperature, creep and shrinkage, it is necessary 
to realistically evaluate the friction forces 
generated. 

As can be appreciated on Figure 4, when 
considering cyclic loadings and reversal of the 
displacement, the outputs of the analysis at a 
fastener is significantly different and the 
consideration of a hysteretic type spring is 
necessary to realistically capture the behavior 
whenever a more realistic response of the model is 
necessary. 

874



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Figure 4: Difference between Reversible Bi-linear and Hysteretic Behaviors 

2.2 Proposed hysteretic model 

It therefore appears adequate to adopt a 
hysteretic behavior for the friction law to model 
the resistance of the fastener when studying the 
interaction between the creep/shrinkage and the 
temperature. In the absolute, this approach 
should be adopted systematically when there is 
reversal of the displacement at the fasteners. 

In Europe, the actual hysteretic behavior is 
evidenced by factory testing routinely carried by 
manufacturers and following the experimental 
protocol described in the European Norm EN 
13146‑1:2019 “Railway applications – Track – Test 
methods for fastening systems – Part 1: 
Determination of longitudinal rail restraint”. The 
normalized diagram shown on Figure 5 below is 
the normalized diagram to be produced when 
testing a fastener. 

Figure 5: BS-EN 13146-1:2019 

3 Temperature, creep & shrinkage 
interaction study 

3.1 Proposed case study 

The proposed study aims at studying how 
Creep/Shrinkage and Temperature influence each 
other in RSI analysis. 

3.2 Scenarios description 

The following scenarios are proposed: 
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3.2.1 Non-linear static analysis of temperature 

 Case 0a:
 Non-linear static analysis.
 Rail fasteners: bi-linear elastic-plastic

(Non-hysteretic).
 Loads considered:

- ∆𝑻𝑻 rise and fall.

3.2.2 Staged analysis of creep & shrinkage 

 Case 0b:
 Time-dependent stage analysis.
 Rail fasteners: bi-linear elastic-plastic

(Non-hysteretic).
 Loads considered:

- 𝑪𝑪𝒓𝒓 / 𝑺𝑺𝒉𝒉 over 10,000 days.

3.2.3 Linear combination of the effects of 
temperature, creep & shrinkage 
previously calculated 

 Case 1a:
 Linear combination of output results from

Cases 0a and 0b.

3.2.4 Activation of temperature at the end of a 
staged analysis of creep & shrinkage 

 Case 1b:
 Time-dependent stage analysis.
 Rail fasteners: bi-linear elastic-plastic

(Non-hysteretic).
 Loads to consider:

- 𝑪𝑪𝒓𝒓 / 𝑺𝑺𝒉𝒉 over 10,000 days
- Sub-case 1: ∆𝑻𝑻 rise at t = 10,001 days
- Sub-case 2: ∆𝑻𝑻 fall at t = 10,001 days

3.2.5 Activation of temperature at the end of a 
staged analysis of creep & shrinkage 

 Case 2a:
 Time-dependent stage analysis.
 Rail fasteners: bi-linear (Hysteretic).
 Loads to consider:

- 𝑪𝑪𝒓𝒓 / 𝑺𝑺𝒉𝒉 over 10,000 days
- Sub-case 1: ∆𝑻𝑻 rise at t = 10,001 days
- Sub-case 2: ∆𝑻𝑻 fall at t = 10,001 days

3.2.6 Staged analysis of creep & shrinkage with 
temperature varying periodically 

 Case 2b:
 Time-dependent stage analysis
 Rail fasteners: bi-linear (Hysteretic)
 Loads to consider:

- 𝑪𝑪𝒓𝒓 / 𝑺𝑺𝒉𝒉 over 10,000 days
- ∆𝑻𝑻 rise & fall oscillating periodically

over 10,000 days 

3.3 Model description 

The deck is modeled as beam elements with the 
following mechanical properties: 

- 𝑦𝑦𝐺𝐺 = −0.86 𝑚𝑚
- 𝑧𝑧𝐺𝐺 = 0 𝑚𝑚
- 𝐴𝐴 = 5.48 𝑚𝑚2

- 𝐼𝐼𝑦𝑦 =  39.65 𝑚𝑚4

- 𝐼𝐼𝑧𝑧 =  3.05 𝑚𝑚4

The section used for the analysis is a typical 
section from Riyadh Metro Line 3 Viaduct. 

The rail section considered is of UIC60 type, with 
rail elements modeled as truss elements. The rail 
members extend beyond the structure members 
over 150 m on either side. 

The fasteners are modeled as translational spring 
elements. The spring law attributed is either of 
reversible bi-linear type or hysteretic bi-linear 
type as described in the description of the 
scenarios. 

The deck is articulated isostatically, with the 
supports being longitudinally fixed and free as 
adequate. Screenshots of the Larsa 4D model are 
shown on Figure 6 and Figure 7. 

Figure 6: Isometric representation of the single-
span configuration model 
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Figure 7: Cross section of the model 

3.4 Loads 

3.4.1 Creep/shrinkage 

The prestressing cables of the span are realistically 
modelled with their actual layout to capture the 
actual creep displacements of the structure over 
time.  

The creep/shrinkage prediction functions used are 
those described by the CEB-FIP Model Code 1990 
with the following parameters: 

- Temperature: 26⁰C 
- Humidity: 30% 
- Cement Type: R 

3.4.2 Temperature 

The temperature effect considered is a rise/drop 
of +/-30⁰C. When included as a periodic loading in 
the analysis, it has been idealized as a perfect sine 
curve with a period of 365 days and with an 
amplitude of 30⁰C (refer Figure 8): 

𝑻𝑻(𝒕𝒕) = 𝑻𝑻𝟎𝟎 × 𝐬𝐬𝐬𝐬𝐬𝐬 (𝝎𝝎𝒕𝒕) 

With: �
𝝎𝝎 = 𝟐𝟐𝟐𝟐

𝟑𝟑𝟑𝟑𝟓𝟓

𝑻𝑻𝟎𝟎 = 𝟑𝟑𝟎𝟎℃

Figure 8: Time function of temperature load 
evolution over one cycle 

3.5 Time steps and stages 

For staged analysis, the following stages are 
considered: 

o Segments Activation: day 28 
o Post-tensioning Activation: day 29 
o Rails Activation: day 100 
o First 𝑇𝑇𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐 Activation: day 10 

4 Results 
The sign convention used below is: 
𝑪𝑪𝑪𝑪𝟓𝟓𝑪𝑪𝒓𝒓𝑪𝑪𝑪𝑪𝑪𝑪𝑪𝑪𝑪𝑪𝑪𝑪 < 𝟎𝟎  𝒂𝒂𝑪𝑪𝒂𝒂 𝑻𝑻𝑪𝑪𝑪𝑪𝑪𝑪𝑪𝑪𝑪𝑪𝑪𝑪 > 𝟎𝟎 

4.1 Single-span configuration 

The rail stress increments calculated for a single 
span configuration, based on the scenarios 
exposed in Section 3.2, are presented in Figure 9. 
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Figure 9: Rail Stress Variation Calculated 

4.2 10-spans configuration 

4.2.1 Support conditions and analysis 

The influence of the support conditions was 
studied on a 10-spans configuration with similar 
deck properties. Figure 10 presents the different 
support conditions analysed. Figure 10: Support conditions studied 
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The peak rail stress from scenario case 0.a and 
case 2.b, described in Section 3.2, are exposed and 
compared in Table 1. 

Table 1: Impact of the support conditions on the stress attenuation in the rail due to temperature cycles 

4.3 Analysis and conclusions 

The analysis of the results obtained with the single-
span configuration reveals that the rail stress 
gradually built over time due to creep and 
shrinkage is practically cancelled by the periodic 
fluctuations of rail stress induced by the uniform 
temperature variations. The critical rail stresses 
under temperature drop obtained in case 0.a are a 
compression of -32.5 MPa in the compression zone 
and a tension of +36.3 MPa in the tension zone. The 
extrema measured in these zones with a rigorous 
hysteretic time dependent staged analysis with 
temperature varying cyclically (case 2.b) provides 
the values -34.3 MPa and +38.2 MPa (diff = +5%), 
thus demonstrating that creep and shrinkage affect 
marginally the rail stress increment due to RSI for 
this railway concrete span. 

In the case of a multi-spans bridge configuration, it 
can be observed that the influence of the thermal 
fluctuations varies, and its importance is 
significantly influenced by the bridge support 
articulation. If the support articulation is optimized, 
a similar behavior as for the single span 
configuration can be observed and the thermal 
fluctuations permit to greatly reduce the 
creep/shrinkage induced rail stresses to almost 
eliminate them. In the case of a non-optimized 
support articulation, a limited reduction of the 
creep/shrinkage induced rail stresses is observed 
and considering that the creep and shrinkage 
effects can be completely ignored may be too 
unconservative. 

The hysteresis of the system is key in attenuating 
the effect induced by the thermal fluctuations. 
Under large relative displacements between rails 
and deck, the fastening system behaves 
predominantly plastically and hysteretically. 
Therefore, reversal displacements induced by 
thermal effects, in the opposite direction as creep 
and shrinkage, are sufficiently significant to greatly 
attenuate, and practically cancel, the rail stress 
variations due to creep and shrinkage. 

It is worthwhile noting that the optimized support 
arrangement permitting to eliminate or greatly 
reduce the effects of creep and shrinkage from a 
rail stress standpoint, may not be the most 
optimized arrangement for the overall economy of 
the infrastructure. The engineer has to arbitrate 
between the design priorities. 

This study has permitted to draw the following 
two conclusions when calculating rail stress 
increments in rail structure interaction analysis: 

- The concrete rheologic effects may often be
considered insignificant.

- When their consideration is needed, and for the
avoidance of unnecessary conservatism, their
attenuation due to unavoidable thermal cycles
can be captured with a hysteretic modelling of
the fastening system through an adequate
time-dependent analysis.

5 Comments & recommendations 
The above study has considered ideal periodic 
oscillations with an amplitude of +/-30⁰C and the 
realism of this assumption may be questionable. 

SCENARIO LOADS C T C T C T C T
-43.2 46.0 -36.2 42.5 -47.9 46.0 -47.9 52.1

100% 100% 100% 100% 100% 100% 100% 100%

-68.1 66.2 -36.4 42.5 -69.2 68.4 -69.1 71.6

158% 144% 101% 100% 145% 149% 144% 137%

B C D

Case 0.a

Case 2.b

BEARING TYPE A

T only

T + C&S
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In general, the need for stiffening of the structure, 
its re-arrangement, and/or the use of rail 
expansion devices, when decided on the basis of 
excessive rail stresses obtained in RSI studies, shall 
be carefully reviewed, as unnecessary construction 
and maintenance costs may be at stake. The 
authors recommend that the following non-
exhaustive points are given due attention 
whenever appropriate: 

- The effect of maintenance or/and traffic impact
in relieving locked-in rail stresses built over time
because of creep and shrinkage.

- The use of actual proprietary fasteners
characteristics. Manufacturers of Rail fasteners
can provide efficient solutions based on reduced
or zero friction at marginal extra cost and
bringing substantial benefits in the overall
picture. In general, the early involvement of the
manufacturer in RSI related issues is highly
desirable to help arriving at optimized and
practical solutions.

- The adjustment of rail stress variation limits to
reflect actual steel grade used for the rail.

- The adequate conduct of a staged analysis
capturing appropriately the time-dependent
interaction between creep/shrinkage and
temperature for critical design situations,
including fastener’s hysteretic properties.

- The consideration of actual planning of
construction activities, as the rails are generally
installed, de-stressed and re-stressed “late” with
respect to the time-dependent concrete
phenomena.
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Abstract 
The article presents the methodology for designing an innovative pre-stressed cable-stayed steel 
bridge structural system using intersecting cables and string. The behavior of this new structural 
system under the effect of permanent and temporary loads is also taken into account. The article 
also discusses the design of the components of this new type of structure and presents the 
calculation methodology of this structural system taking into account geometrical nonlinearity. 
Installation sequence variants of such a bridge are also considered as well as the influence of string 
and cable pre-stressing on bridge displacement and component stresses. Equations for calculating 
bridge string stresses and displacements are presented. The article shows how to design this new 
steel bridge system which is more effective than the typical cable-stayed bridge structure according 
to the mass criterion. 

Keywords: steel bridge; cable-stayed bridge; pre-stressed string; intersecting stay cables; nonlinear 
analysis; analytical model; numerical modelling. 

1 Introduction 
Cable-stayed bridges are exceptional structures 
due to their form and architectural appeal [1,2]. 
Bridges of this type of structure not only cover 
record spans [3,4] but are successfully 
implemented for shorter spans, too [5,6]. 
Nevertheless, we have to mention their 
disadvantages: e.g. sensitivity to asymmetrical or 
local loads and the relatively big mass of stiffening 
girder and pylons [7,8]. Additional cables, branched 
stay cables, pylon connection with stringers, etc. 
could be used to work around mentioned issues 
[9,10,11]. Intersecting cable stays could be one of 
the way to stabilize bridges initial form. They can 
not only control displacements, but shorten 
required pylon height as well. Such cable-stayed 
pedestrian bridges were built in the United 
Kingdom - Royal Victoria Dock Bridge [12] and the 

Forthside Footbridge [13], and in France - 
Passerelle du Grand Large bridge [14].   

Stress ribbon bridges are well known for their light 
weight [6,15]. However, such bridges are also 
marked by high deformability [16] and certain 
initial sag [5,6]. Different approaches have been 
developed to reduce the kinematic-type 
displacements of this type of bridge [17,18,19]. 
However, many of them are costly and complex.  

To keep the straight deck shape suitable for the 
usage, additional structures are designed. A pre-
stressed string functions as the main supporting 
element [20]. This supporting element has no 
kinematic displacements, i. e. they are not sensitive 
to the effects of asymmetrical loads. Using high 
strength materials could be one of the solutions 
confronting high stresses and relatively small cross-
sections. [20,21].  The main disadvantage of these 
systems – they can only cover small spans. 
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This article deals with the innovative cable-stayed 
string steel bridge system consisting of intersecting 
stay cables and additional intermediate pylons and 
a pre-stressed string that replaces a relatively 
massive common-type stiffness girder. Equations 
for calculating bridge string stresses and 
displacements are presented. The article shows 
how to design this new steel bridge system which 
is more effective than the typical cable-stayed 
bridge structure according to the mass criterion. 

2 Stress and displacements of 
elements 

As mentioned above, a structural solution for a 
cable-stayed bridge is already developed, in which 
cross-cables (Figure 1) are used instead of 
conventional cables. However, the stiffness beam 
of this structural system absorbs not only bending 
loads, but also considerable compressive forces. 
Therefore, the mass of the stiffness beam makes up 
a significant part of the mass of the bridge. In order 
to increase the efficiency of such a structure by 
reducing the mass of the stiffness beam, a new 

system was developed. In this design system, a 
tensioned string is used instead of a stiffness beam 
[22]. 

One of the main problems of this new cable-stayed 
bridge construction system is the composition of 
the main load-bearing elements and the analysis of 
its behavior. The development of a new 
engineering calculation methodology for a cross-
cable and string steel bridge system, taking into 
account geometric nonlinearity, is also relevant. 
Figure 1 shows the scheme of the cable-stayed 
bridge with a small number of cables and 
intermediate pylons. 

The case of symmetrical loading of this bridge is 
considered. We assume that in the first stage of the 
analysis, the string is not pre-tensioned. The 
calculation scheme of the deformed system is given 
in Figure 2. The main unknowns are the shear 
displacements at the joint connections ∆1, and the 
inter-knots ∆𝑓𝑓1 , and its tensile force H. Also, the 
additional unknowns are the cross-cable stresses 
Ni and their elastic elongation ∆𝑙𝑙1𝑐𝑐.

Figure 1. The hybrid cable-stayed string bridge scheme 

Figure 2. The hybrid cable-stayed string bridge scheme after loading 

882



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

From the equilibrium condition of one inter-node 
of a string (Figure 3) we obtain a known expression 
of the tensile force: 

𝐻𝐻1 =
𝑝𝑝 𝑙𝑙2

8 ∆𝑓𝑓1
(1) 

∆𝑓𝑓1 – the inclination of the string under an evenly 
distributed load p 

To determine the interdependent unknowns H and 
∆𝑓𝑓1, we will use the strain coherence equation: 

𝑠𝑠0 + ∆𝑠𝑠𝑒𝑒𝑒𝑒 = 𝑠𝑠1 (2) 

𝑠𝑠0 and 𝑠𝑠1 – string length before and after 
deformation; ∆𝑠𝑠𝑒𝑒𝑒𝑒 = 𝐻𝐻1 𝑒𝑒

𝐸𝐸𝐸𝐸
 – elastic elongation of

the string; 𝐸𝐸𝐸𝐸 – axial string stiffness 

Using Eqns. (1-2) we get a direct solution to 
calculate the elastic string deflection: 

∆𝑓𝑓1 = �𝑝𝑝 𝑙𝑙4

𝐸𝐸𝐸𝐸
3

(3) 

When the value of ∆𝑓𝑓1 is known, the tensile force H 
is calculated according to Eqn. (1). 

It should be noted that the vertical displacement of 
the cross-cable connection with the string node ∆1 
(Figure 2) causes additional tension in the string 
∆𝐻𝐻1. This tensile force is calculated using the strain 
uniformity equation, where  𝑠𝑠1∆ = 𝑙𝑙 + ∆12/2𝑙𝑙: 

∆𝐻𝐻1 =
𝐸𝐸𝐸𝐸 ∆12

2𝑙𝑙2
(4) 

In the case of relatively small vertical 
displacements, we can apply the principle of 
superposition and calculate the total tensile force 
in the string: 

𝐻𝐻Ʃ = 𝐻𝐻1 + ∆𝐻𝐻1 (5) 

It should be noted that the values of ∆𝐻𝐻1 at ∆1≤
𝐿𝐿/250 represent a small part (on average about 5-
7%) of the total tensile force. 

The string offset at any point of the first node (0 ≤
𝑥𝑥 ≤ 𝑙𝑙) can be calculated according to the following 
equation: 

𝑤𝑤1(𝑥𝑥) =  ∆𝑓𝑓1(
4𝑥𝑥
𝑙𝑙
−

4𝑥𝑥2

𝑙𝑙2
) (6) 

When calculating the displacements from the initial 
position of the string, Eqn. (6) will take the 
following form: 

𝑤𝑤(𝑥𝑥) =  ∆𝑓𝑓1 �
4𝑥𝑥
𝑙𝑙
−

4𝑥𝑥2

𝑙𝑙2 �
+ ∆1

𝑥𝑥
𝑙𝑙

(7) 

The middle string span is calculated analogously to 
the first. Its elastic displacement ∆𝑓𝑓2  and the 
tensile force 𝐻𝐻2 are calculated as follows: 

∆𝑓𝑓2 = �𝑝𝑝 𝑙𝑙4

𝐸𝐸𝐸𝐸
3

(8) 

𝐻𝐻2 =
𝑝𝑝 𝑙𝑙2

8 ∆𝑓𝑓2
(9) 

The displacements of the second intermediate 
node of the string from the initial position are 
determined according to the following equation: 

𝑤𝑤(𝑥𝑥) =  ∆𝑓𝑓2 �
4𝑥𝑥
𝑙𝑙
−

4𝑥𝑥2

𝑙𝑙2 �
+ ∆2 (10) 

Under symmetrical loading, the displacements and 
stresses of the third node of the string are identical 
to the displacements and stresses of the first node.
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Figure 3. Deformation of outer part of the string 

It is known that pre-stressing 𝐻𝐻0  is necessary to 
reduce string displacements. If we note the 
relationship 𝑛𝑛 = 𝐻𝐻0/𝐻𝐻1 , it is possible to express 
the equation for calculating the elastic 
displacement of the first intersection of a pre-
stressed string: 

∆𝑓𝑓1 = �3 𝑝𝑝𝑙𝑙4(1 − 𝑛𝑛)
64 𝐸𝐸𝐸𝐸

3
(11) 

Then the tensile force will be equal: 

𝐻𝐻1 = �
𝑝𝑝2𝑙𝑙2 𝐸𝐸𝐸𝐸

24 (1 − 𝑛𝑛)
3

(12) 

Figures 4 and 5 show the plot of string 
displacement and tensile force dependence from 
the values of the pre-stress 𝐻𝐻0 . 

Figure 4. Dependence of the elastic displacement 
of the string on the values of the pre-stress 𝐻𝐻0 

Figure 5. Dependence of string stresses on pre-
stress 𝐻𝐻0values 

From Figure 4 it can be clearly seen that as the 
values of the pre-stress 𝐻𝐻0  increase, the elastic 
string displacements decrease. But at the same 
time, the string tensions increase (Figure 5). Thus, 
by changing the values of 𝐻𝐻0 , we can adjust the 
state of the string stresses and strains. 

It is possible to express the equations for 
calculating the elastic displacement ∆𝑓𝑓2  and the 
tensile force 𝐻𝐻2  of the second span of a pre-
stressed string: 

∆𝑓𝑓2 = �3 𝑝𝑝𝑙𝑙4(1− 𝑛𝑛)
64 𝐸𝐸𝐸𝐸

3
(13) 

𝐻𝐻2 = �
𝑝𝑝2𝑙𝑙2 𝐸𝐸𝐸𝐸

24 (1− 𝑛𝑛)
3

(14) 

At the same node lengths, the displacements and 
tensile forces of the third bridge string span will be 
equal to the displacements and tensile forces of the 
first string span, respectively. 

As already mentioned, the bridge cables perform 
the function of supporting elastic supports. The 
values of the elastic displacements ∆1 ir ∆2 of the 
node connecting the cable to the string also 
depend on their geometrical parameters (Figure 1). 
The displacement ∆1 of the first node connecting 
the cable and the string can be calculated using a 
known expression: 

∆1= ∆𝑙𝑙1𝑐𝑐/cos𝛼𝛼1 (15) 

∆𝑙𝑙1𝑐𝑐 – elastic elongation of the first cable 

∆𝑙𝑙1𝑐𝑐 can be calculated: 

∆𝑙𝑙1𝑐𝑐 =  
𝑁𝑁1 𝑙𝑙1𝑐𝑐
𝐸𝐸𝑐𝑐𝐸𝐸𝑐𝑐

(16) 

𝑙𝑙1𝑐𝑐 = 𝑙𝑙/ sin𝛼𝛼1 – cable length before deformation; 
𝑁𝑁1 – cable strain; 𝐸𝐸𝑐𝑐𝐸𝐸𝑐𝑐 – axial stiffness of the 

cable 

If we assume in the first stage that the cables are 
not pre-stressed in advance, then the effect of the 
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second cable on the displacement  ∆1will not be 
taken into account. 

3 Numerical experiment 
In order to determine the behavioral features and 
efficiency of these two bridge structural versions, a 
numeric experiment was performed. 

The length of the selected analyzed bridge 
structure is the same for both structural systems - 
140 m. The side spans - 20 m long, the central span 
is 100 m (Figure 6). The applied loads are evenly 
distributed on the longitudinal beams. The 
constant load is 12.5 kN/m. The variable (traffic) 
load (12.5 kN/m) is classified into two versions: 
symmetrical load over the entire length of the 
bridge and asymmetrical load over half its length. 
The cross sections of the structural elements are 
given in Table 1 for bridge with stiffening girder and 

in Table 2 for bridge with string element. The round 
cross-section elements of group A (EN 1993-1-11) 
made of high strength steel (HSS) are applied to the 
pre-stressed stay cables (Tables 1 and 2). 

The analysis of the bridge structure systems 
(numeric modelling) under analysis was performed 
using the BEM program Dlubal RFEM and using the 
geometrically nonlinear calculations. Results are 
provided in Table 3 and Table 4. 

First of all, one feature of the behavior of this 
innovative intersecting cable-stayed bridge should 
be noted. The displacements and stresses of this 
bridge in the case of symmetrical and asymmetrical 
loads are marked by a relatively small difference, 
on average approximately 10%. This identifies the 
capability of this intersecting cable-stayed 
structure system to successfully “resist” the effect 
of asymmetrical loads. 

Figure 6. The hybrid cable-stayed string bridge scheme used in numerical experiment 

Table 1. Cross sections of bridge structure 
elements (with stiffening girder) 

Element Steel
class 

Cross-
section 

form 

Cross-section 
parameters 

(dimensions) 

Stay cables S960 d=0,05 m 

Pylons S355 d=0,508; t=0,03 
m 

Longitudinal 
beam S355 610x305; 

t=0,019 m 

Table 2. Cross sections of bridge structure 
elements (with string element) 

Element Steel 
class 

Cross-
section 

form 

Cross-section 
parameters 

(dimensions) 
The string 

and the stay 
cables of the 
side pylons 

S960 d=0,07 m 

Side pylons S355 RO457x30 

Intermediate 
pylon S355 RO406x12,5 

Middle 
pylon S355 RO244,5x20 

Intermediate 
intersecting 
stay cables 

S960 d=0,06 m 
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For the reason of the high deformability (of the 
analyzed system) which largely depends on the 
pre-stress values of the constituent elements, 
particularly the ones of the string, the primary 
(dominant) condition is represented in the ultimate 
limit state requirements and not those of the 
strength [23]. 

This structural system is marked with an 
exceptional interaction between the intersecting 
cable stays and the string. In the above mentioned 
bridge versions the intersecting cable stays 
transmitted an additional compressive strain to the 
stiffening girder, meanwhile, in this case the 
horizontal components of the intersecting cable 
stays form strains opposite in sign compared with 
the tensile strain acting in the string. This force 
seems to “enwrap” the string and thus reduce the 

tensions in it. However, to reduce the bridge 
displacement values it is necessary to increase the 
pre-stress value of the string (Figure 7). Changing 
the string pre-stress values helps adjust not only 
the string stress-strain state, but also the stress-
strain state of the entire bridge. 

It was identified that in case of the 140 m length 
structure innovative cable-stayed bridge system 
steel consumption is about 30% lower than in the 
case of the classical bridge, and it is 13% lower than 
that of the intersecting cable-stayed bridge system 
with a stiffening girder. The analysis of the 84 m 
length bridge versions led to the following result: 
the steel mass of the innovative bridge version is 
about 40% smaller than that of the classic type 
bridge and about 30% smaller than the mass of the 
cross-cabled bridge with beam system. 

Table 3. The hybrid cable-stayed string bridge strains and displacements 

Load 

Axial 
force in 

the string 
[kN] 

Stresses in the 
string [Mpa] 

Axial force in 
the pylon [kN] 

Stresses in the 
pylon [MPa] Deflections [mm] 

Symmetrical 3435 897 4038 129 743 
Asymmetrical 3076 803 3591 140 701 

Table 4. Stiffening girder strains and displacements 

Load The maximum value M in 
the span [kNm] Axial forces [kN] Deflections [mm] 

Symmetrical -631 933 -471 1448 700 
Asymmetrical -568 910 -529 2043 540 

Figure 7. Displacements of a hybrid cable-stayed string bridge under symmetrical load 
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4 Conclusions 
The article presents a new innovative cable-stayed 
structure of a steel bridge, in which a pre-stressed 
string is installed instead of the usual stiffness 
beam, which is supported by cross-cables in the 
span. The design of a cable-stayed bridge, which is 
dominated by tensile elements, makes it possible 
to reduce steel consumption by an average of 
about 30% compared with a conventional cable-
stayed bridge. 

The stresses and strains of an innovative string 
bridge with cross-bows can be adjusted by properly 
selecting the cross-section of the string and its pre-
stressing force. In order to reduce the vertical 
displacements of the bridge, it is also necessary to 
properly balance the pre-stressing of the cross-
cables. It has been found that increasing pre-
stressing values of the bridge components (strings 
and crossbars) can always ensure the necessary 
level of stabilization of the bridge's initial shape. 
The stable behavior of this bridge structure under 
asymmetric loads is noteworthy. 

Equations were obtained to calculate the string 
displacements and tensile forces according to its 
pre-stressing level. These expressions are suitable 
for calculating the required string area, taking into 
account the strength and stiffness requirements. 
Gradually increasing the values of the string pre-
stress from 10% to 80% was found to reduce the 
vertical displacements of the string from 100% to 
60%, respectively. It should be noted that the string 
tension increases from 100% to 137% in this way. 
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Abstract 
The increasing popularity of the lead-core bearing devices motivates the research efforts devoted 
to a more accurate behavior assessment.  The contribution provides details of an accurate finite 
element model of the bearing device. The geometry is reproduced in great detail. Material models 
are defined for the rubber layers, steel elements, and lead core. The output of the finite element 
simulations provides an insight into the bearing response, for example, through the numerically 
obtained ‘Restoring force- displacements’ relationship. The definition of a less demanding model 
of the lead-core rubber bearing about an implementation into the finite element analysis of a 
base-isolated structure might be an attractive option. Some elements of the implementation of a 
neural network for the identification of the model parameters based on results obtained by finite 
element analysis are discussed. 

Keywords: seismic isolation; lead-core rubber bearing device; finite element modelling; neural 
network. 

1 Introduction 
Lead-core Rubber Bearings (LRBs) are widely used 
hardware for seismic isolation of buildings and 
structures. Typically, elastomeric isolators consist 
of rubber layers separated by steel shims. The low 
horizontal stiffness of the bearing device, needed 
to lengthen the fundamental natural period of the 
base-isolated structure, is provided by the total 
thickness of the rubber layers. At the same time, 
the steel shims provide to LRBs with considerable 
vertical stiffness. Vertical stiffness assures the 
load-carrying capacity for vertical loads 

transferred from the superstructure. The lead, 
mounted in the center hole, yields relatively 
quickly under transverse Loads, which results in a 
well-pronounced hysteresis response of the LRB. 

Due to their large energy dissipation capacity, 
they are often employed in the base isolation of 
important structures: nuclear power plants, 
hospitals, bridges, etc. A considerable research 
effort has been devoted to the study of the 
mechanical [1, 2] and the thermo-mechanical [3, 4, 
5] behavior of the lead-core rubber bearings.
Despite the recent advances in this field, some
mechanisms involved in the complex response of
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the LRBs, for example, the thermo-mechanical 
effects, need additional research. 

A particular interest in practical applications 
presents the modeling of the LRB response in the 
framework of the base-isolated structure. A 
detailed finite element model (of the bearing 
device) would provide an abundant and accurate 
output. However, the model requirements (in 
terms of computational resources) might be a 
limiting factor for the current application of this 
type of analysis in practical case studies. 

A more compact model of the bearing device can 
be developed, for example, based on the classical 
Bouc-Wen model [6], [7]. Generally, such a model 
consists of two equations: one equation defining a 
relationship between the applied in-plane 
displacement and the generated restoring force, 
and a second equation for the hysteresis.  

Figure 1. Modeled lead-core bearing device: 
geometry; all dimensions are in millimeters 

A given (limited) number of detailed finite 
element analyses could provide some data points 
in the LRB’s design space. Without covering all the 
design space, these data points can provide the 

data needed for the training of an Artificial Neural 
Network (ANN) developed in close relation with 
the compact model of the bearing device. The 
trained ANN can be subsequently employed to 
investigate the entire design space. 

2 Finite element model 
Figure 1 presents the geometry of the modeled 
lead-core rubber bearing device. 

a) 

b) 

c) 

Figure 2. Lead-core bearing device: the generated 
finite element mesh; a) top and bottom thick steel 
plates and steel shims- light blue, rubber layers –
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red; b) – top and bottom thick steel plates and 
steel shims – light blue, lead core – dark blue; c) 

isometric view of the bearing device 

Table 1. Size of the generated finite element mesh 

Part Finite elements Nodes 

Steel shims 3465 26180 

Rubber layers 3960 29920 

Lead-core 705 3462 

Top and bottom 
steel plates 3896 22458 

Figure 2 and Table 1 provide details on the 
generated finite element mesh. The model 
contains a total of 13974 finite elements. Figure 2 
displays steel elements (i.e., steel shims, the top, 
and the bottom thick steel plates) in light blue; 
rubber layers - in red; lead core - in dark blue. 
Rubber layers are not visualized in Figure 2-b to 
make visible the lead core. Two types of finite 
elements are employed to generate the finite 
element mesh: Solid 186 and Shell 281. Solid 186 
is a 3-D, 20-node finite element with 3 degrees of 
freedom at each node (displacements in the X-, Y-, 
and Z- nodal directions). Shell 281 is a 3-D, 8-node 
shell finite element with 6 degrees of freedom at 
each node (displacements and rotations in the X-, 
Y-, and Z- nodal directions). The total number of 
finite elements in the model differs from the 
number referenced in Table 1. Additional finite 
elements are employed to enhance the model 
performance during numerical analyses. To 
constrain the model, all degrees of freedom of 
four of the nodes on the bottom surface (z=-30) of 
the LRB are restrained (Figure 2 - c). 

3 Material models 
Material models are defined for the steel 
elements (steel shims, top and bottom steel 
plates), the rubber layers, and the lead core. 

The behavior of steel within the LRB is presumably 
linearly elastic. The mechanical response of steel 
is described by defining Young’s modulus, Es, and 
the Poisson’s ratio, 𝜈𝜈𝑠𝑠. 

Within the Neo-Hookean model, employed for the 
rubber layers, the strain energy potential can be 
defined as follows [6] 

𝑊𝑊 =
𝐺𝐺0
2

(𝐼𝐼1 − 3) +
1
𝑑𝑑

(𝐽𝐽 − 1)2. (1) 

In equation (1),  𝐺𝐺0  denotes the initial shear 
modulus, 𝑑𝑑 - the incompressibility parameter. The 
first stress invariant 𝐼𝐼1 is computed by using the 
eigenvalues of the Cauchy-Green deformation 
tensor (𝜆𝜆1,𝜆𝜆2,𝜆𝜆3) 

𝐼𝐼 = 𝜆𝜆12 + 𝜆𝜆22 + 𝜆𝜆32. (2) 

𝐽𝐽 can be regarded as the ratio of the deformed 
elastic volume over the un-deformed reference 
volume [7], [8]. 

An elastic-plastic material model defines the 
response of the lead core [9]. By assumption, the 
lead core obeys the Von Mises yield criterion. 
After yielding, Its behavior is modeled by 
postulating isotropic hardening. 

Table 2 summarizes the material characteristics 
employed in the finite element simulations.  

Table 2. Material properties 

Property Steel Rubber 
layers Lead 

core 
Elasticity 
modulus 

(MPa) 
200000 16000 

Poisson’s ratio 0.3 0.44 

Shear modulus 
(MPa) 0.73 

Yield strength 
(MPa) - - 14.4 

4 Characterization tests 
The performed transient finite element analysis 
simulates a characterization test. Generally, 
characterization tests are designed to define the 
performance of bearing devices by creating the 
laboratory conditions reproducing LRBs’ behavior 
during the exploitation period. More precisely, a 
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constant vertical load and time-dependent 
horizontal displacements are applied. In the 
framework of the finite element analysis, the 
vertical load is uniformly distributed to nodes on 
the top surface of the bearing device (i.e., z=170, 
mm).  

Figure 3. Testing protocol: applied uniaxial 
displacements  

Figure 4. Testing protocol: evolution of the applied 
in-plane displacement of both x-and y- 

components 

The time-dependent displacements prescribed in 
the testing protocol are also applied to nodes on 

the top surface. Figure 3 and Figure 4 present two 
possible testing protocols. The testing protocol 
displayed in Figure 3 presumes a vertical load 
accompanied by a uniaxial time-dependent 
displacement only (strokes in the global X-
directions). An alternative option is to define the 
time series of the evolution of both Ux- and Uy- 
components of the applied in-plane displacement 
(Figure 4). The results presented in the next 
section are obtained by using the testing protocol 
depicted in Figure 3.  

5 Results obtained by finite element 
analysis 

Figure 5. Displacement field in the lead-core 
bearing device, in a given moment of the loading 

history 

Figure 5 displays the distribution of displacements 
in the LRB for an arbitrary moment in the time 
history. Figure 6 and Figure 7 contain predictions 
of the restoring force generated in the lead-core 
and the generic Restoring force-displacement 
relationship. The latter relationship is typically 
employed to characterize the bearing device. It 
provides the input to quantify some LRB global 
response key parameters, such as dissipation and 
damping capacities. 
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Figure 6. Numerically obtained evolution of the restoring force in the time domain 

Figure 7. Restoring force – displacement relationship obtained by finite element analysis 
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6 Application of Neural networks 
The implementation of the finite element 
simulation, as described in section 2, in the 
analysis of a base-isolated structure might present 
some technical issues. It might require 
considerable computational effort and resources. 
The implementation of a more efficient and less-
demanding model is desirable.  

One of the available options to identify the 
material parameters is the neural network. Finite 
element simulations provide data points to train 
the neural network (i.e., for the material constants 
calibration). The trained model will be 
subsequently used to explore the whole design 
space. Some features of the neural network 
designed for the above-listed tasks (currently 
under construction), are discussed in the sequel 

Figure 8 schematizes the transfer of data between 
two layers of the network. 

Figure 8. Data processing between layers in the 
neural network 

Information from the neurons that belong to layer 
‘i’ is transferred to the neuron ‘k’ from layer ‘i+1’. 
Each connection between the neurons from the 
layer ‘i’ and the neuron ‘k’ has a specified weight 
‘w’. The output of the neuron ‘k’ is subjected to 
the activation function f(*). 

A sigmoid function 

𝜎𝜎(𝑠𝑠) =
1

1 + 𝑒𝑒−𝑠𝑠
 (3) 

is classically used for the activation of a given 
neuron. Alternatively, the hyperbolic tangent 
function, Rectified Linear Unit (ReLU), Leaky ReLU, 
PReLU, Exponential Linear Units (ELU) [12], etc. 
can be employed [13]. In equation (3) 

𝑠𝑠 = 𝑤𝑤𝑤𝑤 + 𝑏𝑏 (4) 

where w stands for the weight, q- for the input, 
and b – for the bias associated with a current 
neuron. To minimize the cost function defined as 
follows, 

𝐶𝐶 =
1

2𝑒𝑒
��𝑦𝑦(𝑤𝑤)− 𝑎𝑎(𝐿𝐿)(𝑤𝑤)�

2
𝑒𝑒

𝑖𝑖=1

(5) 

a backpropagation algorithm is used. In equation 
(5), e is the number of training examples, a(L) is 
the output of the network in terms of activations, 
L is the number of layers, and y(q) is the desired 
output of the network. In fact, the desired is 
formed the results obtained by finite element 
analysis for a common (for the finite element 
model and the neural network) input.  

The backpropagation is governed by the following 
equations: 

𝑟𝑟𝑖𝑖
(𝐿𝐿) = 𝜕𝜕𝜕𝜕

𝜕𝜕𝑎𝑎𝑖𝑖
(𝐿𝐿) 𝜎𝜎′ �𝑠𝑠𝑖𝑖

(𝐿𝐿)�, (6) 

𝑟𝑟(𝑙𝑙) = ��𝑤𝑤(𝑙𝑙+1)�
𝑇𝑇
𝑟𝑟(𝑙𝑙+1)� ⊙ 𝜎𝜎′�𝑠𝑠𝑖𝑖

(𝑙𝑙)�, (7) 

𝜕𝜕𝜕𝜕

𝜕𝜕𝑏𝑏𝑗𝑗
(𝑙𝑙) = 𝑟𝑟𝑗𝑗

(𝑙𝑙), (8) 

𝜕𝜕𝜕𝜕

𝜕𝜕𝑤𝑤𝑗𝑗𝑗𝑗
(𝑙𝑙) = 𝑎𝑎𝑘𝑘

(𝑙𝑙−1)𝑟𝑟𝑗𝑗
(𝑙𝑙). (9) 

The equation (6) defines the error r in the output 
layer. The equation (7) allows for the estimation 
of the errors in ‘earlier’ layers of the network. In 
this context, �𝑤𝑤(𝑙𝑙+1)�

𝑇𝑇
 denotes the transpose of

the vector containing the weights for the layer 
(l+1). Equations (8) and (9) provide an estimate of 
the rate of change of the cost function with 
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respect to biases and weights, respectively.  is 
the Schur product of two vectors, which in terms 
of components reads 

(𝑎𝑎⨀𝑏𝑏) = 𝑎𝑎𝑖𝑖𝑏𝑏𝑖𝑖. (10) 

7 Conclusions 
Details on the finite element modeling of an LRB 
identification test, as well as numerical results, 
have been presented and discussed.  

The contribution also reports some elements of an 
ongoing study focused on the analysis of the 
response of base-isolated structures. For this 
purpose, a macroscopic model of the LRB is being 
developed. The macroscopic model is calibrated 
based on results obtained by finite element 
simulations. Algorithms, such as artificial neural 
networks, are being implemented for the 
identification of the macroscopic model’s 
parameters. Elements of the ANN under 
construction have been considered. 

This contribution results from a long-term 
collaboration between the first author and the 
Earthquake Engineering Research Center team, 
the University of Iceland. 
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Abstract 
In order to investigate the fatigue crack mechanism of growth and propagation at access hole detail 
in the orthotropic steel bridge deck, welding numerical model and multi-scale whole bridge numer-
ical fatigue model were established. Based on linear elastic fracture mechanics and eXtend finite 
element model (XFEM), numerical fatigue simulation and mechanism analysis were carried out un-
der the multi-filed coupling effect. Welding residual stress analysis results show that the high resid-
ual tensile stress exists at welding hole edge, of which the maximum value located at the middle of 
the edge. The numerical simulation results show that stress intensity factor (SIF) range at access 
hole detail exceeded the fatigue crack propagation threshold under the multi-filed coupling effect. 
And fatigue cracks at access hole detail are mode I cracks. 

Keywords: orthotropic steel bridge deck; access hole detail; numerical simulation; XFEM; welding 
residual stress; fatigue crack. 

1 Introduction 
The orthotropic steel bridge deck is wildly applied 
in modern steel bridges, especially in the long-span 
bridges and urban bridges, because of its conven-
ient construction, excellent mechanical properties, 
and light weight [1]. However, the fatigue problem 
of the orthotropic steel bridge deck is serious, and 
the fatigue cracks will generate after using merely 
several years, which constraint the safety opera-
tion and health service of steel bridges. Since the 
1960s, many fatigue cracks have been observed at 
daily detection in the orthotropic steel bridge deck 
[2]. Therefore, the fatigue problem has been the 
worldwide technical challenge [3], and it is neces-
sary to investigate the fatigue problem of the or-
thotropic steel bridge deck. 

With the development of fracture mechanics the-
ory and finite element method, the fatigue crack 
numerical simulation is made excellently progress. 

Xiao et al. [4] carried out fatigue stress analysis un-
der vehicle load based on linear elastic fracture me-
chanic theory, and estimated the life of joint details 
between deck and longitudinal rib.  Wang et al. [5] 
found that the crack was grown in the weld joint 
toe between rib and diagram which was under 
pressure stress in the orthotropic steel bridge deck 
full scale fatigue test, because there existed high 
welding residual tensile stress. Zhao [6] and Berg [7] 
et al. calculated and tested the residual stress val-
ues of U-rib stiffener, and verified that there ex-
isted high welding residual tensile stress near weld 
joint at rib-deck detail of orthotropic steel bridge 
deck. Wang et al. [8] carried out welding numerical 
simulation of rib to deck weld joint and rib to dia-
gram weld joint, then analysed the fatigue crack 
propagation mechanism and carried out numerical 
simulation of the fatigue crack propagation behav-
iour at typical fatigue details based on linear elastic 
fracture mechanic and XFEM. Wang et al. [9] made 
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fatigue crack propagation numerical simulation in 
the steel bridge web gaps, considering welding re-
sidual stress field, based on XFEM. Numerical sim-
ulation results showed that the shape of crack and 
the propagation of direction were consist with the 
fatigue test.  In this paper, the access hole detail at 
orthotropic steel bridge deck was the object of 
study, the numerical fatigue simulation under 
multi-field coupling effect was carried out to inves-
tigate the fatigue crack growth and propagation 
mechanism at access hole detail. 

2 Numerical fatigue simulation 
model 

A long-span cable-stayed bridge was selected as 
the engineer background, and the orthotropic steel 
bridge deck was adopted in this steel box girder. As 
shown in figure 1, the thickness of top deck is 
14mm, and the thickness of rib and diagram are 
8mm and 10mm respectively. The orthotropic steel 
bridge deck is welding by top deck, rib and diagram, 
and the 35mm welding hole is designed at three-
dimensional cross area. It makes the welding joint 
at rib to deck could weld through the diagram con-
tinuously to avoid welding defects caused by weld 
interruption and avoid the interaction between 
welds to improve the welding quality [12].  

28
0

170

R20

R20

300 300300

R35
170

Deck
 t=14

Welding hole R35

Rib
t=8Diaphragm

t=10

Figure 1. Local structure of the orthotropic steel 
bridge deck (Unit: mm) 

The multi-scale cable-stayed bridge numerical 
model was established based on the project engi-
neering background, as shown in figure 2. Millime-
ter-scale Rib-deck-diagram sub-mode needed to be 
established, because fatigue problem is microcos-
mic problem. The solid elements were applied in 
the sub-model. The steel box girder sub-structure 
was established, and shell elements were applied 
in the sub-structure. The shell-solid constraint was 
used between the sub-model and sub-structure. 

The cable-stayed bridge global model was estab-
lished with truss elements which were used to sim-
ulate cables and beam elements which were used 
to simulate girders, towers and piers. Multi-point 
constraints were used to connect element with dif-
ferent degrees of freedom. 

Global model

Sub-structure

Sub-model

Figure 2. Multi-scale whole cable-stayed bridge 
numerical fatigue model 

3 Welding residual stress numerical 
simulation 

The high welding residual stress exists near the 
weld joint [6], and the welding residual stress is 
thought as the key factor which influenced the or-
thotropic steel bridge deck fatigue cracking [11]. 
The access hole detail is near the welding joint and 
is influenced by multiple welds, which makes ac-
cess hole detail stress field complicated. In this pa-
per, the numerical simulation of multiple welds 
was carried out at rib-deck-diagram structure, and 
the welding residual stress at access hole details 
was analysed to provide for numerical fatigue sim-
ulation under multi-field coupling effect.  

3.1 Welding numerical model 

The welding of orthotropic steel bridge deck usually 
adopts CO2 gas shielded welding. During the pro-
cess of welding components, heat was inputted by 
the welding torch to the welding wire and steel 
plate. Local heat varied rapidly in time and space, 
which is a typical nonlinear transient thermal cou-
pling problem. in this paper, the sequence coupling 
method was used to calculate the welding temper-
ature field and welding stress field in turn, and the 
influence of stress field on temperature field was 
ignored.  
The welding numerical model was established. As 
shown in Figure 3, the length and width of top deck 

897



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

are 600mm and 200mm respectively. The height of 
rib and diaphragm are 280mm and 450mm respec-
tively. Only the weld on the right side of the deck-
to-rib-to-diaphragm structure was simulated. 
Meshes around the right welding hole were locally 
refined and rough meshes were used in the area 
outside the welding hole based on the mesh tran-
sition technology. A total of 170 thousand of ele-
ments were divided, and the thermal analysis and 
structural analysis used DC3D8 elements and 
C3D8R elements respectively. The birth-death ele-
ment method was used to simulate the filling of 
welds. All welds and subsequent components were 
deactivated before the beginning of welding simu-
lation. Many sets of each weld were established so 
that welding process was simulated by controlling 
activation and deactivation of these sets.  

600mm

45
0m

m

28
0m

m

Figure 3. Numerical welding model of orthotropic 
steel bridge deck 

3.2 Heat source model and thermal param-
eters 

The type of heat source model directly affects the 
calculation accuracy of numerical simulation re-
sults of welding temperature field and welding 
stress field. The double ellipsoid heat source model 
[12] which is suitable for the uneven distribution of
arc heat was used in this paper. Assuming that the
material of steel plate and welding wire is Q345
steel. The thermophysical parameters and thermo-
dynamic parameters of Q345 steel are from refer-
ence [6]. The double ellipsoid heat source moving
model was established by the user-defined heat
source subroutine (DFLUX) which was written by
Fortran language to realize the welding numerical
simulation.

3.3 Welding residual stress analysis 

The welding temperature field which used as the 
temperature load in the structural analysis is the 
calculation basic of the welding stress field in the 
sequential coupling analysis. The shell-solid cou-
pling constraint was adopted between the deck-to-
rib-to-diaphragm structure and the orthotropic 
steel bridge deck segment. Multi-node constraints 
as boundary condition were applied at both ends 
of the segment deck, as shown in Figure 4. 

Y X
Z

Ux=Uy=Uz=0

Ux=Uz=0

Figure 4. Boundary conditions for structural analy-
sis 

It is shown in Figure 5 that the high residual stress 
exists near weld area after welding cooling, which 
is consistent with the simulation results in refer-
ence [6], indicating the rationality of the welding 
numerical simulation in this paper. The Von Mises 
stress at welding hole edge is large and its peak 
value is close to the yield stress of steel.  

3.448×108

3.161×108

2.874×108

2.586×108

2.299×108

2.011×108

1.724×108

1.437×108

1.149×108

8.621×107

5.747×107

2.874×107

0.000×100

Figure 5. Mises stress nephogram after welding 
cooling (Unit: Pa) 

The edge of the welding hole on both sides of the 
diaphragm were selected as the path P1 and P2 to 
extract the residual stress. The distribution of the 
principal tensile stress at the edge of the welding 
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hole is shown in Figure 6 which indicates the high 
residual tensile stress exists at the edge of welding 
hole. And the maximum residual stress is about lo-
cated in the middle of welding hole edge. 
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Figure 6. Residual stress distribution at welding 
hole edge 

4 Moving load analysis 

4.1 Vehicle load model and moving load con-
ditions 

Diagram stiffness would be weakened caused by 
welding hole. Under the direct effect of vehicle 
load, the displacement of welding hole edge is 
large and stress concentration condition is obvious. 
And the welding residual stress analysis shows that 
the high welding residual stress exists at the edge 
of the welding hole. These factors make welding 
hole become prone to fatigue detail. In this paper, 
the fatigue load calculation model III [13] in the Chi-
nese specifications for design of highway steel 
bridge was selected as the vehicle load mode. And 
the four axle loads of this model are all 120kN, 
which distribution is shown in Figure 7.  

0.2

2 6 2

0.
6

2

Figure 7. Fatigue load model III（Unit: m） 

In the numerical simulation, the stiffness contribu-
tion of asphalt pavement (70mm thicknesses) was 
not taken into account, and the equivalent wheel 
pressure load was directly loaded on steel bridge 

deck. Load surface size was 340mm ×740mm. The 
transverse conditions and the longitudinal condi-
tions were set at the heavy load lane, and the trans-
verse and longitudinal step distance were 150 mm, 
as shown in figure 8. The user subroutine (Dload) 
was programmed by Fortran language, which could 
realize the moving load of the vehicle. 

(a)Horizontal loading contition

Heavy load lane
Fatigue 
detail

R13 R9R11R12 R10 R8

Left wheel Right wheel
TLC1

TLC5

740 7401260

3750

(b)Longitudinal loading contition

First Fatigue detail
LLC1 LLC105

3750 3750 3750 3750

Second ThirdFourth

Figure 8. Moving load conditions (Unit: mm) 

4.2 Stress intensity factor analysis 

The multi-field coupling numerical fatigue simula-
tion was carried out coupled with died load stress 
field, live load stress field and weld residual stress 
field. The 1/4 ellipse initial crack was located at mid 
position of welding hole edge where the stress con-
centration degree is most obvious, and the size of 
crack is a0/c0=0,5mm/1mm，where a0 is the length 
of semi minor axis, and c0 is the length of semi ma-
jor axis. 𝐾𝐾𝐼𝐼  influence line at welding hole edge is 
shown in figure 9, where 𝐾𝐾I is SIF of opening type 
crack. The K criterion in linear elastic fracture me-
chanics was used as the criterion of crack propaga-
tion: 

∆𝐾𝐾 ≥ ∆𝐾𝐾th  (1) 

The crack at welding hole edge will propagate 
when the range of SIF ∆𝐾𝐾 （∆𝐾𝐾 = 𝐾𝐾max − 𝐾𝐾min）
was greater than the SIF threshold  ∆𝐾𝐾th. In this pa-
per, ∆𝐾𝐾th was applied from fatigue crack propaga-
tion threshold of bridge steel in JSSC [14], which 
was Δ𝐾𝐾th =91.7MPa · mm0.5. in the simulation, 
∆𝐾𝐾I ≈ 150 MPa · mm0.5 > ∆𝐾𝐾th . Under multi-
filed coupling effect, the fatigue crack at welding 
hole edge would propagate.  
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Figure 9.  𝐾𝐾𝐼𝐼  influence line at welding hole edge 

5 Numerical fatigue simulation of fa-
tigue crack propagation behavior 

Fatigue crack propagation is a typical discontinuous 
problem. The XFEM is a calculation method with-
out remeshing in the process of crack propagation 
in numerical fatigue simulation, which is first pro-
posed by Belytsehko and Moës [15-16]. XFEM can 
increase the degree of freedom of the element 
nodes around the crack through the enriched func-
tion to reflect crack discontinuity.  Compared with 
traditional finite element method, fatigue crack in 
the orthopractic steel bridge deck could be simu-
lated better by XFEM [17]. 

The process of crack propagation in numerical fa-
tigue simulation is characterized by the strain en-
ergy release rate which is calculated by the virtual 
crack closure technique(VCCT). Followed by the lin-
ear elastic fracture criterion, and based on XFEM, 
the classical Paris law is rewritten in numerical fa-
tigue simulation to define the fatigue crack propa-
gation criterion: 

d𝑎𝑎
d𝑁𝑁

= 𝑐𝑐1∆𝐺𝐺𝑐𝑐2  (2) 

where c1, c2 are material parameters, Δ𝐺𝐺 is strain 
energy release rate range. The crack will stably ex-
pand under the Paris law when 𝐺𝐺th < Δ𝐺𝐺 < 𝐺𝐺pl , 
where 𝐺𝐺th is the strain energy release rate thresh-
old, 𝐺𝐺pl is the upper limit of strain energy release 
rate.  

The initial crack at the middle of the edge of the 
access hole detail was assumed as a 1/4 ellipse 

crack with the size of a0/c0=0,5mm/1mm. The ini-
tial crack plane is perpendicular to the direction of 
the principal stress. Numerical fatigue simulation 
of fatigue crack propagation under the multi-field 
coupling effect was carried out based on XFEM 
and linear elastic fracture mechanics. As shown in 
Figure 10, the fatigue crack propagated obliquely 
to the interior of the diaphragm after passing 
through the diaphragm. The strain energy release 
rates values GI, GII, and GIII of Mode I, II, and III are 
shown in Figure 11. GI is dominated in the process 
of crack propagation, while GII and GIII are small 
compared with GI, which can be ignored. There-
fore, fatigue cracks at access hole detail are 
Modes I cracks. 

(a) (b)

(c) (d)

Figure 10 Fatigue crack propagation at the weld-
ing hole edge: (a) initial stage; (b) 0,07 million cy-

cles; (c) 0.2 million cycles; (d) 4 million cycles. 
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Figure 11. The cumulative strain energy release 
rate of cracks propagation at the welding hole 

edge: (a) Mode I; (b) Mode II and Mode III. 

6 Conclusion 
The welding numerical model and multi-scale 
whole bridge numerical model were established to 
investigate the fatigue performance of the access 
hole detail under the multi-field coupling effect 
based on XFEM and linear elastic fracture mechan-
ics. The following conclusions can be drawn: 

1.Residual stress at welding hole edge is large. The
maximum residual stress is about located in the
middle of the edge.
2.The residual stress field was introduced into the
multi-scale whole bridge numerical model. The fa-
tigue load model III was selected as the vehicle load 
model. Finally, numerical fatigue simulation under
multi-field coupling effect was realized.
3.Under the multi-field coupling effect, the stress
intensity factor amplitude of the crack at access
hole detail exceeds the fatigue crack propagation
threshold, and the type of fatigue cracks at access
hole detail are Mode I cracks.

7 Acknowledgements 
The authors gratefully acknowledge the financial 
support provided by the Innovation Capability Sup-
port Program of Shanxi (2019TD-022), the Opera-
tion and Maintenance Technology of Steel Bridge 
Deck in Large Span Bridge based on Fatigue Digital 
Twin, and the Bridge Damage Resistance Design 
and Safety Maintenance Technology Innovation 

Team of Ministry of Transport of the People's Re-
public of China. 

8 References 
[1] Wang C.S., Feng Y.C. Review of fatigue re-

search for orthotropic steel bridge decks.
Steel Construction. 2009. 24(9). 10-13. (In
Chinese)

[2] Wolchuk R. Lessons from weld cracks in or-
thotropic decks on three European bridges.
Journal of Structural Engineering. 1990.
116(1).75-84.

[3] Wang C.S., Zhai M.S., Houankpo T.N.O. Fa-
tigue strength of typical details in ortho-
tropic steel bridge deck. Engineering Me-
chanics, 2020, 37(8). 102-111. (In Chinese)

[4] Xiao Z.G., Yamada K., Ya S., et al. Stress anal-
yses and fatigue evaluation of rib-to-deck
joints in steel orthotropic decks. Interna-
tional Journal of Fatigue,2008,30(8). 1387-
1397.

[5] Wang C.S., Fu B.N., Zhang Q., Feng Y.C. Fa-
tigue test on full-scale orthotropic steel
bridge deck. China Journal of Highway and
Transport. 2013. 26(2). 69-76.  (In Chinese)

[6] Zhao Q., Wu C. Numerical analysis of welding 
residual stress of u-rib stiffened plate. Engi-
neering mechanics. 2012. 29(8). 262-268.  (In 
Chinese)

[7] Berg N.V.D., Xin H.H., Veljkovic M., et al. Ef-
fects of Residual Stresses on Fatigue Crack
Propagation of an Orthotropic Steel Bridge
Deck. Materials and Design, 2021. 198.
109294.

[8] Wang C.S., Zhai M.S., Tang Y.M, et al. Numer-
ical fracture mechanical simulation of fatigue 
crack coupled propagation mechanism for
steel bridge deck. China Journal of Highway
and Transport. 2017. 30(3). 82-95.  (In Chi-
nese)

[9] Wang C.S., Wang Y.Z., Cui B., et al. Numerical
simulation of distortion-induced fatigue
crack growth using extended finite element
method. Structure and Infrastructure Engi-
neering, 2020, 16(1). 106-122.

901



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

[10] Ji B.H., Chen X., Liu R., et al. A Numerical
Study on the Fatigue Effect of Trough-Deck
Plate Weld Joint to Steel Bridge Deck System.
Progress in Steel Building Structures, 2014,
16(06). 56-62. (In Chinese)

[11] Li A.Q., Si Z., Deng Y., et al. Analysis of resid-
ual stress field in welding joints between di-
aphragms and U ribs of steel bridge deck.
Bridge Construction, 2019, 49(6). 36-41. (In
Chinese)

[12] Goldak J., Chakravarti A., Bibby M. A new fi-
nite element model for welding heat sources.
Metallurgical Transactions B, 1984, 15(2).
299-305.

[13] Specifications for design of highway steel
bridge (JTG D64-2015). (In Chinese)

[14] JSSC (Japan Society of Steel Construction).
Fatigue design recommendations for steel
structures and commentary.

[15] Belytschko T., Black T. Elastic crack growth in
finite elements with minimal remeshing. In-
ternational Journal for Numerical Methods
in Engineering, 1999, 45(5). 601-620.

[16] Moës N., Dolbow J., Belytschko T. A finite el-
ement method for crack growth without
remeshing. International Journal for Numer-
ical Methods in Engineering, 1999, 46(1).
131-150.

[17] Wang B. J., Zhou X. Y., Backer H. D., et al.
Macro-crack initiation life for orthotropic
steel decks considering weld heterogeneity
and random traffic loading. Structure and In-
frastructure Engineering, 2017, 13(12),
1639-1652.

902



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

The First Step Towards BIM Models in Major Bridge Design 
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Abstract 
The design of the world record 1915 Çanakkale Bridge is an example of the first steps towards using 
a BIM for a major bridge design. The model developed by COWI has been used to create 2D drawings 
and bar bending schedules, to manage interfaces and to check constructability, as well as health 
and safety related checks for working in congested space. Furthermore, it has proved to be an 
effective tool in communication with the project's stakeholders. 

This paper describes where BIM has been applied in the design of the 1915 Çanakkale Bridge. Here 
special focus is on the construction of the plinth of the tower foundations where the contractor 
prefabricated the reinforcement cage for each plinth onshore, including all cast-in items and the 
steel form work and then lifted the whole assembly (18m in diameter) into place off-shore using a 
floating crane.  

Keywords: Çanakkale Bridge; BrIM; BIM. 

1 Introduction 
In the design of buildings, coordination between 
many different parties and disciplines is required 
(e.g. owner, architects, structural design, facade 
installation, plumbing, heating, sanitation etc.). 
Building information modelling (BIM) has been 
commonly used in the building industry during the 
past decade. BIM collects information about the 
building relevant before, during and after 
construction. BIM has proven to:  

• Improve constructability
• Lower the construction risks
• Help in communication between the parties

involved

In bridge engineering the counterpart to BIM is 
called "BrIM" (Bridge Information Modelling). 
However most often people use the term "BIM" 

also for bridges, tunnels etc. and hence this paper 
will use the term "BIM". 

For major bridges it is not common to apply BIM in 
design yet. The main reason is that it has not been 
requested by contractors and bridge owners. One 
reason could be that the advantages with BIM do 
not counterbalance the cost in time and money to 
establish the model for a major bridge design. 
Another reason could be that for a bridge fewer 
disciplines and interfaces need to be coordinated 
compared to a complex building and for that 
reason does not need this level of detailing. Finally, 
it is also a question of what requirements there 
should be for such a model. For instance, for 
reinforced concrete structures, the ideal world 
would be a reinforcement model without any 
clashes. As it is explained later in this paper, this is 
not always practical. What is needed for a BIM 
model is an agreement between the involved 
parties about the level of detail.
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Figure 1. The 1915 Çanakkale Bridge, elevation 

For the detailed design of the 1915 Çanakkale 
Bridge across the Dardanelles Strait in Turkey 
(Figure 1) there was no requirement for BIM, 
neither from the Employer's nor from the 
contractor.  

However, there is no doubt that major bridge 
designs are going towards the use of BIM. For 
instance, the Norwegian Public Roads 
Administration requests BIM models to be used for 
bridge designs [1]. Therefore, the consultant 
company COWI, lead designer for the world record 
span suspension bridge at Çanakkale, decided to 
establish a BIM model for parts of this major bridge 
design.  

This paper describes where BIM has been applied 
in the design of the 1915 Çanakkale Bridge and 
discusses some of the challenges in establishing a 
BIM model for a fast-track design. In particular 
focus will be given to the plinth and tie beam of the 
tower foundations. Here the contractor decided to 
prefabricate large reinforcement cages on-shore 
instead of fixing the reinforcement off-shore as was 
done for instance for the Osman Gazi Bridge (also 
referred to as Izmit Bay Bridge), see [2]. The 
challenges of this construction method are the 
limited space between different reinforcement 
groups and the need to avoid clashes with cast-in 
items and formwork supports. In order to address 
these challenges, the BIM model became 
important.  

2 BIM models applied in the design 
of the 1915 Çanakkale Bridge 

The 1915 Çanakkale Bridge carries a new highway 
connecting Europe and Asia. The bridge is located 

200 km southwest of Istanbul spanning the 
Dardanelles Strait. For a more detailed description 
of the bridge, see [3]  

In the detailed design of the 1915 Çanakkale Bridge, 
COWI established 3D models for the anchor blocks, 
the tower foundations, the side span piers and the 
bridge deck including all reinforcement bars, 
inserts, wall penetration tubes, stiffeners, etc. (see 
Sections 2.1-2.4 for details). The decision to 
establish the 3D models was initially taken by COWI 
for following reasons: 

• To produce bar bending schedules faster, to
meet the requirements of a fast-track project

• To produce 2D drawings easily
• To perform better checks of constructability

(3D details)
• Easier communication between different

design teams
• Easier communication between the designer

and the project's stakeholders

It might be argued that the 3D models cannot be 
referred to as full BIM models as the definition of 
BIM would require even more information to be 
entered into the models. However additional 
information (e.g. specifications, supplier 
information, etc.) can be entered in the future by 
the relevant parties. In addition, during the design 
process the 3D models were used to investigate 
whether there was enough space for workers in 
areas of congested reinforcement, to extract 
material quantities and to produce bar bending 
schedules for the individual casting units. It is fair 
to say that the 3D models established for the 1915 
Çanakkale Bridge by COWI were the first step 
towards a full BIM model for a major bridge. 
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2.1 Tower foundation, BIM model 

The towers of the 1915 Çanakkale Bridge are of 
stiffened steel plate construction with a top level of 
+318 m. Each tower is founded on a caisson with a
footprint of approximately 83 m x 74 m placed
directly on a gravel bed on the seabed. To limit
settlements and increase horizontal stiffness soil
improvement is undertaken by the installation of
inclusion piles. Each caisson comprises a concrete
cellular caisson base, two composite caisson shafts
each with a diameter of 18 m, two concrete plinths
to support the two legs of the tower and a concrete 
tie beam connecting the plinths, as illustrated in
Figure 2.

a) 3D view

b) Horizontal  section

Figure 2. Asian tower foundation (from COWIs BIM 
model) 

2.2 Anchor block, BIM model 

The two main cables are formed from 
prefabricated strands (PPWS) and anchored in 
anchor blocks placed on the European and Asian 
side, see Figure 1. The anchor blocks (see Figure 3) 
and have to resist a design force of order of 

magnitude 500 MN from each main cable of the 
suspension bridge.  

The anchor blocks have been positioned away from 
the shoreline for geotechnical reasons.  

a) 3D view

b) Vertical section

Figure 3. European anchor block (from COWIs BIM 
model) 

2.3 Twin stiffened steel box girder, BIM 
model 

The bridge deck comprises two closed stiffened 
steel box girders spaced 9.0m apart, connected by 
3.0m wide cross-girders every 24 m. The girder is 
structurally continuous for the full length of the 
suspension bridge and has a total length of 3563 m. 
The total width of the twin box girder is 45 m in 
total including one maintenance walkway at each 
outer side, see Figure 4. 
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a) Typical section

b) Bridge end

Figure 4. Twin stiffened steel box girder (from COWI 
BIM model) 

2.4 Side span pier, BIM model 

Each side span pier structure comprises 47 bored 
piles with a diameter of 1.5 m, a pile cap with plan 
dimensions 45 m x 21.5 m, two hollow pier shafts 
and a pier head tied with a cross beam as illustrated 
in Figure 5. 

The side span pier supports the side span of the 
main bridge as well as the adjacent span of the 
approach bridge. In order to limit the vertical 
movement of the main cable at the side span pier 
where an expansion joint is placed, the main cables 
are tied down in the pile cap of the side span pier. 

a) General arrangement

b) Pier head

Figure 5.3D view of side span pier (from COWI BIM 
model) 
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3 The tower foundation plinth and 
tie-beam construction 

The lower part of the caisson base (see Figure 2) 
was built in a dry dock. The caissons were then 
floated by controlled flooding of the dry dock and 
moved to deeper water (wet dock) where the 
construction of the caisson base was continued. In 
the wet dock the caisson could be partially sunk 
under control, as the weight of the caisson 
increased as construction progressed. The double 
walled steel cylinders were installed on top of each 
completed caisson base and the lower 4 m were 
cast to establish a connection to the caisson base. 
From the wet dock the caissons were towed to site 
and sunk to their final position on the seabed in 
approximately 45 m water depth. The construction 
sequence is illustrated in Section 3.1.1 to 3.1.5  

The construction of the tower foundations was on 
the critical path of the overall project. To save time 
the contractor suggested prefabrication of the 
reinforcement cage for each plinth onshore, 
including all cast-in items and the steel form work 
and then to lift the whole assembly into place off-
shore using a floating crane. The tie-beam was also 
prefabricated onshore, placed on a semi-
submergible barge, towed to site and lowered 
down on four steel brackets on the tower plinths, 
see Figure 6 and Section 3.1.4 to 3.1.5. Finally, in-
situ stitches were cast to complete the structure, 
see Figure 6. 

Figure 6. Construction sequence, plinth and tie-
beam. Illustration: Daelim, Limak, SK E&C and Yapı 
Merkezi  

3.1 Construction sequence for the tower 
foundations 

3.1.1 Dry dock 

Figure 7 shows the lower part of the caisson base 
during construction in the dry dock. 

Figure 7.  Dry dock (Photo: Daelim, Limak, SK E&C 
and Yapı Merkezi) 

3.1.2 Wet dock 

The continuation of construction of the caisson 
base was done in a wet dock located just outside 
the dry dock.  

Furthermore, the installation of steel shafts and 
cast of the lower 4 m of the composite shaft were 
done in the wet dock, see Figure 8. 

Figure 8.  Wet dock (Photo: Daelim, Limak, SK E&C 
and Yapı Merkezi) 
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3.1.3 Transport and immersion 

The caissons were transported to site by tugboats 
and immersed to final position, see Figure 9. 

Hereafter cast of the remaining part of the 
composite shaft was carried out. 

Figure 9.  Transport and immersion (Photo: Daelim, 
Limak, SK E&C and Yapı Merkezi) 

3.1.4 Installation of prefabricated plinth 
reinforcement cage 

The floating crane transported the prefabricated 
plinth reinforcement cages including steel form to 
site. A photo from the installation is seen in Figure 
10. 

Figure 10. Installation of prefabricated plinth 
reinforcement cage (Photo: Daelim, Limak, SK E&C 
and Yapı Merkezi) 

3.1.5 Installation of precast-tie beam 

The tie-beam was also precast onshore and towed 
to site on a semi-submergible barge including the 
temporary steel platform, see Figure 11.  Here the 

tie-beam was installed on steel brackets attached 
to the plinths. The final operation before the 
construction of the steel tower legs could start was 
casting of the in-situ stitches, see Figure 6.  

Figure 11.  Installation of precast-tie beam C (Photo: 
Daelim, Limak, SK E&C and Yapı Merkezi) 

3.2 BIM model for plinth and tie-beam 

To construct and install a circular reinforcement 
cage of the size required for the tower foundation 
plinths (Ø:18m, h:14m) with all cast-in items 
(brackets, steel anchor frame for the first tower 
block) together with the steel form, was a 
challenging operation.  

Ensuring that the reinforcement in the bottom of 
the cage could pass the shear studs in the steel 
shaft was a particular concern. Here COWI's BIM 
model played an important role as all rebars, cast-
in items and the steel form were modelled. The 
contractor requested very high accuracy of the 
model because costly time would be lost in case the 
cage could not come down in the steel shaft. 
Therefore, the outer vertical bottom rebars of the 
cage were arranged in groups of 5 bars and the BIM 
model was used to ensure the vertical rebars on 
the inside passed both the shear studs and the 
dense horizontal layers placed in the bottom of the 
cage, see Figure 12 and Figure 13. The distance 
from the rebars to the nearest stud was as little as 
50 mm which was challenging for an offshore 
operation. 

The rebars in the BIM model were de-clashed in 
relation to the other reinforcement groups and the 
cast-in items, see example in Figure 14. The steel 
form for the cast of the plinth was supported by a 
lattice steel structures, which was placed inside the 
reinforcement cage (see Figure 15). These lattice 
structures is in the zone with the outer vertical and 
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the horizontal reinforcement layers. Without the 
BIM model it would have been difficult to ensure 
that all rebars were de-clashed. Also, the BIM 
model proved to be an important tool for interface 
coordination.   

Figure 12. Reinforcement pass shear studs in the 
composite shaft (Illustration of the plinth details 
from COWI's BIM model) 

Figure 13. Vertical reinforcement passes horizontal 
(Illustration of the plinth details from COWI's BIM 
model) 

Figure 14. Cast-in item in the BIM model 
(Illustration of the plinth details from COWI's BIM 
model) 

Figure 15. Steel form support by steel lattice 
structures (Illustration of the plinth details from 
COWI's BIM model) 

4 Lessons learned and next steps 
towards full BIM in bridge 
engineering 

The BIM models established for the design of the 
1915 Çanakkale Bridge have offered the expected 
advantages, stated in Section 1. In particular, the 
fast production of bar bending schedules, easier 
communications between different teams and 
better checking of constructability have been 
successful.   

However, one of the lessons learned is that a BIM 
model is sensitivity to late changes if it influences 
major parts of already completed reinforcement 
modelling. It is important that both the contractor 
and the designer are aware of this issue and do 
their utmost to plan carefully before the modeling 
is started.  

Another lesson learned is that it is important to 
agree the level of detail before modelling is started. 
For instance, if the model is to be used for steel 
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plate cutting or if the expectation is a BIM model 
where all rebars are de-clashed, then it is very time 
consuming. The consequence of a model where no 
rebar clashes occur is that almost all rebars have to 
be placed with individual spacing. This is not 
practical, neither for site, nor for the designer. The 
bar size and the spacing of a reinforcement group 
is the important. The designer should only focus on 
de-clashing the rebars in situations with systematic 
clash or where it is impossible at site to adjust the 
rebars easily by, e.g., rolling the rebar to one of 
sides. 

Applying full BIM models in major bridge designs is 
the future. The next step could be to consider how 
specifications and supplier information can be 
entered into the model making it easier and faster 
for the involved parties to find information. Today 
it is most often 2D drawings that form the contract 
which means that a lot of time is spent in producing 
and understanding these drawings. It is most likely 
that in the future more information will be in 3D 
models, and it is required to produce less 2D 
drawings, because all parties can easily extract 
specific information directly from the model. 2D 
paper drawings will disappear from the 
construction site and will be replaced by mobile 
devices.  

5 Conclusions 
In this paper it has been explained how COWI has 
taken the first steps towards a full BIM model in the 
design of the 1915 Çanakkale Bridge. BIM models 
have been established with success for the tower 
foundations, anchor blocks, orthotropic steel twin 
box girder and side span piers.  

Furthermore, it has been explained how the BIM 
model played a key-role for the construction and 
installation of prefabricated reinforcement cages 
of the tower plinths which included all cast-in items 
and the steel form. Finally, lessons learned have 
been given. 
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Abstract 

The Top-Down construction method has been used widely in urban areas, particularly in high-rise buildings 
with basements. This paper presents the Nanjing Jinmao Plaza II Tower in Nanjing-China as a case study, 
which consists of 68 floors with a height of 283.6 m and five basements with a depth of 27.5 m. A numerical 
finite element simulation in PLAXIS 3D was performed to analyze the construction of soil excavation and 
basement structure and their corresponding heights. The study concluded that the effect of adding floors to 
the superstructure had little effect on the underground excavation process. Likewise, the condition of column 
piles is in different stages of construction. In view of that, this paper has analyzed and summarized 
construction guidelines for the top-down construction method to ensure safety, optimize design, and provide 
recommendations for this promising construction technique. 

Keywords: top-down construction method, high-rise building, deep foundation excavation, deformation, 
displacement 

1 Introduction 

Currently, the process of urbanization in the world 
has been accelerated, urban construction has been 
well developed, and the super high-rise buildings in 
the commercial center area of cities have become 
more and more crowded. The height of buildings 
continues to rise, and the use of underground 
space becomes more complicated [1]. That led to 
an increase in the depth of the excavations and the 
complexity of the construction, so the related 
technology was constantly applied and innovated, 
Including Top-down technology [2-5]. The top-
down method has been widely used in the deep 
foundation pit supporting structure, which has 
produced significant results [6-8]. Because of its 
advantages, that can be used in the construction of 
narrow construction sites, complex surrounding 
environments, short project periods, the low safety 
level of foundation, high settlement, and 
deformation requirements of surrounding 
structures [9]. In addition, it has good economic 

savings. Therefore, the Top-Down method has 
been widely used and developed in many parts of 
the world since it came into being [5, 10]. The 
Estimation of displacement caused by excavation is 
always the main problem in deep excavation pit. 
Several techniques were advanced in knowledge of 
the displacement mechanism of deep excavation 
[11,12]. Among these methods, numerical 
methods are the most effective ones which could 
take each geotechnical and structural detail in deep 
excavations, so it is more and more popular [13]. 
Depending on the case study of Nanjing Jinmao 
Plaza II for deep excavation. This paper discusses 
the influence of construction using the Top-Down 
construction method and analyses the influence of 
different construction stages on the whole process 
of top-down construction by using the method of 
numerical simulation of three-dimensional 
geotechnical finite element software PLAXIS 3D in 
order to ensure safety, optimize design, and apply 
recommendations of this construction technology 
to provide a reference for this construction 
technique.  
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2 Subsoil conditions and project 
details 

2.1 General information 

Nanjing Jinmao Plaza Phase II project 
accommodates retail, commercial, office, 
residential, and hotel services. The total 
construction area of the project is about 270800 
m2, including 197300 m2 of the aboveground 
construction area and 73500 m2 of the 
underground construction area. It consists of a 
tower, podium, and basements. The tower has 66 
floors above with 285 m in height and will use a 
core tube structure system; the podium has seven 
floors above the ground with 39.5 m in height, and 
5story basements, as shown in figure 1. The 
excavation of the foundation pit is 26.45-27.45 m.  

Figure 1: Details of case study project 

2.2 Soil properties 

The project site is an ancient river floodplain with 
abundant groundwater. The surface layer is 
artificial fill soil. Below is a silty clay mixed with silt 
newly deposited. The lower part is the upper 
Pleistocene sedimentary silty clay mixed with 
gravel. The bottom bedrock is Jurassic tuff [14]. The 
relevant parameters of the site soil and rock layers, 

including depth of layers (D), soil density (γ ), 

Young’s modulus (Es), Poisson's ratio (V), effective 

cohesion (C), and friction angle (Ø) as shown in 
table 1. 

Table 1: Parameters of the site soil and rock layers 

Soil Name 
D 

[m] 

γ 

[KN/
m3] 

Es 
[MPa] 

V 
[MPa] 

C 
[KPa] 

Ø 
/o 

Miscellane
ous fill 

0.5 17 9.1 0.4 21.9 10.4 

Plain fill 2.5 18 10.5 0.35 12 10 

Muddy fill 2.6 17.5 5.6 0.4 10 8 

Silty clay 4.4 19.6 6.2 0.36 4.8 25 

Silty clay 
12.
4 

18.4 3.2 0.38 15.9 10 

Silty clay 
14.
9 

19.8 14.2 0.32 44.7 13.2 

Silty clay 
20.
7 

19.9 20.9 0.3 52.1 14.1 

Silty clay 
26.
9 

19.7 15.8 0.31 35.7 12.1 

Silty clay 
34.
2 

19.4 14.7 0.28 35.4 11.7 

Silty clay 
mixed 
stone 

36.
4 

19.9 35 0.26 70.3 16.2 

Strong 
weathered 

tuff 

41.
7 

19.8 120 0.25 480 30 

Crushed 
weathered 

tuff 

46.
7 

23 750 0.24 6200 48.8 

Weathered 
tuff 

65 26 1800 0.22 

This project is an extensive project, multi-story 
with deep excavation, so it is complicated to 
include all project elements in (3D) finite element 
programs; So was studied the area below the tower 
of the project, then calculated the equivalent 
stiffness of the piles and soil layers by the following 
formula: 

𝐸𝑚 =
𝐸𝑝 ∗ 𝐴𝑝 + 𝐸𝑠 ∗ 𝐴𝑠

𝐴𝑝 + 𝐴𝑠
(1) 

Where: 

Em: Equivalent Young’s modulus for layers of soil 

Ep: Pile Young’s modulus 

Es: Soil layer Young’s modulus 

Ap: the total area of the piles in the soil layer 

As: Area of layer soil 
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3 Construction sequence and 
excavation process 

In the top-down construction method, the piles, 
diaphragm walls, and columns are usually enforced 
first, which is the main control line. Then the first-
floor slab structure construction shall be carried 
out, and the flow construction shall be organized as 
shown in this flow chart in figure 2. 

Diaphragm wall, piles, 
and   column piles 

Excavation first layer of 
earth to - 4.15m

Construction the ground 
structural slab

Excavation second layer of 
earth to – 8.90m

Construction the (B1) 
structural slab

Construction the (B2) Floor 
structural slab

Excavation third layer of 
earth to - 13.50 m

Excavation fourth layer of 
earth to - 16.9 m

Construction the (B3) 
structural slab

Excavation fifth layer of 
earth to - 20.15 m

Construction the (B4) 
structural slab

Excavation sixth layer of 
earth to -26.15,  - 27.45 m

Construction the raft

 Dewatering well 
construction 

  Precipitation test

P
recip

itatio
n

 o
p

eratio
n

 an
d

 m
o

n
ito

rin
g 

Construction 
the B1 
vertical 

composite 
columns

Construction 
the B2 
vertical 

composite 
columns

Construction 
the B3 
vertical 

composite 
columns

Construction 
the B5 
vertical 

composite 
columns

Construction 
the B4 
vertical 

composite 
columns

Constructi
-on the 

first 
floor(F1)

Constructi
-on the 

first 
floor(F4)

Constructi
-on the 

first 
floor(F3)

Constructi
-on the 

first 
floor(F2)

Constructi
-on the 

first 
floor(F5)

Figure 2: Construction sequence and excavation 
procedure 

For the sake of reducing project time in this project, 
the construction of the superstructure will start 
from top to down rather than wait until the 
basements are finished. As shown in figure 4, the 
diaphragm walls and the column piles will start, 
then the excavation of the first basement, followed 
by the casting of the ground slab and B1 slab, and 
then the first floor of the superstructure be ready 
for construction. 

After that, the top-down construction sequence 
goes to excavating the bottom under B1, as well as 

casting the slab B2, subsequently constructing the 
second floor in super-structure, then excavating 
the bottom under B2, B3, B4, and finally casting the 
raft foundation, in another hand construct the 
super-structure simultaneous with substructure 
construction as shown in figure 4. 

4 Numerical analysis of the field case 
study 

The numerical calculations were performed in 
Plaxis  3D.  Due to the large scale of the case study, 
the tower area was studied and analysed as a 
prominent and critical part of the project, which is 
composed of many elements and affords very high 
loads Error! Reference source not found.. 

Figure 3: Plan of case study project (Podium & 
Tower) 

4.1  Details the structural elements 

The column piles were modelled using an 
embedded pile, whereas the basements slabs and 
walls were modelled using plate elements, as in 
figure 5. The beam elements were merged with the 
slabs as one element, and the slab thickness is 0.3 
m. The details of elements of the structure are
shown in table 2, table 3 and table 4. Due to the
model conditions and calculation limitations, the
tower part of the simulation building was selected
as five underground floors and five above-ground
floors as corresponding floors. The analysis later
found that the construction of upper floors had
little effect on the construction, while the main
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controller was the deep excavation pit in this case 
study. The excavation depth of the foundation pit 
is 27.45 m, which has been excavated five times 
figure 6. 

Figure 5: The structural elements' position 

Figure 6: Excavation and floor level 

Table 2: Walls detail 

Table 3: Slabs detail 

Floor 
Thickness 

[m] 
Fc 

[MPa] 

F1 0.3 35 

Basement 1 0.3 35 

Basement 2 0.3 35 

Basement 3 0.3 35 

Basement 4 0.3 35 

Raft 2.5 20 

4.2 Model validation 

The software was used to describe the 
performance of top-down construction method. 
The 3D finite element model comprised the 
Column piles, diaphragm walls, walls, and slabs. 
The soil volume was modelled using ten-node 
tetrahedral volume elements, and the Mohr-
Coulomb model of soil was selected for this model 
(figure 7). The 3D finite element mesh was used in 
the analysis. At the bottom of the finite element, 
the displacements were set to zero in the three 
directions, x, y, and z, and the vertical model 
boundaries were fixed in the x- and y-directions 
also free in the z-direction. To avoid boundary 
effects, the length and width of the model were 
250 m and 250 m, and its depth was 90 m. the 
excavation depth of the foundation pit is 27.45 m. 
The calculation depth of the pile length was taken 
as designed without simulating it because it is so 
many, therefore adding the pile's stiffness to the 
soil stiffness as calculated before. 

Walls Name 
Thickness 

[m] 
Depth 

[m] 
Fc 

[MPa] 

Basements exterior 
walls 

1 60 35 

Core tube exterior 
wall 

1 55 55 

Core tube inner 
walls 

0.8 55 55 

Figure 4: Sequence of top-down construction 
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Table 4: Column piles detail

Figure 7: 3D finite element mesh of the model 

4.3 Simulated stage of construction 

After generating a finite element model, the 
calculation can be executed, and the calculation 
type has to be specified in step. Finite element 
calculations can be divided into different 
sequential calculation phases. Each calculation 
phase corresponds to a particular loading or 
construction stage. The construction phases can be 
defined in the phase’s construction model. In this 
case study, the numerical simulation process was 
divided into 22 construction phases, the 
construction phases arranged as shown in figure 8. 

5 Numerical results 

5.1 Total soil displacement in (X, Y, Z) 

In the model of this case study, the displacement 
field of the model soil start reset at zero. The 
primary purpose is to avoid the influence of the 
initial in-situ stress field on the simulation results, 
which is used as a reference point for measuring 
the change in soil displacement. This study mainly 
discusses the influence of excavation and the effect 
of the superstructure floors construction on the 
underground structure and the soil. 

According to the results in figure 9, and figure 10, It 
is seen that after the completion of construction, 
the deformation trend of the foundation pit is 
symmetrical, with the maximum value 29 mm and 
27 mm on both sides. With the increase of 
excavation depth, the lateral deformation of the 
foundation pit gradually increases. With the soil far 
away from the foundation pit, the lateral 
displacement of the foundation pit gradually 
decreases and finally approaches zero. The 
maximum amount of rebound is about 27 mm. 
With the increase of excavation depth, the vertical 
displacement gradually increases, and the 
maximum vertical displacement is about 28.5 mm. 
Due to the destruction of the original soil stability 
after the excavation, the soil at the bottom of the 
foundation pit rebounds after excavation. The 
maximum amount of rebound is about 29 mm. 

Initial phase Initial Phase

Phase 1 Construction the diaphragm walls

Phase 2 Construction the column piles 

Phase 3 Excavation first layer ( - 4.15 m) and costing (GF) slab 

Phase 4 Excavation second layer ( -8.9 m) and costing (B1) slab

Phase 5 Construction the B1 vertical composite structure

Construction the second stage of excavation (- 13.5 m) 

Casting the floor slab of the  second basement (B2)

Construction the B2 vertical composite structure

Phase 6

Phase 7

Phase 8

Phase 9

Loading  the first floor(F1) 

Construction the third stage of excavation (- 16.9 m)

Casting the floor slab of the third basement (B3) 

Construction the B3 vertical composite structure

Phase 10

Phase 11

Phase 12

Phase 13

Loading  the first floor (F2) 

Construction the fourth stage of excavation (- 20.15 m)

Casting the floor slab of fourth basement (B4) 

Construction the B4 vertical composite structure

Phase 14

Phase 15

Phase 16

Phase 17

Loading  the third floor (F3)

Construction the fifth stage of excavation (- 27.45 m)  and raft foundation

Construction the B5 vertical composite structure

Phase 18

Phase 19

Phase 20

Loading the fourth floor (F4)

Phase 21 Loading the fifth floor (F5) 

Figure 8: Phases of construction modelling

Name 
Shape for 

steel 
Thickness 

 [mm] 
In dia steel 

[mm] 

Out dia steel 
[mm] 

Shape for 
composite 

Diminutions 
[mm*mm] 

C800 Circular 200 550 510 Square 800*800 

C2000 Circular 800 1300 1220 Square 2000*2000 

C1700 Circular 800 1000 920 Square 1700*1700 
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Figure 9: Total displacement soil in (x,y,z) direction 

Figure 10：Displacement contour of the model 

5.2 The displacement of underground walls 

In top-down construction method, the diaphragm 
wall can not only support the foundation pit, 
bearing the pressure of the superstructure and 
preventing the seepage of the underground 
structure, but also effectively control the unstable 
deformation of the slope and reduce the ground 
settlement. The horizontal displacement 
underground diaphragm wall is the most intuitive 
and important deformation index in the top-down 
construction method, and its deformation runs 
through the whole process of top-down 
construction of the foundation pit. The relationship 
curve between horizontal displacement and depth 
of the diaphragm wall under different working 
conditions is shown in figure 11, which reflects the 
diaphragm wall's deformation characteristics 
under different working conditions. It can be seen 

from the results in figure 11 that the horizontal 
displacement of the diaphragm wall increases 
gradually with the excavation and construction of 
the superstructure floors. In the process of top-
down construction method in this case study, the 
first step of excavation is 4.15 m, which belongs to 
open excavation and is similar to the deformation 
of a cantilever beam. Hence, the displacement in 
the top the wall is larger, and the maximum 
horizontal displacement is 0.001175 mm. The same 
reason was mentioned in [15]. With the progress of 
different working conditions and casting of the 
slab, the displacement of the top of the diaphragm 
wall changes little due to the strong slab stiffness. 
Therefore, when the foundation pit excavation 
reaches the bottom of the foundation pit, the 
displacement of the diaphragm wall is greatly 
reduced due to the support slabs in the basement. 
The displacement of the diaphragm wall above the 
basement slab is smaller than below it. The huge 
horizontal stiffness resistance of the structural 
column reduces the horizontal displacement of the 
continuous underground wall and plays a good role 
in restraining. With the increase of upper floors, 
the horizontal displacement increases slightly, and 
the maximum horizontal displacement in the final 
stage is 0.02855m. So, the excavation is an 
important factor that affecting in wall 
displacement. 

Figure 11: The displacement on underground walls 
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5.3 The vertical displacement of middle 
supporting column piles 

The settlement control of middle support column 
piles is the critical point of top-down construction 
design and construction. In the excavation process, 
the lateral resistance of the middle support 
columns decreases, and the vertical load of the 
structure and construction will increase the pile's 
settlement. In this study, three types of column 
piles were periodically classified and analyzed. 
Figure 12 shows the total displacement of these 
column piles.  

Figure 12: Total displacement of column piles 

In the excavation phases, the displacement value 
increases sharply, while in phases that do not have 
excavation, like casting slab or loading the 
superstructure floors, the displacement was so 
small because the reinforcement with slab casting 
makes the columns strong, reduces the length of 
the column, and gives them greater rigidity.  In 
addition, the stiffness of the wall has a significant 
influence on the deformation of columns. The 
same reason was mentioned in [9]. 

As shown in figure 12, the deformation curves of 
the different phases are basically steady. Still, in 
phase19, the deformation increases significantly 
due to the very deep excavation of -7.3 m. This 
critical stage also has the greatest effect on the 
walls, as shown in figure  11 and figure 9.    The 
maximum displacement of the final phase is 
0.0191m figure 13. 

The vertical displacements of the columns are 
positive values, and each column has an upward 
trend under the influence of different working 

conditions. The self-weight of the soil will be 
continuously released to the bottom of the 
foundation pit during excavation, which will lead to 
the soil rebound to the bottom of the foundation 
pit. In addition, in the process of foundation pit 
excavation, the soil outside the foundation pit will 
affect the underground diaphragm wall, making 
the diaphragm wall incline to the foundation pit 
and pushing the soil inside the foundation pit, 
which will also cause the basement protrusion. The 
muscular stiffness of the floor slab also has a 
corresponding impact on the vertical displacement.

Figure 13: The maximum displacement of column 
piles in model 

5.4 The effect of superstructure floors 

Through the results of the analysis, it appears that 
the effect of the construction of superstructure 
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floors after the casting slabs phase and the 
construction of vertical composite structures the 
underground have little impact on the soil 
deformation and displacement, which means that 
the construction of the superstructure floors does 
not affect the elements of the underground floors 
and that it can be accelerated the construction for 
multiple floors with the necessary reinforcement in 
the underground elements and control the deep 
excavation. 

6 Conclusions 

This study takes the Nanjing Jinmao International 
Plaza Phase II project as a case study using the top-
down construction method and geotechnical finite 
element program PLAXIS 3D 2018. The influences 
of different construction on the process are as 
follows: 

1. With the excavation unloading, the horizontal
displacement of the underground diaphragm
wall gradually increases towards the
foundation pit, and the trend of change is
inclined towards the foundation pit. After the
first step of excavation and before the casting
slabs the deformation is large.

2. Horizontal deformation and settlement of
underground diaphragm wall occur
simultaneously and gradually decrease with
the increase of distance from the ground. The
vertical displacement near the edge of the
foundation pit varies significantly under
different process conditions.

3. It can be seen from the results that the effect
on deformation and settlement is minimal
when the upper structure is added stories
during construction if the underground slab
casting and reinforcement are made before
deep excavation; therefore, the superstructure
stories can be added after studying the soil
properties of the project if the construction of
foundation pit is stagnated and delayed due to
construction site conditions in cities and
densely populated areas.

4. The geotechnical engineering monitoring work
should be carefully arranged so that the pile
and foundation pit construction can be carried
out smoothly, and information construction

can be carried out to ensure the safety of the 
foundation pit and surrounding work. 
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Abstract 
Within a project related to the area of bridges, we work with different tools and between this 
information is usually managed through the use of CAD drawings made basically in 2D. 

Today, a new concept of BIM applied to bridges called Bridge Information Modeling (BrIM), which 
well implies being a methodology with different uses and being the solution in helping the different 
parties to work more collaboratively, effectively and simultaneously.  

This paper presents the experience of applying one of these uses in the phase of analysis and 
structural diagnosis of ten bridges in Chile, which demonstrates that this technology becomes a 
valuable tool for information management through the virtual model worked between the different 
parties involved in the maintenance and operation of a project. 

Keywords: bridge; BIM; BrIM; modeling of bridges; modeling projects. 

1 Introduction 
Around the world, many ancient and historic 
bridges are still in operation. Deterioration and 
failures have increased in already aged bridges due 
to various factors throughout their service life. 
Therefore, the importance of bridge management 
systems has increased to ensure operational safety 
through good maintenance [1]. At the international 
level, research has been developed for the 
implementation of new technologies that allow the 
full management of specific projects related to the 
area of bridges. Making these recent technological 
improvements a great contribution to this problem 
[4]. 

These investigations result in methodologies 
focused directly on the integration of all parties 
involved in a bridge project, ranging from design 

and construction to the maintenance and 
operation of the structure. This process of 
generation and management of data during the life 
cycle of the bridge is known as BrIM (Bridge 
Information Modeling), this concept that emerges 
from the term BIM (Building Information Modeling), 
applied to buildings. 

The use of BrIM is based on the generation of an 
intelligent representation of the components of 
the structure that host detailed and necessary 
information of all stages of the life cycle of the 
bridge. 

As a case study, in Chile more specifically in the city 
of Viña del Mar, ten bridges were affected by the 
earthquake of February 27, 2010, however, they 
also had previous damage due to lack of 
maintenance [2]. This is how the project "Analysis 
and Structural Diagnosis of Viña del Mar Bridges" 
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was carried out. Within this project there were 
different parties involved from surveyors, 
structural engineers, geotechnical engineers, 
contractors and customers.  

These bridges, being old structures, identified 
different problems, such as the lack of background 
in terms of the registration of geometric detail 
plans of the bridges. Where from a first proposal 
making a new geometric survey elaborated in CAD 
plans was reflected a precarious management of 
information between the different parties involved 
of the project.  

In this work, a change in the way of working in 
terms of the use of tools is demonstrated, such as 
from CAD to generic and parametric models. The 
results identified Bridge Information Modeling 
(BrIM) as a novel and appropriate approach to the 
search for the level of precision, the collection of 
as-built data and 3D modeling, thus allowing an 
efficient management of information between the 
different parties involved, this time that of 
maintenance and operation.

Figure 1.  3D Modeling Quillota bridge 

2 State of the Art 
The BrIM (Bridge Information Modeling) 
methodology is based on the extensive use that has 
been made of BIM (Building Information Modeling). 
Although they have the same foundations and 
objectives, their main difference lies in the 
development and evolution of the tools available 
for the execution of information modeling, due to 
the notorious differences in terms of the typology 
of structures. Additionally, the experience derived 
from the use of these at a global level has a great 
discrepancy, while BIM has been applied to 
construction projects for years, BrIM arose from 
the need to improve the work of planning and 
control over infrastructure projects [4]. 

Two differences between BIM and BrIM are: 

- The geometric definition of buildings is developed
in a rectangular grid system, while bridges are
defined with curved or straight horizontal
alignments (stations and displacements), vertical

degrees and curve profiles (elevations), and 
definitions of variable cross-sections (cants).  

- The number of construction disciplines and trades
involved in building structures is significantly
greater than that of bridges [6].

Thus, taking into account that BrIM, being a 
methodology focused on the integration of all 
stages of an infrastructure project, based on the 
generation and management of data, it is a good 
choice for the practice of the study of this work. 

2.1 Definition of BrIM (Bridge Information 
Modeling) 

BrIM could be defined as the set of systems, 
methods and digital storage media usable to 
generate the information model of a bridge that 
allows combining the information associated with 
the design and construction from various 
disciplines. BrIM allows users to access and view 
the information associated with a project using 
different models, such as: Geometric, structural, 
physical, and constructive [7]. 
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2.2  BrIM Uses 

BrIM Uses are "methods of applying BrIM over the 
life cycle of an infrastructure to achieve one or 
more specific objectives." These uses serve to 
explain the different ways in which project 
stakeholders can use BrIM. The standard in Chile 
determines twenty-five BrIM uses [8]. For the 
purpose of this work, the BrIM use called "As-Built 
Modeling" is approached, such as allowing its 
applicability in a stage of construction and 
operation. 

2.3 As-Built Modeling 

Modeling process in which the physical conditions 
of all the elements that are part of a building or 
infrastructure are accurately represented. The 
elements of these models contain all the 
information requested for the models, such as 
barcodes, serial numbers, warranties, maintenance 
history, among others [8]. 

3  Practical Framework 

3.1 Overview of the Project "Structural 
Analysis and Diagnosis of Viña del Mar 
Bridges" 

On the occasion of the earthquake that occurred 
on February 27, 2010, the road infrastructure of 
the commune of Viña del Mar was damaged. 
Among the affected structures are the oldest 
bridges in the city of Viña del Mar. By visual 
inspection it was detected that the bridges present 
different deterioration in their structure.  

Within the framework of the Reconstruction, 
Rehabilitation and/or Construction Plan, the repair 
works produced by the earthquake that directly 

affected the serviceability of the bridges were 
contracted [3]. In which this project took place, it 
was developed in four stages: 

Stage 1: Planimetry and Preliminary Evaluation. 

Stage 2: Collection of Background and 
Development of Structural Analysis. 

Stage 3: Diagnosis and Structural Evaluation. 

Stage 4: Design Terms of Reference. 

In this work we refer directly to the Structural 
Diagnosis and Evaluation stage, where the 
collection and analysis of information on the 
current state of the bridges is one of the main 
concerns, this due to the following requirements at 
this stage, described below: 

- Complete planimetric survey.

- Geometric survey, reflecting in detail the state of
the construction situation. The data obtained in
Stage 2 should be represented in CAD drawings at
appropriate scale, using floor plans, elevations,
sections and details.

- Structural evaluation and diagnosis, this
evaluation should include the structural aspect and
the functional aspect.

Therefore, an adequate level of accuracy and as-
built data collection has to be considered. Although 
as a first requirement the representation in CAD 
plans was required, a technological methodology 
was incorporated to this making use of BrIM called 
"As-built Modeling" through the elaboration of 3D 
parametric models, said methodology described 
below.   
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Figure 2.  Location of the bridges of Viña del Mar 

3.1.1 Characteristics of bridges 

Table 1. General characteristics of the bridges of Viña del Mar 

Bridge 
Year of 

contruction 
Longitude 
[meters] 

Wide 
[meters] 

Typology Use 

1. Lusitania 1988-1992 89,5 14,26 Combined Vehicular and Pedestrian 

2. Cancha
No 

registration 
89,5 18,5 

Beam-Slab deck 
continuous 

Vehicular and Pedestrian 

3. Villanelo 1960 85 7 
Box beam deck with 

variable height 
Vehicular and Pedestrian 

4. Quinta
No 

registration 
91 3,31 Beam-Deck Pedestrian 

5. Ecuador 1962 90,5 17,42 
Beam deck with deck 

slab 
Vehicular and Pedestrian 

6. Recreo
No 

registration 
50,7 10,2 Combined Vehicular and Pedestrian 

7. Mercado 1960 85,2 10,94 Beam-Deck Vehicular and Pedestrian 

8. Quillota 1908 90,4 13,44 
Beam deck with deck 

slab 
Vehicular and Pedestrian 

9. Libertad 1957 94 21,8 
Box beam deck with 

variable height 
Vehicular and Pedestrian 

10. Casino 1934 80,7 23,33 
Variable height drawer 

beam 
Vehicular and Pedestrian 

3.2 Work methodology 

The framework for as-built modeling of bridges was 
based on the following steps. 

First, in the field a record is made of the 
measurement of all elements that comprise the 
bridges, such as piers, abutments, beams, deck, 
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railings and others. This to achieve good accuracy 
and avoid bad geometry during the next step. 

In the second step, all the information collected in 
the field is analyzed and give rise to the elaboration 
of 3D parametric models using a BrIM software, 
and in this way generate the required planimetric 
representation of views in floor plans, elevations, 
sections and details, these with the appropriate 
scale. 

Finally, in the third stage, bridge modeling is 
presented in an Industry Foundation Class (IFC), 
which is the industry consensus standard for BrIM 
and related data exchange protocols. In this way 
the digital file can be imported into various BrIM 
computer programs for further processing, such as 
structural analysis programs. 

3.3 Elaboration of Parametric Models (3D) 

In this section as an example three of the ten 
bridges will be taken. 

Initially, the representation of the land was made 
from the integration with the file generated in the 
Civil 3D program. The extension allowed to extract 
the surface and some representative points of the 
bridge site. 

The modeling begins from the information or 
measurements made in the field, grouping by 
category the different elements that represent the 
bridge, such as: Bridge decks, abutments, etc.  

The modeling of the reinforcement of the structure 
was carried out using the Revit tool. 

3.3.1 Recreo bridge 

The Recreo Bridge, also known as the Chorrillos 
Bridge, is a structure used to provide connectivity 
between Diego de Almagro and Londres streets on 
Chorrillos Street, Valparaíso Region, passing over 
Caupolicán Street. This bridge is for both vehicular 
and pedestrian use and is currently in service.  

It is bidirectional and has 2 circulation tracks, 
consisting of 5 metal longitudinal beams, 
supported on 4 piers and 2 abutments that 
accommodate 5 spans. 

Figure 3.  Recreo Bridge 

Figure 4.  3D Modeling Recreo Bridge 

Figure 5.  Level of detail 

Figure 6.  Drawing As-Built Recreo bridge 

924



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

3.3.2 Quinta bridge 

The Quinta bridge is a structure used to give 
connectivity to the northern (Ave. 1 Norte) and 
south (Arlegui Street) sectors of Viña del Mar in the 
Valparaíso Region, allowing pedestrians to pass 
over the Marga Marga estuary. This bridge is 
currently in service.  

The bridge is made up of a reinforced concrete slab 
supported on 2 longitudinal beams of the same 
material. It has 2 abutments and 7 piers, giving rise 
to a total of 8 spans. 

Figure 7. Quinta bridge 

Figure 8.  3D Modeling Quinta bridge 

Figure 9.  Level of detail 

Figure 10.  Drawing As-Built Quinta bridge 

3.3.3 Quillota Bridge 

The Quillota Bridge is a structure used to give 
connectivity to the north (Ave. 1 Norte) and south 
(La Marina Street) sectors of Viña del Mar in the 
Valparaíso Region, allowing both vehicular and 
pedestrian passage over the Marga Marga estuary. 
This bridge is currently in service.  

It is one-way and has 3 vehicular tracks facing south. 

The bridge has a reinforced concrete slab 
supported on longitudinal beams of the same 
material. It has 7 piers and 2 abutments that 
accommodate 8 spans. 

Figure 11.  Quillota Bridge 

Figure 12.  3D Modeling Quillota Bridge 
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Figure 13.  Parametric modeling of piers 

Figure 14.  Drawing As-Built Quillota bridge 

3.4 Structural Engineering 

This section aims to demonstrate that after making 
use of a BrIM software with which the 3D 
parametric models were elaborated, it is also easy 
through open formats such as the IFC, to be able to 
exchange this information with programs in the 
structural area. 

 Below is a brief description of the bridges taken as 
an example in the previous section. Where a 
complete model was created for each bridge with 
SAP2000 v23 finite element software. 

3.4.1 Recreation Bridge 

Figure 15.  3D view of the complete model. 

3.4.2 Quinta Bridge 

Figure 16.  3D view of the complete model. 

3.4.3 Quillota Bridge 

Figure 17. 3D view of the complete model. 

4 Conclusions 
Information modeling can become a valuable tool 
to facilitate the management of information 
between the different parties involved in a bridge 
project, regardless of the typology. 
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It is necessary to have structured bases on the use 
of the software and experience in the 
representation and drawing of the components of 
the bridge. When creating a 3D model, you have 
the advantage of visualizing all the elements as a 
whole, allowing the exploration of the model in 
detail from the arrangement of a wide variety of 
views, which can facilitate "Value Engineering" 
processes consisting of providing improvements to 
the project by the professionals involved in its 
conception. 

The use of open formats such as the IFC is very 
helpful and easy, when exchanging information 
between the different professionals collaborating 
in the realization of a project. 

It can be clarified that one of the difficulties 
encountered at the time of generating the as-built 
models is not having the original documentation of 
the bridges, such as the plans, since they are so old 
that the information was not properly safeguarded. 
Thus, as mentioned in this work, it was necessary 
to perform a geometric survey in the field of all the 
bridges, to give rise to the development of as-built 
drawings and 3D modeling, where through this 
information can be shared and worked together 
with the area of structural engineering, thus 
resolving doubts and correcting errors at the time 
with each of the models for the different bridges 
under study.  

In this work we first describe the current state of 
knowledge in the 3D modeling of bridges, the 
creation of parametric models and the 
management of information worked between the 
different parties involved in the maintenance and 
operation of a project, all this through a literature 
review of recent advances in the development of 
new technologies, establishing a working 
methodology called BrIM. 
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Abstract 
Steel truss structures are a powerful and reliable type of bridge girders. The complex part of trusses 
are the nodes, especially if more than 4 members are converging. Such nodes include internal welds; 
inaccessible after completion. This study assesses whether all of the internal welds are 
indispensable, or alternatively, what are the consequences if they are omitted. The latter is tested 
for a particular bridge, consisting of hollow core profiles. After determining the member forces, 
including bending moments, an alternative load path is indicated, generated if the internal welds 
are missing. Formulas are given to determine the weld stresses. In ULS some of the welds require a 
small amount of strengthening if the internal welds are omitted. In addition fatigue resistance was 
determined. Certainly for this example internal node welds may be left out, although this does not 
necessarily apply to more complex node cases. This indicates omitting of some internal welds may 
well be acceptable  

Keywords: welded truss nodes; eliminating internal welds; alternative load path; equal stress 
distribution in welds. 

1 Introduction 
Truss girders are again used both for smaller 
bridges and in larger roofs of buildings. This is 
related to the fact that designers have 
rediscovered the many advantages of truss girders 
and also due to the strong and evident character of 
this type of load-carrying structure. In particular, 
the use of hollow core profiles for the members is 
considered as an important asset, because of the 
easy connection. In addition, the latter have a neat 
view, in contrast to the rather complex members, 
produced in the 19th and early 20th century. 
Obviously, the simplicity of connecting the truss 
nodes is in favour of hollow core profiles, whether 
they be cold formed or assembled from plates. 

If the truss bars can be simple, the character of 
truss becomes more complex for the nodes. The 

Warren-truss has the simplest nodes, since the 
number of members connecting at a node is 
maximum 4. This type of truss may also be used in 
arch bridges, especially of the tubular type [1]. In 
some trusses the number of bars, intersecting at 
the same node may reach 5. This occurs if Warren 
trusses are supplemented with vertical bars, to 
increase the number of nodes. In addition, hollow 
core profiles may collapse due to the lateral 
pressure or tension perpendicular to their thin 
walls. This additional type of stress may require 
complex internal stiffening of the profiles at the 
nodes. The latter may require optimization of this 
type of stiffening [2]. As a result, truss nodes often 
need to be welded in a particular sequence and 
some of the welds cannot be reached, nor 
inspected after completion of the steel structure. 
The latter certainly complicates the work, and may 
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be at the origin of misunderstandings and 
omissions. 

The aim of the present study, which is still at initial 
phase, is to assess whether these inside welds are 
indispensable, or what are the consequences 
should they be omitted. This is tested for the 
particular case of a rather unusual truss bridge, 
which serves as an example. 

2 Welded truss nodes 

2.1 General approach 

According to Eurocode on steel connections EN 
1993-1-8 [3], calculating the throat dimension of 
fillet welds requires to assume an evenly 
distribution of normal as well as shear stresses. 
Hence, should the problem be simulated by 
elaborate FE-models, uneven distributions, 
including high stress concentrations will be found. 
This would lead to a completely different stress 
pattern in the welds compared to the 
aforementioned rule. Hence, application of the 
code implies consideration of stress resultants as 
normal force and bending moments, rather than to 
constitute continuous models. The advantage of 
this method resides in the fact that a set of 
formulas to calculate the weld stresses can easily 
be derived. 

2.2 Internal welds 

The problem is clarified for the upper chord node 
of an 80 m railway truss bridge as shown in Fig.1. In 
this case the members are also assembled from 
plates and welded. 

As the blue arrows in this picture show, the force of 
each plate is transferred as a horizontal component 
to the lower flange of the horizontal upper chord 
and as a vertical one to a stiffening diaphragm 
inside this member. The consistent force transfer 
from each plate requires some of the connections 
with single-sided welds and even infilled welds as 
exhibited in lower part of Fig. 1. Obviously these 
are heavy nodes and members built together from 
plates, which still allows these arrangements 

EN 1993-1-8 exhibits a series of figures applying to 
cold formed members connected by partial 
intersection of the profiles. This implies 

interrupting parts of vertical or sloping bars, 
provided the remaining parts be connected by 
welding and lateral crushing by perpendicular force 
or pressure of the hollow core profiles is resisted. 
Hence, it may be questioned whether all 
connections and especially the internals ones are 
always needed, provided other connections are 
capable of transferring the member forces. This is 
exactly what is verified in the following example. 

Figure 1. Force transfer in truss node 

2.3 Truss bridge 

The truss bridge under construction replaces a 
similar bridge across the canal from Pommeroeul 
to Antoing in the South-Western province of 
Hainaut in Belgium. The small canal was built in 
1826, the present bridge being constructed 100 
years later. The bridge is sometimes called the 
‘Royal Bridge’ and has reached an age of almost 
100 years. Closer inspection has shown there is 
heavy corrosion in secondary and in the load-
carrying members. In spite of the historic 
significance and the heritage value of this bridge, 
the owner decided corrosion was too extended to 
refurbish the bridge and it should be replaced. A 
special characteristic of the structure concerns the 
level of the road with respect to the lower chord of 
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the truss girders. Both in the old and the new 
bridge the road surface does not correspond nor to 
the upper members, nor to the lower ones. This 
particular feature of this bridge complicates the 
analysis. The vertical bars are subjected to 
compression rather than tension. In Fig. 2 the 
fabrication model of the new bridge is displayed. 
The the high crossbeams that allow the rise of the 
road pavement above the lower members is clearly 
depicted. Fig. 3 displays both truss members 
fabricated in the workshop. 

Figure 2. Fabrication model of new truss bridge 

Figure 3. Truss in workshop 

As will be discussed later, it is believed that the 
introduction of compression, instead of tensile 
force in the lower part of the vertical members, 
would modify the problem if the internal welds. 

3 Analysis of nodes 

3.1 Member forces 

Fig. 4 exhibits the FE-model of the truss bridge. As 
mentioned, beam models have been used, to be 

certain of deriving normal force and bending 
moments. The nodes have been considered as 
having sufficient bending stiffness, since there is no 
upper bracing and the lateral wind loads may cause 
out-of-plane bending. 

Fig. 4 clearly shows the relevant nodes for the issue 
being discussed, located on the lower horizontal 
chord members and closest to the bearings. Since 
nodes of 5 intersecting bars are considered, the 3rd 
node counted from the support is relevant. The 
loads include the steel structure’s dead weight, the 
concrete road slab, the pavement as well as LM 1 
from Eurocode EN 1991-2 [4], as well as wind load 
according to EN 1991-1-4 [5]. Load combinations 
have been made with the proper partial factors, 
although the effect of lateral wind was not 
multiplied by the relevant ψ-factor. Hence, the 
effect of wind is somewhat overestimated. 

Figure 4. Beam element model of truss bridge 

Table 1 shows all stress resultants as normal and 
shear forces as well as bending moments in the 5 
members that are intersecting in node 3, expressed 
in kN or kNm. The x-axis corresponds to the bar axis, 
whereas the y axis is perpendicular to the truss 
plane. Obviously, because of the stiffness of the 
nodes, bending moments in the lower chord 
cannot be neglected. 

Table 1. Member forces node 3 
Member 
force (kN or 
kNm) 

N Vy Vz My Mz 
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Hor mem 1* 1384. -33.9 4.18 22.56 75.2
Hor mem 2* 1393. -24.4 5.02 20.89 53.7
vertical -576.6 8.60 -35.6 -27.5 -3.7
sloping left 774.95 -4.62 -0.24 -0.04 -4.7
sloping right -53.24 2.22 -0.20 -0.99 -2.1

* = horizontal truss member. 1 = to the left of the
node, 2 = to the right of the node

To substantiate the importance of the bending 
effect, the total normal stress in both the 
horizontal members, 44% of stress in the left 
member and 37% in the right hand member are 
due to bending. This also applies to the vertical 
member, since 44.7 % of the total stress is due to 
bending. 

3.2 Welds in the nodes 

The purpose of these welds is clear. There are 
various welds to differentiate in the 5 member 
node 3. A and B are fillet welds that connect the 
vertical member to the upper flange of the lower 
chord member was assigned the names A through 
F, as shown in Fig. 5. The diagonal bars serve the 
same function as C and D, whereas E and F connect 
the latter to the vertical bar. Clearly, A are the only 
welds that become inaccessible once the node is 
assembled, and they may be removed or 
questioned as to their usefulness, because the 
member force of the flange of width d might transit 
via welds F to welds D to link with the lower node. 

Figure 5. Welds in node connecting 5 members 

As illustrated in Fig. 4, the angle determines the 
slope of the diagonal members, while the cross-
sectional dimensions of the RHS profiles are 
displayed. The thickness of each flange is 
designated by the letters tb, td, and so on, with the 
index relating to the flange width. The letter a 
denotes the fillet weld's throat dimension, which 
may be augmented by the length index. 

Considering RHS-profiles to match to genuine 
rectangular cross sections is obviously an 
approximation.  

To correct this, the thickness tn could be adjusted 
appropriately. The normal force of each member is 
considered to be distributed evenly throughout the 
four flanges of the profile, based on their cross 
section area. Furthermore, compressed and 
tension flanges resist bending forces, with the 
contribution of webs being overlooked. The 
following equations can be used to calculate the 
stresses in the weld throats using these 
assumptions. 

σt = τt = �
𝑁𝑁 𝑑𝑑 𝑡𝑡𝑑𝑑

2 𝑑𝑑 𝑡𝑡𝑑𝑑+2 𝑠𝑠 𝑡𝑡𝑠𝑠
 + 𝑀𝑀𝑦𝑦

𝑠𝑠
�  √2
2 𝑑𝑑 𝑎𝑎𝑑𝑑

   (1) 

Both normal and shear weld stresses are calculated 
according to EN 1993-1-8 and are of equal 
magnitude. In weld B these stresses are found from 
Eq. (2). 

σt = τt = �
𝑁𝑁 𝑠𝑠 𝑡𝑡𝑠𝑠

2 𝑑𝑑 𝑡𝑡𝑑𝑑+2 𝑠𝑠 𝑡𝑡𝑠𝑠
 + 𝑀𝑀𝑧𝑧

𝑑𝑑
�  √2
2 𝑠𝑠 𝑎𝑎𝑠𝑠

(2) 

In a similar manner the weld stresses in C and D are 
found from equations (3a and b) and (4a and b) 
respectively. However the square root in (1) and (2) 
must now be replaced by functions of the correct 
angle between the weld throat and the axis being 
considered. 

σt = �
𝑁𝑁 𝑟𝑟 𝑡𝑡𝑟𝑟

2𝑟𝑟 𝑡𝑡𝑟𝑟+2 𝑏𝑏 𝑡𝑡𝑏𝑏
 +  𝑀𝑀𝑦𝑦

𝑏𝑏
�  𝑡𝑡𝑟𝑟 sin (45°−0.5 𝛽𝛽)

𝑎𝑎𝑐𝑐
  (3a) 

τt = �
𝑁𝑁 𝑟𝑟 𝑡𝑡𝑟𝑟

2𝑟𝑟 𝑡𝑡𝑟𝑟+2 𝑏𝑏 𝑡𝑡𝑏𝑏
 +  𝑀𝑀𝑦𝑦

𝑏𝑏
�  𝑡𝑡𝑟𝑟 cos (45°−0.5 𝛽𝛽)

𝑎𝑎𝑐𝑐
      (3b) 

σt = �
𝑁𝑁 𝑏𝑏 𝑡𝑡𝑏𝑏

2𝑟𝑟 𝑡𝑡𝑟𝑟+2 𝑏𝑏 𝑡𝑡𝑏𝑏
 +  𝑀𝑀𝑧𝑧

𝑟𝑟
�  𝑡𝑡𝑏𝑏 sin (45°−0.5 𝛽𝛽)

𝑎𝑎𝑏𝑏
     (4a) 

τt = �
𝑁𝑁 𝑏𝑏 𝑡𝑡𝑏𝑏

2𝑟𝑟 𝑡𝑡𝑟𝑟+2 𝑏𝑏 𝑡𝑡𝑏𝑏
 +  𝑀𝑀𝑧𝑧

𝑟𝑟
�  𝑡𝑡𝑏𝑏 cos (45°−0.5 𝛽𝛽)

𝑎𝑎𝑏𝑏
     (4b) 

The calculations of welds E and F are particularly 
crucial in this case since they will play an important 
role if the internal weld A is ignored. Weld type E is 
represented by equations (5a) and (5b), while weld 
type F is represented by equations (6a) and (6b). 

σt = �
𝑁𝑁 𝑟𝑟 𝑡𝑡𝑟𝑟

2𝑟𝑟 𝑡𝑡𝑟𝑟+2 𝑏𝑏 𝑡𝑡𝑏𝑏
 +  𝑀𝑀𝑦𝑦

𝑏𝑏
�   sin (45°−0.5 𝛽𝛽)

𝑟𝑟 𝑎𝑎𝑟𝑟
     (5a) 

τt = �
𝑁𝑁 𝑟𝑟 𝑡𝑡𝑟𝑟

2𝑟𝑟 𝑡𝑡𝑟𝑟+2 𝑏𝑏 𝑡𝑡𝑏𝑏
 +  𝑀𝑀𝑦𝑦

𝑏𝑏
�   cos (45°−0.5 𝛽𝛽)

𝑟𝑟 𝑎𝑎𝑟𝑟
     (5b) 

σt = τt = �
𝑁𝑁 𝑏𝑏 𝑡𝑡𝑏𝑏

2𝑟𝑟 𝑡𝑡𝑟𝑟+2 𝑏𝑏 𝑡𝑡𝑏𝑏
 + 𝑀𝑀𝑧𝑧

𝑟𝑟
�   √2 𝑐𝑐𝑐𝑐𝑠𝑠2𝛽𝛽

2 𝑏𝑏 𝑎𝑎𝑏𝑏
   (6a) 
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τl = �
𝑁𝑁 𝑏𝑏 𝑡𝑡𝑏𝑏

2𝑟𝑟 𝑡𝑡𝑟𝑟+2 𝑏𝑏 𝑡𝑡𝑏𝑏
 +  𝑀𝑀𝑧𝑧

𝑟𝑟
�   sinβcos𝛽𝛽

 𝑏𝑏 𝑎𝑎𝑏𝑏
          (6b) 

It may be noticed that in weld F part of the member 
force is transformed to longitudinal shear in the 
weld. This is because the connection is not 
perpendicular to the member axis. 

The various stresses in the weld throats, as well as 
the vonmises equivalent stresses, are shown in 
Table 2. If the material conforms to S 355, the latter 
shows that A and B have insufficient strength. This 
is because LM 1 does not totally apply to these 
structures, as the road is of small importance, and 
the NAD for the code allows for a moderate load of 
0.8 times the traffic load. This, however, has no 
bearing on the current study's goal. 

Table 2. Weld stresses node 3 

weld t t l vonmis 
A 248.92 248.92 497.84 
B 313.87 313.87 627.75 
C 61.78 160.80 285.28 
D 69.84 69.84 89.11 208.16 
E 61.82 160.80 285.29 
F 56.86 56.86 89.11 191.71 

4 Elimination of internal welds 
If the internal weld A is not present, the force 
generated by the d-length flanges will be passed to 
the lower member as shear force through weld F, 
causing additional stress in D. Because the rigidity 
of this alternate load path is significantly larger 
than that of weld E, it is more plausible. 

Part of the vertical member flanges, obviously, is 
rendered inactive for load transfer. The vertical 
stress in the remaining cross section rises as a 
result. Furthermore, stress concentrations will 
occur, which will be determined by the radii of the 
profile rounding and detailing. As a result, the 
alternative should be well-prepared. It is thought 
that thourough detailing will enable the solution, 
particularly since the heaviest member is involved 
and general buckling cannot occur at this point. 

In the case of the bridge being discussed the stress 
in the vertical member increases from 103.3 MPa 
to 192.4 MPa, or by 86%, although still acceptable. 
This result may well be of general nature, since in 
most trusses the members themselves are not 
critical, the nodes being the most detrimental 

locations. Should this also be true for other cases, 
the welds might be adapted to the alternative load 
path. 

As a consequence stresses will increase in welds F 
and D. Eq (7) renders the additional vertical shear 
stress in weld F, whereas (8) gives the additional 
stress in D. 

∆τl = �
𝑁𝑁 𝑏𝑏 𝑡𝑡𝑏𝑏

2𝑠𝑠 𝑡𝑡𝑠𝑠+2 𝑏𝑏 𝑡𝑡𝑏𝑏
 + 𝑀𝑀𝑦𝑦

𝑠𝑠
�  1

 𝑏𝑏 𝑎𝑎𝑏𝑏 cos𝛽𝛽
   (7) 

∆σt = ∆τt = �
𝑁𝑁 𝑏𝑏 𝑡𝑡𝑏𝑏

2𝑠𝑠 𝑡𝑡𝑠𝑠+2 𝑏𝑏 𝑡𝑡𝑏𝑏
 +  𝑀𝑀𝑦𝑦

𝑠𝑠
�  √2
2 𝑏𝑏 𝑎𝑎𝑑𝑑 sin𝛽𝛽

 (8) 

Again for the particular case under discussion, the 
new values of weld stresses are listed in Table 3. 

Clearly, welds D en F have to be increased. 
However, in practice this would mean to increase 
the throat dimension from 5 to 7 mm, which also 
complies with the parent metal strength. 

Table 3. Modified weld stresses node 3 
weld t t l vonmis increase 

B 313.87 313.87 627.75 0.00 
C 61.78 160.80 285.28 0.00 
D 293.35 293.35 89.11 606.66 1.91 
E 61.82 160.80 285.29 0.00 
F 56.86 56.86 301.90 535.12 1.79 

Consequently in this particular case and as far as 
ultimate limit state is concerned, the internal welds 
may be eliminated, provided larger weld thickness 
is used, compatible with the parent metal thickness. 
Obviously this conclusion does not have a general 
character, although it may be applicable to other 
cases. 

5 Fatigue resistance verification 
As the structure considered for this study is a road 
bridge, fatigue resistance may be important. As 
mentioned before, this is a local road and the 
number of lorries crossing daily the bridge is 
limited. Nevertheless, the verification of the 
alternative without internal welds should also be 
verified for fatigue. 

According to background from the calibration of 
the fundamental load models [6], fatigue load 
model FLM 3 has been used. Obviously, the effect 
on vertical loads is moderate, although for the 
forces in the sloping bars the change of sign, due to 
the movable loads, introduces large stress 
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variations. Hence for these members, fatigue 
damage becomes more important than the failure 
resistance. This is a general characteristic for 
trusses, which is easily verified when looking at the 
influence lines for the various bars of a truss 
structure. 

Fatigue verifications are required both for welds 
and for parent material. In general the parent 
material condition is more detrimental than is the 
resistance of the welds. This also applies to this 
particular truss bridge. 

The fatigue damage in the parent material of the 
vertical and sloping bars, all welded connections 
being present, reaches 0.40 and 0.59 respectively. 
If the internal welds are eliminated, these values 
become 0.60 and 0.59, the conditions of the 
diagonal members being unchanged. These data 
are obtained, notwithstanding the low fatigue class 
of the vertical member. The fatigue category for 
parent material, connected by fillet welding to a 
perpendicular member is 36 MPa, which may be 
increased to 45 MPa. The conditions to apply the 
latter category are indeed fulfilled. 

Fatigue damage of the welds has been calculated 
by determining variations of normal and shear 
weld stresses and applying the formula (8.3) from 
EN 1991-1-9. However, due to the two types of 
shear stress variations the formula had to be 
extended to Eq. (9). 

�∆𝜎𝜎𝐸𝐸𝐸𝐸
∆𝜎𝜎𝑐𝑐

�
3

+  �∆𝜏𝜏𝐸𝐸𝐸𝐸
∆𝜏𝜏𝑐𝑐𝐸𝐸

�
5

+ �∆𝜏𝜏𝐸𝐸𝐸𝐸
∆𝜏𝜏𝑐𝑐𝐸𝐸

�
5

 ≤ 1 (9) 

The values of ∆σc , ∆τct and ∆τcl were taken from 
table 8.7 of EN 1991-1-9 [7]. The result can be seen 
in Table 4, both for the case including all welds and 
for the case where internal welds are omitted. 

Table 4. Fatigue strength of weld stresses node 3 
all welds ∆σt ∆τt ∆τl Damage 

A 47.41 47.41 0.22 
B 36.77 36.77 0.09 
C 13.18 34.92 0.02 
D 14.40 14.40 18.38 0.00 
E 13.43 34.92 0.02 
F 11.73 11.73 39.37 0.00 

internal not ∆σt ∆τt ∆τl Damage 
A 
B 36.77 36.77 0.09 
C 13.18 34.92 0.02 
D 56.98 56.98 18.38 0.26 

E 13.43 34.92 0.02 
F 11.73 11.73 57.75 0.20 

All values of the damage are smaller than 1. As 
expected, the damage increases in D and F, 
although weld A initially showed the largest 
damage. In table 4, no increase of the weld throat 
thickness has been considered. 

Clearly, in this particular case fatigue is a less 
detrimental condition than ultimate limit strength 
of the welds. However, the increase of the fatigue 
damage certainly is similar. For other cases, as 
major bridges located on heavy traffic highways or 
railway bridges, fatigue resistance may be a more 
critical requirement. 

6 Discussion and Conclusion 
The nodes in the example are not reinforced by 
gusset plates, as is common in bigger truss bridges, 
with members and nodes made of welded plates, 
as illustrated in Fig. 6. Gusset plates increase the 
cross section area of the node and multiply the 
node strength locally. The transition between 
member forces, on the other hand, could be more 
difficult than indicated in Fig. 1. Internal welds in 
nodes like Fig. 6 necessitate working inside, and the 
final step in fabrication is to close the hollow 
structure with the lateral curved plates. 

Figure 6. Truss node with gusset plates 

Internal welds may obviously be omitted if the 
design of the node is symmetrical. If one of the two 
welds A were to fail, the vertical member would 
experience significant extra bending, with 
unacceptably negative consequences for the 
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remaining welds. Furthermore, the member 
vertical force deviation may simply relocate the 
point of intersection of the node members, causing 
additional bending in the lower edge beam. 

This leads to additional requirement about the 
structure's geometry. Converging members at a 
node should almost likely be concurrent. If the bars 
are not parallel, more bending occurs in the bottom 
edge member, which is similar to the prior 
explanation. 

Avoiding bending of the upper flange of this 
horizontal bar by removing those welds that are 
perpendicular to the flange of the lower edge 
member and come from the strongly loaded 
vertical member, may be considered. As a result, 
failure mode e of table 7.4 of EN 1993-1-8 is no 
longer applicable. This is unquestionably a plus for 
the proposal. 

It is yet unknown whether the offered 
simplification can be generalized due to these 
numerous limitations. However, one may calculate 
the various welds in this type of connection using 
equations (1) to (8) to see if internal welds can be 
avoided. More sophisticated and essential cases, 
such as those involving gusset plates, will be 
investigated in the future. The results should be 
compared to consistent FE-models, which will 
inevitably disclose excessive stress concentrations, 
contrary to the recommendations for welded 
connection design. Experimental verification is 
recommended if the opportunity arises, although 
tiny scaled plastic physical models could be used to 
explore the system further. 
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Abstract 
The seismic performance of precast bridge piers with half grouted sleeves is studied by quasi-static 
test and compared with precast bridge pier with full grouted sleeves. The main failure modes of the 
precast bridge pier with half grouted sleeves are concrete crushing failure at the joint of column-to-
footing and bond-slip failure of the longitudinal reinforcements in the half sleeves, there is no 
obvious crushing and spalling of the pier concrete. The ultimate horizontal strength of the precast 
bridge pier with half sleeves is small and shows a rapid decline trend after reaching the ultimate 
strength, hysteresis loops are flat and narrow while the residual displacement is small. On the whole, 
the seismic performance of the precast piers connected by half grouted sleeves is weak due to the 
bond-slip of the longitudinal bars in the half grouted sleeves. further researches are needed for 
precast bridge piers with half grouted sleeves without bond-slip behaviour. 

Keywords: bridge pier; half grouted sleeves; pseudo-stasic test; seismic performance. 

1 Introduction 
With the development of economy and the 
progress of society, the construction method of 
substructure of bridge has gradually changed from 
high pollution, high noise and low efficiency to 
green, environmental protection, high quality and 
high efficiency of precast construction method. A 
reasonable and reliable connection method is an 
important part of precast bridge piers. The main 
connection methods existing include grouted 

sleeve connection, prestressed reinforcement 
connection, socket connection etc[1-4]. Among 
them grouted sleeve connection is widely used in 
many countries and regions due to its economic 
and reliability. 

Grouted sleeve can be divided into full grouted 
sleeve and half grouted sleeve. As for the full 
grouted sleeve, both ends are connected by 
grouting. At present, many scholars have carried 
out researches on the seismic performance of 
precast pier connected by the full grouted sleeves. 
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Liu et al studied the uniaxial tensile properties of 
the full grouted sleeve splices for steel bars[5]. Liu 
et al studied the seismic performance of precast 
columns connected by the full grouted sleeves[2]. 
Nerio et al studied the seismic performance of 
precast bridge pier connected by the full grouted 
sleeves in the middle of pier body[6] . All those 
research results showed that the technology of 
precast bridge pier with the full grouted sleeves 
was mature and the seismic performance was 
reliable. 

As for the half grouted sleeve, one end is connected 
by threaded connection and the other end is 
connected by grouting. Compared with the full 
grouted sleeve, it allows larger construction 
tolerance and improves construction efficiency. In 
order to study the feasibility of practical application 
of the half grounted sleeves in precast piers, Zhang 
et al[7] and Huang et al[8] studied the uniaxial tensile 
properties of the half grouted sleeve splices for 
steel bars, Xu et al studied the influences of 
grouting density on the performance of the half 
grouted sleeve splices for steel bars[9].Those test 
results showed that when the grouting was dense 
and the construction quality was reliable, half 
grouted sleeve can realize the effective connection 
of longitudinal reinforcements. But researches on 
the seismic performance of precast bridge pier with 
the half grouted sleeves were rare. 

Aiming at the above problems, a precast bridge pier 
with the half grouted sleeve was conctructed, and 
a precast bridge pier with the full grouted sleeve 
was made for comparsion. By analyzing the quasi-
static test results of the precast bridge pier with the 
half grouted sleeves and comparing with the 
precast bridge pier with the full grouted sleeves, 
the seismic performance of precast bridge pier with 
the half grouted sleeves can be studied and 
evaluated. 

2 Test information 

2.1  Specimen design 

Two precasted  bridge pier specimens are designed 
and constructured in this experiment, they are the 
precast bridge pier with the half grouted sleeves 
(S1) and the precast bridge pier with the full 
grouted sleeves (G1). The details about the sleeves 

of the specimens  are shown in Table 1. Both 
specimens use 1:3 scale, and the same size is used 
in the design of both specimens after scaling , The 
size of the column is 530×500×3200 mm, the size 
of the loading end is 900×500×400 mm and the 
size of the base is 1600 x 1600 x 600 mm. The 
distance from the loading center of the specimen 
to the bottom of column is 3400 mm. Loading along 
the long side (side length 530 mm), the shear span 
ratio of both specimens are 6.42. 

Table 1 sleeve information of specimens 

Number Sleeve type  sleeve length 
[cm] 

G1 full grouted sleeve 36 
S1 half grouted sleeve 23 

The size and reinforcements arrangements of both 
specimens are shown in Figure 1. The longitudinal 
reinforcements of two specimens consist of ten 20 
mm-HRB400s for connection, reinforcement ratio
is 1.19%. The hoops are 10 mm-diameter HPB300s
and ties are 8 mm-diameter HPB300s. Both hoops
and ties are spaced at 50 mm for potential plastic
hinge region and at 70 mm elsewhere. The
concrete used for the specimens is C40, High-
strength mortar is used for the splicing joints and
the grouting material in  grouted sleeve.

2.2 Test setup and loading protocol 

The quasi-static test device is shown in Figure 2. 
Horizontal load is loaded by the actuator at a 
distance of 3400mm from the bottom of   pier. 

The actuator has built-in load cell and displacement 
sensor with the maximum load capacity and travel 
distance of 1500kN and ± 250 mm. A vertical jack 
is installed on the top of  pier to load vertical load. 
The vertical load is 560kN and axial compression 
ratio is 11.1%. 

During the test, the vertical load keep unchange 
and cyclic loading is controlled by displacement in 
the horizontal direction. The loading displacement 
of each stage is shown in Table 2 below. 

936



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Table 2  Loading protocol 

Loading 
level 

loading 
displacement 

[mm] 

Loading 
level 

loading 
displacement 

[mm] 

1 2-2-2 9 60-60-40

2 5-5-5 10 80-80-60

3 10-10-5 11 100-100-80

4 15-15-10 12 120-120-100

5 20-20-15 13 140-140-120

6 25-25-20 14 160-160-140

7 30-30-25 15 180-180-160

8 40-40-3 16 200-200-180

Loading Frame

Strong
Wall

Hydraulic 
 Jack

Specimen

Actuator

Horizontal 
Supports

(a) loading device

(b) actual loading

Figure 2 Test setup

3 Experimental results 

3.1 Damage development of specimens 

In order to better describe the damage state of  test 
specimens, the five-level damage level based on 
the component level is first defined, as shown in 
Table 3. On the basis of defined damage levels, a 
five-level performance level based on component 
level is defined, as shown in Table 4. 
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In order to compare the damage states of two 
specimens under different loads, the performance 
levels of both specimens under the same damage 
level are described below. 

Damage level Ⅰ: Both of the precast bridge piers 
reach damage levelⅠwhen the displacement load 
is 10 mm. Hairline-like tiny cracks appear along the 
body of both piers, and cracks are closed after 
unloading. Cracks appear mainly in the area above 
the top of the sleeves. 

Damage level Ⅱ: Level Ⅱ is encountered when the 
displacement load of 25 mm and 20 mm are 
applied to S1 and G1. At this stage, there are more 
bending cracks appear along the body of both piers, 
the width of cracks are within 0.02-0.5 mm. It can 
be clearly seen that at this stage, there is a tiny 
crack at column-to-footing joint of specimen S1 
and disappearing after unloading. 

Damage level Ⅲ: level Ⅲ starts to appear at the 
displacement level of 40 and 60 mm for S1 and G1.  At 
this stage, many cracks are closed, there are many 
cracks run through the body of two piers. The 
cracks at the top of the sleeves develop 
significantly. The width of the crack at the top of 
the sleeves of S1 and G1 specimens reaches 0.6 mm 
and 1.5 mm. The opening widths  of column-to-
footing joint of S1 and G1 are 2.5 mm and  4 mm. 
At this stage, cracks development of G1 are more 
severe. 

Damage level Ⅳ: S1 and  G1 reach this level when 
displacement loads of 60mm and 120 mm are 
applied. The width of the crack at the top of the 
sleeves of S1 reaches 1mm and the opening width 
of column-to-footing joint of S1 is 5 mm. Other 
cracks develop slightly. The concrete at the four 
corners of the pier bottom is crushed. At the same 
time, conical accumulation of concrete debris 
under the half grouted sleeves of S1 can be 

Table 3  Definition of damage level based on component level 

Damage 
level Damage state Failure phenomenon Repairable level Functional 

evaluation 

Ⅰ no damage barely visible hairline cracks no repair normal operation 

Ⅱ minor damage visible cracks no repairs or 
minor repairs can operation 

Ⅲ moderate 
damage 

visible cracks; spalling of cover concrete; 
opening of joint 

Moderate 
damage repairs  life safety 

Ⅳ serious damage wide cracks; extensive concrete spalling major repair near collapse 

Ⅴ partial 
failure/collapse 

permanent deformation; buckling and 
fracture of steel bars; crushing of core 

concrete 
replace collapse 

Table 4  Component-level-based definition of performance levels 

perform
ance 
level 

performance 
target qualitative description and quantitative description 

Ⅰ craze barely visible hairline cracks 

Ⅱ yield yielding of first longitudinal bar;Crack width <1mm 

Ⅲ Plastic hinge 
begins to form 

Non-linear deformation occurs; the height of concrete spalling zone is greater than 
1/10 of the section height; oblique cracks develop 

Ⅳ Plastic hinge is 
fully formed 

 inclined cracks develop within 2/3 of the section height from the pier bottom; the 
height of the concrete spalling area is greater than 1/2 of the section height 

Ⅴ strength 
degradation 

Longitudinal bar buckling; stirrup fracture;  core concrete crack width > 2mm; core 
concrete expansion > 5%; strength drops to 85% 
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observed through the opening of the joint, 
Indicating the bond-slip of the longitudinal 
reinforcements inside the sleeves. As for G1, the 
width of the crack at the top of the sleeves is 8 mm 
and the opening width  of column-to-footing joint 
is 8 mm, Concrete spalling in the plastic hinge 
region seriously, plastic hinge is basically formed. 

Damage level Ⅴ : level Ⅴ is encountered when 
displacement loads of 80 mm and 160 mm are 
applied to S1 and G1. The strength of both 
specimens degrade to below 85% of the 
corresponding ultimate strength. At this stage, 
concrete at the column-to-footing joint of G1 are 
severely crushed and spalled, longitudinal 
reinforcements and full grouted sleeves are 
exposed, longitudinal reinforcements are buckled 
under compression loads. The opening width  of 
column-to-footing joint of S1 is 7 mm, and conical 
accumulation of concrete debris are more clearly 
visible through the column-to-footing joint. 

The damage state of each stage of S1 and final 
damage state of G1 specimen are shown in figure 
3. By comparison, it can be seen that the
performance of two specimens is basically the
same under the early loads, and displacement
loads are basically the same. But under later loads,
the performance of the two specimens is
significantly different. As for G1, the cracks at the
top of the sleeves develop significant and
accompanied by cover concrete spalling.
Longitudinal reinforcements are exposed and
buckling, concrete at the joint of pier bottom is
severely crushed and longitudinal reinforcements
are obviously exposed and spalled. But as for S1,

the main failure modes are concrete crushing at the 
joint at the column-to-footing joint and bond-slip 
failure of the longitudinal reinforcements in the 
half grouted sleeves, there is no concrete spalling 
on the pier body. 

3.2 Evaluation of experimental results 

3.2.1 Hysteresis curve and skeleton curve 

The hysteretic behaviors generated by the quasi-
static cyclic tests are shown in figure 4. It can be 
seen that at the early stage the stiffness of both 
specimens are constant and large, hysteresis loops 
are concentrated and overlapped. With the 
cracking of concrete and the yielding of 
longitudinal reinforcements, hysteresis loop 
gradually opens up and presents a fusiform shape.  

But at later stage, the performance of the two 
specimens is different. with the increase of 
displacement loads, The longitudinal 
reinforcements that are inside the half grouted 
sleeves begin to slip, the strength of S1 decreases 
rapidly and the hysteresis loops gradually spread 
out and tend to be flat. But hysteresis loops of G1 
gradually change into a full fusiform shape, finally 
an inverse Z shape, showing a strong capacity of 
energy dissipation.  

(a) Damage level Ⅰof S1 (b) Damage level Ⅱof S1 （c）Damage level Ⅲ 
of S1 

（d）Damage level Ⅳ 
of S1 
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(a) S1

(b) G1

Figure 4 hysteresis curve of the column specimens 

Figure 5 Skeleton Curve 

The skeleton curves are shown in figure 5. By 
observing Figure 4 and Figure 5, it can be concluded 
that the area of each hysteresis loop of   S1 is small, 
indicating a weak energy dissipation capacity. In 
addition, the ultimate horizontal strength of S1 is 
smaller and strength decreases more rapidly after 
reaching the ultimate strength. The main reason 
for the difference in strength is that the main 
failure mode of S1 is bond-slip failure of the 
longitudinal reinforcements in the half sleeves and 
Concrete compression performance is not fully 
developed. 

（e）Damage level Ⅴ of S1 （f）final state of S1 （g）final state of G1 

Figure 3 Damage of the column specimens 
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3.2.2 Ductility and energy dissipation 

Ductility values of two speimens are show in table 
5, which is defined as the ratio of ultimate 
displacement ∆u to effective yield displacement ∆y. 
The value ∆y of two specimens are similar, but duo 
to bond slip , the value ∆u and ductility of of  S1 is 
much smaller than G1. 

Table 5 Ductility of specimens 

The ability of a structure to dissipate energy during 
elastic-plastic deformation is an important 
indicator of its seismic performance, the more 
energy a structure dissipates during earthquake 
action, the better it is for the seismic safety of the 
structure. In this paper, the equivalent viscous 
damping ratio  ξeq = 1

4π
� Ed
Es

 � is used to evaluate 

energy dissipation capacity of the specimens. Ed is 
the area enclosed by the hysteresis curve at each 
loading level, Es is the elastic strain energy stored 
by the equivalent linear elastic system. The 
equivalent viscous damping ratio of the two 
specimens are show in figure 6. Before 100mm, the 
energy dissipation capacity of S1 is stronger, but 
with servious bond-slip, energy dissipation capacity 
decreased rapidly. 

Figure 4 equivalent viscous damping ratio 

3.2.3 Residual displacement 

Residual deformation is is an important indicator 
for assessing the self-centering capability of the 
structure. In this paper, the residual deformation 
index RDI = ∆r

∆y
 is used to evaluate the residual 

displacement, where ∆r  is residual displacement 
and ∆y is effective yield displacement. The residual 
deformation index of the two specimens is shown 
in Figure 5. 

In general, the residual displacements of the two 
specimens increase with the increase of load. 
However, the positive residual displacement of 
specimen S1 begins to decrease when the positive 
displacement load reaches 75 mm because of 
bond-slip. In comparison, the residual 
displacement of S1 is greater than that of G1. 

Figure 4 Residual displacement index 

4 Conclusions 
In this paper, the seismic performance of the 
precast bridge pier with the half grouted sleeves is 
studied by quasi-static testing and comparied with 
the seismic performances of the precast bridge pier 
with the full grouted sleeves. The following 
conclusions are obtained: 

 The main failure modes of the precast bridge
pier with the half grouted sleeves are excessive
opening of the column-to-footing joint and
bond-slip of longitudinal reinforcements in the
half grouted sleeves.

 Under initial load, the stiffness of the precast
bridge pier with the half grouted sleeves is large,

specimen  ∆𝒖𝒖(𝒎𝒎𝒎𝒎) ∆𝒚𝒚(𝒎𝒎𝒎𝒎) 𝝁𝝁 

G1 160 25.45 6.16 

S1 75.83 22.15 3.42 
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and the hysteresis loops are full. However, with 
the increasing of the loading displacement, the 
hysteresis loops become flat, and the strength 
of the specimen decreases rapidly. 

 Compared with the precast bridge pier with the
full grouted sleeves, the precast bridge pier with 
the half grouted sleeves has a larger equivalent
viscous damping ratio under the same
displacement load, and its energy dissipation
capacity is  stronger. However, the ductility of
the precast bridge pier with the full grouted
sleeves is worse and the residual displacement
is larger.

 Based on the above, it can be shown that the
seismic performance indexs of the precast
bridge pier with the half grouted sleeve, such as
the ultimate horizontal bearing capacity,
ductility, and energy dissipation capacity, has
decreased significantly due to the bond-slip
behaviour. Therefore, in practicall applications,
it is necessary to design half sleeves reasonably
and ensure construction quality to avoid the
occurrence of bond-slip. Further researches are
needed for the precast bridge pier with half
grouted sleeves without bond-slip behavior.
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Timber Floor Assemblies 
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Abstract 
This paper provides a state-of-the-art review of prefabricated mass timber floors, with a focus on 
composite floor assemblies for common residential and long-span office applications. The 
discussion relates to different design aspects, including connection systems and methods of 
assembly. Also, design methods and code provisions for the floor assemblies comprising ultimate 
limit state design, vibration control and long-term behaviour are expounded. A life-cycle overview 
of floor solutions is also presented to highlight their sustainability potential. The paper 
demonstrates how the building industry can leverage the structural performance, light weight and 
prefabrication capabilities of these innovative floor solutions for a better-built environment.  

Keywords: sustainability; mass timber; composite floors; lightweight floors; prefabricated 
construction. 

1 Composite floors: Overview 
Composite floors are structural assemblies where 
composite action is developed through connectors 
that transmit shear and inhibit slip between 
structural floor components. These components 
are often slab and beam elements, or two joined 
slab elements. The most common forms of 
connectors used in composite floors are 
mechanical fasteners, adhesives, and interlocks. 
Composite floors are often characterized by some 
degree of slippage between the components 
leading to a partial composite behaviour.  

Having been extensively studied for many decades, 
steel-concrete composite flooring systems are 
well-established in the building industry, having 
design provisions that are well-detailed in codes 
and standards internationally [1-3]. Whereas 
prefabricated timber-based composite floor 

alternatives examined in this study are still 
emerging. The focus herein is on timber-concrete 
composites (TCCs), timber-steel composites (TSCs) 
and timber-timber composites (TTCs) 

Other composite solutions built with timber and 
glass, or aluminium are beyond the scope of this 
paper. Experimental and numerical investigation of 
the structural performance of composite beams 
made of glass webs and timber flanges have been 
published in [4-6], while research into the 
behaviour of aluminium-timber composites has 
been reported in [7-9]. 

2 Timber-based composite floors 
Figure 1 shows common section types and material 
combinations for prefabricated timber-based 
composite floors that have been studied and with 
published works. The T-shape arrangement, which 
is sometimes flipped to form an upstand beam, is 
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the most common configuration. This arrangement 
has been examined considering TCC [10-12], TSC 
[13-16] and TTC [17-22] configurations.  

Moreover, the I-shaped [23] and double slab 
arrangements [24-26] have mainly been studied as 
TCCs. The I-shaped arrangement allows for the 
concealment of services within the hollow part of 
the floor, while the compact thickness of the 
double slab configuration can be harnessed to 
maximize the inter-storey net height in buildings.  

Figure 1. Timber-based composite floor
configurations and component materials 

3 Shear connectors 
Shear connectors are the mainstay of composite 
floors, without which composite action cannot be 
developed. Adhesives or connectors embedded in 
concrete during casting – such as shear studs, 

interlocks, steel plates and meshes – are referred 
to as “wet” connectors, otherwise, they are 
designated as “dry”. Figure 2 gives an overview of 
“wet” and “dry” connectors for timber-based 
composite floor assemblies. 

Dry connectors usually facilitate the system’s 
disassembly, while wet connectors result in non-
demountable solutions in which the floor 
components can only be separated by severing 
each connector at the interlayer. In practice, both 
classes of connectors are often combined to 
achieve greater efficiency.  

Figure 2.  Shear connectors in 
timber-based composites 
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Shear connectors are usually spaced closely, at 
equal or variable spacing, allowing for essentially 
uninterrupted transmission of shear at the 
connection interface (continuous connection). 
However, there are also accepted design 
arrangements with widely spaced connectors such 
that shear is only transmitted at distinct points 
(discrete connection). Table 1 gives a summary of 
the shear connectors and combinations that have 
been studied in different prefabricated timber-
based composite floors built based on material 
combinations earlier explained. 

Table 1. Shear connectors and combinations 

Floor 
Type Main references 

TCC 
solution 

Screw [12,24,27], bolt and nut [28], 
perforated steel plate [12,24], groove and 
notch (interlock) [23], notch and screw [25], 
shear stud [10], steel mesh [18] 

TSC 
solution 

Screw [29-31], bolt [29,31], screw combined 
with nail plate or adhesive [29,31], 
perforated steel plate with epoxy [30] 

TTC 
solution 

Screw solely [19] or combined with glue [18], 
double-sided nail plate combined with screw 
[17], steel plate with adhesive [21] 

4 Method of fabrication and 
Assembly 

4.1 TCC floors 

In the fabrication of TCCs with “wet” shear 
connectors, the timber components usually serve 
as moulds for casting the concrete element with 
the embedded connectors. Conversely, in TCCs 
with “dry” connector solutions, the concrete 
component is typically cast separately and allowed 
to cure and experience shrinkage before being 
connected to the timber component. 

The placement of shear connectors in the concrete 
region of TCCs can be aided by replacing 
reinforcement bars in the concrete with reinforcing 
fibres [11]. TCCs with groove and notch 
connections usually require a complex concrete 
formwork and machining process to prepare the 
timber element. CNC machines are typically used 
for this purpose. Also, self-compacting concrete is 

often used in such TCCs to fill the complex 
geometry to enhance rapid and economical 
production [23].  

4.2 TSC and TTC floors 

The fabrication of TSCs and TTCs is usually quicker 
than in TCCs as the setting time required for 
concrete is avoided. However, when adhesives are 
used, some time is required for curing although 
fast-curing glue technologies [32] could be 
employed to alleviate such constraints. Also, 
specialized equipment is required, for instance, in 
installing double-sided nail plates in TTCs.  

Depending on the shear connector and its 
arrangement, the fabrication process in some cases 
entails drilling holes in the steel and/or timber 
component to allow the introduction of the 
fasteners for joining the components. For some 
dowel-type connectors, holes slightly larger in 
diameter than the connectors are drilled to prevent 
wood crushing during fastening. Avoiding 
oversized holes that can lead to undesirable 
connection deformation is crucial in such cases. 
However, self-tapping screws which cut their 
thread after predrilling slightly undersize holes are 
now often preferred. The hassle of predrilling can 
be completely avoided by using self-drilling screws 
which enable fastening in a single step. These new 
technologies are fostering the use of mass timber 
composite assemblies. 

5 Design for short-term static actions 
Figure 3 shows the internal forces and cross-
section strain distribution in a typical composite 
floor under static loading.  

Figure 3. Bending behaviour of a composite floor 
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Due to the interlayer slip that develops in timber-
based composite floors, their stress analyses and 
design cannot be carried out using the principle of 
transformation of sections commonly adopted in 
steel-concrete composites. Analytical methods 
proposed for designing timber-based composite 
floors are summarized in Table 2. The “gamma” 
method conceived by Mohler [33] and 
implemented in the Eurocode 5 [34] is widely used. 
It requires calculating the effective bending 
stiffness of the composite floor by applying a 
reduction factor that accounts for the slip modulus 
of the shear connectors. The effective bending 
stiffness is thereafter used in computing members’ 
stresses and deflection. As a simplified approach, 
an elastic behaviour up till failure is assumed for 
the shear connectors. The slip moduli of 
connectors usually have high coefficients of 
variation which undermines the accuracy of results 
obtained from this method. 

To address drawbacks of the “gamma” method, 
Frangi and Fontana [35] proposed an elastoplastic 
solution in which a rigid-perfectly plastic load-slip 
relationship of the connection is assumed. This 
effectively eliminates the slip modulus and 
accounts for the plastic behaviour of the 
connection for a better prediction of failure loads. 
However, it cannot accurately predict deflection 
and stresses under service loads except when the 
connector is very stiff.  

In Van der Linden’s design model [36], the 
interlayer is assumed to be fully plastic and the 
yield load in each connector is taken as equal to its 
corresponding shear force at the time of first 
yielding in any connector. With load increments 
beyond the first yielding load, forces in the 
connectors are kept constant while they deform 
plastically. This method ignores the effect of 
progressive yielding of connectors on the overall 
load-deflection behaviour of the floor.  

To account for the progressive yielding of 
connectors, Zhang and Gauvreau [37] proposed an 
elastic-plastic model to predict the nonlinear load-
deflection behaviour in TCC floors with discrete 
ductile connections.  

In addition, an analytical model has recently been 
developed by Zhang et al. [38] for the design of TCC 
floors with discrete connections based on the 

release-and-restore technique originally proposed 
by Byfield [39] for steel-concrete composites. 

Table 2. Analytical methods for timber-based 
composite floor design 

Model Application 

Linear elastic model 
(Mohler’s method) [33] 

Floors with stiff continuous 
connections 

Elastoplastic models by 
Frangi and Fontana [35], 
Van der Linden [36],  

TCC floors which attain failure 
after plasticization of 
continuous connection 

Elastoplastic model by 
Zhang and Gauvreau [37] 

TCC floors with discrete 
ductile shear connectors 

Analytical model by 
Zhang et al. [38] 

TCC floors with discrete, semi-
rigid connectors 

6 Long-term behaviour 
Studies on the time-dependent behaviour of 
timber-based composite floors have mainly 
focused on TCCs, including long-term floor testing, 
development and validation of finite element 
models and proposal of simplified design 
provisions [40-46]. On the other hand, only a 
handful of similar studies have been conducted on 
STCs [47,48] and TTCs [49,50]. The most widely 
used constitutive model for predicting the long-
term performance of timber is Toratti’s model [51] 
which considers viscoelastic strain, changes in 
modulus of elasticity, shrinkage and swelling due to 
moisture and thermal variations, and 
mechanosorptive strain of wood. Uniaxial finite 
element models are commonly used to implement 
the constitutive models to simulate the long-term 
behaviour of timber-based floors [45-47]. However, 
3D long-term finite element analyses can also be 
performed, as shown in Said et al. [44] and To [43].  

Due to the complexity of the finite element 
approach, simplified analytical methods have been 
proposed for practitioners. In Ceccotti’s proposal 
[42], visco-elastic creep and mechano-sorptive 
deformation have been accounted for by factoring 
the elastic and slip moduli in Mohler’s equations by 
their creep coefficients. This method is considered 
non-conservative as it does not consider the effects 
of shrinkage and inelastic strains due to 
environmental factors which Fragiacomo’s 
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approach [41] addressed by the superposition of 
the various effects. A further simplified procedure 
involving the transformation of concrete shrinkage 
and inelastic strains to uniformly distributed loads 
has also been suggested by Schänzlin [40].  

7 Floor vibration 
Vibration studies on TCCs [11,12,27,52], TSCs 
[53,54] and TTCs [20] have hitherto been aimed at 
evaluating the modal properties and dynamic 
responses of the floors to human-induced vibration. 
There is a paucity of design models specifically for 
assessing the vibration performance of timber-
based composite floors. Consequently, designers 
usually rely on component-level testing, finite 
element modelling and general vibration 
performance assessment guidelines. These include 
the American Institute of Steel Construction (AISC) 
design guide 11 [55], the vibration dose value (VDV) 
method proposed by the British Standard 
Institution in BS 6472 [56] and ISO 10137 [57], and 
the 90% fractile one-step-root-mean-square 
method (OS-RMS90) by the European convention 
for constructional steelworks (ECCS) [58]. Recently, 
a span-limiting model to control walking-induced 
vibration in TCCs was proposed in the Canadian CLT 
Handbook [59]: 

𝑙𝑙𝑣𝑣 ≤ 0,329
(𝐸𝐸𝐸𝐸)𝑒𝑒𝑒𝑒𝑒𝑒

0,264

𝑚𝑚0,206  (1) 

where (EI)eff and m refer to the effective composite 
bending stiffness and the mass per unit length of a 
1m wide timber-concrete composite floor 
respectively. However, this equation is only 
applicable to simply supported floors with normal-
weight concrete.  

8 Building with wood 
Given the traction sustainability and carbon 
emission control are garnering in the construction 
industry globally, they have the potential for far-
reaching influence on the choice of building 
materials for construction projects. Wood has the 
capability for net negative carbon emission via the 
sequestration of more carbon than is released 
during its processing [60]. Also, with the adoption 
of sustainable forest management protocols that 
are well developed in Central and Western Europe, 
Scandinavia, and North America; and are fast-

growing in Eastern Europe, Central America, and 
Asia [61], the risk of deforestation can be 
drastically minimized. Therefore, timber-based 
assemblies have far-less detrimental 
environmental impacts compared to those of only 
steel and concrete composition.  

The use of industrial robots for in-depth timber 
customization, production automation, and 
component assembly [62,63] is playing a crucial 
role in the advancement of timber prefabrication 
and modular construction which is fast developing 
in the industry. The relatively light weight of 
prefabricated timber-based modules gives them an 
edge over their competition in the aspects of 
transportation and installation logistics. Also, the 
possibility of disassembling prefabricated timber-
based composite assemblies for end-of-life 
recycling, reusing, and repurposing of the 
components fosters designing for deconstruction 
and allows for the implementation of a circular 
economic model. However, the overall durability of 
timber-based composite assemblies is usually of 
concern as there are not many precedents to 
provide practical proof of their longevity. A 
schematic of the predicted life cycle of timber-
based composite floors is shown in Figure 4. 

 Figure 4. A predicted life cycle of prefabricated 
timber-based composite floors  

9 Outlook and Conclusions 
This paper has provided a review of emerging 
timber-based prefabricated floor assemblies: TCCs, 
TSCs and TTCs. Their configurations, shear 
connectors, mode of fabrication and assembly, 
design methods, industry and sustainability 
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prospects have been investigated. Among the 
composite floor typologies examined, it has been 
shown that the TCC floor is the most developed and 
studied. Most of the research on the development 
of design models and provisions for timber-based 
composite floors has focused on TCCs. Also, unlike 
most TSCs and TTCs, which have mainly been 
investigated as prototypes, TCCs have already been 
widely adopted in many demonstration projects of 
mass timber buildings. However, with the 
anticipated increase in the uptake of mass timber 
construction due to the sustainability drive in the 
industry, timber-based composite flooring is 
expected to garner more research interest leading 
to the development of design provisions across the 
board. Mechanics-based models for predicting the 
vibration performance of the floor systems are 
notably lagging in the literature. The envisaged 
growth in the utilization of timber-based 
composite floors and the rising demand for housing 
due to the densification of cities indicate a 
potential for an increased market opportunity for 
suppliers and manufacturers of the product. As 
timber-based composite flooring technology 
matures, they have the potential to become viable 
alternatives to their steel-concrete counterparts 
and possibly leapfrog them. 
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Abstract 
Considerable UHPC shrinkage has an enormous impact on steel-UHPC composite deck. To this end, 
a novel post-combined orthotropic steel-naturally cured UHPC composite deck was proposed in 
this paper. Two full-scale segmental steel-UHPC composite decks, one normal while the other 
post-combined, were fabricated for shrinkage monitoring and fatigue loading tests. The 
monitoring results showed that shrinkage-induced secondary stress on the steel deck of the post-
combined specimen was lower than that of the normal one. And the fatigue loading test results 
showed that there was no significantly worse damage on the rib-deck weld detail in the post-
combined specimen. In other words, the post-combined method mitigated UHPC shrinkage 
restraint without obvious deterioration to fatigue resistance. It contributed to establishing an 
economical alternative that could effectively address the adverse shrinkage effect on a steel-UHPC 
composite deck.  

Keywords: steel-UHPC composite deck, post-combined method, shrinkage effect, group studs, 
fatigue damage 
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1 Introduction 
Ultra-high Performance Concrete (UHPC) is a 
general term for high-performance Concrete with 
high strength and durability. Because UHPC has a 
higher specific strength, higher elastic modulus, 
and better impermeability [1], the combination of 
UHPC and orthotropic bridge deck will greatly 
improve the stiffness of the bridge deck, and the 
thin slab thickness, and lower dead weight 
compared to the ordinary composite bridge deck. 
In addition, previous studies [2][3] have shown that 
the orthotropic steel-UHPC composite bridge deck 
increases the cracking load of the composite 
bridge deck; significantly reduces the stress 
amplitude of deck plate, longitudinal rib, and 
transverse rib under fatigue load. 

The orthotropic steel-UHPC bridge deck has 
various advantages. However, the early shrinkage 
effect of UHPC (mainly self-shrinkage) is much 
higher than that of ordinary concrete [4]. In the 
case of a composite bridge deck, internal tensile 
stress will be generated, and even UHPC cracking 
will be caused, and hence the steel deck plate and 
headed studs are more vulnerable to erosion, thus 
reducing the durability and safety of the 
composite bridge deck. On the other hand, the 
orthotropic steel plate will also be affected by the 
secondary internal force due to overall self-
balance, which will cause the mechanical 
properties of the composite bridge deck to a 
considerable degree of deterioration. 

UHPC cracking and shrinkage-induced secondary 
effect on composite bridge decks can be reduced 
by high-temperature steam curing, expansion 
agent, shrinkage reducing agent, water-saturated 
light aggregate (coral sand), and increasing 
reinforcement ratio. However, these methods are 
not only subject to various restrictions in the 
application; except the steam curing method, but 
also have their limitations in effect [5~9]. 

In this paper, a new method of structure and 
construction, called the post-combined method is 
proposed. Clustered arrangement of the 
connectors is applied, and then the UHPC without 
connectors is firstly cast. After the early shrinkage 
is completed, the part with connectors is cast to 
combine the UHPC with the steel bridge deck. This 

kind of bridge deck is called the post-combined 
steel-UHPC composite deck. In theory, the tensile 
stress caused by the early shrinkage of the UHPC 
can be effectively eliminated as well as the 
compressive stress of the steel deck, for the 
constraint between the UHPC and the steel deck 
was relatively lower in the early term. Toward this 
end, two full-scale steel-UHPC composite decks, 
one ordinary while another post-combined, were 
fabricated for an 80-day shrinkage monitoring test. 
Furthermore, a 500-million-time fatigue load test, 
which simulates wheel load, was conducted to 
investigate the effect of the post-combined 
method on fatigue performance. 

2 Test arrangement 

2.1 Monitoring test 

The configuration of the two specimens was listed 
in Table 1, and the specific dimension was shown 
in Figure 1. In addition, the width of the U-rib was 
8mm while that of the other plates was 12mm; 
the diameter of the rebar was 16mm and the 
cover of longitudinal rebar was about 20mm; the 
height of the headed studs was 45mm and the 
diameter was 13mm. Short connection rebars 
were arranged in specimen DFG to ensure the 
interface property between the first-cast UHPC 
and the post-combined UHPC. For specimen DFG, 
the post-combined operation moment was 45h 
after the first cast. Moreover, supporting blocks 
were employed so that the bottoms of the 
specimens were fully supported during the whole 
monitoring test, to avoid the influence of the 
gravity  

The same monitoring schemes were adopted in 
both specimens. And the sensors, including five 
fiber grating strain sensors and one temperature 
sensor in each specimen, were arranged at the 
same cross-section as Figure 1 shows. Figure 2 
shows the layout of the gauges at that cross-
section. The temperature sensor was marked 
“Temp”. Four sensors were embedded in the 
symmetric positions in the UHPC, at different 
heights while the other one was attached to the 
subface of the steel deck plate, detecting 
longitudinal strain. Monitoring work started right 
after the UHPC was cast simultaneously. 
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Table 1 Design of the specimen 

Mark Arrangement
of the studs 

Cast 
method Size（mm) 

DFN Uniform One-
casting 2800×2000×352

DFG Clustered Post-
combined 

Figure 1 Layout of the specimen 

Figure 1 Layout of the gauges in A-A section 

2.2 Fatigue Test 

After the shrinkage monitoring test, the fatigue 
load test was conducted. Before the official test, a 
preload test of 60kN was conducted. The official 
load process and parameter were designed as 
Figure 3 shows and the load valley, 60kN, was 
referred to as wheel load in the code. The load 
position was shown in Figure 4 and gauge 
arrangement sections were marked as sections I, II, 
and III. The layouts of gauges in DFN and DFG 
were the same, as shown in Figure 5. Only the 
gauges for interface slip were arranged in sections 
I and III. The four strain gauges at a 30-mm 
distance from the deck-rib weld were to supervise 
the strain amplitude of the deck-rib weld in 
section II. And the two displacement meters, 
arranged in section III, were to detect the 
deflection of the composite deck. 

Figure 2 Loading process 

Figure 3 Load position sketch and loading picture 

Figure 4 Layout of the gauges (default: section II) 

3 Result and analysis 

3.1 Shrinkage and shrinkage effect 

Figure 6 shows the internal temperature evolving 
process from Temp. The temperature went down 
before the 33rd day and then up, and the average 
value fluctuated severely, greatly influencing the 
shrinkage monitoring result, which would be 
shown hereinbelow. On the other hand, daily 
temperature difference could be excessively large 
sometimes, such as at around the 20th day, after 
the 65th day, etc.  

Figure 7 and Figure 8 respectively demonstrated 
the monitoring result in the whole process and the 
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first 20 days. The former applied daily average 
value while the latter adopted directly acquired 
data. Figure 7(i) proves that the early process of 
the shrinkage-induced strain in the steel deck was 
retarded because of the post-combined method, 
and secondary evidence could be found in Figure 
8(i). This indirectly manifested that in the early 
term, shrinkage-induced stress in the UHPC was 
lower in specimen DFG. Figure 7(ii) and (iii) 
manifested that the strain of UHPC was about 
100~150με, a rather low amount compared to 
other works of literature. Here might be the 
reasons: (i) commercial UHPC was applied and the 
expanding agent was added; (ii) low temperature 
retarded hydration reaction of the UHPC, 
restraining the early shrinkage evolvement. 
Otherwise, because of the low early temperature 
and the expanding agent, the difference in early 
shrinkage of UHPC on specimen DFG and 
specimen DFN was not obvious, which was also 
exhibited in Figure 8(ii). 

The fluctuation of shrinkage was remarkably 
influenced by temperature variation. As Figure 6 
shows, the daily temperature difference at around 
the 20th day was larger than that at around the 
10th day, which also was manifested by severe 
data fluctuation in Figure 8. Moreover, the period 
of the fluctuation was around 24 hours, which 
could be easily acquired. Therefore, constant 
temperature can help denoise the shrinkage 
monitoring data. 

Figure 5 Internal temperature 

Figure 6:(i) overall process of shrinkage-induced 
strain in steel deck; (ii)(iii) overall process of 
shrinkage strain in the upper and lower layer of 
the UHPC, respectively. 
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Figure 7: (i) 20-day process of shrinkage- induced 
strain in steel deck (the post-combined moment 
was the 45th hour, the same below); (ii) 20-day 
process of shrinkage strain in gauging point UL.  

3.2 Strain amplitude evolvement of rib-
deck weld seam 

The relationship between the rib-deck weld seam 
of DFN and DFG on strain amplitude was to be 
discovered, which could partially represent the 
fatigue resistance capability difference between 
the post-combined deck and the normal one. 
Figure 10 shows the strain amplitude evolvement 
of DFN and the proportion relation between DFG 
and DFN. All results of three measuring positions 
were plotted. As it is shown in Figure 10(i)(ii), the 
strain amplitude rose as the load cycle increased 
for higher load amplitude was applied in higher 
cycles. More importantly, the strain amplitude of 
DFG in the most situation was of little difference 
and even almost smaller in Figure 10(i). In Figure 
10(iii), this value of DFG was much higher and 
could be one or two times higher than that of DFN. 
However, the longitudinal strain amplitude was 
much lower than the transverse one, which meant 
it was not such vital as the transverse amplitude 
and was easily affected by gauges error. In 
conclusion, according to the test results, the post-
combined composite deck was not less vulnerable 
than the normal composite deck concerning the 
rib-deck weld seam. 

Figure 8: the bar chart refers to the strain 
amplitude of deck weld seam in DFN, while the 
point plot refers to the proportion of DFG to DFN; 
(i)(ii)(iii) respectively refer to the transverse strain 
on the deck, the transverse strain on the rib and 
the longitudinal strain on the rib; M or S refers to 
the measure position, near the middle rib or the 
side rib. 

3.3 Overall performance deterioration after 
fatigue load 

After the fatigue test, no obvious facture such as 
macroscopic crack and plate buckling was 
observed. However, based on the static load test, 
overall performance deterioration was 
summarized. Figure 9 (i) shows the secant 
stiffness under a 200kN dead load after different 
quantities of load cycle according to the deflection 
at section II of the middle rib and the side rib. 
Regardless of the improper increase caused by 
gauge error, secant stiffness decrease was 
relatively more obvious in specimen DFG: from 0 
to 500w, 28% decrease in the middle rib and 29% 
in the side rib, while the numbers in DFN were 2.1% 
and 16%. It might due to the different connector 
construction. In addition, the secant stiffness in 
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the side rib of DFG was excessively higher than 
that in the middle rib of DFG, which reflected the 
potential problem regarding transverse 
distribution. Figure 9 (ii) exhibited the interface 
slip at section III of specimen DFG. Since slip 
maximum in other measure positions was lower 
than 0.05mm, these data were omitted 
considering the absolute error of the gauges. As 
Figure 9 (ii) shows, the initiation threshold of the 
interface slip decreased and the rate of the slip 
evolvement elevated as the load cycle increased. 
Generally, the utilization of the post-combined 
method could ensure the composite effect of the 
steel-UHPC composite deck under fatigue load. 

Figure 9: (i) secant stiffness evolvement under a 
200kN dead load after the fatigue load (M refers 
to the middle rib while S refers to the side rib; (ii) 
interface slip development at the section III of 
specimen DFG. 

4 Conclusions 
In this paper, an investigation on the shrinkage 
and fatigue performance of the post-combined 

steel-UHPC composite deck by successively 
conducting a shrinkage monitoring test and a 
fatigue load test. Based on the results presented, 
the following conclusions could be drawn. 

(i) Compared to the normal composite deck, the
early shrinkage effect of the post-combined
composite deck was lower, according to the early
shrinkage-induced strain of the steel deck.

(ii) Evolving difference between the early
shrinkage of the post-combined composite deck
and that of the normal one was not obvious, for
the expanding agent added and the low
temperature retarding the shrinkage evolvement.

(iii) Strain amplitude of the rib-deck weld seam in
the post-combined composite deck under fatigue
load was almost identical to that in the normal
composite deck, indicating that the post-
combined composite deck under fatigue load was
not vulnerable.

(iv) Secant stiffness of the post-combined
composite deck under five million times load cycle
might decrease by 30%, which was more obvious
than that of the normal composite deck. However,
according to the results of interface slip, the
composite effect of the post-combined composite
deck could be well ensured.
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Abstract 
Sichuan kahalo Jinsha River Bridge is a suspension bridge with a main span of 1030m, and the 
anchorages on both sides are gravity anchorages. In order to adapt to special terrain and geological 
conditions, anchorage of Sichuan bank pioneered the use of frame structure as the anchorage 
foundation. The soil and the frame structure jointly bear the vertical load and resist the horizontal 
component of the main cable to form a "frame soil" community and fully mobilize the role of the 
undisturbed soil. At the same time, the distributed grouting technology is used to strengthen the soil 
around the frame structure, so as to further improve the safety factor. This paper introduces the 
topography and geology of the anchorage position, compares and selects different anchorage 
foundation schemes, and explains in detail the design concept, structure size and construction 
technology of the frame foundation. 

Keywords: Sichuan Kahalo Jinsha River Bridge; gravity anchorage with frame structure foundation; 
frame-soil community; grouting reinforcement. 

1 Introduction 
Sichuan Kahaluo Jinsha River Bridge is located in 
the Yongshan Branch of The Expressway along the 
Jinsha River. It is designed to cross the Jinsha River 
and connect Sichuan and Yunnan. The main span is 
1030 metres. The main girder of the bridge adopts 
composite structural steel truss girder, the main 
tower adopts concrete-filled steel tubular 
composite bridge tower, anchors on both banks are 
gravity anchors, and the main cable adopts high-
strength galvanized steel wire. 

The traditional gravity anchorage mostly adopts 
the enlarged foundation, which has better 

adaptability under the condition of good terrain 
and geological conditions, and the construction is 
relatively simple. However, the anchorage of 
Sichuan bank is located in the middle and lower 
part of the left slope of the Jinsha River convex 
bank, on the front edge of the strip ridge, where 
the slopes on both sides of the ridge and the front 
edge  gently slope down and then steeply up(Figure 
2), mostly between 15° and 25°. The localised 
shape is steep. The terrain condition is poor, and it 
is a typical "Elephant nose terrain", and the 
geological conditions at the anchorage position are 
poor (Figure 3). 
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Figure 1. Elevation layout of Sichuan Kahalo Jinsha River Bridge（unit:metre）

If the traditional enlarged foundation is used as the 
anchor foundation scheme, in order to meet the 
bearing capacity requirements, a large foundation 
depth is required. In the case of large horizontal 
and vertical slopes, it will inevitably lead to a large 
amount of foundation excavation and a steep 
excavation slope, which is not only uneconomical, 
affects the ecological environment, but also brings 
greater risks to construction and operation. 
Therefore, it is necessary to explore a new type of 
anchor foundation. 

Figure 2. Topographical plan of the 
anchorage of Sichuan bank 

Figure 3. Longitudinal section of engineering 
geology at the anchorage of Sichuan bank 

This paper focuses on the research on the type 
selection of anchorage foundation of Sichuan bank, 
introduces the design concept and construction 
method of the new type of anchorage foundation. 
At the same time, the structural calculation and 
analysis of the new anchorage foundation are 
carried out by means of theoretical calculation and 
numerical simulation. 

2 Anchorage foundation scheme 
research 

The common anchorage forms of suspension 
bridges are tunnel-type anchorage and gravity 
anchorage. The tunnel-type anchorage mainly uses 
the friction between the anchorage and the 
surrounding soil to resist the pull-out force of the 
main cable. The traditional gravity anchor mainly 
relies on the weight of the anchorage to resist the 
vertical component of the main cable, and relies on 
the friction between the bottom surface of the 
anchorage foundation with the rock and soils to 
resist the horizontal force of the main cable. 

The geological conditions at the location of the 
anchorage of Sichuan bank are poor, and the 
overlying soil layer is 130 metres thick, mainly 
composed of gravel soil and block soil. The 
anchorage foundation bearing layer is located in 
the gravel soil, the physical and mechanical 
parameters of the gravel soil layer are as follows. 
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Table 1. Physical and mechanical parameters 
table of natural state of gravel soil 

degree of weathering intense ~ 
moderate moderate 

natural density 
（g/cm3） 2.3 2.3 

allowable bearing 
capacity 

［σ0］（kPa） 
550 600 

standard value of 
friction resistance 
［qik］（kPa） 

180 200 

friction coefficient 0.45 0.45 

Cohesion (kPa) 15~20 15~20 

internal friction angle (°) 32~35 32~35 

The tunnel-type anchorage have high requirements 
on geological conditions, which cannot adapt to the 
geological conditions here. Therefore, in the 
comparison study of the scheme, the tunnel-type 
anchorage is not considered. 

2.1 Enlarged foundation gravity anchorage 

Through the calculation of the main structure, the 
rise-span ratio of the main cable is selected to be 
1/9.5. The angle between the main cable and the 
horizontal line of the mid-span at the bridge tower 
is 23°. The side span of the main cable has 3 more 
back wire bundles than the middle span, and the 
angle between the side span of the main cable and 
the horizontal line is between 23° and 26.5°. The 
topography of the Sichuan bank is gentle down and 
steep up（ Figure 2） . In order to reduce the 
amount of soil excavation, the anchorage should be 
placed in a place where the terrain is gentler, that 
is, close to the Yunnan bank. Therefore, the angle 
between the side span of the main cable and the 
horizontal line on the Sichuan bank should be as 
large as possible, so the angle between the side 
span of the main cable and the horizontal line is 
selected as 26.5°. 

During the service stage, the side span main cable 
pulling force (left and right together) is 5.3×105kN. 
In order to meet the requirements of main 
structure stress and cable strand anchoring 

arrangement, the topographic and geological 
conditions are considered carefully, the anchorage 
size is selected as follows（Figure 4&5）.  

Figure 4. Elevation view of enlarged foundation 
gravity anchorage（unit:metre） 

Figure 5. Cross-sectional view of enlarged 
foundation gravity anchorage（unit:metre） 

Using the structural dimensions shown in the figure 
above, the overall calculation of the anchorage 
construction and operation stages were carried out, 
and the results are shown as follows. 

During the construction stage, tensile stress at the 
front end of the anchorage were discovered, and 
the maximum foundation compressive stress at the 
rear end of the anchorage is 1270kpa, which does 
not meet the specification requirements. In the 
service stage, the anti-slip safety factor is 1.42, 
which does not meet the requirement that the 
anti-slip stability factor is not less than 2.0.  

It can be seen that using the enlarged foundation 
gravity anchor, the anti-slip stability and the 
bearing capacity of the foundation does not meet 
the requirements. In order to meet the 
requirements of the bearing capacity, it is 
necessary to increase the buried depth of the 
foundation to 20 metres below the Q3 gravel soil 
layer. A 3D model(Figure 6) is created, and 
calculations show that the excavation volume 
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reaches 1.52 million m³, and the maximum 
excavation depth reaches 162 m, which requires 
huge amount of construction and generates 
potential operational risks. 

Figure 6. 3D model of soil excavation (enlarged 
foundation gravity anchorage) 

2.2 Gravity anchorage with frame structure 
foundation 

Although the bearing capacity of the anchorage 
position (550~600 kpa) is low, the standard value 
of friction resistance(180~200kpa) is large and can 
be adopted. In order to make full use of the soil, a 
closed frame structure was considered as the 
anchorage foundation, which does not require 
excavation of the surrounding soil. Not only the 
friction between the side wall of the frame and the 
soil is used to provide a certain vertical force, 
thereby reducing the stress of the foundation, but 
also, the internal soil within the frame is mobilized 
to form a "frame soil" community, which resists the 
horizontal component of the main cable. 

On the basis of enlarged foundation gravity 
anchorage, keeping the structure size above the 
cushion cap unchanged, the anchorage foundation 
adopts the frame structure as shown in the figures 
below (Figurse 7&8). According to the structural 
stress characteristics and requirements, the frame 
foundation is divided into front leg and rear leg, 
both of the same size. Through calculation, the 
foundation size is as follows: the distance between 
the front and rear leg is 21 metres, the longitudinal 
size is 18 metres, the transverse size is 64.8 metres, 
and it is equally divided into 6 boxes, and all the 
wall thicknesses are 1.2 metres. 

Figure 7. Elevation view of gravity anchorage with 
frame structure foundation（unit:metre） 

Figure 8. Plan of gravity anchorage with frame 
structure foundation（unit:metre） 

The calculation result shows that the bearing 
capacity and deformation of the structure meet the 
requirements of the specifications (See under 3.2). 
The maximum soil pressure at the bottom of the 
cushion cap is 400kpa, and the surface gravel soil 
meets the structural bearing requirement. The 
depth of the foundation is shallow, which can 
reduce the amount of foundation excavation. 
Based on the 3D model for calculation(Figure 9), 
the excavation volume is 0.48 million m³, and the 
maximum excavation height is 87m. Compared 
with the enlarged foundation gravity anchorage, 
the excavation is reduced by about 1.04 million m³, 
and the slope height is reduced by about 65m, 
which greatly reduces the amount of excavation 
works and reduces the construction and 
operational risks. Therefore, the gravity anchorage 
with frame structure foundation was selected as 
the final anchorage scheme, and a detailed force 
analysis was carried out. 
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Figure 9. 3D model of soil excavation (frame 
structure foundation gravity anchorage) 

3 Force analysis of gravity anchorage 
with frame structure foundation 

3.1 Force mechanism 

Drawing on the construction technology of the 
underground diaphragm wall, in the process of 
constructing the frame foundation, the soil around 
the frame and the surrounding area is not 
excavated, which not only reduces the amount of 
excavation and post-protection works, but is also 
conducive to full use of undisturbed soil. 

In the vertical direction (Figure 10), the friction 
resistance between soil and walls of the frame 
foundation (both inner and outer) is used to resist 
the vertical load together with the support force of 
the bottom of the cushion cap and the bottom of 
the frame foundation, so as to reduce the 
requirement of the foundation bearing capacity of 
the anchorage[1]. 

Figure 10. Schematic diagram of vertical bearing 
of frame foundation 

In the horizontal direction(Figure 11), the frame 
foundation and the adjacent soil form a "frame-
soil" community to resist the horizontal 
component force of the main cable, enhance the 

resistance of the anchorage in the horizontal 
direction.  

Figure 11. Schematic diagram of horizontal load 
bearing of frame foundation 

3.2 Structure Calculation 

The physical and mechanical parameters of the 
bearing layer are shown in Table 2.  The elastic 
modulus is 886.58MPa at the buried depth of 15m 
and below, and it changes linearly from the buried 
depth of 15m to the surface to 338.15Mpa. The 
standard tension value of the single main cable 
under dead load is 241051kN, and the standard 
tension value under dead load and live load is 
265974kN. According to the above material and 
load information, through FLAC3D, ABAQUS finite 
element model and theoretical calculation, the 
structure analysis is carried out for three working 
conditions. Working condition 1: When the 
construction is completed, the state of anchorage 
weight is only considered. Working condition 2: 
The operating state after the dead-load cable force 
is applied. Working condition 3: The operating 
state after the dead load and live load cable forces 
are applied. 

Table 2. Mechanical parameters of the soil layer 
where the frame foundation is located 

soil layer gravelly soil 

elasticity modulus (MPa) 338.2~886.6 

volume weight（kN/m3) 24.2 

Poisson's ratio 0.27 

internal friction angle（°） 25.2 

cohesion（kPa） 128 
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3.2.1 FLAC3D finite difference model 

Flac3D finite difference software was used to 
simulate and analyze the anchorage. The model 
has a total of 8,284,535 elements and 2,049,250 
nodes. Model range: 350m in longitudinal direction, 
300m in transverse direction and about 120m in 
vertical. The soil is gravel soil. 

The Mohr-Coulomb model is used for the soil. The 
linear elastic model is used for the anchorage 
foundation. The contact surface element is set 
between the soil and the anchorage foundation, 
and its cohesion and internal friction angle of the 
contact surface element are 0.5 times that of the 
gravel soil. Normal and tangential stiffness is 
calculated according to the following formula[2]. 
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Figure 12.  FLAC3D computing model 

3.2.2 ABAQUS finite element model 

The ABAQUS finite element software was used to 
simulate and analyze the anchorage, the model has 
a total of 144860 elements, the element type is 
C3D8R, and the size of the soil model is the same as 
that of the Flac3D model. 

The Mohr-Coulomb model is used for the soil. The 
linear elastic model is used for the anchorage 
foundation. The contact conditions between the 
soil and the anchorage foundation are set as 
normal hard contact and tangential as the penalty 
parameter of 0.45. 

Figure 13. ABAQUS computing model

3.2.3 Theoretical computational model 

The soil is simulated with distributed soil springs, 
and a six-spring theoretical analysis model is 
established (Figure 14). KV: vertical foundation 
counter-force coefficient of foundation bottom; KS: 
horizontal foundation counter-force coefficient on 
foundation bottom; KH: horizontal foundation 
counter-force coefficient in front of foundation; 
KSVB: vertical foundation counter-force coefficient 
in front of foundation; KSVD: vertical foundation 
counter-force coefficient on foundation side; KSHD: 
horizontal foundation counter-force coefficient on 
foundation side. The vertical and horizontal 
displacements of the anchorage foundation are 
relatively small, and they did not reach the plastic 
stage. Therefore, only the elastic behavior of the 
soil is considered in the theoretical calculation. 

Figure 14. Six-spring theoretical analysis model 

3.2.4 Calculation Results 

From the calculation results of stress and 
displacement, the results of the three calculation 
methods are relatively close, and the theoretical 
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calculation results are slightly smaller than the 
calculation results of FLAC3D and ABAQUS. Based 
on the three calculation results, the maximum 
horizontal displacement of the anchor in the 
operation stage (Table 3&4) is 18.9mm, which is far 
less than the specification limit ： 0.0001 𝐿𝐿0 =
0.0001 × 1030𝑚𝑚 = 103𝑚𝑚𝑚𝑚 . The maximum 
vertical displacement is 4.8mm, which is much 
smaller than the specification limit: 0.0002𝐿𝐿0 =
0.0002 × 1030𝑚𝑚 = 206𝑚𝑚𝑚𝑚. During construction, 

the stress at the base of the rear leg is greater than 
that of the front leg (Table 3), and the maximum 
value is 1730kPa. During the operation phase, the 
stress levels of the front and rear leg are equivalent 
(Table 4&5), and the maximum value is 1260kPa, 
which is less than the modified foundation bearing 
capacity at the bottom of the frame foundation, 
which is 3057kPa. It can be seen that the frame 
foundation used as the foundation of gravity 
anchorage is safe and reliable.

Table 3. Stress and displacement comparison (work condition 1) 

Model 

Horizontal 
displacement of 
the cushion cap

（mm） 

Vertical 
displacement of 
the cushion cap

（mm） 

Horizontal 
displacement of the 

vice cable saddle
（mm） 

Stress of 
front leg
（kPa） 

Stress of 
rear leg
（kPa） 

ABAQUS -2.1 -11.3 -6.7 970 1430 

FLAC3D -1.7 -8.5 -9.5 860 1730 

theoretical calculation -2.3 -5.3 -7.4 330 1410 

Table 4. Stress and displacement comparison (work condition 2) 

Model 

Horizontal 
displacement of 
the cushion cap

（mm）

Vertical 
displacement of 
the cushion cap

（mm）

Horizontal 
displacement of the 

vice cable saddle
（mm）

Stress of 
front leg
（kPa）

Stress of 
rear leg
（kPa）

ABAQUS 8.7 2.2 18.9 1070 1240 

flac3D 6.6 0.5 17.8 1140 1260 

theoretical calculation 2.9 4.8 3.6 710 870 

Table 5. Stress and displacement comparison (work condition 3) 

Model 

Horizontal 
displacement of 
the cushion cap

（mm）

Vertical 
displacement of 
the cushion cap

（mm）

Horizontal 
displacement of the 

vice cable saddle
（mm）

Stress of 
front leg
（kPa）

Stress of 
rear leg
（kPa）

ABAQUS 9.8 2.5 21.4 1130 1180 

flac3D 6.6 0.5 17.9 1140 1260 

theoretical calculation 3.4 5.3 4.7 1010 730 

From the calculation results of FLAC3D, the vertical 
forces borne by the front leg, the rear leg and the 
cushion cap are almost the same (Table 6), and the 
cushion cap is slightly larger, which is 42%. From 
the theoretical calculation results, the vertical 
force is mainly provided by the resistance of the 
bottom of the cushion cap, accounting for 61.1%. 
The distribution of the horizontal force among the 

various parts of the foundation (Table 7), the 
FLAC3D calculation results are basically consistent 
with the theoretical calculation data. The 
horizontal force shared by the front leg is about 
40%, the horizontal force shared by the rear leg is 
about 22%, and the rest of the horizontal resistance 
is provided by the cushion cap. Most of the 
horizontal resistance borne by the frame comes 
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from passive earth pressure provided by the soil in 
front of the front wall of the frame.

Table 6 Vertical force distribution ratio(%) (work condition 2) 

Model 
Vertical resistance 
at the bottom of 

front leg 

Outer 
friction of 
front leg 

Inner 
friction of 
front leg 

Total of 
front leg 

Vertical resistance 
at the bottom of 

rear leg 

flac3D 16.0 8.4 3.7 28.1 18.8 

Theoretical calculation 9.1 11.5 2.3 22.8 7.3 

Table 6 Vertical force distribution ratio(%) (work condition 2) 

Model 
Outer 

friction of 
rear leg 

Inner 
friction of 

rear leg 

Total of 
rear leg 

Resistance of 
the bottom of 

cushion cap 

Resistance of 
cushion cap 

side 
Total 

flac3D 7.4 3.8 30.0 37.1 4.9 42.0 

theoretical calculation 9.3 1.8 18.4 57.2 3.9 61.1 

Table 7 Horizontal force distribution ratio(%) (work condition 3) 

Model
Frontal 

resistance of 
front leg 

Friction at 
the bottom 
of front leg 

Friction at 
the outside 
of front leg 

Friction at 
the inside of 

front leg 

Total of 
front 
leg 

Frontal 
resistance 
of rear leg 

flac3D 25.8 4.1 6.6 4.2 40.7 16.8 

theoretical calculation 25.5 5.4 5.1 2.2 38.2 6.9 

Table 7 Horizontal force distribution ratio(%) (work condition 3) 

Model
Friction at 

the bottom 
of rear leg 

Friction at 
the outside 
of rear leg

Friction at 
the inside of 

rear leg

Total  
of rear 

leg 

Friction of 
cushion 

cap 

Resistance of 
the front of 
cushion cap 

Total 

flac3D 0.2 3.8 1.6 22.3 29.4 7.7 37.1 

theoretical 
calculation 6.1 8.0 2.1 23.2 29.7 8.9 38.6 

4 Frame Foundation Construction 
The core design concept of frame foundation is to 
make full use of the undisturbed soil. Therefore, 
during the construction process, it is very 
important to reduce the disturbance to the 
undisturbed soil. For this reason, using the 
construction technology of the underground 
diaphragm wall for reference, the groove milling 
machine is used to dig the soil into the groove, 
without excavating the surrounding soil. And 
grouting reinforcement is carried out on the soil in 

the relevant range to further ensure the safety of 
the structure. The specific method are as follows. 

The 25m frame foundation is vertically divided into 
a 22.6m first pouring section at the bottom and a 
2.4m post pouring section at the top for 
construction. The wall of the first pouring section is 
1.2m thickness. The groove section is divided and 
the groove milling machine used for excavation, 
and  the mud used to protect the wall during the 
excavation process. After the excavation is 
completed, the reinforcement cage is lifted and the 
underwater concrete is poured. After the concrete 
in the grooves on both sides reaches the designed 

966



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

strength, the rigid joints are constructed to form 
the overall frame [3]. After the concrete of the first 
pouring section at the bottom reaches the design 
strength, the post pouring section at the top is 
constructed. In order to protect the soil on the 
bottom of the cushion cap, the frame foundation 
construction platform is selected at a position 2m 
above the bottom of the cushion cap (Figure 15). 
After the construction of the frame foundation is 
completed, and before the construction of the 
cushion cap, the soil is excavated to the elevation 
of the bottom of the cushion cap to maximize the 
protection of the undisturbed soil. 

Figure 15.  Schematic diagram of the division 
of the frame foundation groove section 

Figure 16.  Location map of frame foundation 
construction platform 

During the construction process, the distributed 
grouting technology is used to grout the soil around 
the frame and the backfill in batches to improve the 
soil performance, reduce the later creep of the soil, 
and make the structure safe and durable. 

5 Conclusion 
Sichuan Kahalo Jinsha River Bridge adopts frame 
structure as the anchorage foundation. Compared 
with the traditional enlarged foundation, it has 
lower requirements on the bearing capacity of the 
foundation, less excavation, and lower risk, which 

is beneficial to ecological environment protection 
and has good economy. Frame structure is used to 
mobilize the soil in the enclosed area, forming a 
"frame-soil" structure to resist vertical and 
horizontal forces together. Calculations show：the 
structure is safe and reliable, and the force is 
reasonable. The groove milling machine is used to 
excavate the slot sections, and the construction 
platform is set 2 metres above the bottom of the 
bearing platform, which reduces the disturbance to 
the undisturbed soil during the construction 
process. At the same time, the distributed grouting 
technology is used to reinforce the soil around the 
frame (including backfill), which further ensures 
the safety of the structure. 

This is the first time that  frame structure has 
been used as the gravity anchorage foundation. It 
has solved the difficult problem of anchorage 
design under poor terrain and geological 
conditions, and will provide a good reference for 
the design of mountainous suspension bridges in 
similar condition. 
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Abstract 
The West Kowloon Cultural District Artist Square Bridge (ASB) is a part of Hong Kong’s new art and 
cultural district development. It forms a primary pedestrian link between the adjacent MTR station 
and the new development. ASB is a design-and-build project consisting of a 78m clear spanning, 8m 
wide footbridge, an access lift tower and a 30m long staircase and escalators. The footbridge is a 
covered, dual steel arch and Vierendeel truss footbridge, that crosses an existing flyover, connecting 
the station shopping mall to the new development. During construction of ASB, very limited space 
was available on the new development site to accommodate the construction of ASB. These posed 
engineering challenges to the design and construction team. This paper presents the design of the 
ASB structures with particular focus on the main footbridge, and the challenges encountered during 
the design and construction of ASB and how incremental launching solution was developed to tackle 
these challenges. 

Keywords: arch footbridge; incremental launching; erection analysis; modular construction; steel 
design. 

1 Introduction 
The West Kowloon Cultural District (WKCD) is one 
of the largest cultural development projects in 
Hong Kong. Its vision is to create a vibrant new 
cultural quarter for Hong Kong on the 
approximately forty hectares of reclaimed land 
located alongside Victoria Harbour in Hong Kong. 
The district will feature the new museum of visual 
culture “M+”, several theatres including the Lyric 
Theatres Complex, Artist Square, concert halls and 
other performance venues under the management 

of West Kowloon Cultural District Authority 
(WKCDA). 

The Artist Square Bridge project is a design and 
build project consisting of a footbridge crossing the 
existing Austin Road West flyover and roads, an 
access lift tower and a staircase and escalators. The 
project was funded by the Civil Engineering 
Development Department of Hong Kong (CEDD) 
and managed by WKCDA. The completed 
footbridge is maintained by Highways Department 
of Hong Kong (HyD). The objective of building ASB 
is to provide barrier free connection from the MTR 
Kowloon Station through Elements Mall to WKCD. 
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The design of ASB was based on a reference design 
produced by WKCDA and Mott MacDonald in an 
early phase of the project. 

Gammon Construction was the design-and-build 
contractor of ASB. Since the beginning of the 
project, Gammon, together with their in-house 
engineering consultant Lambeth Associates, 
collaborated with Aurecon to provide engineering 
services from the tender stage to the detailed 
design and construction stage. Aurecon was 
responsible for the multidisciplinary permanent 
works design of ASB, including structural 
engineering, mechanical, electrical and plumbing, 
and drainage design of ASB. Lambeth was the 
specialist temporary works engineer who provided 
the temporary structures design that enabled the 
safe construction of ASB. Hassell Studio and AD+RD 
are the project architects for the design and 
construction stage of ASB. 

Figure 1. Location of ASB crossing existing roads 

2 Integrated Engineering and 
Construction 

ASB is a compact yet technically challenging project. 
Located right above the Airport Express Link and 
surrounded by one of the biggest and busiest 
construction sites in the heart of Kowloon of Hong 
Kong, ASB encompasses various engineering 
challenges in relation to the design, construction, 
ambitious programme, congested site and so on. 
The project has been procured as a design-and-
build contract which beneficially positions the 
design-and-build team, including the contractor, 
the engineer, and the architect, to work 
collaboratively and solve the engineering problems 
in advance of the commencement of construction 

of ASB. The envisaged construction method was 
integrated with the engineering design, planning 
and programming of ASB. Many of the potential 
risks and challenges associated with the 
construction was resolved during the design stage. 

3 Structural Components 
Under the design and construct package of ASB, 
there a several structures, namely, the main steel 
footbridge, the access lift tower, the link bridge 
connecting the lift tower to the main footbridge, 
and the staircase and escalator taking pedestrians 
to the level connecting to Lyric Theatre. Figure 2 
shows the various structures that comprise ASB. 
Figure 3 show an overall rendered view of ASB from 
Elements Mall. 

The ASB structures have been designed to the Hong 
Kong Highways design standard, Structures Design 
Manual for Highways and Railways (SDMHR). The 
design principles of SDMHR largely refer to 
Eurocodes with modifications on some parameters 
to suit the Hong Kong local environment and 
conditions. 

Figure 2. Various structural components of ASB 

Figure 3. Rendered view of ASB from Elements mall 

3.1 Main Footbridge 

The ASB main footbridge is approximately 78m 
long, spanning between the perimeter of Elements 
Mall and a pair of steel piers located at the south 
side at Artist Square. As required by the Hong Kong 
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Highways design standard, Structures Design 
Manual for Highways and Railways (SDMHR), all 
footbridges in urban area shall be covered. The ASB 
main footbridge, and the staircase and escalator 
are all covered by a semi-translucent glass roof.  

The roof of the main footbridge extends further 
south into Artist Square by about 17m as a 
cantilever canopy supported by a pair of diagonal 
strutting members, which take the load back to the 
bearings at the south side piers. The cantilever roof 
canopy can been seen in Figure 4.  

Figure 4. 17m long cantilever roof canopy extended 
into Artist Square 

The width between the two edge balustrades is 
about 8m. There are planter boxes on the two sides 
of the footbridge providing a spacious pedestrian 
walkway of 6.5m clear width. These features are 
depicted in the cut section as shown in Figure 5. 

Figure 5. Typical cross section of ASB 

3.2 Access Lift Tower 

The lift tower was designed to accommodate two 
lifts and one staircase to provide access from the 
footbridge deck via a steel link bridge to the 
footpath level at Austin Road West. The area of the 
lift tower is about 10m by 15m in plan. There are 
five levels on the lift tower with a total height of 
about 20m from the Austin Road West level. The 

floor area was designed to be sufficiently large to 
accommodate with the high pedestrian traffic 
volume during a performance event at WKCD.  

The lift tower is a reinforced concrete structure 
consisting of RC elements including beams, slabs, 
columns and walls. The lateral loads on the lift 
tower are resisted by the concrete lift shaft and the 
perimeter wall elements.  

The steel link bridge cantilevers from the top floor 
of the lift tower where pedestrians can access the 
main footbridge. The link bridge consists of a steel 
Vierendeel truss, a pair of diagonal tie rods and 
reinforced concrete slab at the deck level. Figure 6 
shows the access lift tower and the link bridge. 

Figure 6. Access lift tower and link bridge 

The north-facing and east-facing exterior walls are 
clad with corrugated aluminium panels with 
perforation fixed to the lift tower structural walls 
by means of mechanical fasteners. The perforated 
panels create a semi-translucent vision into the lift 
tower which allow natural daylighting and 
ventilation through the elliptical openings on the 
exterior walls. Staircase and Escalator. On the 
south side, a staircase and a pair of escalators make 
connection between the footbridge and Artist 
Square. The staircase and the escalators are 
inclined at about 30 degrees and spanning about 
20m between the south end of the footbridge and 
Artist Square (Figure 7). The staircase is a 
Vierendeel truss with RC stair deck. The staircase 
steel frame was fabricated in factory and delivered 
to site in three separate modules. The modules 
were bolted up on site.  

Planter box 

Link Bridge 

Lift Tower 
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4 Design Enhancement within Pre-
Approved Bridge Appearance 

The appearance and the structural configuration of 
the ASB structures have been based on the 
reference design developed at an earlier phase by 
a different design team. The appearance of which 
was defined by the dual structural form consisting 
of a pair of arches and a Vierendeel truss. During 
the reference designs stage, the appearance has 
been approved by the Advisory Committee on the 
Appearance of Bridges and Associated Structures 
(ACABAS), the Hong Kong government authority in 
charge of approving aesthetics of bridge structures. 

Figure 7. Staircase and escalators 

Our design therefore focussed on optimising of the 
geometry, tuning the structural members and 
detailing to suit steel fabrication and the 
construction methods adopted by the contractor. 
The optimisation was done whilst staying true to 
the architectural intent set out by the client.  The 
client’s vision was for a clean architectural finish 
and concealing the necessary services and utilities 
was a particular challenge in detailing to find 
solutions acceptable to the bridge future 
maintainers and the client’s vision. 

4.1 Maximising use of Dual Structural Form 

The main footbridge consists of a pair of steel tied 
arches and a steel Vierendeel truss. Apart from 
being part of the load bearing system, the top 
chords of the Vierendeel truss form the structural 
framing for the roof canopy of the footbridge, 
whilst the bottom chords support the bridge deck 
comprising a reinforced concrete slab supported 
on the steel transverse members. The edge beams 
of the deck are suspended on a series of parallel 
vertical stainless steel tie rods connected to the 
arches. Figure 8 shows the tied arches and 

Vierendeel truss that form the structural system of 
ASB. 

Despite the requirements to work within the 
appearance constraint as set forth by the ACABAS-
approved reference design, the design team was 
able to take advantage of the dual structural form 
of the reference design and effectively utilise the 
Vierendeel truss of the footbridge for 
implementation of the efficient incremental 
launching construction of the main footbridge. This 
concept of construction was developed during the 
tender stage. The innovative construction method 
had partly contributed to the successful bidding of 
the project by the design-and-build team during 
tender stage. 

Figure 8. Tied arch and Vierendeel truss dual load 
bearing system 

A detailed analysis model incorporating the 
construction sequence of the main footbridge was 
developed using Midas Civil analysis program, an 
advanced bridge analysis program that is capable 
of analysing complex construction staging, 
incremental deflection and stress development 
throughout the construction stages. The main 
footbridge base analysis model with the modelled 
boundary conditions is shown Figure 9.  

Figure 9. Base structural analysis model 

The articulation at the supports is arranged such 
that the footbridge behaves as a simply supported 
structure over the 78m span length. At the south 
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side two fixed bearings are installed above the pair 
of twin piers right below the springing points of the 
arch. The pair of bearings at the north side at 
Elements Mall are allowed to move longitudinally, 
one of which is a free bearing so that the structure 
is unrestrained in the transverse direction. Due to 
the sliding nature of the main footbridge at the 
Elements side, there will be transient movements 
due to various environmental loading such as wind 
and temperature, the detailing at the interface 
between the main footbridge, the façade and the 
existing concrete structure at Elements Mall were 
carefully deliberated and designed to 
accommodate the potential movements of the 
main footbridge. 

4.2 Optimisation on Tied Arch Geometry 

In the final form of the footbridge, the vertical load 
is primarily resisted by the tied arch structural 
system. A smaller proportion of the vertical load is 
resisted by the Vierendeel truss in its permanent 
completed condition. Based on this load bearing 
characteristic, a study on the shape of the arches 
was carried out to optimise of the design for 
material saving. The reference design was based on 
a circular arch which introduced some eccentricity 
in the thrust line from the centroid of the arch 
member. The study on the shape of arches shows 
that parabolic tied arches can more efficiently 
resist distributed loading whilst being visually 
indistinguishable.  

For both tied arches, the difference in the axial 
compressions in the arches are insignificant. 
However, the in-plane bending moments resisted 
by the parabolic tied arch is about 50% lower than 
that of the circular tied arch. The deflection of the 
parabolic tied arch is about 30% smaller than that 
of the circular tied arch. Figure 10 shows a 
comparison of the bending moment induced in the 
fix-ended circular and parabolic arches. 

Figure 10. Bending moment comparison between 
circular and parabolic tied arches 

Although internal actions are different, the 
appearance difference of the two arches is barely 
noticeable (as shown in Figure 11) and therefore it 
is considered acceptable. The final design of ASB 
main footbridge has adopted the parabolic arch 
design. 

Figure 11. Geometry comparison of parabolic 
(magenta) and circular (blue) arches. 

4.3 Refined Typhoon Wind Pressure 

Hong Kong is located in the Asia Pacific typhoon 
affected region. The 120-year return period peak 
wind speed at open sea can be up to 280km/h. 
Consequently, it is crucial to consider the typhoon 
wind load alongside the adequate degree of 
exposure to ensure safe and economical design of 
a structure. As part of the effort to refine the 
loading to enhance the design of ASB, the design 
team carried out a detailed study on wind exposure 
category for ASB. The team studied a wide range of 
bridges including bridges built in the vicinity of ASB, 
as well as bridges built over open sea. The wind 
study confirmed conservatism in the reference 
design adopted wind peak velocity pressure from 
3.8kPa (highest exposure category 4) was it was 
appropriate to be assigned as 3.3kPa (exposure 
category 3). The refinement of design wind speed 
was approved by HyD and formed part of the 
design assumptions.  

Shape comparison 

Centreline comparison 
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The refined wind pressure reduces load effects in 
some members such as the lateral bending in the 
arch and transverse ring frames in the truss. 
Combined with optimising the arch shape, 
adoption of grade S460 steel and other 
enhancements on detailing, consideration of the 
loads during erection from our selected methods, 
the steel tonnage of ASB was successfully reduced 
by about 30% from the reference design. 

4.4 Load Path and Structural Detailing 

The vertical loads resisted by the tied arch are 
transferred from the deck, through the vertical tie 
rods in tension (Figure 12), into the arches as 
compression, which are subsequently transferred 
into the arch springing points and bearings. The 
deck edge beams, or the bottom chords of the 
Vierendeel truss, act as the tension ties to the tied 
arches. The ASB tied arches effectively eliminate 
the need to provide a substructure for resisting the 
outward horizontal thrusting forces induced by the 
arches in compression. A small proportion of the 
vertical loads are transferred to the Vierendeel 
truss, which is mainly for providing structural 
robustness to enhance the dynamic performance 
of the footbridge under pedestrian walking loads. 

Figure 12. Detailing of the hanger tie rod 

The arch and the deck edge beam on each side of 
the footbridge are not in the same vertical plane 
(see Figure 4 and Figure 7). There is approximately 
an 800mm offset between the arch plane and the 
plane of the arch horizontal tie (the deck edge 
beam) which results in complicated shear, moment 
and torsional actions into the welded arch 
springing joints. Stiff welded transverse members 
were designed to transfer the arch compression 
forces into the edge beams. The arch springing was 
an important aspect of the reference architectural 

design and whilst evoking a visual pin, the 
connection required full moment connection and 
some intricate detailing of concealed plates in the 
fabrication.  To ensure the complex stress path is 
designed for adequately, several detailed finite 
element analysis (FEA) models (Figure 13) were 
developed to assess the complicated stress flow 
from the arch circular hollow section to the arch 
springing joint and then into deck edge beam. The 
FEA model was also used to verify the adequacy of 
the internal stiffener plates for the complex load 
transfer.  

The concrete deck of the main footbridge is 
connected to the steel frame at the deck level 
through welded shear studs. The concrete deck, 
together with the cross members welded between 
the arches and the transverse members of the 
Vierendeel trusses, provide the required strength 
and stiffness to resist the lateral extreme typhoon 
loading. 

Figure 13. FEA model for the arch springing joint 

5 Construction-Driven Engineering 
The design-and-build form of contract allowed the 
permanent bridge, the temporary works and the 
overall construction scheme to be developed 
harmoniously. The site imposed significant 
challenges to the construction, and these shaped 
the methods adopted. Crossing nine lanes of traffic, 
four at grade and five on the elevated bridge, there 
was limited space to mobilise and set up cranage.  
The Airport Express Link (AEL) tunnel also crossed 
below the site at a skew angle limiting where 
temporary loads could be safely applied into the 
ground.  These were principal drivers for tonnage 
reduction in the permanent bridge, aiming to keep 
the temporary stage loads as humble as possible.  
The solution adopted allowed for a single 
mobilisation of 500T mobile crane to lift 
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prefabricated truss and arch modules onto a 
temporary skidding system for skidding inside the 
works site boundary.  Temporary traffic 
management reduced the at grade slip roads to a 
single lane in each direction but otherwise allowed 
uninterrupted 24-hour bus routes access and 
resident access to the Elements complex car parks.  
The site demarcation is shown Figure 14.  

Figure 14. Site demarcation for ASB 

5.1 Construction over Existing Flyover 

The launching method avoided any need for 
temporary supports on the flyover, temporary 
working platforms and the like that would have 
been necessary for supporting small, fabricated 
components or stick building compatible with 
crane lifting capacity at large radius using 
equipment available in Hong Kong.  Set up of large 
cranes directly on top of the steeply sloping ramps 
and flyover would have been impractical. 

Marine access afforded delivery of full width 
segments of truss together with temporary works 
and access platforms prefixed as shown in Figure 
18. Whilst the segments delivered by SPMT were
wide and required lane closures, the weight was
otherwise controlled to remain within normal
parameters and avoided any detailed assessment
of the flyover for special loads. Disruption to the
public was therefore limited to short durations for
delivery and launching operations.

Figure 15 : Segment delivery by barge 

5.2 Incremental Launching Construction 

The steel main footbridge was fabricated offsite in 
China and delivered to site in seven truss segments 
and eight arch segments. According to the 
demarcation layout shown in Figure 14, there is 
only about 55m long of available space for the 
assembly of the main footbridge, of which the total 
length is 78m. In order to tackle the insufficient 
space for bridge assembly, the design-and-build 
team developed a novel two-directional launching 
approach which involves assembling and pushing 
the main footbridge backward and then forward. 
As each truss segment was delivered, it was 
skidded southwards to make space at the 500T 
crane for the next segment.  The truss and arch 
were progressively assembled and shifted 
southwards.  Every stage of kinematics was 
assessed for stability and tuning of support 
arrangements to avoid undue localised forces on 
the permanent bridge bottom chord as well as to 
the supporting temporary works below.  The 
envelops of the two launching stages is shown in 
Figure 16. Figure 17 shows the bridge at maximum 
backwards launched position with 24m long 
cantilever extended off the temporary works.  

Figure 16. Full launching kinematic of erection of 
the main footbridge 

Upon completion of assembly of the full 78m long 
footbridge on the temporary deck, an 18m 
launching nose was installed before forwards 
launching across Austin Road West towards 
Elements Mall. The longest north cantilever during 
forward launching is 36m, before landing on the 
north temporary support. 
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Figure 17. Backward launching with 24m cantilever 
for full assembly of ASB footbridge 

To avoid extensive disruption to road users, the full 
forward launching of the main footbridge took 
place in one night only with the closure of Austin 
Road West flyover. Upon launching of every two 
metres, detailed survey was carried out to ensure 
the tip of the footbridge was in the right trajectory 
in order to accurately land on the temporary tower 
at the Elements side. The launching was planned 
and carried out methodically to be completed 
within a 12-hour road possession.  The operation 
was smooth, and the road was reopened to the 
public on time. Figure 18 shows the photos 
captured during the forward launching. 

Figure 18. Forward launching towards Elements 

The entire launching and loading sequence were 
modelled in detail in the Midas Civil analysis model. 
The objectives of developing the detailed the 
erection analysis model were to analyse and assess 
that the footbridge during the erection stages was 
not overstressed and that the locked-in load effects 
of the construction staging on the footbridge were 
adequately captured for the permanent structure 
design under the ultimate loading condition. Apart 
from verifying the structural adequacy, the 
erection analysis model was also used to confirm 
the reactions on the temporary supporting towers 
during the incremental launching. Figure 19 shows 
the erection analysis of the main footbridge. 

Figure 19. Erection analysis of incremental 
launching construction 

The erection analysis model was also used to 
determine the pre-camber for the steel fabrication 
and perform geometry control during the erection 
and launching of the main footbridge. The amount 
of pre-camber depends greatly on the accurate 
prediction of the cumulative deflection. 
Consequently, the integrated construction-led 
engineering design by design-and-build team has 
achieved this seamlessly. The incremental 
movement and the final shape of the ASB main 
footbridge compare satisfactorily with the 
predicted values by the erection analysis. 

6 Temporary Works and Fabrication 
Design of the temporary works was a numerically 
protracted process using a combined model of the 
temporary structures with stage-by-stage addition 
of permanent works components, moving supports 
and several stages of load transfer during 
backwards and then forwards launching.  The 
hydraulic supports cycled in 800mm steps and the 
each of was modelled by shifting node positions 
and adjusting the connection points between the 
skidding beams and the growing permanent bridge 
above. Assembly of the bridge occurred over 
several weeks and each stage of the operation 
provided for typhoon wind restraints to be put in 
place tying the bridge down to the temporary 
supports. Temporary arch supports were required 
to finely adjust the alignment of parts for welding. 
These supports were progressively converted from 
braced frames to pin articulated connections.  The 
arch was largely a passenger on the back of the 
truss during launching. However, it experienced 
compatible deformations, partially contributed to 
stiffness, and tracked the geometry following the 
pre-camber profile to reach the final target 
geometry.  The combined analysis model allowed 

975



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

for prediction of the elastic response of the 
supported and supporting structures and thereby 
gave confidence in the load path at every stage.  
The process provided comprehensive design 
envelopes for all the supporting members 
considering the evolution of dead loads building up 
and at any stage a coexisting typhoon wind to occur. 
Figure 20 shows the temporary works arrangement 
for the construction.  

Figure 20. Temporary works arrangement 

A critical constraint for design in the temporary 
condition was ground bearing pressures on the 
roof slab of the AEL tunnel.  The footings influence 
was modelled using Plaxis3D to predict the load 
spread with depth assess the effect on the tunnel 
RC structure. 

The maximum loads on the temporary works were 
controlled by adding a launching nose. This allowed 
engaging a third pair of supports earlier in the 
launch cycle, before the centre of mass of the 
bridge approached the middle support tower.  The 
nose was a trussed structure with the bottom 
chord extending the skid box dimensions and the 
top chord framing directly into the truss top chord. 
It was installed as one piece but included a two-
stage removal as it could not penetrate into the 
building at the north end. The support loads in the 
statically indeterminate stages were controlled on 
hydraulic jacks to maintain left and right balance, 
twist in the structure and the share of loads on the 
supporting structures.  

Figure 21. Temporary towers and skidding system 
installed prior to delivery of footbridge segments 

A human factors risk review of the launching 
process was carried out and several accidental 
conditions were included in the design. The 
hydraulic circuit and selected equipment provided 
hard controls on risks and these soft human 
controls were included as design situations 
envisaging, as they could go wrong. The launching 
nose was robust to deal with the foreseeable but 
unplanned situations that could have occurred in 
an accidental situation.  

Figure 22. Close-up view of the skid-jacking system 

The ASB steel structures were fabricated at 
Gammon’s steel factory yard in China. Prior to 
delivering to Hong Kong, the fabricated steel 
modules were trial assembled in the fabrication 
yard (Figure 23) to ensure the prefabricated 
modules could be perfectly fitted on site. 

Figure 23. Trial assembly at fabrication yard 

The main truss was delivered to site in seven 
prefabricated segments with preinstalled access 
platforms to reach the locations of work at height 
for site welding. Segments were delivered to site at 
night and skidded within the works site boundary 
for geometry adjustment and welding in daytime.  
This process made efficient use of the time 
permitted in the programme and was inherently 
safe by avoiding operations above public highway. 
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Figure 24. First segment lifted on skidding beams 

7 Digital Modelling and Coordination 
BIM modelling was implemented in the 
multidisciplinary design as well as for works 
coordination of the project delivery of ASB. At the 
early stage of the project, a high-resolution point-
cloud laser scanning of the site and the surrounding 
area was carried out to acquire the profile of the 
surrounding including the existing road, flyover, 
façade of Elements Mall. The point-cloud data was 
combined with the ASB BIM model to study and 
confirm their relationship including confirming the 
height clearance requirement above Austin Road 
West flyover was met, as shown in Figure 25. 

Figure 25. Combined BIM and point-cloud data 

The BIM models developed by all disciplinary 
including architecture, structures, façade, electrical, 
mechanical, plumbing and drainage for the ASB 
were federated into one single model for design 
coordination and meetings with the client 
architecture team, especially for working through 
the geometric and detailing proposals, and 
agreeing on the solutions for the permanent bridge. 
Temporary works were modelled using Tekla and 
federated to the permanent work model for 
verifying kinematic envelopes of the movements of 
the steel parts, cranes and skidding systems. The 
site assembly works benefited significantly from 
this detailed planning exercise. 

Figure 26. Federated BIM model for design 
coordination and clash detection 

8 Conclusions 
The construction of ASB was successfully 
completed in November 2022 and the footbridge 
was opened to the public in December 2022. By 
implementing the innovative incremental 
launching construction, the construction duration, 
including the design development and approval, 
was reduced from the originally planned 25 months 
to 19 months. This completion of ASB was in time 
to serve as the primary link connecting the MTR 
Kowloon Station to the M+ Museum which was 
opened around the same time. The project was not 
only completed on budget and ahead of the 
original programme but was also zero accident and 
zero complaints from the public. 

Figure 27. Completed ASB main footbridge 
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Abstract 
Earthquakes can happen in Washington State at any time, and past history indicates there may be substantial 
shifting of land during a seismic event. The State Department of Transportations manages approximately 
18,500 highway lane miles and more than 3,600 bridges on the state’s highway system.  One of the agencies 
objectives is to ensure that state highways will be able to provide emergency responders access to damaged 
portions of the community quickly to provide Recovery life-saving services.  State Highways will also need to 
provide the capability for the state economy and the movement of freight and goods to be re- stored as 
quickly as possible. 

In an earthquake, damage to infrastructure bridges is more closely related to ground motion rather than 
magnitude. In addition, the ground type can significantly influence ground acceleration. Base on the 
geographic area and historical data geologists are able to create seismic hazard maps which show likely earth- 
quake ground motion zones.  This paper discusses the seismic design requirements for bridges and challenges 
to achieve these requirements for new and existing bridges.     

In recent years the ultra-high performance concrete (UHPC) has been tested for bridge columns to improve 
to improve the performance of the connection within the plastic hinging regions. UHPC with its superior 
properties of higher compressive strength and modulus, and very low permeability, can provide 
improvements over conventionally build bridge columns.     

Keywords: Bridge, Innovation, Design, Construction, Materials, ABC, UHPC, CFST 

1. Bridge Seismic Resiliency
Seismic design of bridges begins with a global 
analysis of the response of the structure to 
earthquake loadings and a detailed evaluation of 
connections between the superstructure and the 
supporting substructure. Ductile behavior is 
desirable under earthquake loadings for both the 
longitudinal and transverse directions of the bridge. 
Further, the substructure must be made to either 
protect the superstructure from force effects due 
to ground motions through fusing or plastic hinging, 
or to transmit the inertial forces that act on the 
bridge to the ground through a continuous load 
path.  Plastic hinging is often considered as a 
mechanism to form and facilitates transverse and 

longitudinal movement of bridge bents and frames. 
Every bridge shall be designed with an Earthquake 
Resisting System that ensures a load path for 
gravity loads and provides sufficient strength and 
ductility to achieve the specified performance 
criteria. 

The plastic hinge ductility or other means of energy 
dissipation/bridge damping shall be adequate to 
satisfy the deformation demands imposed by the 
“design seismic hazards” while minimizing the 
probability of bridge collapse. 

Earthquake Resisting Systems shall consist of the 
following: 
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• Seismic critical members – ductile structural
members that are intentionally designed to
deform inelastic through several cycles without
significant loss of strength, thereby limiting the
forces transmitted to adjoining capacity
protected members,

• Capacity protected members (CPMs) - structural
members that remain Recovery elastic after the
adjoining members fuse or form plastic hinges,

• Earthquake resisting elements – bridge elements
that undergo inelastic deformation, dissipate
energy, or increase bridge damping, and

• Sacrificial elements – Bridge elements that are
typically designed to disengage in order to limit
forces transmitted to adjoining capacity-
protected members.

2. Seismic Resiliency of Tunnel Structures

Tunnels, in general, have performed better during 
earthquakes than have above ground structures 
such as bridges and buildings. Tunnel structures are 
constrained by the surrounding ground and, in 
general, cannot be excited independent of the 
ground or be subject to strong vibratory 
amplification, such as the inertial response of a 
bridge structure during earthquakes. Another 
factor contributing to the reduced tunnel damage 
is that the amplitude of seismic ground motion 
tends to reduce with depth below the ground 
surface. Adequate design and construction of 
seismic resistant tunnel structures, however, 
should never be overlooked, as moderate to major 
damage has been experienced by many tunnels 
during earthquakes.   Underground tunnel 
structures undergo three primary modes of 
deformation during seismic shaking: 
ovaling/racking, axial and curvature deformations. 
The ovaling/racking deformation is caused 
primarily by seismic waves propagating 
perpendicular to the tunnel longitudinal axis, 
causing deformations in the plane of the tunnel 
cross section. Vertically propagating shear waves 
are generally considered the most critical type of 
waves for this mode of deformation. The axial and 
curvature deformations are induced by 
components of seismic waves that propagate along 
the longitudinal axis. 

3. Tsunami Wave Impact on Bridges
Tsunami Load Cases on Bridges - When
determining the loads using the methods of this
Section, three load cases shall be considered:

Case 1 – Maximum flow speed with reduced flow 
depth - The maximum flow speed determined by a 
Probabilistic Tsunami Hazard Analysis (PTHA), 
𝑢𝑢max, shall be used in the loading equations, in 
conjunction with a reduced flow depth equal to 2/3 
of the maximum flow depth, 𝜂𝜂max. No large debris 
impact forces shall be included in this load case. 

Case 2 – Maximum flow depth with reduced flow 
speed - The maximum flow depth determined by a 
PTHA, 𝜂𝜂𝜂𝜂ax, shall be used in the loading equations, 
in conjunction with a reduced flow speed equal to 
80% of the maximum flow speed, 𝑢𝑢𝜂𝜂ax. No large 
debris impact forces shall be included in this load 
case. 

Case 3 – Reduced flow speed and depth with large 
debris impact forces - Both the flow depth and flow 
speed shall be taken as half the maximum values 
determined by a PTHA. A horizontal force 
representing large debris impact forces shall be 
included, as 𝐹𝐹𝐹𝐹r. 

1 Conclusions 
The bridge seismic performance objective is to 
ensure that state highways will be able to provide 
emergency responders access to damaged 
portions of the community quickly to provide 
Recovery life-saving services.   

References 
[1] AASHTO Guide Specifications for LRFD

Seismic Bridge Design. AASHTO, Washington,
D.C., 2009.

[2] Bridge Design Manual (LRFD). Publication No.
M23-50. Olympia, Washington. 2019.

[3] Technical Manual for Design and
Construction of Road Tunnels. FHWA-NHI-
10-034 December 2009

979



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

In-Situ Test and Simulation of the Web-Self-Supporting Construction 
for the Composite Bridge with Corrugated Steel Webs 

Haochu Cai, Sihao Wang, Yuqing Liu 
Department of Bridge Engineering, Tongji University, Shanghai, China 

Hao Tian 
Zhejiang Scientific Research Institute of Transport, Hangzhou, China 

Jun Wei 
Zhejiang Communications Construction Group Co.,Ltd., Hangzhou, China 

Contact: haochuc@tongji.edu.cn 

Abstract 
In order to improve the safety and economics of the construction for long-span composite bridges 
with corrugated steel webs(CSWs), the web-self-supporting construction method with the 
characteristic of using the CSWs to carry the construction load is one of the effective ways. In this 
paper, a composite bridge with CSWs with a span of 55+100+55 m is taken as the research object. 
The stress distribution of main components and the stability of the CSWs in each segment during 
the construction process are analyzed by finite element simulation. The applicability of the 
construction method is verified by comparing the simulated with the test results of the practical 
bridge, and corresponding optimization measures are proposed. The results show that the stresses 
and stability within the scope of specification requirements, and the web-self-supporting cantilever 
construction method is safe. The transition sections between the concrete slabs and the cantilever 
CSWs are critical positions, which should be appropriately strengthened during construction. The 
arrangement of transverse braces can effectively prevent the lateral-torsional buckling of the CSWs. 

Keywords: corrugated steel web; web-self-supporting construction; finite element simulation; in-
situ test; optimization measure 

1 Introduction 
Composite bridges with corrugated steel webs 
(CSWs) have been widely used in China for the 
advantages of light weight, avoiding web cracking 
and superior seismic performance[1-3]. The 
construction methods are gradually enriched with 

the increasing number of these bridges. A new type 
of cantilever casting method is reported in [4], 
which is called the web-self-supporting 
construction by the authors. This method uses the 
CSWs to carry the construction load and improves 
the construction efficiency[5-7]. The CSWs are 
directly used as the main load-bearing components 
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during the construction process, resulting in a 
different stress distribution in the cantilever 
structure compared to the traditional casting 
method[8]. The stress states of some components 
may need special attention under the construction 
load including the weight of the casting concrete 
and the self-weight of the hanging basket[9]. 

At present, the researches on composite bridges 
with CSWs mainly focus on the performance of the 
overall structure after completion. The mechanical 
properties of the structure in the construction 
stage are very rare. Several scholars carried out 
some analyses on the web-self-supporting 
construction process by finite element simulation. 
He et al. [10] compared the traditional cantilever 
casting method and the web-self-supporting 
construction method by finite element calculation. 
The results showed that the shear stress and 
deformation of CSWs were increased due to the 
direct support of the hanging basket in the web-
self-supporting construction method. Ren et al. [11] 
found that the shear stress of CSWs was slightly 
larger when the web-self-supporting construction 
method was adopted. Yao et al. [4] simulated the 
construction process of the first three segments by 
accumulating construction conditions, and 
analyzed the stress state and structural stability of 
main components. The results showed that the 

web-self-supporting construction method had 
good safety. 

Considering the remarkable difference on the load 
transferring mechanism and stress state in main 
bridge girder components between the web-self-
supporting construction and the traditional 
cantilever casting method, investigation of the 
web-self-supporting construction process was 
conducted based on a composite bridge with CSWs. 
Firstly, the refined finite element model was 
established. The simulation of the construction 
process was carried out by using an element birth 
and death technique. Then, the in-situ test was 
conducted on a practical bridge using this method. 
Finally, based on the simulated and test results, the 
stress distribution of the main girder components 
and the stability of CSWs were analyzed, and 
several optimization construction measures were 
proposed, which ensured the safety of the 
construction process and provided references for 
further applications of this construction method. 

2 Engineering background 
The research is carried out based on a continuous 
rigid frame bridge with a main span of 100 m and 
two side spans of 55 m. The arrangement of the 
bridge is shown in Figure 1. 

5500 10000 5500

Seg.0#
Seg.1-2# Seg.3-10# Seg.11#Seg.11#

Seg.12-13#

Figure 1. The arrangement of the bridge (units: cm) 
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The superstructure adopts the composite box 
girder with CSWs. The width of the top and bottom 
slabs are 12.05 m and 6.9 m respectively. The 
height of the girder and the thickness of the 
bottom slab range from mid-span to root in the 
form of quadratic parabola. The height of the girder 
in the mid-span and the root are 3 m and 6.25 m 
respectively. The wavelength of the CSWs is 1.6 m, 
and the corrugation depth is 0.22 m. From the mid-
span to the root section, the thickness of the CSWs 
is set to be 16 mm, 18 mm, 20 mm and 22 mm. The 
CSWs are connected with the concrete top slab by 
Twin-PBL connectors and connected with the 
concrete bottom slab by embedded steel 
connectors. The configuration of the Twin-PBL 
connector is shown in Figure 2. 

Perfobond ribs

Perforated reinforcements

Steel upper flange

Corrugated steel web

Figure 2. Configuration of the Twin-PBL connector 

3 Construction method 

3.1 Construction procedure 

As shown in Figure 1, the main span of the bridge is 
divided into 14 construction segments. Among 
them, Seg.2#-10# are constructed by the web-self-
supporting construction method. Seg.0#-1# and 
Seg.12#-13# are casted on false work. Seg.11# is 
the closure segment. Figure 3 shows a standard 
web-self-supporting construction segment. 

N
N-1

N+1

Pouring the top slab
of Seg.N-1#

Pouring the bottom 
slab of Seg.N#

Installing the CSWs
of Seg.N+1#

Figure 3. Construction procedure of the method 

The construction procedure of the standard 
construction segment is described as follows: 

Step 1: Move the hanging basket and formworks to 
Seg.N#. At the same time, the reinforcement in the 
top slab of Seg.N# and the bottom slab of Seg.N-1# 
are installed. 

Step 2: The concrete of the top slab of Seg.N-1# and 
the bottom slab of Seg.N# is poured simultaneously. 
The CSWs of Seg.N+1# are installed during curing of 
the casted concrete. 

Step 3: After the concrete strength meets the 
design requirements, the longitudinal prestressed 
reinforcement in the top slab of Seg.N-1# and the 
transverse prestressed reinforcement in the top 
slab of Seg.N-2# are tensioned. Then, move the 
hanging basket forward to Seg.N+1# for the next 
cycle. 

3.2 Characteristics of the method 

Compared with the traditional cantilever casting 
method, the web-self-supporting construction 
method shows great advantages in economy and 
the safety of hanging basket structures. The 
material properties of steel webs can be fully 
utilized by using the CSWs to support construction 
loads directly. During the construction process, the 
pouring of the bottom slab of Seg.N#, the pouring 
of the top slab of Seg.N-1# and the installation of 
the CSWs of Seg.N+1# can be carried out at the 
same time. The increase of work surfaces can 
greatly shorten the construction period and 
improve the efficiency. 

The hanging basket structure is changed from the 
conventional cantilever system to a simply 
supported system which eliminates the complex 
back-anchoring device. Moreover, the height of the 
hanging basket is lower, which reduces the 
consumption of steel. While effectively ensuring 
the safety of the hanging basket structure, the 
economy of construction is further improved. 

A simply supported system truss hanging basket is 
adopted in the web-self-supporting construction 
method. The movement of the hanging basket is 
also simplified. The hanging basket is directly 
supported on the steel upper flange, thus the 
groove formed by the steel upper flange and the 
steel perfobond ribs can be used as the moving 
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track. The hydraulic jack is used as a power device. 
The front end of the jack is connected with the 
basket column, and the back end is connected with 
the hole of the perfobond rib through the pin shaft. 
The hole is used as the reaction point to push the 
hanging basket forward. The moving device is 
illustrated in Figure 4. 

Basket column

Hydraulic jack

Pin shaft

Steel upper flange
Perfobond ribs

Figure 4. Illustration of the moving device 

4 Finite element simulation 
Figure 5 shows the finite element model of the 
cantilever structure under construction state. 

The concrete members such as the top slabs, 
bottom slabs, diaphragms and linings adopted the 
hexahedron solid element. The CSWs and the 
internal prestressed reinforcement adopted the 
shell element and the link element respectively. 
The perfobond rib connector was simulated by the 
three-way spring element with shear stiffness in 
three directions, and the contact between the top 
slab and the steel upper flange was also established. 

The simulation of the construction process was 
carried out by using an element birth and death 
technique. The simulated results considered the 
accumulation of stress in the whole process. 

The back 
columns

The front 
columns

Figure 5. Finite element model 

The material properties of each element were 
consistent with those of the practical bridge. The 
material was C55 for all concrete members and 
Q345D for CSWs. All degrees of freedom for the 
beam end-section nodes were constrained to 
simulate the fixed end boundary. 

The construction loads considered in the analysis 
mainly included the self-weight of the hanging 
basket and the wet weight of the casting concrete. 
By distributing the loads based on structural 
mechanics, the equivalent concentrated loads at 
the front and back columns of the hanging basket 
could be obtained. For the maximum cantilever 
state, the hanging basket was supported on the 
steel upper flange of Seg.10#. The concentrated 
loads of the hanging basket at the front and back 
columns were 282.7 kN and 466.3 kN respectively. 

5 In-situ test 
In order to monitor the stresses during the 
construction process and verify the simulated 
results of the finite element model, an in-situ test 
was carried out based on a practical bridge 
adopting the web-self-supporting method. In order 
to reflect the most unfavorable construction 
condition, the maximum cantilever state was 
selected for testing. In this state, the hanging 
basket was supported on the steel upper flange of 
Seg.10#. The concrete of the top slab of Seg.9# and 
the bottom slab of Seg.10# needed to be poured. 

Considering the complexity of field conditions, the 
high-precision stress sensors were used in the in-
situ test. The measuring points of the concrete top 
slab and the steel flanges were arranged along the 
longitudinal direction. The measuring points of 
CSWs were arranged vertically in the 
corresponding sections of the front and back 
columns for the hanging basket. Figure 6 and Figure 
7 shows the arrangement of the stress sensors. 

Figure 6. Stress sensors in the concrete 
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Figure 7. Stress sensors on the CSWs 

6 Test and simulated results 

6.1 Stresses of the concrete slab 

Figure 8 shows the longitudinal stress distribution 
of the concrete top slab in the maximum cantilever 
state. Most areas of the top slab are under pressure. 
Stress concentration exists near the anchorage 
area of the longitudinal prestressed reinforcement 
in each segment. However, the tensile stress occurs 
near the steel-concrete transition position since 
the construction loads are transmitted to the top 
slab through the front connectors, which deserves 
more attention in the construction of the practical 
bridge. 

Free end of the top slab

Figure 8. Stresses of the concrete top slab 

As shown in Figure 8, the test values of Seg.8# have 
the same variation tendency with the numerical 
simulation results. The tensile longitudinal stress 
near the steel-concrete transition position is large, 
which has 2 MPa in local area. The stress decreases 
rapidly with the increase of the distance from the 

free end, and the value is at a low level at the half-
length of the segment. 

In order to alleviate the large tensile stress at the 
free end of the top slab, two optimization 
measures can be taken. The arrangement of 
reinforcements can be strengthened at the free 
end to prevent concrete cracking. Besides, rubber 
rings can be set in holes of the front PBL connector. 
The shear force can be transferred backward 
smoothly by weakening the stiffness of the 
connector at the free end. 

6.2 Stresses of the steel upper flange 

Figure 9 shows the longitudinal stress distribution 
of the steel upper flange. During the cantilever 
construction process, the steel upper flange is 
mainly in tension. The peak stress of each segment 
appears near the segment boundary of the top slab. 
The bending moment caused by construction loads 
led to large tensile stress of the steel upper flange 
at the free end of the top slab. The simulated 
maximum tensile stress is 86.1 MPa. 

Free end of 
the top slab

Figure 9. Stresses of the steel upper flange 

By comparing the test values with the simulated, it 
is found that the test maximum longitudinal stress 
of the steel upper flange of Seg.9# occurs near the 
free end of the top slab identically. The maximum 
tensile stress is 80.7 MPa, which is far less than the 
steel stress limit. Therefore, there is still sufficient 
stress safety reserve in the steel upper flange 
during the web-self-supporting construction. 
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6.3 Stresses of the steel lower flange 

Figure 10 describes the longitudinal stress 
distribution of the steel lower flange. The steel 
lower flange is mainly in compression. The peak 
stress of each segment appears near the segment 
boundary of the bottom slab. The bending moment 
caused by construction loads led to large 
compressive stress of the steel lower flange at the 
free end of the bottom slab. The simulated 
minimum stress is -96.2 MPa. 

Free end of
the bottom slab

Figure 10. Stresses of the steel lower flange 

The test values of Seg.10# is similar to that of the 
numerical simulation. The minimum stress of the 
steel lower flange appears at the free end of the 
bottom slab, and the stress value is -40.1 MPa. The 
compressive stresses of the lower steel flange meet 
the design requirement of the steel strength. 
However, since the steel lower flange is always in 
compression during the construction process, 
special attention should be paid to the probability 
of local buckling. In order to avoid buckling under 
local compression, stiffened plates could be 
welded near the end position. 

6.4 Stresses of the CSWs 

For CSWs, the Mises yield criterion is used for stress 
checking. The Mises stress distribution of the CSWs 
is given in Figure 11. The concentrated load of 
hanging basket leads to the stress concentration 
near the upper edge of the web in the front and 
back column sections, and the local Mises stress 
value exceeds 100 MPa. At the free ends of the top 
slab and the bottom slab, the shear deformation of 
the CSW is constrained by the concrete slabs. 

Accordingly, there is also stress concentration at 
the edge of the web, and the local Mises stress 
value is close to 80 MPa. The stresses of CSWs all 
meet the design strength requirements. However, 
due to the existence of local effects, the local 
stability of the web edge should still be concerned 
during the construction process. 

Figure 11. Stresses of the CSWs 

The test results of the web stress in the front and 
back column sections of hanging basket are in good 
agreement with the simulated results. Approaching 
the hanging basket support positions, the web 
stress increases gradually. The stress condition 
near the edge of the corrugated steel web need to 
be paid attention to during the construction 
process. 

In order to prevent the local deformation and 
damage of CSWs at the column sections of the 
hanging basket, it can be considered to set vertical 
stiffeners at the upper edge of the web. This 
optimization measure can also ensure sufficient 
safety reserves in construction. 

6.5 Stability of the cantilever structure 

For steel members, in order to prevent them from 
buckling failure before reaching the yield strength, 
stability checking is very necessary. The elastic 
buckling stability analysis of the maximum 
cantilever construction structure was carried out. 

Table 1 shows the first three buckling modes and 
coefficients. Under the construction load, the 
buckling coefficients of the first three orders are all 
greater than 4.5, satisfying the design limit 
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requirements. Moreover, the most unfavorable 
buckling mode of the cantilever structure is the 
lateral-torsional buckling of CSWs. 

Table 1. Stability of the cantilever structure 

Calculation 
order 

Buckling 
coefficient Buckling mode 

1 15.324 Lateral-torsional 
buckling of CSWs 

2 15.662 Lateral-torsional 
buckling of CSWs 

3 27.938 Local buckling of the 
lower steel flange 

In order to prevent the web buckling during 
construction, temporary transverse braces are set 
between two adjacent CSWs of the practical bridge. 
The configuration of temporary transverse braces 
is shown in Figure 12. The two CSWs are connected 
into a frame section, which improves the lateral 
stiffness. At the same time, it is also necessary to 
ensure that the brace does not buckle to 
strengthen the reliability of the connection. 

Figure 12. Configuration of transverse braces 

7 Conclusions 
Taking a certain composite bridge with CSWs as the 
research object, a refined solid finite element 
model was established. The stress distribution of 
main components and the stability of CSWs during 
the construction process were analyzed. Compared 
with the test results, the applicability of the 
method was verified, and reasonable optimization 
measures were proposed. The specific conclusions 
are as follows: 

(1) Under the construction load, the stress level of
the concrete top slab and bottom slab is
generally low. The stress concentration is easy
to occur at the free end of the cantilever. The
local stress can be improved by adding anti-
cracking reinforcements or weakening the
stiffness of the end connector.

(2) The stresses of CSWs and steel flanges at the
steel-concrete transition section are relatively
large. But they are in the safe range. Local
buckling can be avoided by welding stiffened
plates in construction.

(3) The most unfavorable buckling mode of the
cantilever construction structure is the lateral-
torsional buckling of CSWs, and the coefficients 
meet the design requirements. But in order to
prevent the web buckling, temporary braces
can be set up to further improve safety.

(4) During the web-self-supporting construction
process, the stress of main components and
the structural stability all meet the safety
requirements. The overall structural stress is
reasonable, and the applicability of the
construction method is good.
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Abstract 
The parameters of the guide beam have a great influence on the structural behavior of the 
incremental launching construction bridge. Based on an incremental launching construction 
engineering of a five-span steel box girder bridge, this paper established the finite element model. 
The influence of the length, stiffness, and weight of the guide beam on the behavior of the main 
beam was analyzed, and the original design scheme was optimized and compared. Finally, some 
suggestions were put forward for the design and parametric analysis of the incremental launching 
guide beam. 

Keywords: the incremental launching construction; guide beam; analysis of the parameters. 

1 Introduction 
The incremental launching construction is a 
common method in modern bridge construction. 
Due to its early origin, the modern incremental 
launching construction technology is advanced, the 
construction accuracy and the launching ability 
have been significantly improved, and the 
applicability has been expanded. The incremental 
launching construction can be used for various 
bridge types such as continuous girder bridges, 
cable-stayed bridges, suspension bridges, rigid 
frame bridges, and arch bridges. It is not only 
suitable for constant-height beams but also 
variable-height beams; Suitable for curved and 
inclined bridges. The incremental launching 
construction method has many advantages, such as 
simple construction equipment, without large 
lifting equipment, fewer temporary supports, a 
small construction site, high construction efficiency, 
and does not affect the traffic under the bridge. 
Therefore, the incremental launching method is 
ideal for valley bridges or overpass bridges. 

In the incremental launching construction stage, 
the boundary conditions of the beam will change 
many times, and the structural behavior of the 
beam is also quite different from the post-
construction stage. The analysis of the incremental 
launching construction process is very important. 
As assistant equipment, the guide beam plays a key 
role in the structural behavior during the 
construction stage. Optimized guide beam 
parameters (length, stiffness, weight, etc.) can 
make the performance of the main beam in the 
construction stage close to the post-construction 
stage, but unsuitable guide beam parameters will 
lead to the increase of negative bending moment 
and support reaction force. With the development 
of new construction methods such as intelligent 
construction, modern construction technology has 
gradually become intelligent and digital. The 
parametric analysis of guide beams is the general 
trend of modern bridge construction technology. 

About the calculation and optimization of the guide 
beam parameters in the incremental launching 
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construction, in 1998, Shuai Liu analyzed the 
internal force of the incremental launching 
construction and the stress change of the main 
beam’s section, by using the unit force method to 
obtain the cantilever end deflection, and deduced 
that the stiffness ratio of the guide beam and the 
concrete beam is 1/9-1/15 [1]. In 2005, Zhongchu 
Tian et al. established a simplified model based on 
the finite element analysis results of one 
construction, analyzed the influence of the length, 
stiffness, and weight of the guide beam on the 
internal force of the launching girder, and gave the 
relationship between the length ratio and the 
weight ratio[2]. In 2006, Sasmal and 
Ramanjaneyulu based on the transfer matrix, 
considering the influence of prestressing, gave a 
more reasonable construction guide beam 
parameters[3]. Weifeng Wang established a 
simplified structural calculation model by using the 
structural mechanics' displacement method in 
2007 and obtained a simple and reliable method to 
calculate the optimal parameters of the guide 
beam. It was analyzed that the maximum positive 
bending moment had little effect on the selection 
of the guide beam parameters, and the maximum 
negative bending moment in the launching process 
had a greater impact[4]. In 2010, Chuangwen Dong 
et al. established a three-moment equation system 
by using a full-framing construction and force 
method, discussed and analyzed the variation of 
bending moment at the middle support point of 
launching construction with the bending moment 
at both ends, and the constant load concentration 
of the main beam, and gave the optimal guide 
beam length and stiffness value[5]. In 2011, Fontan 
et al. proposed an improved formula for 
prestressed concrete bridge launching 
construction optimization[6]. In 2013, Granata MF 
et al. analyzed the influence of curvature on the 
behavior of plane curved incremental launching 
bridge structure based on the continuous straight 
bridge transformation matrix method[7]. In 2014, 
Peiyan Zhang established a finite element model of 
the beam element and carried out a parametric 
analysis of the various mode of reaction force, 
internal force, and displacement in the launching 
process. According to the analytical expression, the 
reasonable design parameters of the guide beam 
were obtained through numerical analysis, and the 

control principle was proposed for the design of 
the guide beam's geometric shape[8]. 

At present, the research on the guide beam 
parameters of incremental launching construction 
mainly focuses on the calculation of the guide 
beam in the construction process of concrete 
continuous beam bridges. There are still 
insufficient studies on the optimization calculation 
of steel box girder bridges, and there are also few 
studies on the local effect of steel box girder 
bridges in the construction process. At the same 
time, the analytical method of launching 
construction is mainly based on the assumption of 
equal span, and the research on the unequal span 
is insufficient. 

2 Principle of Classical Analytical 
Method for Guide Beam 
Parameters 

The classical analytical method of the guide beam 
parameters is based on the simplified guide-girder 
model. Firstly, it was assumed that the guide-girder 
was rigidly connected. And a, b, c, and d are the 
span ratio, weight ratio, stiffness ratio of the guide-
girder, and the ratio of the launching distance with 
the span respectively, without considering other 
loads. According to the displacement method 
principle of structural mechanics, the expressions 
of bending moment and parameters a, b, c, d at the 
point of support of launching construction can be 
established as 𝑀𝑀𝐵𝐵(𝑎𝑎, 𝑏𝑏, 𝑐𝑐,𝑑𝑑). 

The influence of guide beam length was analyzed 
first. Assuming that the length of the guide beam 
was longer or shorter, the stiffness and weight 
parameters of the guide beam were specified, in 
that way, the parameters a, b, c were determined, 
and then the relationship between the bending 
moment at the point of support and the launching 
length d can be obtained. It was found that to 
optimize the guide beam parameters, a set of 
values of a and b should be determined first so that 
the negative bending moment of the B point of 
support at the end of the first and second stages of 
launching was equal. That is called the principle of 
equal bending moment. The reasonable c value 
was determined to make the maximum negative 
bending moment of B point of support not exceed 
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the negative bending moment of B point of support 
at the end of the first and second stages in the 
launching construction process. It should be noted 
that this value should not be too large, too large c 
means that the guide beam in a certain weight, 
stiffness will be very large, which requires high 
material strength, its economy was poor. 

According to the principle of equal bending 
moment, the relationship between the length ratio 
a and the weight ratio b of the guide beam can be 
obtained. The analysis shows that the larger b is, 
the larger the corresponding a is. The maximum 
negative bending moment of the main girder is not 
sensitive to the change of b during the launching 
construction. When the values of a and b satisfy the 
formula: 

𝑀𝑀𝐵𝐵1(𝑑𝑑 = 1 − 𝑎𝑎) = 𝑀𝑀𝐵𝐵2(𝑑𝑑 = 1) (1) 

The maximum negative bending moment at the 
corresponding position B has little difference. 
Considering the material and manufacturing 
factors, in practical engineering, the value of b is 
generally in the range of 0.08~0.12, and the 
corresponding a is between 0.63~0.71. When b is 
0.1, the corresponding optimal guide beam length 
ratio a is 0.665[4]. 

Then the influence of guide beam stiffness was 
analyzed. After determining the values of a and b, 
according to the above analysis, the value of c 
should ensure that equation (2) was established. 

𝑀𝑀𝐵𝐵2(𝑚𝑚𝑚𝑚𝑚𝑚) = 𝑀𝑀𝐵𝐵1(𝑑𝑑 = 1 − 𝑎𝑎) (2) 

The iterative method was used to calculate the 
corresponding 𝑀𝑀𝐵𝐵2(𝑚𝑚𝑚𝑚𝑚𝑚) under different c values, 
and the optimal c value was 0.186 when a was 
0.665 and b was 0.1. 

So far, according to the classical analytical method, 
the different influences of the three parameters of 
the guide beam length, stiffness, and weight on the 
behavior of the main beam in the incremental 
launching construction of the continuous beam 
bridge can be obtained. And the optimal guide 
beam parameters can be obtained according to the 
engineering experience. The classical analytical 
method is simple and reliable for practical 
engineering applications. 

3 Finite Element Analysis of Guide 
Beam Parameter Optimization 

The calculation results of the classical analytical 
method are simple and clear but lack practical 
engineering verification, its engineering application 
value is not confirmed. In this paper, a five-span 
continuous steel box girder bridge under launching 
construction was taken as the engineering 
background, and the finite element simulation 
calculation model was established. The influence of 
the length, stiffness, and weight of the guide beam 
on the force of the steel box girder under launching 
construction was analyzed, and the optimization 
suggestions for the design were put forward. 

3.1 Engineering situations 

This paper relied on a cross-railway launching 
construction highway bridge engineering. The main 
bridge is a 5-span continuous girder bridge with a 
span arrangement of (50+70+60+43+40)m. The 
total length of the bridge is 263m. It is a 3m high 
continuous steel box girder bridge. 

Figure 1 General arrangement of the main bridge 

To shorten the construction period and reduce the 
interference of construction on the railway, the 
launching construction method was adopted. The 
maximum weight of single launching was 3515t, 
and the launching construction adopted a 
segmented assembly continuous launching 
method. The total length of the designed steel 
guide beam was 32.5m. The section was composed 
of two I-beams, and each section had a transverse 
connection. The front section height was 1.46m, 
and the back end height was the same as the main 
beam, which was connected to the front of the 
main beam through bolts. 

Figure 2 Steel guide beam elevation view (mm) 

990



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

3.2 Finite element modeling 

In this paper, Midas/Civil finite element calculation 
program was used to simulate the launching 
construction process with the backward analysis 
method. The model used the two-node beam 
element to simulate the main beam and guide 
beam structure, each node had x, y, z, Rx, Ry, and 
Rz in six directions of freedom. The main beam was 
divided into 36 beams, and the guide beam is 
divided into four beams. According to the principle 
of consistent stiffness, the guide beam was 
simulated according to a single I-shaped beam. 

Figure 3 The finite element model 

3.3 Influence of guide beam parameters on 
the behavior of the main beam 

In this paper, according to the finite element 
simulation results of practical engineering, the long 
and short guide beams were analyzed.  

Firstly, it was assumed that the length of the guide 
beam was long, which was 0.8 times the first span 
of the launching. The guide beam adopted the I-
shaped beam with an equal section. The weight per 
unit length of the guide beam was 0.1 times that of 
the main beam. The stiffness of the guide beam 
was 0.05, 0.1, 0.2, and 0.4 times that of the main 
beam, respectively. The bending moment changed 
at the support point of the first span in the 
launching process was observed. 

Figure 4 Longer guide beam, moment diagram 

It can be found that the length and weight of the 
guide beam would affect the negative bending 
moment of the maximum cantilever state in the 
first stage and the negative bending moment at the 
end of the launching. The stiffness of the guide 
beam only affects the negative bending moment in 
the second stage of incremental launching. When 
the length of the guide beam is long, the negative 
bending moment at the end of the first stage is 
smaller than that at the end of the second stage, 
indicating that the launching construction guide 
beam is too long and the economy is poor. In the 
finite element analysis results, the difference 
between the negative bending moment at the end 
of the second stage and the negative bending 
moment at the end of the first stage is small. 
According to the analysis results of the above 
classical analytical method, it is larger. This is 
because the main beam is segmented and 
assembled in the finite element calculation, and 
the first span is analyzed here. So the main beam 
structure is not entire, and its boundary conditions 
are also different from the simplified model of the 
classical analytical method. With the launching 
forward, the finite element results and classical 
analytical method would tend to be consistent. It 
shows that the finite element analysis can take into 
account the real situation of the actual 
construction, the analysis results are more 
accurate and tally with the actual construction 
conditions. 

Then assumed that the length of the guide beam 
was 0.5 times the first span, the guide beam 
adopted an equal section and uniform mass section, 
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the weight of the guide beam per unit length was 
0.1 times of the main beam, and the stiffness of the 
guide beam was 0.05, 0.1, 0.2, and 0.4 times of the 
stiffness of the main beam, respectively. At this 
point, the bending moment at the support point of 
the first span launching process changed as follows : 

Figure 5 Shorter guide beam, moment diagram 

It could be found that when the length of the guide 
beam is short, the negative bending moment at the 
end of the first stage is greater than that at the end 
of the second stage, indicating that the launching 
construction guide beam is too short, the role of 
the guide beam is not obvious, and the stress of the 
main beam during construction is too large. 

3.4 Optimize the design scheme 

Based on the above parametric analysis of the 
guide beam in launching construction, the optimal 
values of the three parameters of the guide beam 
length, stiffness, and weight were determined. 
According to the optimal parameters, the guide 
beam of the project was optimized and compared 
with the original design scheme. 

3.4.1 Original design scheme 

According to the original design requirements, the 
guide beam length was 32.5m, and the length to 
span ratio was 0.813. During the launching process 
of the first span steel box girder, the internal force 
of the main girder changed as follows : 

Figure 6 The bending moment diagram of the 
main beam of the original design scheme 

It can be found that according to the design scheme, 
in the first span of launching construction, the 
maximum negative bending moment of the main 
beam is -16989.90kN·m when it is in the maximum 
cantilever state. While after the first span 
launching is completed, the negative bending 
moment at the same position is only -5358.56kN·m. 
This shows that the length of the first span guide 
beam is too large in the process of launching 
construction, which is not the optimal guide beam 
parameter. 

The envelope diagram of the main girder moment 
during construction is as follows : 

Figure 7 The envelope diagram of the main beam 
bending moment in the original design 

The bending moment diagram of the main girder in 
the post-construction bridge state is as follows : 
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Figure 8 The bending moment diagram of the 
main beam in the post-construction bridge state 

The main girder has to undergo frequent 
alternation of positive and negative bending 
moments during the launching stage, and the 
maximum negative bending moment is -
93566.69kN·m and the maximum positive bending 
moment is 228755.43kN·m. The negative bending 
moment exceeds the maximum negative bending 
moment of the main girder (24273.01kN·m) in the 
post-construction bridge state. Therefore, in the 
launching construction, it should be noted that the 
structural deformation caused by excessive 
negative bending moment and the local yield of 
steel box girder during launching construction, and 
the guide beam parameters need to be optimized. 

3.4.2 Optimized results 

According to the above analysis results, the original 
design scheme was optimized with a=0.665, b=0.1, 
and c=0.186. The internal force changes of the first 
span launching process of the main girder after 
optimization are as follows : 

Figure 9 Bending Moment Diagram of Optimized 
Main Beam 

It can be found that according to the design scheme, 
in the first span launching construction, the 
maximum negative bending moment of the main 
beam is −10086.37kN·m when the main beam is 
cantilever, while after the first span launching is 
completed, the negative bending moment at the 
same position is only −9221.30kN·m. The analysis 
results matched the above optimal guide beam 
parameters. 

After optimization, the bending moment envelope 
diagram of the main girder during launching 
construction is as follows : 

Figure 10 Bending Moment Envelope Diagram of 
Main Beam in Optimized Construction Process 

After optimization, the maximum negative bending 
moment of the main beam in the launching process 
is −68729.05kN·m, and the maximum positive 
bending moment is 23193.76kN·m. The maximum 
negative bending moment in the construction 
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process is smaller than that in the post-
construction state.  

The structural behavior comparison of the main 
girder before and after optimization is as follows : 

Figure 11 Comparison of Main Beam Behavior before and after Optimization 

After optimization, the maximum positive and 
negative bending moments of the main girder 
decreased significantly during the launching 
construction, and the maximum negative bending 
moment generated during the construction was 
less than that of the post-construction. After 
optimization, the main beam is uniformly loaded in 
the construction process, and the optimization 
effect was remarkable. 

3.5 Suggestions based on finite element 
analysis results 

Based on the above analysis, we can make the 
following recommendations :  

(1) When the guide beam length ratio a=0.665,
weight ratio b=0.1, stiffness ratio c=0.186, the
guide beam parameters are the optimal range, the
preliminary design can be designed according to
this set of values.

(2) Calculation of guide beam parameters by the
classical analytical method is simple and
convenient. However, the simplified calculation

model usually only considers one hypothetical 
condition, which is quite different from the actual 
construction condition. When checking the 
launching construction design, the finite element 
model analysis is needed to correct the results of 
the classical analytical method.  

(3) For the incremental launching construction of
the unequal span continuous girder bridge,
according to each span and the incremental
launching length of the main beam, the value of the 
guide beam is also different. Different guide beam
lengths should be set up. Segmented assembled
guide beam structure can be considered and guide
beam parameters can be changed according to the
construction process.

4 Conclusions 
In this paper, combined with the finite element 
calculation program and practical engineering 
cases, the construction process of an incremental 
launching construction bridge was modeled and 
analyzed. The results show that although the 
classical analytical method is simple and effective, 
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the preliminary design can be used for reference. 
At the same time, according to the analysis results 
of the finite element model, the parameters of the 
guide beam are optimized for the incremental 
launching construction of the five-span steel box 
girder. The optimization effect of the behavior of 
the main beam during the construction process is 
remarkable, and the optimization suggestions for 
the design of the guide beam in the incremental 
launching construction were put forward. 
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Abstract 

The multi-storey Yuen Long Town development in Hong Kong is separated by a live Light Rail Track. 
To connect the two sides of the development, a footbridge and vehicular bridge has been 
constructed using a novel construction technique. The footbridge is a 45m long fully enclosed steel 
warren truss bridge located at a lower level and the vehicular bridge is a 50m long steel concrete 
composite bridge located at the top of the podium.  

The erection of each bridge took 3 days. Both bridges were in turn assembled on top of the adjoining 
podium of the development. They were then connected to a turntable constructed at the edge of 
the podium and temporarily made into a cantilever cable stay bridge. In an overnight rail possession, 
the bridges were rotated 120 degrees over the railway. Temporary cables were then removed, and 
each bridge were lowered by strand jacks to the final level over the next two rail possessions.  

Keywords: innovative construction bridge construction; live railway. 

1 Introduction 

1.1 Location 

Yuen Long Town development is a residential 
development comprising of 6 residential towers, 
two club house podium and a shopping mall on top 
of the existing West Rail Yuen Long Station 
(Northern Site) and an adjacent plot of land 
(Southern Site).  

A live Light Rail Track (LRT) separates the two 
portions of the site. To provide connection 
between them, a footbridge (FB1) and a vehicular 
bridge (VB) have been constructed at different 
levels (Figure 1).  

FB1 is a fully enclosed steel warren truss bridge 
located at a lower level and VB is a steel concrete 
composite bridge located at the top of the podium. 

Figure 1 Map of YLTL510 
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1.2 Footbridge 1(FB1) 

FB1 is a single span footbridge connecting first floor 
of the Southern Site development with the existing 
Yuen Long Station. It has a span length of 45m and 
a width of 9m. FB1 is supported by a portal founded 
on piles of the West Rail Yuen Long Station, and a 
nib on the first floor of the Southern Site structure. 
Given the limited capacity of the existing 
foundation of Yuen Long Station, FB1 takes the 
form of a steel warren truss bridge to minimize its 
self-weight. It comprises of two warren trusses 8m 
apart, chords of which are interconnected with 
transoms at approximately 1.5m spacing. Cross 
bracings are provided at the top chord level. To 
provide a fully weatherproof passage between the 
Southern Site development and the West Rail 
Station, FB1 is fully enclosed with aluminum and 
glass cladding. (Figure 2) 

1.3 Vehicular Bridge (VB) 

VB has a single span of 50m and a structural width 
of 11.4m (typical). It will serve as an emergency 
vehicular access connecting the Northern Site to 
the Southern Site down ramp.  

VB is supported by the existing columns of Yuen 
Long Station at podium level, and new columns at 
the podium level of the Southern Site development. 
The weight of VB is controlled by adopting the 
relatively light and efficient form of composite 
girder bridge so that the bridge loads can be 
catered for by the capacity reserve of existing 
foundations of Yuen Long Station. 

VB comprises four steel girders interconnected 
with K-bracings at 3.55m (typical) intervals. The 
centre-to-centre spacing of the main girders is 
3.13m.  

2 Possible Construction Method 
Various construction methods were considered. 
For safety reasons, bridge erection could only be 
conducted over the LRT within the night-time 
possession period granted by the Mass Transit 
Railway Corporation. The carriageway parallel to 
the LRT also required temporary closure during the 
erection. All erection operations were on the 
critical path.  

2.1 Lifting by 750ton Mobile Crane 

The first method considered was lifting the steel 
members by a 750ton crane.  

Due to the existence of LRT, the mobile crane could 
only be positioned within the Southern Site for the 
lifting operations. The lifting radius exceeded 30m 
when the trusses of FB1 and the main girders of VB 
were to be hoisted. This necessitated the use of a 
750ton mobile crane for the erection. In Hong Kong, 
only one 750ton mobile crane was available.   

Each side truss of FB1 could be lifted in one 
operation with the 750ton crane, whereas each 
girder of VB could be divided into three segments 
and lifted in pairs. Temporary support was not 
required for FB1. For VB, temporary towers could 
be erected on top of FB1 to support the girder 
segments before they were welded together. 
(Figure 3)  

The erection of all steel members and working 
platforms above LRT would have taken 10 nights of 
rail possession for FB1 and 31 nights for VB.  

Figure 3 Temporary towers on Footbridge FB1 
for erection of Bridge VB 

VB girder 
segment 1 

VB girder 
segment 2 

VB girder 
segment 3 

Temporary tower 

FB1

VB

Figure 2 Photomontage of the completed 
Footbridge FB1 and Bridge VB (Sun Hung Kai 

Properties Limited, AGC Design Ltd, 2021) 
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2.2 Lifting by 500ton Mobile Crane 

This method is similar to the first option. To solve 
the problem of scarcity of heavy cranes, 500ton 
mobile crane could be employed instead of a 
750ton mobile crane.  

Figure 4 Temporary support for erection of FB1 with 
500ton mobile crane (Sun Hung Kai Properties 
Limited, Sanfield Building Contractors Ltd., 2021) 

In this case, each side truss of FB1 was to be divided 
into two parts for lifting. Temporary support was 
required near the existing carriageway for 
supporting the truss segments. (Figure 4) Erection 
of VB and the temporary works needed were 
similar to what has been discussed in Section 2.1. 

2.3 Rotation 

Alternatively, adopting the rotation installation 
method could shorten the duration of steelwork 
erection over LRT to 3 nights per bridge. Prior to the 
rotation operation, the steel skeletons of the 
bridges would be completed at the Southern Site. 
No welding was necessary above the LRT. The 
bridges were to be first horizontally rotated from 
the Southern Site to the proposed alignment, and 
subsequently vertically lowered to the final 
position.  

To facilitate construction of concrete slab, 
claddings and other remaining bridge accessories, 
temporary working platforms could be pre-
installed and rotated with the bridge. 

2.4 Selection 

Through minimizing erection works above the LRT, 
the rotation method greatly reduced the number 
of critical activities and risks to the LRT services. 
Temporary works on ground level next to the 

existing carriageway and LRT, which posed threats 
to the road users in case of accidental collapse, 
were also eliminated. Hence rotary installation 
methodology was adopted for both bridges.  

3 Design consideration for rotation 
option 

3.1 Rotation Mechanism 

A turntable was erected on the podium of Southern 
Site. (Figures 5 & 6) It provided a sliding surface for 
the rotation operation and supported the rotary 
platform which temporarily held up the bridges.  

During rotation, the rotary platform together with 
the bridge was raised by hydraulic push-pull jacks 
and then spun about the centroid of the turntable. 
To reduce friction between the rotary platform and 
the turntable, the track on which the rotary 
platform slid was made of stainless-steel plate and 
PTFE was applied between the sliding surface and 
the supporting legs of the rotary platform. 

Figure 5 Details of turntable (Sun Hung Kai 
Properties Limited, Freysinnet, 2021) 

Carriageway 
LRT Temporary

support 
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3.2 Counterweight 

To prevent overturning of the temporary setup, 
counterweight was required for balancing the 
bridge loads. Metal billets of square cross section 
were used as counterweight. The square billets 
could be stacked safely and tidily. (Figure 7) 

The weight and centre of gravity of the bridge and 
all other accessories to be rotated with it governed 
the overturning moment and determined the 
adequacy of the counterweight. Therefore, these 
two parameters were strictly controlled to fall 
within design assumptions during construction. To 
enhance construction tolerance, the setup was 
designed such that the centre of gravity of each 
bridge could not deviate from the theoretical 
position by 1m. 

The counterweight was placed on the back span of 
the rotary platform. The same setup was used for 
both FB1 and VB. Since the structural steelworks of 
FB1 is lighter than VB, there was room to cast a 
portion of concrete slab and install cladding on FB1 
before its rotation. To minimize works above LRT, 

the slab directly above the tracks were constructed 
first. 

3.3 Permanent and Temporary Support 
Condition 

The support condition of the bridges changed three 
times from rotation to opening of the bridges. 
Stress reversals occurred during the construction 
stage. It is less a problem for steel bridges as the 
material has equal compressive and tensile 
strengths. The concrete slab of FB1 which had been 
cast before rotation was designed for the locked-in 
stresses accumulated throughout the various 
construction stages. All major steel members were 
checked to remain in elastic state during erection 
to ensure that they would not suffer unrecoverable 
damage. 

Figure 6 Turntable and Rotary Platform 

Figure 5 Counterweight on rotating platform 

Figure 6 Footbridge FB1 during rotation (Sun Hung 
Kai Properties Limited, Freysinnet, 2021) 

Stay Cable 
Rotary platform 

Counterweight 
Temporary connection between rotary 
platform and Footbridge FB1 

999



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

3.4 During Rotation 

During rotation, the bridges were fixed to the 
rotary platform at one end and supported by stay 
cables at approximately one-third of the span from 
the other end. The location of stay cable lugs was 
set to coincide with the nodes of the FB1 trusses so 
as to achieve direct load transfer from the cables to 
the trusses. Since the inclination of cables affect 
the loads to which the rotary platform would be 
subjected, the cables were kept at the same angle 
for VB so that the rotation setup could be reused, 
Figure 8.  

In the absence of stay cables, the bridges would be 
cantilevers with around 50m length, which was not 
feasible with the member sizes in terms of both 
structural capacity and deflection control. Due to 
the weight limit imposed on the as-built Yuen Long 
Station substructure, the size of the structural 
members could not be substantially increased.  

Four stay cables provided additional supports to 
each bridge. The cables comprised of 0.6” diameter 
low-relaxation 7-wire P.C. strands. Initial cable 
forces were adjusted to control deflection so that 
the bridges would not deflect excessively and clash 
with the existing parapet walls above the West Rail 
station. 

During rotation, the stay cables exerted large 
compression on the bridges which would never be 
experienced by them at later stages. The buckling 
resistance of the steel members were specially 
checked in this scenario. While the warren truss 
bridge FB1 exhibits high stability inherently, the 
plate girders of Bridge VB are susceptible to 
buckling in the absence of concrete slab during 
construction. To enhance stability and rigidity of VB, 
both plan bracings and cross bracings were added 
to restrain the plate girders along their lengths. 

3.4.1 During Lowering 

The bridges were hung by cables vertically at the 
two ends for lowering. The cables were anchored 
at the receiving frame on the West Rail Station 
podium and the rotating platform on the Southern 
Site podium, (Figure 9). The support condition at 
this stage was opposite to the permanent condition. 

3.4.2 Permanent condition 

After the bridges were lowered to the design levels, 
the bridges were simply supported on bearings at 
both ends. In practice, it was difficult to achieve 
high positioning accuracy when the bridges were 
lowered within the short railway possession. 
Therefore, a construction tolerance larger than the 
default limit in design codes was allowed for 
bearing installation. The structures and bearings 
were checked to be able to resist effects caused by 
20mm bearing eccentricity. 

3.5 Effect on Existing Structure 

The Southern Site structure was verified to be able 
to sustain the loadings of counterweight and 
bridges transmitted from the rotary platform.  The 
Southern Site podium was not wide enough to 
support the whole bridges. To provide working 
space for assembly of the bridges on site, extensive 
temporary scaffolding and props were erected. The 
temporary scaffolding for the assembly platform 
was approximately 20m high, with props installed 
to transfer the construction loads back to the 
podium structure and its foundation. (Figure 10 & 
Figure 11) 

Figure 7 Footbridge FB1 during lowering (Sun 
Hung Kai Properties Limited, Freysinnet, 2021) 

Figure 8 Assembly Platform for Footbridge FB1 
(Sun Hung Kai Properties Limited, 2021) 
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4 Preparations Before Rotation 
To verify the performance of the setup, tests and 
trials were conducted in factories and on site.  

PTFE was adopted to reduce friction between the 
rotary platform and the turntable. The friction 
coefficient between PTFE and the stainless-steel 
track was tested and the forces required to rotate 
the rotary platform were measured. The friction 
coefficient was found to be 1-2%, which was 
smaller than the design assumption of 5%. No 
damage or scratch marks were discovered on the 
PTFE and the stainless-steel plate after the test. 
Hence, it was concluded that the sliding materials 
to be used exhibited satisfactory performance.  

A full-scale trial was conducted in the factory after 
fabrication of the turntable. (Figure 12) The 
deformed shape of the turntable was checked for 
acceptability. Its deformation dictated the gradient 
which the rotary platform and PTFE had to 
overcome during rotation. If it was excessive, 
rotation would not be possible. 

On site, after the whole setup had been completed, 
trial runs were carried out. Separate trials were 
done for the two bridges. During the trials, clash 
checks were conducted to ensure that the actual 
rotation operation would go smoothly.  

To investigate the factor of safety against 
overturning, the load centroid was derived. The 
forces required to rotate each bridge were 
recorded. Deformation of each bridge after the 
cables were stressed up was recorded and 
compared against analysis results to ensure that 
the bridges’ behaviour agreed with the design 
assumptions. The analysis models were modified, 
and all structural members were re-checked in light 
of as-built conditions.  

Figure 11 Analysis model for Footbridge FB1 

Figure 12 Analysis model for Bridge VB 

The trials provided an opportunity for the 
operation team to rehearse the rotation process 
which was novel to everyone. The operation team 
was trained to collaborate closely to avoid errors 
and delay. Time was of essence during the actual 
operation as the rotation had to be finished within 
the assigned possession periods.  

5 Rotation operation 

5.1 Construction of Bridge on top of 
Podium 

Steel components were prefabricated in the 
factory and delivered to the site in segments. 

Figure 9 Assembly Platform for Bridge VB (Sun 
Hung Kai Properties Limited, 2021) 

Figure 10 Trial setup in factory 
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Falsework were erected at the Southern Site to 
provide a temporary platform for assembly of the 
bridge. After completion of assembly, the bridge 
was connected with the rotary platform. Stay 
cables were installed and initial cable forces were 
tuned, Figure 15. 

5.2 Rotation of FB1 and VB 

FB1/VB were rotated using hydraulic jacks. The 
bridges were rotated by 7.2o per stroke. Before the 
actual erection, trial rotations were carried out as 
has been discussed in Section 4. 

On the day of rotation, the bridge was rotated by 
60 o to the edge of the Southern Site before the 
railway possession. During the possession period at 
night, the bridge was further rotated by 120 o to the 
final position. This process was finished within 80 
minutes. Then the bridge was connected to the 
strand jacks at the receiving frame on the West Rail 
Station and provided with lateral restraints for 
stability. 

The same rotation process applied to both FB1 and 
VB. Rotation of each bridge was completed in one 
day.  

5.3  Removal of Cables 

On the second day, cables were de-tensioned in a 
controlled manner in daytime. Throughout the de-
tensioning process, bridge loads were gradually 
transmitted to the vertical strands for lowering. 
During rail possession, the cables were 
disconnected from the bridge, lifted and removed 
to the Southern Site with a mobile crane. (Figure 20) 

Figure 13 Construction of Bridge on top of 
Southern Podium (Sun Hung Kai Properties 

Limited, Freysinnet, 2021) 

Figure 14 Rotation of Footbridge FB1 

Figure 15 Rotation of Bridge VB 

Figure 16 Completion of rotation of Footbridge 

Figure 17 Completion of rotation of Bridge VB 
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Figure 18 Removal of stay cables with mobile crane 

5.4 Vertical Lowering of FB1 and VB 

On the third day, the connection between the 
rotary platform and FB1/VB, and lateral restraints 
to the bridge were removed. During rail possession, 
FB1/VB were lowered vertically using strand jacks 
to their final positions.  

The bridges was then adjusted to the design 
position. Bearings were fixed, and construction of 
the concrete slabs and other bridge accessories 
followed.  

Figure 22 Bridge VB in its final position 

5.5 Reset to Original Position 

After erection of FB1, the rotary platform was 
rotated back to its original position for erection of 
VB. The procedures of erection of VB were identical 
to those of FB1.  

5.6 Contingency Plan 

All works above the LRT had to be ceased by the 
end of the possession period to allow restoration 

Figure 19 Lowering of Footbridge FB1 

Figure 20 Lowering of Bridge VB 

Figure 21 Footbridge FB1 in its final position. LRT 
service was resumed in the next morning. 
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of the LRT service in the morning. In light of the 
tight timeframe, responsive actions to different 
scenarios were planned in advance.  

Some problems which could have caused delay of 
the rotation included malfunctioning of the push-
pull jacks and damage to the PTFE. During 
rehearsals, the operation team practiced 
replacement of the jacks and PTFE. Spare jacks and 
PTFE were stored on site for emergency use. 

During rotation, the operation team kept a close 
eye on the time and control points. The rotation 
operation would be cancelled if it could not start by 
02:30hrs. If the rotation of FB1 or VB was not 
completed by 03:30hrs, the operation would be 
stopped and the bridge would be rotated back to 
the Southern Site.  

6 Conclusion 
Rotary erection technique has been applied for the 
first time in Hong Kong in the Yuen Long Town 
development. This method has proven to be an 
efficient way to overcome difficult site constraints. 
In the Yuen Long project, a live Light Rail Track runs 
underneath the 45m to 50m-long bridges. The 
bridge erection was only allowed to take place at 
night during rail possession. A quick and safe 
construction method was warranted to minimize 
impacts on the railway service. Rotary construction 
methods can be adopted to realize completion of 
similar steel structure erection within a few days.  
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Abstract 
In order to meet the needs of rapid bridge construction and structural reliability, this paper studies 
the automatic production technology of bridge components from three aspects: production pro-
cess, quality assurance and information management based on small and medium-span bridge 
components. In the production process, in addition to the necessary automatic pouring of compo-
nents, high-temperature steam curing and secondary tensioning are used to achieve intelligent 
and rapid production of components. Quality Assurance ensures a reliable build by analyzing con-
crete maintenance needs and subsequent quality issues that may occur. Information management 
improves the production quality management control of assembly parts by establishing an auto-
mated production information framework for bridge components. 

Keywords: bridge component factory; automatic production technology; process flow; key tech-
nical index; quality management and control. 

1 Introduction 
The factory production of components avoids the 
complex construction environment on the con-
struction site, which significantly improves the 
precision and quality of components. Quality 
management digitizes construction projects 
through construction project information man-
agement. 

The arrangement of the production line and 
the arrangement of the production plan are the 
primary issues in the automated prefabrication of 
large-scale bridge components. At present, at 
home and abroad, the research on the layout of 
the construction site has been relatively systemat-

ic. In the early stage of the research, the expert 
system and artificial intelligence methods were 
used, and the corresponding computer software 
was developed to assist with the layout of the 
construction site, introduced the prefabricated 
beam yard facilities for specific bridge projects in 
detail, and proposed the method and scheme of 
the prefabricated beam yard layout. Cheng Min-
Yuan[1] et al. studied the reasonable stacking 
method of building materials based on the GIS 
platform and the reduction of the secondary 
transportation cost in the building material field.  

In terms of production process, the in-
formatization and intelligence of pre-stress ten-
sion can overcome the shortcomings of traditional 
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oil pressure gauges such as low reading accuracy 
and slow reading, and improve the accuracy of 
pre-stress tension control. Foreign countries are 
the first to carry out research in the direction of 
using a computer to control the oil pump. Both 
the British CCL company and the German PAUL 
company have made breakthroughs in the digital 
display recording of prestressed tension, and have 
successfully developed a hydraulic system that can 
control, record and print oil at the same time. The 
multi-functional digital pressure recorder for force 
value, and the sensor is installed in the hydraulic 
system to collect the pressure value, which com-
pletes the recording and numerical display of the 
tension force. On this basis, Zhou Zheng[2] and 
others of Beijing Institute of Architectural Engi-
neering conducted further research and devel-
oped a prestressed tension oil pump controlled 
automatically by a computer. In 2012, Liu 
Xinhong[3] studied the application of the intelligent 
tensioning system in the prefabricated box girder 
under the background of the cross-airport separa-
tion project.  

In terms of quality management, with the de-
velopment of information technology, information 
management research has been applied in the 
field of engineering construction, resulting in con-
struction project information management. Taking 
the Shanghai Yangtze River Bridge as an example, 

Zheng Weifeng[3] established a digital information 
platform with unified data of survey, design, con-
struction, monitoring and maintenance on the 
basis of traditional bridge maintenance manage-
ment and using Building Information Modeling 
(BIM) as a tool. Li Zhiqiang[4] put forward the con-
cept of construction and maintenance integration 
in view of the problems existing in existing high-
way construction and maintenance operation and 
management. Zhang Jinwen[5] made an ingenious 
analysis of four dimensions: total factor integra-
tion, life cycle management integration, organiza-
tional integration and information integration, and 
constructed the overall framework of the large-
scale transportation construction project man-
agement integration system. 

In general, the research on the process and 
quality optimization methods of structural pro-
duction is still incomplete in China. In addition, the 
current research objects of information integra-
tion management of construction projects are 
mostly housing construction projects [6], and there 
is relatively little research on the industrialization 
of bridge engineering. Taking the automatic chem-
ical plant of Chizhou industrial production base as 
the background, as shown in Fig. 1, this paper 
introduces the process and key problems of quali-
ty control.  

Figure 1. Schematic diagram of industrial production base 

2 Project Overview 
The automatic production line of bridge compo-
nents in this factory adopts the design of an annu-
lar production line, also known as the unit flow 
production line [7]. This production line uses high-
precision and high-strength forming molds. The 
concrete was poured into the mold by the placing 

machine. After the vibrating table is vibrated, the 
mold is not released immediately, but pre-cured 
and steam cured to make the component strength 
meet the design strength. The mold removal pro-
cess is carried out only when the mold is removed. 
The PC components after mold removal are trans-
ported to the product temporary storage area or 
the outdoor finished product stacking area, and 
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the empty mold table is automatically returned 
along the conveying line, forming an automatic 
circular flow operation. Compared with the fixed 
mold table production line, the annular produc-
tion line is a production line mode with a higher 
degree of automation. Fabric vibrating system, 
maintenance system, etc. 

The main body is equipped with a PC compo-
nent production line, and the barrel feeder trans-
ports the concrete mixed in the mixing station to 
the placing machine station through the aerial 
track, pours it into the steel cage bound by the 
intelligent steel bar processing equipment in lay-
ers, and vibrates through the distribution The 
system is vibrated and levelled and transported to 
the steam curing room for steam curing. During 
the production line, the transportation of compo-
nents in the production line is handled by the 
transfer equipment and lifting equipment of the 
mold table. 

The factory adopts the intelligent adjustment 
formwork system for beam-slab components, and 
adopts a PLC module to control the hydraulic au-
tomatic control system and infrared temperature 
measurement and distance measurement system, 
which mainly include the formwork system and 
the intelligent control system. Shift, vertical shift, 
automatic positioning, automatic mold support, 
and other functions. Compared with the tradition-
al formwork, the PLC module is manually operated 
to realize the overall installation, removal and 
movement of the formwork, which greatly reduc-
es the process time for the installation and re-
moval of the formwork in the prefabricated beam 
and slab components, and has a high degree of 
automation; the formwork is an integral operation, 
with fewer seams and guaranteed. At the same 
time, the overall operation effectively improves 
the turnover times of the formwork, ensures the 
construction quality of the beam and plate com-
ponents, and the overall performance is good; in 
the prefabrication construction, the input of labor, 
machinery and material resources are reduced, 
and the construction quality, Safety and progress, 
green and environmental protection, reduce en-
ergy consumption. 

3 Automatic production process of 
beam and plate members 

3.1 Rebar processing automation craft 

According to the reinforcement information of the 
construction drawings, intelligent steel bar pro-
cessing equipment is used for automatic cutting 
and bending of steel bars. After the steel bars are 
processed, they will be transported to the steel 
bar binding area using mobile racks. The steel bars 
are bound and formed on the special tire mem-
brane, and the steel bars are hoisted and installed 
on the self-propelled trolley as a whole by truss 
cranes. The position of the structural steel bars 
should be accurately marked on the tire mem-
brane to effectively ensure that the installation 
position and spacing of the steel bars meet the 
design requirements and avoid the lack of steel 
bars. 

The prestressed pipes are made of circular 
metal bellows. When installing the bellows, the 
pipes should be laid out in strict accordance with 
the design coordinates, and the pipes should be 
bent naturally to prevent breakage. It should pass 
through the hole of the anchor plate 10cm, and 
then cut off after the concrete is poured. The posi-
tion of the prestressed pipeline must be posi-
tioned strictly according to the coordinates. The 
curved part within the length of the corrugated 
pipe shall be fixed with a set of positioning steel 
bars at an interval of 400 mm and an interval of 
800 mm for the straight line segment[8]. 

3.2 Maintenance automation craft 

For the removal of the side formwork of non-load-
bearing beam-slab members, the concrete 
strength should reach 2.5MPa to ensure that the 
surface is not damaged due to the removal of the 
formwork. After the side formwork is removed, it 
will be statically stopped and maintained for a 
period of time to ensure that the concrete reaches 
a certain strength after pouring. The beam plate is 
moved to the intelligent temperature-controlled 
steam curing room through the self-propelled 
trolley for timely curing. The steam curing is main-
ly divided into four stages: static stop stage, heat-
ing stage, constant temperature stage and cooling 
stage. 
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The resting stage is also called the precondi-
tioning stage. The curing temperature for the rest-
ing time is 20-25 ℃. This stage is mainly to make 
the cement in the concrete have a relatively suffi-
cient hydration time, so that the concrete can 
form a certain structural strength to resist the 
thermal expansion of the steam and avoid cracks 
and looseness on the surface of the components 
during steam curing. 

The heating stage is the time for the steam 
reaches a constant temperature. The increase of 
the heating rate accelerates the cement hydration 
process. The demolding strength and 3d and 7d 
compressive strengths with a higher heating rate 
are higher than those with a lower heating rate. A 
higher heating rate can promote the hydration 
reaction of cement and mineral admixtures and 
promote the development of strength, but at the 
same time, it will also increase the thermal expan-
sion of water vapor and affect the later strength 
of concrete. Therefore, the heating rate should 
not be too fast, and the heating rate should be 
considered as 20°C/h. 

The constant temperature stage is a period of 
steam curing time for maintaining a constant 
temperature after the concrete is heated up. The 
length of the constant temperature time is very 
important. In the constant temperature stage, the 
longer the constant temperature time, the higher 
the demoulding strength of the concrete in the 
early stage, and the slower growth of the later 
stage strength, but the longer the constant tem-
perature time does not necessarily enhance the 
concrete strength, which is related to the internal 
concrete hydration process. 

The cooling stage refers to the stage from the 
stop of air supply to the removal of the mainte-
nance cover. In the cooling process, the cooling 
gradient is the key. The cooling gradient should 
not be too large. The severe cooling will cause 
"cracks" on the concrete surface. The cooling 
temperature difference should not exceed 25℃/h. 
The effect of cooling on the strength of concrete 
With the extension of cooling time, the strength of 
concrete gradually increases, and the sudden cool-
ing leads to a large temperature difference be-
tween the inside and outside of the concrete, 
which is prone to temperature cracks. 

Under the strict control of the temperature 
and humidity of the steam curing room, the heat-
ing rate and the cooling rate, the concrete can be 
prevented from cracking due to the excessive 
temperature difference between the inside and 
outside. According to the prefabricated beam yard 
that adopts the steam curing process in China, 
generally steam curing for 24 hours, the strength 
of the beam plate and the elastic modulus can 
meet the tensioning conditions. 

3.3 Prestress tension automation craft 

The automatic process flow of prestressed ten-
sioning consists of prestressed tensioning and 
channel grouting. 

The prestressed intelligent tensioning system 
refers to a prestressed automatic tensioning 
equipment and its computer control system, 
which is mainly composed of a prestressed intelli-
gent tensioner, an intelligent jack, a laptop with its 
own wireless network card, and a high-pressure 
oil pipe[9]. According to the preset program, the 
system also sends instructions from the host to 
synchronously control every mechanical action of 
each equipment, and automatically complete the 
entire tensioning process. 

The intelligent grouting system consists of a 
pulping system, a grouting system, a measure-
ment and control system, and a circulation loop 
system. The intelligent grouting system circuit is 
composed of prestressed pipeline, pulping ma-
chine, and grouting pump. The slurry continuously 
circulates in the circuit to purify the air in the 
pipeline. By increasing the pressure for punching, 
impurities can be discharged, eliminating the fac-
tors that cause the grouting to be uncompacted. 
At the same time, precise sensors are installed at 
the slurry inlet and outlet of the pipeline to moni-
tor relevant parameters in real time. 

4 Automatic optimization measures 
for beam and plate members 

In addition, in order to improve the production 
efficiency of the prefabricated beam yard and 
ensure the quality of the prefabricated compo-
nents, the concept of secondary tensioning is pro-
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posed, which effectively shortens the demoulding 
time and better meets the needs of the market. 

4.1 Craft and problems 

The secondary tensioning process means that the 
steam curing process is used to improve the early 
strength and performance of concrete, demould-
ing in time, and after tensioning a part of the pre-
stress, the beam body is hoisted to the beam stor-
age area for maintenance, waiting for age, 
strength or elastic modulus. After the amount 
reaches the design requirements, the second 
batch of prestressing is tensioned[10]. 

The main problems existing in this method 
are: (1) the concrete strength or insufficient in the 
early age, the tension may cause the concrete to 
be crushed or cracked; (2) the creep effect in the 
early age is large, or the prestress loss is increased, 
As a result, the bridge cannot meet the crack re-
sistance control requirements. 

4.2 Focus of control 

Using the secondary tensioning process, the above 
problems can be solved theoretically: firstly, since 
only the prestressed part is tensioned, the com-
pressive stress or tensile stress generated on the 
concrete is relatively small, which can meet the 
control requirements of the current age; secondly, 
After the age and strength of the concrete meet 
the requirements, the prestressed bundles are 
supplemented and stretched to prevent them 
from being crushed by tension. In this way, the 
effective stress acting on the structure still meets 
the requirements of the design document. 

In terms of curing, the steam curing time is 
1~3 days, and after the strength index reaches 60% 
of the design strength (according to the steam 
curing test, the condition can be satisfied for one 
day of curing), the first tensioning can be carried 
out. The second tension should be carried out 
when the design requirements are met. When the 
design is not limited, the natural curing should be 
carried out until the concrete strength reaches 
more than 90%, and the elastic modulus reaches 
more than 85%. When the age exceeds 10 days, 
then a second tension can be performed[11]. 

4.3 Case study 

Now the post-tensioned hollow slab beam is taken 
as an example, and four types of spatial rod sys-
tem models with spans of 10m, 13m, 16m and 
20m are established to optimize the internal 
stress of the structure, as shown in Fig.2. The pri-
mary tension calculation of the beam secondary 
tensioning process considers the effects of con-
crete shrinkage and creep in 7 days. After primary 
tensioning, the main beam line shape is basically 
kept horizontal as the control target. The main 
beam deflection after primary tensioning of each 
prestressed member within the range of 2mm, the 
design pre-camber line shape is achieved after the 
secondary tension is stretched to 100%. In order 
to reduce the construction steps, one-time ten-
sioning adheres to reducing the number of ten-
sioning steel bundles as much as possible to 
achieve the desired effect. 

Figure 2. hollow slab beam finite model 

Through the trial calculation results of the fi-
nite element model, the 10m-span hollow slab 
composite beam tensioned the N1 and N2 steel 
bundles to 630MPa, and then hoisted, and then 
tensioned the remaining steel bundles N1 and N2, 
and stretched the tensioned N1 to 100%. , the 
maximum deflection of the main beam is about 
1mm, which meets the requirements. The results 
of 10m, 13m, 16m and 20m hollow slabs are 
shown in Table 1. 

In order to realize the secondary tensioning 
process and ensure the safety of the structure at 
the same time, a tensioning horse stool can be 
placed between the jack and the beam body dur-
ing the secondary tensioning. , After the second-
ary tension is completed, it is anchored by the 
temporary anchor clips. When the ideal state is 
reached, the steel strands are anchored through 
the working anchor clips, the temporary anchor 
clips are removed, and the excess steel strands 
are cut off. The wire does not participate in the 
stress of the beam in the later stage, therefore, 
the normal operation of the steel strand in the 
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later stage is guaranteed, and the structure is safe and stable. 

Table 1. First Tension Force and Stress State of Hollow Plate Beams 

Span 
First Ten-
sion Ten-
don No. 

First Tension 
control stress 

(MPa) 

Maximum compressive 
stress on the upper 

edge (MPa) 

Maximum compres-
sive stress at the lower 

edge (MPa) 
10m N1~N2 630 3.1 3.6 
13m N1~N2 700 2.9 3.3 
16m N1~N2 900 3 3 
20m N1~N3 800 3.9 4.1 

5 Automatic Quality Control of Beam 
and Plate Components 

In the prefabricated production process of beam-
slab components, due to the limitations of tech-
nology and equipment, as well as personnel errors, 
local quality problems occur in prefabricated 
components, so it is necessary to set up relevant 
quality management and control methods. The 
constructed quality control system should achieve 
the following goals: 1. With the help of advanced 
information technology, information transmission 
mechanism, management system, etc., project 
participants can communicate and cooperate to 
improve the sharing of production information; 2. 
Strengthen the supervision of production links and 
reduce Hidden quality problems; 3. Establish a 
quality feedback mechanism, respond in a timely 
manner once quality problems occur, hold rele-
vant personnel accountable, and finally make a 
post-event summary; 4. Strengthen personnel 
management, personnel management is the key 
to total quality management, is to improve The 
technical level of managers and workers can re-
duce the occurrence of quality problems[12]. 

5.1 Automated Quality Control for Rebar 
Processing 

The binding of steel bars needs to be bound and 
formed on a special tire frame, and then hoisted 
into place as a whole. The tire frame needs to 
accurately mark the position of the steel bars to 
effectively ensure the accuracy of the position and 
spacing of the steel bars and the lack of steel bars. 

The processing design is carried out according to 
the construction drawing. After the processing is 
completed, the size is inspected on site, and it can 
be used only after it is qualified.  

The corrugated pipe should have a certain 
strength and rigidity to ensure that it remains in 
its original state under the action of the gravity of 
the concrete, and it must meet the transfer bond-
ing force. The coordinates of the bellows pipe are 
arranged in strict accordance with the drawing 
design. When tying steel bars, the corrugated 
pipes should be accurately positioned according to 
the coordinates, and U-shaped positioning steel 
bars are used to fix them (one place is set at 1m in 
the straight and gentle section, and one place is 
set at 0.5m in the curved section)[13], the position-
ing steel bar is connected to the box girder web 
steel bar by spot welding.  

When lifting and transporting the steel frame, 
pay attention to observe whether the frame is 
deformed. If necessary, add inclined steel bars to 
support or increase the lifting point. Before lifting 
the steel bars of the beam body, add pads at the 
bottom to ensure sufficient protective layer. Be-
fore hoisting, check the working environment, 
slings, protection, etc. There are no idle personnel 
in the hoisting area, the binding is firm, and the 
steel skeleton is not connected to other objects, 
and the hoisting can be carried out after the in-
spection is complete. 

5.2 Automated Quality Control of Concrete 
Placement 

Concrete pouring requires a layered pouring 
method, and the pouring thickness of each layer 
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of concrete must be controlled, and the next layer 
can be poured after the thickness reaches the 
standard. In this process, the interval time be-
tween the pouring of each layer should also be 
controlled, which is determined according to the 
initial setting time of the concrete, which is also a 
key measure to prevent cracks. 

The roof concrete is vibrated with a plug-in 
vibrating rod to vibrate the concrete. During the 
web concrete pouring process, the concrete mix-
ing time and moulding time are strictly controlled. 
In order to ensure the vibrating quality of the web 
concrete, a pair of attached vibrators are installed 
every 3m along the bellows position on the side 
formwork, and special personnel are arranged to 
take care of them. The vibrating time should be 
10s~12s, and the vibrating can be started only 
after the concrete is poured higher than the vibra-
tor. Vibrate for 20 to 30s, as long as the concrete 
is not descending and there is laitance on the sur-
face. The rest of the web is vibrated with a plug-in 
vibrator. The distance of each movement should 
prevent leakage or excessive vibration. The inser-
tion depth of the vibrator should not exceed 3/4 
times the length of the vibrator, and the vibrator 
should be moved up and down continuously. 
Great. For parts with dense reinforcement such as 
prestressed anchorage areas, it is necessary to 
strengthen the vibration quality. When the roof is 
poured, attention should be paid to the vibration 
of the concrete at the position of the negative 
bending moment tension notch to ensure that the 
tension notch does not shift and prevent it from 
floating[14]. 

5.3 Concrete curing automated quality 
control 

After the concrete pouring of the beam body is 
completed, it is covered with geotextile and sprin-
kled with water for natural curing until the con-
crete is finally set (or the concrete on the top of 
the beam is not damaged due to the installation of 
the scaffolding). When cooling, choose a time with 
a small temperature difference between inside 
and outside to prevent shrinkage cracks in con-
crete due to sudden temperature drop. When the 
tarpaulin is opened, the temperature of the con-
crete surface of the beam body shall not be higher 

than the ambient temperature by 10°C. During the 
maintenance period, the main gas supply pipeline 
should be inspected regularly to prevent the main 
gas supply pipeline from rupture and leakage, 
resulting in the ineffective use of steam and in-
creasing the maintenance time. 

Spray health care ensures the adequacy of 
water supply during the maintenance process. 
Configure the water storage tank. If the daily pro-
duction of 3~5 beams, the total capacity of the 
corresponding water storage tank should reach 
10m3. Before spraying, it is necessary to run the 
water pump in time to provide maintenance water 
to the initial pressure tank under the action of the 
device, and the water in the tank will be further 
transferred to the main water pipe, and the 
maintenance water will be distributed to each 
branch pipe. 

The water after spraying still has utilization 
value, and it can be transferred to the sedimenta-
tion purification tank, and returned to the storage 
tank after a specific sedimentation process, which 
can improve the utilization efficiency of water 
resources and reduce the waste of water re-
sources[15]. In this regard, it is necessary to check 
and update the sprinkler heads of the sprinkler 
system according to the specified time to ensure 
the atomization effect. 

5.4 Information technology for automatic 
production of beam and plate compo-
nents 

The information management system needs to 
achieve the corresponding improvement goals by 
improving the efficiency and timeliness of infor-
mation transmission in the factory, the compre-
hensiveness of information collection and cover-
age, and the intelligence of information pro-
cessing and application. The overall system func-
tional architecture receives customer orders from 
the prefabricated factory, and the production 
planning department analyses the design draw-
ings of the production components, uses the BIM 
model as a carrier to obtain the 3D model infor-
mation of the components, adds cost and time 
estimates to become a 5D model, and combines 
with BIM The information system connects the 
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design information with the internal resources of 
the factory[16].  

The planning department formulates the 
production plan according to the personnel and 
equipment status information provided by the 
production workshop in the information system, 
as well as the existing inventory of materials, de-
tails of lack of materials and other resource alloca-
tions. The formulation of the production plan is 
the realization of the ERP function in the infor-
mation system, including labor planning, mechani-
cal planning, material requirement planning, and 
construction schedule planning. The management 
assigns production tasks according to the produc-
tion plan, and the production workshop starts the 
execution of tasks, and uses the information sys-
tem for data collection, progress monitoring, 
component tracking, quality management and 
other operations[17]. The information management 
system data-base module is shown in Fig.3. 

Everyone corresponds to the information unit, 
and the data information is divided into three 
database modules, basic data, production data 
and monitoring data. Basic data includes person-
nel information, equipment information and ma-
terial information; production data includes pro-
cess information, progress information, and quali-
ty information of component processing; monitor-
ing data includes monitoring information on facto-
ry safety and environment. 

Figure 3. Information management system data-
base module  

6 Conclusions 
Through the research on the automatic produc-
tion process and quality control of large-scale 

bridge components, the details are mainly divided 
into the aspects of automatic production process, 
quality control and automatic production infor-
mation technology of beam and plate components, 
and the following conclusions are made: 

(1) For the overall production process, plan
each production process in detail, including the 
process flow and technical points of each process, 
establish a complete intelligent production pro-
cess for bridge components, improve the produc-
tion process system for industrialized intelligent 
construction, and improve project quality, safety, 
efficiency and quality. 

(2) Propose the quality control objectives and
ideas of the production process, investigate, and 
analyse the reasonable steam curing temperature, 
optimize the steam curing parameters, propose 
the heating and cooling rate and the overall steam 
curing time to optimize the maintenance process 
of the beam and plate components, and investi-
gate the relevant prefabricated components. For 
common quality problems in production, corre-
sponding preventive measures are proposed to 
provide a basis for improving the efficiency of 
quality control. 

(3) The main girder line shape is basically
kept horizontal after the one-time tensioning of 
the hollow slab girder is used as the calculation 
standard, and the tensile stress control size during 
the one-time tensioning is given. MPa, and at the 
same time put forward a solution to the problem 
of the risk of fracture of the steel strand at the 
position of the pinch mark after secondary ten-
sioning. 

(4) Put forward the overall goal of all-round
development of informatization and refine it into 
specific directions such as safety and controllabil-
ity, reliable quality, controllable construction peri-
od, cost economy, and green environmental pro-
tection, establish an integrated information man-
agement platform. All information and manage-
ment processes are integrated into the BIM model 
to achieve multi-dimensional, all-round industrial 
construction management. 
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Abstract 
Prefabricated bridges are one of the key means to realize industrialized bridge construction. Tradi-
tionally, bridge components are produced in temporary prefabricated girder yards serving a single 
specific project, which produce prefabricated components with limited use and low utilization rate. 
Therefore, the construction of permanent prefabricated production bases has gradually become the 
trend of the highway bridge industry. This paper discusses the planning method and construction 
technology of permanent precast production plants for different concrete members of highway 
bridges. The construction method of bridge precast plants in terms of production line selection, 
equipment selection and application is introduced. Eventually, the key technologies for the auto-
mated production lines and construction of large bridge precast factories are systematically estab-
lished to provide reference for the construction of highway bridge precast factories.  

Keywords: bridge precast factories; automated production lines; equipment selection; factory con-
struction. 

1 Introduction 
Industrial construction means replacing the decen-
tralized, low-level, and inefficient methods of tradi-
tional construction through modern manufacturing, 
transportation, installation and information man-
agement techniques. The industrial construction of 
concrete bridges can accelerate site construction. 
It greatly reduces the environmental impact and 
traffic disruption at the bridge site. Also, industrial 
construction easily ensures project quality and re-
duce the life-cycle costs of bridges. Its technical and 
economic advantages are increasingly recognized 

by the bridge industry in various countries[1-2]. Com-
pared with traditional bridge cast-in-place con-
struction, it has the following obvious advantages: 
(1)It is suitable for many types of bridges, which is
less limited by span; (2)The proper application of
prefabricated assembly technology can reduce
costs compared to traditional construction meth-
ods; (3)It avoid impact on the environment and
traffic; (4)The quality is guaranteed. The loading
age and curing time are long, which can reduce the
prestress loss of the girders; (5)Simple construction 
and short construction period. On the other hand,
many studies[3-6] have proved that prefabricated
bridge structures have certain seismic performance.
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The primary problem to be solved in the large-scale 
automatic prefabrication of bridge components is 
the layout of the production line and the selection 
of automation equipment. Sai-On Cheung et al.[7] 
introduced a genetic algorithm to solve the layout 
problem of prefabricated beam fields. Zhen Ba-
oshan[8] believed that the layout of the component 
prefabrication field depends on the site area, ter-
rain, project scale, installation method, construc-
tion period and mechanical equipment, etc. and 
the layout varies greatly under different conditions. 
Huang Longhua et al. [9] introduced the prefabri-
cated beam yard facilities for specific bridge pro-
jects in detail, which proposed the method and 
scheme of prefabricated beam yard layout. Xia 
Xiangdou et al.[10] summarized some principles and 
influencing factors of prefabricated site layout 
through extensive investigation of actual projects. 

In the layout of industrial product production lines, 
there are many factors to be considered, often in-
cluding equipment configuration, mode of produc-
tion and transportation, etc. At the same time, it is 
also necessary to take into account the flexibility, 
versatility and adaptability of the assembly line lay-
out. This study will draw lessons from the existing 
mature product line production mode and summa-
rize the existing experience in the layout of prefab-
ricated production sites. Comprehensively consid-
ering the production requirements of different 
types of components, the research on the selection 
of automated production lines is carried out. Finally, 
a general, flexible and variable organization form of 
automatic production line is proposed. 

2 Factory Planning 

2.1 Site Selection 

The location of production plants in traditional 
manufacturing mainly considers four factors: dis-
tance, market, resources and labor. Compared with 
traditional production factories, the production, 
transportation and sales of smart  prefabricated 
factories have their particularities. Firstly, The 
transportation cost of bridge concrete components 
is high and there is a reasonable transportation ra-
dius, especially for land transportation. It is gener-
ally difficult for the transportation distance to ex-
ceed 120~200km, otherwise the marginal cost will 

be greatly increased, which is neither economical 
nor energy-saving and environmentally friendly. 
Secondly, External conditions restrict the transport 
of precast concrete elements. Before transporta-
tion, the slope of the transportation route should 
be considered, and the requirements for transport-
ing large or oversized components and equipment 
must be met. Thirdly, The requirements for the 
production site are high and the size, shape and ge-
ological conditions of the site must meet the needs 
of component flow production and transportation. 

Factors considered in factory site selection include 
economic, policy, infrastructure and social factor. 
Comprehensive consideration and overall analysis 
should be made and factors with greater influence 
and weight should be prioritized as the basis for de-
cision-making. 

2.2 Plant Construction 

Factory construction involves many types of pro-
jects, such as steel structure plant construction, 
road drainage and supporting engineering, green-
ing engineering, and equipment foundation engi-
neering, etc. The location layout of relevant areas 
needs to consider the overall area of the site and 
divide the area according to the principle of pro-
duction flow process. The overall planning layout of 
the Plant is shown in Figure 1. 

Figure 1. Factory overall plan 

2.2.1 Steel structure workshop 

The steel structure engineering construction of the 
1# and 2# workshops in the factory includes basic 
engineering, steel structure engineering, outdoor 
engineering, wall and ground engineering, roofing 
engineering, door and window engineering, steel 
structure painting, fire protection, etc. Among 
them, the construction area of 1# workshop is 
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about 13510m2, and the construction area of 2# 
workshop is about 32198m2. The workshop struc-
ture is a single-layer steel structure and the foun-
dation forms are pile caps and pile foundations. 
The fire resistance class is Class II. The fire hazard 
class is Class D. The seismic intensity is seven de-
grees and the service life is 50 years. The mortar 
used in this project is all ready-mixed mortar.   

2.2.2 Road drainage and supporting engineering 

This engineering includes: earthworks, road engi-
neering, street lights, fences, guard room, mixing 
station warehouse, equipment foundation, out-
door pipe network, guard room indoor installation, 
warehouse indoor installation in the plant area. 
The road structure adopts 1.2m plain soil fill, 50cm 
hillside gravel cushion, 40cm cement stabilization 
layer and 25cm C30 concrete pavement.  

2.2.3 greening engineering 

The greening maintenance management time of 
the factory is 2 years, which is carried out with the 
secondary standard. During the maintenance pe-
riod, the damaged seedlings should be updated in 
time. The plants are maintained according to the 
ecology such as sun-loving, yin-loving, drought-tol-
erant, and humidity-tolerant. The plants are ad-
justed in time at different stages to ensure rich lev-
els and community structure.  

2.2.4 equipment foundation engineering 

This engineering mainly includes the process foun-
dation of the production line, the partition wall of 
the silo area, the sedimentation tank of the mixing 
station, the storage tank. 

2.3 Functional Division 

The prefabricated factory can be divided into pre-
fabricated production area, office and living area 
and ancillary facilities area according to the overall 
function. The layout of the production area meets 
the requirements of the assembly line production 
process. The layout of each functional area should 
consider the influence of wind direction and the of-
fice. Living area should be set at the upper air out-
let of the production area. The layout of the factory 
is arranged in accordance with professional design 
specifications according to the individual projects 

of the project, technological process, material in-
put and output, waste discharge, raw material stor-
age, internal and external transportation, etc.  

The prefabricated production area is the main pro-
duction function area of the prefabricated factory. 
The automatic production line mainly includes the 
following parts: mixing area, steel bar processing 
area, raw material stacking area, beam making area, 
beam storage and maintenance area, etc. In terms 
of general layout, priority should be given to meet-
ing the requirements of the production process. 
The layout should be based on the component pro-
duction workshop and the finished product storage 
yard. Component assembly line production work-
shops should be in the form of 2-3 span and single-
story steel structure workshops. 

3 Automated production line 
The automatic production line mode used for pre-
cast concrete components is mainly divided into 
two types: fixed mould table production line and 
annular flow production line. 

3.1 Fixed mould table production line 

The production line adopts the production method 
of fixed mould table and moving equipment. The 
mould table is placed in a fixed position. All the op-
erations are carried out on the mould table. The 
operators, steel bars, concrete and other materials 
flow between the mould tables. During production, 
the table mould is used as the bottom mould of the 
component. It forms a complete mould with the 
detachable side moulds around it. The fixed mould 
table production line has high flexibility. The num-
ber of mould tables can be increased according to 
the increase of production capacity requirements. 
It can adjust the function and production capacity 
of the manufacturing system in time by quickly re-
organizing the manufacturing system structure and 
its constituent units of the entire prefabricated 
component production line. The fixed table mould 
production line has a low degree of automation 
and requires more workers. But the production line 
process has the advantages of less equipment, less 
investment, flexibility and convenience.  
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Figure 2. Fixed mould table production line 

3.2 Annular flow production line 

The production line has the mobile mould table. 
The production line uses high precision and 
strength forming moulds. The concrete is poured 
into the mould through a placing machine. Through 
the vibrating table, it is not demoulded immedi-
ately. But after pre-curing and steam curing, the 
demoulding treatment is carried out only when the 
strength of the components meets the design 
strength. The components after demoulding are 
transported to the product temporary storage area 
or the outdoor finished product stacking area. The 
empty mould table is automatically returned along 
the conveying line, forming an automatic circular 
flow operation. Compared with the fixed mould ta-
ble production line, it is a production line mode 
with a higher degree of automation.  

The features and advantages of the production line 
are: moulds circulate on the production line in-
stead of machines and workers circulating in the 
production line, which can quickly and efficiently 
produce simple products. The production line can 
achieve a high level of automation and intelligence. 
For standard and uncomplicated precast concrete 
components, a fully automated or semi-automated 
production line can be formed. It greatly reduces 
labour productivity and labour intensity, saves en-
ergy consumption, and improves efficiency. It is 
suitable to produce standardized floor slabs, wall 
panels and precast concrete components or non-
decorative wall panels. However, due to the high 
degree of automation of the assembly line process, 
its investment is large, the return period is long, the 
later maintenance cost is high and the require-
ments for operators are relatively high.  

Figure 3. Annular flow production line 

According to the number of production component, 
the factory has set up 2 automatic PC component 
production lines. One automatic production line 
produces steel plate composite beam bridge decks. 
Another automated production line produces fab-
ricated subgrade bridge decks. The equipment is 
arranged in a fully enclosed three-span steel struc-
ture workshop, which the middle span is a steel bar 
processing workshop and both sides are an auto-
mated PC component production line workshop.  
The area is about 20,000m2 and each production 
line is equipped with two 32-ton truss cranes.  

4 Automated production equipment 

4.1 Concrete transport system 

Concrete transport system consists of concrete 
feeder and transport track. The drum feeder is an 
intelligent transportation equipment that trans-
ports the concrete in the mixing station to the plac-
ing machine station through the air rail. The equip-
ment is composed of cylindrical bin body, clamping 
wheel, baffle plate, unloading device and electrical 
control device. It is characterized by smooth oper-
ation, wireless control on the ground, multi-station 
loading and unloading and can turn and climb 
slopes.  

The track beam is made of 280mm I-beam and the 
support beam is made of 200mm H-beam to form 
a truss structure. The column is made of steel pipe 
or H-beam and the column is set with diagonal pull 
to further increase the lateral rigidity. The overall 
strength and rigidity can well meet the use require-
ments and realize the smooth operation of the 
equipment.  
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(a) concrete feeder

(b)transport track

Figure 4. Concrete transport system 

4.2 Mould table and transfer equipment 

The design height of the mould table is equal to the 
design size of the components. Anti-collision de-
vices are required at both ends of each mould table. 
Steel plate composite beam decks and subgrade 
decks must be produced on an automatic produc-
tion line. The turnover of each set of mould tables 
is not less than 300 times. The total length of the 
mould table should not exceed 13.4m. The height 
should not exceed 1000mm. The total width should 
not exceed 3600mm. The bottom plate of the 
mould is made of hot-rolled steel plate, which is 
not less than 10mm. The thickness of the steel 
plate of the baffle plate is not less than 14mm. A 
single set weighing no more than 15t is equipped 
with an attached vibrator below. The transport sys-
tem of the mould table is mainly connected by the 
ground support wheel, the driving wheel and the 
shuttle car.  

(a) ground support wheel       (b) driving wheel

(c) movable mould table

Figure 5. The transport system of the mould table 

4.3 Lifting equipment 

Lifting equipment mainly includes gantry crane and 
truss crane. The weight of a single bridge deck 
member of the gantry crane is about 30 tons. The 
area of the beam storage is about 52675m2 with a 
total of 5 spans. Each span is equipped with 1 set of 
gantry crane and the rated lifting weight is 50t. The 
function of the gantry crane is to store the bridge 
deck in the beam storage area. After the specified 
storage time is reached, it will be lifted and moved 
to the beam transporter.  

Each production line selects 2 truss cranes with a 
rated hoisting weight of 32 tons. The truss crane 
can work alone or in linkage, which is used for com-
ponent demoulding, side membrane hoisting, com-
ponent hoisting to beam transport trolley, etc. The 
weight of the reinforcement for a single compo-
nent in the rebar processing workshop is 5-6 tons. 
Two truss cranes with a rated hoisting weight of 10 
tons are used for raw material unloading, semi-fin-
ished products, finished products hoisting, etc. In 
the special-shaped deck workshop, 4 truss cranes 
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with a rated lifting weight of 50 tons are selected 
for demoulding of special-shaped components, lift-
ing of side membranes, and lifting components to 
beam transport cars, etc.  

4.4 Intelligent steel bar processing equip-
ment 

The production of prefabricated components is 
about 800m3 of concrete every day. The number of 
steel bars processed per day is obtained: the total 
amount of shearing is 4840.13 Kg; the total amount 
of bending is 4505.88Kg; the total amount of bend-
ing hoop is 33.97Kg. According to the number of 
steel bars processed daily, equipment models as 
follow: 1 set of intelligent CNC steel bar straighten-
ing and cutting machine; 1 set of intelligent CNC 
steel bar hoop bending machine; 3 sets of intelli-
gent CNC steel bar bending machine (medium size); 
1 set intelligent CNC steel bar bending machine 
(large size); 3 sets of intelligent CNC steel bar shear-
ing machine (medium size); 1 set of intelligent CNC 
steel bar shearing machine (large size); 1 set of in-
telligent CNC steel bar sawing and threading ma-
chine; 1 set of small bending machine (for pro-
cessing lifting rings); 1 set small steel bar Shearing 
machine.  

(a) intelligent CNC steel bar straightening and cut-
ting machine 

(b) intelligent CNC steel bar hoop bending machine

Figure 6. Intelligent steel bar processing equip-
ment 

4.5 Concrete pouring system 

Concrete pouring system consists of concrete plac-
ing machine and walking lift vibrator. The placing 
machine is a kind of equipment that evenly pours 
the concrete sent from the mixing station on the 
mould table in the production line of precast con-
crete components. The concrete placing machine 
has two modes of manual feeding and automatic 
feeding, which adopts the star wheel feeding shaft 
controlled by frequency conversion. The pouring 
bucket is electronically weighed, which can accu-
rately control the amount of concrete. The small 
material gate of the feeding port is controlled by 
the high-pressure oil cylinder switch respectively. 
When the material door is fully opened, the width 
of more than 3 meters can be realized, which 
greatly improves the production efficiency.  

The track beam of the placing machine is made of 
250mmH steel. The P22 track is laid on it to meet 
the walking requirements of the placing machine. 
The supporting beam is made of 250mm H-shaped 
steel to form a truss structure and the column is H-
shaped steel. The overall strength and rigidity of 
the placing machine frame can well meet the use 
requirements and realize the smooth operation of 
the equipment.  

Row-type vibrating machine is a kind of equipment 
in the production line of precast concrete compo-
nents, which removes the air bubbles in the con-
crete and makes the concrete compactly combined. 
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It eliminates the phenomenon of honeycomb pit-
ting of concrete and ensures the strength of con-
crete members. The equipment is designed with 
four rows of vibrating rods. The vibrating system is 
composed of high-frequency vibrators.  

(a)concrete placing machine

(b) Row-type vibrating machine

Figure 7. Concrete pouring system 

4.6 Intelligent mould system 

The intelligent adjustment mould controls the hy-
draulic automatic control system and the infrared 
temperature measurement and distance measure-
ment system by using the PLC module. The mould 
system realizes the functions of automatic running 
during concrete pouring, automatic horizontal and 
vertical movement of the mould, automatic posi-
tioning, automatic mould support and dismantling, 
etc. Compared with traditional moulds, the intelli-
gent mould has a high degree of automation, good 
overall performance, green environmental protec-
tion and reduces energy consumption.  

In order to ensure the prefabrication quality of the 
beams and slabs, the side mould adopts hydraulic 

stainless steel mould. The steel mould is provided 
with a rigid frame to prevent deformation, disloca-
tion and damage during process of use. The steel 
mould is connected and assembled by bolts. Effec-
tive measures are taken to block the grout-prone 
parts such as the comb-shaped plate, reserved 
holes and splicing joints to ensure that the mould 
does not leak grout. The mould must be sanded be-
fore each use. And it is brushed with a qualified re-
lease agent.  

Figure 8. Mobile intelligent mould system 

4.7 Concrete curing system 

The concrete curing system includes a central con-
trol room, side-mould transporter, stacker, brush-
ing machine and curing kiln. The stacker can store 
the newly poured concrete on the curing room 
frame. It can also take out the precast concrete 
parts from the curing room. The equipment con-
sists of three parts: lifting frame, power platform 
and mobile cart. The power platform adopts a mo-
tor-driven hoist to realize the lifting and lowering 
of the lifting frame. The mobile frame can be 
moved between different rows of kilns along the 
ground rail to meet the access requirements of any 
component.  

The reason why concrete can gradually solidify and 
harden after ramming is mainly the result of ce-
ment hydration. Hydration requires proper tem-
perature and humidity conditions. Therefore, in or-
der to ensure suitable hardening conditions of con-
crete and make its strength increase continuously, 
it is necessary to curing concrete. The concrete 
components are placed in the curing kiln, so that 
the strength of the concrete components can meet 
the requirements. The three-dimensional curing 
kiln arranges the curing stations in the vertical 
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space, and transports the mould table to each sta-
tion through the stacker. It guarantees quality and 
efficiency of curing, saving space and energy.  

The selected three-dimensional curing kiln has an 
automatic temperature and humidity control sys-
tem. The concrete components stored in the kiln 
can be cured in several stages such as standing, 
heating, constant temperature and cooling.  

(a) stacker

(b) curing kiln

Figure 9. Concrete curing equipment 

For deck-type components, the above-mentioned 
curing kiln should be used for steam curing. For 
large beam-type components, steam curing shed 
equipment is required. The steaming shed is com-
posed of light steel structure and thermal insula-
tion cotton. The steam generator, beam tempera-
ture tester, pressure gauge and hydraulic door are 
installed indoors. The equipment realizes concrete 
curing by monitoring the temperature of the pre-
fabricated beams in the curing room and control-
ling the temperature of the steam released by the 
steam generator. And intelligent steam curing con-

trol system can reduce human influence. The sys-
tem effectively controls the steam curing tempera-
ture, humidity and curing time of prefabricated 
beams, which reduces the curing time and ensures 
the quality of concrete curing.  

The steam curing mechanism is divided into static 
stop stage, heating stage, constant temperature 
stage, and cooling stage. The steam curing mecha-
nism can make the components quick-set and 
early-strength to meet the requirements of 
demoulding and relaxation. It shortens mould turn-
over and concrete curing time, which accelerates 
component prefabrication.  

5 Conclusions 
Through research on the construction planning, 
production line layout and equipment selection of 
an actual prefabricated panel component auto-
mated production plant, the functional area of the 
factory for the automated production of beam-slab 
prefabricated components was planned. And the 
production line was designed. Automatic produc-
tion equipment with corresponding reasonable pa-
rameters were equipped.  

The early planning of factory functional areas is 
very important, which affects the efficiency of the 
cooperation between the various steps in the pro-
duction of prefabricated components. The form of 
automated production line needs to be reasonably 
designed and arranged according to the factory's 
production needs and production capacity. Auto-
matic production equipment is an indispensable 
part of bridge assembly factory. It is also necessary 
to select automatic production equipment with ap-
propriate parameters according to the factory's 
own production needs.  
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cofferdam in the confined water layer area of the Yellow River Basin 
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Abstract 
The Anluo Yellow River Expressway Bridge is a (110+135+520+135+110) m double-tower double-
cable plane composite beam cable-stayed bridge, The main pier cap adopts the separated 
octagonal cap, The outer outline size of a single bearing platform is 35.6m×32.1m, the thickness is 
6.0m, and it is buried 12.2m underground. The cofferdam adopts PLC combined pile[1] structure, 
the outer contour size is 38.6m×35.1m, and three support systems are set up. About a series of 
problems for platform, such as: a long period of platform construction, high risk of sudden surge in 
foundation pits, high safety risk of cofferdom process conversion, high risk of temperature control in the 
construction of mass concret. Moreover, this deeply buried platform located in the Yellow River Basion 
pressurized water layer., through the calculation and design of Visual modflow software, a single 
cofferdam is set with 12 dewatering wells and 1 observation well for continuous dewatering to 
improve the anti-surge stability of the foundation pit; use MIDAS software to simulate the working 
conditions of each process of cofferdam construction to reduce the safety risk of process 
conversion, and it is calculated that the strength, stiffness and embedded stability of each 
component of the cofferdam can meet the design requirements. 

Keywords: Composite beam cable-stayed bridge, pier cap, PLC combined pile, sudden surge in 
foundation pits. 

1 Introduction 
The main bridge of Anluo Yellow River Expressway 
Bridge is (110+135+520+135+110) m double-
tower double-cable plane composite beam cable-
stayed bridge follows: Figure 1, the semi-floating 
structure system is adopted, the main beam is a 
full bilateral steel box girder section, the cable 
tower adopts a steel shell concrete bottle tower, 
and 23 pairs of steel strand stay cables are 
arranged on each side. 

The foundation of the main pier of the bridge 
adopts a separate cap, and 36 D2.7m~D2.2m 
bored cast-in-place piles are arranged under a 

single cap, arranged in a plum blossom shape, and 
the pile length is 95m. The design elevation of the 
top surface of the pile cap is +74.8m, and the size 
of the cap is 35.6m×32.1m×6m follows: Figure 2, 
the tower base with a height of 2.0m is set on the 
top surface of the bearing platform. The size of 
the upper plane of the tower base is 14m×14m,  

and the size of the lower plane is 18m×18m. The 
main pier of the North Tower adopts the 
combined cofferdam of steel pipe piles and steel 
sheet piles for foundation pit support for the 
bearing platform range[3], the design adopts the 
1985 National Elevation System Datum. 
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Figure 1. Anluo Expressway Yellow River Bridge Facade 

Figure 2. Concrete Platform Arrangement 

2 Overall design of the structure 
The size of the main pier cap is 35.6m×32.1m×6m, 
and the top elevation is +74.8m, it is located in the 
confined aquifer area of the Yellow River Basin 
and is a deep-buried bearing platform, high risk of 
inrush in foundation pit; Excavation of foundation 
pit, insertion and driving of steel pipe piles and 
steel sheet piles, and removal of steel casings are 
performed simultaneously. The process conversion 
is complicated and the safety risk is high; The 
bearing platform is continuously poured with a 
37m automobile pump, which has a long pouring 
cycle and a high risk of concrete cracking. 

2.1 Cofferdam Design 

The cofferdam adopts the PLC composite pile 
structure as a whole, the steel pipe pile adopts the 
φ820×14 type, the length is 25m, the steel sheet 
pile adopts the SP-IVw type, the length is 24m, 
and the cofferdam[4] is equipped with three 
support systems, the elevations are +79.50m, 
+75.80m, and +72.60m respectively. The purlin of

the first layer is made of 2HN700×300 steel, the 
inner support is made of φ609×16 steel pipe, the 
purlin of the second and third layers is made of 
3HN700×300 steel, the inner support is made of 
φ800×16 steel pipe, and the concrete thickness of 
the protective layer is 0.5m follows: Figure 3. 

The MIDAS software was used to simulate and 
calculate each working condition of the cofferdam 
construction, and the CS3: the most unfavorable 
working condition of excavation after dewatering 
to the bottom of the foundation pit was selected 
for analysis follows: Figure 3.The results show that 
The stiffness of the cofferdam is 225MPa<295MPa, 
the stiffness of the steel pipe pile is 66mm<80mm, 
and the minimum embedded stability is 
Fk=1.27>1.25, the strength, stiffness, and 
embedded stability of the components can meet 
the requirements of the specification, due to the 
existence of a confined water layer, the inrush 
stability of the foundation pit cannot meet the 
requirements, so it is proposed to reduce the 
confined water head by means of tube well 
dewatering.
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Figure 3. Cofferdam layout 

Figure 4. After lowering the water level, excavate to the bottom of the foundation pit 

2.2 Well Design for Precipitation 

In order to determine the permeability coefficient 
of the soil layer, the pumping test of the 
pressurized water layer and the submerged layer 
was carried out on site, both using concrete tube 
wells with an inner diameter of 0.3m. The depth 
of the pressurized water test well was 27m, with 
6m into the pressurized layer and a well spacing of 

15m, and a series of tests were conducted, and 
the depth of water level drop and the amount of 
water pumped after stabilization are shown in 
Table 1. The depth of the submerged layer test 
well was 20m, with a well spacing of 8m, and a 
pumping and a viewing test was conducted, and 
the depth of water level drop and the amount of 
water pumped after stabilization are shown in 
Table 2.  

Table 1. Confined water layer pumping test results table 

Working 
condition 

Pumping 
well water 

level 
drawdown 

sw(m) 

Aquifer 
thickness 

M (m) 

Observation 
well 1 
water level 
drawdown 
s1 (m) 

Observation 
well 2 
water level 
drawdown 
s2 (m) 

Distance r1 
(m) 

between 
observation 
well 1 and 
pumping 

well 

Distance r2 
(m) 
between 
observation 
well 2 and 
pumping 
well 

Pumping 
well 

water 
output Q 
(m3/d) 

Drop 5m 5 50 0.38 0.29 15 30 432 

Drop 9.4m 9.4 50 0.5 0.39 15 30 614.4 

Drop 15.6m 15.6 50 0.65 0.47 15 30 744 

1025



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Table 2. Submersible water layer pumping test 
result table 

Working 
condition s(m) h(m) Q(m3/d) r 

Drop 3m 3 15 114 0.15 

Drop 6m 6 12 198 0.15 

The depth of the pumping wells and observation 
wells entering the confined aquifer is 6m, and 

they are incomplete wells. The permeability 
coefficient of the confined aquifer is calculated 
numerically using observation wells, and the 
formula is as follows(1): 

2
1 2

1

1 2

0.16 ln 0.5( )

( )

rQ
r

k
M s s

ξ ξ
 

+ − 
 =

−
(1) 

The permeability coefficient of the confined 
aquifer calculated using the observation well data 
is shown in Table 3. 

Table 3. Calculation results table of observation well drawdown data 

Working 
condition sw (m) s2 (m) s1（m） r1（m） r2（m） k(m/d) Q(m3/d) 

Drop 5m 5 0.29 0.38 15 30 10.65 432 

Drop 9.4m 9.4 0.39 0.5 15 30 12.39 614.4 

Drop 15.6m 15.6 0.47 0.65 15 30 9.17 744 

According to "Specifications for Hydrogeological 
Investigation of Water Supply" (GB50027), the 
formula for calculating the permeability 
coefficient of confined aquifers using the water 
level drawdown and pumping flow rate of the 
pumping well is as follows(2): 

ln ln(1 0.2 )

2

R M l MQ
r l rk

sMπ

− + +  =
(2) 

When the water level of the pumping well is 
lowered by 15.6m, the well loss is large, and the 
error of the calculated permeability coefficient is 
large, so it is eliminated. The data calculation 
results are shown in Table 4. 

Table 4. Pumping well data calculation result table 

Working 
condition s(m) l(m) Q(m3/d) k(m/d) R(m) r 

Drop 5m 5 5 432 12.38 176 0.15 

Drop 9.4m 9.4 5 614.4 9.47 289 0.15 

Drop 15.6m 15.6 5 744 6.96 411.5 0.15 
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The formula for calculating the permeability 
coefficient of the pumping well is as follows(3): 

2 2 ln
( )

Q Rk
H h rπ

=
−

(3) 

The results of the pumping well test calculations 
are shown in Table 5. 

Table 5. Calculation results of diving complete wells 

Working 
condition s(m) h(m) Q(m3/d) k(m/d) R(m) r 

Drop 3m 3 15 114 2.0 37.7 0.15 

Drop 6m 6 12 198 1.91 36.9 0.15 

The comprehensive permeability coefficient of the 
confined water layer is calculated to be 10.86m/d, 
and the comprehensive permeability coefficient of 
the aquifer is 2m/d. Through the calculation and 
design of Visual modflow software, a total of 12  

concrete wells for lowering the water level and 1 
steel pipe observation well were arranged follows: 
Figure 5. The theoretical pressure-bearing water 
head is reduced by 7.5m follows: Figure 6, which 
meets the requirements of foundation pit inrush 
stability[5-7].

Figure 5. Layout plan of precipitation well and 
observation well 

Figure 6. Calculation and Analysis of Confined Water 
Head 

3 Construction key technology 

3.1 Cofferdam PLC Combined Pile 
Construction, Main pier cap excavation 

The construction of the cofferdam combined pile 
is guided by the guide beams on both sides, Using 
150t crawler crane and EP200 vibrating hammer 
to cooperate with pressurized water, the first 
steel pipe pile is driven from the upstream near 
the bank side corner pile, step by step, alternately 

insert and beat along both sides of the bearing 
platform follows: Figure 7, gradually correct the 
deviation. Well construction for lowering the 
water level after the completion of the combined 
pile insertion follows: Figure 8. The pile foundation 
cap is divided into four times for excavation,a total 
of 12.7m was excavated, and the 60-type 
excavator was used with a hopper and a 100t 
gantry crane to be hoisted to a dump truck and 
transported to the off-site. During the excavation 
process, cooperate with well point dewatering to 
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ensure that the groundwater is 0.5m below the ground.

Figure 7. Steel pipe pile insertion Figure 8. Foundation pit excavation 

3.2 Installation of fenced purlins and 
construction of pile heads 

The single-layer purlin is divided into 12 sections, 
the longest section is 13.2m and weighs 7.2t. It is 
hoisted by a gantry crane. The corbel of the purlin 
is made of 56a steel with a length of 1m as a 
bracket, which is welded with the steel pipe pile. 
After the foundation pit was excavated to +68.3m, 
the pile head was chiseled, and two 37m truck 
pumps were used to complete the 0.5m back-
sealing concrete construction. 

3.3 Construction of pile foundation caps on 
the first and second floors 

The reinforcing bars of the pile cap are manually 
bound, and the cooling water pipes are made of 

φ42.3×3.25mm black iron pipes, with a total of 6 
layers. Both horizontal and vertical spacing are 
1.0m, concrete is pumped by a 37m car pump 
follows: Figure 9, vibrated with a vibrating rod, 
and a special storage tank is used as a water tank 
for concrete temperature control. After the first-
layer cap concrete reaches the design strength, 
backfill sand in the sandwich wall between the cap 
and cofferdam and pour the sandwich wall 
concrete. After the sandwich wall concrete 
reaches the design strength, remove the third 
cofferdam purlin support. After the second layer 
of concrete reaches the design strength, the wall 
is backfilled with fine sand. 

Figure 9. 37m car pump to pump concrete

3.4 Construction of the T1 section and the 
third floor of the pile cap 

14 small concrete piers are set at each tower limb. 
The size of the concrete pier is 1.2m×0.4m×1.46m, 
the height of the positioning I-shaped steel 
bracket is 0.44m, and the steel bracket is installed 

in a matching manner with the concrete buttress. 
The T1 section of the steel tower is hoisted by a 
gantry crane follows: Figure 10, and the jack is 
adjusted in position. After the installation of the 
steel tower T1 section is completed, the third 
layer of pile foundation caps will be constructed, 
installation of brackets and tower crane 
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embedded parts at the same time during 
construction. After the tower legs are constructed 
higher than the platform, backfill the soil in the 
cofferdam, remove the cofferdam according to the 
backfill height, and remove the steel pipe piles in 
turn from the downstream to the upstream. 

Figure 10. TI segment installation 

3.5 Construction monitoring 

According to the structural characteristics of the 
steel pipe pile cofferdam, combined with the 
monitoring requirements of the site engineering 
geology, hydrology and construction process, a 
total of 16 displacement detection points at the 
top of the enclosure structure and 36 enclosure 
stress monitoring points are arranged, the method 
of combining monitoring and patrol inspection 
with instruments such as inclinometers and strain 
gauges is used to achieve real-time monitoring 
and early warning[8]. Arrange and install 
inclinometer pipes that are the same length as the 
steel pipe piles at the four corner points of the 
cofferdam and the midpoint of each side follows: 
Figure 11. Measure the initial value before 
construction on the inner side of the cofferdam, 
and subtract the data from the two measurements 
before and after to obtain the displacement value 
of the measuring point. The purlin stress, internal 
support stress, etc. are monitored for static stress 
by burying surface-mounted strain gauges follows: 
Figure 12. Each layer of support system is arranged 
with 2 points of purlin stress monitoring and 4 
points of support stress monitoring.  

Figure 11. Inclination tube installation 

Figure 12. Strain gage installation 

Through finite element analysis and calculation, 
the cooling water pipe layout of the pile 
foundation cap is determined, and the intelligent 
pipe cooling cycle control system is adopted to 
carry out intelligent and automatic management 
of cooling water pipes, and realize real-time 
viewing on mobile phones, computers and other 
terminals, When the key parameters reach the 
early warning value, the early warning is given, 
and the flow is customized and accurately 
adjusted according to the monitoring results. The 
schematic diagram of the monitoring components. 
According to the symmetry of the structure, take 
1/4 of the pile foundation cap concrete to 
calculate the temperature stress, and the C40 
concrete of the cap is constrained by the bottom 
concrete, when calculating, the elastic modulus of 
the bottom is taken as 2.2×104Mpa, according to 
the calculation, the surface heat dissipation 
coefficient is 45.5kJ/(m2·h·℃), the top surface 
is maintained by water storage, and the heat 
dissipation coefficient is 12.1kJ/(m2·h·℃ ). 
Under the above set conditions, the maximum 
temperature inside the cap of the pile foundation 
is 68.8 ℃, and the temperature peak appears 
about the 2nd to 3rd day after pouring. The 
maximum temperature envelope diagram inside 
the pile cap is shown in Figure 13, which meets 
the requirements of the specification. 
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Figure 13. Envelope of maximum temperature 
inside the cap of pile foundation 

4 Conclusions 
The deep-buried capping cofferdam in the 
confined water layer area of the Anluo Yellow 
River Expressway Bridge adopts PLC combined 
piles to cooperate with well point dewatering 
construction. This project has a long construction 
period for the platform, and the well point 
precipitation lasts for a long time, and the risk of 
foundation pit inrush is high; the cofferdam 
process conversion is complicated and the safety 
risk is high; the pile foundation cap is constructed 
of mass concrete, and the temperature control 
risk is high, in order to reduce the risk of 
foundation pit inrush, the comprehensive 
permeability coefficient of the confined water 
layer is 10.86m/d, and the comprehensive 
permeability coefficient of the aquifer is 2m/d, 
calculated by Visual modflow software, the 
theoretical pressure-bearing water head is 
reduced by 7.5m to meet the stability 
requirements of foundation pit inrush; in order to 
reduce the safety risk of process conversion, the 
MIDAS software was used to simulate the working 
conditions of each process of the cofferdam 
construction, and the strength, stiffness, anti-
uplift stability of the foundation pit, and 
embedded stability of the cofferdam components 
were calculated to meet the design requirements. 
The integrated intelligent temperature control 
system is adopted to realize the intelligent 
temperature control of concrete and overcome 
the problem of high risk of temperature control of 
large-volume concrete. During the overall 
construction of the cofferdam with deep-buried 
pile foundation caps in the confined water layer 
area of the Anluo Yellow River Expressway Bridge, 
the difficulty of operation is controllable, the 
structure of the cofferdam is safe and reliable, and 

all the indexes of the pile foundation caps can 
meet the requirements of the specification. 
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Abstract 
In view of a series of pile foundation construction problems such as the high environmental 
protection requirements of the Yellow River Wetland Nature Reserve, the first application of 
distributed post-grouting technology in China, and the difficulty in implementing the traditional 
method of removing steel casings, this project creatively developed a self-circulating mud system; 
using distributed Post-grouting technology, the grouting tube and the acoustic measuring tube are 
combined into one, the pile side and pile end are grouted simultaneously, and the intelligent 
construction technology is used to monitor and control the grouting process in real time; by using 
the air compressor air cap technology Remove the steel guard. Finally, the construction of 72 pile 
foundations of the main bridge was realized, which provided a reference for the construction of pile 
foundations of the same type, especially the Yellow River Wetland Nature Reserve. 

Keywords: pile foundation; pump suction reverse circulation; distributed grouting; gas cap 

1 Introduction 
The main bridge of the Yellow River Bridge with a 
semi-floating structural system is a double-tower 
double-cable plane composite beam cable-stayed 
bridge. The bridge span is arranged as 
(110+135+520+135+100) m follows: Figure 1. The 
main girder is the entire double-sided steel box 
girder section. The cable tower adopts steel shell 
concrete bottle tower, 23 pairs of steel strand stay 
cables are arranged on both sides, and separate 
bearing platform, group pile foundation. Auxiliary 
piers and transition piers all use single pile 
foundations. 36 D2.7m~D2.2m bored cast-in-place 

piles are arranged under a single bearing platform 
of the cable tower, arranged in a plum blossom 
shape, with a pile length of 95m, using temporary 
steel pipe construction, and the pile foundation is 
made of C35 underwater concrete follows: Figure 
2. 

The Sota foundation is located in the Yellow River 
Wetland Nature Reserve, with high environmental 
protection requirements, and the geology is 
dominated by silt and fine sand. The design 
maximum navigable water level is +88.14m, the 
minimum navigable water level is +79.78m (1985 
National Elevation Datum), and the basic wind 
speed is 26.9m/s.
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Figure 1. Anluo Expressway Yellow River Bridge Facade 

Figure 2. Pile foundation layout 

2 Difficulties in pile foundation 
construction 

The Anluo Yellow River Bridge is located in the 
Yellow River Wetland Nature Reserve in Zhengzhou, 
Henan Province. According to the survey, there are 
216 species of terrestrial wild vertebrates and 25 
species of national level 3 protected birds in the 
area. The waste generated by the pile foundation 
construction will damage the surrounding 
environment[1]. The soil and groundwater have a 
great impact on wildlife, especially wetland birds. 

In order to reduce the construction difficulty, risk 
and cost, the design unit proposed to use the 
distributed post-grouting technology at the pile 
end and the pile side, which can control the 
maximum pile length within 100m and significantly 
improve the bearing capacity of the pile foundation. 
This technology is the first application in China. The 
construction is difficult. The traditional steel casing 
is removed using a crawler crane and a vibrating 
hammer, which requires high bearing capacity of 
the trestle, large equipment investment, and poor 
construction economy. Therefore, in the process of 
pile foundation construction in the Yellow River 
Wetland Nature Reserve, key construction 
technologies such as self-circulating mud drilling, 

distributed grouting, and steel casing gas-cap 
removal were adopted. 

3 Key technology of pile foundation 
construction 

The pile foundation construction generally adopts 
the pump suction reverse circulation construction 
technology. The pump suction reverse circulation 
principle is a drilling process that uses the suction 
force of the centrifugal pump to make the fluid in 
the drill pipe rise. The overall construction process 
is as follows: set up a trestle in water and a drilling 
platform, prepare mud in the slurry tank, use the 
mud self-circulation system to achieve zero 
pollution and zero discharge of pile foundation 
mud, and use the first drilling rig to clear the hole 
after the final hole, and use ultrasonic waves after 
cleaning. The detector detects the holes along the 
acoustic detection pipe, lowers the steel cages in 
sections, uses the air compressor to lift the holes 
for the second time, and pours the concrete to the 
design elevation. After the concrete strength 
meets the requirements, the piles are inspected, 
the pile foundation is distributed after grouting, 
and the air cap method is used to remove the steel 
casing. 
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3.1 Pile foundation mud self-circulation 
system 

In traditional pile foundation construction, a large 
amount of mud overflows, which has a great 
impact on natural conditions. A set of zero-
emission self-circulation system for pile foundation 
mud is developed to protect the natural 
environment for the greatest extent. When the 
drilling rig is drilling, the centrifugal pump is used 
to form a negative pressure to discharge the mud 
with drilling slag into the sedimentation tank 
through the drill pipe. The series pipes are 
connected, and the mud overflowing during the 

concrete pouring process is pumped to the mud 
storage tank by the mud pump for temporary 
storage follows: Figure 3. After the construction of 
the pile foundation is completed, the remaining 
mud is pressed into mud cakes by the filter press 
for transportation. The performance indicators and 
the water level of the Yellow River are ensured to 
ensure that the mud indicators meet the 
requirements of the specification and that the mud 
level in the hole is always higher than the water 
level outside the casing by more than 2m, so as to 
finally achieve the environmental protection goal 
of zero pollution and zero discharge of mud follows: 
Figure 4. 

Figure 3. Mud pipeline layout Figure 4. Site construction drawings 

3.2 Pile foundation distributed post 
grouting 

Distributed grouting is different from the 
traditional straight pipe + ring pipe combined 
grouting. The advantages are obvious: 1) The 
quality of distributed grouting is better than that of 
traditional ring pipe grouting, which can realize the 
discrete distribution of grouting points and realize 
small spacing and multiple points. Compared with 
the traditional annular pipe grouting, the 
distributed grouting has the advantages of more 
controllable grouting effect and more uniform 
slurry distribution; 2) The distributed grouting can 
use different grouting in the same grouting pipe 
according to the characteristics of the geological 
structure. Reinforcement material, selects 
different grouting parameters for grouting 
reinforcement; 3) Distributed grouting stopper can 
move freely in the grouting pipe, and can be 
continuously grouted in the grouting 

reinforcement area according to needs; 4) 
Distributed grouting The grouting can use the 
original acoustic measuring tube in the foundation 
pile, and realize the combined grouting of the pile 
end and the pile side through the series grouting 
device, which reduces the number of joints when 
the reinforcement cage is connected, and can 
effectively improve the construction efficiency[2-4]. 

The grouting pipe is divided into 3 distributed 
grouting pipes and 1 pile end grouting pipe follows: 
Figure 5. The reinforcement cage is placed under 
the synchronous pre-embedded bundling grouting 
pipe. After ~3d, post-grouting of the pile 
foundation is carried out. The grouting slurry is 
prepared with P.O42.5 ordinary Portland cement, 
and the water-cement ratio is controlled to 0.5. The 
distributed grouting system consists of pre-
embedded grouting device, grouting the core pipe, 
lifting equipment, and intelligent grouting 
equipment follows: Figure 6. The grouting plug is 
composed of the slurry outlet. During grouting, the 
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grouting core tube is put down into the acoustic 
measuring tube along the length direction of the 
acoustic measuring tube through the lifting 
equipment, and is lifted to the position of the pre-
buried grouting device by the lifting equipment. 
The upper and lower grouting plugs of the grouting 
device are expanded to fix the grouting core tube 
at the grouting position, and the grouting is 
completed by the intelligent grouting equipment. 

Use the intelligent grouting system to monitor and 
control the grouting process in real time follows: 
Figure 7. According to the sensor data such as flow 
and pressure, adjust the mixing ratio of slurry and 
the speed of grouting pump in time, and compare 
the data of the grouting process with the the video 
is uploaded to the cloud platform for the project 
management parties to view follows: Figure 8.

Figure 5. Distributed grouting Figure 6. Automatic lifting device 

Figure 7. Intelligent grouting system Figure 8. Grouting control platform 

Due to the long hole depth of the bridge pile 
foundation, the large water pressure in the hole, 
and the large number of acoustic pipe joints, the 
mud in the hole seeps into the acoustic pipe and 
the causes blockage, making it difficult to carry out 
pile inspection. An automatic flushing device. The 
flushing device consists of a reel, a motor, a 
frequency conversion controller, a high-pressure 
water pipe, a high-pressure water pump and a 
guide fixed pulley follows: Figure 9. A fixed guide 
pulley is fixed at the top of the acoustic measuring 
tube, and the high-pressure water pipe is 

controlled to go down along the acoustic 
measuring tube through the pulley; the reel motor 
is started to control the descending of the high-
pressure water pipe, and the descending speed can 
be adjusted by the frequency conversion controller; 
when the acoustic measuring tube is blocked and 
cannot continue to go down , suspend the lowering, 
adjust the high-pressure water pump to increase 
the water pressure for flushing; after the acoustic 
measuring pipe is dredged, continue to lower the 
water pipe until the acoustic measuring pipe is 
dredged follows: Figure 10. 
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Figure 9. flushing device construction Figure 10. The effect of the flushing device 

3.3 Removal of steel casing by air cap 
method 

After the grouting is completed, the steel casing 
will be removed, and the removal plans will be 
compared and selected: the first plan is to remove 
the 150t crawler crane + DZ150 vibrating hammer; 

the second plan is to use the air compressor to lift 
the remaining 2m, and the 80t crawler crane to pull 
out. The scheme comparison is shown in Table 1. 
The analysis shows that: using scheme 2, the air 
compressor and the 80t crawler crane can be 
removed, which can reduce the construction cost, 
and is environmentally friendly and has high 
construction efficiency. 

Table 1. Comparison of removal schemes for steel guardse 

Constr
uction 
schem

e 

Introduction to the scheme Advantage Shortcoming 

Schem
e one 

Dismantle the trestle platform in the 
construction area to re-install the trestle 
platform to carry the 150t crawler crane 

The construction process is 
relatively simple 

High cost, large 
amount of 

engineering, long 
construction period 

Schem
e two 

Welding cover plate of the protective 
tube, the air compressor is inflated 
through the reserved inflation port 

High construction efficiency, no 
need for large equipment, 

environmental protection and 
economy 

Lifting to a certain 
level requires 80t 
crawler crane to 

remove 

Use the cover plate to weld the steel casing for 
sealing to form a closed space. The surrounding of 
the steel plate and the casing are integrally welded, 
and ventilation holes are reserved follows: Figure 
11.When the air compressor starts to work, the air
flow is formed inside the closed casing. Positive
pressure, the steel casing rises under the action of
the internal and external pressure difference

follows: Figure 12; the speed of the casing being 
capped by the air is controlled by adjusting the 
pressure of the air compressor; when the casing is 
raised to the buried depth of 1m, the air The press 
is decompressed until the pressure in the casing is 
equal to the atmospheric pressure, the casing is 
pulled out of the formation by a crawler crane, and 
the casing is transported to the material placement 
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area for reuse in the auxiliary bridge pile 
foundation[5]. 

Figure 11. Cover welding Figure 12. Hollow cylinders made of steel coils 
are pushed up by pressure 

4 Conclusion 
The construction of the pile foundation of the 
Anluo Yellow River Expressway Bridge adopts the 
mud self-circulation system, which makes full use 
of the mud circulation pipeline, promotes the reuse 
of mud, realizes zero pollution and zero discharge 
of mud, and provides a good ecological 
environment for the survival and reproduction of 
rare wild waterfowl. By optimizing the post-
grouting scheme, distributed grouting technology 
is adopted, and the acoustic measuring tube and 
the grouting tube is combined to save the number 
of interfaces; the interval between the grouting 
devices at the pile end is adjusted to 6m, the 
grouting distribution is more uniform, and the pile 
foundation is significantly improved. Bearing 
capacity, reduces the scale of the foundation; and 
uses intelligent construction technology to monitor 
and control the grouting process in real time, the 
grouting volume and grouting pressure is 
automatically collected and uploaded in real time 
to ensure the quality of the project. Using the air 
compressor + 80t crawler crane to remove the steel 
casing, the operation is simple, environmentally 
friendly and economical. Finally, the construction 
of 72 pile foundations of the main bridge was 
completed, and all the pile foundations were Class 
I piles, which provided reference and reference for 

the construction of pile foundations of the same 
type, especially in the Yellow River Wetland Nature 
Reserve. 
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Abstract 
A certain bridge adopts the green design of "one span across the river", and the installation of 21 
pieces of steel box girder on the south span is limited by geographical conditions, tower limb 
width and construction period. Innovatively developed a dedicated skid scooter, the steel box 
girder successfully crosses the orbit change position with the help of the windlass，move laterally 
to the tower area，replace the longitudinal skid scooter，move to the design bridge. In the steel 
beam positioning link, firstly, set bearing pre-offsetting on pier top support to circumvent the 
influence of steel box girder welding, shrinkage creep deformation and closure temperature 
difference on the displacement of beam length. After the bridge is completed, the feasibility and 
reliability of the research method are verified by elevation measurement, static load test and 
implementation process. 

Keywords: one span across the river; dedicated skid scooter; orbit change,pre-offsetting; Static 
load test. 

1 Preface 
With the gradual deepening of the concept of 
green roads, in order to minimize the impact of 
construction on the water environment and 
fishermen's lives, more cross-sea passages and 
bridges across rivers and valleys have adopted the 
design concept of "one span across the river" [1]. 
The green design allows the side span or 

secondary side span of bridge to be located on 
land or in the shoal area. For the installation of 
steel girders in this area, the first method is to lift 
the segment beam to the design bridge position at 
one time, subject to construction conditions. 

However, in many cases, it is impossible to do this 
due to geographical environment, construction 
equipment and other factors. The commonly used 
method in China is to hoist the steel beam to a 
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temporary bracket that can have both the storage 
beam and the slip function, and then use the jack 
to assist the steel beam to move it secondarily to 
the design bridge position [2]. Although the above 
scheme can realize the steel beams positioning, 
the jacks are frequently converted and cannot be 
operated continuously, resulting in low 
installation efficiency of steel beams, safety and 
quality cannot be guaranteed. It is particularly 
important to innovate a high-quality and efficient 
steel beam installation method that can overcome 
the difficulties of site conditions, construction 
equipment restrictions, and tight construction 
periods in construction. 

2 Project Overview 
A waterway is narrow and winding, and the bridge 
is divided into north and south by islands[3]. A 
bridge adopts a "one-span across the river" design, 
and the south and north spans are located on land. 
The main bridge of the bridge adopts (49 +58+61) 
+ 535 + (198 + 60) = 961m single-sided mixed
girder cable-stayed bridge (see Figure 1 below),
diamond-shaped tower structure, and the net
width between the limbs of the tower at the
support is 33m.

Figure 1 Layout of the main bridge of the cross-sea 
bridge (Unit:m) 

The southern span of the bridge is located on 
QingYu Island, using a steel box girder structure, 
there are A, B1, B2, C1, C2, C3, F, G1, G2, H a total 
of 10 types, 21 beam segments, the width 
including fairing is 40.5m, the width without the 
fairing is 34m, the height of the beam at the 
centerline is 3.204m, the length of the standard 
section is 15m and 12m, and the maximum weight 
is about 312t. 

3 Scheme conception 
The installation of the south span steel box girder 
is limited by geographical conditions, and the 
commonly used cantilever hoisting method 
cannot be realized, so the bracket slip method is 
planned. The Stay Cable of this bridge adopts steel 
anchor box type anchoring scheme, in order to 
ensure quality, the anchor box is welded to the 
outer web of the main girder in the steel structure 
factory. the section width of the formed steel box 
girder (without the fairing) is greater than the net 
width between the legs of the cable support 
tower, it is not possible to slide longitudinally 
between the legs of the cable support tower. 

Temporary transverse brackets are set up near 
cable support tower, and the bridge is set up with 
a temporary longitudinal bracket. The steel box 
girder is hoisted from a large crane ship to the 
height of the cable support tower, and is placed 
on a dedicated skid scooter, and the windlass 
assists the traction in place. The twenty-one south 
span steel box girders are seated in two parts: The 
18-section steel box girder section of the first part
(SK1~ SK18 beam segment) is moved laterally to
the tower area by moving laterally on the "L"
shaped bracket, then changing directions, and
sliding longitudinally to the design bridge position.
The 3-section steel box girder (SO1, SO2 girder
segment) in the second part is slid into place by a
large crane ship facing the tower, which is
successively suspended on the longitudinal
support.

Figure 2 Based on BIM technology, SK1~SK18 
beam segments hoisting simulations were made 
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Figure 3 Based on BIM technology, SO1 and SO2 
beam segments  hoisting simulations were made 

The above scheme envisages that it can overcome 
the difficulties such as site conditions, tower width 
restrictions, and tight construction periods, and 
quickly realize the positioning of steel box girders 
with the help of dedicated skid scooter, but the 
following key core technical problems need to be 
solved: 

（1）The horizontal and longitudinal brackets are
laid with double section NH900 steel as a
dedicated skid scooter traction track. In the rapid
movement of the dedicated skid scooter, it should
be guaranteed not to derail, and it should have
sufficient stiffness to meet the bearing capacity.

（2）Considering that the accurate installation of
the track cannot achieve theoretical linearity, and
the different-step effects of the traction of the
two rail windlass, there are uneven forces and
different times in the traction process of the
dedicated skid scooter, which require special
research.

（ 3 ） The intersection of the lateral and 
longitudinal tracks requires a special design to 
meet the continuous traction of the dedicated 
skid scooter. 

（4）The absolute position of the anchoring point
of the beam end may be affected by steel box
girder welding, shrinkage creep deformation and
closure temperature difference on the
displacement of beam length. and measures need
to be taken to avoid it.

4 Key technologies 

4.1 Dedicated skid scooter design 

The dedicated skid scooter is the core technology 
that has been successfully completed in this 
project. The dedicated skid scooter is designed as 
a steel structure, Q345B material (figure 4 below), 
the bottom rigid roller is in contact with the top 
rail of the storage beam bracket, and the top 
surface is in contact with the bottom surface of 
the steel box girder. Every two dedicated skid 
scooter are arranged in a row, arranged in the 
front and back, connected with wire rope and 
shackle in the middle, and each column is 
arranged left and right, and left and right are not 
connected. Four dedicated skid scooters in a 
group, the front end of each train is connected 
with wire ropes of windlass, and the winch is 
started at the same time, which can realize the 
dedicated skid scooter rolling on the track, and 
then drive the steel box girder to move. The 
rubber pads are placed on the top surface of the 
dedicated skid scooter and the bottom of the steel 
box girder, and the thickness is 5mm to 15mm, 
and the two do not produce relative sliding. The 
rigid roller shaft is quenched during processing, 
and supports are set on both sides to prevent 
derailment during slippage. 

Figure 4 Schematic diagram of the structure of the 
dedicated skid scooter(Side View). 
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Figure 5 Schematic diagram of the structure of the 
dedicated skid scooter(Top View). 

The installation of the beam support and traction 
track cannot achieve theoretical linearity with 
precision, and the center of gravity of the steel 
box girder during the movement process is not the 
theoretical design axis. Due to the action of inertia, 
the position of the dedicated skid scooter may 
change continuously with the steel beam, and the 
roller shaft support will continue to rub against 
the track, and even force the trolley to stop. The 
two windlasses act as traction, and the starting is 
not synchronized so that the force of the 
dedicated skid scooter is uneven, and at the same 
time, it will also cause continuous friction 
between the roller support and the track. In order 
to solve the above problems, the roof surface of 
the car is designed into a smooth concave sphere 
with a 2.5 ° angle, which ensures that the steel 
box girder can slide freely along the spherical 
surface during the movement, reduces the degree 
of change of the center of gravity during the 
movement, and then reduces the friction between 
the roller support and the track. 

4.2 Steel beam rail change 

The windlass first moves laterally to the tower 
area, and with the assistance of the jack, the 
longitudinal slip dedicated skid scooter is replaced 
to realize the change of the steel beam, and then 
the traction of the windlass slides down to the 
predetermined location. The intersection of 
transverse and longitudinal steel rails is the core 
of the rail change. 

Embedded iron bars
w=50mm

Bolt

Figure 6 Construction drawing of variable rail 
position processing (unit mm, Side View) 

Embedded iron bars
w=50mm

Bolt
M24,8.8level

Stiffener board

Figure 7 Construction drawing of variable rail 
position processing (unit mm, Top View) 

First, the section steel rail alignment connection at 
the intersection position, under the guarantee of 
stiffness, cut off the corresponding track flange 
along the rail edge to meet the smooth passage of 
the dedicated skid scooter roller shaft support (as 
shown in Figure 5 above). For example, the 
specific operation: the first one train of dedicated 
skid scooters stops when the help of the windlass 
first reaches the crisscrossing position of the 
vertical and horizontal track, takes out the 
longitudinal track two embedded irons, continues 
to pull smoothly through the 1st vertical and 
horizontal rail staggering position, and completes 
the same method to complete the first train of 
dedicated skid scooters crossing the second 
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vertical and horizontal track staggering position, 
and the last 1 train of dedicated skid scooters 
crosses the first vertical and horizontal track 
staggering position. Four jacks complete the lifting 
of the steel box girder, replace the four dedicated 
skid scooters pre-rested on the longitudinal track, 
return the oil and roof falling, complete the 
system conversion of longitudinal traction. Take 
out the two embedded iron bars of the transverse 
track, and the dedicated skid scooter will cross the 
crisscrossing position of the vertical and horizontal 
tracks in turn under the traction of the winch until 
it slides to the predetermined location to achieve 
the in-place installation of the steel box girder. 

4.3 Positioning technology 

The hoisting of the SO2 beam section on the 
middle span side is completed, and all the beam 
sections are initially positioned, and the precise 
adjustment of the beam section begins [4]. Precise 
positioning of the southern span girder section, 
starting with the auxiliary pier (pier 8# SK13 beam 
segment). The beam section adjustment adopts 
four three-way jacks which weigh 100t, it can be 
moved in both directions when lifted [5], and the 
spatial position of the steel box girder can be 
adjusted arbitrarily. Other beam sections are 
adjusted in three steps, the first step is to SK13 
beam section as the middle, and the two sides are 
symmetrically fine tuned until the SK18 beam 
section; The second step is carried out 
sequentially in the order of SK6 ~SO2 (edge span); 
In the third step, after all the beam sections have 
been fine-tuned, the SO1 beam section and the 
lower beam of the tower are temporarily 
anchored, and the temporary constraint of the 
SK13 beam section of pier 8# is lifted. [6] 

The closure of the middle span of the cable-stayed 
bridge is expected to be carried out from 
September to October. Considering the historical 
daily average minimum temperature in this time 
period, the closure temperature is taken as the 
design reference temperature of 20 ℃ . The 
cumulative longitudinal displacement caused by 

steel box girder welding and the influence of ten-
year shrinkage and creep displacement of steel 
girder calculated by the simulation model are 
calculated by taking one-half. It is necessary to 
avoid the bearing pre-offsetting of pier top 
support. 

Table 1. Auxiliary pier and transition pier top beam 
sections and support pre-bias 

Pier 
number/

beam 
segment 
number 

welding 
displace

ment
（m） 

closure 
tempera

ture 
differenc

e 
displace

ment
（m） 

Shrinkag
e creep 

deforma
tion

（m） 

Bearin
g 

 pre-
offsett

ing
（m
）

8#pier/ 
SK13 -0.02 -0.00 -0.01 0.025 

9#pier/ 
SK18 -0.023 -0.000 -0.010 0.028

(Note: The positive values in the table are in the 
direction of large mileage, and the negative value 
is in the direction of small mileage.) 

First release the longitudinal temporary locking of 
the permanent support, slide the steel plate on 
the support to the pre-deflection direction of the 
support, and then connect the upper steel plate 
with the pier top beam section, and then lock the 
longitudinal temporary constraint of the 
permanent support, after the edge span steel 
beam is all welded, the longitudinal constraint of 
the support is lifted. 

5 Key technologies 
After the completion of the bridge, the high-
precision electronic level is used to measure the 
elevation of the South span and draw the 
longitudinal alignment (longitudinal slope) and 
transverse alignment (transverse slope) of the 
bridge deck. Compared with the completion state, 
linear smoothness of bridge, and the transverse 
slope error is within 3% (as shown in Figure 6 
below), meeting the specifications and design 
requirements. 
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After the completion of the bridge, the static load 
test is carried out on the bridge. The internal force 
of the steel box girder structure is consistent with 
the target value, the dynamic and static 
performance of the structure meets the 
requirements of the design and specifications, has 
the strength and stiffness to bear the 
predetermined design load, and the structure is in 
an elastic working state. Static load test efficiency 
is defined as: 

 𝜂𝜂𝑞𝑞 = 𝑆𝑆s
𝑆𝑆(1+𝜇𝜇)   (1) 

Formula: Ss—The maximum calculated effect 
value of the internal force or displacement of the 
loading control section corresponding to a loading 
test item under the action of static load test load; 
[7] 

S—the calculation of the most adverse effects of 
the internal forces or displacements of the control 
section loaded at the same stage of loading the 
control load; [8] 

μ—The value of the shock coefficient taken by 
specification. 

The efficiency coefficient ηq of the static load test 
is generally controlled between 0.85 < ηq<1.05[9] 
according to the "Highway Bridge Load Test 
Regulations". The coefficient ηq should not be too 
small, otherwise it cannot reflect the working 
performance of the bridge under the design load,  

nor should it be too large to prevent local damage 
to the structure [10]. The static load test is based 
on the ηq value of the positive bending moment 
of the main beam of pier 8# SK13 as the standard 
for verification. The test efficiency coefficients are 
shown in Table 2 below. It can be known that the 
efficiency coefficient of the static load test meets 
the technical requirements of the specification. 

Table 2. Moment efficiency coefficient of static 
load test of South Approach Bridge 

structure Effect
type 

Highway-
I. Load
Design 
Value 

Load 
the 

effect 
value 

Efficiency 
coefficient 

8# Pier 
main 
girder 
positive 
bending 
moment 
condition 

Bending 
moment 

(kN·m) 
36012 32771 0.91 

The maximum sliding distance of the South span 
steel box girder on the "L" support is 320m, and 
the whole process takes only 55 minutes, 
including 10 minutes for lateral movement and 20 
minutes for steel beam track change. Affected by 
the semi diurnal tide at the bridge site, the crane 
ship can only lift two steel box girders every day, 
and 21 steel girders on land can slip in place in 
only 12 days, creating a new speed record for 
steel girder installation. The friction between the 

Figure 8 Theoretical and practical linear comparison of each beam segment on the south span of 
the bridge after the bridge having been formed 
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skid trolley and the track during the movement is 
significantly reduced, ensuring that the track can 
be reused (see Figure9-10 below). 

Figure 9 The process of rail change position 
processing. 

Figure 10 Longitudinal slip . 

6 Key technologies 
Taking the installation of South span steel box 
girder as an example, in-depth study of the rapid 
slip positioning technology of large-tonnage steel 
beam has solved the construction problems such 
as site conditions restrictions, construction 
equipment restrictions, and tight construction 
periods, and innovates and develops dedicated 
skid scooter, which can fill the gap of domestic 
research in this field. With the planning and 
construction of a large number of sea crossing 
channels and bridges across rivers and valleys in 
China, the fast sliding positioning technology of 
large tonnage steel beams will be more applied in 
these projects, which has good popularization 
value. 
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Abstract 
A novel elastic-plastic sphere bearing with given fusing capacity is proposed in this paper, which can 
simultaneously control the pier damage and the relative displacement between girder and pier. To 
investigate the performance of the novel bearing developed in this paper, the compression-shear 
tests are carried out. It shows that the robustness of shear capacity of the fusing system is validated 
by the experimental test results，the expected goals of displacement and energy-dissipation of steel-
ring damper elements are also achieved. To further illustrate the efficacy of proposed bearing in 
simultaneously controlling pier damage and displacement of girder, the demonstration case using a 
continuous girder bridge model is presented. It shows that the seismic behavior of bridges can be 
controlled by using the novel elastic-plastic sphere bearing developed in the paper. 

Keywords: seismic and isolation device; elastic-plastic sphere bearing; shear pin; steel-ring damper; 
compression-shear test. 

1 Introduction 
In recent years, with the continuous development 
of the seismic design concept, the bridge structure 
design method has gradually changed from the 
ductile seismic design of piers to the seismic 
isolation design. The basic principle of seismic 
isolation technology is to extend the natural 
vibration period of the structure through the 
isolation device, thereby reducing the internal 
force response of the structure caused by the 
earthquake; to limit the excessive displacement 
due to the extension of the period through the 
energy dissipation device [1]. Therefore, the key of 
seismic isolation technology is whether a new type 
of seismic isolation device that can effectively 
control the dynamic response of the structure can 
be developed [2]. 

The post-earthquake investigation of the 
Wenchuan earthquake found that most of the 
bridge substructures using plate rubber bearings 
did not suffer serious damage. The plate rubber 
bearing has excellent shear deformation ability and 
stable sliding behavior, which can isolate the 
inertial force of the superstructure, but it will cause 
a large displacement of superstructure [3-5]. In 
order to control the relative displacement between 
superstructure and pier within a certain limit, 
elastic-plastic X-shaped block and plate rubber 
bearing are used together [6]. The X-shaped block 
has good energy dissipation characteristics and can 
control the relative displacement between 
superstructure and pier effectively. Ye [7] found 
that if triangular steel damper and plate rubber 
bearing are used together, the aseismic effect is 
good. This kind of seismic isolation design concept 
is gradually recognized and studied. Gao [8] 
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designed a spherical steel isolation bearing. During 
the earthquake, the fuse pin is sheared, the bearing 
slides, and the inertial force of the superstructure 
is released. This bearing is used in conjunction with 
column-shaped and E-shaped steel dampers. The 
design goal of seismic isolation is clear and the 
effect of seismic isolation is good. Peng [9] 
developed the double spherical seismic isolation 
bearing with shear pin and carried out the shaking 
table test. The bridge system is transformed 
through the shear pin, and then the double 
spherical seismic isolation bearing is used to limit 
the displacement between superstructure and pier, 
the technical way is reliable. 

Considering the economy and installation of 
seismic isolation devices, the elastic-plastic energy 
dissipation elements and bearings are combined. 
The common steel damping bearings are C-shaped 
steel bearings [10-11], E-shaped steel bearings [12-
13], and cable bearings [14-15]. C-shaped steel 
bearings and E-shaped steel bearings have 
excellent energy dissipation characteristics and 
have a certain limit function. However, for rare 
earthquakes, their limit function cannot completely 
avoid the occurrence of unseating of 
superstructures, so that blocks or anti-drop-beam 
devices need to be set. The limit function of cable 
bearings is obvious, but its energy dissipation 
performance is not outstanding. In this paper, a 
new type of seismic isolation bearing is developed, 
which integrates the functions of energy 
dissipation and limiting the displacement of the 
superstructure, and can realize the controllable 
seismic behavior of the bridge structure system. 

2 Configuration and working 
mechanism of the seismic isolation 
bearing 

The basic structure of the novel seismic isolation 
bearing is shown in Figure 1, which mainly includes 
the upper bearing plate, spherical crown, middle 
component and lower bearing plate. The 
directional sliding rail and planar sliding surface are 
set between the middle component and the lower 
bear plate, and steel-ring dampers are 
symmetrically arranged on both sides of the 
bearing. One end of the steel-ring damper is 
connected with the middle component through the 

ear plate, and the other end is connected with the 
lower bearing plate through the fixed block. The 
seismic isolation bearings are divided into fixed 
type and movable type. The connection mode 
between the steel ring damper of the fixed bearing 
and the fixed block is shown in Figure 2 (a); The 
connection mode between the steel ring damper of 
the moveable bearing and the fixed block is shown 
in Figure 2 (b). For the fixed bearing, the connecting 
blocks connected with the middle component are 
provided with the shear pin holes, and the 
corresponding lower bearing plate position are also 
provided with the shear pin holes, the shear pins 
are inserted into holes to limit the relative sliding 
between the middle component and lower bearing 
plate. The movable bearing is not provided with 
shear pin. 

Under the normal operation condition of the bridge, 
the shear pins of the fixed seismic isolation bearing 
play a role to restrict the relative displacement 
between superstructure and pier. The movable 
seismic isolation bearing can make the 
superstructure expand freely under the action of 
temperature, shrinkage, creep and other loads by 
reserving clearances, which can meet the 
requirements of the superstructure under normal 
service conditions. Under the action of rare 
earthquake, when the shear force borne by the 
fixed seismic isolation bearing exceeds the set 
capacity value, the shear pins are cut off, the 
middle component and the lower bearing plate 
slide along the sliding rail to block the inertial force 
generated by the superstructure from continuing to 
be transmitted to the pier. After the shear pins on 
the fixed seismic isolation bearing are cut off, the 
steel-ring dampers on each bearing play a role to 
dissipate seismic energy. When the displacement 
between superstructure and pier increases to a 
certain extent, the steel-ring dampers will form pull 
bars or pressure bars to prevent the superstructure 
from falling. Thus, the seismic behavior of bridge 
structure system can be controlled. 
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Figiure 1. Structural form of the bearing 

(a) Fixed type (b) moveable type

Figure 2. Connection types 

3 Seismic performance test of the 
seismic isolation bearing 

3.1 Test purposes 

The mechanical behavior stability of the seismic 
isolation bearing should be guaranteed. Each 
element should be matched with each other, and 
the failure sequence should be controllable. After 
any element is destroyed, other elements will 
continue to function. According to the above 
objectives, the bearing test is designed, and the 
test purposes are as follows: 

(1) Analyze the mechanical behavior of the shear
pin and investigate whether the failure of the shear
pin will interfere with the normal operation of the
bearing.

(2) Analyze the sliding performance and measure
the friction coefficient.

(3) Study on the seismic performance of steel-ring
damper.

3.2 Friction performance test 

3.2.1 load patterns 

During the friction performance test, shear pins 
and ring steel dampers are not installed. The 
vertical bearing capacity of the bearing is 3000kN, 
and the horizontal displacement stroke is ±150mm. 
During the test, the horizontal reciprocating loading 
was carried out under the vertical pressure of 
3000kN, according to the displacement amplitudes 
of ±37.5mm, ±75mm, and ±150mm respectively, 
and each displacement amplitude was loaded 5 
times according to the sine wave cycle. There are 
two working conditions, the loading frequency is 
0.01Hz and 0.05Hz respectively. 

3.2.2 Test results 

The hysteresis curves of the friction behavior of the 
bearing is shown in Figure 3. Under the two 
different loading frequencies, the sliding 
performance of the bearing is relatively stable, the 
dynamic friction coefficient is about 0.01, and the 
mechanical behavior is controllable. 

(a) Loading frequency 0.01Hz
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(b) Loading frequency 0.01Hz

Figure 3. Hysteretic curves of friction behavior 

3.3 Shear pin test 

3.3.1 load patterns and test phenomena 

The material of the shear pin is used 45# steel. A 
rectangular opening is cut on the shear pin, the 
shape is shown in Figure 4. Two shear pins are 
mounted on each bearing as shown in Figure 5. In 
order to obtain the test results of the shear pin 
clearly and accurately, the steel-ring dampers are 
not installed in this part of the test. The bearing is 
loaded horizontally under the vertical pressure of 
3000kN. Firstly, it is loaded horizontally at a 
constant rate of 0.2mm/s until the shear pins are 
cut off, and then the loading frequency is adjusted 
to 0.05Hz, it is loaded twice with sine wave cycle, 
and the displacement amplitude is 150mm. 

When the shear pins are cut, they make a loud and 
clear sound, means the brittle failure is occured. 
The damaged shear pin is shown in Figure 6. The 
shear pins are broken in the preset rectangular 
groove, and the fracture section is flat, which is a 
typical form of shear failure. 

Figure 4. Seismic fuse - shear pin 

Figure 5. Arrangement of shear pins

Figure 6. Fracture morphology of shear pins 

3.3.2 Test results 

Two sets of shear pin tests were carried out, figure 
7 is the force-displacement curve of the shear pins. 
The mechanical behavior of the two groups of 
shear pins are basically the same, and the shear 
forces of them are close relatively, which are 258kN 
and 252kN respectively, with a difference of 2%, so 
the mechanical behavior of shear pins is stable and 
controllable. After the shear pins are cut off, the 
friction behavior is compared with the initial 
friction behavior of the bearing in Section 4.2, as 
shown in Figure 8, which shows that the friction 
behavior is normal, and the shear pins damage has 
no effect on the friction behavior of the bearing.  

Figure 7. Test curves of shear pins 
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Figure 8. Hysteretic curves of friction behavior 

3.4 Test of the steel-ring damper 

3.4.1 load patterns 

In order to analyze the mechanical properties of the 
steel-ring damper clearly and accurately, the shear 
pins are not installed during this part of the test, 
and the installation of the steel-ring dampers is 
shown in Figure 9. The bearing is loaded with 
horizontal displacement, divided into 6 levels of 
displacement loading, each displacement 
amplitude is loaded 3 times according to the sine 
wave cycle, and the loading frequency is 0.01Hz. 
The test process is shown in Figure 10. 

Figure 9. ring-steel dampers 

Figure 10. Photographs of the bearing test

3.4.2 Test results 

This test only studies the mechanical properties of 
a single steel-ring. The hysteretic curve of the steel-
ring damper is shown in Figure 11. The curve is full 
relatively, indicating that the energy dissipation 
characteristics of the steel ring damper are good, 
and the pull bar and pressure bar are formed in 
case of large displacement, which play limiting roles. 

Figure 11. Hysteretic curve of steel-ring dampers

4 Case study 
In this section, a real 3-span continuous girder 
bridge is used for numerical calculation and 
analysis. The span of the whole bridge is 30m + 50m 
+ 30m. The superstructure adopts concrete box
girder, the pier adopts rectangular vase pier, and
the foundation adopts bored pile. The numerical
analysis model is established by ABAQUS software.
The girder and pier column are simulated by elastic
beam element, and the pile foundation is
equivalent to foundation spring. The friction
behavior of ordinary bearing adopts double line
spring, the failure behavior of shear pin adopts the
failure characteristics of general connection, and
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the steel-ring damper adopts solid element. Figure 
12 is the schematic diagram of the overall model of 
the bridge, which is divided into two working 
conditions for nonlinear time history analysis. 
Working condition 1: the bearings on the pier are 
arranged in the conventional form, 2# pier is 
arranged with fixed spherical steel bearings, and 

other piers are arranged with movable spherical 
steel bearings. Working condition 2: 2# pier is 
arranged with fixed seismic isolation bearings, 3# 
pier is arranged with movable seismic isolation 
bearings, and other piers are arranged with 
movable spherical steel bearings.

Elastic beam element
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Friction Shear pin Steel damper
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Rolation spring
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Figure 12. Numerical model of bridge structures

Los Angeles earthquake wave is selected, and the 
peak acceleration is adjusted to 0.25g. Figure 13 
shows the comparison of the calculation results of 
the two working conditions. After seismic isolation 
bearings are adopted, during the earthquake, as the 
horizontal force transmitted by the superstructure 
to the fixed pier (2# pier) reaches the limited 
capacity, the shear pins of the fixed bearings fail, and 
the steel-ring dampers begin to play a role of energy 
consumption, as shown in Figure 13 (d). The 
downward transmission mode of seismic force 
generated by the superstructure changes, and the 
internal force is redistributed. The movable Pier (3# 
pier) will jointly bear the seismic force generated by 
the superstructure, the stress state of the fixed pier 
(2 # pier) will be improved, and the moment at the 
bottom of 2 # pier will be reduced greatly, as shown 
in Figure 13 (a), which is in line with the design goal 
of seismic isolation. 

After the translational constraint between the 
superstructure and the pier is released, the relative 
displacement of them begins to increase gradually, 
as shown in Figure 13 (b). When the relative 
displacement between the superstructure and the 
pier reaches a certain limit value, the steel-ring 
dampers form pull bars or pressure bars, as shown 
in Figure 13 (e), which limit the relative 
displacement between the superstructure and the 
pier to continue to increase and prevent the beam 
from falling. 

1052



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

(a) Moments at the bottom of 2# pier

(b) Relative displacement between
superstructure and 2# pier

(c) Relative displacement between
superstructure and 3# pier

(d) Force of each component of fixed seismic
isolation bearing 

(e) Force-displacement of fixed seismic isolation
bearing 

Figure 13. Seismic response of structures 

5 Conclusions 
In order to improve the seismic performance of the 
girder bridge and realize the controllability of the 
mechanical behavior of the bridge under 
earthquake, a novel seismic isolation bearing is 
developed to overcome the shortcomings of the 
ordinary bearing and realize the controllability of 
the seismic behavior of the bridge structure. The 
mechanical behavior analysis and experimental 
research of the novel bearing are carried out, the 
seismic design and numerical calculation of a real 
bridge are carried out, and the seismic effect of the 
novel bearing is analyzed. The main conclusions are 
as follows: 

(1) The novel seismic isolation bearing has the
advantages of simple principle, reasonable stress
and clear function, which effectively solve the
problem that the current bridges need to be
installed separately with energy dissipators, anti-
drop-beam devices and bearings.

(2) The tests show that the mechanical behavior of
the bearing is stable and controllable, the failure
elements will not interfere with the normal
operation of other elements, the hysteretic curve of
the steel-ring dampers is full, and the energy
dissipation capacity is strong.

(3) The case study shows that the novel bearing has
the functions of converting the bridge structure
system, dissipating seismic energy and preventing
beam falling in the process of seismic response. The
novel bearing plays different roles in different stress
stages and realizes the controllable seismic behavior 
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of the bridge structure. Reasonable selection of 
seismic isolation bearings can make the structural 
response achieve a better balance between internal 
force and displacement, so as to achieve the goal of 
avoiding pier damage and beam falling. 
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Abstract 
The installation of supplemental viscous damping devices can effectively reduce the seismic 
responses of the engineering structure, so as to reduce the construction quantity of the renovation 
project. This paper addresses the impacts of supplemental viscous damping devices on the seismic 
responses of the construction extended renovation projects under the multilevel decomposition 
design model frame. Firstly, the multilevel decomposition design model of the seismic design of 
engineering structures is introduced. Secondly, the typical driving factors of the construction 
extended renovation projects are discussed. The impacts of supplemental damping on the seismic 
response of the structure are then investigated from the perspective of response spectrum. This 
paper takes a 250m ultra-tall structure as engineering case to analyse the multilevel decomposition 
design model, the driving factors of the construction extended renovation projects and the impacts 
of supplemental damping on the seismic responses of the structure. The results show that the 
supplemental viscous damping can effectively reduce the construction quantity of renovation 
projects. 

Keywords: multi-level decomposition design; viscous damping; construction extended renovation 
project; seismic vibration mitigation design. 
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1 Introduction 
In recent years, more and more projects have been 
suspended and postponed for various reasons, and 
will be renewed and reconstructed after a long 
period of time. Among them, ultra-tall structures 
will often receive more attention because of its 
importance and particularity. 

The traditional seismic design is to meet the design 
goals by increasing the strength and rigidity of the 
structure. For construction extended renovation 
projects, there are usually existing structures of a 
certain scale that need to be strengthened. The 
traditional anti-seismic reinforcement technology 
has strong pertinence, which can directly 
strengthen the already constructed parts, with 
clear structural stress and wide practical 
application. However, there are also some 
disadvantages, such as long construction period 
and large construction area, which will damage the 
original structure and usually need to stop 
production, which will cause considerable 
economic losses to the owner[1]. At the same time, 
the rapid development of energy dissipation 
technology provides a new idea for the 
construction extended renovation projects. Energy 
dissipation and damping technology is a passive 
control technology. Its remarkable feature is that it 
does not need external energy input to provide 
control[2]. The energy dissipation device can 
dissipate seismic energy and reduce the seismic 
response of the structure, so as to reduce the 
reinforcement work of the existing structure. 
Energy dissipation and shock absorption 
technology has better effect in reducing structural 
seismic force, and the construction and installation 
are more convenient. 

At present, the industry lacks systematic research 
on the renewal and reconstruction projects of 
ultra-tall structure, and there is no perfect design 
process and method. In this paper, the horizontal 
research method is used to analyze the 
transformation of the actual project cases of 
continuous construction and transformation in 
China, summarize the typical driving factors of 
continuous construction and transformation 
projects, and study the design method of 
continuous construction and transformation 

projects under the framework of multi-level 
decomposition model, which is of practical 
engineering value. 

2 Multilevel decomposition design 
model 

The seismic design of ultra-tall structures is a 
complex multi-constraint design process. In the 
design process, the constraints and influences of 
design specifications, building functions and 
engineering construction on the structure should 
be fully considered to make the seismic 
performance of the structure have better economy 
and safety. In the traditional seismic design method, 
the three elements of design (design variables, 
design objectives and design constraints) and the 
relationship between them are not clear, which 
makes it difficult for engineering designers to 
master and operate. Systematic decomposition of 
the design model is an effective method to deal 
with the optimal design of complex systems. 

Cao et al. proposed a multi-level constraint 
optimization design method for reinforced 
concrete structures of high-rise buildings, and 
discussed the multi-level constraint conditions of 
component constraints, assembly constraints and 
global constraints of reinforced concrete 
structures[3]. Cai et al. proposed an improved Bi-
directional evolutionary algorithm ML-BEO which 
based on the multilevel decomposition of the 
optimization problem[4]. 

The multi-level decomposition seismic design of 
ultra-tall structures refers to a design method in 
which the structural constraints are decomposed 
and classified by the multi-level decomposition 
design method. For ultra-tall structures, the 
constraints specified in the code can be divided 
into three categories: component constraints, 
assembly constraints and global constraints. The 
multi-level constraints of the ultra-tall structure are 
shown in Table 1. The global constraints refer to 
the design performance of the global structure, 
such as the story drifts, shear gravity ratios and 
other constraints; the assembly constraints refer to 
the design performance of the same component, 
such as frame shear ratios in dual system, lateral 
stiffness ratio, etc.; component constraints refer to 
the properties that components meet in the design 
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Table1. Multi-level decomposition design constraints of ultra-tall structures 

Constraint condition Structural 
characteristics 

Members 
Seismic 

performance 
Gravity 

load 

Constriant 

Steel Reinforced 
concrete Component  Assembly  Global 

Stress ratio member 
strength △ △ √ √ ○ 

Slenderness ratio component 
stability △ ○ 

Width-to-thickness 
ratio local stability △ ○ 

Deformation / 
deflection 

member 
stiffness △ △ √ ○ 

crack Serviceability 
limit △ △ √ ○ 

Axial compression 
ratio 

member 
ductility △ √ √ ○ 

frame shear ratios multi-lines of 
defense △ △ √ ○ 

Lateral stiffness 
ratios 

vertical 
regularity △ △ √ ○ 

Torsion ratio plan regularity △ △ √ ○ 

Story drifts assembly 
stiffness △ △ √ ○ 

Shear gravity ratios global strength △ △ √ ○ 

Stiffness gravity 
ratios global stability △ △ √ ○ 

Vertex acceleration comfort △ △ ○ 

Period dynamic 
characteristics △ △ √ ○ 

Period ratios dynamic 
characteristics △ △ √ ○ 

stage, such as component stress ratio, axial 
compression ratio, etc. The multi-level 
decomposition design model can subdivide the 
structural constraints, and then clarify the relative 
relationship between the design variables, design 
objectives and constraints, so that the design 
model can be more refined, and the materials can 
be reasonably allocated to each component, so as 
to realize the efficient seismic optimization design. 

3 Typical driving factors 

3.1 Summary 

At present, there is little research on construction 
extended renovation projects. Facing the 
increasing trend of such projects, it is very 

important to study their typical driving factors. 
There are many driving factors for construction 
extended renovation projects, and there are also 
correlations among various factors. This chapter 
adopts the horizontal comparative research 
method, through the study of domestic 
construction extended renovation projects, divides 
its typical driving factors into three driving factors, 
so as to provide a basis for the scheme selection of 
construction extended renovation projects. 

3.2 Analysis of typical driving factors 

The overview of domestic typical construction 
extended renovation project is shown in Table 2. 
After taking over the project, in order to adapt to 
the new market form and the new ideas within the 
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Table2 Overview of construction extended renovation project 

Project Overview of construction extended renovation project Content of adjustment 
function plane facade standard 

Dalian New 
World East Tower 

The construction of the tower was suspended from 1996 to the 4th 
floor and put into use, and the construction continued around 2007; 
The original design height is 183.12m, and 196.65m after 
reconstruction; 
Increased seismic fortification intensity. 

○ ○ ○ ○ 

 Nanjing 
Xiejiekou 

department store 
tower 

The construction of the tower was suspended from 1997 to the 12th 
floor and put into use, and the construction continued around 2007; 
The original design height is 210m and the reconstruction height is 
249m. 

○ ○ ○

Nanjing canvass 
business bureau 

international 
banking center 

The construction of the tower was suspended from 2000 to the 8th 
floor and put into use, and the construction continued around 2004; 
The original design height is 169.7m and 196.8m after 
reconstruction. 

○ ○ ○ ○ 

Dalian Guomao 
Tower 

The construction of the tower was suspended from 2002 to the B1 
floor and put into use, and the construction continued around 2018; 
The original design height is 260m and 433m after reconstruction. 

○ ○ ○ ○ 

Xuzhou 
Deji 
Plaza 

East 
Tower 

The construction of the tower was suspended from 2015 to the 10th 
floor, and the construction continued around 2020; 
The total number of floors increased by 4; 
The building function is changed from office to apartment, and the 
core tube is retracted. 

○ ○ ○ ○ 

West 
Tower 

The construction of the tower was suspended from 2015 to the 10th 
floor, and the construction continued around 2020; 
The total number of floors is reduced by 4; 
The apartment type was adjusted and the decoration standard was 
improved. 

○ ○ ○

owner, the new owner usually puts forward 
adjustment requirements for the building format, 
use area and building facade effect, which will have 
an impact on the building plane and facade. 
Therefore, the owner's demand is the primary 
driving factor of construction extended renovation 
project. Since there is often a long interval between 
the suspension and reconstruction of the 
continued project, the specifications and standards 
adopted in the original design have been abolished 
and updated. Therefore, in addition to the concept 
of the owner, the designer also needs to adjust the 
compliance according to the current specifications, 
standards and relevant policies. The design will 
involve the secondary adjustment of the building 
plan, facade and use functions. For the relevant 
adjustment of architecture and Electromechanical 
Specialty, the structural specialty usually needs to 
make relevant adjustment to the structural layout, 
load layout, etc., and may even adjust the 
structural system. The structural discipline also 

needs to carry out compliance design for new 
regulations and policies, so the new regulations 
and policies of each discipline are the second 
driving factor of the construction extended 
renovation projects. 

Due to the special items of construction extended 
renovation project, the projects generally have 
existing structures of a certain scale, so the 
selection of reinforcement scheme for this part is 
particularly important. The reconstruction cost and 
economic benefit are the key factors affecting the 
selection of reinforcement scheme. Therefore, the 
situation of the existing structure is the third 
driving factor of construction extended renovation 
projects. 

According to the above research contents, the 
typical driving factors of the construction extended 
renovation project of ultra-tall structure are 
summarized as shown in Figure 1. 
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Figure 1. Typical driving factors 

4 Effect of additional damping on 
structure from response spectrum 

In the viscous damping structure, because the 
damper has no stiffness, the stiffness of the 
structure does not change before and after the 
installation of the damper, and the mode of the 
structure remains unchanged. The total damping 
ratio of the structure increases with the increase of 
the additional damping ratio [5][6]. Figure 2 shows 
the acceleration response spectrum under 
different damping ratios. It can be seen from the 
figure that with the increase of damping ratio, the 
seismic influence coefficient decreases and the 
seismic response of the structure decreases, but its 
decreasing trend slows down with the increase of 
structural damping ratio and the damping 
efficiency of the damper decreases. Therefore, it is 
not suitable to increase the damping ratio blindly in 
the energy dissipation structure, and adopt a 
reasonable damping ratio to ensure the economy 
of the structure. 

Figure 2. Acceleration response spectrum under 
different damping ratio 

5 Case study 
Taking an actual project as case, this chapter 
studies the application of damping technology in 
the construction extended renovation project. The 
ultra-tall structure height is 249m, with a total of 
64 floors. The structural system is a composite 
structure with concrete-filled circular steel tube 
frame columns and reinforced core tube. The 
damping ratio of the structure is 0.04. The seismic 
precautionary intensity is 7 degree, and the design 
basic acceleration of ground motion is 0.10g. The 
site class is III. The project was suspended around 
2015 and rebuilt in 2020. The basement has been 
fully constructed. The core wall of the tower has 
been constructed to 10 floors and the outer frame 
has been constructed to 5 floors.  

Figure 3. Real scene of the project 

According to the structural characteristics of the 
frame-corewall structure dominated by bending 
deformation under horizontal load, the viscous 
damping outrigger system is selected for damping 
design [7]. According to the different location and 
number of damping outriggers, three additional 
damping ratio schemes are formed, 0.02, 0.04 and 
0.06. Therefore, the initial model and three 
damping models (the total damping ratio is 0.06, 
0.08 and 0.1 respectively) are compared. The 
layout of tower structure plane and damped 
outriggers is shown in Figure 4. 

5.1 Analysis of typical driving factors 

According to the previous research content, 
analyze the typical driving factors of the project. 
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Figure 4. Layout plan 

After taking over the project, the new owner 
requires to adjust the number of floors and 
improve the decoration standard, which is the 
main driving factor; The second driving factor is 
compliance design, In addition to the related 
adjustment brought by the new regulations and 
policy adjustment of construction and 
electromechanical related disciplines, the 
structural discipline also needs to review the design 
according to the new codes and standards; The 
third driving factor is that the scale of the existing 
structure is large. After calculation, the 
conventional stiffness increase method is used for 
seismic reinforcement and reconstruction, with a 
large amount of construction period and cost. 
Therefore, it is proposed to use damping devices to 
reduce the seismic response of the structure and 
reduce the reinforcement quantity. 

5.2 Influence of different additional 
damping on design constraints 

According to the above research contents, the 
design constraints of the tower are analyzed. This 
chapter focuses on the impact of the damping 
system on the construction extended renovation 
project. Therefore, the design constraints related 
to seismic performance are selected from table 1 
to highlight the research focus and improve the 
design efficiency. 

5.2.1 Global constraints 

The story drift is selected as the research object in 
the global constraint. The comparison of structural 
story drift under different damping ratios is shown 
in Figure 5. It can be seen from the figure that the 

story drift decreases with the increase of structural 
damping ratio, and the decreasing trend slows 
down. Therefore, for the structure with the story 
drift as the control constraint, the damping system 
can be arranged for strengthening. 

a. X direction b. Y direction

Figure 5. Story drifts 

5.2.2 Assembly constraints 

The frame shear ratio in dual systems is selected as 
the research object in the assembly constraint. The 
results of the frame shear ratio under different 
damping ratios are shown in Figure 6. the frame 
shear ratio increases with the increase of the total 
damping ratio of the structure, but the increase 
range decreases gradually. Therefore, for the 
structure with the frame shear ratio as the control 
constraint, the damping system can be arranged 
for strengthening. 

a. X direction b. Y direction

Figure 6. The frame shear ratio in dual systems 
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5.2.3 Component constraints 

The column axial compression ratio (The ratio of 
axial compressive force to axial compressive 
ultimate capacity of section) under different 
damping ratios are shown in Figure 7. The column 
axial compression ratio generally decreases with 
the increase of structural damping ratio, but the 
effect is not obvious. Therefore, it is suggested to 
adopt other reinforcement methods for structures 
with axial compression ratio as the main control 
constraint. 

Figure 7．The column axial compression ratio 

6 Conclusions 
Through the research and analysis of this paper, 
the following conclusions are drawn: 

1. The multi-level decomposition seismic design
model subdivides the design constraints, so that
the engineering designers can accurately find the
design objectives and effectively improve the work
efficiency.

2. This paper summarizes and sorts many complex
influencing factors in the design of construction
extended renovation projects, and summarizes the
typical driving factors, which provides a basis for
formulating a reasonable structural renewal and
reconstruction scheme.

3. The application of viscous damping technology in 
the construction extended renovation projects
does not increase the structural stiffness,
effectively reduce the seismic response of the
structure, reduce the reinforcement quantity of
the existing structure, and provide conditions for
the optimal design of the reconstruction part.

Through the comparison results, it can be seen that 
the damping structure can effectively reduce the 
seismic response of the existing structure, make 
the structure meet the requirements of the code 
and have a certain surplus, and provide the 
possibility for the optimal design of the new part. 
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Abstract 
Bridges across navigation channels are under the threat of accidental ship collisions. Many research 
works have been conducted to investigate the crashworthy device against ship-bridge pier collisions. 
However, the existing bridge pier protection facilities, mostly based on absorbing ship kinetic energy, 
are large structures with high strength, resulting in large collision forces that may cause ship damage. 
In this paper, flexible anti-collision technology is developed, which protects the bridge pier based 
on the ship's course guidance principle, hence taking away the huge kinetic energy of the ship in the 
process of collision. The pier flexible crashworthy device has a compact structure and can greatly 
reduce the impact force of ships, protecting both the bridge and the ship. The reliability and 
effectiveness of the technology have been verified through off-shore impact tests.  

Keywords: ship-bridge collisions; flexible crashworthy device; ship guidance. 

1. Introduction
With the development of land transportation, 
many bridges were built. However, bridges hinder 
the ship's navigation on the waterway. With the 
increase in the number, the tonnage and the speed 
of the ships, the accidents of ship collisions with 
bridges have become more frequent and severe. 
Those accidents may cause disastrous social and 
economic consequences such as bridge collapse, 
ship-sinking, casualties, environmental pollution, 
and interruption of the land and water 

transportation. Therefore, more attention should 
be paid to developing the techniques that avoid the 
increasingly severe accidents due to ship-bridge 
collisions [1-3]. Many people investigated vessel-
bridge collision responses through impact tests [4, 
5], analytical models [6] and numerical simulations 
[7-10]. The key issue in these investigations is how 
to correctly understand the dynamic process of 
ship-bridge collision. Only based on such 
knowledge can efficient crashworthy devices be 
designed [4]. 
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In the past few decades, various types of protective 
structures have been used for navigable bridge 
piers against vessel collision. These structures 
include: artificial islands, guide structure, and pile-
supported systems. In general, the basic working 
principle of these protective structures is to absorb 
the kinetic energy of the ship through the local 
plastic deformation and/or failure of structure. 
Considered the cost of a bridge, protective devices 
are usually designed with high stiffness and 
strength. However, once a ship-bridge collision 
takes place, the higher the stiffness and strength of 
protection device are, the larger the impact force 
and the more serious the ship injury will be. Hence 
peoples start to consider how can make neither the 
bridge nor the ship be destroyed when they collide 
with each other. In this paper, a new flexible 
crashworthy device is created and developed, 
which is focused on changing the ship's course 
rather than absorbing huge kinetic energy of ship, 
so that the ship smoothly slides along the outside 
of the protective device carrying with most of its 
kinetic energy (less deceleration) after impact. 
Furthermore, the crashworthy mechanism of such 
a device is theoretically and numerically analyzed 
from an impact dynamics approach, and is verified 
by ship collision test.  

2. Development of the pier flexible
prevention technology
As early as 1995, Chen G.Y. [1] proposed the 
flexible energy consumption protection technology 
of pier against ship collision. According to his 
thinking, the developed device comprises an outer 
steel enclosure (OSE), flexible anti-collision rings 
and an inner steel enclosure (ISE). ISE is a closed-
loop structure, which surrounds the outer 
circumference of bridge pier (or pier cap). OSE is a 
closed-loop box girder structure, which surrounds 
the ISE. Many flexible anti-collision rings are set 
between the ISE and OSE, then ISE and OSE are 
connected together. Figure 1 shows the early 
model of the protection technology, and the 
impact experiment was carried out on the model. 

Figure 1 Original model of the flexible device 

The experiment shows that as long as the OSE has 
sufficient bending stiffness, it will drive all the anti-
collision rings to bear force and deformation when 
it is impacted. All anti-collision rings, which can 
produce large recoverable deformation, in the 
device can bear force at the same time, and has 
good flexibility compared with the steel structure. 
On the other hand, because the anti-collision ring 
is wound by steel wire rope, in the process of 
deformation, the wound steel wire ropes rub 
against each other to dissipate energy, so the 
device also has the function of dissipating ship 
kinetic energy. Therefore, the crashworthy 
technology was called flexible energy dissipation 
anti-collision device in the early stage. 

With the in-depth study of the crashworthy device, 
it is found that the key protection technology of the 
device is to guide the ship to change its course. 
Thus, reduced the deceleration of the ship during 
impact as much as possible, the ship still retains 
most of the kinetic energy after the collision. The 
protection mechanism of the technology is that the 
flexible buffer and large deformation of the anti-
collision rings, and the large rigid movement of OSE 
result in that the impact time is prolonged, and the 
ship has time and space to turn and slides along the 
outside of the crashworthy device, in which the 
ship takes away most of itself kinetic energy. Thus, 
greatly reduces the destructive force of ship 
collision. 

In order to accomplish the function of guiding the 
ship's course, the key design technology of the 
crashworthy device is the rigidity-flexibility 
matching of the structure, which is the relationship 
between the bending stiffness of the OSE and the 
equivalent flexibility of the anti-collision ring. 
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3. Theoretical model analysis of
rigidity-flexibility matching

The impact force produced by large tonnage ship 
colliding with piers can reach thousands of tons. In 
order to avoid local structural collapse blocking the 
bow, the OSE shall have sufficient flexural stiffness 
and compressive strength. For this purpose, the 
structure adopts reinforced steel box girder. A 
series of flexible anti-collision rings are supported 
on the inner side of the OSE (as shown in Figure 2). 

Figure 2 Structure of the crashworthy device 

The flexibility of the crashworthy device in the 
sense of low wave impedance is provided by the 
anti-collision rings, which is determined according 
to the series/parallel structure of the rings. The 
rigid flexible matching relationship can not only 
ensure that the OSE will not be subject to local 
collapse during ship collision, but also isolate the 
shock wave generated by collision. The quasi-rigid 
movement of the OSE will drive all anti-collision 
rings to jointly resist the impact, and improve the 
structural protection efficiency, as well as convert 
the impact concentrated force into a distributed 
load.  

3.1 Analysis model of the crashworthy device 

Zhou FH et al [11] and Yang F. et al [12] successively 
analyzed the structural response of annular OSE 
and elliptical annular OSE models under static state. 
The matching relationship between the stiffness of 
OSE and the Equivalent flexibility of anti-collision 
ring was revealed. On this basis, Wang S et al [13] 

further studied the dynamic response of hexagonal 
OSE (Figure 3) under impact load. The matching 
relationship between the equivalent bending 
stiffness of OSE and the flexibility of anti-collision 
rings was determined, and the influence of the 
rigidity-flexibility matching relationship on the 
dynamic response of the crashworthy device was 
analyzed. 

Figure 3a Model of hexagonal OSE 

Figure 3b Force analysis of beam AB 

3.2 governing equation 

It is assumed that beam AB is an elastic beam, 
Young's modulus is E , and the moment of inertia 
of the cross-section to the neutral axis is I . Take 
the impact load action point U as the origin, the 
beam AB as x axis, and the direction perpendicular 
to beam AB as y axis. The dynamic equation of 
bending deflection y can be obtained as 

4 2

4 2 0y y yEI ky
x t t

ρ η∂ ∂ ∂
+ + + =

∂ ∂ ∂
(1) 

where k is average elastic coefficient of the anti-
collision ring per unit length of OSE, η is viscosity 
coefficient of the anti-collision ring, and ρ  is the 
linear density of OSE. Taking the length of beam AB 
L as the characteristic length, the characteristic 
time can be characterized as： 
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EI
LT

4ρ
=   (2) 

Then dimensionless deflection and dimensionless 
time are respectively: 

Lyy = ,    Ttt =     (3) 

Define the equivalent dimensionless bending 
stiffness of OSE: 

41 kL
EIa =   (4) 

where EI is the bending stiffness of the outer steel 
enclosure, 1a   is ratio of bending stiffness of OSE to 

stiffness of flexible foundation. take ρηη k=
as the dimensionless viscosity coefficient， then 
Eqn.(1) can be rewritten as： 
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3.3 Solving and equivalent bending stiffness 
analysis 

By using the initial and boundary conditions of 
the force and velocity, the above governing 
equation can be solved. For the detailed 
analysis process, see Wang S. et al [20]. Base 
on the solutions, it is found that there is a 
critical value of the equivalent flexural 
stiffness 1a  of OSE. When 1a

 
is greater than 

the critical value, the OSE can be 
approximately regarded as rigid under impact 
load. 2.01 ≥a  means that the bending 
stiffness of the OSE is much greater than that 
of the anti-collision ring. Therefore, it is 
suggested that in engineering application, the 
matching relationship between the bending 
stiffness of OSE and the stiffness of anti-
collision ring should be set as: 

42.0 kLEI =      （3） 

Then, the protective function of crashworthy 
device can be effectively played. It is worth 
emphasizing that the excessive equivalent 
bending design of OSE will not only waste 
materials and increase costs, but also increase 
the ship impact force. 

4. Numerical calculation and analysis
Finite element numerical simulation is an 
effective method to study the ship-pier 
collision. The following example will show the 
dynamic response and protection effect of the 
flexible crashworthy device. 

Figure 4 Finite element model of crashworthy 
device impacted by a ship 

The designed pier anti-collision capacity of a 
bridge is 98MN. The typical ship is a 50000 ton 
seagoing vessel with a speed of 4m / s. The 
calculation shows that the impact force of the 
typical ship colliding with the pier is about 
130MN, which greatly exceeds the bearing 
capacity of the pier. The finite element 
calculation model after setting the flexible 
crashworthy device on the pier is shown in 
Figure 4, where the attack angle of the 
crashworthy device is 75o. The calculation 
adopts LS DYNA finite element commercial 
software. Due to the limited length of this 
paper, it only lists calculation results, and the 
detail can be found in the reference [1]. 

4.1 Response synchronization of anti-
collision rings 

Firstly, the synchronicity of forces on all anti-
collision rings is investigated. Select eight 
elements locating in eight anti-collision rings 
respectively, as shown in Figure 5. 

Figure 5 Locations of selected elements 
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Figure 6 Force-time curves of selected elements. 

Figure 6 shows the force time history curves 
on the selected elements. Due to the different 
positions of each anti-collision ring, the 
magnitude and direction of their forces are 
different. However, the calculation shows that 
all elements bear simultaneously the force 
together to resist the ship impact. 

4.2 Stress distribution of OSE 

Focus on the stress distribution of OSE. Select 
six representative elements of OSE, as shown 
in Figure 7, and analyze their von Mises 
effective stress (Figure 8). Except near the 
impact point (s1155474) where the effective 
stress is close to 600MPa, and the stresses in 
OSE are lower than 100MPa, which is far lower 
than the engineering yield strength of the 
steel 

Figure 7 Locations of selected elements 

Figure 8 Stress-time curves of selected elements. 

4.3 Impact force 

The time history curve of the impact force 
between the ship and the crashworthy device 
is shown in Figure 9, where the maximum 
impact force is 72.8 MN. Due to the influence 
of inertial force, the maximum impact force 
between the crashworthy device and the pier 
is 76 Mn, which is slightly larger than that 
between the ship and the crashworthy device. 

The calculation shows that the crashworthy 
device reduces the maximum impact force 
from 130MN to 76MN, that is, the maximum 
impact force is reduced by more than 40%. It 
can not only effectively protect the safety of 
bridge, but also greatly reduce the impact 
force on ship. 

Figure 9 Impact force between ship and the 
crashworthy device  

The stress of pier cap is shown in Figure 10. It 
shows that the stress is very small in the cap, 
and the maximum stress is only about 24MPa, 
which is lower than the compressive strength 
of concrete. 

Figure 10 Von Mises stress image of pier cap 
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4.4 Energy conversion analysis 

During the impact, the energy conversion of 
ship kinetic energy in the flexible crashworthy 
device is shown in Figure 11, where the unit of 
abscissa is s and the unit of ordinate is10-3J. In 
the figure, curve C represents the total energy 
of the system (initial kinetic energy of the 
ship), and curve A represents the kinetic 
energy variation of the ship. The B curve 
represents the energy absorbed by the ship 
and crashworthy device, which indicates that 
the structure only dissipates/absorbs 12% of 
the ship's initial kinetic energy. The D curve 
reflects the sand leakage energy in the 
calculation, which can be ignored in this 
calculation. 

Figure 11 Energy conversion during ship impact 

5. Ship collision test
In order to test the effectiveness and 
reliability of the flexible crashworthy 
technology, the test of ship collision the 
device was carried out. 

5.1 The crashworthy device tested 

An experimental crashworthy device(figure 12) 
was installed on an anti-collision pier of 
Baidungang Bridge in Xiangshan, Ningbo, 
which could defend a typical ship of 1000 tons 
with a speed of 4m/s. The flexible crashworthy 
device with a attack angle of 75o was designed 
proportionally according to the tonnage of 
typical ship. Force sensors (Fig. 13a) were 
installed between the anti-collision ring and 
ISE to record the impact force on the pier. 12 
pressure sensors are arranged in the ship 

impact area (Fig. 13b) to record the impact 
force between the ship and OSE. A three-
dimensional acceleration sensor is set near 
the mass center of the ship to record the 
changes of ship speed and motion direction. 

Figure 12 Experimental crashworthy device 

Figure 13 Sensor arrangements 

5.2 The ship impact tests 

The displacement of the ship used in the test 
is 650 tons. 12 impact tests with the ship were 
performed at different speed (1-4m/s), weight 
(250-400 ton) and impact direction (0-25o) 
(Figure 14). The ship was only slightly damaged 
after the impact tests. No damage was found to the 
anti-collision device and cushion cap. The test 
results show that: 

(a) The flexible crashworthy device has the function 
of turning the ship's course. The impact ship can
still turn sideways even if its yaw angle reaches 25o.

(b) The change of ship speed after impact is very
small.
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(c) The flexible crashworthy device not only protect 
the bridge (including pier cap), but also protect the
impact ship. At the same time, the device itself can
not be damaged.

(d) The force time history curves measured by the
force sensors between the anti-collision ring and
ISE are shown in Figure 15. Although the distance
between each anti-collision ring and the ship's
impact point is different, it has good force
synchronization.

(e) The experimental results are compared with the 
numerical calculation, and they are basically
consistent. The calculation and analysis show that
the flexible crashworthy device can reduce the
impact force of the ship on the pier by more than
50%.

Figure 14 Ship impact test 

Figure 15 force synchronization in the rings 

6. Conclusions
Based on the rigidity-flexibility matching 
theoretical analysis and the finite element 

numerical simulations, this paper discusses the 
working principle of the developed flexible pier 
anti-collision structure. The key issue of this 
technology is to greatly reduce the destructive 
power of the ship's huge kinetic energy. The 
function to guide the ship's course is controlled by 
the parameter of the ratio of OSE bending stiffness 
to the equivalent stiffness of flexible anti-collision 
rings. In this paper it is briefly introduced that the 
pier flexible crashworthy device is composed of 
OSE, flexible anti-collision ring and ISE, and it can 
greatly reduce the impact force. In order to verify 
the effectiveness and reliability of this anti-collision 
technology, a ship impact on the flexible 
crashworthy device test was carried out. The test 
shows that the flexible crashworthy device can 
protect the pier and ship, and the device will not be 
damaged. 
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Abstract 
This paper presents a sustainable semi-active distributed-Multiple Tuned Facade Damping (d-MTFD) 
system that utilizes the existing mass of the Double-Skin Facade's outer skin as damping mass to 
mitigate structural vibrations caused by wind excitation. Based on this concept, a prototype with 
one full-scale parallel moveable facade element has been developed, built, and validated. A stepper 
motor working together with its connected energy harvesting circuit is innovatively applied as an 
adjustable electrical damper and simultaneously as an energy harvester. Its feasibility has been 
proven through experiments using Hardware-in-the-Loop (HiL) simulations. An energy harvesting 
efficiency of 75% was achieved by using a two-stage power converter as the energy harvesting 
circuit. The self-sufficiency of the semi-active d-MTFD system was achieved. 

Keywords: distributed-Multiple Tuned Facade Damping (d-MTFD) system; Double-Skin Facade (DSF); 
parallel moveable facade; electrical damper; grey-box system identification; Hardware-in-the-Loop 
(HiL) simulation; energy harvesting; semi-active control; wind-induced vibration; high-rise buildings; 
sustainability. 

1 Introduction 
Various types of damping systems have been 
developed to ensure the serviceability of high-rise 
buildings [1]. In addition to the widely used 
traditional single Tuned Mass Damper (TMD) 
system, different types of Multiple Tuned Mass 
Dampers (MTMD) systems have also been 
proposed and proven to be more efficient and 

robust than the single TMD. Based on the location 
of the multiple damping mass, the MTMD system 
can be categorized into series MTMD [2], parallel 
MTMD [3], and distributed MTMD systems [4].  

Many high-rise buildings are installed with a 
Double-Skin Facade (DSF). The authors have 
intensively studied different approaches by using 
moveable DSF to reduce wind-induced structural 
vibrations of high-rise buildings [5-8]. The 

1070



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

distributed-Multiple Tuned Facade Damping (d-
MTFD) system that uses the existing DSF’s outer 
skin mass as damping mass, was proposed by the 
authors and has proven to be an effective solution 
[6]. The d-MTFD system is shown in Figure 1. 
Additional damping mass and huge installation 
space are not required by using this approach. As a 
result, the carbon footprint of high-rise buildings 
can be reduced by material savings.  

With the d-MTFD system, the wind-induced 
structural lateral vibration causes the front and 
rear parallel moveable facades on different floors 

to vibrate, which in turn damps the structural 
motion. The parallel moveable DSF’s outer skin is 
distributed vertically at the upper stories of the 
high-rise building. The parallel moveability is 
achieved by mounting the DSF outer skin on a guide 
rail system, which includes the upper/lower guide 
rail and their corresponding rolling bearings. The 
spring system is tuned to the first natural frequency 
of the structure, as the across-wind loads due to 
vortex shedding excite primarily the first mode. A 
stepper motor working together with specially 
designed power electronics is applied as an 
adjustable electrical damper, and simultaneously 

Figure 1. Proposed d-MTFD system with the constructional design of the parallel moveable DSF 
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as the energy harvester. The vibrational energy is 
not fully dissipated into heat, but partially 
harvested and stored in the battery. The harvested 
energy will be used as the energy source for the 
realization of the self-sufficient semi-active control. 

In this paper, based on the proposed constructional 
design of the parallel moveable DSF, a full-scale 2.8 
m × 2.6 m moveable facade element has been built 
together with Josef Gartner GmbH for the 
experimental tests using Hardware-in-the-Loop 
(HiL) simulations. All the required components 
shown in Section B-B of Figure 1 have been 
integrated into the built prototype to verify the 
feasibility of the adjustable electrical damper using 
a stepper motor and to test the energy harvesting 
efficiency of the power electronics using HiL 
simulations. 

2 Prototype and Testbed 
The finished prototype with one full-scale parallel 
moveable facade element and its testbed are 
shown in Figure 2.  

The prototype and testbed can be divided into 
three major parts: the base frame, the building 
frame attached with the fixed inner skin, and the 
moveable outer skin of the parallel moveable DSF. 

The building frame represents the building 
structure. The building frame is designed to be able 
to slide on the base frame through the building 
guide rail system. The building frame sliding on the 
base frame can be driven by a linear motor to 
accurately reproduce the structural vibrations of 
selected stories of a high-rise building under wind 
excitation. The connection between the fixed inner 
skin and the moveable outer skin is according to 
the constructional design in Figure 1. The 
maximum parallel movement of the outer skin is 
limited to ±500 mm on the prototype. All the 
components, such as the stepper motor and spring 
system, are placed in the cavity of the DSF on the 
prototype.  

2.1 Spring system 

The springs applied in the spring system are helical 
coil springs with the same diameter along their 
length. This uniform diameter guarantees a 
constant spring rate, i.e., a constant spring stiffness. 
The stiffness of each spring is about 81 N/mm. All 
the springs are fixed to the inner skin at one end 
(left/right side of the inner skin) and the movable 
outer skin at the other end (middle of the outer 
skin). There are in total eight springs arranged to 
achieve the stiffness of about 644 N/m. 

Figure 2. Overview of the completed prototype and its testbed
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2.2 Guide rail system 

The guide rail system consists of the upper and 
lower guide rail with their corresponding rolling 
bearings. The running surfaces of the guide rails 
were re-milled to achieve a roughness of Rz ≤ 16. 
Rz  is the ten-point mean roughness, which is 
defined as the average value of the absolute values 
of the heights of five highest-profile peaks and the 
depths of five deepest alleys within the evaluation 
length. The guide rails are installed open 
downwards to avoid dirt accumulating on the 
running surface from affecting the moveability of 
the outer skin. The installed rolling bearings are 
from the company Winkel GmbH (Illingen, 
Germany), Heavy Duty Precision Winkel-Bearings 
Type PR 3.058 for the upper guide rail, and WINKEL 
Precision radial Bearing Type PR 2.058 for the lower 
guide rail. The rolling bearing ensures not only the 
moveability of the facade’s outer skin but also the 
load transfer between the moveable facade and 
the fixed inner skin. An early study by the authors 
has shown that lower friction can lead to better 
optimization results for structural vibration control 
using semi-active control [8, 9]. Therefore, the 
standard lip seals of the bearings are all replaced by 
the gap seals to achieve small rolling friction. The 
lubricating grease was also replaced by the non-
resinous smooth-running oil with good adhesion. 
After these modifications, the rolling friction 
decreases significantly.   

2.3 Adjustable electrical damper 

The model ML42HS3L4270 two-phase hybrid 
stepper motor produced by the company MOONS’ 
ELECTRIC CO. LTD. (Shanghai, China) is applied as 
the adjustable electrical damper and energy 
harvester in the prototype, as shown in Figure 3. 
The rack-and-pinion mechanism is used to transfer 
the parallel movement of the outer skin facade to 
the rotation of the stepper motor. An encoder is 
mounted on the hybrid stepper motor to measure 
its angular rotation. The relative displacement and 
relative velocity of the facade outer skin can then 
be calculated based on the measured rotation 
angle and the radius of the pinion 𝛼𝛼 =  0.05 m. 

The adjustable electrical damping coefficient of the 
stepper motor can be approximately expressed as 
below [10]: 

𝑐𝑐𝑒𝑒 ≅
𝑘𝑘𝑡𝑡2

𝛼𝛼2𝑅𝑅
 , (1) 

where 𝑘𝑘𝑡𝑡  is the torque constant of the stepper 
motor. The resistance 𝑅𝑅 = 𝑅𝑅𝑎𝑎 + 𝑅𝑅𝑙𝑙  is the sum of 
the motor internal winding resistance 𝑅𝑅𝑎𝑎  and the 
equivalent resistance 𝑅𝑅𝑙𝑙 of the connecting energy 
harvesting circuit (EHC). The conventional two-
stage AC-to-DC power conversion is used as the 
EHC in the prototype, which consists of the rectifier 
as stage one, and the buck-boost converter as 
stage two [10]. The electrical damping coefficient 
𝑐𝑐𝑒𝑒  can be adjusted by varying the equivalent 
resistance 𝑅𝑅𝑙𝑙 . When the circuit is operating in 
discontinuous condition mode (DCM), the buck-
boost converter with a fixed duty cycle 𝑑𝑑 is similar 
as a constant equivalent resistor. The DCM 
operates under the condition that the following 
equation needs to be satisfied [11]: 

𝑉𝑉𝑅𝑅 ≤
1 − 𝑑𝑑
𝑑𝑑

∙ 𝑉𝑉𝑏𝑏𝑎𝑎𝑡𝑡 , (2) 

where 𝑉𝑉𝑅𝑅 is the rectified DC voltage and 𝑉𝑉𝑏𝑏𝑎𝑎𝑡𝑡 is the 
battery voltage. Under this condition, the 
equivalent resistance 𝑅𝑅𝑙𝑙 can be calculated as [12]: 

𝑅𝑅𝑙𝑙 =
2 ∙ 𝑓𝑓𝑠𝑠𝑠𝑠 ∙ 𝐿𝐿𝑐𝑐

𝑑𝑑2
 , (3) 

in which 𝑑𝑑  is the duty cycle of the pulse-width 
modulation (PWM) signal, 𝑓𝑓𝑠𝑠𝑠𝑠  is the switching 
frequency of the MOSFET and 𝐿𝐿𝑐𝑐  is the connecting 
inductance of the circuit.  

Figure 3. Stepper motor as adjustable electrical 
damper/energy harvester 
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Therefore, by varying the PWM signal, the 
equivalent resistance 𝑅𝑅𝑙𝑙  can be varied, hence the 
electrical damping coefficient 𝑐𝑐𝑒𝑒  can be adjusted. 
Simultaneously, the vibrational energy is converted 
into electricity and stored in the rechargeable 24V 
lead-acid battery. The harvested energy is then 
further used as the energy source for the 
microelectronics and the sensors. The power flow 
and signal flow of the stepper motor as an 
adjustable electrical damper/generator is as shown 
in Figure 4. 

Figure 4. Power flow and signal flow of the 
stepper motor as an adjustable electrical 

damper/generator 

3 Hardware-in-the-Loop (HiL) 
simulations 

After building the prototype, Hardware-in-the-
Loop (HiL) simulations are applied to verify the 
feasibility of semi-active control using a hybrid 
stepper motor as an adjustable electrical damper 
and to test its energy harvesting efficiency. To 
ensure successful HiL simulations, grey-box system 
identification is applied to accurately estimate the 
defined parameters of the prototype based on 
measured data. Some of the important estimated 
parameters are listed in Table 1.  

Table 1. Estimated parameters 

Parameter Description Value 

𝑚𝑚�𝑓𝑓 Facade outer skin mass 612 kg 

𝑘𝑘�𝑓𝑓
Stiffness of the spring 

system 646 N/m 

𝜇𝜇 Rolling friction ratio 0.0022 

𝑐𝑐�̅�𝑚
Viscous damping 

coefficient 
46 

N ∙ s/m 

The diagram of the whole HiL simulation is 
illustrated in Figure 5, which consists of two parts: 
the simulation part, and the hardware part.  

3.1 Simulation part 

The 76-story 306 m high benchmark building, 
assumed to be installed with the d-MTFD system in 
its upper 20 stories (from the 57th story to the 76th 
story), is applied as the simulation part of the HiL 
simulation. This benchmark building proposed by 
Yang et al. has been widely used to test different 
kinds of vibration control systems and control 
algorithm [13]. It has a square cross-section of 42 
m × 42 m, so the slenderness ratio can be 
calculated as 7.3, which represents a typical wind-
sensitive high-rise building. According to the size of 
our built moveable facade element (2.8 m × 2.6 m), 
each story of the benchmark building can be 
covered with 50 facade elements. The activated 
facade's outer skin mass acting as damping mass is 
approximately 30 tons at each story (15 tons at 
each side). All the moveable facade elements are 
tuned to the first natural frequency of the 
benchmark building. The estimated rolling friction 
ratio 𝜇𝜇 and viscous damping coefficient 𝑐𝑐�̅�𝑚 are also 
updated in the simulation part. The whole system 
is then optimized using multi-objective genetic 
algorithms. The system modelling and the 
optimization of the semi-active d-MTFD system has 
been intensively investigated by the authors and 
described in detail in [8]. 

In the simulation part, this benchmark building is 
under the across-wind excitation determined from 
the wind tunnel test based on a scaled model. The 
reference mean wind speed at 10 m above ground 
level is 13.5 m/s with a 10-year return period, 
which represents the wind speed at the 
serviceability level. At this level, occupants’ 
comfort is an important design criterion. Details 
about the wind tunnel tests are described by 
Samali et al. [14]. 

At the selected testing story of the HiL simulation, 
one virtual facade element needs to be removed 
from that test story of the benchmark building. 
Therefore, there are 49 virtual facade elements left 
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on the testing story in the simulation part. The 
removed virtual facade element is physically 
realized as the built prototype, i.e., the hardware 
part of the HiL simulation.  

3.2 Hardware part 

The built prototype is as hardware part connected 
to the selected testing story of the benchmark 
high-rise building in the simulation part. The 
communication between the simulation part and 
the hardware part is realized by using the building 
actuator and sensors, as shown in Figure 5.  

The building actuator and building spring system 
are connected to the base frame and building 

frame. They work together to reproduce the 
movement 𝑥𝑥𝑗𝑗  of the selected story 𝑗𝑗 =
(57, 58,⋯ , 76) on the building frame. The target 
position of the selected story 𝑥𝑥𝑗𝑗  generated from 
the simulation part and the measured position 𝑥𝑥𝑏𝑏𝑓𝑓 
from the hardware part are the input variables for 
the position controller to reproduce selected floor 
motion under wind excitation in real-time. Since 
the position control has a sufficiently high 
bandwidth, the building frame can follow the 
target position 𝑥𝑥𝑗𝑗  without significant delay. The 
encoder connected with the stepper motor 
measures the relative displacement 𝑥𝑥𝑓𝑓𝑓𝑓,𝑖𝑖  of the 
facade outer skin. 

Figure 5. Hardware-in-the-Loop (HiL) simulation 
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The on-off Velocity Based Ground-hook (VBG) 
control is used as semi-active control algorithm for 
the HiL simulations, which can be calculated in the 
following equations: 

If �̇�𝑥𝑗𝑗 ∙ �̇�𝑥𝑓𝑓𝑓𝑓,𝑖𝑖 ≥ 0 , then 𝑐𝑐𝑓𝑓,𝑖𝑖 = 𝑐𝑐�̅�𝑚 + 𝑐𝑐𝑒𝑒,𝑖𝑖
𝑚𝑚𝑖𝑖𝑚𝑚 

If �̇�𝑥𝑗𝑗 ∙ �̇�𝑥𝑓𝑓𝑓𝑓,𝑖𝑖 < 0 , then 𝑐𝑐𝑓𝑓,𝑖𝑖 = 𝑐𝑐�̅�𝑚 + 𝑐𝑐𝑒𝑒,𝑖𝑖
𝑚𝑚𝑎𝑎𝑚𝑚, 

(4) 

where the total facade damping coefficient 𝑐𝑐𝑓𝑓,𝑖𝑖  is 
obtained through the multi-objective optimization, 
and the viscous damping coefficient 𝑐𝑐�̅�𝑚  has been 
determined by using a grey-box system 
identification approach. The adjustable electrical 
damping ratio can then be determined and the 
corresponding duty cycle 𝑑𝑑  can be calculated by 
the Eqns. (1-3). The calculated duty cycle 𝑑𝑑 is set in 
the hardware part to achieve the same varying 
total facade damping coefficient 𝑐𝑐𝑓𝑓,𝑖𝑖  of the other 
virtual facade elements in the simulation part. 

4 Results Analysis 
The prototype was tested respectively on the 
lowest story and the highest story that is installed 
with parallel moveable facade elements, namely 
the 57th and 76th story, using HiL simulations. For 
each test, the simulation part and hardware part 
are configured according to the optimized 
electrical damping coefficient. The results are 
analyzed and discussed in terms of the feasibility of 
using a stepper motor as an adjustable electric 
damper and its energy harvesting efficiency, 
respectively. 

In Figure 6, the simulated and measured facade 
relative displacements for the 76th story are 
plotted for comparison. Both time courses match 
very closely with each other. The NRMSE 
(Normalized root mean squared error) fitness value 
is calculated as 87%, which indicates that the 
estimated parameters of the prototype are 
accurate, and the mathematical models used to 
describe the prototype are suitable. The feasibility 
of using the stepper motor as an adjustable 
electrical damper for semi-active control is 
successfully validated based on the HiL simulations. 

Figure 6. Comparison of simulated and measured 
top story facade relative displacement 

Figure 7 shows the recorded time courses of the 
power flow for the lowest tested story, i.e., the 57th 
story.  

Figure 7. Power flow for the prototype installed on 
the 57th story 

The energy harvesting efficiency of the power 
electronics can be calculated as: 

𝜉𝜉 =
𝑃𝑃ℎ
𝑃𝑃𝑒𝑒

 , (5) 

where the 𝑃𝑃ℎ  is the average harvested power, 
which is measured by the current-voltage sensor, 
and the dissipated mean mechanical power due to 
electrical damping is defined as: 

𝑃𝑃𝑒𝑒 =
1
𝑇𝑇
∙ � 𝑐𝑐𝑒𝑒,𝑖𝑖(𝑡𝑡)

𝑇𝑇

0
�̇�𝑥𝑓𝑓𝑓𝑓,𝑖𝑖
2 (𝑡𝑡)𝑑𝑑𝑡𝑡 , (6) 

The average energy harvesting efficiency 𝜉𝜉 of 75% 
has been achieved. The power consumption for 
semi-active control of this one moveable facade 
element is about 0.61 W. The average harvested 
power 𝑃𝑃ℎ for the facade element at the lowest 57th 
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story is measured as 0.85 W. The harvested power 
increases with the height. The average harvested 
power 𝑃𝑃ℎ for the facade element at the top story 
has reached 2.82 W. Therefore, the self-sufficient 
operation of semi-active control can be achieved as 
demonstrated by the HiL simulations. The average 
harvested power for the entire 57th and 76th story 
can be then estimated as 43 W and 141 W, 
respectively. Under the assumption that the 
average harvested power increases linearly with 
height, the entire average harvested power for the 
d-MTFD system can be estimated as 1840 W.

5 Discussion and Conclusions 
In this paper, the built prototype with a full-scale 
moveable DSF element is introduced and applied as 
the hardware part in HiL simulations. The feasibility 
of using a stepper motor as the adjustable electrical 
damper and simultaneously as the energy 
harvester has been validated. An average energy 
harvesting efficiency of 75% was achieved by using 
a conventional two-stage power converter as the 
energy harvesting circuit. 

The current experiments using HiL simulations can 
only consider the friction due to the self-weight of 
the parallel moveable facade element. The friction 
due to the along-wind forces cannot be considered. 
Our early investigations using simulations show 
that the d-MTFD system is still very effective with 
consideration of the friction due to along-wind 
forces [8]. In future work, the identified simulation 
model of the adjustable electrical damper using a 
stepper motor will be built in the whole simulation 
to evaluate its self-efficiency. 
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Abstract 
The assembled pile-slab road structure is a frame structure system composed of factory prefabri-
cated plate girders and pipe piles, which has the advantages of fast construction, small footprint, 
and low environmental impact compared with the traditional earth roadbed. In order to develop a 
series of pile-slab road structures that can replace high-fill roadbeds, this paper studies the rea-
sonable forms of pile-slab road structures suitable for replacing earth roadbeds in response to the 
needs of highway reconstruction and expansion and new construction. The reasonable form of 
pile-slab road structure travel lane plate is systematically analysed, and the reasonable upper and 
lower structure forms of pile-slab road structure are proposed. And for the need of assembly con-
struction, the division method of the prefabricated sections of members is studied, and a series 
structure system of 6m~12m is established, which is suitable for application in road construction 
projects with tight land resources and has good comprehensive benefits. Finally, a standardized 
design method for pile-slab road structures is developed, which can provide guidance for the ap-
plication of such assembled pile-slab road structures.  

Keywords: Pile-slab road; structural form; standardization; design. 

1 Introduction 
Due to the shortage of land resources and the 
emphasis on environmental issues, the construc-
tion of highways is facing a huge challenge now. In 
order to deal with these problems, pile-slab sub-
grade structures have been proposed and applied 
highway construction, which solves the contradic-

tion between highway traffic development and 
land resource protection with the structural sys-
tem of road and bridge integration and realize 
sustainable highway construction. As a new type 
of prefabricated structure, the pile-slab structure 
has great application potential in the field of 
highway construction in the future with strong 
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adaptability and flexible application in different 
areas.  

The pile-slab structure is firstly applied and devel-
oped in the railway field in Germany, the United 
Kingdom, the Netherlands[1-3]. The first application 
of the pile-plate structure on the railway in China 
was on the Suiyu Line[4]. Because the settlement 
of the road subgrade after construction is difficult 
to meet the requirements of laying the track, the 
pile-slab structure is used for reinforcement. From 
the practical application of most projects, it can be 
found that most foreign pile-slab structures adopt 
the direct consolidation of bearing slabs and pile 
foundations to form a multi-span continuous plate 
beam structure. However, most of the non-buried 
pile-slab structures in China adopt three-span and 
one-joint slabs.  

Pile-slab structures are rarely used on highway 
bridges. In recent years, Anhui Province has suc-
cessfully applied this structure in projects such as 
Hening Expressway, G3 Beijing-Taipei Expressway 
and Hefei Ring Expressway[5-6]. Although the pile-
slab structure was used in practical engineering 
earlier in foreign, there are few studies on this 
structure. In China, some researchers have carried 
out certain research on the application of pile-slab 
structure in the field of highway[7-10]. However, the 
relevant deep research is relatively weak and a 
mature and reliable design system has not yet 
been formed now, which hinders wider applica-
tion of the structure. Therefore, in view of the 
needs of expressway reconstruction and expan-
sion and the needs of new highways, this paper 
studies the reasonable structural form of pile-slab 
subgrade. The mechanical characteristics were 
analysed and the structural system of 6m~12m 
span pile-slab subgrade is proposed and estab-
lished.  

2 6m span pile-slab road structure 
system 

Pile-slab subgrade is a new type of subgrade struc-
ture. Compared with soil subgrade, it has the ad-
vantages of small post-construction settlement 
and large overall stiffness. Its superstructure 
adopts prefabricated reinforced concrete slabs 
and the joint ends are provided with seamless 
expansion joints. Concrete slabs are divided into 

precast and cast-in-place parts. Longitudinal steel 
bars are reserved for prefabricated slabs, which 
are connected to the cast-in-place part as a whole. 
wave-shaped anti-collision guardrails are set on 
both sides.  

2.1 Reconstruction and expansion of pile-
slab subgrade 

The pile-slab subgrade structure is used in the 
reconstruction and expansion project of the road. 
The reinforced concrete slab of the superstructure 
needs to be lapped and connected with the old 
road. A layer of C20 plain concrete is laid on the 
lapped old road foundation. A layer of 10cm wide 
and 2cm high three-dimensional drainage geonet 
is laid on the concrete. The prefabricated slabs are 
placed on the pads. The prefabricated slab pro-
trudes from the reserved steel bar on the side of 
the old road. The connection between the old 
road and the extension is realized by pouring con-
crete at the extension of the rebar. A 1cm polyu-
rethane sealant and a 2cm three-dimensional 
drainage geonet are also laid between the old 
road structure and the cast-in-place part. In order 
to reduce the influence of the braking effect of the 
vehicle on the structure, the original wave guard-
rail column is driven into the foundation. The re-
served part is poured in the cast-in-place part.  

2.2 New pile-slab subgrade 

In the new pile-slab subgrade, since there is no 
need to connect with the existing old road, both 
sides of the superstructure are cantilevered. Dif-
ferent from the reconstruction and expansion of 
the pile-slab subgrade structure, the guardrail of 
the newly-built pile-slab subgrade is fixed on the 
subgrade panel. The lower part lacks the guardrail 
columns buried in the soil, which cannot partici-
pate in the overall stress of the structure together 
with the lower piles. The impact of the braking 
effect of the vehicle on the structure cannot be 
reduced.  

2.3 Force analysis of 6m span structure 

The piles of the pile-slab structure are mainly sub-
jected to bending and compression. The part bur-
ied in the soil will be subjected to the lateral 
thrust and vertical friction force of the soil. The 
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main factors that produce bending and compres-
sive effects on piles include: structural self-weight 
load, vehicle load, temperature effect, settlement 
effect and vehicle braking force. Among them, the 
vehicle effect and vehicle braking force have the 
greatest influence on the bending moment of the 
pile.  

The longitudinal and transverse span dimensions 
of the superstructure reinforced concrete slabs in 
assembled pile-slab soilless subgrade are similar. 
It is bidirectional in the force behaviour. In the 
longitudinally ribbed part, due to the thicker rib, 
the force behaviour there can be approximately 
regarded as longitudinal unidirectional. It is worth 
noting that the concrete slab near the outer side is 
cantilevered. The way of force transmission at the 
longitudinal end position is different from the rest. 
The longitudinal end position is different from the 
midspan position. The transmission direction of 
the force at the mid-span position is four-way 
transmission. At the end position, the load is 
transmitted in three directions after acting on the 
concrete slab. In theory, the force at the end posi-
tion is more unfavourable.  

(a) Reconstruction and expansion of pile-slab sub-
grade 

(b) New pile-slab subgrade

Figure 1. Lateral stress of prefabricated slabs at 
the ultimate limit state(Unit: Pa) 

3 12m span pile-slab road structure 
system 

3.1 Span improvement strategy of pile-slab 
road 

With the development of local economy and the 
improvement of local road standards, the existing 
6m-span pile-slab road has insufficient crossing 
capacity for the intersection with local roads. For 
intersections with a large skew angle, it is easy to 
intensify local conflicts by diverting local roads. 
Therefore, the limitation of the spanning capacity 
of the original 6m pile-slab road affects its scope 
of application and its span improvement is imper-
ative. In order to improve the spanning capacity of 
the traditional pile-slab structure, it is economical 
to upgrade the original slab beam to a ribbed T-
shaped or π-shaped section beam. The section 
height is increased and space is provided for the 
arrangement of the prestressing tendons.  

Compared with the T-shaped section, the number 
of wet joints in the construction of the π-shaped 
section prefabricated slab members under the 
same section width is less. And the structural in-
tegrity is better. Moreover, from the point of view 
of stability, the π-shaped section is also better 
than the T-shaped section. The mechanical per-
formance of the composite section is more supe-
rior, making full use of and exerting the material 
properties. However, from the construction point 
of view, its construction and installation accuracy 
requirements are relatively high, which is not suit-
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able for assembled pile-slab road structures. 
Therefore, through the comparison analysis, the 
12m long-span pile-slab road selects the π-shaped 
section form.  

12m-span prestressed concrete equal-height pre-
fabricated π-slabs adopt linear pretension method. 
4 steel strands are set on the upper edge of the 
flange plate. The lower edge steel strands are 
arranged at the ribs on both sides of the π slab in 
three layers, as shown in Figure 2. At the same 
time, hard plastic casing and spiral ribs are used at 
the prestressed tension end to achieve the failure 
length.  

(a) Side slab

(b) Mid slab

Figure 2. Prestressed steel strand arrangement of 
Prefabricated π slab(Unit: mm) 

3.2 Adaptation of superstructure and sub-
structure in large-span pile-slab road 

The number of substructure pipe piles tends to be 
low compared to the increased number of beam 
ribs. It is generally necessary to set up a bent cap 
to facilitate the support of the main beam and the 
connection with the pipe pile. The presence of 
bent cap increases material usage and reduces 
structural economics. At the same time, it also 
increases the workload of on-site installation or 
concrete pouring, which restricts the construction 
efficiency and convenience. Therefore, an system 
without bent cap is proposed to realize the con-
solidation of the pipe pile and the slab beam 
through the cast-in-place section of the pier top. 

(a) Bending moment of slab(Unit: kN∙m)

(b) Bending moment of bent cap(Unit: kN∙m)
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(c) Axial force of pile(Unit: kN)

Figure 3. Force of prefabricated pile-plate structure at the ultimate limit state 

The large-span pile-slab subgrade structure with-
out bent cap is composed of prefabricated π slab 
girder, prefabricated pipe pile, cast-in-place sec-
tion of pier top and bridge abutment. The π slab 
beam and the prefabricated pipe pile are con-
nected through the cast-in-place section of the 
pier top in the span. The cast-in-place section at 
the top of the pier is kept at the same height as 
the prefabricated π slab beam and the bottom 
surface is kept flush with the prefabricated π slab 
beam. The structure eliminates the need for the 
setting of bent cap while increasing the span of 
the traditional pile-slab subgrade. The structure is 
simple. The force transmission is clear. And the 
spanning capacity of a single span can reach more 
than 12m. The system without bent cap saves the 
amount of structural concrete and improves the 
convenience of construction. The weight reduc-
tion also reduces the requirements for the sub-
structure pipe piles and foundations, expanding 
the applicability and improving the economy.  

Different construction conditions apply to differ-
ent systems. Bent cap system can be used for 
crossing rivers, lakes and environmentally sensi-
tive road parts. The general road can use the sys-
tem without bent cap. The diameter of the pipe 
pile can be further optimized, which can be re-
duced from 80cm to 60cm.  

3.3 Structural mechanical performance of 
large-span pile-slab road 

The mechanical characteristics of the 12m-span 
pile-slab structure are similar to those of the 
above-mentioned 6m-span. However, the increase 
of the span leads to the increase of the self-weight 
effect of the structure. It is necessary to further 

verify the static performance of the 12m-span 
pile-slab structure. Through numerical analysis, it 
is found that under the basic combination of the 
ultimate limit state, the structural force has a cer-
tain redundancy. The structure has good static 
performance and meets the requirements of de-
sign specifications.  

4 Design technology of skew pile-
slab road 

To cope with local roads with different skew an-
gles and reduce the impact and disturbance on 
the original road, the above-mentioned pile-slab 
subgrade structure is Optimized. The main posi-
tion of local road is kept unchanged. The main 
design techniques are the following three points: 
dislocation layout, no bent cap and no expansion 
joints. As shown in Figure 4, a 3-12m pile-slab 
structure is set to cross the local road. The transi-
tion plate and the lap plate are set for no expan-
sion joint connection. The superstructure and 
substructure are arranged orthogonally along the 
local road with staggered holes. Substructure pipe 
piles and prefabricated slabs are connected by 
cast-in-place beams. The technical standards such 
as the clear height under the bridge and the width 
of the bridge deck remain unchanged from the 
original design.  

4.1 Dislocation layout and the system 
without bent cap 

To adapt to the skew intersection of the original 
road, the newly built pile-slab road should not 
only meet the requirements of less disturbance 
and less impact on the existing road, but also 
meet the requirements of the pile-slab structure 
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design. Therefore, the design of substructure dis-
location arrangement is proposed. The end of the 
prefabricated slab can be flexibly set according to 
the skew angle. In the form of dislocation layout, 
the system without bent cap is proposed. In this 
way, the skew bridge is being built, which is con-
venient for standardized design and saves the 
lower space and construction materials.  

(a) Top view

(b) Side view

Figure 4. Design of skew pile-slab road 

4.2 The structure without expansion joint 

The structure without expansion joints connects 
the prefabricated slabs to the pipe piles through 
cast-in-place beams. Considering that the settle-
ment of abutment is a long-term process and in 
order to prevent the staggered abutment caused 
by the settlement, the force of the pipe pile is 
adjusted by the end support reaction of the transi-
tion plate and the lap plate to offset the bending 
moment generated by some prefabricated slabs. 
And the corbel is set in the cast-in-place part. Con-
traction joint is set between the lap plate, the 
transition plate and the π slab, which is hinged by 
steel rebar connection. The structure without 
expansion joints makes driving comfortable and 
smooth with low noise and improved safety. It 
eliminates the maintenance and replacement 
costs of expansion joints, which reduces operating 
costs. And it improves the use efficiency of the 

structure and reduces the life cycle cost of the 
structure.  

(a) Bottom view

(b) Top view

Figure 5. The structure without expansion joint 

5 Standardized design technology of 
prefabricated pile-slab road 

The product quality of the assembly line, stand-
ardized, mechanized operation of factory is relia-
ble and controllable. Its production equipment 
utilization rate is high and labour cost is low. 
Management difficulty is low and  structure cost is 
reduced. On-site construction is simple, fast and 
environmentally friendly. Industrialized construc-
tion should form standardized design components 
as much as possible. The segmenting criteria of 
the structure is determined according to the pre-
fabrication capacity of the factory, the transporta-
tion capacity of components and the construction 
conditions on site. It is strived to achieve the low-
est cost without affecting the construction pro-
gress.  

For different road or special situations, there are 
two types of span combinations to deal with. The 
first is an equal-span arrangement(n×6m or 
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n×12m), which is mainly used for general road. 
The second is the unequal span arrangement, that 
is 6m+12m+6m. For example, when the pile-slab 
road intersects the original road obliquely, the 
method of increasing the span is used to reduce 
the alteration and impact on the original road.  

5.1 Segmentation of the superstructure 

The superstructure is a bridge deck, which is pre-
fabricated in longitudinal elements. The 6m span 
cross section is divided into two parts: prefabri-
cated and cast-in-place. The cross-sectional width 
of the reconstruction and expansion and the new 
pile-slab roadbed structure is different, which are 

11.8m and 8.5m (12m) respectively. Due to the 
large span of the 12m-span pile-slab structure, the 
cross-sectional layout is divided into four pieces of 
π-slab and connected by wet joints.  

Facade layout of 6m-span pile-slab structure: the 
middle span is composed of two A slabs on the 
top of piles and a B slab of middle span;  The side 
span is composed of a A slab on the top of piles, a 
C slab and a C' slab. Every two adjacent prefabri-
cated slabs are connected by wet joints. The 12m-
span pile-plate structure is different from the 6m-
span, which is prefabricated for the whole hole 
segment.  

(a) Cross section

(b) Facade

Figure 6. Segmentation of superstructure of 6m-span pile-slab structure

5.2 Segmentation of the substructure 

The 6m and 12m span substructure segments are 
divided similarly. The high-friction surface pipe 
piles with integrated pile-pillar design are used. 
The inner and outer piles of the left and right wid-
ened pile-slab subgrade structure are HPC500AB 
type pipe piles and PRC-I 500C type pipe piles. HPC 
type pipe piles are of equal length, which is 10m. 
The length of the PRC pipe pile is about 5m and 
the length is determined according to the design 
height and bottom surface elevation. Design prin-
ciples of pipe piles: The left and right inner piles 
and outer piles are controlled at a depth of 15m 
and the total length is comprehensively deter-
mined according to the design elevation and 
depth of penetration.  

To sum up, the segmentation of the integrated 
pile can be divided into two parts: The first part is 

the HPC500AB type pipe pile with a length of 10m 
below the pile; The second part is the PRC-I500C 
type pipe pile, whose length is determined by the 
design elevation under the premise that the total 
pile depth is 15m.  

(a) PRC
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(b) PHC

Figure 7. Pipe pile structure 

6 Conclusions 
The design and research of the reasonable struc-
tural form of the 6m~12m span pile-slab subgrade 
are carried out. The results can provide a refer-
ence for the design of pile-slab subgrade struc-
tures with spans between 6 and 12 m. Through 
research and analysis, the following conclusions 
are drawn.  

The pile-slab subgrade structure with a span of 
6m~12m can be successfully applied to highway 
construction, replacing the soil subgrade structure. 
The designed and established pile-slab roadbed 
structure system has clear force transmission and 
reasonable mechanical properties and meets the 
requirements of design specifications. From the 
point of view of industrialization, considering the 
prefabrication and on-site installation of compo-
nents, the standardized structure and segment 
division of the superstructure and substructure of 
the assembled pile-slab subgrade are proposed.  
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Abstract 
Composite beam bridges have been widely used in the main girders of cable-stayed bridges for 
their excellent performance. In order to study how to apply steel concrete composite girders and 
concrete π girders in single-tower cable-stayed bridges, the study explores the design technology 
of hybrid composite beam single-tower cable-stayed bridges based on Shouying Huaihe River Spe-
cial Bridge of Hezhou Expressway. Through finite element analysis, a series of parametric analysis 
of the overall performance of the hybrid composite beam single-tower cable-stayed bridge is car-
ried out to study the structural characteristics and analyze the rationality and economy of the 
structure. The result shows that the hybrid composite beam is a kind of single-tower cable-stayed 
bridge structure that can well adapt to the asymmetric span distribution with a large proportion of 
side and middle spans. The research results can provide support and guidance for the background 
engineering construction and help promote the application of the structural form. 

Keywords: Hybrid composite beam cable-stayed bridge; steel concrete composite girder; design 
optimization; force analysis. 

1 Introduction 
A hybrid cable-stayed bridge refers to a cable-
stayed bridge in which the main span of the bridge 
is a steel beam or a composite beam and the side 
span is a concrete beam. The main girder of cable-
stayed bridge has a large span while the steel 
girder or composite girder is lighter in weight and 
has strong spanning capacity, which is very suita-

ble for the main span design of cable-stayed 
bridge[1]. At the same time, the concrete beam has 
high self-weight and high rigidity. It is set on the 
side span, which can effectively balance the self-
weight of the steel main beam or composite beam. 
For the hybrid cable-stayed bridge, the rational 
use of steel and concrete in the side and mid-span 
gives full play to their respective advantages. The 
ability to adapt to construction conditions has 
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been strengthened. The project economy has 
been greatly optimized. In terms of engineering 
application, the Normandy Bridge in France and 
Stonecutters Bridge in Hong Kong are all success-
ful cases of hybrid girder cable-stayed bridges.  

However, the hybrid beam cable-stayed bridge 
has the huge system. Change in overall stiffness is 
larger. And the connection of the steel beam (or 
composite beam) and the concrete beam is the 
sudden change point of the main beam structure 
and stiffness. It is easy to form weaknesses in 
structural system. Xu[2] previously took the hybrid 
beam cable-stayed bridge scheme of the Sutong 
Bridge as an example  and carried out a conceptu-
al analysis of the reasonable span of the hybrid 
system cable-stayed bridge. Starting from the 
weight per linear meter of the steel beam and the 
concrete beam, the setting position of the steel-
concrete connection of the hybrid beam cable-
stayed bridge is obtained. Li[3] took the E’dong 
Yangtze River Bridge as an engineering example, 
the model of the steel-concrete joint was estab-
lished by ANSYS. The force of the joint was calcu-
lated and the characteristics of the hybrid beam 
cable-stayed bridge were analyzed. The study 
takes the Huaihe River Bridge in Hefei to Zhoukou 
Expressway as an engineering example. The de-
sign ideas and overall characteristics of the hybrid 
composite beam single-tower cable-stayed bridge 
are analyzed. The key analysis and verification of 
the steel-concrete connection is carried out. 

2 Construction condition and overall 
design 

2.1 Construction condition 

The bridge spans both sides of the Huai River. The 
north of the Huaihe River is located in the Huaibei 
alluvial plain with high terrain in the northwest 
and low in the southeast. The terrain of the road 
at south of the Huaihe River is undulating.  

In terms of navigation requirements, the highest 
navigable water level at the bridge position is 
26.65m based on the 20-year flood. The minimum 
navigable water level is 16.34m. The navigable net 
width is 150.0m. The navigable net height is 
10.0m. And the side height is not less than 6m.  

2.2 Overall design 

Since the main span is 230m and the span is rela-
tively large, the suitable and optional bridge forms 
have arch bridge and cable-stayed bridge. 

The three-connected arch bridge scheme is 
adopted, which is magnificent in appearance. The 
main beam is low in height, which is conducive to 
the safety of navigation. However, the cost is high, 
so the common arch bridge scheme is used as a 
comparison scheme in the design. 

The cable-stayed bridge has excellent mechanical 
performance, and the beam height of the main 
beam can be reduced. It is suitable for the situa-
tion of limited clearance under the bridge. It is 
planned to adopt I-shaped composite beam cable-
stayed bridge, with moderate cost. 

In the single-tower cable-stayed bridge scheme, 
the main span can span the main navigation hole 
and the side span spans the levee. Therefore, the 
single-tower cable-stayed bridge scheme is a more 
suitable bridge type scheme for the bridge loca-
tion.  

The main beam of the superstructure is a hybrid 
composite beam. The main tower adopts a col-
umn-type concrete bridge tower and the substruc-
ture adopts a cap and group pile foundation.  

Considering the advantages and disadvantages of 
the above schemes, the cost of scheme one is too 
high compared to the other two. The construction 
difficulty of scheme two and three is similar. But 
the overall force system of scheme three is sim-
pler in terms of force characteristics. And the cost 
is lower than the second plan. Scheme three is 
now selected as the final scheme for design and 
construction. 

3 Structural design 
According to the results of the above comparison 
and selection, the single-tower cable-stayed 
bridge is now determined as the construction plan. 
The main bridge is a single-pylon hybrid composite 
beam cable-stayed bridge with a total length of 
385m(230+115+40). The main beam of the super-
structure is a hybrid composite beam. The main 
tower is a single-column bridge tower. The sub-
structure adopts a cap and group pile foundation.  
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3.1 Design of the main tower 

3.1.1 Design of the structure of tower 

The single-column tower is adopted. The spire is 
sloped on all sides.  The tower column is an octag-
onal section with good wind resistance, whose 
section is a single-box single-chamber structure 
form. The cables in the tower are anchored by 
steel anchor beam.  

3.1.2 Design of the structure of anchorage 

The bridge cables are designed with galvanized 
steel strands. The top of the steel beam is provid-
ed with an tensile anchor plate structure for an-
choring. The tensile anchor plate is welded to the 
upper flange of the steel beam[4]. 

The tower is anchored by steel anchor beam com-
bined with annular prestressed structures. The 
steel anchor beam is set in the upper tower col-
umn to balance the horizontal component of the 
cables[5]. 

3.2 Design of the main beam 

The main bridge is an asymmetric hybrid steel-
concrete composite girder single-tower cable-
stayed bridge. The main beam of mid-span is a 
double-sided I-beam composite beam and the 
main beam of side-span is a concrete π beam.  

3.2.1 Design of composite beam 

The steel main beam adopts I-shaped steel longi-
tudinal beams, transverse beams and small longi-
tudinal beams to form a steel frame structure 
through gusset plates and high-strength bolts. The 
bridge deck is erected on the main beam and the 
shrinkage concrete wet joint is cast in place, form-
ing a whole system with the shear studs on the 
steel beam.  

The whole bridge is divided into 18 sections. The 
section of each steel longitudinal beam is an I-
shaped section with two longitudinal stiffeners 
arranged on the outside of the web. Concrete 
bridge deck is prefabricated in 4 pieces.  

Figure 4. Beam cross section of main span（Unit：cm） 

3.2.2 Design of concrete π-shaped beam 

Concrete main beam of side span adopts π-shaped 
concrete beam. The standard section of the side 
span main beam are as follows: the width of the 
rectangular side main beam is 2.3m and the top 
plate thickness is 30cm. The standard section of 
the secondary side span main beam are as follows: 
the width of the rectangular side main beam is 
2.8m and the top plate thickness is 32cm.  

3.2.3 Design of Bridge junction 

The connection between the concrete beam and 
the steel beam adopts the full-section connection 
bearing plate method and the steel cell is not ar-
ranged. In terms of structure, only the top and 
bottom plates are penetrated into the concrete 
beam section by 3.0m.The main beam concrete at 
the junction of the tower and beam is set with 
two 2.5m wide beams to be fixedly connected to 
the bridge tower and the transversal beam are 
flush with the bottom surface of the longitudinal 
beam[6].  
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Figure 5. Beam cross section of side span（Unit：cm） 

4 Analysis of overall mechanical 
characteristics 

4.1 Analysis of controlling factors of overall 
cable force 

Compared with other types of cable-stayed bridg-
es, the overall structure and mechanical proper-
ties of single-tower cable-stayed bridges are 
clearer and simpler. The deflection of a single-
tower cable-stayed bridge is relatively small com-
pared with the deflection of a double-tower under 
the action of a live load.  

But the bridge is asymmetrical hybrid steel-
concrete composite beam, which means the joint 
of the composite beam and the concrete beam is 
the stiffness change point of the main beam struc-
ture. At the same time, the bridge tower and the 
concrete main girder are fixedly connected, which 
will cause the difference between the lateral stiff-
ness and the longitudinal stiffness of the bridge to 
be too large. When the overall cable force is de-
termined, the distant cable force has already 
pulled up the bridge deck and even caused a large 
deformation. However, the dead load and stiff-
ness of the joint are relatively large due to the 
installation of the bridge tower transversal beam. 
The vertical contribution of the cable force is weak 
and the sudden change of stiffness causes local 
deformation[7].  

The joint of the tower and beam is the negative 
bending moment area of the structure. The cable 
force contribution is weak here. It is very likely 
that the cable force increases to a positive mo-
ment on the outside and there is still a negative 
moment in the fixed area of the root. And the 
bridge is a single-tower wide-width structure. The 

negative bending moment effect of the joint may 
be further increased[8].  

Figure 6. Deformation difference of tower and 
beam in joint 

Therefore, the mechanical characteristic of the 
joint is in a dangerous stage, which is the key con-
trolling factor for the determination of the overall 
cable force. It needs to be optimized. 

4.2 Determination method of cable force 
based on control factors 

In order to achieve the uniform distribution of the 
overall displacement state, the reasonable adap-
tation of the cable force of the mid-span and side-
span, the local structure of the joint section is 
optimized based on the above calculation results 
and combined with the force characteristics of the 
tower-beam joint section. The following three 
aspects of structural optimization measures are 
mainly adopted. 

(1) Raising the beam height. According to the
force characteristics of the single tower wide
structure, the bridge tower cross beam has the
obvious cantilever force characteristics. Therefore,
it is considered to increase the root height of the
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cross beam (Type-C beam) at the junction of the 
tower and beam by 1 m. The lateral stiffness is 
improved by forming a variable height form. 

(2) Adding transverse prestressing. Due to the
main problem of the combined section is that the
tensile stress of the roof caused by the lateral
negative bending moment is too large, the pre-
stress of the roof of the C-type beam is considered
to be increased.

(3) Adjusting cable force. In order to improve the
bending moment of the negative bending moment

region of the structure, the cable force near the 
tower column is considered to be appropriately 
increased. The cable number is from near to far 
according to the left and right sides of the bridge 
tower, with zt1 ~ zt18 on the left and BT1 ~ bt18 
on the right. 

The tensile force of stay cables in each construc-
tion process is optimized by finite element analy-
sis. And the final cable force of the corresponding 
cable is shown in Figures 9. 

Fig.10. Cable Force during First Tension and Second Tension (Unit: kN) 

4.3 Analysis of overall stress state 

4.3.1 Finite Element Analysis Model 

According to the structural parameters of the 
Huaihe River Bridge, the FEA model is established 
by Midas Civil as shown in Figure 14. 

Fig.14. Analysis Model of the Huaihe River Bridge 

In order to reasonably simulate the actual stress 
situation of composite beam segment structure, 
the main beam of composite beam segment is 
simulated by multi-beam form, and the side span 
concrete main beam is simulated by single beam 
form. The concrete bridge deck of the composite 
beam section is simulated by the grillage method. 
The concrete bridge deck is connected with the 

steel main beam by rigid connection, which can 
make it form a combined section with the steel 
main beam and small longitudinal beam[9]. 

4.3.2 Material Performance Parameters 

The concrete grade of main tower of Huaihe River 
Bridge is C50, and that of concrete bridge deck 
and side span concrete girder is C55. The steel 
grade of the steel girder is Q345qD. The tensile 
strength standard value of steel strand cable is 
1860 MPa, and the elastic modulus is 1.95×105 
MPa. The nominal diameter of single strand steel 
strand is 15.2 mm, the nominal area is 140 mm2.  

4.3.3 Load Action Parameters 

The effects of permanent and variable actions on 
the structure are mainly considered in this FEA 
model. 

In terms of gravity, the bulk density of concrete 
material is 26 kN/m3, and that of steel is 78.5 
kN/m3. The second stage dead load includes 
bridge deck pavement, anti-collision guardrail and 
so on. Taking 73.2kN/m and 25 kN/m respectively. 
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The days of shrinkage and creep are taken as 3650 
days. The average relative humidity is 70 %. The 
loading age of side span concrete girder is 14 days. 
The loading age of concrete bridge deck is 90 days, 
and the loading age of main tower is 30 days. 

Vehicle load, temperature load and wind load are 
applied in accordance with the above construction 
conditions and corresponding specifications [10]. In 
addition, during construction, the weight of each 
deck crane is considered at 80 t. 

4.3.4 Structural Analysis Result 

(1) According to the calculation results of the
model, the internal stress of the bridge structure
is as Table 1. It can be learnt from the result that

the bridge stress can meet the specification re-
quirements. 

Table 1. Structural internal stress in bridge com-
pletion stage (MPa) 

Maximum stress Tensile Compressive 
bridge tower  / 14.5 

side-span girder / 11.6 
bridge deck  / 14.8 
main girder  75 142.7 
longitudinal 

beam  88.9 147 

cross beam 83.5 77.6 

At the completed status of bridge, the cable force 
of each cable is shown as Figure 15. 

Fig.15. Cable Force in bridge completion stage (Unit: kN) 

(2) According to the model calculation results, the
ultimate stress of bearing capacity state is shown
in Table 2. It can be learnt from the calculation

result that the maximum stress is not exceeded 
the material design stress, which can meet the 
specification requirement  

Table 2. Ultimate stress of bearing capacity state 

Item (MPa) Main girder longitudinal beam Cross beam 

Maximum tensile stress of upper edge 82.3 150.9 57.2 

Maximum compressive stress of upper edge 244.6 171.4 125.8 

Maximum tensile stress of lower edge 128.4 79.8 113.7 

Maximum compressive stress of lower edge 211.4 209.0 29.6 

(3) According to the model calculation results, the
ultimate stress of normal service state is shown in
Table 3.

It can be seen from the Table 3 that there is no 
tensile stress in the concrete bridge tower and 
concrete girder of side span under the normal 

service state. Thus, there is no need for relevant 
crack resistance checking calculation. Tensile 
stress appears on the upper and lower edges of 
the concrete bridge deck (Figures 16-17), and 
crack resistance calculation is required. 
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Table 3. Ultimate stress of normal service state 

Maximum 
stress (MPa) Tensile Compressive 

Bridge tower / 13.9 

Main girder 
of side span / 11.5 

Bridge deck 7.8 17.6 

(a) Upper Edge

(b) Lower Edge

Fig.16. Stress Envelope Diagram of Concrete 
Bridge Deck under Standard Combination (Unit: 

MPa) 

According to the standard JTG 3362-2018[11], the 
maximum crack width of reinforced concrete 
members in type I environment (i.e., general envi-
ronment) should not exceed 0.20 mm. The maxi-
mum crack width of reinforced concrete members 
should be calculated as follows: 
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In this calculation, a row of HRB400 longitudinally 
loaded steel bars with a diameter of 25 mm were 
arranged at the upper and lower edges of bridge 
deck, and the spacing of steel bars was 100 mm. 
The long-term load crack width is 0.123 mm, 
which meets the requirements of the specification. 

(4) Main girder deflection

According to standard JTG 3365-01-2020[12], the 
maximum vertical deflection of steel-concrete 
composite beam of cable-stayed bridge under 
lane load (without impact force) should not be 
greater than l/400= 0.575 m. Under the action of 
lane load, the deflection calculation results of the 
main beam are shown in Figure 15. It can be seen 

that the maximum deflection value of the main 
beam is 0.242 m, which can meet the specification 
requirements. 

Fig.17. Maximum deflection of main girder under 
lane load (Unit: m) 

(5) Checking calculation of cable bearing capacity

According to standard JTG D64-2015[13], the ulti-
mate tensile bearing capacity of cables should 
meet the following requirements: 

γ0Nd/A≤fd=1260MPa 

The maximum stress value and checking calcula-
tion of each stay cable under the basic combina-
tion are shown as Figure 18. It can be learnt that 
the tensile bearing capacity of cable can meet the 
specification requirement. 

Fig.18. Stress compassion of stay cable (Unit: m) 

4.4 Analysis on stress state of combined 
section 

4.4.1 Model Establishment 

After the above cable force and structure optimi-
zation, the whole structure meets the stress re-
quirements. The finite element software ANSYS 
was adopted to establish the local analysis model 
of the combined section, and the local stress anal-
ysis of the consolidation area of the tower beam 
pier is carried out. 

In order to avoid the boundary effect, based on 
the previous local analysis model, the model is 
extended according to the Saint-Venant principle. 
Due to the main analysis object is range from 
18.25m of side span 15m of midspan, the model-
ing range is from 52m of side span to 60m of mid-
span, as shown in Figure 19. 
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Fig.19. Scope of local model of tower beam consol-
idation section 

The main tower, main beam and bridge deck are 
simulated by SOLID45 element, and the steel 
beam is simulated by SHELL63 element. BEAM4 
element is used to establish the force boundary of 
the rigid arm at the top of the tower and the end 
of the beam. The prestressed steel strand is simu-
lated by LINK8 spatial rod element, which is con-
nected with the concrete element by generating 
constraint equations. The prestressed load is ap-
plied by the temperature reduction method. The 
boundary condition at the bottom of the cap is 
constrained by consolidation. The load is applied 
according to the most unfavorable maximum neg-
ative bending moment condition of the tower root, 
which is the same as the whole bridge calculation. 
The longitudinal and transverse stresses under 
frequent combinations are checked. 

4.4.2 Calculation Result Analysis 

The longitudinal stress of the structure under fre-
quent combination after optimization is shown in 
Figure 20. It can be learnt that the longitudinal 
direction of the joint section is still in the basic 
compression state. The local tensile stress is lower 
than 0.4 MPa, which has little change before op-
timization. It can meet the crack resistance re-
quirements of prestressed concrete members of 
Type A. 

Fig.20. Longitudinal stress under frequent combi-
nation (Unit: Pa) 

Fig.21. Transverse stress under frequent combina-
tion (Unit: Pa) 

The transverse stress of the structure under the 
frequent combination after optimization is shown 
in Figure 21. Compared with the situation before 
optimization, the range and peak value of trans-
verse tensile stress at the upper edge of the con-
solidation section are significantly reduced. The 
tensile stress in most regions is below 0.4 MPa 
after optimization. The peak value of local tensile 
stress near the joint plane is not more than 2 MPa 
as well. It can meet the crack resistance require-
ments of prestressed concrete members of Type A 
from the aspect of tensile stress level and distribu-
tion. 

5 Conclusions 
The study is based on the Shouying Huaihe Bridge 
on the Hezhou Expressway. Three bridge schemes 
are compared and selected. The mechanical prop-

1094



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

erties of hybrid composite girder single-tower 
cable-stayed bridges are analyzed and studied. 
The joint structure of tower and beam is opti-
mized. The following conclusions are drawn: 

(1) According to the local construction conditions
and considering the economy, the steel box girder
arch bridge, the composite beam cable-stayed
bridge and the single-tower wide cable-stayed
bridge were compared and selected. The ad-
vantages of clear mechanical behaviour and econ-
omy of single-tower cable-stayed bridge are ob-
tained. And combined with the actual require-
ments of the project, the overall structure and
dimensions of the bridge are designed.

(2) The mechanical behaviour analysis of the hy-
brid girder cable-stayed bridge is carried out. The
mechanical characteristics of the single-tower
wide cable-stayed bridge are put forward. It is
clear that the mechanical property of the joint of
tower and beam is the controlling factor for the
determination of the overall cable force. The ra-
tionality of structural mechanical behaviour is
verified.

(3) The mechanical characteristics of the joint of
tower and beam are studied. Combined with the
mechanical characteristics of the bridge, a scheme
of increasing the beam height, the lateral pre-
stress and the tensile force of the cable in the
joint is proposed for optimization. Under the
structural frequent combination, the longitudinal
tensile stress of the joint of tower and beam is
below 0.4MPa. The transverse tensile stress can
also be controlled within 2MPa. Crack resistance
can meet the requirements of Class A component.
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Abstract 
This paper about bridge expansion joints of the modular type includes an introduction to the 
development of this type of expansion joint since its invention almost six decades ago. It also 
provides an insight into the current state-of-the-art technology in this field, including such 
innovations as the option of pre-equipping the joints with sensors for easy integration in a bridge’s 
automated monitoring system – thereby making the joints “smart” – and the option of designing 
the joints to be easily replaceable when the need arises – thereby minimising the associated costs 
and disruption to traffic. Considering the huge contribution of maintenance and replacement works 
to the life-cycle costs of a bridge’s expansion joints, the use of such options – combined with the 
design optimisations resulting from these decades of ongoing development work – enables the long-
term costs associated with a bridge’s expansion joints to be greatly reduced. 

Keywords: bridge; expansion joints; modular; installation, replacement; monitoring; life-cycle costs. 

1 Introduction 
The best modular expansion joints available today 
for use in bridge construction and maintenance 
bear little resemblance to the original that was 
invented in 1965, due to an ongoing process of 
development ever since. In fact, decades of 
experience with thousands of specimens on 
bridges all over the world have prompted 
continuous improvements. 

Such improvements are often aimed at maximising 
long-term performance and minimising life-cycle 
costs – very importantly, including those associated 
with replacement at the end of the expansion 
joint’s service life – considering the increasing 

awareness of these issues among bridge engineers. 
The current state of the inventor’s technology is 
described, with a focus on recent innovations such 
as the “smart” option of designing and pre-
equipping the joints with sensors of all sorts, 
enabling them to be optimally integrated in a 
bridge’s SHM system to optimise inspection and 
maintenance work. Another innovation that is 
likely to be increasingly valued in the coming years 
is the “quick exchange” option of designing the 
joints to be easily replaceable when they reach the 
end of their service life. 
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2 A brief history of the modular 
expansion joint 

The modular expansion joint was invented in 
Switzerland almost sixty years ago by a 
manufacturer of bridge bearings and expansion 
joints, and has been continually developed by the 
manufacturer ever since (Figure 1). 

Figure 1. The Tensa-Modular expansion joint, 
invented almost six decades ago to accommodate 

large bridge superstructure movements 

In essence, this type of expansion joint was 
developed from the much simpler single-gap 
expansion joint shown in Figure 2 (typically able to 
accommodate movements of about 80 mm), which 
consists of steel beams embedded in the edge of 
the superstructure at each side of the movement 
gap, connected by a rubber seal which blocks the 
gap for safety reasons and makes it watertight – 
thereby preventing deterioration (rusting, etc.) of 
the substructures beneath. The inventors of the 
modular expansion joint had the clever idea of 
combining a number of “single-gap joints” together, 
separated by steel “centerbeams” as shown in 
Figure 3, increasing the movement capacity 
accordingly. Since only the “edgebeams” at the 
joint’s outer extents can be embedded in the 
superstructure, the centerbeams must be 
supported in some other way. This challenge was 
solved by spanning “support bars” across the 
bridge’s movement gap, just below the 
centerbeams. Of course, the system had to be 
developed over time to optimally accommodate 
not just longitudinal open/closing movements of 
the bridge superstructure, but also transverse and 

vertical movements of one side of the movement 
gap relative to the other, and rotations about 
longitudinal, transverse and vertical axes (as 
illustrated in Figure 4). 

Figure 2. The Tensa-Grip single gap expansion 
joint, with steel “edgebeams” embedded in the 

superstructure and a connecting rubber seal 

Figure 3. The Tensa-Modular joint might be 
considered a “combination of single-gap joints” 

(here with six single gaps separated by five 
“centerbeams”) 

Figure 4. The modular joint required to be 
developed to accommodate triaxial movements 

and triaxial rotations 
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An important milestone in the development of the 
modular joint was the progression from a “rigid 
design” (e.g. as shown in Figure 5) to a “flexible 
design” (e.g. as shown in Figure 6) – in particular, 
with non-rigid sliding connections between the 
centerbeams and the support bars. Avoiding 
welded connections avoids compromising the 
fatigue strength of the steel members, and makes 
replacement of parts much easier.  

Figure 5. Early modular joint designs featured 
rigid, welded connections between centerbeams 
and support bars – reducing fatigue strength and 
making replacement of parts much more difficult 

Figure 6. Sliding springs and sliding bearings (red) 
– inside the stirrup connections between the

centerbeams and their support bars, and at the 
support bars’ interfaces with the main structures 
at each end – reduce the dynamic impact on the 
joint, making the expansion joint more durable 

At the same time, the gap widths are no longer 
strictly controlled by a rigid mechanism (e.g. as 
shown in Figure 7), but allowed to vary in a way 
that efficiently dissipates forces and prevents 

damage due to constraint forces – in the case of the 
joint type shown in Figures 1 and 3, thanks to the 
design shown in Figure 8, with pairs of rubber 
“control springs” controlling gap movements at 
each side of each centerbeam. 

Figure 7. The non-elastic mechanism controlling 
the distribution of movements among the gaps of 
this earlier expansion joint design keeps all gaps 

equal and can result in constraint forces 

Figure 8. The modern “elastic” control mechanism 
of this joint minimises fatigue loading of the joint 

and its parts, and prevents constraint forces 
arising (e.g. if a gap is blocked by a stone) 

Another key innovation in the development of this 
expansion joint type was the transition from the 
earlier design, introduced by the inventor in 1965, 
in which each support bar supported one 
centerbeam (multiple support bar system, as 
shown in Figure 5), to the current design, 
introduced in 1992, in which each support bar 
supports all centerbeams (single support bar 
system). This is made possible by the “stirrup 
connections” between the support bars and 
centerbeams, with the stirrup bolted to the 
underside of the centerbeam and surrounding the 
support bar with a sliding bearing (above the 
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support bar) and a sliding spring (below it) forming 
a prestressed sliding connection. This development 
results in a neater, more compact solution that 
uses less steel and makes installation considerably 
easier and less prone to problems (Figure 9). The 
earlier multiple support bar design results in much 
larger “triangular” boxes at each side of the joint as 
shown in Figure 10, which make placing of 
reinforcement, and concreting work (both above 
and beneath the boxes) more difficult and less 
reliable – potentially reducing durability.  

Figure 9. The “single support bar design” of this 
modular joint facilitates easy, reliable installation 

Figure 10. The “triangular” steel boxes at each side 
of this earlier modular joint design made placing 

of reinforcement steel, and concreting work (both 
above and beneath the boxes) more difficult 

A further critical development related to the sliding 
materials that are so important to the functioning 
and durability of any modular joint. Traditionally, 
PTFE was used, sliding along a stainless steel 
surface with a suitable bearing-quality grease. 
Nowadays, however, the state-of-the-art sliding 
material used in the joint type shown in Figure 3 is 
no longer PTFE but a modified UHMWPE such as 
that shown in Figure 10, which offers a number of 
advantages including vastly superior wear 
resistance, twice the strength, better temperature 
resistance and lower friction [1]. 

Figure 10. Close-up view of Robo-Slide, a modified 
UHMWPE sliding material (with grease dimples) 

Further examples of the many other developments 
made over the last almost six decades to optimise 
the design of this modular expansion joint type 
include the options of supplying the joint with 
noise-reduction features as shown in Figures 11 
and 12 [2], or with seismic protection features 
(designed to protect the joint and the bridge 
superstructure from destruction during an 
earthquake) as shown in Figure 13 [3]. 

Figure 11. A 5-gap modular joint of the type shown 
in Figure 3, equipped with noise-reducing “sinus 

plate” surfacing 

Figure 12. The “Robo-Mute” system shown here 
(partly hanging open during noise measurements) 
encloses the space beneath the expansion joint in 
order to minimise noise transmission from here 
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Figure 13. The “Fuse-Element” near the middle of 
this 24-gap joint of the Longjiang Bridge in China 
enables it to facilitate the additional 700 mm of 

movement that could arise in a design earthquake 

Not to be underestimated, of course, is the 
laboratory testing required to prove the long-term 
performance and reliability of any particular 
modular joint type. This testing can be very 
extensive and extremely demanding, as 
demonstrated by some of the testing – especially 
fatigue testing as shown in Figure 14 – to which the 
type shown in Figure 3 has been subjected [4] [5]. 

Figure 14. Fatigue testing (in the infinite life 
regime) of the modular joint type shown in Figure 
3 – one of the ten specimens required to be tested, 

each subjected to six million load cycles 

The recent history of the development of the type 
of modular joint shown in Figure 3 – over a period 
of more than two decades – can be viewed in 
Nanjing, the host city of the current IABSE Congress. 
This metropolis of nine million people on the 
mighty Yangtze River has five bridges crossing the 
river, and the most recently built four of these five 
bridges were equipped with modular joints of this 
type – see Figures 15 to 23 below. 

Figure 15. The 2nd Nanjing Yangtze Bridge, 
equipped in the year 2000 with modular joints 

Figure 16. The joints of the 2nd Nanjing Yangtze 
Bridge (2000) each have 20 individual movement 
gaps to accommodate movements of 1600 mm 

Figure 17. Underside of an expansion joint of the 
2nd Nanjing Yangtze Bridge, showing its “single 
support bar design” and its control mechanism  
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Figure 18. The 3rd Nanjing Yangtze Bridge, 
equipped in 2005 with modular joints of the type 
shown in Figure 1 featuring the newly developed 

UHMWPE sliding material shown in Figure 10 

Figure 19. The joints of the 3rd Nanjing Yangtze 
Bridge (2005), with 13 gaps for movements of 

1040 mm, were fabricated at the manufacturer’s 
factory in Austria and partly assembled on site 

Figure 20. The 4th Nanjing Yangtze Bridge (2012), 
with modular joints of the type shown in Figure 3 

Figure 21. The joints of the 4th Nanjing Yangtze 
Bridge (2012), each with 19 individual movement 

gaps for movements of 1520 mm 

Figure 22. The 5th Nanjing Yangtze Bridge (2020), 
with modular joints of the same type 

Figure 23. This picture of a joint of the 5th Nanjing 
Yangtze Bridge during installation shows its anti-

skid surfacing and the trapezoidal shape of its 
support bar boxes to allow large transverse 

movements 
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3 Life-cycle costs – the key factor 
motivating further developments 

A bridge’s expansion joints are generally 
considerably lighter and less robust that the main 
structure on which they are installed, but must 
nonetheless facilitate deck movements and 
rotations while subjected to dynamic, fatigue-
inducing loading from traffic. For example, the 
expansion joints of a bridge that is crossed by 
50,000 vehicles a day will be subjected to well over 
a billion axle loads, or mini-impacts, during a 40-
year service life, as well as an enormous number of 
opening and closing movements. This explains why 
bridge expansion joints typically have a service life 
that is much shorter than that of the main structure, 
and therefore why replacement becomes 
inevitable in most cases – perhaps a number of 
times during the main structure’s service life. 

Of course, expansion joint replacement works cost 
money and can have a strong impact on traffic. In 
fact, a very substantial part of the total life-cycle 
costs of a bridge’s expansion joints is due to direct 
replacement costs and associated user costs during 
replacement work. It has been concluded that, 
when these are combined with the costs of 
maintenance and repair of poorly performing joints, 
they make the initial costs of expansion joint supply 
and installation “insignificant” in this context [6]. 

Therefore, there is a strong justification for 
investing in expansion joint technologies that can 
improve the quality, reliability and cost-
effectiveness of inspection work, and that can 
make the inevitable replacement works easier and 
less costly, with less impact on the bridge structure 
and on the bridge’s users.  

Two major developments in the technology of the 
type of modular joint shown in Figure 3, which 
contribute strongly to optimising life-cycle costs by 
enhancing inspection and replacement capabilities, 
are described in the following sections. 

4 The “smart” innovation that makes 
inspection and maintenance work 
more efficient and more reliable 

The potential benefits of using structural health 
monitoring (SHM) systems in measuring and 
recording data of all sorts are well established [7], 
especially in relation to the ways these systems can 
be used to optimise inspection and maintenance 
work (e.g. as illustrated by Figure 24). But the 
efficiency and effectiveness of such systems 
depends on how they are applied – for instance, in 
terms of sensor types and locations on the 
structure. Considering that the most important 
data required generally includes superstructure 
movements, which can easily be measured at the 
expansion joints, and considering also the critical 
importance of the same expansion joints, which are 
less robust and therefore more susceptible to 
damage and deterioration than the main structure, 
it is often sensible to base the design of a 
monitoring system on data from the expansion 
joints. Developing technology now allows for the 
integration of appropriate sensors in an expansion 
joint during fabrication (e.g. as shown in Figure 25), 
reducing effort and risk on site, and can even 
enable a suitably configured system to 
automatically detect possible damage or 
deterioration based on vibrations only (see Figure 
26) [8].

Figure 24. An SHM system regression model 
showing displacement data, before (above) and 

after (below) elimination of environmental effects, 
making any deviations easily identifiable 
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Figure 25. Pre-integration of sensors, such as this 
ultrasonic displacement sensor, in a joint’s design 

and fabrication reduces effort and risk on site 

Figure 26. An accelerometer at the location of a 
temporarily removed stirrup on a “smart” modular 
joint during fault simulation and vibration analysis 

5 The option of designing expansion 
joints to be easily replaceable 

Since a very large proportion of the total life-cycle 
costs of a bridge’s expansion joints over the life of 
the bridge relate to the direct and indirect costs 
arising when the joints need to be replaced [6], an 
expansion joint design that will facilitate easy 
replacement, when the time comes, can be 
expected to reduce life-cycle costs substantially. 
Traditionally, installation of a new joint on an 
existing structure required an existing joint to be 
completely removed, with breaking out of deck 
material (concrete etc.) and subsequent 
reconstruction of the connecting superstructure 
complete with waterproofing membrane. A way of 
reducing effort, time and disruption to traffic, by 
retaining the permanently fixed (e.g. concreted-in) 
parts of the existing joint (the so-called “box-in-box” 
method [9]) is shown in Figures 27 and 28.  

Figure 27. When a modular joint must be replaced, 
disruption to traffic and impacts on the structure 
can be reduced using the “box-in-box” method, 

retaining most of the concreted-in steelwork 

Figure 28. The “box-in-box” method of modular 
joint replacement involves placing a new 

mechanical structure in the retained “boxes” at 
each side of the joint – and requires some cutting, 

removal and reconstruction work 

However, if the existing joint has been designed to 
facilitate easy renewal – the so-called “Quick-Ex” 
(quick exchange) approach as shown in Figures 29 
and 30 – the time and effort required when the 
time comes to renew the joint will be very much 
reduced [9]. The design of a “Quick-Ex” modular 
joint will enable the main mechanical structure, 
consisting primarily of the centerbeams that form 
the driving surface and the support bars beneath, 
to be easily replaced without any need for cutting 
or welding on the joint or any impact on the main 
structure. It will not be necessary to break out 
concrete, cut steel, damage asphalt or affect 
waterproofing, and therefore placing of these 
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materials to reconstruct the deck will also not be 
required. The moving parts of the joint are simply 
unscrewed, lifted out and replaced as a package – 
far more quickly than would otherwise be possible 
and with an absolute minimum of impact on traffic. 

Figure 29. The “Quick-Ex” design feature enables 
the joint’s mechanical structure (centerbeams and 

support bars etc.) to be easily replaced 

Figure 30. A joint with the “Quick-Ex” design 
feature can be easily replaced following 

unscrewing of the steel plates along both sides 

6 Conclusions 
When selecting and specifying modular expansion 
joints for use in a bridge structure, careful attention 
should be paid to the life-cycle costs associated 
with the bridge’s expansion joints. The use of an 
expansion joint solution that has been developed 
over many years to optimise all aspects of its design 
and fabrication, and that offers such optional 
features as integrated SHM sensors or a “quick 
exchange” capability, can make a very significant 
contribution to minimising these life-cycle costs. 
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Abstract
The modern polyurethane-based flexible plug expansion joint is vastly superior to the traditional 
asphaltic-type flexible plug joint, as has been shown by extensive laboratory testing and years of 
experience under traffic on many bridges. The advantages offered by the PU-based version include 
its great strength and elasticity (with the material allowing 650% elongation before failure), its 
resistance to both very low and very high temperatures, and the special advantages it offers when 
used to replace old small-movement joints in existing structures. These advantages relating to 
installation on existing, heavily trafficked structures have now been enhanced by recent 
prefabrication innovations that make installation even quicker and easier, thereby further reducing 
the impact on traffic. The expansion joint type and these recent innovations are described, with 
reference to their first applications on some of Shanghai’s busiest city expressways. 

Keywords: expansion joint; polyurethane; flexible plug; fast installation; city applications. 

1 Introduction 
When a bridge’s expansion joints require to be 
replaced – as they inevitably will, considering the 
constant loading and stresses/movements to 
which they are subjected from vehicle wheels and 
superstructure movements – the selection of the 
expansion joint solution that will be used to replace 
the existing joints is worthy of careful 
consideration. Of course, such a project comes at a 
significant direct financial cost (typically at least 
several times higher than the cost of supply and 
installation of the bridge’s original expansion 
joints), and the indirect costs relating to traffic 

disruption etc. can be even higher than the direct 
costs [1]. Such expansion joint replacement work 
can additionally have a negative impact on the 
bridge’s structural integrity, where concrete, steel 
or waterproofing membrane also requires to be 
broken out and replaced.  

Various expansion joint solutions have been 
developed to minimise the impacts on the bridge 
structure, and on traffic, by minimising the amount 
of the existing structure that needs to be removed 
and replaced [2]. Such solutions typically also 
reduce the direct financial costs of the project, and 
the environment impact, by reducing the materials, 
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effort and time needed. One such solution, for 
small movement applications (typically up to about 
100 mm or more for light traffic) is the modern 
polyurethane (PU) flexible plug joint shown in 
Figure 1. The expansion joint type and the benefits 
it offers are outlined in Section 2 below, and recent 
innovations to make it even quicker and easier to 
install are described in Section 3. 

Figure 1. The Tensa-Polyflex flexible plug joint 
provides a durable, perfectly smooth surface for 

road vehicles, bicycles and pedestrians  

2 The Tensa-Polyflex flexible plug 
expansion joint and its benefits 

This modern alternative to the traditional asphaltic 
plug expansion joint retains all of the benefits, 
including smooth, safe, low-noise surface, great 
adaptability and easy installation, but with greatly 
improved reliability, strength, elasticity and 
durability. It can typically be placed within the 
depth of a road’s asphalt surfacing and requires 
minimal removal of the existing structure in case of 
an expansion joint replacement – greatly reducing 
installation time and impacts on the bridge’s 
structural integrity. The short curing time of the 
material used to form the flexible surface also helps 
to minimise impacts on traffic. Impacts on traffic 
can be yet further reduced by installing the joint in 
sections, e.g. one lane at a time – a process that is 
supported by the ability of the flexible material to 
bond strongly with already-cured material of the 
previous installation stage. A typical design of this 
type of joint, with a polyurethane surface, is shown 
in Figure 2. The installation process is illustrated by 
the images in Figures 3 to 6, and further details of 
the joint’s characteristics and installation, and the 
testing to which it has been subjected, are provided 
by Meng et al [3].

Figure 2. Representation of the design of the type of flexible plug expansion joint shown in Figure 1, with a 
polyurethane (PU) surface 

1106



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Figure 3. Installation to replace an existing joint of 
any type is simplified by the fact that the new joint 

can typically be placed within the depth of a 
bridge’s surfacing, avoiding the need to break out 

(and replace) concrete or steel 

Figure 4. Placing of the quick-curing flexible 
material of a new expansion joint to form a 

perfectly smooth driving surface for vehicular, 
cycle and pedestrian traffic 

Figure 5. The flexible material used to form the 
surface offers exceptional geometrical flexibility 

Figure 6. The expansion joint has the strength and 
durability needed for even the most demanding 
applications, such as longitudinal highway joints 

Thanks to the various benefits offered by the use of 
this type of flexible plug expansion joint – such as 
its quietness under traffic, in particular – the 
responsible engineers of the Shanghai City 
Expressways companies decided in 2020 to use it 
on a number of highway structures across its 
network, such as that shown in Figure 7. In 
discussions with the client’s engineers, ways of 
optimising the installation process yet further were 
explored. Two specific challenges were identified: 

i. Difficulties due to improper concreting work
in forming the recess for the joint

The joint’s flexible surfacing material is normally 
poured into a concrete recess with precise 
dimensions, but the fast pace of modern concrete 
bridge construction can result in recess conditions 
that are not as specified. This can necessitate time-
consuming adjustments of the concrete recess or 
installation of a mortar bed before installation of 
the new expansion joint. 

ii. The need to carry out installation work as
quickly as possible, including minimising
delays due to adverse weather conditions

Since there is generally pressure to open the bridge 
to traffic as soon as possible after the expansion 
joint installation work is completed, it is necessary 
to ensure that the work is done as quickly as 
possible, with minimal risk of delays due to bad 
weather or other factors that are beyond the 
control of the contractor. 
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Figure 7. The Tianmu Road section of Beiheng 
Expressway – one of the latest Shanghai City 

Expressway structures to have been fitted with 
Tensa-Polyflex flexible plug expansion joints 

Two solutions were proposed by the expansion 
joint manufacturer to address these challenges, as 
described in Sections 3 and 4 below. 

3 First innovation – preassembly of 
gap cover plate elements 

Since the original method of placing the cover plate 
to span the bridge movement gap, and ensuring its 
proper sliding and functioning, was relatively time-
consuming – thereby making the whole installation 
process longer and more dependent on the 
weather – the cover plate detail was, as a first step, 
updated. This modified gap cover plate solution 
was then preassembled to form easy-to-install 
units as shown in Figure 8.  

This innovation enables the gap covering units to 
be quickly and easily placed in a rough concrete 
recess, into which concrete is then poured to fill up 
all gaps and voids relatively easily, forming a 
perfect base before the flexible material is poured 
on top to form the driving surface. 

The implementation of this first innovation on the 
Shanghai City Expressways project is illustrated in 
Figures 9 to 12 below. 

Figure 8. Preassembly of the newly developed gap 
covering solution in easy-to-install units (here 

showing three units, the middle one upside-down) 

Figure 9. Use of the new preassembled gap cover 
plate units to accelerate the joint installation 

process and help overcome concreting challenges 
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Figure 10. Pouring of the flexible surfacing 
material in two stages – before and after placing 
of the reinforcement bars – following pouring of 

concrete beneath the cover plate units 

Figure 11. View of the Tianmu Road section of the 
Beiheng Expressway in Shanghai during 

installation of one expansion joint 

Figure 12. A new expansion joint of the Beiheng 
Expressway following completion of installation 

4 Second innovation – prefabrication 
of complete slab elements 

To further optimise the installation process, 
making it even quicker and less likely to be delayed 
by bad weather or other unforeseen circumstances, 
a preassembly process was applied to the 
expansion joint as a whole rather than just to the 
gap cover plate part, as shown in Figures 13 to 17 
below. With slab units prefabricated in factory 
conditions – efficiently and with maximum quality 
control – the installation work on site is essentially 
limited to lifting the slab units into position in the 
rough concrete recess, pouring concrete to fill the 
void beneath them, and pouring fresh PU material 
to join the slab units together. 

Figure 13. Prefabrication of slab units in controlled 
factory conditions accelerates the installation 

programme and maximises quality control 

Figure 14. Lifting of prefabricated slab units into 
the rough concrete recess using light equipment 
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Figure 15. Prefabricated slab elements as installed 
and aligned, ready for concrete to be poured 

Figure 16. Placing of fresh PU material to fill the 
gaps between the slab units, connecting them 

together to form a continuous flexible strip 

Figure 17. A fully installed joint under traffic 
following installation using this new method 

5 Conclusions 
Thanks to the innovations developed in the context 
of recent projects to supply and install expansion 
joint solutions for Shanghai City Expressways, the 
benefits that can be gained from using the flexible 
plug expansion joint described in this paper are 
further optimised and improved.  

Perhaps most importantly, the installation time on 
site is shortened considerably, helping to 
accelerate time-sensitive construction projects and 
to avoid delays to opening the bridge or viaduct 
structures to traffic.  

As well as making this acceleration of work on site 
possible, the prefabrication in the factory also 
helps avoid quality control issues, since most of the 
work that requires skill and care can be done in a 
factory rather than on a bridge construction site. 
This also reduces the need for construction 
workers with particular flexible plug expansion 
joint installation skills to be employed on site to 
carry out the installation work. 

By moving much of the work to the factory where 
it can be done without time pressure, the 
installation schedule also becomes far more 
independent of the weather and other factors over 
which the contractor has little or no control.  

The new innovations also make the installation 
process far less dependent on the dimensions of 
the recess (very often outside tolerances) in which 
an expansion joint is being placed, thereby avoiding 
the need to pour a perfect mortar bed – further 
reducing the time and money required. 

Although the motivation for these innovations was 
to optimise and accelerate installation time on new 
highway structures, the resulting benefits will 
generally be even more significant on projects 
where the expansion joints of existing road 
structures require to be replaced – where 
disruption to traffic while the work is carried out 
must be predictable, and where such disruption 
must be kept to an absolute minimum. The 
innovative prefabricated Tensa-Polyflex flexible 
plug expansion joint is thus an ideal solution for 
many such situations. 
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Abstract 
In order to reduce the weight of prefabricated cover girders and solve the construction problem 
that it is difficult to realize one-time prefabricated assembly of large cantilever concrete cover 
girders, urban viaducts usually use large cantilever prestressed concrete cover girders. Taking a 
2×30m simply-supported girder bridge as the superstructure, the paper proposes a precast 
longitudinal split type cover girder, and uses the large general finite element analysis software 
WISEPLUS to establish a finite element model to simulate and adjust the structural structure, 
prestressing distribution, and construction stage division of each cover girder (single 1,0m, 0,9m, 
0,8m), and the cover girder under this design method in the construction stage and The design 
method is used to verify the feasibility and reasonableness of the design scheme, and to provide 
methods and references for similar designs. 

Keywords: large cantilevered cap girder; prefabricated assembly; simply supported girder bridge; 
longitudinal splitting; WISEPLUS; finite element analysis. 

1 Introduction 
In recent years, Shanghai has taken the 
development of assembled buildings as a key task 
to promote the construction of ecological 
civilization, to promote the transformation and 
upgrading of the construction industry, and to build 
a green and livable city, and has been increasing its 
promotion efforts. Especially with the further 
promotion of the double carbon goal, the 
development of assembled buildings is imminent. 
As an essential building in the city, the assembly 
process of viaducts has also attracted much 
attention. Since urban viaducts usually use large 
cantilevered prestressed concrete cover girders, 
which usually have a self-weight of 200~400 t. In 
order to meet the requirements of assembly, it is 
necessary to reduce the weight of one-time lifting 

cover girders. In this paper, we propose precast 
longitudinal split type cover beam to solve the 
construction problem that large cantilever 
concrete cover beam is difficult to realize one-time 
precast assembly. 

This paper intends to investigate the reinforcement 
of precast longitudinal split-piece cover beam, 
which has been studied more by many scholars in 
China so far. A research team from the School of 
Civil Engineering, Hunan University proposed a 
fully precast lightweight pre-stressed ultra-high 
performance concrete (UHPC) large cantilever thin-
walled cap beam structure with about 40% 
reduction in self-weight.[1] Yuan Zihua, a member 
of China Railway 22nd Bureau Group 4th 
Engineering Co., analyzed the installation 
technology of prefabricated cover girders for urban 
expressway assembled viaducts.[2] A research team 
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from Zhejiang Digital Intelligence Jiaoyuan 
Technology Co., analyzed and studied the key 
technology for the design of super-large 
prefabricated assembled cover beams.[3] 

In this paper, a 2x30m simply-supported girder 
bridge is taken as an example to design the 
reinforcement of its lower large cantilevered cover 
girder. The force analysis of the cover girder under 
this design method is carried out in the 
construction stage and the bridge completion stage, 
and the relevant contents of the current highway 
and construction industry codes are checked and 
calculated respectively to verify the feasibility and 
reasonableness of this design scheme and provide 
methods and reference for similar designs. 

2 Precast longitudinal split-piece 
cover beam 

The cover beam (Figure 1) has a total length of 
32,15m, a cantilever of 11,475m, a root height of 
3m and an end height of 1,5m, and the material is 
C50 concrete. Since the cover beam is a large 
cantilever, considering the difficulty of 
prefabrication and assembly, the longitudinal 
division of the cover beam is chosen to be two 
pieces, divided into three sizes of 1,0m, 0,9m and 
0,8m (Figure 2-4). The center of the two cover 
beams matched with the center of the bearing, and 
no connection was set between the cover beams. 

Figure 1. Cover beam elevation 

Figure 2. Cover beam cross section (1,0m) 

Figure 3. Cover beam cross section (0,9m) 

Figure 4. Cover beam cross section (0,8m) 

2.1 A 2x30m simply supported beam 
(superstructure) 

The superstructure adopts 2x30m concrete simple-
supported girder bridge, with symmetrical left and 
right widths, full width 33m, and 14 supports in 
cross section. The specific section size is shown in 
Figure 5, and the T-girder is made of C50 concrete. 

Now the modelling is carried out by large general 
finite element analysis software WISEPLUS, and 
this time the assembled concrete bridge module of 
WISEPLUS is used. The longitudinal bars of the 
intelligently generated model match perfectly with 
the bearing positions, so 14 live load loading lines 
are set up, thus establishing the live load loading 
surface (Figure 6). (Since the object of this study is 
the cover beam, the pre-stressed and common 
reinforcement are not considered in the 
superstructure. ) 

2.2 Reinforcement design 

2.2.1 Design specifications 

According to the Specification for Design of 
Highway Reinforced Concrete and Prestressed 
Concrete Bridges and Culverts (JTG 3362-2018)[4] , 
as for Class A pre-stressed concrete members, the 
concrete tensile stress in the positive section of 
pre-stressed concrete flexural members shall 
satisfy the following equation. 

𝜎𝜎𝑠𝑠𝑠𝑠 − 𝜎𝜎𝑝𝑝𝑝𝑝 ≤ 0.70𝑓𝑓𝑠𝑠𝑡𝑡      (1) 

Note: 𝜎𝜎𝑠𝑠𝑠𝑠  means the normal tensile stresses in 
concrete at the edge of the member's cracking test 
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Figure 5. Simply supported girder bridge 

Figure 6. Simply supported girder bridge finite element model 

section under the action of a combination of 
frequent encounters; 𝜎𝜎𝑝𝑝𝑝𝑝  means the pre-
compressive stress of concrete produced at the 
edge of the cracking resistance test of the member 
by the preload after deducting all the preload 
losses; 𝑓𝑓𝑠𝑠𝑡𝑡 means the standard value of axial tensile 
strength of concrete. 

With regard to the uncracked members, the 
compressive stress of concrete in the positive 
section of pre-stressed concrete flexural members 
in the use phase shall meet the following equation. 

𝜎𝜎𝑡𝑡𝑝𝑝 − 𝜎𝜎𝑝𝑝𝑠𝑠 ≤ 0.50𝑓𝑓𝑝𝑝𝑡𝑡      (2) 

Note: 𝜎𝜎𝑡𝑡𝑝𝑝 means the normal compressive stress of 
concrete at the edge of the cross-section under the 
standard combination of action; 𝜎𝜎𝑝𝑝𝑠𝑠  means the 
normal tensile stress of concrete generated by the 
preload; 𝑓𝑓𝑝𝑝𝑡𝑡  means the standard value of axial 
compressive strength of concrete. 

Concerning the compressive stress under transient 
conditions, the normal stress of pre-stressed 
concrete should fulfill the following equation. 

𝜎𝜎𝑝𝑝𝑝𝑝𝑠𝑠 ≤ 0.70𝑓𝑓′𝑝𝑝𝑡𝑡        (3) 

Note: 𝜎𝜎𝑝𝑝𝑝𝑝𝑠𝑠  means the compressive stress of 
concrete at the edge of the pre-compression and 
pretension zones of the section when calculated by 
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transient condition; 𝑓𝑓′𝑝𝑝𝑡𝑡  means axial compressive 
strength of concrete cubes at each construction 
stage (fabrication, transportation and installation). 

2.2.2 Specific design 

Considering that the cover beam is solidly bonded 
to the bridge pier and its static number is small, the 
estimation is roughly done by using the flat section 
assumption. The upper and lower boundaries of 
the prestressing bundles are controlled according 
to equations (1) and (2) by deriving the stresses at 
the upper and lower edges of the frequently 
encountered combinations and the standard 
combinations of the cover girders before the 
bundles are fitted. Because the construction 
method uses one-time prefabricated assembling, 
the prestressing bundles should be through-length 
bundles. 

The following is an example of the reinforcement 
allocation process for a single 1,0m cover beam. 
The center line of the cover beam is used as the 
reference line and the eccentricity (ep) is positive 
with upward (Figure 7). According to the standard, 
the tensile and compressive stresses at the upper 
and lower edges are to be considered. In addition, 
the action effect is divided into maximum and 
minimum values after the combination with live 
load in WISEPLUS. Therefore, the maximum (small) 
compressive (tensile) stress at the upper (lower) 
edge should be considered, for a total of 8 stress 
indicators. Tensile stress is positive and 
compressive stress is negative in WISEPLUS. 

Figure 7. Eccentric distance diagram 

In relation to top edge compressive stress, the 
control equation should be the following equation. 

𝑁𝑁
𝐴𝐴

+ 𝑁𝑁𝑒𝑒𝑝𝑝
𝑊𝑊

− 𝜎𝜎𝑠𝑠𝑝𝑝 ≤ 0.50𝑓𝑓𝑝𝑝𝑡𝑡   (4) 

Pertaining to top edge tensile stress, the control 
equation should be the following equation. 

−�𝑁𝑁
𝐴𝐴

+ 𝑁𝑁𝑒𝑒𝑝𝑝
𝑊𝑊
� + 𝜎𝜎𝑠𝑠𝑠𝑠 ≤ 0.7𝑓𝑓𝑠𝑠𝑡𝑡       (5) 

With respect to bottom edge compressive stress, 
the control equation should be the following 
equation. 

𝑁𝑁
𝐴𝐴
− 𝑁𝑁𝑒𝑒𝑝𝑝

𝑊𝑊
− 𝜎𝜎𝑏𝑏𝑝𝑝 ≤ 0.50𝑓𝑓𝑝𝑝𝑡𝑡   (6) 

As for bottom edge tensile stress, the control 
equation should be the following equation. 

−𝑁𝑁
𝐴𝐴

+ 𝑁𝑁𝑒𝑒𝑝𝑝
𝑊𝑊

+ 𝜎𝜎𝑏𝑏𝑠𝑠 ≤ 0.7𝑓𝑓𝑠𝑠𝑡𝑡    (7) 

Note: 𝜎𝜎𝑠𝑠𝑝𝑝  means the compressive stresses at the 
upper edge; 𝜎𝜎𝑠𝑠𝑠𝑠  means upper edge tensile stress; 
𝜎𝜎𝑏𝑏𝑝𝑝  means the compressive stress at the lower 
edge; 𝜎𝜎𝑏𝑏𝑠𝑠  means the tensile stress at the lower 
edge; 𝐴𝐴 means the cross-sectional area; 𝑊𝑊 means 
the cross-sectional modulus. 

From Eqs. (4)-(7), it can be seen that both N and ep 
are unknown quantities. Now assume that N is 
known and ep is unknown. Since only the bundle 
boundary is considered, all inequality signs can be 
ignored. In order to optimize the reinforcement 
allocation, the control stress (i.e., the right end of 
Eqs. (1) and (2)) is made to be 0. Thus, Eqs. (4)-(7) 
can be transformed to the following equations. 

𝑒𝑒𝑝𝑝 = 𝑊𝑊
𝑁𝑁

× (𝜎𝜎𝑠𝑠𝑝𝑝 −
𝑁𝑁
𝐴𝐴

)      (8) 

𝑒𝑒𝑝𝑝 = 𝑊𝑊
𝑁𝑁

× (𝜎𝜎𝑠𝑠𝑠𝑠 −
𝑁𝑁
𝐴𝐴

)      (9) 

𝑒𝑒𝑝𝑝 = 𝑊𝑊
𝑁𝑁

× (−𝜎𝜎𝑏𝑏𝑝𝑝 + 𝑁𝑁
𝐴𝐴

)        (10) 

𝑒𝑒𝑝𝑝 = 𝑊𝑊
𝑁𝑁

× (−𝜎𝜎𝑏𝑏𝑠𝑠 + 𝑁𝑁
𝐴𝐴

)       (11) 

At each change of N, the ep changes as well. The 
theoretical beam boundaries for each change can 
be obtained by Excel (Figure 8-9). By importing the 
beam boundaries in AutoCAD, the line shape of 
the ideal pre-stressed tendon can be drawn. After 
the line shape is imported into WISEPLUS, the 
internal forces are recalculated. The line shape of 
the pre-stressed tendons is adjusted according to 
the effect values of the frequency and standard 
combinations, and finally a general line shape is 
obtained (Figure 10). The construction stages are 
divided according to the construction sequence of 
the superstructure, specifically into precast girder 
construction, transverse wet joint construction, 
and bridge deck construction. The pre-stressed 
tendons are assigned to each construction stage, 
and the compressive stress in the transient state  
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Figure 8. Single 1,0m cover beam bundle boundary (N=17,451kN) 

Figure 9. Single 1,0m cover beam bundle boundary (N=19,391kN) 

A-Minimum compressive stress at the top edge B-Minimum tensile stress at the top edge

C-Maximum compressive stress at the top edge D-Maximum tensile stress at the top edge

E-Maximum compressive stress at the bottom edge   F-Maximum tensile stress at the bottom edge

G-Minimum compressive stress at bottom edge H-Minimum tensile stress at bottom edge

I-Lower boundary of cover beam
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Figure 10. Single-piece 1,0m cover beam pre-stressed tendon line 

Figure 11. Single-piece 0,9m cover beam pre-stressed tendon line 

Figure 12. Single-piece 0,8m cover beam pre-stressed tendon line 

Table 1. Specification and quantity of pre-stressed tendons(1,0m) 

Batch Number Form Tension 
method 

Tension  
control stress Specification Number of 

bundles 
Number of 

roots 
MPa 

First N1-1 Through-length 
bundle 

Tensioning at 
both ends 1395 φ15.24-20 3 60 

Second N2-1 Through-length 
bundle 

Tensioning at 
both ends 1395 φ15.24-18 4 72 

Table 2. Specification and quantity of pre-stressed tendons(0,9m) 

Batch Number Form Tension 
method 

Tension  
control stress Specification Number of 

bundles 
Number of 

roots 
MPa 

First N1-1 Through-length 
bundle 

Tensioning at 
both ends 1395 φ15.24-15 3 45 

Second N2-1 Through-length 
bundle 

Tensioning at 
both ends 1395 φ15.24-18 6 108 
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Table 3. Specification and quantity of pre-stressed tendons(0,8m) 

Batch Number Form Tension 
method 

Tension 
control stress Specification Number of

bundles 
Number of 

roots 
MPa 

First N1-1 Through-length 
bundle 

Tensioning at 
both ends 1395 φ15.24-21 4 84 

Second N2-1 Through-length 
bundle 

Tensioning at 
both ends 1395 φ15.24-22 2 44 

Figure 13. Cross-sectional stress with pre-stressed steel (1,0m) 

Figure 14. Cross-sectional stress with pre-stressed steel (0,9m) 
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Figure 15. Cross-sectional stress with pre-stressed steel (0,8m) 

cannot exceed 0.7𝑓𝑓′𝑝𝑝𝑡𝑡. The ordinary 
reinforcement is assigned based on the 
construction requirements. For single 0,9m and 
0,8m cover girders, the same method is used for 
reinforcement allocation, and the corresponding 
line shapes can be obtained (Figure 11-12). 

2.3 Verification 

According to the relevant contents of the current 
highway and construction industry codes, all three 
designs (Table 1-3) of reinforcement meet the 
requirements. The specific internal forces before 
and after reinforcement are shown in Figure 13-15. 

3 Conclusions 
In this paper, a prefabricated longitudinal split-
piece cover beam is proposed, the reinforcement 
design and finite element analysis are completed, 
and the main conclusions are obtained as follows. 

1) A new structural form, the prefabricated
longitudinal split-frame cover beam, is
proposed. This structure reduces the weight of 
one lifting cover beam, meets the demand of
assembled construction, and solves the
problem that it is difficult to prefabricate and
assemble large cantilever cover beams of
urban viaducts at one time.

2) Preliminary reinforcement simulation design
using EXCEL was used to determine the bundle 
boundaries of the prestressing tendons. A
prestressing tendon line type was finally used
to complete the design of prestressing

tendons, which provided more convenience 
for construction. 
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Research on Sectional Optimization Design of Fabricated Bent Cap of 
Urban Viaduct  
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China Design Group, Nanjing,China 

Contact: 174921478@qq.com 

Abstract 
With the rapid development of national transportation infrastructure, viaduct has been widely used 
in the construction of urban expressway. The prefabricated bridge scheme has significant 
advantages in such areas as traffic organization, construction period and environmental protection. 
Taking a project under construction in Jiangsu as an example, this paper compares and analyzes the 
impact of various bent cap segmental forms on the project construction, and provides for 
optimization design schemes, with the aim of providing reference for the design of Urban Viaduct 
of similar type in the future. 

Keywords: fabricated bent cap; subsection; optimization design. 

1 Development status of bridge 
assembly technology domestically 
and abroad 

In recent years, with the strengthening of the green 
construction concept, prefabricated bridges have 
the characteristics of standardized design, 
industrial construction, short construction period, 
strong traffic protection ability and environment-
friendly. They are widely used in the field of Urban 
Expressway Viaduct. The superstructure, lower 
bent cap, pier column, pile foundation and other 
components of the bridge are prefabricated in the 
factory according to the design size and 
reinforcement mode. After various components 
are transported to the site, they form an overall 
bridge structure after a series of processes such as 
installation and connection. 

Scholars in China and abroad have carried out some 
research on the bridge fabricated technology, such 
as Won Deok Hee and others have studied the 
mechanical behaviour of the prefabricated pipe 

pier cap beam at the consolidation of the pier beam 
[1]; Zhao Zhuo and others analysed the seismic 
performance of fabricated piers connected with 
UHPC materials through ABAQUS numerical 
simulation [2]; Wang Quanqing studied the seismic 
performance of assembled bridges of mountain 
roads in high intensity areas [3];  Mr. Wang.  R and 
others analysed the seismic performance of 
grouting sleeve connection between pier column 
segments [4]; Rehounek. Lubos and others 
optimized and analysed the spiral reinforcement 
configuration of fabricated pier[5]; Motaref and 
kavianipour studied the socket connection 
between Precast Pier and precast foundation, and 
filled the joint gap with high-strength cement slurry 
[6][7]; Xu Yan and others studied the minimum 
reasonable socket depth of socket precast 
assembled pier[8]; Sha Lixin and others verified the 
linear elasticity and nonlinearity of different 
segment schemes of fabricated inverted T-shaped 
bent cap by finite element numerical simulation [9]; 
Yan Xingfei and others carried out experimental 
research on the flexural performance of the 
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splicing joint of prefabricated large cantilever 
segmented prestressed concrete bent cap[10]; Hu 
Zizhong and others put forward the lightweight 
design idea of T-shaped section and rectangular 
hollow section of fabricated bent cap[11]; Chen 
Weisheng has carried out engineering practice on 
the segmental design method of prefabrication of 
lower layer and cast-in-place of upper layer of bent 
cap[12]. 

In fact, most of the existing studies have carried out 
a single study from the aspects of mechanical 
behaviour or segment division. They do not 
integrate the mechanical behaviour with segment 
division to optimize the design, and can only solve 
the local problems of bridge assembly technology. 

2 Segmental design method of 
fabricated bent cap 

The fabricated bent cap mainly has several 
sectional forms, such as longitudinal, transverse 
and horizontal. The precast bent cap segments can 
be spliced on site in the form of bracket connection, 
small shear key connection, large shear key 
connection, structural glue connection or wet joint 
[13]. 

When using the traditional design method, the 
component size and section joint position are 
generally preliminarily determined according to 
the relevant design and experience, and a more 
feasible design scheme is obtained after repeated 
checking and adjustment. 

On the basis of previous studies, taking the 
fabricated large cantilever prestressed concrete 
cap beam as the object, this paper studies the 
influence of the position of segmental assembly 
joint on the installation difficulty and operation 
stress of components, compares the segment 
weight and joint stress performance of different 
splicing and joint setting methods, 
comprehensively determines the feasibility and 
rationality of different segment division forms, and 
after optimization, achieves the convenience of 
segment transportation and installation and the 
purpose of reliable stress performance of splicing 
joint. 

3 Optimization design idea 
Referring to the general methodology of 
optimization design model, the number of bent cap 
segments N and the ratio of segment length to the 
total length of bent cap x (x1, x2,..., xn) are selected 
as design variables, where n is a positive integer, x 
∈  [0,1]; take the weight of segment block (the 
maximum size of transportation and hoisting) and 
the code limit of checking and calculating 
prestressed concrete members as the constraint 
conditions; formulate the objective function f (n, x) 
of comprehensive difficulty and find the solution to 
minimize f. 

In fact, compared with x, the number of segments 
n needs to be determined first. Considering the 
physical meaning of n, the exhaustive methodology 
can be used to discuss it one by one, and the 
general values are 1, 2, 3 and 4. 

It is proposed that f (n, x) = p*n1 / 2 + Q*M, where m 
is the weight of the largest segment in n segments, 
and m is the subfunction containing only x (x1, x2,..., 
xn), in tons. 

The p-value and q-value can be selected according 
to the construction equipment and site conditions. 
In this paper, P = 100, q = 5. 

4 Optimization design idea 
The design section of a project under construction 
in Jiangsu is in the form of viaduct, which is 
arranged in the same line with the current 
provincial highway. The viaduct adopts the 
standard of urban expressway with a design speed 
of 80Km/h. The total width of the standard section 
bridge is 19.1m and the standard span is 30m. The 
superstructure is a simply supported structure of 
prefabricated assembled small box girder, and the 
substructure adopts prefabricated large cantilever 
prestressed concrete inverted T-shaped bent cap, 
vertical double column and pile foundation. The 
centre spacing of columns is 3.3m. The design load 
grade is urban-A, which is located in the seismic 
intensity 7 area. 

The total transverse width of the bent cap is 19.1m. 
The top surface of the bent cap and the top surface 
of the flange are set with a 2% cross slope, and the 
bottom surface is horizontal. The thickness of the 
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rib plate of the inverted T bent cap is 1.2m, the 
total length of the bent cap along the bridge 
direction is 3.1m, and the chamfer is set on the 
lateral bottom surface of the flange of the inverted 
T bent cap, with the size of 0.4mx0.65m. The 
minimum height of the lower flange of the bent cap 
is 1.08m, and the height of the centre of the bent 
cap is 3.8m. The total weight of bent cap is about 
338t, and C50 concrete is used. The outline 
dimensions of pier cap beam in standard section 
are shown in Figure 2. 

Fig.1 Flow chart of bent cap segment optimization 

Fig.2 Standard cross section of viaduct substructure (unit: cm) 

According to the investigation, the existing 
provincial roads are mainly located in the plant 
area and logistics transfer stations on both sides, 

with large traffic volume and high proportion of 
trucks.  Therefore, it is impossible to interrupt or 
close the traffic for a long time. The traditional 
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support cast-in-situ construction method, which 
occupies a large space, has a long construction 
period and a wide range of environmental pollution, 
is not suitable for this project. The bridge assembly 
technology has the significant advantages of less 
on-site pouring, short construction period, strong 
communication ability, high degree of 
standardization, green environmental protection 
and so on. It is therefore more suitable for 
application in such circumstances. 

As an important part of the bridge substructure, 
the suitability of the segmental prefabrication 
method is the key factor to control the 
construction node. The optimization design steps 
of bent cap by section are shown in Figure 1, and 
the comparison of optimization results is shown in 
Table 1. 

Table 1 optimization results of bent cap 

with standard width of 19.1m 

independent 

variable 

n x（x1、x 2，……，x n） f 

Option1 2 0.5/0.5 5142.0 

Option2 3 0.3/0.4/0.3 4607.5 

Option3 3 0.2/0.2/0.6 6207.5 

Option4 4 0.2/0.3/0.3/0.2 3425.5 

Option5 4 0.3/0.2/0.2/0.3 2983.4 

Option6 4 0.4/0.1/0.1/0.4 4080.4 

It can be seen from table 1 that for the bent cap 
with standard width of 19.1m (bent cap I), scheme 
5 is the best result of optimization, the number of 
segments is 4, and the maximum segment weight 
is 92.8t. Scheme 1 is adopted for the design of 
segments, and the weight of a single segment is 
controlled within 170t. 

According to the above operation methods, the 
sectional forms of double column bent cap with 
standard width of 26.1m and widened bent cap 
with three columns and four columns can be 
further expanded and studied. Select double 

column bent cap with standard width of 26.1m 
(bent cap II) and three column bent cap with width 
of 38.4m (bent cap III). The total weight of bent cap 
II is 454.4t, the number of design segments is 2, and 
the maximum segment weight is 227.2t. The total 
weight of cap beam III is 796.8t, which is designed 
to be prefabricated in the lower layer and cast-in-
situ in the upper layer. The number of 
prefabricated segments is 3, the total weight of 
prefabrication is 524.2t, and the maximum 
segment weight is 188.6t. The optimization results 
are shown in Tables 2 to 3. 

According to table 2, the best optimization result of 
bent cap II is scheme 5, the number of segments is 
4, and the maximum segment weight is 125.4t; the 
F-value of other schemes in the table is significantly 
different from the best scheme.

According to table 3, the best optimization result of 
bent cap III is scheme 5, the number of segments is 
4, and the maximum segment weight is 151t; In 
scheme 4, the number of segments is 4, and the 
maximum segment weight is 161.7t; the respective 
f-value are close to the best scheme.

Table 2 optimization results of bent cap with

double column width of 26.1m 

independent 

variable 

n x（x1、x 2，……，x n） f 

Option1 2 0.5/0.5 6957.4 

Option2 3 0.3/0.4/0.3 6281.1 

Option3 3 0.2/0.2/0.6 8522.4 

Option4 4 0.2/0.3/0.3/0.2 5312.4 

Option5 4 0.3/0.2/0.2/0.3 3962.0 

Option6 4 0.4/0.1/0.1/0.4 5473.5 
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Table 3 optimization results of cap beam with 

three column width of 38.4m 

independent 

variable 

n x（x1、x 2，……，x n） f 

Option1 2 0.5/0.5 8004.6 

Option2 3 0.3/0.4/0.3 6904.6 

Option3 3 0.2/0.2/0.6 9684.9 

Option4 4 0.2/0.3/0.3/0.2 5050.3 

Option5 4 0.3/0.2/0.2/0.3 4729.0 

Option6 4 0.4/0.1/0.1/0.4 6414.6 

The optimization results of the above-mentioned 
bent caps with various widths show that the more 
uniform the segment weight is, the smaller the 
comprehensive difficulty f value is; the segment 
weight is the key factor to control the segment 
scheme, and more scheme samples should be 
selected as many as possible. During the concrete 
prefabrication and construction of fabricated bent 
cap, the appropriate section division scheme can 
be comprehensively selected according to the 
transportation path, site conditions, hoisting 
capacity and so on according to the optimization 
method discussed in this paper. It provides a 
reference for the segmental design of the same 
type of precast bent cap. 

5 Conclusion 
Taking the prefabricated large cantilever 
prestressed concrete bent cap as an example, this 
paper selects the number of segments and joint 
position as the research object, compares the 
effects of different segment methods on the 
transportation, installation and completion of 
inverted T-shaped bent cap, and finds a relatively 
better segment design scheme combined with 
engineering experience, which provides a segment 
optimization design idea for bridge designers. The 
continuity of joint position is not considered, the 
efficiency of manual calculation is low, the 

dependence on design experience is high, and 
there are certain limitations. In the future, more 
refined optimization methods can be adopted, 
including the section size of the bent cap into the 
range of variables, selecting more optimization 
variables and corresponding constraints, setting an 
interface between the optimization algorithm and 
the finite element analysis and calculation software 
to achieve automatic iterative solution, and 
studying the multi-objective comprehensive 
performance of the bent cap in the whole life cycle 
of design, transportation, installation, operation 
and maintenance. 
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Construction of Flexible Waterstops on Underwater Cofferdams for Pile 
Caps in Bridge Projects 
Junle Zhang  

China Civil Engineering Construction Corporation, Beijing, China 
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Abstract 
The water-stopping efficiency of cofferdams for pile caps is an important indicator with direct influ-
ence to the quality and durability of the pile-pouring process. In recent years, a new technique fea-
turing flexible capsules serving as waterstops has been introduced, but is still in experimental stage. 
This thesis, taking the water-stopping construction programme of underwater PC houses of the J. P. 
Magufuli Bridge project in Tanzania as background, analyzed the two existed types of flexible water-
stopping construction methods, id est the integral and separate structures, and studied on measures 
for improving the flexible water-stopping construction techniques and optimizing the rubber cap-
sule waterstops, in the hope of providing references and, possibly, inspirations for similar projects 
in the future.   

Keywords: water-stopping; cofferdam; capsule. 

1 Introduction 
Since the dawn of the new millennium, China has 
seen a great leap in terms of urban transport infra-
structure, and with the completion of multiple 
landmark projects like the Hongkong-Zhuhai-Ma-
cau Bridge, the country has achieved continuous 
improvement in cross-waterbody bridge construc-
tion techniques, including those for water-stopping 
between underwater cofferdams and pile cas-
ings[1]. Flexible capsule waterstop is one of the 
newest members of this kind; it takes effect by the 
bonding force generated by the swelling rubber 
capsules fixed on the bottom plate of the PC house 
against the casings within[2]. 

Despite being rarely seen in ongoing bridge pro-
jects, the technique deserves further research due 
to its advantages in being more environment-
friendly and time-saving, and showing greater effi-
ciency in water-stopping as well as higher versatil-
ity in sophisticated aquatic environments. The J. P. 

Magufuli Bridge project, in this case, provides the 
author with a precious opportunity to put the two 
existed ways of flexible water-stopping, i.e. the in-
tegral and separate structures, onto the anvil of 
practice, and makes detailed discussions about the 
technical improvement to the overall concept and 
the specific optimizing measures to the rubber cap-
sule waterstops.  

2 The Water-Stopping techiniques 
used on Cofferdams for Pile Caps 
in Bridge Projects  

Cofferdams made from earth, rockfill, concrete 
boxes, steel sheet or pipe piles and reinforced con-
crete boxes are widely seen in bridge construction. 
Traditionally, there are 3 methods for water-stop-
ping between underwater cofferdams and pile cas-
ings: introducing a tremie seal, which is a non-rein-
forced slab of concrete, (with a certain degree of 
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thickness) underwater to control water intrusion; 
using sealing materials like cement mortar or epoxy 
resin to block the leakage; applying grouting beams, 
approach slabs, cement rings and underwater con-
crete structure. 

These measures mentioned above, with a rigid na-
ture, show obvious advantages in being highly ver-
satile and and well-developed, but are also 
haunted by certain weaknesses in sophistication in 
processing, compromised reliability suffered by un-
derwater concrete under maritime environment, 
and high possibility of uncontrollable problems like 
leaking or water-stopping failure. 

In order to fulfill the demands for higher versatility 
in the constructions of pile caps under different 
scenarios, the flexible water-stopping technique, 
which stops the water from intruding the underwa-
ter cofferdams for pile caps and pile casings 
through the swelling effects of rubber or bio-mate-
rials, has been introduced in recent years, marking 
a qualitative leap forward in this aspect[3].  

3 Flexible Water-stopping Tech-
niques 

In the current perspective, flexible waterstops put 
into practice, according to their structural differ-
ences, can be categorized into two structures, i.e. 
the integral structure and the separate structure. 
The processes are shown as follows: 

3.1 Integral Flexible Water-Stopping Capsule 

The integral structure of the flexible capsule water-
stopping technique is to install the capsule into a 
reserved groove on the bottom slab of the PC 
house, making the waterstop and the bottom plate 
a single entity[4].  

Figure 1. The structure of the integral flexible wa-
ter-Stopping 

The construction of integral flexible capsule water-
stops will be done in 7 steps: first, pre-casting a bot-
tom slab for a bottomless reinforced concrete PC 
house (cofferdam) with reserved grooves for cap-
sule waterstops; second, installing the capsule into 
the groove; third, filling the capsules one by one 
with water; fourth, waiting for the rubber capsules 
swell and take effects; fifth, draining the water 
within the house; sixth, applying expanding mortar 
on top of the capsules; seventh, securing a dry en-
vironment for construction inside[5-6].  

The builder initially used gas to fill the capsules, but 
changed into water due to a positioning failure 
caused by some capsules floating out of the bottom 
slab. However, the water-stopping effectiveness 
was impaired by partial damages on capsules and 
waterfilling tubes caused by the substandard even-
ness of the outer surface of pile casings, as well as 
hindrances like unfavorable working conditions 
and unpolished techniques[7].  

3.2 Separate Flexible Water-Stopping Cap-
sule  

The structure of a separate flexible capsule water-
stop can be divided into 4 parts, including a con-
crete annular tray, a capsule, a tensing-and-easing 
mechanism and a GINA waterstop on top[8].   
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Figure 2.The structure of the separate flexible wa-
ter-Stopping 

The construction of separate flexible capsule 
waterstops will also be done in 7 steps: first, pre-
casting a concrete annular tray reserving space for 
installation grooves and gas-filling tubes; second, 
Installing the capsules into reserved grooves; third, 
applying GINA waterstop on the top of the tray; 
fourth, lower the tray to the designed height, 
where the top of the tray has a 10cm gap against 
the bottom slab of the pile cap; fifth, lower the pile 
cap to designed height; sixth, straining the strand, 
compressing the GINA waterstop and make the an-
nular tray fit with the bottom of the cap, and com-
plete the water-stopping process horizontally; sev-
enth, inflate the capsule by 0.3-0.4MPa to make 
the capsule swell, stick to the pile casing and gen-
erate bond, thus complete the water-stopping pro-
cess vertically[9].   

The concrete annular tray, through being con-
nected to the bottom slab of the pile cap through 
jack and strand, secures water-stopping between 
the concrete annular tray and the bottom slab hor-
izontally and between the pile cap and the pile cas-
ing vertically. This technique,which relies less on 
large mechanical equipment on site, shows better 
economical competence[10]. 

Figure 3. The structure of the concrete annular 
tray for separate  flexible water-Stopping 

3.3 Performance of Rubber Capsule 

The rubber capsules used in two techniques share 
the same performance. Adopting a rectangular 
structure with round ends, the capsule uses inner 
flaps for better water-stopping capability, and the 
vulcanization-molded main structure, made of 
high-durability rubber composite material and 
composite cord fabric with extraordinary tensile 
strength, proves able to withstand an internal pres-
sure over 2Mpa. The GINA waterstop belt used in 
the separate structure, molded out of rubber, is 
fixed on the top of the concrete annular tray to play 
its role between the tray and the bottom slab of the 
cap[11-12]. 

4. The J.P. Magufuli Bridge Project

4.1 Overview 

The project, located in the Lake Victoria Area, Tan-
zania, is a 3-kilom-long cable stayed bridge with 3 
pylons. It includes 2.48 kiloms of approach bridge 
at both ends, 720φ1.6 ms bored pile foundations 
ranging from 11.0 ms to 55.5 ms in length, 62 rec-
tangular pile caps with 25.5×7.5×3 ms in size; the 
major bridge, 520 ms in length, adopts a 3 pylon, 
extradosed, cable stayed design with 2 cable planes, 
and has 84φ2.6 ms bored pile foundations ranging 
from 46.0 ms to 66.0 ms in length, as well as 3 ma-
jor rectangular pile caps, with a midspan one cov-
ering 35×27×4 ms, and two sidespan ones cover-
ing 27.5×20×3.5 ms. 
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Figure 4. The J. P. Magufuli Bridg. Illustra-
tion:CCECC. 

4.2 Construction Programme of PC houses for 
Pile Caps      

According to the greatly-varied hydrogeological 
conditions of the project, the limited access of large 
shipping equipment in the lake area as well as 
other adversities, the contractor mainly adopted 
four construction programme for pile caps: unpro-
tected open cut excavation, island excavation, plat-
form moulding and steel-concrete composite PC 
houses. This thesis analyzes the water-stopping 
structure of the steel-concrete composite PC 
houses used in the approach bridge and the main 
bridge. 

The construction process of the PC houses for pile 
caps includes:  

1.Removing the drilling platform;

2.Cutting holes on the pile casing at high position;

3.Inserting the bracing beams for bottom slab into
the holes;

4.Assembling the pre-casted bottom slab at a high
position;

5.Installing the crane Hanging system;

6.Lowering of steel-concrete composite PC houses;

7.Water-stopping and draining;

8.Conversion of stress system;

9.Cutting off the steel casings;

10.Pile breaking and inspection;

11.Applying cooling pipes;

12.buried cooling pipes

13.pouring concrete, formwork removal and
maintenance.

The steel-concrete composite PC house for pile 
caps uses a coverless bottom slab, which needs to 
be pre-casted in several parts and craned into posi-
tion, followed by welding rebars and pouring con-
crete at Cast-in-Place joints, which marked the 
completion of the entire slab. Taking the pile caps 
of approach bridges as an example: 

the bottom slab covers 25.5×7.5×0.3 ms in size, 
with a 0.25m capsule installation groove reserved 
in the middle. After being pre-casted in multiple 
parts, its is craned into position, and assembled 
through followed by welding rebars and pouring 
concrete at Cast-in-Place joints, which marked the 
completion of the entire slab. 

Figure 5. installation construction of the PC houses 
for  approach bridge 

5. Pile Cap Water-Stopping Test of J.P.
Magufuli Bridge

Lake Victoria, as Africa’s biggest fresh water lake 
shared by Tanzania, Uganda and Kenya, serves as a 
major source of drinking water for millions. Water 
resource protection, in this occasion, is not only 
highly emphasized by local authorities, but also 
clearly stipulated in relevant laws and regulations. 
In consideration of alleviating the influence of con-
struction to water resource and waterbody envi-
ronment, the contractor planned to adopt the flex-
ible water-stopping technique featuring higher en-
vironment-friendliness, less time consumed and 
better effectiveness, and a water-stopping test was 
thus implemented. 
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5.1 Aim and Methods 

The test, emphasizing on achieving water-stopping 
effects between the bottom slab of the cofferdam 
for underwater pile caps and the pile casing, exam-
ined the development and changes of the bearing 
capacity, buoyancy, water-stopping effect and in-
ternal loss value of the rubber capsules, which 
were required to withstand 2kg/cm2 pressure for 
over 48 consecutive hours under 3 to 4 ms of water 
as the standard of success.  

In order to simulate the working environment of PC 
houses for pile caps, the contractor made a bottom 
slab, a φ1.6m pile casing and a φ2.6m pile casing, 
all in real-time size, as cofferdam, fixed the capsule 
into the reserved groove on the bottom slab, filled 
the capsule with gas and submerged it with water, 
so as to test its bearing and water-stopping capaci-
ties.    

5.2 Test Specimen Production and Installa-
tion 

The test specimen consisted of different parts 
listed as follows: 

1.The C35 pre-casted reinforced concrete bottom
slab with a size of 4×4×0.3 ms, and its rigidity and 
strength meet the demand of design and construc-
tion;

2.The φ2.6m pile casing pre-applied on the bottom
slab as cofferdam;

3.The φ1.6m pile casing installed with an inclina-
tion rate controlled within 1/200;

4.The bracing stand made from bailey beams for PC 
house bottom slab, with a height of 1.5 ms.

The installation process went as follows: 

1.Fixing the φ1.6m pile casing;

2.Setting up bailey beam stands around the casing;

3.Craning the hollowed bottom slab onto thestands, 
while the gap error between bottom slab and cas-
ing being controlled within 0.15 ms;

4.Lengthening 4 ms of φ2.6m pile casing through
welding, making the outer cofferdam wall as high
as the φ1.6m one;

5.Installing the capsule fitted with 0.15MPa gas
for shaping inside the φ1.6m pile casing, and set-
tled it on the groove of the bottom slab.

Figure 6. installation of test component, 
photo:CCECC. 

5.3 Test Process 
Pouring water with a height reaching 0.5 ms before 
test, and saw if there was any sign of leaking be-
tween the capsule, the φ1.6m pile casing and the 
bottom slab. 

Test 1: Water intrusions spotted in three positions 
between the capsule and the bottom slab during 
the first pouring. Position and Analysis: two leak-
ages were found on the capsule air valve and the 
reserved groove, and there were 3 misalignments 
in the connection seam of the groove on the bot-
tom slab (the unevenness of the platform varied 
about 2-4mm), which caused the capsule and the 
groove on the bottom slab were unable to be 
closely attached, and thus caused the leakage. 

Test 2:  After insulating the 3 leakages in test 1, the 
capsule was installed, prefilled and poured again 
following the above-mentioned steps, and then 1 
leaking was found on the connection between the 
gas-filling valve and the bottom slab. Position and 
Analysis: the size of the gas-filling valve is too long 
to enable the capsule become fully fit to the groove 
on the bottom slab.  

1131



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Test 3: The gas-filling valve was modified taking the 
leaking status of test 2 into consideration, and the 
third pouring test was conducted after applying ad-
hesive within 0.3m of the joint between the valve 
and the bottom slab. No leakage was found with 
0.5 ms of water, and this conclusion remained un-
changed after 48 hours of checking with a height of 
water reached 3.5 ms. 

Figure 7. water intrusions spotted positions during 
first test, photo:CCECC. 

5.4 Test Results 

The test, taking up 6 working days, examined the 
bearing capacity, water-stopping effect and inter-
nal loss value of the water-stopping capsule 
through 3 tests mentioned above. As a turnout, the 
capsule, (1) was able to withstand the pressure 
with a depth of 3 to 4 ms underwater, (2) had a wa-
ter-stopping effect reaching the expected require-
ments and can meet the technical requirements of 
the project, (3) and, after being dismantled when 
the test ended, remained in good condition in ap-
pearance and tensile strength without showing any 
obvious internal damage. 

5.5 Test Findings 

1.Being placed at the center of one side, the gas-
filling valve, due to its sheer bulkiness, required big-
ger reserved groove on the bottom slab, causing
negative influences to its quality.
2.The concrete surface of the reserved groove on
the bottom slab faced high requirement for con-

struction quality, specifically, flatness, and any pit-
ted or blending surface having direct contact with 
the capsule could lead to partial leakage. 
3.When the bottom slab of the pile cap was craned
downward, the capsule directly rubbed against the
outer wall of the casing, and welding spatter,
aquatic creatures or other hard particles on the
casing wall could scratch the outer hull of the cap-
sule, influencing the water-stopping effect.
4.The operating panel of the capsule, being posi-
tioned at the center of one side of the slab, raised
higher demands for the position of reserved groove 
and its angle. If the inflation was too fast, the swell-
ing speed of the capsule would be accelerated,
which would easily cause partial damage to the
concrete surface of the bottom slab.
5.The uniformity of the distance between the bot-
tom slab and the pile also faced high requirements,
and unevenness of gap would cause one side of the
capsule to be squeezed and one side to be sepa-
rated.

5.6 Improvements to Waterstop Technique 

Base on previous researches about two existed 
flexible waterstop techniques and the findings col-
lected from the pile cap water-stopping test made 
by the J.P. Magufuli Bridge Project, Tanzania, the 
project team made improvements to waterstop 
construction technique and rubber capsules. Spe-
cific measures are listed below: 

1.Prefilling the capsule to check its insulation sand
inflation status before installation so as to ensure
that all capsules needed are in decent working con-
dition;
2.Optimizing the gas-filling valve by changing its
position to the top, and the inflation hose was con-
nected directly from the gap between bottom slab
and pile casing, which solves the problem of dam-
age to the concrete quality of the bottom slab, and
the diam of the valve was changed from the origi-
nal 3cm to 1.2cm , making installing and gas-filling
much easier.
3.Making reserved grooves with steel formwork,
which accommodated the demand for flatness on
concrete surface. Pouring quality in this part was
strengthened, and the reserved positions on bot-
tom slabs for pile casings received a detailed meas-
urement and calculation, securing the evenness be-
tween the pile and the cap.
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4.Remove hard particles such as welding spatter on
the surface of the steel casing in time to avoid
scratching the capsule when the pile cap is lowered,
and clean the vertical welding surface of the casing
to prevent the welding surface from affecting the
bond between the capsule and the casing.
5.Filling the capsules with a gradual manner to
avoid partial damage to the concrete surface of the
bottom slab caused by excessively fast inflation. Af-
ter the capsule is inflated, a layer of quick-setting
mortar placed on the top of the capsule to add a
layer of water-stop barrier, which acts as a fixed
limit capsule. It also protects the capsule from be-
ing burned and damaged by the welding slag of
subsequent welding operations.

6. Conclusion

The Integral Flexible Water-Stopping Capsule, de-
veloped during the construction of Qingdao Bay 
Bridge Project, 2007, shows a simple and easy-to-
install structure that alleviates water pollution, and 
is suitable for the construction environment like in-
land sea and lake. However, due to the constraints 
of construction technology and working conditions 
at that time, the water-stop effect not good. The 
Separate Flexible Water-Stopping Capsule, firstly 
introduced during the construction of the 
HongKong-Zhuhai-Macao Bridge from 2013 to 
2017. It has a complex structure and sophisticated 
process, and is necessary to complete the water-
stopping process both vertically and horizontally, 
which increases the difficulty of water-stopping 
and become more time-consuming. During the 
construction of the J.P. Magufuli Bridge Project in 
Tanzania, 2021, The integral flexible water-stop-
ping capsule was improved through the water-stop 
test and the rubber capsule was optimized, which 
successfully solved the above-mentioned construc-
tion problems. 

As the flexible water-stopping technique is becom-
ing increasingly recognized and adopted, re-
searches on the appearance, structural design and 
material of the water-stopping capsule will gain its 
own ground in the community, and thus simpler 
water-stopping structures as well as recyclable wa-
ter-stopping capsules will be topics deserve further 
research in the future. 
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Abstract 
The old Songpu Bridge was a double-deck railway-highway combined steel truss bridge. In the 
widening and renovation project of Songpu Bridge, the upper deck, which carries highway traffic, 
was widened from 12 m to 24.5 m. To achieve an appropriate self-weight and better durability, a 
kind of orthotropic composite deck was used for the reconstructed upper deck; this deck consists 
of an 80 mm-thick low-shrinkage high-strength ductile concrete (SSDC) layer and orthotropic steel 
deck plates. Three types of SSDC materials with different composition and mechanical properties 
are adopted in regions with different tensile stress levels. The detailed design and key 
considerations of the composite deck are introduced in this paper. Finite element analysis of the 
composite deck is carried out, and the models and results are presented. 

Keywords: the Songpu Bridge; Steel truss bridge; Widening of bridge; Orthotropic composite deck; 
Low-shrinkage high-strength ductile concrete. 
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1 Introduction 
The old Songpu Bridge was a double-deck railway-
highway combined steel truss bridge that spanned 
the Huangpu River in Shanghai. The bridge was 
built in 1976. The main bridge was 419.6 m long, 
consisting of two 96 m+112 m continuous truss 
girders, as shown in Figure 1. The lateral distance 
of two main trusses was 6 m. The total width of 
the upper deck was 12 m, comprising a 9 m wide 
roadway and 1.5 m wide sidewalks on each side. 
The railway on the lower deck was located 
between the two main trusses. The truss girder 
depth was 12.8 m and increased by 6 m at the 
middle pier and the side pier of the 112 m span. 
The longitudinal distance of the joints in the main 
trusses was 8 m. In 2012, a new railway bridge 
was built nearby and trains stopped running on 
the Songpu Bridge. To meet the increasing traffic 
demands and fully utilize the load capacity of the 
existing trusses, the Songpu Bridge was 
reconstructed. The main work of the 
reconstruction project was to widen the upper 
deck of the bridge to 24.5 m to carry 6 lanes and 

to change the lower deck to carry pedestrian and 
bicycles. Cross-sections of the bridge before and 
after reconstruction are shown in Figure 2.  

In the reconstruction, the sum of dead loads and 
live loads of upper deck and lower deck was 
estimated to increase. However, in this project, 
the foundations of three piers inside the river 
were not able to be strengthened because of the 
very small distance to the nearby railway bridge. 
Therefore, the self-weight of the new upper and 
lower decks needed to be limited to adapt the 
capacity of the old foundation and to minimize the 
difficulty in main truss strengthening.  

Steel decks are usually a popular option for 
reducing self-weight. However, the site 
investigation suggests that trucks, mostly heavy-
duty trucks, outnumber any other type of vehicle, 
accounting for up to 40% of the total traffic. Due 
to the large number of heavy trucks, the steel 
deck may not remain reliable, with a risk of fatigue 
damage. Given the aforementioned factors, the 
design adopts a steel-concrete composite upper 
deck and a steel lower deck.  

Figure 1. Elevation view of the Songpu Bridge (Units: m) 

Figure 2. Cross-sections of the bridge before and after reconstruction (Units: m) 
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With its early application in steel deck pavement 
and fatigue crack restoration, orthotropic steel-
concrete composite decks are a type of structure 
where the orthotropic steel deck and rigid paved 
materials work together to bear the load. 
Ultrahigh-performance concrete (UHPC) has been 
applied to restore steel deck pavement in 
Europe[1-4], while steel fiber reinforced concrete 
(SFRC) has been adopted in Japan for the same 
purpose[5-7]. In research and applications in 
China, the majority of the concrete used in 
composite decks is ordinary concrete and UHPC. 
CHEN et al. conducted research on composite 
decks of 12-cm-thick C60 concrete[8]; this type of 
concrete was applied in a three-tower self-
anchored suspension bridge crossing the Yellow 
River in Jinan. Through composition optimization, 
densely distributed rebar, and high temperature 
steam curing, SHAO et al.[9] enhanced tension 
strength of UHPC to 42.7 MPa and reduced the 
shrinkage strain to near zero. This new material, 
called super toughness concrete (STC), was used 
for steel decks. This technology was introduced in 
the Mafang Bridge in Guangdong, Dongting Lake 
Bridge along the Hangzhou-Ruijin Expressway, and 
other projects, with UHPC thickness of 4.5-5 cm. 
The unit price of ordinary concrete is low, but the 
required thickness is over 12 cm according to 
projects from both China and abroad. In contrast, 
the required thickness of UHPC is small, 
significantly reducing the weight of the deck; 
however, UHPC necessitates complicated 
construction procedures, unfavorable workability, 
and high costs. To secure a balance between 
structural performance, self-weight, workability, 
and cost according to the characteristics of the 
Songpu Bridge, 8-cm-thick low-shrinkage high-
strength ductile concrete (SSDC) and 5-cm-thick 
asphalt pavement were adopted for the upper 
composite deck. This composite deck is an 
innovative structure, and this paper presents its 
structural design, material requirements, and 
corresponding spatial finite element analysis. 

2 Structural design 

2.1 General layout 

1) The comparative selection of connection ways
between the upper deck and main truss

Two types of connections between the upper deck 
and main truss are shown in Figure 3. For the old 
Songpu Bridge, the upper deck stays on the main 
truss, which is a typical approach for conventional 
steel truss bridges. This approach, if adopted in 
the reconstruction of the upper deck, would 
require multiple bearings to be arranged on the 
crossbeams and cantilevers, and the widened 
decks could rest on them. However, such an 
approach would allow main truss node plates at 
cantilever roots to carry stresses generated by 
adverse out-of-plane loads, and the great number 
of bearings would necessitate more maintenance 
later. Thus, a combined structure of upper deck 
and truss is adopted in the reconstruction design. 

(a) separated structure

(b) combined structure

Figure 3. Two types of connections between the 
upper deck and the truss 

To combine the upper deck and the truss, two 
options are considered, i.e., the connection lies 
only at the nodes of the upper chord or is 
introduced along the upper chord (Figure 4). The 
first option has a simple structure, where the 
upper chords of the main truss do not withstand 
additional bending moments caused by internode 
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loads, but the nodes carry a large load, and 
connections are exposed to repeated forces from 
vehicles, which is not favorable. As a result, the 
second option is adopted, in which longitudinal 
beams are introduced on the deck where the 
upper chords of the main truss are located and 
connected with the upper chords and the nodes. 
After that, the upper chords of the main truss and 
the deck function together to bear the load and 
are strong enough to withstand the bending 
moments resulting from internode loads.  

(a) connected only at the nodes

(b) connected at the upper chord

Figure 4. Two options of connections between the 
upper deck and the upper chord (Units: m) 

2) The comparative selection of the crossbeams of
the upper deck

The nodes of the main truss have a spacing of 8 m. 
There are two options for the spacing of the 
crossbeams of the upper deck, either 8 m or 4 m. 
If crossbeams are introduced only at the nodes of 
the main truss, the spacing is 8 m. If they are 
arranged at not only the nodes of the main truss 
but also the middle of each segment, the spacing 
is 4 m. The spacing of 8 m is somewhat large for 
regular designs of orthotropic composite decks 
but can be realized by increasing the dimension of 
the longitudinal stiffeners. These two options are 
compared in detail during the engineering process. 
Although having a simple structure, the option 
with 8 m spacing would lead to both large 
longitudinal and transverse forces against the 

deck under action of vehicle load, as well use a 
great amount of steel. In contrast, the option with 
4 m spacing results in proper load bearing and 
uses less steel, so this option is ultimately adopted. 

3) General layout plan for the upper deck

The upper deck is 24.5 m wide. The crossbeams 
have a spacing of 4 m and vary in height from 0.65 
to 1.03 m according to the loading and structural 
requirements. Diagonal braces are designed at 
both sides of the main truss at each vertical to 
support the deck, with the bracing point 6.25 m 
from the outside edge of the main truss. 
Longitudinal beams are set up in the upper deck at 
the location corresponding to the position of the 
main truss (with a spacing of 6 m) and at the point 
of the diagonal brace, and the bottom plate of the 
longitudinal beam is flush with that of the 
crossbeam. On the steel top, the slabs are 8-cm-
thick SSDC, on which 5-cm-thick asphalt pavement 
is implemented.  

2.2 Structural design 

1) Steelwork

With Q345 steel, the upper deck is an orthotropic 
steel structure made up of a top plate, 
longitudinal stiffeners, crossbeams, and 
longitudinal beams. The typical cross-section of 
the steel deck is shown in Figure 5. 

The steel top plate is 12 mm in thickness, and 
there are two options for the longitudinal 
stiffeners, i.e., U stiffeners or flat-bulb steel. Due 
to the small height of the crossbeams, the bulb-
flat steel is adopted to reduce the weakening of 
beam sections. The flat-bulb steel is 280 mm×11 
mm and has a spacing of 500 mm. Multiple 
options for cutout shapes in the web of the 
crossbeam are compared, and the option with the 
minimum stress concentration on the web is 
selected. The cutout shape is shown in Figure 6.  

The crossbeam has an I-shaped cross-section, with 
a 20-mm-thick web and a 24-mm-thick and 500-
mm-wide lower flange. For the crossbeam at the
node of the main truss, the portion between the
two main trusses links with the crossbeam of the
main truss, and the bottom plate of the
crossbeam at the deck is bolted to the top plate of
the crossbeam at the main truss.
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The longitudinal beam corresponding to the main 
truss has a box cross-section, in which the two 
webs are 700 mm apart (the same as that of the 
upper chords of the main truss). Two webs are 12 
mm thick. The lower flange is 20 mm thick and 
1100 mm wide. This longitudinal beam and the 
upper chord of the main truss are linked through 
steel angles and bolts, and concrete is poured at 
the nodes of the upper chord for reinforcement.  

The longitudinal beam at the bracing point of the 
diagonal brace has an I-shaped cross-section, 
where the web is 20 mm thick, and the lower 
flange is 24 mm thick and 420 mm wide.  

Figure 5. Typical cross-section of the steel deck 
(Units: m) 

Figure 6. Flat-bulb steel and cutout in the web 
(Units: mm) 

2) Rebar arrangement and shear connector

The cross-section of the composite deck is shown 
in Figure 7. The concrete is arranged with a single 
row of HRB400 rebar, with a 30-mm-thick cover. 
The transverse rebar has a diameter of 16 mm and 
a spacing of 150 mm. The longitudinal rebar has 
two diameters of 16 mm and 20 mm and a spacing 
of 150 mm; the 20-mm-diameter longitudinal 
rebar is placed within a length of 24 m from either 
side of the middle pier of the continuous steel 

truss. Shear connectors between the concrete and 
steel top plate use 13-mm-diameter and 50-mm-
long cheese-head studs, with a standard spacing 
of 300 mm and partial spacing of 150 mm for 
reinforcement.  

Figure 7. Cross-section of the composite deck 
(Units: mm) 

2.3 SSDC performance 

To withstand the stresses at various positions, 
three types of SSDC with different mix ratios and 
mechanical properties are introduced, as shown in 
Figure 8. With a flexural strength reaching 20 MPa, 
SSDC I is used near the middle pier of the steel 
truss to increase the crack resistance of the 
concrete across negative bending moment zones 
and to improve the durability of the structure. As 
the concrete of the composite deck, after pouring, 
is subject to the constraint of the steel top plate, 
limits on the shrinkage strain of SSDC are 
proposed to reduce shrinkage stress. The 
mechanical properties of the three types of SSDC 
are shown in Table 1.  

Figure 8. Distribution of three types of SSDC (Units: m) 

Table 1.  mechanical properties of SSDC 

Type Type I Type II Type III 

Flexural strength (MPa) ≥20 ≥12 ≥12 

Compression strength (MPa) ≥120 ≥100 ≥80 

Elastic modulus (GPa) ≥40 

Total shrinkage strain over 90 days (με) ≤300 

Fracture toughness (KJ/m2) ≥20 
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2.4 Construction method 

The upper deck is prefabricated and assembled in 
segments, where a standard segment is 8 m long 
along the bridge and 24.5 m wide in total along 
the transverse direction of the bridge. Concrete is 
poured at a factory on steel girder segments at a 
length of 7.4 m for each standard segment, 
leaving 0.3 m at either end for later in situ joint 
pouring. During the assembling stage, each 
composite deck segment is lifted, and steelwork 
joints are welded. After that, wet joint concrete is 
poured on site. A standard segment has 0.6-m-
long wet joints and is zigzag shaped, as shown in 
Figure 9. Prior to concrete pouring, both slab faces 
of the joints are wet and roughened with a high-
pressure water sprayer to expose aggregate and 
steel fibers, allowing new and old concrete to 
become one integral body.  

Figure 9. Details of the wet joint (Units: m) 

3 Finite element analysis of the 
upper deck 

3.1 Finite element model 

The finite element software ANSYS is used to 
study the upper deck. Since the upper deck and 
the main truss are combined to bear load, a whole 
bridge computational model is established. Truss 
members are simulated by beam elements, steel 
plates by shell elements, and concrete decks by 
solid elements. To precisely simulate the bending 
of the concrete slab, the slab is divided into four 
layers along the thickness. When defining 
boundary conditions of the models, the 
longitudinal through-length connection of the 
upper chord of the main truss to the deck slab is 
realized by the nodal degree of freedom (DOF) 

coupling, and the diagonal braces and the deck 
were connected through the DOF coupling. The 
finite element model is shown in Figure 10.  

Figure 10. Finite element model 

3.2 Load 

A dead load equivalent to the self-weight of the 
structure is applied, and the prefabrication and 
assembly of the upper deck are simulated 
considering the influence of the construction 
process during the computation of the dead load.  

The vehicle loads are the lane loads specified in 
the General Code for Highway Bridges and 
Culverts (JTG D60-2015). For the lane loads, 
universally distributed loads are placed on the 
whole bridge, while concentrated loads are 
applied at the midspan of 112 m. Three scenarios, 
including symmetrically distributed loads on six 
lanes, partial loads on six lanes and partial loads 
on three lanes, are considered along the 
transverse direction of the bridge. Lane loads are 
applied in form of area loads, and lane reduction 
factors are considered according to the number of 
the lanes with loads.  

Four working conditions related to temperatures 
are taken into consideration, namely, uniform 
heating, uniform cooling, gradient heating, and 
gradient cooling. For uniform heating/cooling, a 
temperature change of 22.5 degrees is considered. 
A temperature difference of 11.57 degrees is 
considered between the concrete slab and the 
steel plate for gradient heating, and -5.785 
degrees is considered for gradient cooling.  

Composite decks are installed after six months of 
curing following prefabrication. The SSDC 
shrinkage strain is 85με within six months to ten 
years. The creep effect is considered in the 
shrinkage computation; the creep effect is 
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considered by reducing the elastic module of the 
concrete, and the reduced elastic module is 30 
GPa.  

3.3 Computational results 

1) Steelwork

The maximum stresses of the representative parts 
of the steelwork under the basic load combination, 

namely, 1.2 × dead load+1.4 × upper vehicle 
load+1.05 × lower people and nonmotor 
load+1.05×uniform temperature difference+1.05
×gradient temperature difference, are shown in 
Table 2. The steel structural stresses of the 
composite deck are generally low, far lower than 
the design value of tension-compression strength 
of 275 MPa and design value of shear strength 180 
MPa of Q345 steel. 

Table 2. Stresses of the steel structure under basic load combination (in MPa) 
(Positive normal stress means tensile stress) 

Longitudinal normal stress Transverse normal stress Shear stress 
Steel top 

plate 
Lower flange of the 
longitudinal beam 

Steel top 
plate 

Lower flange of 
the crossbeam 

Web of the 
longitudinal beam 

Web of the 
crossbeam 

Maximum 40.6 6.1 46.8 -24.3 9.5 73.4 

Minimum -8.9 -39.9 38.3 -67.9 6.2 40.4 

(a) Longitudinal stresses

(b) Transverse stresses

Figure 11. Upper surface stresses of the SSDC deck under frequent load combination 
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2) SSCD deck

Crack resistance is a focus for the SSDC deck. The 
maximum longitudinal and transverse tensile 
stresses of the SSDC deck under the frequent load 
combination, namely, 1.0×dead load+0.7×upper 
vehicle load+0.4×lower people and nonmotor 
load+0.4×uniform temperature difference+0.4×
temperature difference, are shown in Figure 11. 
The tensile stress along the bridge represents the 
loading characteristics of the steel truss and has a 
maximum of approximately 6 MPa at the middle 
pier of the steel truss. The maximum transverse 
tensile stress, approximately 3.5 MPa, lies at the 
root of the cantilever.  

Under the basic load combination, the maximum 
compressive stress of the SSDC deck is 
approximately 12 MPa, far lower than the 
compression strength of the SSDC material. 

4 Conclusions 
The Songpu Bridge is a double-deck continuous 
steel truss bridge. During the reconstruction of the 
Songpu Bridge, the upper deck was widened from 
12 m to 24.5 m. After considering a range of 
factors, such as structural performance, self-
weight, workability and cost, the new upper deck 
design was an orthotropic SSDC composite deck 
with a thickness of 8 cm. The upper deck and the 
main truss function together to bear load, and the 
main truss has diagonal braces at the outer side to 
support the deck. Finite element software was 
adopted to set up a spatial model of the whole 
bridge, based on which upper composite deck was 
computed and analyzed. The computational 
results suggested the composite deck design is 
mainly controlled by SSDC tensile stresses (crack 
resistance), instead of steel structural stresses and 
SSDC compressive stresses. Reconstruction of the 
upper deck of the Songpu Bridge started in 
February 2019 and was completed in August 2020.  
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Abstract 
Fiber-reinforced polymer (FRP) has multiple applications as a primary material or reinforcing 
material for the structural elements. Controlling the quality of the 3D printed FRP is critical to 
guarantee a FRP material of high performance. In this research, machine learning (ML) model based 
on data collected from experimental studies was developed by artificial neural network (ANN) to 
control the quality of 3D printed FRP. ANN model predicts the ultimate tensile strength (UTS) of the 
FRP as function of 7 material and printing parameters. The UTS of the FRP was maximized via 
optimizing the printing and material parameters by using artificial bee colony (ABC) algorithm. ANN 
and ABC algorithms were coded by MATLAB. The results showed that the developed ANN model 
can predict with good accuracy the UTS of FRP. Moreover, it was found that the ABC optimization 
algorithm can design the input parameters such that a FRP with maximum UTS can be obtained.  

Keywords: fiber-reinforced polymer composite; additive manufacturing; 3D printing; artificial 
neural network; optimization; artificial bee colony algorithm. 

1 Introduction 
Polymer-based composites, also called Fiber-
Reinforced Polymer (FRP), are characterized by 
light weight and high performance in terms of 
mechanical and thermal properties. However, 
these properties are varies based on the type of 
polymer matrix and the reinforcing fibers of FRP. 
The polymer matrix of FRP can be either 

Thermoplastic, e.g., Poly-Lactic Acid (PLA), Nylon, 
or Thermosetting, e.g., Epoxy, Polyurethane; while 
the fibers reinforcing agent can be either 
Synthetic Fibers (SF), e.g., Carbon Fibers (CF), 
Glass Fibers (GF), Kevlar Fibers (KF), or Natural 
Fibers (NF), e.g., Jute, Flax, Wood, Bamboo (see 
Figure 1) [1]. The properties of the produced FRP 
not only based on the matrix and fibers types but 
also on fibers form whether it is continuous fibers, 
chopped fibers.
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nanoparticles. Therefore, in the context of wide 
verity of the possible components of the FRP, 
engineers designed and employed FRP for multiple 
structural and nonstructural applications in several 
industries, e.g., buildings industry, automobile 
industry, aerospace industry, medical industry, and 
others. In such applications, FRP either used as the 
main material or reinforcing material for structural 
elements, e.g., FRP reinforced timber beams. 

1.1 3D Printing of FRP 

Typically, the manufacturing process of FRP is done 
by conventional manufacturing techniques such as 
Compression Molding (CM), Injection Molding (IM), 
and Extrusion [2]. However, in the last decade, 
Additive Manufacturing (AM), also known as 3D 
printing, takes a special attention as a novel 
technology to manufacture parts and elements 
made from FRP. AM uses computer-aided design 
data to build objects layer-by-layer [3]. It provides 
flexibility in design, product customization, and 
reduce the need for tooling, as compared to 
conventional methods. Several techniques have 
been developed and labeled under AM or 3D 
printing technology, such as Stereolithography 
(SLA), Fused Deposition Modeling (FDM), Selective 
Laser Sintering (SLS), etc. [4].  

FDM is the most used technology to produce FRP 
of thermoplastic polymer matrix, where 
thermoplastics, e.g., PLA, PC, and ABS, are 
commonly used as a result of their low melting 
temperature. FDM printers work by controlled 
extrusion of thermoplastic filaments. In FDM, 
filaments melt into a semi-liquid state at nozzle and 
are extruded layer by layer onto the build platform 
where layers are fused together and then solidify 
into final parts. Figure 2 shows the concept of FDM 
printers of single and dual nozzle [5]. 

In order to control and enhance the quality of FRP 
manufactured by FDM, several printing parameters 
(e.g., printing orientation, layer thickness, raster 
width) and material parameters For example 
matrix material, reinforcing material, additional 
additives) need to be correctly tuned and 
calibrated [6]. However, the absence of 
comprehensive physical-mathematical model that 
clearly describe the relationship between the 
different parameters and the mechanical 

properties of the printed FRP makes the 
optimization of such parameters requires 
exhaustive experimental works which are costly in 
terms of time and money. 

In the literature, many research have studied the 
effect of FDM printing and material parameters on 
the quality of the manufactured FRP. Sood et al. [7] 
and Somireddy et al. [9] discussed the FDM 
processing parameters (raster angle, raster width, 
orientation, layer thickness) on the flexural, tensile, 
and impact strengths of the ABS specimens 
manufactured by FDM. Caminero et al. [8] 
evaluated the effects of layer thickness, fiber 
volume content, and build orientation on the 
impact performance of 3D printed continuous KF, 
CF, GF reinforced polymer composite.  

Tezel et al. [10] examined the creep behaviors of 
3D printed PLA composites produced to investigate 
the effects of the printing parameters on the short-
term creep. Similarly, many other studies and 
researches [11-17] investigated the effects of 
different printing parameters on the mechanical 
properties of FDM 3D printed FRP made from 
various types of polymers and fibers (NF or SF) of 
different forms (chopped, continuous, etc.). 

Figure 1. Types of Composite Materials. 

Polymer-Based 
Composites

Fiber Reinforcement 
Agent

Synthetic Fibers
e.g., CF, GF, Kevlar

Fiber

Natural Fibers
e.g., Wood, Bamboo, 

Flax, Jute.

Polymer Matrix

Thermoplastics
e.g., PLA, Nylon, PC.

Thermosets
e.g., Epoxy, Polyester 
resin, Polyurethane.
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Figure 2. FDM printers, (a) Single Nozzle;(b) Dual 
Nozzle. 

1.2 Gap in Literature & Purposes of Study 

The gap in the literature is basically the absence of 
fast method or model that enable us to design 3D 
printed FRP and improve its quality by optimizing 
material and printing parameters without the need 
of exhaustive experiments. Therefore, in order to 
take advantage of the available experimental data, 
a data-based model will be built by Machine 
Learning (ML) methods & algorithms. This model 
will predict the tensile properties of the FDM 
printed FRP as function of printing and material 
parameters. Thus, the model can be used as a 
credible tool for the designers & researchers to 
manufacture FRP of optimal mechanical properties, 
and thus, saving efforts and money. 

The primary purpose of this study is developing a 
model can be used to control the parameters when 
designing the experiment related to 3D printing of 
FRP. Also, to show the efficiency of adopting data- 
based modeling approach in enhancing 3d printing 
in terms of quality and cost by predicting the 
optimum parameters for printing the composite. 

In this paper, ML model based on data collected 
from experimental studies will be developed using 
Artificial Neural Network (ANN) method for 
predicting the tensile properties of the FRP 
manufactured by FDM as a function of material and 
printing parameters. The tensile properties of FRP 
will be maximized by optimizing the printing and 
material parameters using Artificial Bee Colony 
(ABC) algorithm.  

2 Data Acquisition and Description 

2.1 Data Source & Description 

In order to model the relationship between the 
tensile strength and different parameters using 
ANN method, about 164 tensile tests data on FRP 
manufactured by FDM were collected from 
previous studies in the literature. These studies 
were obtained from Web of Science data base. 
However, only the published literature after 2017 
were considered. The selected studies are of the 
references number [4,5,13-18]. In total 7 
parameters are adopted as input data for the 
generated ANN model, while one measurement is 
considered as output. The input data are Fiber 
Tensile Strength (FTS), Fiber Form (FF), Polymer 
Tensile Strength (PTS), Layer Thickness (LT), Infill 
Pattern (IP), Fiber Orientation (FO), and Fiber 
Volume Fraction (FVF); while the output data is the 
Ultimate Tensile Strength (UTS) of FRP. 

2.2 Statistical Descriptive Analysis for the 
Collected Data 

To check the sufficiency of the dataset to generate 
data-based model, a statistical descriptive analysis 
is conducted on the collected dataset. The 
measures of central tendency and variability for 
the collected dataset are shown in Table 1. The 
distributions of the dataset and the pairwise 
relationship of input parameters & outputs are 
clarified in histogram and plots of Figure 3. 

As shown in Figure 3, the distribution of the input 
variables data is acceptable especially for FVF, FTS, 
PTS, FF, and FO because each of these input 
variables have several values in the dataset with 
somewhat enough frequency, so that guarantees 
as less bias as possible and shows the collected 
sample of data as a good representative for the 
population. In general, the collected data can be 
considered acceptable in terms of the variability 
and distribution for generating ANN model.  

From the pairwise relationship plots (Figure 3) 
between each of the input variable and the output 
(UTS), it is readable that the UTS of the FDM 
printed FRP increasing with the increment of the 
FTS and PTS of the Fiber and polymer constituent’s 
materials of the FRP. Also, the UTS of FRP is higher 

(a) (b) 
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for low value of LT, while the relationship between 
UTS and FVF is not apparent but to some extent it 
can be seen that the UTS is increasing with the 

increment of FVF till specific value of FVF then the 
UTS will start decreasing with the increment of FVF. 

Figure 3. Distributions of the dataset and the pairwise relationship of input parameters and outputs.

Table 1. Central tendency & variability Measures 

Data Mean Max Min Range Std.D 
FTS (Mpa) 475 850 0 850 303.72 
PTS (Mpa) 61.43 74 30 44 11.29 
LT (mm) 0.22 0.8 0.1 0.7 0.21 
FVF (%) 18.8 60 0 60 16.781 

FF 
Nominal Variable 

(Converted to dummy variables)IP 
FO 

UTS(Mpa) 154 720 9.76 710.24 144.01 

However, the nature of each of these relationships, 
i.e., either linear, quadratic or any other type of
relationships, is not obvious in the pairwise plots.

From the previous descriptive statistical analysis 
and discussion, the selected input variables and the 
collected dataset are sufficient and meaningful to 
develop ANN model to calculate the UTS of the FRP 
manufactured by FDM as a function of the input 
variables (i.e., printing and material parameters). 

3 Developing ANN Model 

3.1  Methodology 

In this research, the multilayer feed-forward ANN 
is employed, and one hidden layer. The Levenberg-
Marquardt Backpropagation learning algorithm is 
employed to train the network. Identity function is 
used as activation function in the neurons of input 
and output layers, while the hyperbolic tangent 
Sigmoid function is employed for the neurons of 
the hidden layer. Root mean square error (RMSE) is 
adopted as cost function to update the explicit 
parameters (weights). The k-fold cross validation 
method is used to split the data set into 5-folds 
(k=5), where the ratios for the training (Tr), 
validation (Val), and testing (Ts) are 70%, 15%, and 
15%, respectively.  

In order to optimize the number of the neurons in 
the hidden layer (hyper parameters), several ANN 
models for UTS of FRP are generated with different 
number of neurons in the hidden layer (from 1 to 
60). Each model is evaluated using three different 
error indices Eqns. (1-3), RMSE, mean absolute 
error (MAE), and coefficient of determination (R2). 
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𝑅𝑅𝑅𝑅𝑅𝑅𝑅𝑅 = �∑ (𝑦𝑦�𝑖𝑖−𝑦𝑦𝑖𝑖)2𝑛𝑛
𝑖𝑖=1

𝑛𝑛
 (1) 

𝑅𝑅𝑀𝑀𝑅𝑅 =
∑ |𝑦𝑦�𝑖𝑖 − 𝑦𝑦𝑖𝑖|𝑛𝑛
𝑖𝑖=1

𝑛𝑛
  (2) 

 𝑅𝑅2 = 1 − ∑ (𝑦𝑦�𝑖𝑖−𝑦𝑦𝑖𝑖)2𝑛𝑛
𝑖𝑖=1
∑ (𝑦𝑦𝑖𝑖−𝑦𝑦�)𝑛𝑛
𝑖𝑖=1

  (3) 

3.2 Results and Discussion 

Numerous ANN models (60 models) have been 
designed and built to predict the UTS of FRP 
manufactured by FDM printing technology. Each of 
these models is evaluated by three criteria, which 
are the error measures RMSE, R2, and MAE. The 
quality of the developed models in terms of RMSE, 
R2, and MAE are shown in Figure 4(a),(b),(c) for 
testing, validation, and testing sets. As can be seen, 
in terms of R2 and MAE, the best performance is 
reached when the number of neurons is 12, while 
10 neurons in terms of RMSE; however, the model 
of 12 neurons is selected because it is better from 
viewpoint of two indices (R2, MAE). This model can 
provide a higher performance capacity compared 
to the other predictive models for estimating UTS 
of FRP manufactured by FDM. However, the results 
of the model of best performance are detailed in 
Table 2. In the obtained results, 0.96, 0.90, and 0.90 
as R2 of the training, validation, and testing sets, 
respectively, are considered as acceptable values 
of the coefficient of determination to estimate the 
UTS of FRP manufactured by FDM using ANN model. 

Table 2. Optimum ANN models. 

Description 
of the model 

Optimum model in terms of 
RMSE R2 MAE 

Neurons No. 10 12 12 

RM
SE

 
(M

pa
) Tr 30.07 26.71 26.71 

Val 54.31 41.72 41.72 
Ts 42.69 43.64 43.64 

R2 

Tr 0.93 0.96 0.96 
Val 0.81 0.90 0.90 
Ts 0.89 0.90 0.90 

M
AE

  
(M

pa
) Tr 19.15 16.49 16.49 

Val 34.11 28.11 28.11 
Ts 28.09 27.11 27.11 

The regression plot in Figure 4(d) shows the results 
of the selected training, validation, and testing sets, 
while Table 3 shows the values of error indices of 

the selected sets. Consequently, this ANN model of 
12 neurons can be introduced as a model that 
predict the UTS of FRP manufactured by FDM as a 
function of several printing and material 
parameters (FTS, PTS, FVF, LT, FF, FO, and IP).  

Table 3. Values of error indices of the optimum 
ANN model for selected Tr, Val, and Ts sets. 

RMSE (Mpa) R2 MAE (Mpa) 
Tr 32.19 0.93 20.72 

Val 38.85 0.9 27.84 
Ts 52.88 0.84 32.72 

The next section describes the use of this model as 
an objective function in optimization problem in 
order to optimize the quality of the FRP 
manufactured by FDM in terms of UTS using ABC 
optimization algorithm. 

4 Optimizing the printing and 
material parameters using ANN 
model and ABC algorithm 

4.1 Methodology 

The objective of the optimization is maximizing the 
quality of the 3D printed FRP in terms of UTS as a 
function of seven design variables or parameters, 
i.e., FTS, PTS, FVF, LT, FF, FO, and IP. Therefore, the
developed ANN model will the objective function
of the optimization problem, see Eqn. (4).

𝑅𝑅𝑀𝑀𝑀𝑀  𝑓𝑓 = 𝑈𝑈𝑈𝑈𝑅𝑅 (FTS, PTS, LT, FVF, FF, IP, FO)   (4) 

The boundaries of the design variables will be the 
same as the maximum and minimum values of the 
design variables in the collected data set, see 
Table.1. No constraints are considered; thus, the 
optimization problem is under the category of 
single objective non-constraint optimization.  

To solve the formulated optimization problem, 
Artificial Bee Colony algorithm (ABC) is employed. 
ABC algorithm consists of three phases: (1) 
Employed bee phase; (2) Onlooker bee phase; (3) 
Scout bee phase. To complete the prementioned 
phases, three parameters need to be fixed which 
are the number of food source, number of 
employed bees, and number of onlooker bees; 
usually, the values of these parameters are taken 
equal to (S/5), where S is the swarm size.  
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In the employed bee phase, each food source will 
get an opportunity to generate new solution, while 
in the onlooker bee phase, not all food sources will 
generate new solutions, but only the food source 
that satisfy predefined condition will generate new 
solution, see Eqn. (5). However, in both employed 
bee phase and onlooker bee phase, new solution 

will be generated by modifying a randomly selected 
variable according to Eqn. (6). 

0.9 �
𝑓𝑓𝑓𝑓𝑓𝑓𝑖𝑖

max (𝑓𝑓𝑓𝑓𝑓𝑓)
� + 0.1 ≥ 𝑟𝑟𝑀𝑀𝑛𝑛𝑟𝑟  (5) 

𝑉𝑉𝑖𝑖𝑖𝑖(𝑓𝑓 + 1) = 𝑋𝑋𝑖𝑖𝑗𝑗 (𝑓𝑓) + Φ𝑖𝑖𝑗𝑗(𝑓𝑓) × �𝑋𝑋𝑖𝑖𝑗𝑗 (𝑓𝑓) − 𝑋𝑋𝑤𝑤𝑗𝑗 (𝑓𝑓)�    (6) 

Figure 4. The quality of the developed models in terms of (a) RMSE, (b) R2, (c) MAE; (d) Regression plot of 
the optimum ANN model for selected training, validation, and testing sets 

where  𝑉𝑉𝑖𝑖𝑖𝑖 is the generated new solution; 𝑋𝑋𝑖𝑖𝑗𝑗  is the 
current solution; 𝑋𝑋𝑤𝑤𝑗𝑗  is the partner solution; Φ𝑖𝑖𝑗𝑗 is 
a random number in the range [-1 1]. The objective 
function value and fitness function (Eqn. (7)) value 
will be evaluated for each generated solution. 

𝑓𝑓𝑓𝑓𝑓𝑓 =  � 
1

1 + 𝑓𝑓
 𝑓𝑓𝑓𝑓      𝑓𝑓 ≥ 0 

1 + |𝑓𝑓|     𝑓𝑓𝑓𝑓      𝑓𝑓 < 0
 (7) 

Under these conditions, each solution that can 
solve the problem better than the previous one will 
replace it. Subsequently, in the scout bee phase, 
the exhausted food source is abandoned, i.e., 
particular solution will be discarded and new 
solution will be generated. 

The prementioned optimization problem and ABC 
were coded using MATLAB. Then, this code was run 
for maximizing the UTS of FRP in 9 different study 

cases. Also, to validate the coded ABC algorithm, 
modified by translation Rosenbrock and Griewank 
benchmark functions, Eqns. (8-9), were used as 
objective functions of two design variables and 
optimized using ABC within the boundaries [-10 10] 
of the design variables. 

 𝑓𝑓1(𝑀𝑀) = �[100(𝑀𝑀𝑖𝑖+1 − 𝑀𝑀𝑖𝑖2)2 + (𝑀𝑀𝑖𝑖 − 1)2]
𝑑𝑑−1

𝑖𝑖=1

 + 3     (8)

𝑓𝑓2(𝑀𝑀) = �
𝑀𝑀𝑖𝑖2

4000
−� cos �

𝑀𝑀𝑖𝑖
√𝑓𝑓
� + 1

𝑑𝑑

𝑖𝑖=1

𝑑𝑑

𝑖𝑖=1

− 2  (9) 

4.2  Results and Discussion 

As prementioned, to examine the coded ABC 
algorithm, which is employed in this study for 
optimizing the UTS of FRP manufactured by FDM, 
the modified by transition Rosenbrock and 

(a) (b)

R^
2

Training,        R^2 = 0.93
Validation,     R^2 = 0.90
Testing,         R^2 = 0.84

(c) (d)
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Griewank functions are employed, where only two 
input variables are considered (i.e., d=2). The 
minimum values of these functions in the intervals 
[-10 10] of the input variables are 3 and -2, 
respectively. Figure 5 elucidates the 3-dimensional 
graphs of both functions in the considered interval. 
Figure 6(a) demonstrates the results obtained by 
ABC algorithms for both functions, and it shows 
that the written code of ABC algorithm successfully 
identified the minimums of the functions in Eqns. 
(8-9). Therefore, this code, without a shadow of 
doubt, can be run for maximizing the UTS of FRP by 
using the developed ANN prediction model of UTS. 

To optimize the UTS of FRP manufactured by FDM, 
the ANN prediction models developed in the 
section 3 were used. However, the best 
performance ANN model of 12 neurons is the 
selected model to be the objective function. In 
order to tune parameters of ABC algorithm, set of 
analyses were designed, each analysis was 
executed by adjusting the ABC parameters. The 
most appropriate parameters that could deliver a 
high performance for ABC algorithm for optimizing 
UTS of FRP are listed in Table 4. 

Table 4. Effective ABC parameters. 

ABC Parameters 

Swarm Size   Bees No. Iterations Limit 

200 40 300 20 

As prementioned, the optimization of the UTS of 
FRP was conducted on 9 study cases. For each 
study case the optimum values of the parameters 
(design variables) that could provide the best 
possible UTS of FRP manufactured by FDM for 
considered study case were determined. The 
optimum values of the parameters for each study 
case are shown in Table 5, while the value of the 

UTS is depicted against the number of iterations of 
ABC algorithm in Figure 6(b). 

It can be observed from the first case study that 
when the optimization is performed on all 
parameters, significant enhancements are 
achieved in the UTS of FRP, where the UTS is 
increased to reach ≈ 905 𝑅𝑅𝑀𝑀𝑀𝑀  in comparison to 
the highest UTS in the dataset which is 720 𝑅𝑅𝑀𝑀𝑀𝑀 
(see Table 1). Similarly, in the other 8 study cases, 
where some of the parameters are fixed (FTS, PTS, 
FF) while other are optimized (LT, FVF, IP, FO), 
appropriate enhancements are also observed in 
the UTS of FRP. Therefore, it can be inferred that 
different patterns of designing can be applied 
under various conditions, and the best 
performance can be attained.  

Figure 5. 3D plot for the modified (a) Rosenbrock 
and (b) Griewank functions. 

(a) 

(b)
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Figure 6. (a) The minimum value of the modified Rosenbrock & Griewank functions; (b) the maximum value of the UTS. 

Table 5. The optimum values of the material and printing parameters for each study case. 

Case 
Studies 

Fibers Polymers LT 
(mm) 

FVF 
(%) IP FO 

(°) 
UTS 

(Mpa) Type FF FTS 
(Mpa) Type PTS 

(Mpa) 
C1 CF Continuous 850 Nylon 74 0.10 60 rectilinear 0° 904.93 
C2 CF Continuous 800 Nylon 74 0.12 60 rectilinear 0° 852.42 
C3 GF Continuous 590 Nylon 74 0.18 60 rectilinear 0° 523.90 
C4 KF Continuous 610 Nylon 74 0.23 60 rectilinear 0° 587.31 
C5 Flax Continuous 500 PLA 60 0.12 60 rectilinear 0° 156.98 
C6 SCB* Chopped 180 PLA 60 0.10 17.5 rectilinear 0° 50.94 
C7 Wood Chopped 160 PLA 60 0.10 15.6 rectilinear 0° 48.68 
C8 NON NON 0 Nylon 74 0.10 0 rectilinear 0° 61.31 
C9 NON NON 0 PLA 60 0.10 0 rectilinear 0° 55.72 

     Fixed values of design variables (parameters) which used as inputs (not optimized); * Sugarcane Bagasse (SCB) 

Moreover, the optimization results of different 
case studies (Table 5) are consistent with the 
experiments results and interpretations in the 
literature about the impacts of different material 
and printing parameters on the UTS of FRP. For 
example, in order to maximize the UTS, the 
optimum LT in most of study cases took the lowest 
possible value defined by the boundaries (0.1 mm) 
of optimization problem which is compatible with 
conclusion of previous experimental study [9] that 
said: “Test results reveal that the tensile properties 
of thin-layered printed parts are better than those 
of thick-layered printed parts, but not the 
interlaminar properties.”. Similarly, the trend of the 
optimum values of remaining parameters, i.e., FO, 
FF, IP, FTS, PTS, and FVF are also in line with the 
information available in the literature, and thus, 
confirming the efficiency and credibility of the 
developed ANN model and ABC algorithm in 
predicting and optimizing the UTS of FRP 
manufactured by FDM technique. 

5 Conclusions 
Composite materials, particularly FRP, have been 
always attracting the attention of the researchers 
due to its multiple applications especially in the 
field of structural engineering, construction and, 
mechanical engineering. AM or 3D printing 
manufacturing method is one of the most 
promising technologies to fabricate FRP material 
and elements. Controlling the quality of the 

additively manufactured FRP is vital to guarantee a 
FRP material of high performance for different 
applications. Therefore, in this research, ML 
models based on data collected from experimental 
studies were developed using ANN modeling 
method to control the quality of FRP manufactured 
by FDM printing technology. ANN models predict 
the tensile properties, particularly UTS, of the FRP 
as function of material and printing parameters 
(FTS, PTS, LT, FVF, FF, IP, and FO). The UTS of the 
FRP is maximized by optimizing the prementioned 
printing and material parameters by using ABC 
algorithm. Both ANN modeling method and ABC 
algorithm were codified and applied using MATLAB 
software. The results of this research can be 
summarized in the following points: 

• Amongst the developed ANN models to predict
the UTS of FRP, the best model consists of input
layer, output layer, and one hidden layer of 12
neurons. The performance indices showed the
good prediction accuracy of this model, where the
values of R2 for training, validation, testing datasets
were 0.96, 0.90, and 0.90, respectively; while the
RMSE values were 26.71 𝑅𝑅𝑀𝑀𝑀𝑀 , 41.72 𝑅𝑅𝑀𝑀𝑀𝑀 , and
43.64 𝑅𝑅𝑀𝑀𝑀𝑀; and the MAE values were 16.49 𝑅𝑅𝑀𝑀𝑀𝑀,
28.11 𝑅𝑅𝑀𝑀𝑀𝑀, and 27.11 𝑅𝑅𝑀𝑀𝑀𝑀. Therefore, this model
of 12 neurons in the hidden layer was selected as
the best predictive model for estimating the UTS of
FRP.

• To optimize the UTS of FRP manufactured by FDM, 
the best performance ANN model of 12 neurons
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was used as input function in ABC optimization 
algorithm. The optimization was done for 9 study 
cases. The results showed the UTS of FRP is 
maximized using ABC algorithm, for instance, in the 
first study case, the UTS is increased to reach ≈
905 𝑅𝑅𝑀𝑀𝑀𝑀 in comparison to the highest UTS in the 
dataset which is 720 𝑅𝑅𝑀𝑀𝑀𝑀 . Moreover, the 
optimization results of different case studies were 
consistent with the experiments results and 
interpretations in the literature about the impacts 
of different material and printing parameters on 
the UTS of FRP. 
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Abstract 
In traditional three-dimensional (3D) printing, large-size 3D print machines, restricted print sizes of 
structural components and unstable printing quality limit its application in construction engineering. 
This paper proposes a mobile 3D printing technique for construction engineering. In this technique, 
a mobile 3D printing construction robot (M3DPC-Rob) is developed that takes advantage of a 
movable platform and flexible mechanical arm to cover the printing range of ordinary residential 
buildings. In order to locate the robot accurately in outdoor environments, an outdoor positioning 
and navigation method based on reflective columns is proposed. Furthermore, a quality control 
process is developed and modified to improve the quality of the printed line width. The results of a 
case study reveal that the outdoor navigation and printing quality control techniques of M3DPC-
Rob show sufficient and steady accuracy that meet the requirements of construction engineering. 

Keywords: 3D concrete printing; mobile construction robot; outdoor navigation technique; printing 
quality control technique; reflective-column-based absolute positioning method. 

1 Introduction 
The three-dimensional (3D) printing technique, as 
an emerging type of intelligent construction 
technology, has attracted much attention in recent 
years. Compared with traditional construction 
methods, the 3D printing technique requires less 
human labor, saves more building material and 
shows higher construction efficiency, which lead to 
lower construction costs [1]. Furthermore, the 3D 
printing technique can build architectures without 
formwork [2] and print structural components 
having complex shapes, which bring great 
convenience in construction engineering and 

inspire more innovations in both design and 
construction. 

Nowadays, there are more and more studies 
focusing on research in, and application of, the 3D 
printing technique in construction engineering. 
Most of these studies emphasize the mechanical 
performance of suitable 3D printing material such 
as mortar, paste with small aggregate particles and 
concrete. The printability, fresh mechanical 
properties, hardened mechanical properties, 
durability [3] and fiber orientation effects [4] of 
those typical printing materials are researched and 
suggested design criteria are given. Most research 
shows that the materials used in 3D printing have 
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the same mechanical performance as those of 
traditional building materials. In recent years, the 
mechanical performance of 3D printed 
components [5] such as columns, beams and walls 
have been examined under various force 
conditions including compression, tension, bending 
and combined cases. Experimental results indicate 
that the performance of 3D printed components 
will be significant influenced by several factors, 
such as printing path [6], material additives, fiber 
orientation, the layout of structural components 
[7], the printing procedure and so on. It has been 
demonstrated that the 3D printing technique 
requires more detailed technology matching to 
maximize its advantages. 

3D print equipment is another hot topic of the 3D 
printing technique. In the traditional 3D printing 
technique, a large-size print machine with a truss 
and a discharging port is required. This type of print 
machine can offer sufficient printing accuracy and 
is easy to manipulate. In recent years, several 
improvements in print equipment have been 
realized during the combination of the techniques 
of 3D printing and intelligent robots. The University 
of Southern California, Massachusetts Institute of 
Technology (MIT), Nanyang Technological 
University Singapore, Imperial College London and 
other research institutions have developed small, 
medium and giant 3D printers with types of gantry 
crane, telescopic booms, industrial mechanical 
arms (both stationary and mobile), flight 3D 
printing robots and so on [8]. However, the current 
working space of 3D print machines is limited to 
only three-axis spatial movement. The equipment 
system is too large to print buildings larger than 
their own size; 3D print machines cannot be 
deployed quickly in a real environment [9]. Last but 
not least, owing to the limited operation span of 3D 
printing equipment, the printing speed is slow and 
the printing accuracy is insufficient in the face of 
large-scale building printing. Thus, when it comes 
to building a 3D printed building, it is common to 
print structural components off site and then 
transport them to the construction site for 
assembly [10]. 

In the development of 3D printing techniques, 3D 
printed buildings and bridges have been built using 
typical 3D printing techniques. In 2015, the WinSun 

Company built a fivestory apartment using 3D 
printing techniques. The first 3D printed bridge was 
built in Spain (2017) [11], and the largest 3D printed 
bridge in the world was built in Shanghai (2019) 
[12]. The span of the largest 3D printed bridge 
reaches 26.3 m, and concrete printing technology 
was used in construction. The application of 3D 
printing technique is extending to more types of 
structure. However, it should be noticed that most 
of the current 3D printed structures are printed off 
site and then assembled on the construction site. 
This type of construction method is limiting 3D 
printing techniques to apply only to simple 
engineering rather than larger and more difficult 
engineering. 

In order to extend the application of 3D printing 
techniques for construction engineering, a mobile 
3D printing technique is proposed in this paper. 
Firstly, a mobile 3D printing construction robot 
(M3DPC-Rob) is developed to print large-scale 
structural components without a large-size printing 
machine. Secondly, an outdoor navigation 
algorithm is proposed that is based on reflective 
columns, provides accurate location information 
for outdoor autonomous navigation and is used in 
M3DPC-Rob. Last but not least, a quality control 
process is developed and applied in the robot to 
improve the linewidth printing quality. The results 
of a case study show that M3DPC-Rob can print 
structural components automatically with proper 
programming, and the navigation and printing 
quality control techniques used in M3DPC-Rob 
show sufficient and steady accuracy that meet the 
requirements of construction engineering. 

2 Mobile 3D printing robot and main 
printing process 

The layout of M3DPC-Rob is shown in Figure 1. An 
omnidirectional mobile platform with four 
Mecanum wheels is applied to M3DPC-Rob, which 
can realize movement in all directions and rotate 
with zero turning radius. In addition, the Mecanum 
mobile platform can reach target locations more 
flexible and quickly than a traditional mobile 
platform, which is more suitable for construction 
sites. The KR90 R3100 extra of KUKA’s industrial 
mechanical arm is used as the actuator for the 
robot. As shown in Figure 2, a self-developed print 
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head is assembled at the end of the actuator, which 
consists of a cylindrical storage barrel, a variable 
frequency motor, a rotation spindle, a material 
feeding system and a surveillance camera. The 
camera provides real-time monitoring for remote 
adjustment of the print speed and print status. 

Figure 1. Layout of M3DPC-Rob 

Figure 2. Components of print head 

The navigation module on the robot uses two 2D 
OMD30M-R2000 laser radars, covering a 360° 
range around the robot. Considering that the 
construction site is quite large and lacks any 
feature points to mark, an outdoor navigation 
algorithm based on reflective columns is developed 
to locate the absolute position of the robot and 
navigate the robot to the target print site. In order 
to improve the print accuracy and avoid the 
influence of vibration on the mobile platform, an 
auxiliary support system is assembled on the robot. 
The system is composed of four supporting legs 
that are put down and support the robot when it is 
printing. 

In addition, an ultrasonic sensor is assembled on 
the robot to provide a dual safety guarantee. In the 
moving process, both the ultrasonic sensor and the 

laser sensor work to detect the distance between 
the robot and the surrounding environment. Once 
the detected distance reaches or overpasses the 
given safety distance value, the robot can slow 
down or stop automatically to ensure safety. The 
main print process of the mobile 3D printing 
technique is shown in Figure 3.  

Figure 3. Process of the mobile 3D printing 
technique 

3 Outdoor navigation and 
positioning technology based on 
reflective columns 

In this paper, an absolute positioning algorithm 
based on reflective columns is carried out to 
calculate the location of the robot. In addition, a 
combined positioning algorithm based on the 
absolute positioning algorithm and a relative 
positioning method is used to improve the 
accuracy and stability of locating. 

3.1 Motion model of the Mecanum wheel 

As shown in Figure 4, each Mecanum wheel can 
generate an axial friction force Fa along the roller 
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axis and a normal friction force Fr along the normal 
direction of the roller axis. Combining these friction 
forces, the mobile construction robot realizes 
omnidirectional movement, such as transverse 
movement, forward movement, diagonal 
movement and rotation.  

Figure 4. The movement of Mecanum wheels 

The relation between the angular velocity of each 
wheel, the linear velocity Vx and Vy of the robot 
along the x- and y-directions of the robot 
coordinate system and the rotation angular 
velocity ω of the robot are as follows: 

𝑅𝑅 �
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in which the angular velocities of the four 
Mecanum wheels are ω1, ω2, ω3 and ω4, 
respectively. L1 is half the wheelbase of the front 
and rear wheels, L2 is half the wheelbase of the left 
and right wheels and R is the radius of the hub. 

3.2 Relative positioning method 

In general, the position of the robot can be 
calculated according to the relative positioning 
method (RPM) based on the odometer. Suppose 

the original position of the robot under the global 
coordinate system is set as �𝐺𝐺𝑥𝑥𝑘𝑘 ,𝐺𝐺𝑦𝑦𝑘𝑘 ,𝐺𝐺𝜃𝜃𝑘𝑘�. After 
time Δt, the robot move to the location 
�𝐺𝐺𝑥𝑥𝑘𝑘+1 ,𝐺𝐺𝑦𝑦𝑘𝑘+1 ,𝐺𝐺𝜃𝜃𝑘𝑘+1� , in which ∆θ denotes the 
change of azimuth angle of the mobile robot from 
the adjacent time, ∆x denotes the displacement 
increment of the mobile robot from the adjacent 
time in the x-direction of the robot coordinate 
system, ∆y denotes the displacement increment of 
the mobile robot from the adjacent time in the y-
direction of the robot coordinate system, and the 
discrete motion model can be obtained as 
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∆𝜃𝜃 = 𝜔𝜔∆𝑡𝑡

 (3) 

in which, Vx, Vy and ω can be calculated by Eqn. (1) 
and Δt represents the sampling period of the 
encoder. 

The main advantage of the positioning method 
based on the odometer is that the robot position 
can be obtained without relying on the external 
sensor. However, owing to existing error in the 
odometer data, the locating error of this method 
will accumulate. When it is used to locate the robot 
in an open outdoor environment such as a 
construction site, this accumulated error may lead 
to unacceptable results. 

3.3 Absolute positioning method based on 
reflective columns 

In order to improve the accuracy and stability of 
locating, a reflective-column-based absolute 
positioning method (APM) is introduced. This 
method requires a reflective column map that is 
established before locating and navigating robot. 
As shown in Figure 5, three types coordinate 
system is used in this method, which includes the 
global coordinate system {XG YG ZG}, robot 

Lateral move Forward  move

Diagnol move Rotation
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coordinate system {XR YR ZR} and laser sensor 
coordinate system {XL YL ZL}. 

Figure 5. Coordinate systems of the robot 

As shown in Figure 6, when establishing the 
reflective column map, the first column A and the 
second column B are chosen to decide the X- and 
Y-directions of the global coordinate system.
Assuming that their coordinates are A(x0, y0) and
B(x3, y3), respectively, column A is set as the origin
of the global coordinate system and the line AB
determines the XG axis. Thus, the YG axis can be
determined accordingly by the right-hand rule.
After establishing the global coordinate system,
measure the distance di between two arbitrary
reflective columns, and the number of measured
distance values di (i = 1,2, … ,N) should be greater
than twice the number of reflective columns whose 
locations are unkown. Taking the map in Figure 6
as an example, according to the above manually
measured distance values, a set of nonlinear
equations can be listed as follows. By solving Eqn.
(4), two other unknown reflector coordinates (x1,y1)
and (x2,y2) can be obtained:

⎩
⎪
⎨

⎪
⎧(𝑥𝑥1 − 𝑥𝑥0)2 + (𝑦𝑦1 − 𝑦𝑦0)2 = 𝑑𝑑12

(𝑥𝑥2 − 𝑥𝑥1)2 + (𝑦𝑦2 − 𝑦𝑦1)2 = 𝑑𝑑22

(𝑥𝑥2 − 𝑥𝑥3)2 + (𝑦𝑦2 − 𝑦𝑦3)2 = 𝑑𝑑32

(𝑥𝑥1 − 𝑥𝑥3)2 + (𝑦𝑦1 − 𝑦𝑦3)2 = 𝑑𝑑42

 (4) 

Eqn. (4) indicates that, if the number of reflective 
columns k is larger than four, all the coordinates of 
the reflective columns can still be determined as 
long as the number of measured distances di is 
equal to or larger than 2k. When all the coordinates 
of reflective column Ci (i = 1,2, … ,k, k≥3) have 
been obtained, the real-time position of the robot 

can be calculated according to the following 
procedure. 

Figure 6. Layout of reflective column map 

As shown in Figure 7, assuming the coordinates of 
reflective column Ci (i = 1,2, … ,k, k≥3) under the 
global coordinate system are (GxCi, GyCi), three 
arbitrary reflective columns can form a triangle 
△CrCsCt (1≤r,s,t≤k). The lengths of the triangle sides
and angle ∠CrCsCt can be written as

Figure 7. Reflective columns under global system 

𝐿𝐿1 
𝐺𝐺 = |𝐶𝐶𝑟𝑟𝐶𝐶𝑠𝑠| = �( 𝑥𝑥𝑟𝑟 

𝐺𝐺 − 𝑥𝑥𝑠𝑠 
𝐺𝐺 )2 + ( 𝑦𝑦𝑟𝑟 

𝐺𝐺 − 𝑦𝑦𝑠𝑠 
𝐺𝐺 )2 (5) 

𝐿𝐿2 
𝐺𝐺 = |𝐶𝐶𝑐𝑐𝐶𝐶𝑡𝑡|

= �( 𝑥𝑥𝑡𝑡 
𝐺𝐺 − 𝑥𝑥𝑐𝑐 

𝐺𝐺 )2 + ( 𝑦𝑦𝑡𝑡 
𝐺𝐺 − 𝑦𝑦𝑐𝑐 

𝐺𝐺 )2 
(6) 

𝐿𝐿3 
𝐺𝐺 = |𝐶𝐶𝑟𝑟𝐶𝐶𝑡𝑡|

= �( 𝑥𝑥𝑟𝑟 
𝐺𝐺 − 𝑥𝑥𝑡𝑡 

𝐺𝐺 )2 + ( 𝑦𝑦𝑟𝑟 
𝐺𝐺 − 𝑦𝑦𝑡𝑡 

𝐺𝐺 )2 
(7) 

𝛼𝛼 𝐺𝐺 = ∠𝐶𝐶𝑟𝑟𝐶𝐶𝑠𝑠𝐶𝐶𝑡𝑡 = arccos[( 𝐿𝐿12 
𝐺𝐺 + 𝐿𝐿22 

𝐺𝐺

− 𝐿𝐿32 
𝐺𝐺 )/(2 𝐿𝐿1 

𝐺𝐺 𝐿𝐿2 
𝐺𝐺 )] (8) 

The information about any triangle in the global 
environment GTj (j=1,2,...,C3

k) can be written as 

𝑻𝑻𝑗𝑗 
𝐺𝐺 = {∆𝐶𝐶𝑟𝑟𝐶𝐶𝑠𝑠𝐶𝐶𝑡𝑡, [ 𝐿𝐿1 

𝐺𝐺 , 𝐿𝐿2 
𝐺𝐺 , 𝛼𝛼 𝐺𝐺 ]} (9) 
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Each GTj consists of two parts: the first part 
represents triangle information, and the second 
part represents the matching parameters to be 
used in subsequent matching. 

As shown in Figure 8, the layout of the reflective 
columns should ensure that the robot can observe 
at least three columns at the same time. Assuming 
that the robot observes h reflective columns Ci 
(i=1,2,...,h, h≥3) at time t, take three arbitrary 
reflective columns to form a triangle △CeCfCg 
(1≤e,f,g≤h) and calculate the lengths of the sides 
and angle under the robot local system according 
to the following equations: 

𝐿𝐿1 
𝑅𝑅 = �𝐶𝐶𝑒𝑒𝐶𝐶𝑓𝑓�

= �( 𝑥𝑥𝑒𝑒 
𝑅𝑅 − 𝑥𝑥𝑓𝑓 

𝑅𝑅 )2 + ( 𝑦𝑦𝑒𝑒 
𝑅𝑅 − 𝑦𝑦𝑓𝑓 

𝑅𝑅 )2 (10) 

𝐿𝐿2 
𝑅𝑅 = �𝐶𝐶𝑓𝑓𝐶𝐶𝑔𝑔�

= �( 𝑥𝑥𝑔𝑔 
𝑅𝑅 − 𝑥𝑥𝑓𝑓 

𝑅𝑅 )2 + ( 𝑦𝑦𝑔𝑔 
𝑅𝑅 − 𝑦𝑦𝑓𝑓 

𝑅𝑅 )2 (11) 

𝐿𝐿3 
𝑅𝑅 = �𝐶𝐶𝑒𝑒𝐶𝐶𝑔𝑔�

= �( 𝑥𝑥𝑒𝑒 
𝑅𝑅 − 𝑥𝑥𝑔𝑔 

𝑅𝑅 )2 + ( 𝑦𝑦𝑒𝑒 
𝑅𝑅 − 𝑦𝑦𝑔𝑔 

𝑅𝑅 )2 (12) 

𝛼𝛼 𝐺𝐺 = ∠𝐶𝐶𝑒𝑒𝐶𝐶𝑓𝑓𝐶𝐶𝑔𝑔 = arccos[( 𝐿𝐿12 
𝐺𝐺 + 𝐿𝐿22 

𝐺𝐺

− 𝐿𝐿32 
𝐺𝐺 )/(2 𝐿𝐿1 

𝐺𝐺 𝐿𝐿2 
𝐺𝐺 )] (13) 

Figure 8. Reflective columns under local robot 
system 

The information about the triangle under the robot 
local system can be summarized as follows: 

𝑻𝑻𝑚𝑚 
R = �∆CeCfCg, [ L1 

R , L2 
R , α R ]�  (𝑚𝑚 = 1,2, … , Cℎ

3) (14) 

Comparing all the RTm’s under the local system with 
all the GTj’s under the global system, respectively, if 
the information about RTm0 and GTj0 satisfies the 
following condition, it is indicated that RTm0 and GTj0 
are matched, and the relation between the 

location information under the local system and 
the global system is established: 

⎩
⎪
⎨

⎪
⎧� L1 

G − L1 
R �min ≤ ∆L

� L2 
G − L2 

R �min ≤ ∆L
� α G − α R �min ≤ ∆α

(15) 

where ∆L and ∆α represent the limit error 
tolerances of the side lengths and angle. If neither 
of them satisfy formula (15), it means that there is 
a wrong reflective column in RTm, i.e. the laser 
sensor wrongly identifies other reflective objects 
and extracts them as reflective columns. If a 
reflective column in the global environment is not 
detected, it may have been blocked by people or 
other moving obstacles. Through the above 
matching, an effective reflective column can be 
obtained that can be used to calculate the position 
and posture of the mobile construction robot. 

After the reflective columns are matched 
successfully, the real-time position and posture of 
the robot can be determined by the following 
procedure. As shown in Figure 9a, assume that 
C1(Gx1, Gy1), C2(Gx2, Gy2) and C3(Gx3, Gy3) are reflective 
columns detected by the robot and that the 
distances between the reflective columns and the 
robot are ρ1, ρ2 and ρ3, respectively. Theoretically, 
the position of the robot is located at the 
intersaction point of the three circles with circle 
centers at C1(Gx1, Gy1), C2(Gx2, Gy2) and C3(Gx3, Gy3) 
and radii of ρ1, ρ2 and ρ3, respectively. However, as 
shown in Figure 9b, owing to laser sensor 
measurement error, there will be an intersection 
region of the three circles such that the robot 
cannot locate accurately. 

(a) Theoretical
situation

(b) Actual situation

Figure 9. The intersection among three circles of 
reflective column 

C1

OG

YG

XG

C2
C3

C4

Gy

Gx

Gθ 

YG

XGOG Rx

Ry

C1
C2

C3

YG

XGOG

C1
C2

C3

1158



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

According to the geometric relationship in Figure 
8a, the following equations can be listed: 

�
( 𝑥𝑥 𝐺𝐺 1 − 𝑥𝑥 𝐺𝐺 )2 + ( 𝑦𝑦 𝐺𝐺 1 − 𝑦𝑦 𝐺𝐺 )2 = 𝜌𝜌𝐶𝐶1

2

( 𝑥𝑥 𝐺𝐺 2 − 𝑥𝑥 𝐺𝐺 )2 + ( 𝑦𝑦 𝐺𝐺 2 − 𝑦𝑦 𝐺𝐺 )2 = 𝜌𝜌𝐶𝐶2
2

( 𝑥𝑥 𝐺𝐺 3 − 𝑥𝑥 𝐺𝐺 )2 + ( 𝑦𝑦 𝐺𝐺 3 − 𝑦𝑦 𝐺𝐺 )2 = 𝜌𝜌𝐶𝐶3
2
 (16) 

where (Gx, Gy) is the predicted real-time position of 
the mobile robot. 

In order to minimize the error between the actual 
position and the theoretical position, the least 
squares method is applied to determine the 
coordinates of the mobile robot. Based on all the 
coordinates of the reflective columns under the 
global system (Gxi, Gyi) (i=1,2,...,h) and the detected 
distances ρci (i=1,2,...,h), the position of the mobile 
robot OR(Gx, Gy) can be calculated by the following 
equation: 

( 𝑥𝑥, 
𝐺𝐺 𝑦𝑦 𝐺𝐺 )𝑇𝑇 = (𝑨𝑨𝑇𝑇𝑨𝑨)−1𝑨𝑨𝑇𝑇𝒃𝒃 (17) 

in which 

𝑨𝑨 = �
2( 𝑥𝑥1 

𝐺𝐺 − 𝑥𝑥ℎ 
𝐺𝐺 ) 2( 𝑦𝑦1 

𝐺𝐺 − 𝑦𝑦ℎ 
𝐺𝐺 )

⋮ ⋮
2( 𝑥𝑥ℎ−1 

𝐺𝐺 − 𝑥𝑥ℎ 
𝐺𝐺 ) 2( 𝑦𝑦ℎ−1 

𝐺𝐺 − 𝑦𝑦ℎ 
𝐺𝐺 )

� (18)

𝒃𝒃 = �
𝑥𝑥12 

𝐺𝐺 − 𝑥𝑥ℎ2 
𝐺𝐺 + 𝑦𝑦12 

𝐺𝐺 − 𝑦𝑦ℎ2 
𝐺𝐺 + 𝜌𝜌𝐶𝐶ℎ

2
 
𝐿𝐿 − 𝜌𝜌𝐶𝐶1

2
 
𝐿𝐿

⋮
𝑥𝑥ℎ−12
 
𝐺𝐺 − 𝑥𝑥ℎ2 

𝐺𝐺 + 𝑦𝑦ℎ−12
 
𝐺𝐺 − 𝑦𝑦ℎ2 

𝐺𝐺 + 𝜌𝜌𝐶𝐶ℎ
2

 
𝐿𝐿 − 𝜌𝜌𝐶𝐶ℎ−1

2
 
𝐿𝐿

� (19)

According to the above calculated position of the 
robot, i.e. (Gx, Gy), and the coordinates of the 
reflective columns, i.e. (Gxi, Gyi), under the global 
system, an azimuth angle Gθi of the robot can be 
obtained by 

𝜃𝜃𝑖𝑖 
𝐺𝐺 = atan2 ( 𝑦𝑦𝑖𝑖 

𝐺𝐺 − 𝑦𝑦 𝐺𝐺 , 𝑥𝑥𝑖𝑖 
𝐺𝐺 − 𝑥𝑥 𝐺𝐺 )− 𝜑𝜑𝐶𝐶𝑖𝑖 

𝐿𝐿 (20) 

The azimuth angle of the robot under the global 
system can be determined according to the 
following equation: 

𝜃𝜃 𝐺𝐺 =
1
ℎ
� 𝜃𝜃𝑖𝑖 

𝐺𝐺
ℎ

𝑖𝑖=1

 (21) 

Thus, the real-time position and posture of the 
mobile robot, GR [Gx, Gy, Gθ], can be obtained. 

3.4 Combined positioning method 

Owing to the complicated situation at the 
construction site and the laser sensor measuring 
error, the APM could still sometimes fail. Thus, a 
combined positioning method (CPM) is proposed 
for calculating the position of the robot in this 
situation. Assuming the positions of the robot at 
times t1 and t2 are GR1 and GR2, using the absolute 
positioning method, if the distance | GR1-GR2| is less 
than a given threshold value ϵ, the position of the 
robot can be calculated by 

𝑹𝑹2 
𝐺𝐺 = 𝑹𝑹1 

𝐺𝐺 + ∆ 𝑹𝑹2,1 
𝐺𝐺  (22) 

where ΔGR2,1 is the amount of position change at 
adjacent moments according to the odometer. 

3.5 Case study 

The accuracy and applicability of the APM and CPM 
are verified through a case study test. In the test, 
M3DPC-Rob navigates along a straight path using 
APM and CPM, respectively, and the real-time 
position results given by APM and CPM are plotted 
in Figure 10. As shown in Figure 10, both the two 
methods can give quite accurate position 
coordinates when the robot is moving. According 
to the results, the real-time position given by APM 
is prone to mutation in some places where the 
reflective columns are not placed properly, while 
the result given by CPM show steady accuracy and 
reliability for locating the robot. It is demonstrated 
that, compared with APM, CPM methods can 
improve the accuracy and reliability of locating the 
position and posture of the robot. 

(a) Results of the CPM (b) Results of the APM

Figure 10. Results of case study 
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4 Printing quality control technique 
of mobile 3D printing 

An optimized printing procedure for line-width 
control is developed and modified. This procedure 
focuses on harmonizing the speed among the robot 
arm, shaft and discharging, and optimizing the print 
path to maintain the line width during printing. In 
this procedure, a typical mobile 3D printing process 
is categorized into three situations, which are 
printing in layers, printing between layers and 
breakpoint printing. Figure 11 illustrates the main 
optimized procedures of 3D printing. 

(1) Print in the same layer

When printing in the same layer, at a certain 
moving speed and shaft rotation speed, with a 
change in the material state the printed line width 
will also change in thickness, so it is necessary to 
carry out appropriate control to ensure the stability 
of the printed line width. The width of material at 
the discharging port should be monitored in real 
time. For example, setting distance measuring 
sensors (DMSs) to measure the width of the 
printed line wd at the discharging port in real time. 
A tolerance δ is set if the absolute difference value 
between wd and the design width w0 is larger than 
δ, when the main control system will increase the 
rotation speed of the shaft or slow down the 
moving speed of the robot arm; otherwise, the 
rotation speed will be slowed down and the moving 
speed will be accelerated. 

(2) Print between layers

When a layer is being printed and the print head is 
lifted to the next layer, the rotation speed of the 
shaft will slow down to reduce the amount of 
material discharged during lifting. Once the height 
of the next layer is reached, the rotation speed of 
the shaft is recovered to normal speed. In doing so, 
the large-thickness problem at the lifting position 
can be solved. 

(3) When printing the breakpoint

The mobile 3D printing technique provides a 
function called “breakpoint printing”, in which the 
printing procedure can be paused to create a 
breakpoint if needed, and the procedure can 
continue from the breakpoint after the rerun 
button is pushed. 

Figure 11. Optimized procedure of printing quality 
control 

If the print task starts at breakpoint, it is 
recommended that the print head be lifted in 
advance slightly higher than the target height, then 
moved to the target breakpoint with the 
discharging function closed. When the target 
breakpoint is reached, the shaft runs at low speed 
and the print head begins to go down slowly. 
During the go-down process, the interspace 
between breakpoints can be compensated, thus 
continuity is ensured. 

Through many times of testing, suitable related 
speeds among the robot arm, the shaft and the 
discharging port at sensitive positions such as 
corners or breakpoints of the component to be 
printed can be obtained. In the current mobile 3D 
printing technique, the print quality is improved 
using the optimizing procedure. The print results at 
walls and curves are illustrated in Figures 12 and 13. 
It can be seen in the figures that the printed line 
shows a consistent width and the surfaces of the 
structural components are smooth and uniform. 

However, it should be noted that the specific data 
of those suitable speeds may differ accordingly 
when the characteristics of cement mortar, 
environment conditions and the performance of 
the print head vary. Thus, there is still an urgent 
need to take into account more factors that 
influence the print quality, and it is necessary to 
establish a comprehensive relationship among 
those factors and print quality. 
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Figure 12. Test of 
printed wall unit 

Figure 13. Test of 
printed curve unit 

5 Conclusions 
This paper introduces a new 3D printing technique 
for construction engineering that is more 
convenient and applicable in actual engineering. 
With the above analysis and the results of tests, 
several conclusions can be drawn, as follows. 

1. The mobile 3D printing technique gets rid of
large-size printing machines by developing a
mobile 3D printing robot, M3DPC-Rob, which is
easier to set and use on construction sites.

2. The outdoor navigation method used by
M3DPC-Rob, which is based on reflective
columns and a combined positioning method
(CPM), shows higher and more stable accuracy
than the traditional method.

3. The optimized quality control procedure used
in the mobile 3D printing technique can
demonstrably improve printing quality such as
uniform printed line width.

4. There are still more factors that influence
printing quality, and there is still an urgent
need to establish a comprehensive relationship 
among the key influencing factors.
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Abstract 
As the performance of the electronic equipment for bridge SHM system deteriorates, wind data 
often suffer from long-term data missing, which creates barriers for safety monitoring of the bridge 
structures. Therefore, we proposed a framework for long-term missing wind data recovery based 
on a deep neural network (DNN) utilizing a free access database (ECMWF). This framework consisted 
of one regression task (Task 1) and one temporal super-resolution task (Task 2). In Task 1, the hourly 
wind data provided by ECMWF were learned to the hourly ones of the SHM system. In Task 2, the 
low-resolution wind data were upsampled to high-resolution ones (10-min averages). The U-net 
architecture provided the basis for the DNNs in both tasks. The proposed framework's feasibility 
was verified through a case study of Sutong Bridge. The proposed methodology provides a new 
perspective for recovering long-term continuous missing SHM data. 

Keywords: wind speed; missing data recovery; deep learning; convolutional neural network (CNN); 
structural health monitoring (SHM); free access database. 

1 Introduction 
Wind speed is an essential parameter in the 
bridges' structural health monitoring. The wind 
monitoring data (in combination with other 
monitoring data) can be used to obtain the wind 
field characteristics at the bridge site, evaluate the 
serviceability and safety of the bridge structure 
under wind action, and investigate the correlations 
between the wind action and other environmental 
actions on the bridge [1-3]. However, dysfunction 
of the sensors or data acquisition/transmission 

system and power failure of the structural health 
monitoring system (SHMS) usually lead to the 
missing wind monitoring data. Therefore, some 
researchers have attempted to recover the lost 
data to improve the usability of the wind 
monitoring data [4-6]. 

The wind data missing in the bridge SHMS falls into 
two types: discrete missing and continuous missing. 
Conventional interpolation techniques can be used 
to interpolate the first type of lost data. However, 
for the second type, the missing information 
duration may vary from several minutes to several 
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months. Here, we are concerned with recovering 
long-term continuous missing wind speed data, 
especially where the wind data have been 
continuously missing for several months.  

Some researchers have attempted data recovery 
based on inter-sensor correlations [7-9]. Such 
correlations refer to the temporal and spatial 
correlations between multiple sensors of the same 
type or the physical correlations between sensors 
of different types (e.g., temperature-strain 
correlation). The methods proposed in the existing 
literature were either only good at the short-term 
missing data recovery or needed to rely on the 
inter-sensor correlations. However, the following 
situations occurred in different SHMS of bridges: (1) 
only one anemometer was mounted; (2) although 
there were several anemometers installed, 
simultaneously losing wind speed data due to 
varied reasons (a situation not uncommon in 
practice). Under the above situations, if the long-
term continuous wind data missing occurred, the 
existing methods were usually inadequate for data 
recovery when the inter-sensor correlations in 
bridge SHMS are unavailable, thus identifying a 
research void. 

Fortunately, the development of free access 
meteorological databases had made wind data 
recovery assisted by external observations possible. 
For example, European Center for Medium-Range 
Weather Forecasts (ECMWF) provides a global 
hourly wind speed dataset. This dataset contains 
latitude-longitude gridded data with a horizontal 
spatial resolution of 0,25° × 0,25°. Therefore, we 
utilized the correlation between the ECMWF data 
at the grid points near the bridge site and the SHMS 
data at the bridge site to map the hourly average 
wind speeds provided by ECMWF to the bridge site. 
Although however, the 10-min averages are the 
most commonly used in engineering practice. 
Hence, restoring long-term continuous missing 
wind speed data is feasible by converting hourly 
averages to 10-min standards. 

The temporal super-resolution (SR) technique 
recently emerged in audio and speech processing 
[10, 11] offered a promising solution. As designed, 
the SR technique reconstructed high-resolution 
(HR) signals from low-resolution (LR) audio signals 
by generating high-frequency components of calls 

via a deep neural network (DNN). This process 
increased the signals' temporal resolution (or 
sampling frequency). From the spectral perspective, 
SR is a bandwidth expansion. The DNN-based SR 
model directly learns the complex non-linear 
mappings between LR and HR signals from many 
samples, thus avoiding the defects of the 
conventional techniques. In the present study, we 
performed the task of increasing the temporal 
resolution of wind speed signals using the DNN-
based SR method. 

In brief, we aimed to recover the long-term 
continuous missing data of wind speeds in SHMS of 
the bridge, especially when inter-sensor 
correlation was unavailable for use. To this end, we 
proposed a framework for wind monitoring data 
recovery based on deep learning. 

2 Methodology 

2.1 General concept 

Figure 1 displays the motivating examples and the 
proposed framework for recovering long-term 
continuous missing wind data in the bridge SHMS 
based on deep learning. The motivating examples 
include two common scenarios of long-term 
continuous data missing in the bridge SHMS, 
namely, data loss in the only installed anemometer 
or the simultaneous missing of data from several 
anemometers. In the above scenarios, the inter-
sensor correlation is usually unavailable. Our 
proposed method for wind data recovery consisted 
of four steps: (1) determine the time intervals of 
continuous wind data missing in SHMS; (2) obtain 
the wind data of the grid points closest to the 
bridge sites from the global gridded data provided 
by ECMWF; (3) use the deep neural network (DNN) 
to map the LR wind speed data (hourly averages) 
from ECMWF to the bridge SHMS; (4) use DNN to 
convert the LR wind speed signals in the bridge 
SHMS to HR wind speed signals (10-min averages). 

Steps (3) and (4) were two deep learning tasks 
involved in the proposed framework. The former 
was a sequence-to-sequence regression problem 
called Task 1; the latter was a sequence super-
resolution (SR) problem called Task 2. Both tasks 
employed the U-net architecture in DNN using 
different loss functions for independent training 
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during each mission. At the model application stage, 
the prediction results from Task 1 were the inputs 
of the model for Task 2. Running the two tasks in 

tandem achieved the non-linear mapping of LR 
ECMWF data to HR SHMS data. 
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Figure 1. The general concept of the present study 

2.2 Data preparation and preprocessing 

The data samples in the proposed framework came 
from two sources, ECMWF (LR samples) and bridge 
SHMS (HR samples). For the former, we used the 
dataset named "ERA5 hourly data on single levels 
from 1979 to present". The data's temporal 
resolution is one hour, and the horizontal spatial 
resolution is 0,25° × 0,25° (latitude-longitude). To 
ensure the correlation between the wind speed 
data from ECMWF and those of the bridge site, we 
chose the grid point data nearest to the bridge site, 
as shown in Figure 2(a). 

The ECMWF dataset contains wind speed data at 
10 m (U10) and 100 m (U100) above the earth's 
surface. To obtain the wind speeds at the height of 
the monitoring target (the bridge deck in this 
study), as shown in Figure 2(b), U10 and U100 were 
fitted to derive the wind speed profiles. The wind 
speeds from ECMWF were corrected based on the 

height of the monitoring target above the earth's 
surface. The profile equation is given as follows: 

𝑈𝑈𝐻𝐻 = (𝐻𝐻/10)𝛼𝛼 ⋅ 𝑈𝑈10 (1) 

where UH is the wind speed at the height H above 
the earth's surface; α is the terrain roughness 
coefficient obtained by fitting. 

Figure 2(c) depicts the inputs and outputs of the 
DNN model (U-net) used for Task 1 (ECMWF-to-
SHMS wind speed sequence regression) and Task 2 
(SHMS-to-SHMS wind speed sequence SR). (1) The 
height-corrected ECMWF wind speed data (hourly 
averages) were used as the inputs of the U-net for 
Task 1. (2) The original wind speed data collected 
by the bridge SHMS were processed into hourly 
and 10-min averages, which were the outputs of 
the U-net model for Task 1 and Task 2, respectively. 
Some outliers or discrete missing values within the 
original data required preprocessing. (3) Cubic 
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spline interpolation was employed to upsample the 
hourly averages from bridge SHMS to the 
interpolated 10-min averages, and then used as 
inputs of the model for Task 2. The purpose was to 
satisfy the requirement that the length of the input 
sequence should be equal to that of the output 
sequence of the U-net model. 

After the above preprocessing, the data samples 
were split into training, validation, and test sets. 
They were respectively used for model training, 
hyperparameter optimization, and testing the 
model's prediction and generalization abilities on 
new samples.  
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Figure 2. Data preparation: (a) Gridded data from ECMWF; (b) Height correction of ECMWF wind speed; (c) 
Inputs and outputs of the DNN model in two tasks 

2.3 Description of U-net model 

The U-net architecture (its U-shaped architecture 
gained its name) was first proposed in biomedical 
image processing. It is an autoencoder-based fully 
convolutional neural network with skip connection. 
The neural network used in the present study 
followed the improved U-net model proposed by 
Wang and Wang [11] for speech SR. This neural 
network can receive sequences with a length not 
below 512 as the input. Figure 3 shows the U-net 
architecture used in the present study, with the 
input length being 2 048. 

One prominent feature of this U-net model is that 
it refers to the bottleneck architecture of the 
autoencoder (i.e., encoder-decoder). The input 
sequence is first downsampled to the bottleneck 
that has the smallest size when passing through the 
contracting path of the encoder, and then 
upsampled to its original length via an expanding 
way in the decoder. In this process, the contracting 
and expanding of the input sequence are realized 
through a series of one-dimensional convolution 
and subpixel convolution operations. The output of 
each convolution layer is known as the feature map 
extracted from the current layer. Specifically, at the 
encoding stage, the output length of each 

convolution layer is one-half of its input length 
except for the first convolution layer. In the 
meantime, the number of channels of the output 
feature maps increases from the first to the last 
layer: 64, 64, 64, 128, 128, 128, 256, 256, and 256. 
Higher-level features are gradually extracted until 
reaching the bottleneck. They are considered the 
condensed representations of the original inputs. 
The operations at the decoding stage reverse those 
at the encoding stage. 

Another prominent feature of the U-net model is 
the skip connection between the encoder and the 
decoder. To make up for part of the essential low-
level information probably lost during encoding, U-
net directly concatenates the information on the 
mirrored level of the encoder and decoder in the 
dimension of the feature channel by bypassing the 
bottleneck. Besides, such an operation can 
alleviate the vanishing gradient problem caused by 
the back-propagation of errors across the layers 
during the training of DNN. In this way, the model 
training efficiency would be improved.  

It is noteworthy that except for the output layer, 
the convolution operation in each layer is followed 
by one activation function. Besides, the dropout is 
implemented once every three layers. More details 
will be provided below. 
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2.4 Loss functions for training 

2.4.1 Loss function of Task 1 

The loss function is the optimization objective 
function for model training. Task 1 was concerned 
with the time-domain features of the LR wind 
speed sequences. The model was trained with a 
time-domain loss function TL . Here, the mean 
square error (MSE) loss was adopted as below: 

ℒ𝑇𝑇(𝒔𝒔𝑇𝑇 , 𝒔𝒔�𝑇𝑇) =
1
𝑁𝑁
�(𝒔𝒔𝑇𝑇(𝑛𝑛) − 𝒔𝒔�𝑇𝑇(𝑛𝑛))2
𝑁𝑁

𝑛𝑛=1

 (2) 

where Ts  and Tŝ  are the actual and predicted 
values of the wind speed sequences, respectively; 
N denotes the length of the sequence. 

2.4.2 Loss function of Task 2 

Task 2 focused on reconstructing the high-
frequency components of the wind speed 
sequences. A frequency-domain loss function FL
would be suitable for this purpose. For example, 
short-time Fourier transform (STFT) could be 
employed to estimate MSE between the 
magnitude spectra of the actual HR sequence Ts
(HR label) and the reconstructed HR sequence Tŝ
obtained by SR (SR prediction), as below: 

ℒ𝐹𝐹(𝑺𝑺𝐹𝐹 ,𝑺𝑺�𝐹𝐹) =
1
𝑉𝑉𝑉𝑉

���|𝑺𝑺𝐹𝐹(𝑣𝑣,𝑤𝑤)|
𝑊𝑊

𝑤𝑤=1

𝑉𝑉

𝑣𝑣=1

− |𝑺𝑺�𝐹𝐹(𝑣𝑣,𝑤𝑤)|�2
(3) 

where FS  and FŜ  represent the STFT results of Ts
and Tŝ , respectively. They are matrices defined in 
the complex field, with a size of V × W. F| ( , )|v wS  
represents the spectral magnitude obtained by 
STFT. v and w denote the time and frequency 
indexes in the magnitude spectrum, respectively.  

We found through practice that when FL  was used 
for the training, the high-frequency components 
were not satisfactorily recovered in some 
circumstances. The reason is that the energy 
distribution on the STFT magnitude spectrum is 
unbalanced in the frequency dimension for the 
wind speed sequence. The magnitude of the low-
frequency region is larger, while that of the high-
frequency region is smaller. When the MSE of the 
STFT magnitude spectrum is the objective of 
optimization, the area with a large magnitude 
contributes more significantly to MSE. The training 
optimizer preferentially adjusts this region to 
reduce MSE. As a result, the high-frequency 
components might be negligible in this process. To 
solve the above problem, we proposed a 
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magnitude balance strategy. That is, a power 
function was used for the compression and 
balancing of the entire STFT magnitude spectrum. 
Then, Eqn. (3) becomes: 

ℒ𝐹𝐹(𝑺𝑺𝐹𝐹 ,𝑺𝑺�𝐹𝐹) =
1
𝑉𝑉𝑉𝑉

�� (|𝑺𝑺𝐹𝐹(𝑣𝑣,𝑤𝑤)|𝛽𝛽
𝑊𝑊

𝑤𝑤=1

𝑉𝑉

𝑣𝑣=1
− |𝑺𝑺�𝐹𝐹(𝑣𝑣,𝑤𝑤)|𝛽𝛽)2

(4) 

where β ∈ (0, 1] is the magnitude compression 
factor. 

2.5 Model evaluation metrics 

In order to intuitively assess the performance of 
the trained model on the validation set and test set, 
it is necessary to choose appropriate evaluation 
metrics for Task 1 and Task 2, respectively. Since 
Task 1 was only concerned with the time-domain 
features, we decided on a time-domain metric: 
root-mean-square error (RMSE). The smaller the 
RMSE, the better the model performance would be. 

SR of the time sequence in Task 2 is an ill-posed 
problem (non-uniqueness of solutions). Therefore, 
we could not expect a similar level of agreement 
between the predicted and actual values in the 
time domain as in Task 1. Task 2 focused on 
bandwidth expansion of the frequency spectrum. 
Therefore, we chose the log-spectral distance (LSD) 
as a frequency-domain metric. It describes the log 
distance between the STFT magnitude spectra of 

Ts  and Tŝ , in the dB unit. The closer its value is to 
zero, the higher is the similarity between the two 
spectra. LSD is calculated as below: 

LSD(𝐒𝐒𝐹𝐹 ,𝑺𝑺�𝐹𝐹)

=
1
𝑉𝑉
��

1
𝑉𝑉

� �𝑙𝑙𝑙𝑙𝑙𝑙10
|𝑺𝑺𝐹𝐹(𝑣𝑣,  𝑤𝑤)|2

|𝑺𝑺�𝐹𝐹(𝑣𝑣,  𝑤𝑤)|2
�
2𝑊𝑊

𝑤𝑤=1

𝑉𝑉

𝑣𝑣=1

(5) 

3 Case study 

3.1 Datasets 

A case study of Sutong Bridge was performed to 
assess the effectiveness of the proposed 
framework for recovering the long-term 
continuous missing wind speed data in SHMS. 

Sutong Bridge is a double-tower cable-stayed 
bridge with a main span of 1 088 m. This bridge is 
located in Jiangsu Province, China, near the estuary 
of the Yangtze River. An ultrasonic anemometer 
was installed upstream and downstream the mid-
span girder of the main span and at the top of each 
of the two towers, respectively. The sampling 
frequency is 1 Hz. Since we were concerned with 
the wind speeds at the bridge deck, only the 
anemometer upstream the mid-span girder was 
chosen for study. The geographic coordinates of 
Sutong Bridge are 31,78°N, 121,01°E. 

The original wind speed records included for this 
study did not contain long-term continuous missing 
data. The selected samples covered the years of 
2009, 2012 (May 4 to Dec 31), 2013, 2014 (Mar 14 
to Sept 29), and 2019. Then, the preprocessed 
samples were divided into the training, validation, 
and test sets, as shown in Table 1. 

Table 1. Division of the sample datasets 

Sample Training 
set 

Validation 
set Test set 

Time range 

2009, 2012 
(May 4 to 
Dec 31), 

2013, 2019 

Mar 14 to 
Jun 21, 
2014 

Jun 22 to 
Sept 29, 

2014 

Number of 
days 1 337 d 100 d 100 d 

Number of 
samples 

32 088 for 
Task 1 

192 528 
for Task 2 

2 400 for 
Task 1 

14 400 for 
Task 2 

2 400 for 
Task 1 

14 400 for 
Task 2 

Proportion 87% 6,5% 6,5% 

3.2 Performance of the two tasks 
operating in tandem 

The proposed framework for missing data recovery 
was programmed using Python and PyTorch 
machine learning framework. The workstation for 
model training was equipped with an Intel Xeon W-
2295 CPU (with 64 GB RAM) and an NVIDIA Quadro 
RTX 5000 GPU (with 16GB video memory). Besides, 
the model training was accelerated using GPU and 
NVIDIA's CUDA technology. 

We first independently trained and optimized the 
U-net model for Task 1 and Task 2 on the training
and validation sets, respectively. Below the
predictive performance of the two models
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operating in tandem was tested using the test set. 
Specifically, the predictions from the model in Task 
1 were subject to cubic spline interpolation and 
then fed into the model in Task 2 for bandwidth 
expansion, to evaluate the model's recovery ability 
on missing wind speed data in real scenarios. 

Figure 4 compares the actual and predicted wind 
speed values on the test set in Task 1. The 
corresponding test RMSE was 1,606. The outputs of 
Task 1 were fed into the model for Task 2 to obtain 
the SR prediction of wind speed, as shown in Figure 
5. The test LSD was 0,8279 in Task 2. The prediction
errors in Task 1 were inevitably transferred to Task
2, which resulted in the errors of the U-net model
on the test set in Task 2 being significantly
increased compared with those on the validation
test. However, in either the frequency or the time

domain, the predictions from the two models 
running in tandem had a good agreement with the 
actual values. The proposed framework's feasibility 
and effectiveness were verified. 

Moreover, the model's performance in Task 1 was 
a limiting factor in the overall performance of the 
two tasks operating in tandem, because the model 
performance in Task 1 determined the trend 
component of the final time-domain prediction. To 
further improve the model performance in Task 1, 
we could use, if possible, the measured hourly wind 
speeds at the weather stations near the bridge site 
as the inputs. This method can help avoid the 
influence of the atmospheric state's inaccurate 
estimation from the meteorological analysis 
models involved in the ECMWF data. 

Figure 4. Comparison of actual and predicted hourly wind speed values in Task 1 (test set) 
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4 Conclusions 
We built a framework for recovering long-term 
continuous missing wind speed data in the bridge 
SHMS based on deep learning and the ECMWF 
climate database. The framework consisted of two 
main tasks: ECMWF-to-SHMS wind speed 
regression (Task 1) and SHMS-to-SHMS wind speed 
super-resolution (Task 2). Task 1 was to map the LR 
wind speed signals (hourly values) from ECMWF to 
the bridge SHMS. Task 2 was to convert the LR wind 
speed signals in the bridge SHMS to the HR wind 
speed signals (10-min averages). This process 
achieved the recovery of high-frequency 
components of the wind speed signals based on 
Task 1.  

A case study of recovering long-term continuous 
missing wind data in the SHM system of Sutong 
Bridge was performed. By taking the output of Task 
1 as the input of Task 2, the performance of the two 
tasks running in tandem was evaluated. It was 
feasible and effective to use external 
meteorological databases and deep learning to 
recover the long-term continuous missing wind 
data in the bridge SHMS. Furthermore, when the 
inter-sensor correlations in the bridge SHMS were 
not available, our method offered a new solution 
for recovering long-term continuous missing wind 
data. 
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Abstract 
The rapid development of computer vision provides a foundation for the intelligent upgrading of 
bridge video surveillance systems. In this paper, two intelligent upgrading methods were 
developed and deployed. The first method uses edge computing equipment as the core, to quickly 
identify and locate vehicles across the large-span bridge by YOLOv5, which was trained by 
synthesized vehicle dataset, and then a large-span bridge vehicle digital twin system was built and 
deployed in Baijusi Yangtze River Bridge, which is suitable for scenarios with high real-time 
requirements. The another one is based on cloud computing, relying on ShuffleNetV2 to build a 
waterlogging recognition model and early warning system, which is suitable for scenarios with low 
real-time requirements. The results show that the constructed intelligent system upgrades the 
traditional passive access system to an early warning system with active recognition, which 
improves the intelligence of the system and meets the needs of engineering applications. 

Keywords: video surveillance; deep learning; intelligent upgrading; early warning. 

1 Introduction 
With the advance of civil engineering information 
construction, video surveillance has been widely 
used in bridge construction and maintenance 
phases. Video surveillance is conducive to real-
time, remote to master the actual situation on site, 
and in case of special events, it can also be 
replayed for evidence. However, the existing 
monitoring system lack of automatic identification 
of the special tasks of bridge, the command center 
needs to view the monitoring screen in real time 
and determine the anomaly, which is time-

consuming and easy to miss detection. 

Intelligent upgrading of video surveillance refers 
to the use of the latest computer vision 
technology to actively identify useful information 
in the video stream and timely warning, the whole 
process does not require manual participation and 
there is also no need to reinstall any surveillance 
equipment, which can improve the utilization of 
the existing video resource. 

To achieve the intelligence of video surveillance 
system, intelligent image processing technology 
has attracted a lot of attention from academia and 
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industry. During the bridge construction phase, 
safety issues received more attention, including 
personal protective equipment (PPE) [1], 
detection of guardrails [2], structural support [3], 
and dynamic hazards such as equipment, vehicles, 
cranes etc [4]. Since it is impossible to eliminate all 
hazards at the job site, PPE compliance becomes 
very crucial. Fang et al. [5] trained a Faster R-CNN 
to identify helmet wear using worker photos 
collected at construction sites and applied it in a 
remote video surveillance system at the site with 
accuracy over 95%. To adapt to the changing 
safety management codes, Luo et al. [6] combined 
computer vision with ontology and proposed a 
new approach to fused knowledge for safety risk 
recognition. In bridge maintenance phase, there 
are a great deal of researches based on computer 
vision, including crack identification [7], 
displacement and vibration monitoring [8], modal 
parameter identification [9], and vehicle load 
identification [10]. Chen et al. [11] pioneered a 
spatio-temporal distribution recognition method 
for vehicles by integrating video surveillance and 
weight in motion. Zhang et al. [12] achieved the 
recognition of vehicle type, vehicle length, axle, 
vehicle speed and lane number based on Faster R-
CNN. Xia et al. [13] used Mask R-CNN for traffic 
load detection by fusing multiple strain sensors 
and single camera for small and medium span 
bridges to identify key parameters such as number, 
weight, speed, type, and trajectory of vehicles, 
and verified the accuracy of the method by a 
concrete box girder bridge. 

Although the intelligent upgrading of video 
surveillance based on computer vision has been 
studied, its recognition accuracy, especially under 
extreme conditions needs to be further improved, 
and the current research is focused on algorithms 
and less application study. In this paper, we have 
built a digital twin system for vehicles of large-
span bridges with edge computing and a 
waterlogged image identification system with 
cloud computing, and applied them to Baijusi 
Yangtze River Bridge and urban video surveillance 
respectively. 

2 Large-span bridge vehicle digital 
twin system 

2.1 Vehicle virtual dataset 

The bridge Building Information Model (BIM) is 
converted into a 3D model and building data with 
Industry Foundation Class (IFC) standard. Unity 3D 
is used to load BIM model to visualize bridge 3D 
scenes, adding realistic bridge materials and 
combining environmental effects, including 
weather, water, and surroundings to achieve close 
to the realistic bridge rendering. Navigation Mesh 
(NavMesh) is used to generate road and vehicle 
trajectory simulations and configure road data to 
simulate real bridge road conditions, so as to 
construct virtual data of vehicles under different 
environments, as shown in Figure 1. A total of five 
types of vehicles is included, which are car, bus, 
truck, van, and non-motor. 

a) 

b) 

Figure 1. Vehicle virtual data under different 
environments: a) foggy, b) rainy 

2.2 Vehicle detection 

In this system, the YOLOv5 model is used for real-
time vehicle recognition, which has the advantage 
of a better balance between network resolution 
and parameters and is therefore suitable for 
engineering deployment. The model is first trained 
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based on the virtual data set to obtain the weight 
parameters and then the weight parameters are 
used as the initial values to train the actual vehicle 
data. The performance of the model on real data 
is evaluated by mean Average Precision (mAP) 
under different conditions. 

Table 1. mAP under different conditions 

Dataset type mAP 
[%] 

Real dataset 91.0 

Virtual dataset → Real dataset 92.8 

2.3 Multiple view stitching 

Vehicle tracking requires the integration of 
multiple cameras to achieve coherent vehicle 
trajectories. This study adopts the stitching based 
on the view coordinate system, establishing the 
inter-conversion relationship of the camera 
coordinate system, image coordinate system, pixel 
coordinate system and bridge coordinate system, 
converting the images acquired by different 
cameras to the same bridge coordinate system, 
and then achieving the stitching of multiple 
cameras. The equation is shown in Eqn. (1). 

�
𝑢𝑢 =

𝑥𝑥
𝑑𝑑𝑥𝑥

+ 𝑢𝑢0

𝑣𝑣 =
𝑦𝑦
𝑑𝑑𝑦𝑦

+ 𝑣𝑣0
(1) 

where 𝑢𝑢, 𝑣𝑣  are the coordinates in the pixel 
coordinate system in pixel, 𝑥𝑥, 𝑦𝑦  are the 
coordinates in the image coordinate system in mm 
and 𝑑𝑑𝑥𝑥, 𝑑𝑑𝑦𝑦  are the conversion units between 
image coordinate system and pixel coordinate 
system in mm/pixel. The above formula can be 
converted to homogeneous coordinates as shown 
in Eqn. (2). 
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Then, the transformation relationship between 
the pixel coordinates and the bridge coordinate 
system is established as Eqn. (3). 
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Where 𝑅𝑅,𝑇𝑇 is the transformation matrix from the 
bridge coordinate system to the camera 
coordinate system, 𝑥𝑥𝑤𝑤 ,𝑦𝑦𝑤𝑤 , 𝑧𝑧𝑤𝑤 are the coordinates 
under the bridge coordinate system 
corresponding to the pixel point. 

2.4 System deployment and application 

Network camera is used and the parameters of 
the camera are shown in Table 2. A total of 28 
cameras were installed as shown in Figure 2, with 
an installation height of 6m, a spacing of 90m, a 
pitch angle of -20°, a yaw angle of 30° and a cross-
roll angle of 0°. Regional overlap is important to 
detect vehicles cross cameras and the overlapping 
rate is 20-30%. 

Table 2. Camera parameters 

Parameter Value 

Horizontal angle 96.7°-29.7° 

Vertical angle 51.7°-16.7° 

Horizontal adjustable angle -100°-100°

Vertical adjustable angle -20°-45°

Maximum image resolution 2560×1440 

Focal length 2.7-12mm 

Figure 2. Camera installation schematic 
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The Baijiusi Yangtze River Bridge is a steel truss 
girder cable-stayed bridge with double towers and 
double ropes, with a total length of 1384 m and a 
tower height of 236 m, which is used as an 
example to deploy the vehicle digital twin system, 
as shown in Figure 3. On the foundation of the 
installed video surveillance, the edge computing 
device is added, in which the edge computing 
device takes the camera streams from the 
Network Video Recorder through the intranet, 
identifies and tracks the vehicles in the video, and 
then constructs the vehicle digital twin system in 
real time as shown in Figure 4. 

Figure 3. Vehicle digital twin system deployment 

Figure 4. Vehicle digital twin software system 

3 Waterlogging recognition system 
Waterlogging recognition can be defined as a 
typical binary classification problem. In this paper, 
the lightweight network ShuffleNetV2 is used for 
image classification, which is widely used in 
engineering. In order to suit the research of this 
task, the fully connected layer at the end of the 
model is adjusted. 

3.1 Waterlogging image dataset 

A total of 3600 waterlogged images were acquired 
by combining open source and video capturing, as 
shown in Figure 5, all of which were manually 
labelled, of which 80% were used for the training 
set and 20% for the test set. In order to improve 
the robustness of the model, translation, rotation, 
flipping, brightness adjustment and random 
cutting are used for data augmentation. 𝐹𝐹1 value 
was selected for model evaluation. 

a) 

b) 

Figure 5. waterlogging image dataset: a) 
abnormal image, (b) normal image 

3.2 Fuzzy recognition 

On-site video images are accessed to the HaiKang 
integrated management platform through the 
Internet, and due to the bad network, the images 
are occasionally blurred, which leads to 
recognition errors. A method based on Laplace 
transform is used to determine whether the image 
is blurred by calculating the variance of the image 
edges as Eqn. (4). The variance of a normal image 
with clear boundaries will be larger, and 
conversely, the variance of a blurred image will be 
relatively small. 
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𝐿𝐿𝐿𝐿𝐿𝐿_𝑉𝑉𝐿𝐿𝑅𝑅(𝐼𝐼) = ��[|𝐿𝐿(𝑚𝑚,𝑛𝑛)|− 𝐿𝐿�]2
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𝑚𝑚
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Where 𝐿𝐿(𝑚𝑚,𝑛𝑛) is the convolution of the input 
image with a given mask and 𝐿𝐿� is the mean of 
absolute values given by Eqn. (5). 
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𝑁𝑁

𝑛𝑛

𝑀𝑀

𝑚𝑚

(5) 

3.3 Model training 

The model training is based on Baidu's open 
source PaddlePaddle framework with Nvidia 
P4000 8G graphics processing unit (GPU) and 
64GB memory size. The model is trained with a 
learning rate of 0.01 and batch size of 64, where 
Stochastic Gradient Descent (SGD) is used to 
optimize the model. 𝐹𝐹1 value is used to evaluate 
the model and five common classification models 
are compared, as shown in Table 3. As can be seen 
from the table, ShuffleNetV2 model has achieved 
a good balance between accuracy and speed.  

Table 3. Performance of different models 

Model name Size 
[M] 

Inference Time 
[ms] F1 

AlexNet 232 12 0.891 

ResNet50 98 27 0.951 

Xception 88 39 0.963 

MobileNetV2 14 21 0.944 

ShuffleNetV2 9 15 0.927 

The robustness of the prediction results using 
single-frame images is insufficient, so the results 
are smoothed and post-processed by using 
successive N-frame prediction results and take the 
average value, which is calculated as Eqn. (6). 

𝐿𝐿 = ∑ 𝑃𝑃𝑖𝑖𝑁𝑁
𝑖𝑖=1
𝑁𝑁

(6) 

Where 𝐿𝐿𝑖𝑖 is the probability of i-th frame whose 
value is between 0 and 1. In order to improve the 
robustness of the recognition result and reduce 
misjudgement, the alarm is only given when the 
result of consecutive M frames is abnormal. 

3.4 System construction and application 

The waterlogging early warning system is based 
on cloud computing. Video resources from 
different projects are first aggregated in HaiKang's 
video integrated management platform, and the 
cloud platform pulls video streams from the 
platform based on the secondary development 
interface, then performs fuzzy recognition and 
waterlogging identification based on ShuffleNetV2. 
Finally, the results will be smoothed to improve 
the robustness of the system. when abnormal 
waterlogging events are identified, they are sent 
to mobile devices in a timely manner through 
short messaging service (SMS) and other means, 
while abnormal events are actively pushed to 
supervising departments, as shown in Figure 7. 

This system has been applied to the urban video 
surveillance system since 2020 in order to upgrade 
it intelligently. In China, waterlogging often occurs 
during the rainy season. During a sudden 
rainstorm in a city, waterlogging occurred in a 
tunnel, and the system identified and issued an 
early warning in real time, and the relevant 
departments rushed to the sites for water 
extraction and traffic diversion after receiving the 
information as shown in Figure 6.  

a) 

b) 

Figure 6. Application case of waterlogging 
recognition system: a) waterlogging warning, b) 

disposal by related departments 
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Figure 7. The framework of waterlogging recognition system 

4 Conclusions 
To improve the intelligence of existing video 
surveillance system, this paper develops and 
deploys two intelligent upgrading methods. The 
first one uses edge computing, based on YOLOv5, 
BIM, Unity 3D to construct a large-span bridge 
vehicle digital twin system and applied it to Baijusi 
Yangtze River Bridge. The another one is based on 
cloud computing, relying on the lightweight neural 
network ShuffleNetV2, a fast identification 
method and early warning system of waterlogging 
based on traditional video surveillance system is 
developed and applied to urban video surveillance 
system. The application results show that the 
developed systems are stable and reliable, and 
can meet the needs of engineering applications. 

Accurate collection of vehicle load data during 
bridge operation is one of the keys to accurately 
assess the bridge life. In this paper, we achieve full 
bridge identification and tracking of vehicles on 
large-span bridge, and can identify and clarify the 
dynamic distribution of vehicles across multiple 
cameras. The next step is to integrate the vehicle 
spatial and temporal distribution information and 
Weigh-in-Motion (WIM) system to reconstruct the 
vehicle load distribution in real time and to assess 
the safety of bridge structure. 
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Abstract 
Faraday's law is usually used to predict the corrosion degree of reinforced concrete column 
members in the electric accelerate corrosion experiment. However, this law doesn’t consider the 
influence of initial compressive strain on the corrosion degree. In this paper, using the experimental 
data of concrete column members under different initial compressive strain levels, the support 
vector regression (SVR) model is developed to forecast the reinforcement corrosion degree of 
column members. The predicted results are compared with the experimental results. The results 
show that when there is the initial strain in the column member, the reinforcement actual corrosion 
degree decreases, and the main reinforcement's actual corrosion degree is significantly less than 
that calculated by Faraday's law. The SVR model proposed can accurately and quantitatively reflect 
this phenomenon.  

Keywords: reinforcement corrosion; column member; support vector regression; initial strain. 

1 Introduction 
The corrosion of steel reinforcement in concrete 
column members reduces the bearing capacity of 
column members and endangers the safety of 
bridge structures [1-3]. At present, there is much 
research on corroded column members. However, 
most are carried out under the condition of no 
continuous compressive strain, which is different 
from the column members in the actual bridge 
structure [4-9]. When the real column member is 
corroded, there is a continuous compressive strain 
in the column member. Some researchers have 
found that compressive strain can change 
reinforcement corrosion degree in column 
members [4,10-11]. The established Faraday's law 
cannot consider the change of strain on the 
corrosion degree and the different corrosion 
amounts between the main reinforcement and 
stirrup. This paper collects the existing test data of 

corroded column members under compressive 
strain [4,10-11]. It uses the SVR model to predict 
the corrosion amount of reinforcement and stirrup 
by training this model on the existing data. The 
model can consider the strain level and predict the 
actual corrosion amount nicely. A ten-fold cross-
validation method is used to verify the model's 
generalization ability and prevent overfitting. 
Finally, the influence of strain level on the actual 
corrosion amount is analysed. 

2 Predict the corrosion under strain 
This paper uses the SVR model to predict the 
corrosion degree of corroded reinforcement in 
corroded columns under initial strain. The model 
inputs are strain, corrosion time, current amount, 
length of corroded main reinforcement and stirrup, 
the diameter of corroded main reinforcement and 
stirrup, eccentric distance, and the output is the 
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corrosion degree of main reinforcement and 
stirrup. 

2.1 SVR model 

In machine learning, SVR model is often used for 
data fitting. Given the sample

( ) ( ) ( ){ }1 1 2 2, , , , , ,m mD y y y= ⋅⋅⋅x x x (where x  is 
the input column vector, y  is the actual value, and
the subscript m represents the mth data), SVR 
ensures that the model's predicted value ( )f x  is 
as close as possible to the real value y . The linear
SVR model is calculated by Eq. (1). 

( ) Tf b= +x w x (1) 

For samples ( ), yx , the traditional regression
model usually calculates the loss directly according 
to the difference between the model output ( )f x  
and the actual value y . When ( )f x  equals to y ,
the error is zero. SVR can tolerate the maximum 
deviation ε  between ( )f x  and y , and the error
is calculated only when the absolute value of the 
difference between ( )f x  and y  is greater than
ε . This toleration can help the model avoid missing 
some not bad results where most data is well fitted 
except for some. 

The calculating process of SVR is to find the 
appropriate values of w and b to minimize the 
value of the objective function in Eqn. (2), where C 
is the regularization constant and lε is an 
insensitive loss function as shown in Eqn. (3). In Eqn. 
(2) i represents the ith training data, and m
represents the number of training data.
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By introducing the sum of relaxation coefficient 
variables, we can rewrite the objective function as: 
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The objective function has a restriction on the 
boundary:    
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The aim now is to get the maximum value of the 
objective function on the given boundary, which 
can be solved by the Lagrange multiplier method. 
The corresponding Lagrange function is: 
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Where iµ ,
_

iµ , iα ,
_

iα  are Lagrange multipliers, sati

sfying iµ ,
_

iµ , iα ,
_

0iα ≥ . 

The partial derivative of four main variables in the 
Lagrange function is zero, then we have: 
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_ _

i i Cα µ+ = (9) 

By substituting the above formulas into Eqn (4), 
SVR regression can be rewritten as a function 
optimization problem: 

_ _ _ _
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The linear SVR model can be obtained by 

substituting
_

1
( )

m

i i i
i

α α
=

= −∑w x  into 

( ) Tf b= +x w x , as follows: 

_

1
( ) ( )

m
T

i i i
i

f bα α
=

= − +∑x x x (11) 

For nonlinear fitting problems, an additional 
function (kernel function) is often used to map the 
data to an m-dimensional space, in which data 
regression is carried out. When kernel function is 
used, Eqn. (11) needs to be rewritten as: 

_

1
( ) ( )

m

i i i
i

f bα α κ
=

= −∑x x x（ , ）+  (12) 

Common kernel functions include linear kernel, 
polynomial, radial basis, and sigmoid kernel 
functions, as seen in Eqns. (13-16). 

( ), T
i iκ =x x x x (13) 

( ), ( )T d
i i Cκ γ= +x x x x  (14) 

( ) ( )2, exp | |i iκ γ= − −x x x x  (15) 

( ) ( ), tanh T
i i Cκ γ= − +x x x x  (16) 

2.2 Data set 
The data in this paper are from the existing tests of 
corroded column members under continuous 
initial strain. The concrete column members have 
square sections with main reinforcement and 
stirrup. Before the test, the mass of non-corroded 
reinforcement was measured. After continuous 
initial strain was applied to all column members, 
they were placed in the NaCl solution. Then 
potentiostat was used to accelerate corrosion, as 
shown in Figure 1. A static load test was carried out 
after the corrosion. Finally, the column members 
were broken, and the corroded reinforcement was 
taken out. The remaining mass of the corroded 
reinforcement was measured after it was cleaned. 

Figure 1. Electrified accelerated test of column 
member with continuous strain 

There are 43 groups of data in the data set. Each 
group contains eight input variables: strain ε, 
corrosion time H, current I, length of corroded main 
reinforcement Lr, length of corroded stirrup length 
Ls, the diameter of corroded main reinforcement dr, 
the diameter of corroded stirrup ds, eccentric 
distance e, two output variables: corrosion degree 
of main reinforcement ηr. corrosion degree of 
stirrup ηs. Data range can be seen in Table 1. The 
corrosion degree is defined as follows: 

0 1

0

100%M M
M

η −
= × (17) 

where η  is the corrosion degree, 0M  is the mass 

before corrosion and 1M  is the residual mass after 
cleaning. In the input variables, the strain, 
corrosion time, and current are directly related to 
the mass loss of corroded reinforcement. And the 
initial mass of reinforcement before corrosion is 
influenced by the length and diameter of 
reinforcement. The reinforcement mass loss can be 
obtained by taking away the mass of corroded 
reinforcement after corrosion from the initial mass 
before corrosion. Besides, the eccentric distance 
also influences corrosion amount. After 
considering all the possible parameters influencing 
the corrosion degree, we determine eight inputs, 
seen in Table 1. 

Three indexes are used to evaluate the 
performance of the SVR model: ① Rorrelation 
coefficient (R); ② Mean absolute error (MAE); 
③Mean absolute percentage error (MAPE). These
three indicators are shown in Eqns. (18-20), where
m is the number of samples, ( )iy  is the actual value
of the ith sample, y  is the actual average values of 

all samples, ( )i
prey  represents the predicted value of 
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the ith sample and prey  represents the predicted 
average values of all samples. 

( )( ) ( )( )
( )( ) ( )( )

1

2 2

1 1

m i i
pre prei

m mi i
pre prei i

y y y y
R

y y y y

=

= =

− −
=

− −

∑

∑ ∑
(18) 

( ) ( )
1

1 m i i
prei

MAE y y
m =

= −∑ (19) 

( ) ( )

( )1

1 i i
m pre

ii

y y
MAPE

m y=

−
= ∑ (20) 

R is usually used to measure the relationship 
between predicted and actual values. The closer R 
is to 1, the greater the correlation between the 
predicted and actual values. However, only using R 
as an evaluation index is not enough because when 

( )i
prey  is multiplied by a constant, R will not change 

much. MAE can describe the deviation between the 
predicted and actual values, while MAPE can 
evaluate the percentage deviation between the 
predicted and actual values. When R, MAE, and 
MAPE are used to assess the performance of the 
SVR model at the same time, tiny MAE and MAPE 
and high R indicate that the performance of the 
SVR model is good. 

Table 1. Data range 

Range 
ε 

[×10-4] 

H 

[h] 

I 

[A] 

Lr 

[cm] 

Ls 

[cm] 

Min 0 0 0 0 0 

Max 4 1804 1.5 220 300 

Range 
dr 

[mm] 

ds 

[mm] 

e 

/ 

ηs 

[%] 

ηr 

[%] 

Min 8 6 0 0 0 

Max 16 16 0.18 30.4 17.4 

Note: e in the Table 1 means the ratio of eccentric distance to 
the section length. 

2.3 Results and discussion 

After ten training and testing times, the SVR 
model's average performance indexes of different 
kernel functions on the data set and training set are 
shown in Table 2. It can be seen that the 
performance of the SVR model on the training set 
is very good, the predicted value has a high 
correlation with the actual value, and the error is 
tiny. In the test set, the model can also show fairly 
good performance, the predicted results have a 
high correlation with the actual results, and the 
error is small. After comparison, the prediction 
result is the best when the radial basis function is 
used. This kernel function can result in the highest 
R and the smallest MAE and MAPE. Therefore, the 
radial basis function is used in this paper. 

Table 2. Results of different kernel functions 

No. 

Training set Test set 

R 

/ 

MAE 

[%] 

MAPE 

[%] 

R 

/ 

MAE 

[%] 

MAPE 

[%] 

0 0.97 0.50 0.69 0.90 2.27 4.57 

1 0.98 0.40 0.49 0.91 2.75 3.35 

2 0.99 0.02 0.03 0.93 1.45 3.36 

3 1.00 0.07 0.07 0.91 1.48 3.06 

0 1.00 0.09 0.19 0.92 2.64 5.34 

1 0.96 0.57 0.38 0.84 3.98 6.37 

2 0.99 0.03 0.04 0.92 2.65 5.38 

3 1.00 0.05 0.08 0.92 2.66 5.46 

Note: No. 0, 1, 2 and 3 represent linear, polynomial, radial 
basis, and sigmoid kernel function. Lines one to four are for 
the main reinforcement corrosion and lines five to eight are 
for stirrup corrosion. 

One of the ten results is shown in Figure 2. It can be 
seen that the predicted results of main 
reinforcement in the training set and test set are 
very close to the measured results. And the 
predicted results of the stirrup in the training set 
are very close to the actual results. But the 
predicted results in the test set deviate slightly 
from the actual results though the error is not too 
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large. In short, from the prediction results, the SVR 
model can reasonably predict the reinforcement 
corrosion degree in column members with 
continuous initial strain. 
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Figure 2. Predictive results and actual results 

Taking the corroded column in the literature [10-11] 
as an example, the cross-section of the column is a 
square section with a section size of 250mm × 
250mm, column length 600mm, protective layer 
thickness 30mm, stirrup and main reinforcement 
diameter 16mm. When main reinforcement and 
stirrups are corroded simultaneously, the change in 
their corrosion degree is shown in Figure 3. We can 
see that when the initial compressive strain of the 
column member increases from 0 to 1 ×10-4, the 
actual corrosion degree of the main reinforcement 
is almost unchanged, and when the initial 
compressive strain of the column member 
increases from 1×10-4 to 2×10-4, the real corrosion 
degree of the main reinforcement decreases. 
When the initial compressive strain of column 
member increases from 0 to 2×10-4, the actual 
corrosion degree of stirrups decreases. The result 
shows that the compressive strain can compact the 
voids of concrete, hinder the penetration of 
chloride ions and reduce the corrosion degree, 
though small strain (ranges from 0 to 1 ×10-4) has 
little effect on the corrosion degree of the main 

reinforcement. In addition, the corrosion degree of 
the stirrup is always higher than that of the main 
reinforcement because the stirrup is outside the 
main reinforcement, and the chloride ion first 
arrives at the stirrup surface. When the chloride ion 
concentration reaches the threshold value, the 
passive film on the stirrup surface is damaged, and 
the stirrup begins to rust.  
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Figure 3. When main reinforcement and stirrups 
are corroded at the same time, and the corrosion 
degree changes with time under different strain 

levels (axial compressive member) 

For column members with only main 
reinforcement corroded, the size of these 
members is the same as the column members with 
both main reinforcement and stirrup corroded. For 
the column member with only the main 
reinforcement corroded, epoxy-coated 
reinforcement is used in stirrups to prevent stirrups 
from corrosion. The variation of actual corrosion 
degree of reinforcement with corrosion time under 
different strain levels is shown in Figure 4. It can be 
seen that the corrosion degree of main 
reinforcement increases gradually with the 
increase of strain. Although the stirrup used epoxy-
coated to prevent stirrup corrosion in the test, 
some slight corrosion still occurred in the stirrup. 
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The maximum corrosion degree was no more than 
2.5% for the stirrup. The strain can decrease the 
corrosion degree of the stirrup. 
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Figure 4. When only main reinforcement is 
corroded, corrosion degree changes with time 
under different strain levels (axial compressive 

member) 
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Figure 5. When the main reinforcement and stirrup 
are corroded at the same time, the corrosion 

degree changes with time under different strain 
levels (eccentric compressive member) 

Under different strain levels, the change of actual 
corrosion degree of eccentric compressive 
members reinforcement with corrosion time is 
shown in Figure 5. For eccentric compressive 
members, the corrosion degree of stirrups and 
main reinforcement decreases with the increase of 
initial compressive strain. 

It should be mentioned that although SVR has high 
accuracy in the prediction of existing test data, we 
should also pay attention to the limitation of SVR. 
As a fitting model, like many other models, the SVR 
model cannot make accurate predictions when the 
input value is outside the training set range. For 
example, the stirrup diameter of the training data 
is in the range of 6-16mm. When the stirrup 
diameter in the input is out of this range, the SVR 
model will not be able to make an accurate 
prediction. Because of this, when using the SVR 
model, we need as much data as possible so that 
the range of input is relatively large and can cover 
most cases. In the future, with the increasing 
number of relevant tests and the inclusion of 
corresponding experimental data, the SVR model 
will be able to get better performance. 

3 Conclusions 
For the corroded column members, the corrosion 
degree of main reinforcement and stirrup in the 
column members will change when continuous 
compressive strain exists. Faraday's law cannot 
consider the influence of continuous compressive 
strain, nor can it distinguish between the main 
corrosion degree and stirrups' corrosion degree. 
This paper collects the data of column members 
with initial compressive strain, uses the SVR model 
to fit the existing data, considers the influence of 
compressive strain, and predicts the actual 
corrosion degree of main reinforcement and 
stirrup. To prevent the overfitting of the SVR model, 
we use a ten-fold cross-validation method to verify 
the generalization ability of the SVR model. The 
results show that the SVR model has a good 
prediction. Due to the current lack of experimental 
data, SVR cannot make a good prediction when the 

s
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input value is outside the current training data 
range. In the future, with the continuous increase 
of test data, SVR will achieve better accurate 
prediction. For axial compression members with 
only main reinforcement corroded, the existence 
of compressive strain will increase the corrosion 
degree of main reinforcement and reduce the 
corrosion degree of the stirrup. For the axial 
compressive and eccentric compression members 
whose main reinforcement and stirrups are 
corroded simultaneously, the compressive strain 
could reduce the corrosion degree of the main 
reinforcement and stirrups. 
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Abstract 
A bridge wind resistance database has been built based on the wind tunnel testing results of 20 
long-span bridges. The artificial intelligence models for identifying aerostatic coefficients and 
flutter derivatives of close box girders are trained and developed via machine learning methods, 
including error back propagation neural network based on Levenberg-Marquardt algorithm and 
gradient boosting decision tree. The identification of the aerostatic coefficients can be achieved 
with high accuracy. For flutter derivatives, the model can also explore the underlying distribution 
of dataset. In this way, the present research work can make the identification of aerodynamic 
parameters separated from tedious wind tunnel test and complex numerical simulation to some 
extent. It can also provide a convenient and feasible option for expanding data sets of 
aerodynamic parameters. In addition, it can help determine the appropriate shape of the box 
girder cross-section in preliminary design stage of long-span bridge and provide the necessary 
reference for the aerodynamic shape optimization by modifying local geometric features of the 
cross-section to evaluate the influence of the aerodynamic shape on flutter performance. 

Keywords: long-span bridge; closed box girder; machine learning; aerodynamic parameter; flutter 
performance. 

1 Introduction 
With the increasing span of bridges, bridges are 
characterized by light weight, high flexibility and 
low damping, making wind-resistance a key 
control factor in structural design. Aerodynamic 
parameters are important for describing the wind-
resistance of bridges. They play a vital role in the 
analysis of static wind stability, flutter, galloping, 
vortex-induced vibration and buffeting. At present, 
the aerodynamic parameter identification 
methods of bridges are very mature, and all 
parameters can be obtained by wind tunnel test or 
numerical simulation. As the most effective and 
reliable means of wind-resistant design of bridges, 
wind tunnel test has the problem of high cost, and 

it can only be analyzed for a specific cross-section. 
The experimental results are not universal. With 
the advancement of computer technology, the 
numerical simulation developed rapidly, but its 
calculation accuracy still needs to be verified. 

In recent years, machine learning methods have 
been widely used in the field of bridge and 
structural wind engineering, such as wind 
environment prediction, aerodynamic shape 
optimization, wind-induced effect simulation and 
aerodynamic parameter identification. Fu J.Y. 
made use of fuzzy neural network to predict the 
wind load on the long-span roof surface [1]. Xie 
Z.N. applied a 3-layer back propagation neural 
network to identify the wind-induced interference 
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effect of two high-rise buildings [2]. Wu T. 
analysed the hysteretic nonlinear behavior in 
bridge aerodynamics by cellular automata nested 
neural network [3]. Li H. realized the prediction of 
velocity field around circular cylinder based on 
pressure on cylinder through convolutional neural 
network [4]. Li S.W. used support vector 
regression and decision tree to identify the 
eigenvalues of vortex-induced vibration of bridge 
and analyse the influencing parameters of 
response [5]. Laima S.J. successfully use long 
short-term memory neural network to predict the 
buffeting response at the time domain level [6]. In 
the field of aerodynamic parameters identification, 
Wang X.Y. used the measured acceleration 
response to identify the physical parameter matrix 
in the equation of motion and 8 flutter derivatives 
were identified at one time [7]. Chen J.H. predict 
the flutter derivatives of rectangular section by 
artificial neural network [8]. Jung S. used neural 
networks to predict the flutter derivatives of 
various types of cross-sections [9]. Lute V. applied 
support vector machine to predict the flutter 
derivatives and flutter critical velocity of cable-
stayed bridges [10]. However, these attempts are 
not really separate from wind tunnel tests. 

This research aims to re-use the existing wind 
tunnel test data of long-span bridges instead of 
designing and implementing specialized 
supplementary tests to obtain new data. The 
aerostatic coefficients and flutter derivatives of 
several closed box girders are identified by 
machine learning methods based on the previous 
wind tunnel test results. The influence of the 
geometric shape of closed box girder on flutter 
critical velocity is evaluated by modifying local 
geometric dimensions of the cross-section, which 
can provide a necessary reference for the 
optimization of aerodynamic shape. 

2 Machine learning methods 
Typical machine learning methods mainly include 
decision trees, random forests, artificial neural 
networks and Bayesian learning. In the case of big 
data, the accuracy that can be achieved by 
existing machine learning methods is not much 
different. However, in the face of a small amount 
of data, it is necessary to compare and select 

various machine learning algorithms. In this study, 
the error back propagation neural network based 
on Levenberg-Marquardt algorithm is used for the 
prediction of aerostatic coefficients and the 
gradient boosting decision tree is used for the 
training of flutter derivatives after comparing 
various algorithms [11]. 

2.1  Error back propagation neural network 

The error back propagation (EBP) neural network 
was proposed by Rumelhart and McClelland in 
1986 [12]. The basic idea is to continually modify 
the connection weights among various artificial 
neurons that make up the forward multi-layer 
network, so that the network can convert the 
input information into expectations. It has been 
mathematically proven that a three-layer EBP 
neural network with a hidden layer can 
approximate any mapping function. However, 
since it is actually a gradient descent method, 
there are inevitably certain limitations, such as a 
slow convergence rate and a local extremum. In 
order to prevent these deficiencies, Levenberg-
Marquardt algorithm is used for optimize the 
model to provide numerical solutions for 
minimizing nonlinear function problems. It 
combines the advantages of the steepest descent 
method and the Gauss-Newton algorithm. 

The steepest descent method is a first-order 
algorithm. Normally, gradient g is defined as the 
first-order derivative of total error function, and 
the update rule of the steepest descent algorithm 
could be written as 

𝑤𝑤𝑘𝑘+1 = 𝑤𝑤𝑘𝑘 − 𝛼𝛼𝑔𝑔𝑘𝑘          (1) 

where α is the learning constant (step size). 

Newton’s method assumes that all the gradient 
components g1, g2, …, gn are functions of weights 
and all weights are linearly independent. The 
update rule for Newton’s method is 

𝑤𝑤𝑘𝑘+1 = 𝑤𝑤𝑘𝑘 − 𝐻𝐻𝑘𝑘−1𝑔𝑔𝑘𝑘         (2) 

As the second-order derivatives of total error 
function, Hessian matrix H gives the proper 
evaluation on the change of gradient vector. In 
order to get Hessian matrix H, the second-order 
derivatives of total error function have to be 
calculated and it could be very complicated. In 
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order to simplify the calculating process, Jacobian 
matrix J is introduced, so the update rule of the 
Gauss–Newton algorithm is presented as 

𝑤𝑤𝑘𝑘+1 = 𝑤𝑤𝑘𝑘 − (𝐽𝐽𝑘𝑘𝑇𝑇𝐽𝐽𝑘𝑘)−1𝐽𝐽𝑘𝑘𝑒𝑒𝑘𝑘      (3) 

In order to make sure that the approximated 
Hessian matrix JTJ is invertible, Levenberg–
Marquardt algorithm introduces another 
approximation to Hessian matrix: 

𝐻𝐻 ≈ 𝐽𝐽𝑇𝑇𝐽𝐽 + 𝜇𝜇𝜇𝜇         (4) 

where μ is always positive and called combination 
coefficient, I is the identity matrix. 

By combining Equations (3) and (4), the update 
rule of Levenberg–Marquardt algorithm can be 
presented as 

𝑤𝑤𝑘𝑘+1 = 𝑤𝑤𝑘𝑘 − (𝐽𝐽𝑇𝑇𝐽𝐽 + 𝜇𝜇𝜇𝜇)−1𝐽𝐽𝑘𝑘𝑒𝑒𝑘𝑘      (5) 

As the combination of the steepest descent 
algorithm and the Gauss–Newton algorithm, the 
Levenberg–Marquardt algorithm switches 
between the two algorithms during the training 
process. When the combination coefficient μ is 
very small (nearly zero), Equation (5) is 
approaching to Equation (3) and Gauss–Newton 
algorithm is used. When combination coefficient μ 
is very large, Equation (5) approximates to 
Equation (1) and the steepest descent method is 
used. 

In this study, a shallow EBP neural network with 
one hidden layer based on Levenberg–Marquardt 
algorithm is applied to train and predict aerostatic 
coefficients. The number of neurons in the hidden 
layer is determined by the feature quantities of 
input and output. All inputs and outputs are 
normalized to reflect the essence of data. 

Figure 1. Schematic diagram of EBP neural network 

2.2 Gradient boosting decision tree 

Gradient boosting decision tree (GBDT) is an 
enduring model in machine learning. Its main idea 
is to use weak classifiers (decision trees) to 
iteratively train to obtain the optimal model. This 
algorithm has the advantages of good training 

effect and less overfitting. It can be also used for 
classification and regression. Each step generates 
a weak learner, and finally gets a strong predictive 
model through continuous accumulation. The 
GBDT iteration model can be expressed as 

𝑓𝑓𝑘𝑘(𝑥𝑥) = 𝑓𝑓𝑘𝑘−1(𝑥𝑥) + 𝑇𝑇𝑘𝑘                    (6) 

where fk-1(x) is the sub-decision tree output of the 
k-1th generation, Tk is the iterative decision tree
of the kth generation, and fk is the prediction
model after k iterations.

Initialize to generate the first decision tree F0(x): 

0
1

( ) arg min ( , )
k

i
c i

F x L y c
=

= ∑        (7) 

where L[yi,f(x)] is the loss function and c is the 
value that minimizes the loss function of the 
decision tree F0(x). 

For Jk leaf regions, the fitting value can be 
calculated as 

[ ]
,

, 1arg min , ( )
i k j

k j i k i
c x R

c L y F x c−
∈

= +∑ (8)

Therefore, the GBDT strong learner expression is 

0 , ,
1 1

( ) ( )  ( )
kJK

k k j k j
k j

F x F x c I x R
= =

= + ∈∑∑  (9) 

In this study, GBDT is used to train and predict 
flutter derivatives since it has the advantages of 
good training effect and less overfitting on small 
and low-dimensional data. 

Figure 2. Schematic diagram of GBDT 
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3 Training and prediction 
3.1 Dataset 

There are already some mature open-source wind 
engineering databases in the world, which are 
mainly established by some wind engineering 
groups, for example, from Canada, Chinese Taipei, 
Japan, Korea, USA, and etc.. These databases are 
mainly for building structures, and are self-
contained. Even if these databases can be used for 
bridge wind resistance, the data types may not be 
matched completely. A large number of wind 
tunnel test data of long-span bridges have been 
accumulated in Tongji University, and various 
experimental data has been unified to the same 
criterion. A special bridge wind resistance 
database has been built. The basic information 
and aerodynamic parameters of long-span bridges 
with various cross-sections are included. For the 
maintenance and visualization of data, the 
foreground application program has been 
established by using Java programming language. 
The connection between the underlying database 
and the foreground application is driven by a local 
protocol to achieve platform independence and 
high execution efficiency [13].  

In this paper, 20 sets of wind tunnel test data from 
this database are used for the machine learning of 
aerostatic coefficients and flutter derivatives. It is 
difficult to obtain a good training effect for flutter 
derivatives under 20 sets of data because the 
potential distribution characteristics of flutter 
derivatives are not very clear and the wind tunnel 
test data usually fluctuates greatly. The additional 
20 sets of numerical simulation data are added as 
mixed datasets to jointly drive the training process 
of machine learning. 

3.2 Data pre-processing 

In order to make the potential features of the 
original data more obvious, data were pre-
processed by Legendre polynomial fitting. Figure 3 
gives the schematic diagram of the first seven 
Legendre polynomials. 

Figure 3. Schematic diagram of Legendre polynomials 

Legendre polynomials are defined on the interval 
[−1 ,1] and are orthogonal in the sense that, if 
𝑃𝑃𝐿𝐿

(ℎ)(𝑥𝑥)  and 𝑃𝑃𝐿𝐿
(𝑘𝑘)(𝑥𝑥)  are two Legendre

polynomials of degree h and k respectively, then 

( )
1

( ) ( ) ( ) ( )

1

, ( ), 0  if  h kh k h k
L L L LP P P x P x dx

−

= = ≠∫  (10) 

The first two polynomials are defined as 
( 1)

(0)

( ) 0
 ( ) 1

L

L

P x
P x

− =

=
       (11) 

and the following are defined by means of the 
recursive relation 

( 1) ( ) ( 1)2 1( ) ( ) ( )
1 1

h h h
L L L

h hP x P x P x
h h

+ −+
= × −

+ +
  (12) 

3.3 Input and output 

The identification of aerodynamic parameters is 
mainly aimed at closed box girder. When the 
machine learning method is used to study the 
aerodynamic characteristics of bridge, the section 
geometry is a key factor and the geometric 
dimensions of the cross-section must be used as 
the input of neural network. For aerostatic 
coefficients, the inputs of model are 5 parameters, 
including the dimensions of cross-section (B/H、

b/H、cosα、cosβ) and wind attack angle. For 
flutter derivatives, the inputs are the dimensions 
of cross-section and reduced wind velocity. The 
outputs of the models are aerodynamic 
parameters, and only one is output each time. 
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Figure 4. Schematic diagram of cross-section 

3.4 Training and prediction results 

3.4.1 Aerostatic coefficients 

Complex air force is created when wind bypasses 
the structure. When the stiffness of bridge is large 
and the structure remains stationary, the force is 
equivalent to the static force. To be precise, the 
static force refers to the effect of the static 
pressure exerted on the structure by the part of 
mean wind velocity in the wind velocity, which can 
be divided into along-wind force (FD), cross-wind 
force (FL) and torsional moment (M). The 
aerostatic coefficients are dimensionless 
parameters used to describe the static wind load a 
structure is subjected to. The drag coefficient (CD), 
lift coefficient (CL) and moment coefficient (CM) 
under the wind axis system are defined as follows: 

𝐶𝐶𝐷𝐷 = 𝐹𝐹𝐷𝐷
𝜌𝜌𝑈𝑈2𝐵𝐵/2

   (13a) 

𝐶𝐶𝐿𝐿 = 𝐹𝐹𝐿𝐿
𝜌𝜌𝑈𝑈2𝐵𝐵/2

   (13b) 

𝐶𝐶𝑀𝑀 = 𝑀𝑀
𝜌𝜌𝑈𝑈2𝐵𝐵/2

   (13c) 

where ρ is the air density, U is the mean wind 
velocity, B is a certain characteristic dimension of 
the cross-section (height is taken in this paper). 

The training effect of aerostatic coefficients is 
shown in Figure 5(a). Generally speaking, these 
models are trained successfully because all values 
of fitting degree (R) are above 0.95. It is necessary 
to verify the generalization ability of the model. 
The trained model is used to predict one cross-
section that is not included in the sample sets, and 
the prediction accuracy can be reflected by the 
mean relative error. The relative error for each 
point is defined as 

𝑒𝑒𝑟𝑟𝑟𝑟 = �𝑦𝑦𝑖𝑖𝑖𝑖−𝑦𝑦𝑖𝑖
𝑦𝑦𝑖𝑖

�         (14) 

where yi and yip are the true value of sample point 
i and the predicted value of model respectively. 
The mean relative error is 

𝑒𝑒𝑟𝑟� = 1
𝑛𝑛
∑ 𝑒𝑒𝑟𝑟𝑟𝑟𝑛𝑛
𝑟𝑟=1       (15) 

where n is the number of sample points. 
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(a) Training accuracy        (b) Generalization ability
Figure 5. Training and prediction of aerostatic coefficients

Figure 5(b) shows the prediction effect of the test 
set. Although the mean relative error of drag 
coefficient (𝑒𝑒𝑟𝑟� =0.1653) is slightly larger than that 
of lift coefficient and moment coefficient, the 
error mainly occurs under the large wind attack 
angles, and the prediction effect of aerostatic 
coefficients under the small wind attack angles is 
good enough. The mean relative error of the 
entire test set is only 0.1458, which indicates that 
the model has good generalization ability to the 
data outside the training set. 

3.4.2 Flutter derivatives 

The flutter derivatives are important parameters 
in the analysis of wind-induced vibration. After the 
flutter derivatives are determined, the analysis of 
flutter stability can be carried out. The flutter 
derivative is the rate of change of the 
aerodynamic self-excited force (lift, drag and lift 
moment) with respect to the displacement and 
velocity in different directions (vertical, lateral and 
torsional), that is, the change of self-excited force 
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caused by unit displacement and velocity in each 
direction. 

The self-excited force acting on a moving structure 
can be simplified as a linear function of structural 
displacement, velocity and acceleration. At 

present, there are many expressions of self-
excited force in the research of wind engineering. 
For bluff body cross-sections, the most common 
form is expressed in terms of the flutter 
derivatives proposed by Scanlan [14]: 

𝐷𝐷𝑠𝑠𝑠𝑠 = 1
2
𝜌𝜌𝑈𝑈2𝐵𝐵[𝐾𝐾𝑃𝑃1∗

�̇�𝑝
𝑈𝑈

+ 𝐾𝐾𝑃𝑃2∗
𝐵𝐵�̇�𝛼
𝑈𝑈

+ 𝐾𝐾2𝑃𝑃3∗𝛼𝛼 + 𝐾𝐾2𝑃𝑃4∗
𝑝𝑝
𝐵𝐵

+ 𝐾𝐾𝑃𝑃5∗
ℎ̇
𝑈𝑈

+ 𝐾𝐾2𝑃𝑃6∗
ℎ
𝐵𝐵

]       (16a) 

𝐿𝐿𝑠𝑠𝑠𝑠 = 1
2
𝜌𝜌𝑈𝑈2𝐵𝐵[𝐾𝐾𝐻𝐻1∗

ℎ̇
𝑈𝑈

+ 𝐾𝐾𝐻𝐻2∗
𝐵𝐵�̇�𝛼
𝑈𝑈

+ 𝐾𝐾2𝐻𝐻3∗𝛼𝛼 + 𝐾𝐾2𝐻𝐻4∗
ℎ
𝐵𝐵

+ 𝐾𝐾𝐻𝐻5∗
�̇�𝑝
𝑈𝑈

+ 𝐾𝐾2𝐻𝐻6∗
𝑝𝑝
𝐵𝐵

]   (16b) 

𝑀𝑀𝑠𝑠𝑠𝑠 = 1
2
𝜌𝜌𝑈𝑈2𝐵𝐵2[𝐾𝐾𝐴𝐴1∗

ℎ̇
𝑈𝑈

+ 𝐾𝐾𝐴𝐴2∗
𝐵𝐵�̇�𝛼
𝑈𝑈

+ 𝐾𝐾2𝐴𝐴3∗𝛼𝛼 + 𝐾𝐾2𝐴𝐴4∗
ℎ
𝐵𝐵

+ 𝐾𝐾𝐴𝐴5∗
�̇�𝑝
𝑈𝑈

+ 𝐾𝐾2𝐴𝐴6∗
𝑝𝑝
𝐵𝐵

]   (16c)

where Dse, Lse and Mse represent the self-excited 
drag, lift and moment acting on the structure of 
unit length, respectively. K=Bω/U. 𝑃𝑃1∗~𝑃𝑃6∗, 𝐻𝐻1∗~𝐻𝐻6∗ 
and 𝐴𝐴1∗~𝐴𝐴6∗  are flutter derivatives. In this paper, 
only the prediction of 8 flutter derivatives of 
𝐻𝐻1∗~𝐻𝐻4∗ and 𝐴𝐴1∗~𝐴𝐴4∗  will be discussed. 

The machine learning identification of flutter 
derivatives are much more difficult than that of 
aerostatic coefficients, even with a sample set 
twice as large as aerostatic coefficients, because 
the flutter derivatives usually fluctuate greatly, 
especially the data measured by wind tunnel tests. 
Even under the same test conditions, the flutter 
derivatives obtained from multiple tests may be 
quite different, which makes it difficult for 
machine learning models to capture the 
underlying distribution of data. Good adaptation 
of hyper-parameters is very important in this case. 

Since the distribution characteristic of 𝐻𝐻1∗ is the 
most significant value among all 8 flutter 
derivatives, 𝐻𝐻1∗ is used for N-fold cross-validation. 
The optimal setting condition can be selected to 
analyse the other flutter derivatives. Figure 6 gives 
the prediction results for a cross-section in the 
test set. Except for 𝐴𝐴4∗  and 𝐻𝐻4∗, the model is able to 
predict the distribution of flutter derivatives to a 
certain extent. The overall prediction error is small. 
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Figure 6. Prediction results of flutter derivatives 

4 Flutter performance analysis 
The existing data-driven model can make the 
identification of flutter derivatives out of tedious 
wind tunnel tests and complex numerical 
simulations to some extent. It can also provide a 
convenient and feasible option for expanding data 
sets of aerodynamic parameters. The flutter 
derivatives are dimensionless parameters related 
to the shape of the cross-section. When the shape 
of the cross-section changes, the flutter 
derivatives will inevitably be affected. In the 
process of calculating the flutter critical velocity of 
long-span bridge, by modifying the local size of 
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the cross-section, the influence of the section 
shape on the flutter critical velocity can be 
evaluated. At the same time, the machine learning 
model can be reasonably verified and optimized. 

4.1 Parameter sensitivity analysis 

The flutter performance analysis process can be 
simplified by determining the flutter derivatives 
that have a major effect on flutter performance. 
That is, calculate flutter critical velocity and 
analyse which flutter derivative plays a leading 
role in the flutter performance by changing the 
magnitude of the flutter derivative sequentially. 

In this paper, the cross-section in the test set 
whose prediction results have been given above 
are selected for sensitivity analysis of flutter 
derivatives. This cross-section is the main girder 
section of Runyang Bridge, and its schematic 
diagram is shown in Figure 7 (the unit used in the 
figure is meter). The overall mean relative error of 
its prediction is 0.2236. Using the predicted flutter 
derivatives for the 2D 3DOF numerical simulation 
analysis [15], it can be obtained that the flutter 
critical velocity of this structure at 0° wind attack 
angle is 60m/s, and the relative error between this 
and actual flutter critical velocity (64.4m/s) is only 
0.0683. The prediction results of this cross-section 
are used to analyse which flutter derivative has a 
major effect on flutter performance. 

Figure 7. Cross-section diagram of Runyang Bridge 
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Figure 8. SHAP analysis of flutter derivatives 

As shown in Figure 8, the horizontal axis 
represents the change ratio of parameters. R>1 

indicates the parameter increases and R<1 
indicates the parameter decreases. The 
longitudinal axis indicates the change of flutter 
critical velocity V caused by parameter change. 
RV>1 indicates that the flutter critical velocity 
increases after parameter change and RV<1 
indicates that the flutter critical velocity decreases. 
It can be seen from Figure X that the main factors 
affecting the flutter critical velocity are 𝐴𝐴1∗ , 𝐴𝐴2∗  and 
𝐻𝐻3∗. This conclusion is consistent with the test and 
analysis results of Hong L.Z. [16]. This is because 
𝐴𝐴2∗  represents the aerodynamic damping formed 
by the aerodynamic moment directly generated 
by the torsional motion speed, and the increase of 
𝐴𝐴2∗  with the increase of velocity will be beneficial 
to the stability of the system. 𝐴𝐴1∗  and 𝐻𝐻3∗ represent 
the coupled vertical motion speed excited by the 
aerodynamic lift generated by the torsional 
motion displacement and the aerodynamic 
damping formed by the aerodynamic moment 
caused by the feedback. They make the torsional 
vibration modal damping decrease from positive 
to negative, which is the most essential reason for 
the vibration divergence. In addition, the change 
of 𝐴𝐴3∗  also affects the flutter critical velocity, but 
the influence is smaller than 𝐴𝐴1∗ , 𝐴𝐴2∗  and 𝐻𝐻3∗. The 
flutter critical velocity decreases with the increase 
of 𝐴𝐴1∗ , 𝐴𝐴3∗  and 𝐻𝐻3∗ and increases with the increase 
of 𝐴𝐴2∗ . The other flutter derivatives almost have no 
effect on the flutter critical velocity. 

Now, we can analyse the relationship between the 
shape of cross-section and the flutter critical 
velocity under the simplified calculation condition. 
The analysis results can provide a reference for 
the aerodynamic shape optimization of closed box 
girder. For this type of cross-section, there are not 
many factors affecting the aerodynamic shape 
without considering the influence of the ancillary 
facilities on the flutter critical velocity in the 
construction stage. It is time-consuming and may 
not lead to better calculation results if every detail 
of closed box girder is taken into account. 
Therefore, this study only discusses three 
important parameters: width to height ratio, wind 
fairing angle and inclined web slope. 
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4.2 Aerodynamic shape optimization 

4.2.1 Width to height ratio 

The ratio of width to height of closed box girder 
varies greatly. The width of cross-section varies 
from 30m to 50m and the height ranges from 2m 
to 5m. Taking a bridge with the width to height 
ratio of 12.3 as an example. The width to height 
ratio is adjusted only by changing the width of the 
cross-section. The wind fairing angle and inclined 
web slope are kept unchanged. The flutter 
derivatives with different width to height ratios 
are identified by the trained machine learning 
model, and the flutter critical velocity under 
different width to height ratios is calculated by 
two-dimensional flutter numerical analysis [17]. 
The variation law of flutter critical velocity with 
the width to height ratio is shown in Figure 9(a). 
The flutter critical velocity decreases with the 
increase of width to height ratio. This result is 
consistent with the conclusion obtained by Zhang 
H. [18] of Chang'an University. The flutter critical
velocity decreases sharply when the width to
height ratio is lower than 10, and the decrease
trend of flutter critical velocity gradually slows
down with the increase of width to height ratio
when the ratio is greater than 10.

4.2.2 Wind fairing angle 

Figure 9(b) shows the rule of flutter critical 
velocity changing with the wind fairing angle. It 
can be seen that there are two peaks in the entire 
variation range of wind fairing angle, one at 
around 45° and the other at 70°. In general, in the 
two angle ranges of 30°-60° and 60°-100°, the 
flutter critical velocity first increases and then 

decreases with the increase of the wind fairing 
angle respectively. This trend is similar to the 
results obtained by Chen Y.Q. [19] of Tongji 
University based on CFD calculation and statistical 
analysis. The prototype section in his study is a 
slotted box girder, which has a different flutter 
performance from the closed box girder in this 
paper. Therefore, the optimal wind fairing angles 
are also different, but the influence regularity of 
wind fairing angle on the flutter critical velocity 
has a reference for the optimization of 
aerodynamic shape. 

4.2.3 Inclined web slope 

Li Z.G. and Liao H.L. [20] of Southwest Jiaotong 
University studied the influence of inclined web 
slope on flutter critical velocity by wind tunnel 
tests. The conclusion is that for closed box girder 
with the width to height ratio of 11, the larger the 
inclined web slope is, the smaller the flutter 
critical velocity is. For the closed box girder with 
the width to height ratio of 7, the influence of 
inclined web slope on flutter critical velocity is 
very small. The width to height ratio of the 
prototype structure in this paper is 12.3. When 
the inclined web slope is changed from 10° to 25°, 
the influence regularity of inclined web slope on 
the flutter critical velocity is shown in Figure 9(c). 
It can be seen that the flutter critical velocity 
decreases with the increase of inclined web slope, 
and it is almost linear. However, during the actual 
design and construction, the specific inclined web 
slope should be determined according to the 
actual engineering because it will significantly 
increase the manufacturing difficulty if the 
inclined web slope is too small. 
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Figure 9. Influence of the shape of cross-section on flutter critical velocity 

1192



IABSE Congress Nanjing 2022  
Bridges and Structures: Connection, Integration and Harmonisation 

5 Conclusions 
In this paper, aerostatic coefficients and flutter 
derivatives of closed box girders are identified by 
machine learning methods. The influence of the 
geometric shape of cross-section on flutter critical 
velocity is analysed, which provides a reference 
for the aerodynamic shape optimization and 
further verifies the validity of the models. 

1) The EBP neural network based on Levenberg-
Marquardt algorithm has a very good fitting effect
on the training set of aerostatic coefficients since
all the fitting degrees are above 0.95. The overall
mean relative error of the test set is only 0.1458,
indicating the good generalization ability of model.
The model trained by gradient boosting decision
tree is also able to predict the distribution of
flutter derivatives to a certain extent.

2) For closed box girders, 𝐴𝐴1∗ , 𝐴𝐴2∗ , 𝐴𝐴3∗  and 𝐻𝐻3∗ have
the great influence on flutter critical velocity. The
flutter critical velocity decreases with the increase
of 𝐴𝐴1∗ , 𝐴𝐴3∗  and 𝐻𝐻3∗ and increases with the increase
of 𝐴𝐴2∗ . The other flutter derivatives almost have no
effect on flutter critical velocity.

3) The flutter critical velocity decreases with the
increase of the ratio of width to height of a closed
box girder. In the two ranges of 30°-60° and 60°-
100° of wind fairing angles, the flutter critical
velocity first increases and then decreases with
the increase of angle, and reach the peaks at 45°
and 70°, respectively. At a specific width to height
ratio, the flutter critical velocity decreases with
the increase of inclined web slope, and it is almost
linear.
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Abstract 
Civil infrastructure has aided economic development and social progress. Existing reinforced 
concrete beam bridges undoubtedly suffer the damages due to loads, structural defects, etc. To 
increase the accuracy of safety assessments, a reliable bridge deterioration model is required. This 
study presents a technique for validating and updating the regional bridge deterioration model by 
using monitoring data from a few bridges in the area. This method avoids data-level fusion and 
instead employs model-level fusion. In model validation, it makes full use of the depth of individual 
bridge monitoring data as well as the breadth of bridge group inspection data. The suggested 
method is validated in a case study including regional bridges in Northern China. When the number 
of monitored individual bridges grows, the validation and correction of the regional bridge 
deterioration model will be more effective. 

Keywords: deterioration model; regional bridges; inspection data; structural health monitoring; 
model updating; condition assessment. 

1 Introduction 
In recent decades, huge expansions in civil 
infrastructure have supported economic growth 
and social advancement. China, the United States, 
Europe, and other areas have large in-service 
bridge holdings, and a great number of bridges are 
classed as damaged, posing a possible safety risk to 
the serviceability of local transportation networks 
[1]. Simultaneously, the vast amount of regional 
bridge inspection and monitoring data generated 
over time contains some structural performance- 
related information [2]. As a result, it is essential to 
generate a credible bridge deterioration model. 

In general, the regional bridge deterioration model 
is generated from years of visual inspection reports. 
Although the regional bridge database consisting of 
bridge structural inspection data has been pre-
processed with data cleaning and reconstruction 
techniques [3], It still consist of some errors that 
may misguide the deterioration model generation. 
Structural health monitoring is a more reliable and 
objective way to acquire in-service data that reflect 
the condition on measured structures, but the 
huge costs of structural health monitoring systems 
prevent their installations on every bridge. 

Previous studies have proposed some methods to 
take advantages of inspection and structural health 
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monitoring data to assist in assessing the bridge 
conditions. Xu et al. [4] used a comprehensive 
condition evaluation framework of suspension 
bridges for maintenance, repair and rehabilitation 
using multi-source data. Li et al. [5] used a Level 2 
safety evaluation method incorporating structural 
health monitoring and inspection data for arch 
bridges. From the perspective of data dimension 
and data volume, it is difficult to fuse monitoring 
and inspection information at the data level. 

This study proposes a method that uses monitoring 
information from a few bridges in the region to 
validate and correct the deterioration model of 
regional bridges. This approach avoids the fusion at 
the data-level and uses the fusion at the model-
level. It makes full use of the depth of individual 

bridge monitoring data and the breadth of bridge 
group inspection data in model validation. The 
validation and correction of the regional bridge 
degradation model will be more effective when the 
number of measured individual bridges increases. 

2 Model validation and updating 
framework 

The framework for validation and updating of the 
regional deterioration model proposed in this 
paper is shown in Figure 1. The main steps include 
the establishment of bridge multi-source database, 
regional bridge deterioration model generation, 
individual bridge deterioration model generation, 
regional bridge deterioration model validation and 
model update.  

Figure 1. Regional deterioration model validation and updating framework

2.1 Bridge multi-source database 
establishment 

The multi-source database mainly contains years of 
inspection data of regional bridges, monitoring 
data of individual bridge, and their design 
information. Each type of data is integrated and 
cleaned to form the database for further usage. 

2.2 Regional bridge deterioration model 
generation 

The regional bridge deterioration model is 
generated with the database that extracted from 
years of inspection data of regional bridges. It could 
be developed with the help of machine learning or 
deep learning techniques, such as artificial neural 
network, etc. The data-driven model could extract 
features among regional attributes and structural 
condition levels to build the deterioration model.  
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2.3 Individual bridge deterioration model 
generation 

The individual bridge deterioration model is 
generated with the long-term monitoring data. The 
structural performance of bridge main component 
(main girders, piers, etc.) is represented with the 
sensitive indicators. For the main beam/girder, the 
neural axis can be selected as an indicator to 
represent the performance of superstructure [6]. 

2.4 Regional bridge deterioration model 
validation and model update 

Since the regional bridge deterioration model is 
generated based on the inspected condition levels, 
it is necessary to discretize the deterioration results 
of individual bridge according to certain rules. The 
accuracy of the regional bridge deterioration 
model is validated based on the difference in the 
service life of the structure predicted by the two 
models. If the difference in results is within the 
allowable range, the regional bridge deterioration 
model is proven to be accurate; if the difference in 
results is large, the regional bridge deterioration 
model will be retrained using the data generated 
from the individual degradation model. 

3 Case study 

3.1 Bridges in a transportation network 

Parts of highway bridges in a transportation 
network of Northern China are selected as in a case 
to validate the proposed method. The small- and 
medium-span concrete beam bridges built in this 
region are mainly belong to three different types: 
hollow slab bridge, T-shaped beam bridge, and 
box-shaped beam bridge. The Bridge condition 
data is extracted from years of inspection reports 
to be used in this study to establish the regional 
deterioration models. In this region, there is a box 
girder bridge with several accelerometers and 
strain gauges installed to monitor its service 
performance. Therefore, in this study, the service 
performance of the main beam is chosen to 
represent and transformed to the condition level of 
the  bridge superstructure. 

3.2 Deterioration model of regional bridge 

There are twenty regional parameters are selected 
from the Chinese bridge inspection reports to 
represent the regional condition-related features. 
The artificial neural network is selected as the 
surrogate mode to model the regional bridge 
deteriorations. The inputs are road level, route 
number, number of lanes, road width, mile, bridge 
side, bridge age, bridge built year, bridge total 
length ,superstructure type of bridge, maximum 
span of bridge, average daily traffic, annual average 
daily truck traffic, and maintenance actions for 
superstructures, substructures, and decks. The 
outputs are condition levels for superstructures, 
substructures, decks, and bridge system.  

To train the data-driven model, the regional bridge 
condition database is randomly split into three 
datasets. The training dataset, validation dataset, 
and test dataset, respectively, account for 75%, 
15%, and 10% of the entire dataset. The data-
driven model is trained with the training dataset to 
decrease prediction error. The test dataset is used 
to assess the network's efficiency, whereas the 
validation dataset is used to identify the optimum 
weights. The ideal trained models should be able to 
effectively anticipate the general rule of bridge 
deterioration and be applicable to a wide range of 
bridge types across the transportation network. 
After model training of several epochs, the 
prediction accuracy of condition levels of 
superstructure achieves about 85%. 

3.3 Deterioration model of individual 
bridge 

The data collected in the bridge health monitoring 
system are mostly structural response data 
(acceleration, strain, displacement, etc.), and it is 
hard to use these responses to directly assess the 
bridge condition to generate response prediction 
models in predicting deteriorations. For example, 
the acceleration data can be used to generate 
structural frequency information through modal 
identification, and strain data can be used to 
calculate the neutral axis position or influence line 
of the structure to reflect the condition of the 
measured structures. 
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The value change of performance indicators is able 
to reflect the change in the structural conditions. 
When building a structural condition deterioration 
model, various forms can be considered, mainly 
divided into parametric and non-parametric 
models.  

The common form of parametric model is a 
polynomial model, and the univariate polynomial 
model can be written in the following form: 

𝑓𝑓(𝑥𝑥) = 𝑎𝑎𝑥𝑥𝑛𝑛 + 𝑏𝑏𝑥𝑥𝑛𝑛−1 + ⋯+ 𝑚𝑚𝑥𝑥 + 𝑛𝑛 (1) 

In addition, univariate parametric degenerate 
models are also combined in the form of 
trigonometric functions, exponential functions, 
logarithmic functions, etc., but attention should be 
paid to overfitting and other issues. 

The above parametric models also belong to 
machine learning problems, and there are various 
strategies to model them, such as Lasso regression, 
K-nearest neighbour regression, Ridge regression,
Elastic-net regression, etc.

Non-parametric models mainly refer to deep 
learning models, when the number and types of 
bridge sensors are large, multiple structural 
condition indicators calculated by the multiple 
sensors can be used to jointly predict the condition 
ratings of the structure. In this case, the structural 
condition prediction is achieved with the deep 
learning to effectively mine the multidimensional 
features inside the large dataset. The network 
architecture of deep learning can take as many 
forms, either in the form of convolutional neural 
networks or recurrent neural networks. 

Another important issue in the generation of an 
deterioration model based on monitoring data is 
the problem of setting the structural condition 
level thresholds. The idea of threshold setting can 
be to first set the thresholds of the structural 
condition indicators corresponding to the Level 5, 
and then set the thresholds of the Level 1 to Level 
4 according to the equal division principle. 

3.4 Regional deterioration model 
validation 

The trained regional bridge deterioration model 
will be validated using the proposed framework. 
The neutral axis indicator of the superstructure 
main girders of Baofu Bridge is able to assess the 
bridge conditions, so the neutral axis indicator is 
used to build the individual  deterioration model, 
and thresholds (±1) are determined to set five-level 
conditions, therefore, Level 1 is the indicator 
staying in (-0.25, 0.25), Level 2 is the indicator 
staying in (-0.50, -0.25] and [0.25, 0.50) , and Level 
3 is the indicator staying in (- 0.75, -0.50] and [0.50, 
0.75), Level 4 is the indicator staying in (-1.00, -0.75] 
and [0.75, 1.00), and Level 5 is the indicator staying 
in (-∞, -1.00] and [1.00, ∞). 

The linear regression model (𝑦𝑦 = 𝑎𝑎𝑥𝑥 + 𝑏𝑏) is chosen 
as the deterioration model for measured neural 
axis indicators. The calculated values of the neutral 
axis for each of the three cross sections were fitted 
and the results are shown in Figures 2 to 4. The red 
solid line in each figure represents the results of the 
fitted linear regression models.

Figure 2. Linear regression model of NAI in Section 02 
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Figure 3. Linear regression model of NAI in Section 03 

Figure 4. Linear regression model of NAI in Section 04

Table 1 shows the linear deterioration models for 
three main sections of the measured girder, and 
the slope of the fitted results represent the 
deterioration rate of each of the three cross-
sections. From the root mean squared error (RMSE) 
and the coefficient of determination (R2) , it can be 
seen that the fitted results are relatively 
satisfactory for the linear model. The deterioration 
rate of each section is also distinct, and the 
deterioration rate of the middle section (Section 03) 
is the largest, but it is consistent with the fact that 
larger bending moment exists in the middle of the 
span, which also causes the larger structural 
damages and deteriorations. The bridge is already 
5 years old, from now, the fastest deterioration 
rate is 35.74 years for the mid-span section, and 
the deterioration rate is 45.03 and 40.75 years for 
other measured sections. 

Table 1. Linear deterioration models for three 
main sections of the measured girder 

Attributes Section 02 Section 03 Section 04 

Format 𝑦𝑦 = 𝑎𝑎𝑥𝑥 + 𝑏𝑏 

Slope 6.08
× 10−5 

7.66
× 10−5 

6.72
× 10−5 

RMSE 2.08 1.48 2.48 

R2 0.17 0.31 0.17 

Times to 
Level 5 45.03 yrs 35.74 yrs 40.75 yrs 

* dys = days, yrs = years.

Table 2. Prediction results of individual and
regional deterioration models 

Attributes 
Model of 
individual 

bridge 

Model of 
regional 
bridges 

Times to Level 5 40.74 yrs 43 yrs 
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The regional deterioration model developed in this 
study uses the variation of the inputs to calculate 
the time that the superstructure of the Baofu 
bridge deteriorating to Level 5. In the data-driven 
model, the three input parameters, i.e., bridge age, 
ADT and ADDT, vary with time (years) in addition to 
the constant bridge parameters. Based on the 
statistical values of ADT and ADDT for the previous 
5 years, a linear model is used to infer their 
variation in the time dimension. By continuously 
varying the input values of these three parameters, 
it can be determined that the condition level of 
superstructure will be deteriorated to Level 5 for 
the first time when the bridge age is 43 years. 

Comparing the prediction of time to Level 5 from 
the individual deterioration model based on 
monitoring data and the regional deterioration 
model based on inspection data, Figure 2 validates 
that the trained regional deterioration model in 
this study predicts the deterioration time of the 
superstructure relatively accurately and does not 
need to be optimized and updated at this time. In 
the future, the regional deterioration model can be 
updated when the individual deterioration model 
generated from the monitoring data does not 
agree with the predicted results of the regional 
deterioration model, or when a new bridge health 
monitoring system is installed in the region. 

4 Conclusions 
This study presents a technique for validating and 
updating the regional bridge degradation model by 
using monitoring data from a few bridges in the 
area. This method avoids data-level fusion and 
instead employs model-level fusion. In model 
validation, it makes full use of the depth of 
individual bridge monitoring data as well as the 
breadth of bridge group inspection data. When the 
number of monitored individual bridges grows, the 
validation and correction of the regional bridge 
deterioration model will be more effective. 
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Abstract 
Nowadays there is an extended need for real-time applications of Structural Health Monitoring in 
existing concrete structures. This paper deals with the application of a new, low-cost and wireless 
SHM system that utilises small-sized piezoelectric transducers for continuous damage assessment 
of Fibre Reinforced Concrete specimen. A PZT-based Wireless impedance-Admittance Monitoring 
System used for detection of damage degree due to concrete cracking. The Electro-Mechanical 
Impedance signatures of an array of externally bonded PZT sensors in FRC specimen subjected to 
four-point bending in several damage states. Quantitative damage evaluation is achieved using the 
frequency signal measurements of the PZT transducers and comparisons of several commonly 
statistical indexes. Further, a new damage index based on k-means clustering methods that 
provides more reliable results on damage identification is also proposed and evaluated herein. 

Keywords: structural health monitoring; Electro-Mechanical Impedance; lead zirconate titanate 
(PZT); fibre reinforced concrete; damage detection. 

1. Introduction
Climate change affects the ability of Reinforced 
Concrete (RC) structures to expand their lifespan. 
Sustainable development invigorates crucial 
importance to the design, construction, 
rehabilitation, and refurbishment of concrete 
structures. Fiber Reinforced Concrete (FRC) 
constitutes a solution, which has shown superior 
mechanical properties, and mainly, greater 
durability [1-3]. Especially for the latter, the ability 
of the structures to withstand structural 
degradation due to environmental agents is 
improved with the application of synthetic fibers 
in comparison to the steel ones, thanks to the 
greater corrosion resistance properties. Therefore, 

FRC materials have expanded their applications in 
the construction industry [4-7].  

Structural Health Monitoring (SHM) has strong 
potential to expand the lifespan of RC structures 
by regular evaluation of their structural integrity. 
In real-life applications, SHM's aim is to prevent 
sudden collapse and even heavy structural 
damage through a prompt damage detection. For 
the aforementioned reasons, SHM systems must 
be capable of operating on a real-time basis to 
prevent extensive damage. In Electro-Mechanical 
Admittance (EMA) and its inverse Electro-
Mechanical Impedance (EMI) method, the use of 
Piezoelectric ceramics and particularly lead 
zirconate titanate (PZT) patches is advantageous 
because of their active-sensing capability, small 
size, and inexpensive cost [8-10]. 
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Damage intensity is frequently quantified with the 
EMA method and statistical metrics. In the extant 
literature, the most frequently statistical metrics 
are the Root Mean Square Deviation (RMSD), the 
Mean Absolute Percentage Deviation (MAPD), and 
the Correlation Coefficient Deviation (CCD) [5-10]. 
However, despite of their small required 
computational resources there is limited efficiency 
when it comes to recognizing and localizing 
damage. Machine learning approaches have 
proven successfully in overcoming these 
limitations in identifying damage and its location. 

Data classification is a well-known unsupervised 
machine learning technic, which separates data 
space into clusters, based on several distance 
metrics (Euclidean, Mahalanobis, Minkowski, and 
others) in respect to similarity degree. In SHM, the 
clustering methods, such as k-means, partition 
similar data into the same cluster group, so outlier 
data indicates damage [11-15]. 

This study contains EMI signatures of an array of 
external bonded PZT in FRC specimen subjected to 
four-point bending in several loading levels. Small-
sized custom-made devices with wireless 
capability have already been introduced as 
WiAMS in previous studies [5-10] used to evaluate 
the EMI signatures. Several statistical indexes such 
as RMSD, MAPD, and CCD are used for the 
quantification of damage. Finally, a novel damage 
index, based on the k-means clustering method, 
with the ability to evaluate PZTs as a network is 
introduced. 

2. Material and Methods
This study investigates the efficiency of an SHM 
system using the EMI technic on a Synthetic Fiber 
Reinforced Concrete (SFRC) under the standard 
procedure for a four-point bending test according 
to ASTM C78. The specimen measured 50 cm long, 
150 cm high, and 150 cm wide were used for the 
experiments (Figure 1). The concrete used in this 
study was a ready-mix concrete with grade C30/37 
with addition of 5 kg/m3 SikaFiber Force 50. 

Flexural test was conducted on a 45 cm support 
span and 15 cm loading span in a four-point 
bending configuration with a servo-hydraulic 
testing machine. The test program consisted of 
repeatable loading with incremental loads level 

applied to the beam in every subsequent cycle 
(Figure 2). SFRC specimen reached its maximum 
tensile strength of 4 MPa during the last loading 
load cycle with a critical crack forming in the 
middle span. To ensure process’ reliability, EMI 
measurements are performed after the unloading 
of the beam in every loading cycle. 

Figure 1. Locations and labeled names of PZT 

EMI measurements were performed using WiAMS 
in a wide frequency range from 10 to 250 kHz. The 
PZT transducers used in this study commercially 
distributed as PIC 151 designation, with 
dimensions 2 cm X 2 cm X 0.5 cm. Before applying 
any load, a series of 20 measurements for each 
transducer was carried out in order to evaluate 
the variation of EMI measurements in healthy 
condition. Subsequently, three measurements for 
all transducers were carried out at the end of each 
loading cycle. 

Figure 2. Schematic representation of the four-
cycle loading history 

3. Statistical indexes for damage
quantification
Due to the damage that occurred on the Synthetic 
Fiber Reinforced Concrete (SFRC) prismatic 
specimens, a change was appeared in the voltage 
signal response plots of the PZTs. These changes 
provide a qualitative approach in damage 
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detection where greater variations subjected to 
higher damage levels. Thus, quantification of the 
impedance signatures will be achieved 
traditionally using statistically scalar indexes. In 
this study, a quantitative assessment of damages 
is based on the use of three different statistical 
equations such as: 

- Root Mean Square Deviation index (RMSD):

𝑅𝑅𝑅𝑅𝑅𝑅𝑅𝑅 = �
∑ ��𝑉𝑉𝑝𝑝(𝑓𝑓𝑟𝑟)�𝐷𝐷−�𝑉𝑉𝑝𝑝(𝑓𝑓𝑟𝑟)�0�

2𝑀𝑀
𝑟𝑟=1

∑ ��𝑉𝑉𝑝𝑝(𝑓𝑓𝑟𝑟)�0�
2𝑀𝑀

𝑟𝑟=1

 (1) 

- Mean absolute percentage deviation index
(MAPD):

𝑅𝑅𝑀𝑀𝑀𝑀𝑅𝑅 = 1
𝑀𝑀
∑

��𝑉𝑉𝑝𝑝(𝑓𝑓𝑟𝑟)𝐷𝐷−𝑉𝑉𝑝𝑝(𝑓𝑓𝑟𝑟)0��

𝑉𝑉𝑝𝑝(𝑓𝑓𝑟𝑟)0
𝑀𝑀
𝑟𝑟=1  (2) 

- Correlation coefficient deviation index (CCD)

𝐶𝐶𝐶𝐶 =
∑ �𝑉𝑉𝑝𝑝(𝑓𝑓𝑟𝑟)𝐷𝐷−𝑉𝑉𝑝𝑝(𝑓𝑓𝑟𝑟)𝐷𝐷��𝑉𝑉𝑝𝑝(𝑓𝑓𝑟𝑟)0−𝑉𝑉𝑝𝑝(𝑓𝑓𝑟𝑟)0�𝑀𝑀
𝑟𝑟=1

𝑀𝑀𝜎𝜎𝑉𝑉𝑝𝑝(𝑓𝑓𝑟𝑟)𝐷𝐷𝜎𝜎𝑉𝑉𝑝𝑝(𝑓𝑓𝑟𝑟)0
 (3) 

𝐶𝐶𝐶𝐶𝑅𝑅 = 1− 𝐶𝐶𝐶𝐶  (4) 

Where: 

�Vp(fr)�0: absolute value of the voltage output
signal as extracted from the PZT at the Healthy 
pristine state of the specimen, 

�Vp(fr)�D: absolute value of the corresponding
voltage output signal as measured from the same 
PZT at damage level D, 

Vp(fr): mean values, 

σVp(fr): standard deviation and 

M: number of measurements in the frequency 
band 10-250 kHz. 

Figure 3. RMSD index 

The RMSD evaluates the similarity degree among 
different impedance spectra, in a predefined 
frequency range. Negligible values of RMSD index 
indicate similar impedance spectrum.  

In Figure 3 it is clearly demonstrated that higher 
RMSD values indicate detection of increased 
structural damage. This way, the RMSD index 
seems to be an effective tool for damage 
detection.  
MAPD evaluates the average of the absolute 
values of the deviations for every data point of the 
impedance signature individually. So MAPD is 
highly affected by deviations degree, in other 
terms small MAPD values indicate negligible 
deviations among impedance spectrum.  
The comparison of Figures 3 and 4 indicates that 
RMSD and MAPD indexes shares the same pattern, 
for this study. 

Figure 4. MAPD index 

The correlation coefficient deviation, CCD, reflects 
the relationship between two impedance 
signatures and determines whether these two 
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impedance datasets resemble each other, with 
higher sensitivity in shifting of the peak frequency 
[15]. Because of the negligible shifting of the peak 
frequency, the previous argument is consistent 
with Figure 5. This way, the CCD index seems to be 
ineffective for damage quantification. 

Figure 5. CCD index 

4. Proposed damage index
As stated previously, statistical based indexes 
handles PZT transducers individually. In order to 
treat PZTs as a network, a normalization 
procedure is needed. The normalization 
procedure has to take into account the variance of 
EMI signatures of different PZTs patches in 
healthy condition. This work introduces a 
promising procedure for normalization on EMI 
signatures based on K-means clustering. Basically, 
the K-means algorithm is used to provide an 
unbiased baseline signature accompanied by an 
expected variation field of it.  

K-means is a robust and reliable clustering
technique and it lies in the group of unsupervised
machine learning methods. K-means algorithms
combine distance metric, Euclidean in this study,
and an optimization procedure in order to
separate data space in certain, predefined k
clusters. The scope is to determine k cluster
centroids with the minimum overall distance
between the cluster members and the centroid of
the cluster. In this study, the number of different
sensors used as k predefined number of clusters in
order to separate EMI signatures measured in
healthy condition.

𝐻𝐻𝑖𝑖
𝑘𝑘 = �∑ �𝑠𝑠𝑟𝑟𝑖𝑖𝐻𝐻𝑘𝑘 −𝑚𝑚𝑟𝑟𝑘𝑘�

2𝑅𝑅
𝑟𝑟=1  (5) 

Where, Hi
k is the Euclidean distance between a 

healthy condition EMI measurement siHkand the 
mean vector mk of its cluster k.  

Subsequently, the average and the standard 
deviation of Euclidean distances between several 
healthy condition EMI signatures and the mean 
vector are computed for all the clusters.  

fk = μk + 3σk (6) 

Then, a normalization factor fk is established, 
which equals the average distance μk plus three 
times the standard deviation σk of distances for 
every individual sensor, and indicates a boundary 
which distance must exceed in order to be 
evaluated as an anomaly.  

Di
k =

�∑ �sri
Dk−mrk�

2M
r=1

Fk
(7) 

Consequential, the damage index Di is computed 
as the distance between EMI signatures in each 
damage state siDk  and the mean vector mk 
divided by the normalization factor fk for every 
PZT patch individually. This procedure permits the 
direct correlation between several PZT patches 
while taking into account the variance of EMI 
signatures n healthy condition. Results in terms of 
the proposed damage index demonstrate in Figure 
6. 

Figure 6. Damage index Di 

In the end, the PZTs were paired into networks 
according to the positions they occupied in the 
specimen (Left, Right) and the sum of their 
normalized values was calculated. The cumulative 
results are illustrated in Figure 7. PZTs on the Left 
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side tend to have higher damage indices than 
those on the Right side at all loading levels.  The 
crack pattern confirms by the damage indicators 
from the Left and Right sides. 

Figure 7. Damage index 

5. Conclusions
This study investigates the effectiveness of an 
EMI-based method for real-time SHM with a 
surface bonded network of PZT transducers. The 
main contributions and conclusions could be 
drawn based on the results presented herein: 

• It appears that the RMSD and MAPD
indices are a reliable tool for assessing
damage levels by evaluating the voltage
measurement of the PZT transducers in
relation to distance and damage level.

• Using a machine learning technique based
on K-means clustering, a new
normalization damage index has been
introduced that accounts the variance of
EMI signatures of a network of PZT
patches.

• This work offers a supplementary method
for evaluating cracking associated with
flexural cracking in SFRC prisms and
provides useful guidance for PZT
transducer layout and sensitivity for
practical applications.
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Abstract 
Thermal energy exchange induces non-uniform temperature distribution on the concrete bridge 
structures, leading to variation of static and dynamic properties of structural systems. The finite 
element method can facilitate thermal simulation and predict the structural temperature 
distribution based on heat flow theories. Previous studies mainly focused on the daytime with 
sunny weather, and the effects of solar shadow distribution were not fully considered or even 
ignored. In this paper, a systematic all-weather thermal simulation method was proposed to 
investigate the temperature distributions of concrete maglev bridges. The solar shadow 
distribution on the bridge surface could be accurately simulated to determine the solar radiation-
imposed range. A meteorological station and some thermocouples were installed on a real 
concrete maglev bridge to obtain the real-time structural temperatures and environmental 
conditions. Results show that the simulated structural temperature matches the measured results 
under various weather conditions. Moreover, the simulation method acquired a higher accuracy 
under overcast or rainy weather due to weaker solar radiation effects. The proposed methodology 
for temperature field simulation is oriented by all-weather prediction of structural temperature, 
which is reliable for concrete bridge structures with the help of accurate measurement of real-
time solar radiation. 

Keywords: RC bridge structure; structural temperature field; all-weather temperature simulation; 
filed test; validation. 
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1 Introduction 
RC bridges are generally constructed in the open 
area and exposed to the environment. The 
structural temperature fields are heavily affected 
by the energy exchange between bridge 
structures and surrounding environments [1]. 

In previous studies, Liu et al. [2] set up a numerical 
simulation and experimental study on an H-
shaped steel specimen considering the shadow of 
solar radiation based on 3-day temperature 
measurements in Summer. Abid et al. [3] 
established a full-scale concrete box-girder 
segment with 62 thermocouples and a weather 
station to analyse distributions of temperature 
based on continued 1-year data acquisition. Xia et 
al. [4] carried out an experiment and numerical 
analysis on a simply supported RC slab specimen 
to investigate the temperature-induced variation 
of structural frequencies. 

With the rapid development of numerical 
simulation, the finite element (FE) method can 
facilitate thermal numerical simulation using heat 
flow equations. Therefore, the structural 
temperature fields can be simulated considering 
different thermal boundary conditions. Several 
environmental factors, including solar radiation, 
weather conditions, bridge orientation, material, 
cross-section form, etc., determine the thermal 
boundary conditions [5]. Among these factors, 
solar radiation has a significant effect on the 
accuracy of numerical simulation [6]. The 
temperature field simulation accuracy is usually 
affected by the real-time simulation of solar 
shadow and applying a suitable solar radiation flux 
model. Therefore, an algorithm for all-weather 
simulation of the solar shadow is first required for 
numerical analysis of the structural temperature 
field. 

Focusing on thermal effects on structural the 
temperature distribution, this paper carried out 
an all-weather numerical simulation methodology 
of the structural temperature field based on the 
real-time metrological monitoring data of the 
bridge site and a simulation algorithm of real-time 
solar shadow, to predict the structural 
temperature distribution of RC bridges. 

2 Experimental program 
An RC maglev viaduct with a simply-supported 
straddle-type monorail track beam and two piers 
was tested to obtain the structural surface 
temperate with regional meteorological effects in 
summer. The length of the simply supported beam 
is 12.3 m. The beam adopted a T-shaped solid 
section to meet the Maglev track arrangement. All 
temperature measuring points were arranged as 
shown in Figure 1a. The experimental data were 
recorded at a sampling rate of one time per ten 
minutes constantly from July-2019 to August-2019. 

(a) 

(b) 

Figure 1. Experimental setup: (a) structural layout 
and arrangement of temperature measuring 
points (unit: mm); (b) meteorological station. 

The meteorological station, consisting of three 
sensors at an open site about 10m away from the 
south side of the experimental viaduct to monitor 
the meteorological conditions (Figure 1b). The 
temperature probe, three-cup anemometer, and 
pyranometer were used to monitor the shade air 
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temperature, wind speed, and solar radiation 
intensity, respectively. 

3 Numerical simulation method 
considering solar radiation effects 

3.1 Thermal boundary condition 

For an RC bridge structure exposed to the 
environment (Figure 2a), the heat transfer acting 
on the structural surface includes solar radiation 
(𝑞𝑞𝑠𝑠 ), convection heat transfer (𝑞𝑞𝑐𝑐 ), radiation 
transfer (𝑞𝑞𝑟𝑟). Therefore, the thermal boundary 
condition of the structural surface at a certain 
time is defined as Eqn. (1): 

𝜆𝜆
𝜕𝜕𝜕𝜕
𝜕𝜕𝜕𝜕�𝛤𝛤

= 𝑞𝑞𝑠𝑠 + 𝑞𝑞𝑐𝑐 + 𝑞𝑞𝑟𝑟 (1) 

where 𝛤𝛤 is structural boundary surface; 𝜕𝜕 is the 
external normal line direction of surface. 

(a) 

(b) 

Figure 2. Basic assumptions of boundary condition: 
(a) heat flow schematic diagram of the maglev

viaduct; (b) diagram of coordinate system.

For each structural surface under solar radiation, a 
spatial coordinate system 𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂 is established to 
define each relevant angle (Figure 2b). The 
relevant angles are defined as follows. 

𝛼𝛼𝑛𝑛  is the azimuth of the surface; 𝛽𝛽𝑛𝑛  is the 
inclination of the surface, and |𝛽𝛽𝑛𝑛| ≤ 90°; 𝛼𝛼𝑠𝑠  is 
solar azimuth, and 0° < 𝛼𝛼𝑠𝑠 ≤ 90°  for the 
southeast, −90° ≤ 𝛼𝛼𝑠𝑠 < 0°  for southwest; 𝛽𝛽𝑠𝑠  is 
solar altitude angle; 𝜙𝜙 is the solar incident angle, 
and 0° ≤ 𝜙𝜙 ≤ 180°, the relation between 𝜙𝜙 and 
other angles can be derived as Eqn. (2): 

𝑐𝑐𝑐𝑐𝑠𝑠 𝜙𝜙
= (𝑠𝑠𝑠𝑠𝜕𝜕 𝜑𝜑 𝑐𝑐𝑐𝑐𝑠𝑠 𝛽𝛽𝑛𝑛
− 𝑐𝑐𝑐𝑐𝑠𝑠 𝜑𝜑 𝑐𝑐𝑐𝑐𝑠𝑠 𝛼𝛼𝑛𝑛 𝑐𝑐𝑐𝑐𝑠𝑠 𝛽𝛽𝑛𝑛) 𝑠𝑠𝑠𝑠𝜕𝜕 𝛿𝛿
+ (𝑐𝑐𝑐𝑐𝑠𝑠 𝜑𝜑 𝑠𝑠𝑠𝑠𝜕𝜕 𝛽𝛽𝑛𝑛
+ 𝑠𝑠𝑠𝑠𝜕𝜕 𝜑𝜑 𝑐𝑐𝑐𝑐𝑠𝑠 𝛼𝛼𝑛𝑛 𝑐𝑐𝑐𝑐𝑠𝑠 𝛽𝛽𝑛𝑛) 𝑐𝑐𝑐𝑐𝑠𝑠 𝛿𝛿 𝑐𝑐𝑐𝑐𝑠𝑠 𝜏𝜏
+ 𝑠𝑠𝑠𝑠𝜕𝜕 𝛼𝛼𝑛𝑛 𝑐𝑐𝑐𝑐𝑠𝑠 𝛽𝛽𝑛𝑛 𝑐𝑐𝑐𝑐𝑠𝑠 𝛿𝛿 𝑠𝑠𝑠𝑠𝜕𝜕 𝜏𝜏

(2) 

where 𝜑𝜑 is the latitude of each structural surface; 
𝛿𝛿 is daily solar declination calculated by empirical 
formula [7]. 

3.1.1 Solar radiation flux 

For structures exposed to solar radiation, the 
shortwave solar radiation flux (W ∙ m−2) can be 
expressed as Eqn. (3): 

𝑞𝑞𝑠𝑠 = 𝐴𝐴𝑠𝑠 �𝐼𝐼𝐷𝐷 cos𝜙𝜙 +
1 + sin𝛽𝛽𝑛𝑛

2
𝐼𝐼𝑑𝑑𝑑𝑑

+
1 − sin𝛽𝛽𝑛𝑛

2
𝑟𝑟𝑒𝑒𝐼𝐼𝐺𝐺� 

(3) 

where 𝐴𝐴𝑠𝑠  is the shortwave radiation absorption 
rate of the structural surface; 𝐼𝐼𝐷𝐷  is direct solar 
radiation flux on the horizontal plane calculated 
by Eqn. (7), when the structural surface is not 
exposed to solar radiation, 𝐼𝐼𝐷𝐷 is 0; 𝐼𝐼𝑑𝑑𝑑𝑑 is diffuse 
sky radiation on the horizontal plane; 𝐼𝐼𝐺𝐺 is total 
solar radiation flux measured on the ground; 𝑟𝑟𝑒𝑒 is 
surface shortwave reflectance on the ground with 
the value of 0.20 in most cases. 

𝐼𝐼𝑑𝑑𝑑𝑑
𝐼𝐼𝐺𝐺

= �
1.0 − 0.248𝑘𝑘𝑇𝑇 𝑘𝑘𝑇𝑇 < 0.35,
1.557 − 1.84𝑘𝑘𝑇𝑇 0.35 ≤ 𝑘𝑘𝑇𝑇 < 0.75
0.177 0.75 ≤ 𝑘𝑘𝑇𝑇

, 
(4) 

Based on the real-time measured total solar 
radiation flux (𝐼𝐼𝐺𝐺) records at the bridge site, the 
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diffuse sky radiation (𝐼𝐼𝑑𝑑𝑑𝑑) can be obtained by the 
empirical formula [8] as Eqn. (4), in which 𝑘𝑘𝑇𝑇 is 
atmospheric cleanliness index defined as Eqn. (5): 

𝑘𝑘𝑇𝑇 =
𝐼𝐼𝐺𝐺
𝐼𝐼0

(5) 

where 𝐼𝐼0 is daily solar constant calculated by the 
empirical formula [9] as Eqn. (6): 

𝐼𝐼0 = 1367 �1 + 0.033 cos �
360°𝑁𝑁

365
�� (6) 

Finally, direct solar radiation 𝐼𝐼𝐷𝐷 can be calculated 
by Eqn. (7): 

𝐼𝐼𝐷𝐷 =
𝐼𝐼𝑏𝑏𝑑𝑑

sin𝛽𝛽𝑠𝑠
=
𝐼𝐼𝐺𝐺 − 𝐼𝐼𝑑𝑑𝑑𝑑

sin𝛽𝛽𝑠𝑠
(7) 

where 𝐼𝐼𝑏𝑏𝑑𝑑 is the horizontal component of direct 
solar radiation flux. 

3.1.2 Convection heat transfer flux 

Radiation convection heat transfer flux (W ⋅ m−2) 
received by the arbitrary structural surface is 
calculated by Eqn. (8): 

𝑞𝑞𝑐𝑐 = ℎ𝑐𝑐(𝜕𝜕𝑎𝑎 − 𝜕𝜕𝛤𝛤) (8) 

where ℎ𝑐𝑐 is coefficient of convection heat transfer 
obtained by Eqn. (9), in which the measured 
records of air temperature (𝜕𝜕𝑎𝑎) and wind speed (𝑣𝑣)  
are adopted; 𝜕𝜕𝛤𝛤  is the structural surface 
temperature obtained by initial temperature value. 

ℎ𝑐𝑐 = 2.6 × �|𝜕𝜕𝑎𝑎 − 𝜕𝜕𝛤𝛤|4 + 4.0𝑣𝑣 (𝑣𝑣 ≤ 5.0) (9) 

3.1.3 Radiation heat transfer flux 

Radiation heat transfer flux (W ⋅ m−2) received by 
arbitrary structural surface is calculated by Eqn. 
(10): 

𝑞𝑞𝑟𝑟 = ℎ𝑟𝑟(𝜕𝜕𝑎𝑎 − 𝜕𝜕𝛤𝛤)− 𝑞𝑞𝑟𝑟𝑎𝑎 (10) 

where ℎ𝑟𝑟 is coefficient of radiation heat transfer 
as Eqn. (11); 𝑞𝑞𝑟𝑟𝑎𝑎 is oblique sky radiation effect 
obtained by Eqn. (12). 

ℎ𝑟𝑟 = 𝜀𝜀𝐶𝐶0(546 + 𝜕𝜕𝑎𝑎 + 𝜕𝜕𝛤𝛤) ∙ (11) 

[(273 + 𝜕𝜕𝑎𝑎)2 + (273 + 𝜕𝜕𝛤𝛤)2] 

𝑞𝑞𝑟𝑟𝑎𝑎 =
1 + 𝑠𝑠𝑠𝑠𝜕𝜕 𝛽𝛽𝑛𝑛

2
∙

(1 − 𝜀𝜀𝑎𝑎)𝜀𝜀𝐶𝐶0(273 + 𝜕𝜕𝑎𝑎)4𝑟𝑟
(12) 

3.2 Simulation of solar shadow 

In this study, a method based on computer 
graphics and the finite element geometry model 
was proposed to simulate the distribution of solar 
shadow in numerical analysis. The solar shadow 
simulation method [10] is summarized in Figure 4. 

The shadow distribution of solar radiation on the 
maglev viaduct at 9:00, 12:00, and 15:00 on 23-
July-2019 is shown in Figure 3, obtained from the 
numerical simulation results by the proposed 
algorithm. Compared with the 3D visualizations 
rendered by SketchUp software, the simulation 
method of solar shadow was verified. 

(a) (b) 

(c) (d) 

(e) (f) 

Figure 3. Simulation of solar shadow distribution 
on the structure on 23-July-2019: (a) 9:00 am 

(rendered by SketchUp) ;(b) 9:00 am (simulated by 
ANSYS); (c) 12:00 (rendering); (d) 12:00 

(simulation); (e)15:00 (rendering); (f)15:00 
(simulation).
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Figure 4. Flowchart of solar shadow simulation 
algorithm in FE model. 

Figure 5. The framework of the numerical simulation 
considering solar radiation effects. 

3.3 Numerical simulation considering solar 
radiation effects 

The main stage of numerical simulation on 
temperature distribution considering solar 
radiation effects in ANSYS software are as follows 
[10]. The whole procedure is illustrated in Figure 5. 

STEP 1: To establish the FE model and obtain the 
center point coordinates; 

STEP 2: To import the meteorological records 
during the experimental period as measured data 
arrays; to import the initial temperature value. 

STEP 3: To start the calculation step at the 
corresponding time; to judge whether there is 
sunray at the corresponding time of calculation. 

STEP 4: If the value of solar radiation is 0, to apply 
the equivalent boundary condition considering 
convection and radiation heat transfer flux and 
carry out a transient thermal calculation. 

STEP 5: If the value of solar radiation is not 0, to 
apply the solar shadow algorithm and judge 
whether elements are exposed to direct solar 
radiation; to apply the equivalent boundary 
condition, and then carry out a transient thermal 
calculation. 

STEP 6: The calculation step at the corresponding 
time finishes; start the next calculation step from 
Step 3 to Step 5 until the end. 

4 Model validation and discussion 

4.1 Weather conditions records 

According to observed historical data, the weather 
condition can be categorized into sunny, cloudy, 
overcast, and rainy conditions, based on the cloud 
amount and rainfall level. Seven days were 
recorded in obviously overcast or rainy (O/R) 
conditions. 

(a) 

(b) 

Figure 6. Daily air temperature records from 07-
July-2019 to 02-August-2019: (a) daily maximum 

and minimum value; (b) daily difference 
(maximum-minimum value). 

For the whole experimental period, Figure 6 
shows the daily maximum and minimum air 
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temperatures in addition to the difference 
between the daily maximum and minimum 
temperatures. During this period, the maximum 
air temperature was 39.7℃, recorded on 30-July-
2019; while the minimum air temperature was 
recorded on 14-July-2019 and was 21.0℃. Besides, 
the maximum daily temperature difference was 
recorded on 14-July-2019 and was 11.4 ℃. 

Figure 7a shows the daily average wind speed for 
the whole record period. It is obvious that the 
daily average wind speed ranged from 0 m/s to 
approximately 0.8 m/s. Meanwhile, the recorded 
maximum wind speed during the test period was 
2.2 m/s, while a daily minimum wind speed of 0 
m/s was frequent. The daily maximum solar 
radiation for the test period is plotted in Figure 7b. 
The maximum recorded value of the daily 
maximum hourly global solar radiation was 
recorded on 20-July-2019, which was 1135 W m2⁄ . 
On the other hand, daily maximum solar 
radiations less than 300 W m2⁄  were recorded in 
heavily overcast or rainy days, such as 09-July-
2019, 12-July-2019, and 13-July-2019. And daily 
maximum solar radiations in overcast or rainy 
days were less than that in other days. 

(a) 

(b) 

Figure 7. Daily environmental records from 07-
July-2019 to 02-August-2019: (a) daily average 
wind speed; (b) daily maximum solar radiation 

every 10 minutes. 

4.2 Evaluation of FE simulation results 

Fig. 14 shows the comparison between numerical 
simulation temperature results and measured 
temperature results of the maglev viaduct from 
07-July-2019 to 02-August-2019. The time-
temperature curve illustrates that except for the
EP point on the east surface of the pier, through
establishing a reasonable FE model and adopting
proper boundary conditions, the ANSYS simulation
result coincides well with the experimental result.
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(f) 

Figure 8. Time-temperature curve of 6 points: (a) 
TS; (b) BS; (c) SS; (d) NS; (e) SP; (f) EP. 

The correlation coefficient 𝑅𝑅2 between simulated 
value and the measured value is used to evaluate 
the numerical simulation results, as expressed as 
Eqn. (13): 

𝑅𝑅2 =
∑(𝑂𝑂𝑆𝑆 − 𝑂𝑂�𝑆𝑆)(𝑂𝑂𝑀𝑀 − 𝑂𝑂�𝑀𝑀)

�∑(𝑂𝑂𝑆𝑆 − 𝑂𝑂�𝑆𝑆)2(𝑂𝑂𝑀𝑀 − 𝑂𝑂�𝑀𝑀)2
(13) 

where 𝑂𝑂𝑆𝑆 is numerical simulation result; 𝑂𝑂𝑀𝑀 is the 
corresponding experimental record at the same 
time step; 𝑁𝑁  is the number of calculation 
steps/records; 𝑂𝑂�𝑆𝑆  is the average simulation 
calculation value; 𝑂𝑂�𝑀𝑀 is the average experimental 
measured value. 

Meanwhile, two error indexes, average absolute 
error (𝐴𝐴𝐴𝐴𝐴𝐴) and root-mean-square error (𝑅𝑅𝑅𝑅𝑅𝑅𝐴𝐴), 
are used in addition to the correlation coefficient, 
as expressed in Eqn. (14). 

⎩
⎪
⎨

⎪
⎧ 𝐴𝐴𝐴𝐴𝐴𝐴 =

∑|𝑂𝑂𝑆𝑆 − 𝑂𝑂𝑀𝑀|
𝑁𝑁

𝑅𝑅𝑅𝑅𝑅𝑅𝐴𝐴 = �∑(𝑂𝑂𝑆𝑆 − 𝑂𝑂𝑀𝑀)2

𝑁𝑁

(14) 

According to the daily weather records, statistics 
of three evaluation indexes in three kinds of 
weather conditions are listed in Table 1. In term of 
𝑅𝑅2  index, the numerical simulation results in 
overcast or rainy (O/R) days are better than those 
on sunny or cloudy (S/C) days. For the measuring 
point on the east surface of the pier (EP), the 
regression coefficient index is lower than 0.90 in 
all-weather conditions and S/C days, so the 
simulation results are not good. The simulation 
results of the rest measuring points coincide well 
with the experimental results. In terms of 𝐴𝐴𝐴𝐴𝐴𝐴 
index and 𝑅𝑅𝑅𝑅𝑅𝑅𝐴𝐴  index, except the measuring 
point on the south surface of the beam (SS), the 
simulation results errors of other measuring 
points are lower in O/R days than those in S/C 
days. The errors of EP measuring point is greater 
than that of other measuring points in all weather 
condition and S/C days. 

Table 1. Calculated results of evaluation index. 

Index Weather 
condition 

Measuring point 

TS BS SS NS SP EP 

𝑅𝑅2 

All 0.978 0.997 0.980 0.980 0.973 0.833 

Sunny / Cloudy 0.975 0.996 0.976 0.976 0.966 0.773 

Overcast / Rainy 0.986 0.999 0.992 0.989 0.990 0.943 

𝐴𝐴𝐴𝐴𝐴𝐴 

All 1.687 0.605 1.339 1.074 1.109 2.301 

Sunny / Cloudy 1.771 0.647 1.306 1.155 1.138 2.637 

Overcast / Rainy 1.446 0.488 1.433 0.842 1.025 1.341 

𝑅𝑅𝑅𝑅𝑅𝑅𝐴𝐴 

All 2.104 0.710 1.529 1.337 1.393 3.143 

Sunny / Cloudy 2.206 0.764 1.519 1.432 1.422 3.455 

Overcast / Rainy 1.781 0.528 1.559 1.019 1.308 1.998 
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5 Conclusions 
An all-weather numerical simulation methodology 
considering complicated thermal boundary 
conditions was presented to predict RC bridge 
structural temperature distribution. The proposed 
method was performed on an RC maglev viaduct 
based on real-time 27-day meteorological data in 
summer. An experimental program on a maglev 
viaduct was conducted to demonstrate the 
proposed methodology and discuss the reliability 
and accuracy under various weather conditions in 
summer. The conclusions are drawn as follow: 

1) Based on real-time measured meteorological
data and the empirical formula, the
complicated thermal boundary conditions of
the bridge could be calculated to realize the
accurate bridge temperature field simulation.

2) A simulation algorithm of solar shadow was
presented and applied in numerical
simulation; the shadow distribution in the FE
model was verified by 3D rendering results.

3) The proposed temperature field model is
more suitable for cloudy or rainy days. The
comparison of simulation results in cloudy or
rainy days and those in sunny or cloudy days
shows that the accurate measurement of
direct solar radiation from sunrise to sunset
plays a significant role in the accuracy of
temperature field simulation.

Further study work will adopt the presented 
methodology to simulate the structural 
temperature in winter with low solar altitude 
angles. A more detailed investigation of the stress 
caused by thermal loads will be carried out. 
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Abstract 
Bridge influence surface (BIS), which reflects the relationship between the bridge response and the 
unit load moving on the bridge, has been commonly used in bridge weigh-in-motion, bridge damage 
detection, etc. Generally, the BIS can be obtained by interpolating bridge influence lines (BILs) at 
different lateral positions. In field tests, the BILs are usually extracted from the bridge response 
induced by a moving calibration vehicle with known axle loads. However, when taking the axle loads 
of the calibration vehicle into calculation, the impacts of the transverse distance between coaxial 
wheels and the unbalance of the coaxial wheel loads are ignored. Hence, errors may be brought to 
the calculated BIL and then propagated to the BIS. To remove these impacts, a new BIS calculation 
method, which takes the load of each wheel rather than each axle into calculation, is proposed in 
this research. Numerical simulation shows that the BIS can be successfully estimated by this method. 

Keywords: bridge influence surface; bridge influence line; wheel load; axle load. 

1 Introduction 
A bridge influence line (BIL) is the bridge response 
curve under a unit concentrated load crossing a 
bridge along the longitudinal direction [1]. A bridge 
influence surface (BIS) is the lateral extension of 
the BIL, which is the contour of bridge response 
under a unit concentrated load traveling 
throughout the entire bridge deck [2]. The BIL and 
BIS have been widely applied in bridge engineering 
such as damage detection [3-5], safety evaluation 
[6-8], model correction [9-10], and bridge weigh-in-
motion [11-12]. 

Obtaining the BIS via the finite element (FE) 
analysis is economical and convenient, but getting 
a reliable FE model is usually difficult. Therefore, 
field tests are usually adopted for BIS identification. 
There are generally two types of field test methods: 
the static loading method [13] and the dynamic 
loading method [14]. In the static loading method, 
the bridge deck firstly needs to be meshed into 
grids. Then a concentrated load is set to act at each 
grid point in turn, and the BIS can be obtained from 
the recorded bridge response after being divided 
by the size of the concentrated load. This method 
is simple and direct, but not efficient [15] due to 
the point-by-point loading. Thus, the dynamic 
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loading method, which extracts the BIL from the 
bridge response under a moving vehicle with 
known axle loads, is usually adopted in real 
applications. After the BILs are calibrated, the BIS 
can be easily estimated by laterally interpolating 
the BILs measured at key transverse positions. 

However, in the traditional dynamic loading 
methods [2,16-19], the transverse distance 
between coaxial wheels is ignored, namely, the 
coaxial left and right wheel loads of a calibration 
vehicle are simply treated as a single concentrated 
load (usually referred to as the axle load) acting at 
the middle of the axle. Consequently, the 
calculated BIL is the bridge response under two 
loads (left and right) rather than one unit load, 
which is inconsistent with the concept of BIL. Hence, 
nonnegligible errors may be introduced to the 
calculated BILs and propagated to the BIS. 
Moreover, in reality, the coaxial left and right 
wheel loads of an actual vehicle are probably not 
equal, which introduces additional errors as the 
resultant force of the coaxial wheel loads will not 
act at the middle of the axle. 

In this research, a new method that treats each 
wheel load as a concentrated load, is proposed. 
Hence the effect of the transverse distance 
between coaxial wheels and the effect of 
unbalance of the coaxial wheel loads are naturally 
considered. Numerical tests on a simply supported 
beam bridge and a continuous beam bridge were 

carried out to evaluate the effectiveness and 
accuracy of this method.  

2 Calculating Method 

2.1 Bridge influence line calculation 

In the proposed method, each wheel load of a 
calibration vehicle is treated as an individual 
concentrated force traveling through the bridge. 
Therefore, the theoretical bridge response under 
vehicle load at the kth sampling point can be 
predicted as:  

𝜀𝜀𝑡𝑡(𝑘𝑘) = ��𝑃𝑃𝑖𝑖L𝐼𝐼𝑘𝑘−𝐶𝐶𝑖𝑖
L + 𝑃𝑃𝑖𝑖R𝐼𝐼𝑘𝑘−𝐶𝐶𝑖𝑖

R �
𝑁𝑁

𝑖𝑖=1

 (1) 

where N is the axle count; 𝑃𝑃𝑖𝑖L and 𝑃𝑃𝑖𝑖Ris the left and 
right wheel weights of the ith axle, respectively; 
𝐼𝐼𝑘𝑘−𝐶𝐶𝑖𝑖
L  and 𝐼𝐼𝑘𝑘−𝐶𝐶𝑖𝑖

R  are the BIL coefficients 
corresponding to the left wheels of the ith axle, 
respectively; Ci is the sampling point difference 
between the first axle and the ith axle.  

Then Eqn. (1) can be written in matrix form as: 

𝜺𝜺t = 𝐖𝐖L
T𝐈𝐈L + 𝐖𝐖R

T𝐈𝐈R (2) 

where 𝜺𝜺t is the theoretical response vector; 𝐈𝐈L and 
𝐈𝐈R are the vectors of the BIL coefficients along the 
left and right wheel tracks, respectively; T is the 
transpose operator. WL and WR are given as follows: 

𝐖𝐖L =

⎣
⎢
⎢
⎢
⎢
⎢
⎡𝑃𝑃1

L 0 ⋯ 𝑃𝑃2L 0 ⋯ 𝑃𝑃3L 0 ⋯ 𝑃𝑃𝑁𝑁L 0 ⋯ ⋯ ⋯ 0
0 𝑃𝑃1L 0 ⋯ 𝑃𝑃2L 0 ⋯ 𝑃𝑃3L 0 ⋯ 𝑃𝑃𝑁𝑁L 0 ⋯ ⋯ 0
0 0 𝑃𝑃1L 0 ⋯ 𝑃𝑃2L 0 ⋯ 𝑃𝑃3L 0 ⋯ 𝑃𝑃𝑁𝑁L 0 ⋯ 0
⋮ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋮
⋮ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋮
0 0 ⋯ 0 0 𝑃𝑃1L 0 ⋯ 𝑃𝑃2L 0 ⋯ 𝑃𝑃3L 0 ⋯ 𝑃𝑃𝑁𝑁L⎦

⎥
⎥
⎥
⎥
⎥
⎤

(𝐾𝐾−𝐶𝐶𝑁𝑁)×𝐾𝐾

(3) 

𝐖𝐖R =

⎣
⎢
⎢
⎢
⎢
⎢
⎡𝑃𝑃1

R 0 ⋯ 𝑃𝑃2R 0 ⋯ 𝑃𝑃3R 0 ⋯ 𝑃𝑃𝑁𝑁R 0 ⋯ ⋯ ⋯ 0
0 𝑃𝑃1R 0 ⋯ 𝑃𝑃2R 0 ⋯ 𝑃𝑃3R 0 ⋯ 𝑃𝑃𝑁𝑁R 0 ⋯ ⋯ 0
0 0 𝑃𝑃1R 0 ⋯ 𝑃𝑃2R 0 ⋯ 𝑃𝑃3R 0 ⋯ 𝑃𝑃𝑁𝑁R 0 ⋯ 0
⋮ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋮
⋮ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋱ ⋮
0 0 ⋯ 0 0 𝑃𝑃1R 0 ⋯ 𝑃𝑃2R 0 ⋯ 𝑃𝑃3R 0 ⋯ 𝑃𝑃𝑁𝑁R⎦

⎥
⎥
⎥
⎥
⎥
⎤

(𝐾𝐾−𝐶𝐶𝑁𝑁)×𝐾𝐾

(4) 
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where K is the total number of sampling points of 
the bridge response. 

However, Eqn. (1) is an underdetermined equation 
system. To add necessary equations, another 
calibration vehicle is adopted to travel along the 
same tracks as the previous vehicle travels along. 
For simplicity, the two calibration vehicles are 
named as vehicle A and vehicle B, respectively. 
Then, the bridge response equations can be 
established as: 

�
𝛆𝛆At

𝛆𝛆Bt
� = �

𝐖𝐖AL
T 𝐖𝐖AR

T

𝐖𝐖BL
T 𝐖𝐖BR

T � �
𝐈𝐈L
𝐈𝐈R
� (5) 

where 𝛆𝛆At  is the theoretical bridge response under 
the load of vehicle A; 𝐖𝐖AL

T  and 𝐖𝐖AR
T are the 

matrixes related to the left and right wheel weights 
of vehicle A, respectively. Similarly, subscript B 
indicates those for vehicle B. 

For clarity, Eqn. (5) are simplified as below: 

𝛆𝛆t = 𝐖𝐖T𝐈𝐈 (6) 

To solve Eqn. (6), the L2 Regularization method [20] 
is adopted, and the error function is defined as: 

E = ‖𝛆𝛆m − 𝛆𝛆t‖22 + λ‖𝐇𝐇𝐈𝐈‖22

= �𝛆𝛆m −𝐖𝐖T𝐈𝐈�2
2 + λ‖𝐇𝐇𝐈𝐈‖22

(7) 

where λ  represents the penalty coefficient, which 
can be determined by the L-curve method [21]; H 
is the regularization matrix, defined as below [22]: 

𝐇𝐇 = �
1−2 1

1 −2 1
⋱ ⋱ ⋱

1−2 1

�

(𝑋𝑋−𝐶𝐶𝑁𝑁−2)×(𝑋𝑋−𝐶𝐶𝑁𝑁)

(8) 

By minimizing Eqn. (7), the BIL coefficients along 
both wheel tracks can be calculated simultaneously 
as: 

𝐈𝐈 = (𝐖𝐖𝐖𝐖T + λ𝐇𝐇T𝐇𝐇)−1𝐖𝐖𝛆𝛆m (9) 

where 𝛆𝛆m is the measured bridge response. 

However, Eqn. (4) are not determined in any 
condition. The solution of the BIL coefficients is 

effective unless the following formula for any real 
number n is satisfied. 

[𝐖𝐖AL
T 𝐖𝐖AR

T ] ≠ 𝑛𝑛 × [𝐖𝐖BL
T 𝐖𝐖BR

T ] (10) 

Eqn. (10). can be met when the lateral positions of 
the center of gravity of vehicle A and vehicle B are 
different. The lateral deviation of the center of 
gravity (LCG) of the calibration vehicle can be 
defined as: 

LCG =
‖𝐏𝐏L‖1 − ‖𝐏𝐏R‖1
‖𝐏𝐏L + 𝐏𝐏R‖1

 (11) 

where 𝐏𝐏L and 𝐏𝐏R represent the left and right wheel 
weights of the calibration vehicle. Obviously, the 
LCG varies from -1 to +1. When LCG = 0, the center 
of gravity lies exactly at the vehicle's longitudinal 
centerline. When LCG > 0, the center of gravity lies 
on the left side of the vehicle centerline. When LCG 
< 0, the center of gravity lies on the right side of the 
vehicle. 

Therefore, the BILs at the left and right tracks can 
be calculated when the LCGs of vehicle A and 
vehicle B are not equal: 

�𝐏𝐏LA − 𝐏𝐏RA�1
�𝐏𝐏LA + 𝐏𝐏RA�1

≠
�𝐏𝐏LB − 𝐏𝐏RB�1
�𝐏𝐏LB + 𝐏𝐏RB�1

(12) 

2.2 Bridge influence surface calculation 

The BIS is the lateral extension of the BIL in the 
bridge deck plane. Hence the BIS can be estimated 
by laterally interpolating the BILs measured at key 
transverse positions. To determine these key 
positions, the bridge deck needs to be meshed with 
a certain size Δy firstly, which is shown in Figure 1. 
Then the obtained longitudinal gridlines are taken 
as the tracks for calibration vehicles to travel along. 
It should be noted that the first and last tracks need 
to be away from the left and right sides of the 
bridge deck for safe driving. Secondly, vehicle A and 
vehicle B are set to travel along all the tracks 
separately, and the bridge responses are recorded 
synchronously. Then the BILs along all tracks can be 
extracted from the recorded bridge responses. 
After getting the BILs along all the tracks, the BIS 
can be easily estimated. 
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Figure 1. Meshed bridge deck 

2.3 Evaluation index 

Two indexes including the overall error and the 
peak error are used to comprehensively evaluate 
the accuracy of the calculated BIS. The overall error 
of the calculated influence surface (OES) is defined 
as: 

OES =
|𝐈𝐈𝐒𝐒Theoretical − 𝐈𝐈𝐒𝐒Calculated|∑

|𝐈𝐈𝐒𝐒Calculated|∑
(12) 

where 𝐈𝐈𝐒𝐒Theoretical stands for the theoretical BIS; 
𝐈𝐈𝐒𝐒Calculated  represents the BIS calculated by the 
proposed method; | |∑ is the sum of the absolute 
value of all elements in the matrix; 

The peak error of the calculated influence surface 
(PES) is defined as: 

PES =
|𝐈𝐈𝐒𝐒Theoretical|max − |𝐈𝐈𝐒𝐒Calculated|max

|𝐈𝐈𝐒𝐒Calculated|max
(13) 

where | |Max is the max of the absolute value of the 
elements in the matrix. 

3 Numerical simulation 

3.1 Bridge and vehicle model 

A numerical vehicle-bridge interaction system has 
been established to evaluate the effectiveness and 
accuracy of the proposed method. Two different 
concrete bridge models including a simply 
supported beam and a continuous beam, were 
developed to test the influence of different 
boundary conditions on this method. 

The simply supported beam bridge consisting of 
four T girders, has a width of 8.5 m and a length of 
20 m. Four diaphragms were uniformly located in 
the longitudinal direction of the bridge, and the 
cross-section with the diaphragm is shown in 
Figure 2. 

Figure 2. Cross-section with the diaphragm of the 
simply supported beam bridge 

The continuous beam bridge with a width of 12 m, 
consists of five T girders. The length of the three-
span continuous beam bridge is 20+30+20 m. The 
cross-section is shown in Figure 3. 

Figure 3. Cross-section of the continuous beam 
bridge 

For both bridge models, the longitudinal bending 
strain measuring stations are arranged at the mid-
span sections for each girder. The theoretical BILs 
and BISs of each section, which are calculated via 
static finite element analysis, are taken as the ideal 
values. The calculated BIL and BIS are extracted 
from the bridge response under pre-weighed 
moving vehicle load using the proposed method. 

Two vehicles with 2 axles are adopted as the 
calibration vehicles A and B, respectively. The 
parameters of them are shown in Table 1. It can be 
seen that vehicle A and vehicle B have the same 
axle weights but opposite wheel weight 
distributions in the left to right direction. 

Table 1. Parameters of calibration vehicles 

Vehicle 
Axle 

distance 
(m) 

Wheel weight (kg) 
LCG 1st axle 2nd axle 

left right left right 

A 6,25 3908 4251 9327 10224 -4,5% 

B 6,25 4251 3908 10224 9327 +4,5% 

3.2 BIL Calculation 

Figure 4 (a) and (b) show the typical bridge 
responses when vehicle A and vehicle B travel 
through the simply supported beam along the 
same wheel tracks separately. The bridge 

1218



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

responses induced by vehicles A and B are slightly 
different, because vehicles A and B have the same 
axle weights but different wheel weights. The 
bridge influence lines extracted from the above 
bridge responses, are shown in Figure 4 (c). The T-
BIL means the theoretical BIL while the C-BIL means 
the calculated BIL. It can be seen that the 
calculated BILs at the left and right tracks are in 
agreement with the corresponding theoretical BILs, 
which proves the effectiveness of the proposed 
method. 

Figure 4. Typical bridge responses and influence 
lines of girder 1 of the simply supported beam: (a) 

bridge response under vehicle A; (b) bridge 
response under vehicle B; (c) calculated BILs and 

theoretical BILs; 

It can be inferred from Section 2.1 that no 
restriction on the bridge boundary condition or 
response type exists in this method. To 
demonstrate the effectiveness of the proposed 
method on bridges with other boundary conditions, 
the same vehicles A and B are also set to travel 
through the continuous beam bridge. The typical 
bridge responses are displayed in Figure 5 (a) and 
(b). The bridge influence lines calculated from the 
above bridge responses are shown in Figure 5 (c). It 
can be seen that the calculated BILs are also in 
accordance with the corresponding theoretical BILs, 
which validates the applicability of this method to 
bridges with different boundary conditions. 

Figure 5. Typical bridge responses and influence 
lines of girder G4 of the continuous beam: (a) 

bridge response under vehicle A; (b) bridge 
response under vehicle B; (c) calculated BILs and 

theoretical BILs; 

3.3 BIS calculation 

To calibrate the bridge influence surfaces, the 
simply supported beam bridge deck and 
continuous beam bridge deck are meshed. For both 
bridges, the distance Δy between two adjacent 
tracks in Figure 1 is set as 0.3 m. 

Figure 6 displays the calculated BISs and theoretical 
BISs of four girders of the simply supported beam 
bridge. It can be seen that the BISs which cover the 
entire vehicle-traveling area are obtained, and the 
calculated BISs are similar to the theoretical BISs. 
Table 2 shows the OES and PES of the calculated 
BISs, and both of them are no more than 3%, which 
means that the BISs were identified with high 
accuracy. 

Table 2. Errors of calculated BISs of simply support 
beam bridge 

Index G1 G2 G3 G4 
OES 2,74% 1,30% 0,84% 0,72% 
PES 2,36% 2,30% 2,15% 2,40% 

Table 3. Errors of calculated BISs of continuous 
beam bridge 

Index G1 G2 G3 G4 G5 
OES 3,08% 2,85% 0,73% 1,05% 2,01% 
PES 4,87% 2,87% 2,14% 2,75% 3,65% 

1219



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Figure 6. Calculated influence surfaces and theoretical influence surfaces of the simply supported beam. 
(a)(c)(e)(g): calculated BISs of girder 1, 2, 3, 4; (b)(d)(f)(h): theoretical BISs of girder 1, 2, 3, 4; 

Figure 7 shows the calculated BISs and theoretical 
BISs of five girders of the continuous beam bridge. 
It is seen that the calculated BISs are similar to the 
theoretical BISs. The errors listed in Table 3 are no 
more than 5%, indicating the high accuracy of the 
calculated BISs. Thus, it is validated that the 

proposed method can be applied to calibrate the 
influence surface of different types of bridges. 
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Figure 7. Calculated influence surfaces and theoretical influence surfaces of the continuous beam. 
(a)(c)(e)(g)(i): calculated BISs of girder G1, G2, G3, G4, G5; (b)(d)(f)(h)(j): theoretical BISs of girder G1, G2, 

G3, G4, G5;
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3.4 Parameter analysis of noise 

To test the performance of the proposed method 
under measurement noises, the bridge strains 
under moving vehicle load are mixed with different 
levels of gaussian noise. The identification errors 
(OES and PES) under the noise levels of 10 dB, 20 
dB, 30 dB are displayed in Table 4. 

Table 4 Errors of calculated BISs of G4 for simply -
supported beam under different  levels of gaussian 

noise 

Noise level 30 dB 20 dB 10 dB 
OES 2,56% 3,30% 9,59% 
PES 3,08% 5,76% 9,60% 

From the table above, it can be seen that the both 
errors (OES and PES) increase with the noise level 
rosen. But the largest errors are still no more than 
10%, which indicates that this method have good 
potential to be applied in such a circumstance with 
high noise level. 

4 Conclusions 
In this study, a new method to calculate the bridge 
influence line and bridge influence surface was 
proposed. From the conducted numerical studies, 
the following conclusions can be drawn: 

(1) Each wheel load of a calibration vehicle is
treated as an individual concentrated load by the
new method, and therefore the effects of the
transverse width of the vehicle load and the
unbalance of the coaxial wheel loads can be
properly taken into consideration.

(2) The effectiveness and accuracy of this method
were validated via numerical study. Results show
that a high-accuracy bridge influence line and
bridge influence surface can be obtained by using
the proposed method. Furthermore, the
coefficients of the bridge influence surface
covering the entire vehicle-travel area are
accessible from the calibrated bridge influence
surface.

(3) There is no restriction has been posed on the
bridge boundary condition or response type. Hence, 
this method is theoretically applicable to various
bridges.
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Abstract 
One of the most effective countermeasures for mitigating cable vibration is to install mechanical 
dampers near the anchorage of the cable. The parameters of passive dampers are usually 
determined based on the optimal damper force obtained from the universal design curve for linear 
dampers, which is chosen based on a predetermined principle vibration mode. Passive dampers will 
be most effective if cable undergoes single-mode vibration where the vibration mode is the same 
as the principle mode used in the design. However, in the actual engineering practice, multi-mode 
vibrations are often observed for cables. Therefore, it is desirable to have dampers that can suppress 
different modes of cable vibrations simultaneously. In this paper, MR dampers are proposed for 
controlling multi-mode cable vibrations, because of its ability to change parameters and its 
adaptability of active control without inquiring large power resources. Although the highly nonlinear 
feature of the MR material leads to a relatively complex representation of its mathematical model, 
effective control strategies can still be derived for suppressing multi-mode cable vibrations based 
on nonlinear modeling, as proposed in this paper. Firstly, the nonlinear Bouc-wen model is 
employed to accurately portray the characteristics of the MR damper. Then, the input voltage 
(current) of MR damper corresponding to the desired optimal damper force is calculated from the 
nonlinear Bouc-wen model of the damper using a piecewise linear interpolation scheme. Numerical 
simulations are carried out to validate the effectiveness of the proposed control algorithm for 
mitigating multi-mode cable vibrations induced by wind load excitations. 

Keywords: semi-active control; MR dampers; multi-mode cable vibration; wind load; optimal 
damper force. 
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1 Introduction 
Installation of mechanical dampers near the 
anchorages of cables have been proved to be one 
of the most effective countermeasures for 
vibration mitigation of stay cables in various cable-
stayed bridges. However, as the main span of 
cable-stayed bridge increases, the length of stay 
cables increases as well, while the installation 
height of the damper has to be restricted due to 
aesthetic concern. Thus, using passive dampers 
alone may not satisfy the control requirement of 
the stay cables and semi-active MR dampers have 
been proposed and installed for controlling 
vibrations of long cables for the advantage of lower 
energy consumption, adjustable input and wide 
control range [1]-[3]. However, their performance 
for mitigating cable vibration has yet to be 
evaluated. Weber et al. (2010) applied the energy 
equivalent approach to model MR damper as 
equivalent linear viscous damper or nonlinear 
friction damper in the theoretical and experimental 
studies of cable vibration control using MR 
dampers [4]. Johnson et al. (2007) has investigated 
and compared several different control strategies 
via simulations, and concluded that far more 
superior damping could be achieved with semi-
active dampers to the cables than that with the 
optimal passive linear viscous dampers [5]. The 
above studies just investigated single mode 
vibration of stay cable, but rain-wind induced stay 
cable vibrations may occur at different cable eigen 
frequencies. Therefore, external transverse 
dampers have to be designed for several target 
cable modes. Wang et al. (2005) developed a new 
method for optimal damper size design to achieve 
multi-mode cable vibration control by means of an 
active control algorithm [6], and Weber et al. (2009) 
presented a systematic and easy applicable design 
procedure for linear viscous dampers targeting 
multiple cable modes [7]. 

The above studies showed that the high 
nonlinearity of MR dampers leads to a relatively 
complex representation of its mathematical model 
and makes them difficult to be applied to suppress 
cable vibration with an efficient control algorithm. 
In this paper, an optimal control strategy based on 
nonlinear modelling of MR damper will be 
proposed for real-time cable vibration control. The 

optimal control force will be obtained through the 
relation between the damper force and the 
amplitude of vibration at damper location derived 
by Wang and Sun (2013) [8]. The modified Bouc-
Wen model [9] will be used instead of the bilinear 
model [10] to portrait the physical behavior of MR 
damper, in order to minimize the effect of 
modelling. Finally, the input voltage (current) of 
MR damper will be calculated by a piecewise linear 
interpolation scheme [11] based on the desired 
optimal damper force and the modified Bouc-Wen 
model of the MR damper.  Numerical simulations 
are carried out to validate the effectiveness of 
the proposed control algorithm for mitigating 
multi-mode cable vibrations induced by wind 
load excitations. The performance of MR damper 
will be assessed based on reduction in the root 
mean square values. 

2 Optimal control strategy for cable 
vibration using MR damper 

An optimal control strategy is proposed for 
mitigating cable vibration using MR damper. Firstly, 
the state-space representation of the cable is 
established by adapting equations given in [5], then 
the desired damper force is determined from the 
universal design curve of nonlinear dampers 
derived by Wang and Sun (2013) [8], and finally the 
corresponding input voltage (current) of MR 
damper is calculated using a piecewise linear 
interpolation scheme [11] on the desired damper 
force based on the nonlinear Bouc-Wen model of 
MR damper [9]. The detail derivations are 
described in the following. 

2.1 Establish State-Space Representation 
of Cable 

A typical cable-MR damper system can be shown 
by Fig. 1, where the length of the cable is L , the 
mass per unit length is m , the uniform inherent 
damping of the cable is C and the cable tension is 
T . The damper is located at a distance of a  from 
the anchorage of the cable with the damper force 
denoted by dF . It is assumed that the cable force 
is unchanged under linear oscillations, the bending 
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stiffness is negligible, and the effects of sag and 
inclination are ignored. 

 Fig. 1: Cable-MR damper system 

The motion of the above cable in the linear range 
can be described by the following partial 
differential equation: 

2 2

2 2+ ( , ) ( )d
y y yM C T F x t F x a

t t x
δ∂ ∂ ∂

− = + −
∂ ∂ ∂

 (1) 

where ( , )y x t  is the transverse deflection of the 
cable; ( , )F x t  is the distributed load on the cable; 

dF  is the transverse damper force at x a=  

location; and ( )δ ⋅  is the Dirac delta function.

The boundary conditions associate with the above 
equation of motion are 

(0, ) ( , ) 0y t y l t= =  (2) 

The transverse deflection can be approximated by 
a finite series in the form [12] of 

1
y( , ) ( ) ( )

n

i i
i

x t q t xϕ
=

=∑ (3) 

where n is the number of degree-of-freedoms, 
( )iq t  is the generalized displacements and ( )i xϕ  

is the set of shape functions which is selected to be 
sinusoidal functions as  

( ) sin( / l)i x ixϕ π=  (4) 

in which l  is the span of the cable. 

As ( )i xϕ  is proportional to the i th undamped 
mode shape of the cable, Eq.(1) can be 
transformed to an equation of motion in terms of 
the generalized displacements by standard 
Galerkin method, as given in Eq.(5), where Eq.(3) is 

substituted into Eq.(1), multiplied by ( )i xϕ  and 
integrated over the length [5]. 

( ) ( ) ( )q dMq Cq Kq F t a F tϕ+ + = +  (5) 

where 

0

( ) ( , )sin( / )
l

qiF t F x t i x l dxπ= ∫ (6) 

( )( ) sin /a i a lϕ π=  (7) 

As these sinusoidal shape functions are mutually 
orthogonal to each other, the transformed mass 
M = [ ijm ] and stiffness K = [ ijk ] matrices are 
diagonal. Finally, the state-space representation of 
the cable can be obtained by introducing a state 
vector and further transforming Eq.(5) as 

.
x Ax Bu
y Cx Du

 = +


= +
(8) 
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Equations (1)-(8) are adapted from (Johnson et al., 
2007). 

2.2 Determine Desired Damper Force 

As discussed by many researchers, the mechanical 
model of MR damper is highly nonlinear and the 
damper force varies with the amplitude of 
vibration (displacement) in a way similar to that of 
a friction damper except for the region where the 
velocity is small. Hence, the desired optimal 
damper force can be approximated by the 
universal design curve of friction damper derived 
by Wang and Sun (2013), which is expressed by the 
following equation  

1226



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

.
sgn( )des dd

TF y Y
a

= − (9) 

where T is the cable tension, and dY  and dy  are 
the amplitude and velocity of cable vibration at 
damper location x a=  respectively. 

2.3 Calculate Corresponding Input Voltage 
(Current) of MR Damper 

2.3.1 Modified Bouc-Wen model of MR damper 

MR damper is a damper filled with 
magnetorheological fluid, which is controlled by a 
magnetic field, usually using an electromagnet. 
This allows the damping characteristics of the 
shock absorber to be continuously controlled by 
varying the power of the electromagnet. 

A prototype MR damper [9] is shown in Fig. 2, 
which is a small-scale MR damper with a maximum 
damping force of 3000N. The damper is 21.5 cm 
long in its extended position and has a stroke of 

2.5a ±  cm. This prototype is very similar to the 
actual MR damper installed on stay cables of cable-
stayed bridges and therefore, will be used in the 
following simulation studies. 

It has been proved by [9] that the modified Bouc-
Wen model (shown in Fig. 3 ) portraits the physical 
behavior of MR damper more accurately than 
other models, and therefore, it will be used in this 
paper for deriving the direct relations between 
damper force and input voltage (current) of the MR 
damper.  

Fig. 2: Schematic of MR Damper 

Fig. 3: Modified Bouc-Wen Model of MR Damper 

Simulation studies were performed in SIMULINK of 
Matlab. The damper force is computed based on 
the displacement at damper location and the input 
current/voltage of the MR damper. The response 
of the damper under a 2.5 Hz sinusoid vibration 
with an amplitude of 1.5 cm is shown in Fig. 4 with 
11 constant voltage levels from 0 to 3V with an 
internal of 0.3 V. It can be seen that, at 0 V, the MR 
damper primarily exhibits the characteristics of a 
purely viscous device. However, as the voltage 
increases, the damper force increases and 
produces a behavior of a plastic material in parallel 
with a viscous damper. Also, it is notice that the 
damper force increases approximately linearly with 
the applied voltage for in the range of 0 to 3V.  

(a) Force versus Time

(b) Force versus Displacement
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(c) Force versus Velocity

Fig. 4: Measured Force for 2.5 Hz Sinusoidal 
Vibration with Amplitude of 1.5 cm (voltage 

linearly increases between 0-3V) 

2.3.2 Piecewise linear interpolation scheme 

Although the modified Bouc-Wen model describes 
well the highly nonlinear feature of MR damper, it 
has difficulties forming a simple relationship 
between the damping force and the input voltage 
applied to the current driver. In this paper, a 
piecewise linear interpolation scheme [11] based 
on the modified Bouc-Wen model mentioned 
above is used to determine the input voltage of MR 
damper corresponding to the requirement of real-
time damping force. Firstly, a series of MR damper 
force levels are computed using the modified Bouc-
Wen model by inputting different constant 
voltages and with actual MR damper displacement 
and velocity. Then, the desired damper force is 
determined by the selected control laws. Finally, 
the desired input voltage is obtained by 
interpolating the desired damper force between 
the predetermined damper force levels using a 
piecewise linear interpolation scheme as shown in 
Fig. 5.  
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Fig. 5: Block diagram of piecewise linear 
interpolation scheme 

The efficiency of the piecewise linear interpolation 
scheme is validated by simulation (shown in Fig. 6). 
The actual damper force differs slightly from the 
desired control force through the piecewise linear 
interpolation scheme. 

Fig. 6 Comparison of actual damper force and 
desired control force 

The optimal control strategy of cable vibration 
using MR damper can be illustrated by the flow 
chart shown in Fig. 7. 

State-Space 
Representation of Stay 

Cable

Determine the 
desired optimal 
damper force

desV

actf

d e sf

qfExternal load input

MR damper

Output

Calculate the 
desired input 

voltage(current) 

Fig. 7 Block diagram of the semi-active control 
system 

3 Numerical studies of multi-mode 
vibration control 

Numerical studies of multi-mode vibration control 
were carried out using SIMULINK of Matlab. An 80 
m long stay cable was established with parameters 
listed in Table 1, where m is the mass per unit 
length of the cable, T is the cable tension and a is 
the distance of damper from the anchorage, C is 
the uniform inherent damping of the cable. In 
order to formulate the equation of motion, the 
cable was divided into 200 elements with equal 
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length and the corresponding system mass matrix 
M and stiffness matrix K in Eq.(5) were established, 
from which the modal frequencies and mode 
shapes can be obtained. 

Table 1: Main parameters of cable 

L 
(m) 

T 
(KN） 

m 
(kg/m) 

a 
(m) 

C 
(N·s/m) 

80 1226 10 3.2 0.20 

The simplest form of cable vibration was free 
vibration, but Rain-wind induced cable vibrations 
may occur at different cable eigen frequencies. In 
order to demonstrate the efficiency of the semi-
active control scheme for multi-mode vibration and 
study a general case of cable vibration which is 
often induced by random excitations such as wind 
loads. In this session, a typical type of wind induced 
vibration was studied, where fluctuating wind field 
was generated using the method of weighted 
amplitude wave superposition (WAWS) and Kaimal 
spectrum as proposed in [13]. The total time of 
simulation was 60 seconds. 

3.1 Generation of wind load 

The horizontal and vertical wind velocities 
obtained using WAWS can be transferred to the 
buffeting force of the drag and lift parts 
respectively, by substituting into Eq. (10) and Eq. 
(11) 

21 ( ) ( )2 ( ) ( )
2s D D

u t w tD U D C C
U U

ρ γ γ ′= + 
 

 (10) 

21 ( ) ( )2 ( ) ( ( ) )
2s L L D

u t w tL U D C C C
U U

ρ γ γ ′= + + 
 

 (11) 

where SD is the buffeting force of the drag part 

and SL  is the buffeting force of the lift part; ρ  is 
the air density of value 1.2kg/m3; U is the average 
wind speed; ( )u t  and ( )w t are the time-history of 
wind speed in horizontal and vertical direction 
respectively, obtained using WAWS; D  is the 
characteristic width; γ  is the wind attack angle; 

DC  and LC are the drag and lift coefficient; DC ′

and LC ′  are the derivatives of DC  and LC  with 

respect to γ , whose suggested values for civil 
engineering application are shown in Table 2. 

Table 2: Drag and lift coefficients of the cable 

DC LC   

0.723 -0.122 0 0 

The resultant buffeting force acting 
perpendicular to the cable can be obtained by 
substituting the drag and lift forces given in Eqns. 
(10) and (11) into Eq. (12), and the modal wind load
can be obtained by substituting Eq. (12) into Eq.
(13), in order to formulate the state space
representation of the equation of motion of the
cable in carrying out the control algorithm.

( , ) cos sins sF x t L Dα α= −  (12) 

1
( ) ( , )sin( ) 1,2, ,

pn

q j k
j

j xf i F x t i x i n
L

π
=

∆
= ∆ = ⋅⋅⋅∑

(13) 

where kn  is the mode number; pn  is the sampling 
number; Δx is the wind load sampling interval. 

The cable is divided to 80 sections, each of 
which is 1m long, and 79 wind velocity points were 
obtained, neglecting two endpoints. The time-
history sample curves of horizontal and vertical 
turbulent wind speeds at the midpoint of the cable 
is shown in Fig. 8 and a comparison between the 
simulated and the target spectrums in both 
horizontal and vertical directions is given in Fig. 9. 
The results indicated that WAWS is an effective and 
accurate way of simulating the turbulent wind field 
numerically and is reliable to be used to generate 
wind induced vibration in this session. 

(a) horizontal turbulent wind speed
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(b) vertical turbulent wind speed

Fig. 8 Time-history sample curves of turbulent 
wind speeds at the midpoint of the cable 

(a) in the horizontal direction

(b) in the vertical direction

Fig.9 Comparison between the simulated and 
the target spectrums 

3.2 Wind induced vibration 

Applying the modal wind load given in Eq. (13) 
along the cable, wind induced vibration was 
generated subsequently. The time histories and 
power spectrums of the displacement responses at 
damper location, mid-span and 1/4L of the cable, 

with and without MR damper, were plotted in Fig. 
10 where the dashed line and solid line 
represented the uncontrolled and controlled 
systems respectively. The displacement time 
history showed that the vibration of cable could be 
effectively suppressed using MR damper with the 
proposed control algorithm. The corresponding 
power spectrums indicated that the vibration 
energy of the cable is much reduced, and the cable 
was excited to vibrate in multi modes at the 
damper location, while the primary vibration mode 
at both mid-span and 1/4L locations was the first 
mode. 
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(b) at 1/4L location

Fig. 10 Time history and power spectrum of 
displacement response 

The performance of the MR damper can also 
be shown by comparing the RMS value of the 
displacement responses, before and after installing 
the optimally tuned MR damper, as summarized in 
Table 3. It shows that with the installation of MR 
damper, the vibration of the cable was significantly 
reduced. The reduction rate is about 63.23% at the 
damper location, 54.38% at the mid-span, and 
57.48% at the 1/4L of the cable. 

The results in this session proved that in the 
case of cable vibration induced by buffeting wind 
loads, mainly lower and single mode of vibration 
was excited at the mid-span of the cable, while at 
the damper location, multi-modes of vibration 
were generated. All these vibrations can be well 
suppressed using the proposed optimal control 
strategy with MR damper. 

4 Conclusions 
This paper proposed a simple semi-active control 
scheme for tuning MR damper real-time using an 
approximated linear relation between damper 

force and input voltage developed from the 
modified Bouc-Wen model of MR damper. 
Simulation study has been carried out to validate 
the effectiveness of the proposed semi-active 
control scheme for mitigating multi-mode vibration 
with wind load excitations. It can be seen that the 
performance of MR damper with actual damper 
forces approximated by the linear interpolation 
scheme has been shown to be as good as that with 
desired damper forces determined from the 
optimal friction force control law, thus proving that 
the linear interpolation scheme is of great 
efficiency. The results also indicated that under the 
action of wind load, the cable-MR damper system 
has a good vibration reduction effect at each point, 
and the vibration reduction effect is particularly 
obvious at the installation position of the damper. 
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Abstract 
The deep learning models can detect surface cracks of concrete structures efficiently, but training 
sets which include a great number of crack pictures generally are relied on when training the deep 
learning models. This paper presents a detection method based on VQ-VAE-2, an unsupervised 
learning model, which requires no cracks when trained. Firstly, a VQ-VAE-2 model is trained on a 
training set which only contain pictures of normal concrete structural surfaces. The VQ-VAE-2 
model is expected to produce low reconstruction error for pictures of normal concrete structural 
surfaces and high reconstruction error for ones of concrete structural surface cracks. Then the 
reconstruction error of test set is computed by the VQ-VAE-2 as the judgment criteria. Lastly, the 
model is evaluated by precision, recall, F1 and accuracy. The result shows the method based on 
VQ-VAE-2 can achieve the crack detection without crack samples.   

Keywords: computer vision; crack detection; unsupervised learning; vector quantized variational 
autoencoder (VQ- VAE). 

1 Introduction 
Concrete cracking is one of the main diseases of 
concrete structures. Crack detection is of great 
significance for bridge health monitoring. 
However, the traditional detection method for 
concrete surface cracks depends on manual 
inspection, which is inefficient and inaccurate. 
Therefore, a variety of methods based on 
computer vision technology have been proposed 
and tested in some concrete structures. Aside 
from typical computer vision algorithms, various 
classical deep learning models of computer vision 
technologies, such as AlexNet, GoogLeNet, ResNet, 
and YOLO [1-3], have been used to replace 
traditional crack detection. Those modes detect 
cracks belong to the precision-based model. 
Although precision-based models are quite good 
at detecting apparent cracks of concrete, they 

won't operate if there aren't enough crack 
samples available. 

Considering the lack of concrete crack samples, 
unsupervised anomaly detection methods should 
be presented and applied. Some unsupervised 
techniques detect cracks by building a detailed 
profile of normal concrete pictures, like k-nearest 
neighbor method [4] and GMM [5]. Different from 
those methods, other unsupervised techniques 
detect cracks relying on the higher reconstruction 
error when crack samples are reconstructed by a 
model trained only on normal concrete data. 
Autoencoder (AE), such as MemAE and VAE, is 
recognized as a powerful tool to achieve 
reconstruction so it has been adopted to detect 
anomaly in various fields [6]. Surface cracks are 
abnormal compared with normal concrete surface 
data and can also be detected by AEs. Therefore, 
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this paper proposes a method to detect concrete surface cracks based on the Vector quantized 

Figure 1. VAE architecture 

variational autoencoder 2(VQ-VAE-2), a kind of AE,  
which can reconstruct the input images similar to 
training dataset. By training only on normal 
concrete pictures, the model can produce 
different reconstruction error for crack pictures 
and normal ones and detect cracks by the error.  

2 VQ-VAE-2 
VQ-VAE-2 is a kind of variational auto-encoder 
(VAE) presented by DeepMind group in 2019, 
which can reconstruct input with high quality [7]. 
Different from original AE, VQ-VAE-2 has the 
vector quantized laten variable and the 
hierarchical network architecture. 

2.1 Vector Quantized Latent Variable 

VAE is an unsupervised learning model consisting 
of an encoder and a decoder as shown in Figure 1. 
The encoder compresses the high-dimensional 
input image(x) into a low-dimensional latent 
variable(z) and fit the probability distribution of z. 
Then the decoder reconstructs x according to 
samples from the distribution. The distribution of 
z is required to be a standard normal distribution. 
Therefore, the loss function consists of 
reconstruction error and KL-loss, as shown in Eqn. 
(1-3). 

𝐾𝐾𝐾𝐾_𝑙𝑙𝑙𝑙𝑙𝑙𝑙𝑙 = 𝐾𝐾𝐾𝐾 � 𝑞𝑞ϕ( 𝑧𝑧 ∣ 𝑥𝑥 ) ∣∣ 𝑝𝑝θ(𝑧𝑧) � (1)

𝑅𝑅𝑒𝑒𝑒𝑒𝑙𝑙𝑒𝑒𝑙𝑙𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑙𝑙𝑒𝑒_𝑙𝑙𝑙𝑙𝑙𝑙𝑙𝑙 = 𝐸𝐸𝑞𝑞ϕ(𝑧𝑧∣𝑥𝑥 )𝑙𝑙𝑙𝑙𝑝𝑝θ( 𝑥𝑥� ∣ 𝑧𝑧 )(2)

𝐾𝐾(θ,ϕ) = 𝐾𝐾𝐾𝐾_𝑙𝑙𝑙𝑙𝑙𝑙𝑙𝑙 − 𝑅𝑅econstruction_loss (3) 

However, on the one hand, the continuous 
probability distribution of the latent variable adds 
the calculation difficulty. One the other hand, 
discrete probability distribution is enough for 
decoder to reconstruct input images. So VQ-VAE-2 
adopts the vector quantized laten variable, as 
shown in Figure 2. A codebook is defined, which 
consist of prototype vectors ek, k∈1, 2…, k. The 
encoder compresses input x and outputs a tensor 
E(x). Then each vector of E(x) is quantized by 
mapping to the nearest the prototype vector, as 
shown in Eqn. (4). 

Quantize �𝐸𝐸(x)� = 𝑒𝑒𝑘𝑘 

𝑤𝑤ℎ𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒 = 𝑎𝑎𝑒𝑒𝑎𝑎𝑎𝑎𝑒𝑒𝑒𝑒𝑗𝑗||𝐸𝐸(x) − 𝑒𝑒𝑗𝑗|| (4) 
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Figure 2. Quantized latent variable 

2.2 Hierarchical network architecture 

VQ-VAE-2 is a hierarchical variational auto-
encoder. Its architecture is shown in Figure 3. 
Both the encoder and decoder are neural 
networks. During the image reconstruction, the 
input is firstly compressed into a tensor Ebottom by 
the encoder. Then Ebottom continues to be 
compressed into Etop. After that Etop is quantized to 
the latent map etop according to Eq 4. At the same 
time, Ebottom  together with etop is also quantized to 
the latent map ebottom, which has a bigger size than 
etop. Lastly, the decoder reconstructs the input 
from two latent maps. 

Figure 3. Architecture of VQ-VAE-2 

3 Crack detection method 

3.1 Algorithm 

By training only on normal samples, VQ-VAE-2 can 
reconstruction normal samples excellently but 
can’t achieved perfect performance in abnormal 
samples, because the model doesn’t “remember” 
features of anomaly limited by training data. The 
fact leads to lower reconstruction error on normal 
samples and higher one on anomaly. This is an 
important characteristic of VQ-VAE-2. 

According to the characteristic mentioned above, 
the reconstruction error from VQ-VAE-2 can be 
used to judge whether there are cracks in input 
images. Based on the reconstruction error, a crack 
detection method is presented. Firstly, a VQ-VAE-
2 model should be train on prepared training set 
including only normal concrete images. Then the 

model reconstructs images to be detect and 
computes the reconstruction error. At last, each 
input image is judge whether it is an abnormal 
image based on the reconstruction error. 

Algorithm: Concrete surface crack detection 

1. prepare a training set of normal concrete
images

2. train a VQ-VAE-2 model on the training set
3. input images to be detected
4. reconstruct input images
5. compute the reconstruction error between

output images and input images
6. judge whether there are cracks in each

input image according to the reconstruction
error

3.2 Dataset 

The dataset in this paper is a public dataset from 
CCIC (Concrete Crack Images for Classification [8]), 
which consists of 40,000 concrete images with 227 
x 227 pixels with RGB channels. 20,000 images of 
the dataset are normal concrete images and the 
rest of the dataset are concrete surface crack 
images. All the normal concrete images and 5,000 
image of concrete crack images are used and 
divided into the training set and the test set, as 
shown in Table 1. They are all resized to 226 x 226 
pixels. 

Table 1. Composition of the dataset 

Dataset Number 

Training set 15,000 of normal concrete images 

Test set 5,000 of normal concrete images 
and 5,000 of concrete crack images 

3.3 Training the VQ-VAE-2 

To fit the model to crack detection, this paper 
modifies the encoder and the decoder, because 
the original VQ-VAE-2 is for videos. The new 
encoder and decoder are shown in Table 2. 
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Table 2(a). Encoder for the top level 

layer size 

Conv2d 64 

Relu -- 

Conv2d 128 

Relu -- 

Table 2(b). Encoder for the bottom level 

layer size 

Conv2d 64 

Relu -- 

Conv2d 128 

Relu -- 

Conv2d 128 

Relu -- 

Table 2(c). decoder for the top level 

layer size 

Conv2d 128 

Relu -- 

ConvTranspose2d 64 

Table 2(d). decoder for the buttom level 

layer Size 

Conv2d 128 

Relu -- 

ConvTranspose2d 64 

Relu -- 

ConvTranspose2d 3 

The initial earning rate is 0.0003 and updated by 
the CycleScheduler from the original VQ-VAE-2 
code. The epoch of training is 560. The training 
process of VQ-VAE-2 is based on the Pytorch 
framework in Python3.8. The model is trained on 
a computer with NVIDIA GEFORCE RTX3070ti GPU 
and Intel i7-10700k CPU. During the training 
process, the loss is recorded and shown in Figure 4. 
What is more, several samples of the outputs is 
shown in Figure 5.  

Figure 4. Loss curve of model training 

Figure 4.  Input and out of VQ-VAE-2 

According to the loss curve, the loss is converged 
quickly. From Figure 5, it can be seen that outputs 
from the model are nearly same as the inputs. The 
fact identified that the VQ-VAE-2 model has 
powerful ability to reconstruct normal concrete 
images. 
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3.4 Validating the crack detection method 

We use the test set to show the applicability of 
the proposed method. Different labels are set for 
two kinds of images so that it is easy to judge 
whether anomaly is detected successfully. The 
VQ-VAE-2 tries to reconstruct each image in the 
test set and then compute the reconstruction 
error as the detection criterion. We use mean 
squared error (MSE) as the reconstruction error, 
as shown in Eqn (5). If the reconstruction error is 
higher than the threshold which is 0.00058 in the 
test, the image should be judged as a crack image.  

𝑀𝑀𝑀𝑀𝐸𝐸 =
1

𝑀𝑀 ⋅ 𝑁𝑁
� �[𝐼𝐼(𝑒𝑒, 𝑗𝑗) − 𝐾𝐾(𝑒𝑒, 𝑗𝑗)]2

𝑁𝑁−1

𝑗𝑗=0

𝑀𝑀−1

𝑖𝑖=0

(5) 

Where I and K are two images, M is the number of 
I’s pixels and N is the number of K’s pixels. 

At the same time, we train another anomaly 
detection model, MemAE on the same training set 
and compare the detection ability with VQ-VAE-2. 

4 Result 

4.1 Reconstructing the test set 

To further asses the reconstruction ability of the 
VQ-VAE-2, we obtain all the reconstruction images 
to compare with the inputs and show some 
samples of both crack images and normal ones in 
the test set, as shown in Figure 5. Figure 5(a) 
shows that VQ-VAE-2 perform excellently on 
reconstructing normal images. In Figure 5(b), crack 
images are also reconstructed by the model, 
nevertheless, outputs are obviously not as clear as 
input, which guarantees the higher reconstruction 
error of crack images. 

(b) reconstructing normal concrete images

(a) reconstructing carck images

Figure 5. output of the test set
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4.2 Quantitative Evaluation 

To quantitative evaluate the detection method in 
the paper, precision, sensitivity, F1 score and 
accuracy are used as metrics. Firstly, the image 
with cracks is defined as positive and the image 
without cracks is negative. Then a confusion 
matrix which is a common visualization tool for 
evaluating a deep learning model can be defined 
as Table 3, consisting of TP, FP, FN and TN. Lastly, 
precision (PR), sensitivity (TPR), F1 score and 
accuracy (ACC) are computed according to Eqn (6-
9). 

Table 3. Confusion matrix 

Actual label 

Prediction 

Positive 

(crack) 

Negative 

(no-crack) 

Positive(crack) TP FN 

Negative(no-crack) FP TN 

𝑃𝑃𝑅𝑅 =
𝑇𝑇𝑃𝑃

𝑇𝑇𝑃𝑃 + 𝐹𝐹𝑃𝑃
(6) 

𝑇𝑇𝑃𝑃𝑅𝑅 =
𝑇𝑇𝑃𝑃

𝑇𝑇𝑃𝑃 + 𝐹𝐹𝑁𝑁
(7) 

𝐴𝐴𝐴𝐴𝐴𝐴 =
𝑇𝑇𝑃𝑃 + 𝑇𝑇𝑁𝑁

𝑇𝑇𝑃𝑃 + 𝐹𝐹𝑃𝑃 + 𝑇𝑇𝑁𝑁 + 𝐹𝐹𝑁𝑁
(8) 

𝐹𝐹1 𝑙𝑙𝑒𝑒𝑙𝑙𝑒𝑒𝑒𝑒 = 2
𝑃𝑃𝑅𝑅 × 𝑇𝑇𝑃𝑃𝑅𝑅
𝑃𝑃𝑅𝑅 + 𝑇𝑇𝑃𝑃𝑅𝑅

(9) 

From section 3.4, we can get the prediction of 
each image in the test set and then compare with 
the actual label. In this way, we have access to all 
the metrics. Table 4 shows the results of the 
confusion matrix and Table 5 shows the results of 
precision, recall, F1 score and accuracy for VQ-
VAE-2 and MemAE. 

Table 4. Confusion matrix on the test set 

Model TP FP FN TN 

VQ-VAE-2 4705 295 441 4559 

MemAE 4767 233 849 4151 

Table 5. Confusion matrix on the test set 

Metric VQ-VAE-2 MemAE 

PR 0.9143 0.8488 

TPR 0.9410 0.9534 

ACC 0.9264 0.8918 

F1 score 0.9274 0.8981 

According to Table 5, the method based on VQ-
VAE-2 can achieve good performance on concrete 
crack detection when only normal concrete 
images are available and obtain a better score on 
PR, ACC and F1 scores. 

5 Conclusion 
This paper proposes a detection method of 
concrete surface cracks based on VQ-VAE-2. The 
same hierarchical network architecture as the 
original VQ-VAE-2 is adopted but the encoder and 
decoder are modified to fit the crack detection. In 
the proposed method, firstly, the model is trained 
only on normal concrete images. Then given an 
input, the model first reconstructs the input and 
compute the reconstruction error between the 
input and the output. Lastly cracks in the input are 
detected according to the reconstruction error. 
The test on the test set proves the reconstruction 
ability of trained VQ-VAE-2 and the feasibility of 
the proposed method. 

However, the reconstruction ability of trained VQ-
VAE-2 is too powerful that some crack images can 
also be reconstructed with a low error. In the 
future, we will enlarge the reconstruction error of 
crack images to further improve the accuracy of 
the proposed method.  
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Abstract 
The computer vision algorithm based on deep learning has achieved excellent performance in 
structural surface damage detection, but the accurate detection algorithm has high requirements 
for the quantity and quality of data sets. This paper presents a method based on class activation 
map (CAM), which can detect the crack position and distribution only by image-level data labeling. 
Firstly, a classification model Vgg16-Crack is trained based on the transfer learning method, and the 
accuracy and generalization ability of the model are tested by the confusion matrix. Then, based on 
the CAM algorithm, this paper improves and optimizes the current Grad-CAM++ algorithm, and 
takes the CAM generated by Vgg16-Crack as the result of crack detection. Finally, the method 
proposed in this paper is tested in the field. The test result shows that the method proposed in this 
paper can realize the accurate detection of structural surface cracks. 

Keywords: crack detection; computer vision; transfer learning; Convolutional Neural Networks 
(CNN); Class Activation Map(CAM) 

1 Introduction 
The identification and detection of structural 

surface damages, especially cracks, can provide 
reliable data support for the operation and 
maintenance of the structure. The traditional crack 
detection adopts manual detection, and the 
detection results are often subjective. Furthermore, 
the traditional detection method is often lack of 
universal standard, which leads to low accuracy. 
With the development of computer vision 
technology, the crack detection algorithm based on 
computer vision has the advantages of automation, 
high efficiency and no contact [1] to better solve 
the problems existing in the manual detection 
method [2]. Especially with the rapid development 
of deep learning technology in recent years, 
Convolutional Neural Network (CNN) model greatly 

improves the accuracy and efficiency of detection. 
At present, the detection algorithm based on CNN 
model has been used to detect the surface 
damages of buildings [3], bridges [4] and tunnels 
[5]. 

The functions of CNN models are mainly 
distributed into three types: image classification [6], 
object detection [7] and semantic segmentation [8]. 
The image classification model can judge the 
category of the input image, the object detection 
model can roughly judge the position of objects in 
the image, and the semantic segmentation model 
can detect the objects in the image pixel by pixel. 
In terms of accuracy, the semantic segmentation 
model is the most accurate, but it needs pixel-level 
labeled data as the training set, which requires a lot 
of manual work and has become an important 
factor restricting the application of CNN models in 
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structural crack detection. Therefore, this paper 
proposes a detection method based on CAM, which 
can detect the distribution and position of cracks 
based on the image classification model, taking 
into account both the data labeling cost and 
detection accuracy, and has great practical value. 

2 Training and testing of CNN model 

2.1 Establishment of data set 

The data set used in this paper is a public 
dataset, which containing 56000 concrete images 
[9]. The data set can be distributed into two 

categories: crack and no crack. In this paper, 4000 
of them are used as training sets and 1000 as test 
sets. 

2.2 Structure of CNN model 

The classification model in this paper is based 
on Vgg16 model. The number of output categories 
of the original Vgg16 model is 1000, while the crack 
detection model in this paper only needs to judge 
whether there is crack in the image. Therefore, the 
last two layers of the original vgg16 model are 
changed to two outputs, as shown in Figure 1. The 
above model is defined as Vgg16-Crack model. 

Figure 1. Structure of Vgg16-Crack model

The Vgg16-Crack model uses the categorical 
crosstropy loss as the loss function, as shown 
below: 

𝐿𝐿𝐿𝐿𝐿𝐿𝐿𝐿 =
1
𝑁𝑁
�−[𝑦𝑦𝑖𝑖 ⋅ log(𝑝𝑝𝑖𝑖) + (1 − 𝑦𝑦𝑖𝑖)
𝑖𝑖

⋅ log(1 − 𝑝𝑝𝑖𝑖)] 

Where y refers to the label of the sample, 1 
represents the positive class (crack), 0 represents 
the negative class (no crack), and pi is the 
probability that the input image is a positive class. 

2.3 Model training 

In order to improve the training efficiency, this 
paper adopts the methods of transfer learning. 
Because the training set of the original Vgg16 is the 
ILSVRC-2012 data set containing more than 1 
million images, the convolutional layers of original 
Vgg16 have strong feature extraction ability. 
Before training, take the parameters of the original 
Vgg16 model as the initialization value, and freeze 
the parameters of the convolution layer. Only the 

parameters of the full connection layer are trained 
during training. 

Hyperparameters are the parameters set 
before training. The hyperparameters to be set in 
this paper include: epoch of training: Epoch, size of 
each batch: minibatchsize (MBS), and learning rate: 
LR. Because this paper adopts the transfer learning 
method for training, and the parameters of Vgg16-
Crack only need to be fine-tuned, the smaller epoch 
and LR are adopted. Considering the limitation of 
video memory of the GPU, the value of MBS is 
relatively moderate. The setting of 
hyperparameters is shown in Table 1. 

Table 1. Setting of hyperparameters 

Hyperparameter Value 

Epoch 4 

MBS 32 

LR 0.0001 
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The training process of Vgg16-Crack is based 
on Tensorflow framework in Python 3.6., and the 
model is completed on a computer equipped with 
Intel i7-10700k CPU and NVIDIA GEFORCE 
RTX3070ti 

There are 4000 images in the training set, and 
MBS = 32, epoch = 4, so the iteration number of 
training is 4000 / 32 * 4 = 500. In order to validate 
the generalization ability of CNN model, during the 
training process, the images in the test set are input 
into the training Vgg16-Crack model and calculate 
the accuracy and loss, as shown in Figure 2. 

(a) Accuracy curve

(b) Loss curve

Figure 2. Model training 

It can be seen from Figure 2 that the accuracy 
of the model reaches to nearly 100% in both the 
training set and the test set. At the same time, the 
losses of the two data sets decrease rapidly with 
the progress of training and finally tend to be stable. 
It is worth noting that the loss of the test set does 
not rise with the training process, which indicates 
that there is no over fitting in the model. 

2.4 Model testing 

From the above analysis, it can be seen that 
the Vgg16-Crack model has good performance in 
the training set and test set and can accurately 
distinguish whether there is crack in the concrete 
image, and the model has good generalization 
ability. In order to further test the performance of 
the model in the test set, this paper will calculate 
the confusion matrix and its related test indicators. 

Confusion matrix is a visualization tool in 
machine learning and deep learning, which can be 
used to compare classification results with real 
information of examples. Define an image with 
crack as positive, and one without crack as negative. 
TP represents the number of images with cracks 
accurately recognized, while FN represents those 
inaccurately recognized. FP represents the number 
of images without cracks accurately recognized, 
while TN represents those inaccurately recognized. 
Table 2 shows various situations of concrete crack 
identification. 

Table 2. Various situations of pavement crack 
identification 

      Identification 
Ground truth 

Positive 
(Crack) 

Negative 
(No Crack) 

Positive (Crack) TP FN 

Negative (No Crack) FP TN 

The results will be tested by Precision, Recall, 
F1 and Accuracy. Definitions of these four 
indicators are as follows: 

𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝐿𝐿𝑃𝑃𝐿𝐿𝑃𝑃 =
TP

TP + FP

𝑅𝑅𝑃𝑃𝑃𝑃𝑅𝑅𝑅𝑅𝑅𝑅 =
TP

TP + FN

𝐹𝐹1 =
2

1/𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝐿𝐿𝑃𝑃𝐿𝐿𝑃𝑃 + 1/𝑅𝑅𝑃𝑃𝑃𝑃𝑅𝑅𝑅𝑅𝑅𝑅

𝐴𝐴𝑃𝑃𝑃𝑃𝑐𝑐𝑃𝑃𝑅𝑅𝑃𝑃𝑦𝑦 =
TP + TN

TP + FP + TN + FN
1000 images in the test set are input into the 

trained Vgg16-Crack model and the confusion 
matrix is calculated, as shown in Table 3. 
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Table 3. Confusion matrix 

      Identification 
Ground truth Positive Negative 

Positive 500 0 

Negative 2 498 

According to Table 3, Precision = 0.996, Recall 
= 1.000, F1 = 0.998 and Accuracy = 0.998. The four 
evaluation indexes are all over 0.99, so Vgg16-
Crack model has good classification performance. 

3 Crack detection algorithm based 
on CAM 
The image classification model can judge the 

category of the image (crack or no crack), but it can 
not give the distribution of cracks in the image. In 
fact, semantic segmentation model can provide 
pixel-level detection, but the semantic 
segmentation model has very high requirements 
for data labeling, and needs pixel-level labeled data 
as the training set. This paper presents a method 
based on CAM, which uses the classification model 
Vgg16-Crack to detect the crack distribution in the 
image. 

3.1 Class Activation Map 

Through multi-layer convolution operation, 
CNN model gradually extracts the information in 
the image, and finally generates feature maps. 
Then, the fully connected layers further extract the 
information in the feature map and output the 
probability that the image belongs to each category. 
Therefore, the feature maps output by the 
convolution layer reflect the features extracted by 
the model from the input image. 

Based on this idea, Selvaraju et al. [11] 
proposed Grad-CAM, and Chatopadhyay et al. [12] 
proposed Grad-CAM++. This kind of algorithm is to 
calculate the gradient of the output of CNN model 
to the feature map first, then take it as the weight, 
finally calculate the weighted sum of all the feature 
maps, and convert it into a heat map. 

The area with higher value in the heat map is 
the position that contributes more to the CNN 
model. If it has high degree of overlap with the 
expected detected target area (the area of cracks), 
it indicates that the CNN model is more accurate in 
image detection. 

Figure 2. Calculation process of CAM 
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3.2 Grad-CAM++ 

The core of Grad-CAM, Grad-CAM++ and its 
derived CAM-based algorithm is the calculation of 
weight. The weight is determined according to the 
gradient of the output to the feature map, but 
different algorithms have different weight 
calculation methods. This paper is based on the 
advanced Grad-CAM++ to detect cracks. 

According to algorithm of Grad-CAM++, 𝐴𝐴𝑖𝑖𝑖𝑖𝑘𝑘  is 
defined as the (i, j)th pixel in the k-th feature map 
of the output of the last convolutional layer, Sc is 
the score of the penultimate layer of category c, 
and the score obtained by the output layer of this 
category Yc= exp(Sc), the weight corresponding to 
each feature map is: 

𝑤𝑤𝑘𝑘𝑐𝑐 = ��𝛼𝛼𝑖𝑖𝑖𝑖𝑘𝑘𝑐𝑐

𝑖𝑖𝑖𝑖

⋅ 𝑅𝑅𝑃𝑃𝑅𝑅𝑐𝑐 �
𝜕𝜕𝑌𝑌𝑐𝑐

𝜕𝜕𝐴𝐴𝑖𝑖𝑖𝑖𝑘𝑘
� (1) 

Where 

𝛼𝛼𝑖𝑖𝑖𝑖𝑘𝑘𝑐𝑐 =
�𝜕𝜕𝑆𝑆

𝑐𝑐

𝜕𝜕𝐴𝐴𝑖𝑖𝑖𝑖
𝑘𝑘 �

2

2 �𝜕𝜕𝑆𝑆
𝑐𝑐

𝜕𝜕𝐴𝐴𝑖𝑖𝑖𝑖
𝑘𝑘 �

2
+ ∑ ∑ 𝐴𝐴𝑚𝑚𝑚𝑚

𝑘𝑘 �𝜕𝜕𝑆𝑆
𝑐𝑐

𝜕𝜕𝐴𝐴𝑖𝑖𝑖𝑖
𝑘𝑘 �

3

𝑚𝑚𝑚𝑚

(2) 

The value of each pixel of the finally obtained 
CAM image is 

𝐼𝐼𝑖𝑖𝑖𝑖𝑐𝑐 = �𝑤𝑤𝑘𝑘𝑐𝑐

𝑘𝑘

⋅ 𝐴𝐴𝑖𝑖𝑖𝑖𝑐𝑐  (3) 

After visualization, 𝐼𝐼𝑖𝑖𝑖𝑖𝑐𝑐  is CAM. 

3.3 Improvement and optimization of 
Grad-CAM++ 

In the actual test process, the CAM obtained 
by the Eqn. (1-3) can not fully reflect the position 
and distribution of cracks in some cases. Therefore, 
two data augmentation methods (called DA1 and 
DA2) are used in this paper. The data augmentation 
method can improve the contrast of heat map and 
reflect the crack area more accurately. 

DA1 linearly transforms each pixel in 𝐼𝐼𝑖𝑖𝑖𝑖𝑐𝑐  so 
that the maximum value is 1 and the minimum 
value is 0, i.e. 

𝐼𝐼′𝑖𝑖𝑖𝑖𝑐𝑐 =
𝐼𝐼𝑖𝑖𝑖𝑖𝑐𝑐 − 𝐼𝐼𝑚𝑚𝑖𝑖𝑚𝑚

𝐼𝐼𝑚𝑚𝑚𝑚𝑚𝑚 − 𝐼𝐼𝑚𝑚𝑖𝑖𝑚𝑚
(4) 

DA2 squares the value of each pixel in the 
normalized I and normalizes it again, i.e. 

𝐼𝐼′′𝑖𝑖𝑖𝑖𝑐𝑐 = �𝐼𝐼′𝑖𝑖𝑖𝑖𝑐𝑐 �
2 (5) 

𝐼𝐼′′′𝑖𝑖𝑖𝑖𝑐𝑐 =
𝐼𝐼′′𝑖𝑖𝑖𝑖𝑐𝑐 − 𝐼𝐼′′𝑚𝑚𝑖𝑖𝑚𝑚

𝐼𝐼′′𝑚𝑚𝑚𝑚𝑚𝑚 − 𝐼𝐼′′𝑚𝑚𝑖𝑖𝑚𝑚
(6) 

In addition, the calculation method of Grad-
CAM++ is improved. In the original Grad-CAM++ 
algorithm, the weight of the feature map is 
calculated by Eqn. (1). In this paper, the weight 
calculation method in for Eqn. (1) is optimized as 
follows: 

𝑤𝑤𝑘𝑘𝑐𝑐 = ��𝛼𝛼𝑖𝑖𝑖𝑖𝑘𝑘𝑐𝑐

𝑖𝑖𝑖𝑖

⋅ 𝑅𝑅𝑃𝑃𝑅𝑅𝑐𝑐�𝐴𝐴𝑖𝑖𝑖𝑖𝑘𝑘 � (7) 

Compared with large data sets, crack data set 
in this paper have few category, and less 
information can be extracted from the image. 
Therefore, in Vgg16-Crack, a CNN model trained 
based on Vgg16, only a few feature maps are 
effective, and the values in most feature maps are 
all 0 or close to 0. It can be concluded that if the 
value in the feature map is large, this feature map 
has high weight. Therefore, this paper uses the 
method in Eqn. (6) to calculate the weight. 

In addition, after using Eqn. (6) to obtain CAM, 
this paper also uses DA1 and DA2 to augment the 
data, so as to more accurately reflect the crack area. 

3.4 Model testing 

The algorithms mentioned above are tested 
with the images in the test set. Figure 3 shows 
partial results. As can be seen from Figure 3, the 
original Grad-CAM++ algorithm can roughly reflect 
the crack area in the image, but the accuracy is low. 
Furthermore, there are also some error detection, 
some areas with high heat value do not coincide 
with the crack area. Through data augmentation, 
the detection accuracy based on CAM has been 
improved to a certain extent. But in some cases, 
the data augmentation algorithms locate the crack 
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area incorrectly, and the area with high heat value 
is even far away from the crack. 

The algorithm proposed in this paper can 
better solve the above problems. After using the 

optimized weight calculation formula and 
augmenting the data by DA1 and DA2, CAM can 
basically correctly reflect the position and 
distribution of the crack.

Figure 3. Model testing 

4 Field Test 
In order to further test the effect of the 

proposed algorithm in practical application, this 
paper selects a photograph of concrete surface. 
Firstly, this image is cropped into several images 
with a resolution of 224 × 224, and then Vgg16-
Crack is used to classify each image, and generate 

the CAM of each "crack" category image. Finally, 
these CAMs are combined to obtain the detection 
results of the original picture, as shown in Figure 4. 

As can be seen from Figure 4, the method 
proposed in this paper can ensure the effectiveness 
in practical application, and has great development 
potential and broad application prospects. 
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Figure 4. Field test 

5 Conclusions 
In this paper, a CAM-based structural surface 

crack detection algorithm is proposed. Firstly, a 
CNN model Vgg16-Crack for classification is trained, 
and then the crack area in the image is detected 
based on Grad-CAM++ algorithm. In this paper, the 
original Grad-CAM++ algorithm is improved and 
optimized. Through data augmentation and weight 
calculation formula optimization, the generated 
CAM can accurately reflect the position and 
distribution of cracks in the image. 

The algorithm proposed in this paper can use 
the classification model with low data labeling cost 
to detect the crack distribution in the image, which 
reduces the demand for human and material 
resources of the model. However, CAM can only 
give the approximate distribution of cracks, it can 
not achieve the pixel-level accurate detection like 
semantic segmentation model. In further research, 
CAM will be used as the basis for the research of 
weakly-supervised semantic segmentation model, 
so as to achieve more accurate detection. 
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Abstract 
Bridge management and maintenance document is the accumulation of authoritative technical 
data to record the history of bridge operation, current technical status and management and 
maintenance process, which contains substantial information to support bridge maintenance 
decision. With more and more extensive application of bridge health monitoring in civil 
engineering industry, bridge management and maintenance documents become more common 
and quantitative. Therefore, a large number of these reports need to be manually read and 
analyzed to obtain effective information, which will waste a lot of effort. In order to improve this 
situation, this paper develops a frequency state analyzer using LSTM neural network to classify 
these documents automatically, and improve the efficiency of bridge management and 
maintenance work. 

Keywords: natural language processing; bridge management and maintenance documents; text 
categorization; LSTM 

1 Introduction 
Bridge structure management and maintenance is 
a necessary link to ensure the safe and normal 
operation of existing bridges. Its management and 
maintenance information (such as bridge 
overview, operating environment characteristics, 
structural safety assessment, special load action 
assessment, conclusions, suggestions, etc.) is 
mostly recorded in the document in the form of 
natural language. The content of the document 
has the characteristics of comprehensiveness, 
specialization, and standardization: the content 

framework is similar, a large number of 
professional words are used, and the whole 
content as well as the potential safety hazards are 
summarized and pointed out in the final chapter. 
However, with the substantial increase in the 
number of bridges and management and 
maintenance documents, the traditional manual 
reading and analysis method is difficult to meet 
the engineering needs. Therefore, it is proposed 
to use natural language processing technology, an 
emerging technology in the field of computer 
science, to analyze a large number of 
management and maintenance documents and 
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extract regular and common problems, also to 
reduce costs and improve processing efficiency. 

As a subfield of artificial intelligence, natural 
language processing is a technology that enables 
computers to recognize, analyze, understand and 
generate human natural language [1], and the 
main processing objects are words, paragraphs, or 
chapters [2]. Taking Chinese-based natural 
language processing as an example, its main 
research objectives include Chinese word 
segmentation, keyword extraction, Part-of-Speech 
tagging, text clustering, text classification, and so 
on. 

In Chinese, words are the smallest and simplest 
unit to express semantics, but at present, 
computers still can't understand these words. 
Compared with English in which words are 
separated by spaces, there is no obvious division 
symbol between Chinese words. How to correctly 
divide the whole paragraph into word segments 
that meet the rules of daily language is a difficult 
problem to be solved by Chinese word 
segmentation technology. In 1987, Nanyuan Liang 
introduced four matching-based dictionary word 
segmentation methods: MM method, OMM 
method, successive traversal matching method, 
and establishment of segmentation mark method. 
The first three methods have high time complexity, 
and the fourth method increases word 
segmentation time when looking for 
segmentation marks. Therefore, the efficiency of 
these methods is not satisfactory, and can not 
solve the problem of word ambiguity [3]; He also 
proposed a "dictionary -look-up" method based 
on the longest word matching, but this method is 
only applicable for simple sentence patterns [4]; In 
the 1980s, Xiaolong Wang put forward the 
minimum word number segmentation theory 
based on the "dictionary-lookup" method, which 
also can not solve the problem of word ambiguity 
[4]; Sproat et al were the first to complete Chinese 
word segmentation using statistical learning in 
1990 [5], which laid the foundation for the 
machine learning algorithm based on annotation; 
Among the annotation using machine learning 
algorithm proposed later, the Hidden Markov 
Model proposed by L. E. Baum and t. Petrie in 
1989 had great influence and a wide range of 

applications [6]. This method is an extension of 
the Markov chain; Later, the deep learning 
algorithm based on understanding became a new 
research hotspot. With more computing resources, 
this method can effectively retain long-distance 
sentence information without manual feature 
selection. It is an effective supplement to the 
machine learning algorithm [7]. After 
improvement, CNN, GRN, BiLSTM, and other deep 
learning models have been introduced into the 
Chinese word segmentation task. 

The method used to transform the results of 
Chinese word segmentation into semantics that 
can be understood by a computer is called the text 
representation method. Traditional text 
representation methods mainly include the One-
Hot encoding method, Bag-of-words model, and 
N-gram model, among them the One-Hot
encoding method can not measure the similarity
of any two words [8], so the Bag-of-words model
is proposed to calculate the similarity of two
corpora [8]; The accuracy of N-gram method is
related to the value of N, so it is necessary to
balance the amount of calculation and the
accuracy of judgment. Text representation
methods using deep learning mainly include
Hinton's neural network language models using
word vector representation of words [8], FFLM,
RNNLM, Salton's vector space model [8] proposed
in the 1970s, and Google's word2vec which is a
kind of text conversion numerical vector tools [8]
proposed in 2013.

The text classification task is a further goal in 
natural language processing. The essence of some 
analysis of bridge management documents is text 
classification. The traditional mainstream 
classification algorithms using machine learning 
include Support Vector Machine (SVM), k-Nearest 
Neighbor (KNN), and Naive Bayes (NB) [9]. The 
features are extracted manually and inefficiently 
in such methods, and the text data has high 
dimension and sparsity [10]. Classification 
algorithms using deep learning include 
Convolutional Neural Network (CNN), Recurrent 
Neural Network (RNN), etc... This kind of method 
can automatically learn and extract data features 
from large-scale data, and use these features to 
classify unknown data. 
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2 Bridge frequency state analysis 
This paper develops an interactive interface called 
"bridge management and maintenance document 
processor", which imports the bridge 
management and maintenance documents over 
the years, and automatically analyzes and judges 
the structural frequency of the bridge is normal or 
not. The main technologies used include word 
embedding, LSTM neural network, and python. 

2.1 Word embedding 

Word2vec is a kind of word embedding 
technology. Its essence is a dimension reduction 
operation. This program imports the Gensim 
library to facilitate the direct use of this 
technology. This program directly uses the word 
vector of "Chinese word vectors" developed by 
the researchers from the Institute of Chinese 
Information Processing: Beijing Normal University 
and Database & Intelligence Information Retrieval 
Lab of the Renmin University of China. In this 
word vector model, one word is an index and 
corresponds to a vector with a length of 300; The 
words in the pretraining word vector model 
dictionary are arranged according to the word 
frequency. The words in the front indicate the 
highest frequency of use, and the total vocabulary 
is about 260000. Considering that using too many 
words will reduce the efficiency of model training 
and prediction, this program only uses the first 
50000 words. After the key sentences are 
segmented and the stop words and punctuation 
marks are removed, the index matrix is formed by 
using One-Hot encoding. By multiplying the index 
matrix with the word embedding matrix, the 
dimension can be reduced to represent a word 
sequence. 

2.2 LSTM neural network 

Deep learning is a very popular way of machine 
learning at present. It belongs to supervised 
learning. The most typical method is to build a 
neural network, input massive data, and gradually 
adjust the weight and bias of neurons in each 
layer so that the data output by the output layer 
meets the training objectives. 

At present, there are many types of neural 
networks widely used, including Convolutional 
Neural Network (CNN), Recurrent Neural Network 
(RNN), etc. the Long-Short Term Memory (LSTM) 
neural network used in this program is an 
improved method of RNN, which can solve its 
long-term dependence problem. Through learning, 
LSTM neural network can independently 
determine the right moment of storing data in 
memory, using or forgetting the memorized data, 
that is, four input data jointly determining one 
output data, eliminating the situation that each 
weight value is greater than or less than 1, and 
avoiding the phenomenon of vanishing or 
exploding gradient. The characteristics of the 
LSTM neural network are shown in the Figure 1 
below. 

Figure 1. Characteristics of LSTM neutral networks 

2.3 Case analysis 

This procedure takes seven quarterly reports and 
two annual reports of Mingzhou Bridge in Ningbo 
from March 2019 to November 2020 as examples 
and introduces them into this procedure to 
analyze the frequency characteristics. 

2.3.1 General situation of Mingzhou Bridge 

Mingzhou bridge is an important bridge project 
across the Yongjiang River in the east of the Outer 
Ring Road. Both sides of the bridge will be a 
modern high-tech park and urban community. Its 
main bridge is a 100m + 450m + 100m half-
through steel box arch bridge, with a main span of 
450m and a rise span ratio of 1/5. 

2.3.2 Interactive interface design using Python 

This program is a graphical interface program 
based on Tkinter Library in Python. The window 
size is 1000 × 600 pixels, and the format of an 
imported document is required to be PDF. To 
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achieve the function, this program uses the 
pdfplumber Library to deal with the PDF, uses OS 
and the shutil Libraries to realize the folder 
operation, uses Jieba Library to realize Chinese 
word segmentation, and uses the re, gensim, 
tensorflow and keras Libraries to complete the 
transformation between text and matrix and the 
construction of the neural network. The program 
interface is shown in the Figure 2 below. 

Figure 2. Program interface display diagram 

This program consists of three functional areas: 
condition definition area, document selection area, 
and data analysis area. The data interaction 
relationship between them is shown in the Figure 
3 below. 

Figure 3. The information interactive relation 
among three functional areas 

The condition definition area is the prerequisite 
for the successful operation of the program, and 
the contents of this area must be completed by 
layout order first. This area defines the storage 
path of generated data files, to facilitate users' 
review of the processing results; The search 
conditions of key sentences are also defined. 
Users can input or delete appropriate keywords 
when extracting key sentences to meet their 
expectations more accurately. 

Through file operation, the document selection 
area allows users to select the PDF document they 
want to import for analysis, obtain its name and 
storage path, and present it in the form of a table 
for further analysis. 

The data analysis area reads the content of each 
document in the document selection area, filters 
out each key sentence according to the 
requirements of the condition definition area, and 
presents them in tables; Each sentence is 
processed and input into LSTM neural network 
model. The sentences are divided into "frequency 
stability" and "frequency fluctuation", which are 
presented in a tree structure. 

2.3.3 Operation results 

(1) Performance

The evaluation standard of the LSTM neural 
network is accuracy, with a value of 91.67%. There 
are 120 training data, of which 90% is used as the 
training set and 10% as the test set. 

Due to the loading requirements of the tensorflow 
Library, its dynamic library needs to be opened 
before the interactive interface appears. 
Therefore, the waiting time for the interface to 
appear is one minute. 

Except for the "display results" step, the interface 
operation is smooth, and the response time can 
be ignored; In the "display results" step, two 
models (pre-training word vector model and text 
classification LSTM model) need to be loaded, and 
the response time is about 7 minutes. 

(2) Functional test results

Mingzhou bridge has 9 bridge management and 
maintenance reports in two years. The purpose of 
this program is to analyze the changes of 
structural frequency characteristics of this bridge 
during this period. Under normal circumstances, 
the structural frequency should be relatively 
stable. When the frequency fluctuates or changes 
sharply, it indicates that the bridge structure 
changes, there may be potential safety hazards, 
and it needs to be maintained and repaired in 
time. 

First, read manually, analyze and screen, and 
obtain the key sentences about structural 
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frequency in nine management and maintenance 
documents, as shown in the table 1 below. 

Table 1. List of key sentences 

Document  name Key sentences 

March to May in 
2019 

由结构频率的时间轴可见，不

同时间段的频率识别差异较

小，其微小差异可能是由于升

温导致弹性模量下降等、计算

理论本身的误差等。

June to August 
in 2019 

由结构频率的时程可见，不同

时间段的频率识别差异较小，

由此认为结构的整体性能良

好。

September to 
November in 2019 

由结构频率的时间轴可见，不

同时间段的频率识别差异较

小，其微小差异可能是由于升

温导致弹性模量下降、计算理

论本身的误差等。 

December to 
February in 2019 

由结构频率的时间轴可见，不

同时间段的频率识别差异较

小，其微小差异可能是由于升

温导致弹性模量下降等、计算

理论本身的误差等。 

March to May in 
2020 

由结构频率的时程可见，不同

时间段的频率差异较小，但该

季度存在频率突增现象，结构

的整体性能变化可能和铺装层

的养护施工有关，具体原因需

综合养护施工确定。

June to August 
in 2020 

由结构频率的时程可见，不同

时间段的频率识别差异较小，

但该季度频率变幅较大，分析

认为可能是因为铺装层施工导

致的结构整体性能变化。

September to 
November in 2020 

由结构频率的时间轴可见，不

同时间段的频率识别差异较

小，其微小差异可能是由于升

温导致弹性模量下降、计算理

论本身的误差等。

2019 Annual 
Report 

由结构频率的时程可见，频率

在全年存在较大的变化趋势，

但去除正常作用成分后，其残

差相对稳定，由此认为结构的

整体性能良好。 

2020 Annual 
Report 

由结构频率的时程可见，频率

变化较大，经过回归分析后，

其残差不稳定，分析认为频率

的突变与铺装层的变动有关，

具体需综合管养相关动态确

定，若是铺装层变动导致的频

率变化，则结构的整体性能良

好。

According to table 1, Three reports " March to 
May in 2020", " June to August in 2020" and " 
2020 Annual Report" should be classified as " 

frequency fluctuation ", and six other reports 
should be classified as "frequency stability". 

Input the nine management and maintenance 
reports into the program for classification. 
According to the results (as shown in Figure 4 
~Figure 6), the three reports of " March to May in 
2020", " June to August in 2020" and " 2020 
Annual Report" are correctly placed in the 
category of "frequency fluctuation". The program 
classification succeeds. 

Figure 4. Content of the first line of classification 
results 
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Figure 5. Content of the second line of 
classification results 

Figure 6. Content of the third line of classification 
results 

2.4 Discussion and prospect 

This program realizes the automatic 
determination by machine using the description of 
the structural frequency in the management and 
maintenance reports of Mingzhou Bridge, which 
can separate the report showing frequency 
problems and save the time of manual reading. 
However, this program still has some limitations. 
It is only suitable for PDF format documents and 
has high requirements for the content layout of 
documents. It is unable to analyze tables and 
pictures, and can not import text in batches. The 
amount of training set data used by the neural 
network also needs to be enriched and improved. 

3 Conclusions 
This paper introduces the common methods and 
tools of natural language processing, develops an 
interactive interface based on Python and LSTM 
neural network to realize text classification, uses 
this program to successfully divide the case text 
into two categories, and identifies the 
management documents that present the 
potential safety hazards of bridge structure 
frequency. The specific implementation steps are 
as follows: 

(1) Preprocess text, remove the header and
footer, and convert the document into PDF
format.

(2) Extract the text content in PDF and segment it
according to the directory.

(3) Extract the key sentences about structural
frequency in the conclusion paragraph.

(4) Use the Jieba Library to segment key
sentences.

(5) Use a pre-trained word vector model to
realize word embedding and convert the text
into a vector.

(6) Train LSTM text separator.
(7) Introduce the vector into LSTM neural

network model for text classification, and
obtain the results.
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Abstract 
Structural health diagnosis has been investigated following a data-driven machine learning 
paradigm. However, the model accuracy and generalization capability highly rely on the quality and 
diversity of datasets. This study established a framework for structural health diagnosis under 
limited supervision. Firstly, an image augmentation algorithm of random elastic deformation, a 
novel neural network with self-attention and subnet modules, and a task-aware few-shot meta 
learning method were proposed for vision-based damage recognition. Secondly, deep learning 
networks were established to model intra- and inter-class temporal and probabilistic correlations of 
different quasi-static responses for condition assessment. Finally, a two-stage convergence criterion 
merging with the subset simulation and Kriging surrogate model was designed for reliability 
evaluation. Real-world applications on large-scale infrastructure demonstrated the effectiveness. 

Keywords: intelligent infrastructure; structural health diagnosis; machine learning; computer vision; 
small data 

1 Introduction 
During the long-term service period of civil 
infrastructure, damage accumulation and 
resistance deterioration will inevitably occur due to 
coupled effects of material erosion and cyclic 
fatigue loads, especially for large-scale bridges and 
tunnels. Following the paradigm of damage 
prognosis established by Farrar and Lieven (2007) 
[1], structural damage recognition, condition 
assessment, and reliability evaluation were the 
most significant issues towards health diagnosis. 
For past decades, one of the most commonly used 
ways was manual inspection, which had the 
shortcomings of high dependence on subjective 

judgment and engineering experience, severe 
unreliability, and low efficiency [2]. 

Since the 1990s, structural health monitoring 
techniques have been widely adopted in large-
scale infrastructure. Conventional non-destructive 
testing and vibration-based methods have been 
investigated for damage detection and condition 
assessment. The measured signals were directly 
compared with peak values or statistical indices 
with thresholds regulated by the design code. 
However, the following challenges remained to be 
addressed: these techniques required the dense 
deployment of sensors on bridges and faced the ill-
posedness of the reverse problem; the modal 
parameters were insensitive to minor damage in a 
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local position; the accuracy was influenced by 
temperature and noise [3]. 

Recently, vision-based damage detection has been 
elaborately investigated using image processing 
techniques. Generally, these methods mainly 
utilized close-up imaging of structures and only 
focused on a small area of local damage regions. 
Moreover, model performances heavily relied on 
the optimal selection of handcrafted features and 
critical parameters, thus lacking accuracy and 
robustness facing large-scale images with complex 
backgrounds under real-world scenarios [4]. 

With the successful development of artificial 
intelligence, data-driven methods have been 
developed for damage detection and condition 
assessment based on machine learning, deep 
learning, and computer vision algorithms. However, 
they were always performed by directly migrating 
the well-trained model to newly-collected onsite 
images, thus requiring a massive dataset for 
training and a large volume of model parameters to 
ensure the recognition accuracy and robustness 
under various scenarios. Additionally, the 
recognition stability on multiscale damages with 
different morphologies remained challenging. 
Furthermore, edge-computing devices deployed in 
actual engineering applications still faced 
limitations in computational capability and could 
not obtain real-time feedback from large-volume 
deep networks [5]. 

Reliability evaluation of real-world large-scale 
infrastructure was another significant challenge 
owing to complex input variables, extremely low 
failure probability, and high computational costs. 
Although a series of surrogate models with 
variance reduction techniques have been proposed 
to address these limitations, achieving an 
appropriate balance between estimation accuracy 
and computational cost remained challenging [6]. 

To address these issues mentioned above, this 
study established a framework for structural health 
diagnosis under limited supervision from three 
aspects of vision-based damage recognition, deep 
learning-based condition assessment, and machine 
learning-based reliability evaluation in Sections 2-4, 
respectively. Section 5 concluded this paper. 

2 Vision-based Damage Recognition 
Current vision-based damage recognition methods 
still face the following problems: (1) the accuracy 
heavily relies on sufficient images and large 
network parameters; (2) the sensitivity to minor 
damage in local positions is limited; (3) the 
robustness is inadequate on complex coupled 
damage with various morphological features and 
disturbances. This section reported several novel 
methods to achieve accurate and robust damage 
recognition by images. 

2.1 Random elastic deformation for data 
augmentation 

Most image recognition tasks applied data 
augmentation to enhance the diversity of training 
data and improve the model robustness, including 
random rotation, translation, flipping, resize, 
cropping, illumination variation, and adding 
random noise. However, these conventional 
techniques did not change or increase geometrical 
features of structural damage in images. 

A random elastic deformation (RED) algorithm was 
proposed to enrich the diversity of damage 
morphology with only a handful of original images 
[7], as shown in Figure 1. Firstly, control nodes (red 
dots) were equidistantly set on mesh grids of the 
original image. Random offsets of (𝛥𝛥𝛥𝛥,𝛥𝛥𝛥𝛥)  were 
assigned to these control nodes following a 
uniform distribution (blue arrows). Secondly, 
offsets of other pixels were calculated using two-
dimensional cubic spline interpolation. Thirdly, the 
pixel value of 𝐼𝐼(𝛥𝛥 + 𝛥𝛥𝛥𝛥,𝛥𝛥 + 𝛥𝛥𝛥𝛥) was determined 
by bilinear interpolation: 

𝑊𝑊(𝐼𝐼) = 𝐼𝐼(𝛥𝛥 + 𝛥𝛥𝛥𝛥,𝛥𝛥 + 𝛥𝛥𝛥𝛥)
= [𝛥𝛥2 − 𝛥𝛥 − 𝛥𝛥𝛥𝛥 𝛥𝛥 + 𝛥𝛥𝛥𝛥 − 𝛥𝛥1] × 

�𝐼𝐼
(𝛥𝛥1,𝛥𝛥1) 𝐼𝐼(𝛥𝛥1,𝛥𝛥2)
𝐼𝐼(𝛥𝛥2,𝛥𝛥1) 𝐼𝐼(𝛥𝛥2,𝛥𝛥2)� × �𝛥𝛥2 − 𝛥𝛥 − 𝛥𝛥𝛥𝛥

𝛥𝛥 + 𝛥𝛥𝛥𝛥 − 𝛥𝛥1
� 

(1) 

where W denotes an operation of random elastic 
transformation, 𝛥𝛥1,𝛥𝛥2  and 𝛥𝛥1,𝛥𝛥2  denote the 
bounding locations in width and height directions, 
and 𝛥𝛥1 < 𝛥𝛥 + 𝛥𝛥𝛥𝛥 < 𝛥𝛥2,𝛥𝛥1 < 𝛥𝛥 + 𝛥𝛥𝛥𝛥 < 𝛥𝛥2. 

The results indicated that RED could increase the 
geometric shapes and local microstructures of 
cracks and add high-order components into the 
original crack shapes. Therefore, new crack images 
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generated by RED have significant differences from 
the original ones, demonstrating that RED could 
enrich the feature space of structural damage 
images. 

Figure 1. Random elastic deformation for image 
augmentation of structural damage 

In addition to image augmentation of structural 
damage, RED was also successfully applied in the 
semantic segmentation of structural members [8]. 
Figure 2 shows the image augmentation results of 
the Tacoma Narrows Bridge using only a few 
frames of the Internet video. The results implied 
that RED could increase geometric shapes and add 
high-order components into the original shapes of 
structural members. The effectiveness was further 
demonstrated to increase morphology diversity 
and enrich the sample space of objects in images. 

Figure 2. Representative images of Tacoma 
Narrows Bridge using RED for data augmentation 

2.2 Novel neural network for distributed 
minor damage segmentation 

A novel Self-Attention-Self-Adaption (SASA) 
neuron computing model [7] was proposed to 

enhance the capability of feature extraction and 
nonlinear expression power for neural networks: 

𝛥𝛥𝑗𝑗𝑙𝑙+1 = 𝜎𝜎[�𝑤𝑤𝑖𝑖𝑗𝑗
𝑙𝑙,𝑙𝑙+1𝛥𝛥𝑖𝑖𝑙𝑙

𝑁𝑁

𝑖𝑖

+ 𝑏𝑏𝑗𝑗𝑙𝑙+1

+ 𝑚𝑚𝑗𝑗
𝑙𝑙+1(𝜶𝜶𝑙𝑙 ∗ 𝑿𝑿𝑙𝑙 ,𝜃𝜃𝑗𝑗𝑙𝑙+1)]

𝜶𝜶𝑙𝑙 = 𝐺𝐺(𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑚𝑚𝑠𝑠𝛥𝛥(𝑿𝑿𝑙𝑙),𝛽𝛽) 

𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑚𝑚𝑠𝑠𝛥𝛥�𝑿𝑿𝑙𝑙�𝑖𝑖 = 𝑒𝑒𝑥𝑥𝑖𝑖 �𝑒𝑒𝑥𝑥𝑗𝑗
𝑁𝑁𝑙𝑙

𝑗𝑗

�

(2) 

where 𝛥𝛥𝑖𝑖𝑙𝑙  denotes the ith neuron in the 𝑙𝑙th layer, 
𝑁𝑁𝑙𝑙  denotes the number of neurons in the 𝑙𝑙th layer, 
𝑤𝑤𝑖𝑖𝑗𝑗
𝑙𝑙,𝑙𝑙+1 denotes the connecting weight between 𝛥𝛥𝑖𝑖𝑙𝑙 

and 𝛥𝛥𝑗𝑗𝑙𝑙+1 , 𝑏𝑏𝑗𝑗𝑙𝑙+1  denotes the individual bias 
associated with 𝛥𝛥𝑗𝑗𝑙𝑙+1, and 𝜎𝜎 denotes the nonlinear 
activation function. 𝑿𝑿𝑙𝑙 denotes the neurons in the 
lth layer, 𝜶𝜶𝑙𝑙 denotes the significance vector in the 
Self-Attention module, and  𝑚𝑚𝑗𝑗

𝑙𝑙+1  denotes the 
subnet of multilayer perceptron in the Self-
Adaption module associated with the jth neuron in 
the (l+1) layer and parameterized with 𝜃𝜃𝑗𝑗𝑙𝑙+1 . ∗ 
denotes the multiplication operator of 
corresponding elements for two vectors. The gate 
function G reserves top β elements and assigns the 
others to zero. 𝜃𝜃𝑗𝑗𝑙𝑙+1 denotes subnet parameters. 

Figure 3 shows the schematic of the SASA neuron 
computing model. The Self-Attention module 
applied softmax and gate operations to obtain the 
significance vector. It enabled the neuron to focus 
on the most significant receptive fields when 
processing large-scale feature maps, emphasized 
the saliency of interior neurons inside one layer 
and did not introduce additional trainable 
parameters. The Self-Adaption module was 
designed as a subnet of multilayer perceptron 
𝑚𝑚𝑗𝑗
𝑙𝑙+1  and implemented by a standard neural 

network with k equal hidden layers. The interior 
subnet structure was controlled by the number of 
hidden layers k and the number of neurons h in 
each hidden layer. For the consistency with the 
exterior neuron network, the number of neurons h 
in the hidden layer of the subnet was set 
proportionate to the number of neurons 𝑁𝑁𝑙𝑙+1  in 
the current layer with a default coefficient γ. It 
could achieve powerful feature extraction using 
only a small number of images. 

Control nodes

Offset

Crack Random 
Elastic 

Deformation
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Figure 3. Schematic of SASA neuron computing model 

The SASA neuron model allowed for the “plug and 
play” of arbitrary conventional neural networks. A 
case study was performed on the semantic 
segmentation of distributed tiny fatigue cracks in 
steel box girders using U-net as the baseline model. 
Figure 4 shows several comparative results of tiny 
crack segmentation with and without integrating 
the SASA neuron in U-net. The results indicated 
that using the modified U-net integrating with 
SASA neuron could achieve accurate pixel-level 
recognition of tiny cracks with complex background 
interferences. False alarms and crack gaps were 
effectually suppressed, implying that the SASA 
neuron could enable the model to focus on the 
local regions of interest. 

Input image U-net with 
SASA neuron Original U-net

Figure 4. Comparative results of tiny crack 
segmentation with and without integrating 

SASA neuron in U-net 

2.3 Task-aware few-shot meta learning for 
coupled structural damage recognition 

It was well-known that the identification accuracy 
and generalization capability highly relied on the 
quality and diversity of the collected data for 

image-based structural damage recognition. In 
contrast, data with specific patterns and concerned 
characteristics were always in small quality and 
diversity under real-world scenarios, causing the 
problem of data incompleteness. 

To fix this problem, a dual-stage attribute-based 
few-shot meta learning paradigm was proposed for 
multitype structural damage identification [9], as 
shown in Figure 5. An exterior few-shot meta 
learning framework was established based on 
randomly-selected tasks as meta-batches to 
produce robust classifiers for new damage classes. 
Support and query subsets comprising only partial 
damage categories and a few examples were 
randomly generated from the original image 
dataset. An interior attribute-based transfer 
learning model was trained by minimizing the l2-
norm and angular differences of predicted and 
ground-truth attribute vectors. Damage attribute 
acts as the common inter-class knowledge and is 
transferred among various damage categories 
instead of using one-hot vector labels for the 
standard supervised classification. The latter only 
considered that the class labels were orthogonal 
and had no connections, and therefore only one 
class was assigned on the position of maximum 
softmax probability, causing the misrecognition of 
coupled damage. 

Figure 6 shows several representative results for 
real-world images containing coupled damages 
using the attribute-based few-shot meta leanring 
method. Three representative images were shown 
for each damage type, and dash boxes marked 
some false recognitions. Concurrence among 
concrete crack, concrete spalling, concrete 
pockmark, salt petering, rebar exposure, and water 
leakage could be successfully recognized. However, 
owing to the complex backgrounds, misrecognition 
of rebar exposure, water leakage, and salt petering 
were observed. 

𝛥𝛥𝑖𝑖𝑙𝑙 , 𝑖 = 1⋯𝑁𝑁𝑙𝑙

softmax

Attention Vector

𝜷-sorted
𝜷-percent

0
0
0
0
0

𝛼𝑖𝑖𝑙𝑙 ∈ 0,1]

𝑚𝑚𝑗𝑗
𝑙𝑙+1 𝑘,ℎ,𝜃𝜃𝑗𝑗𝑙𝑙+1
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Figure 5. Dual-stage attribute-based few-shot meta learning method for multitype damage classification 

Figure 6. Several representative recognition results for complex coupled structural damage 

For pixel-wise recognition for various structural 
damage, a modified DeepLabv3+ model was 
established as the interior model. Figure 7 shows 
the schematic of the modified DeepLabv3+ model 
for semantic segmentation of multitype structural 
damage. The backbone network of the original 
ResNet101 was replaced with the lightweight 
MobileNetV2. Depthwise separable and dilated 
convolutions were used instead of standard 
convolution to reduce parameter volume. A 
refined atrous spatial pyramid pooling module was 
designed following the backbone network to 
expand the receptive fields of multilevel feature 
maps using dilated convolutions with various 
dilation rates. Furthermore, a piecewise loss 
function based on Focal and Dice losses was 
designed for different training stages. 

Figure 8 shows several representative results for 
semantic segmentation of concrete crack, concrete 
spalling, rebar exposure, and cable corrosion. The 
results indicated that the established model 
performed well and was stable facing various 

structural damage. It could be inferred that the 
morphological feature and shape contexture for 
various categories of structural damage were 
automatically captured. 

Figure 7. Schematic of modified DeepLabv3+ 
model for semantic segmentation of multitype 

structural damage 

Input image Annotation Prediction 
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Figure 8. Representative results for semantic 
segmentation of multitype structural damage 

2.4 Instance segmentation for small dense 
rocks during tunnel excavation 

In addition to the damage identification for large-
scale in-service bridges, monitoring construction 
safety during tunnel excavation is also essential. 
Timely recognition of rock fragments and their 
morphological sizes can allow adjustment of 
excavation parameters during tunnel boring 
machine tunneling. Rock fragments in real-world 
images are frequently observed against a dark 
background, distributed with a high size diversity, 
blocked by each other, and challenging to 
recognize using only a small number of images. 

A two-stage instance segmentation model was 
proposed with subnetworks of object detection 
and semantic segmentation [10], as shown in 
Figure 9. The object detection subnetwork was 
designed based on a modified single-shot detector 
architecture, and multilevel feature fusion, prior 
anchors, and self-attention modules were utilized 
to localize rock fragment regions. The semantic 
segmentation subnetwork was designed based on 
U-Net. Down-sampling stages used the structures
of the object detection subnetwork to share the

extracted features of the rock fragments, and up-
sampling stages employed skip connection and 
self-attention modules to accomplish binary 
segmentation in each detected bounding box. 

Figure 9. Schematic of two-stage instance 
segmentation model for rock monitoring during 

tunnel excavation 

Figure 10 shows several representative instance 
segmentation results for onsite rock images, 
demonstrating that large and small rock fragments 
with dense distributions could be well recognized. 

Figure 10. Representative instance segmentation 
results for onsite high-resolution rock monitoring 

3 Correlation Modelling for Condition 
Assessment via Deep Learning 

Studies on monitoring data-based structural 
condition assessment were relatively insufficient, 
and the difficulty was that quasi-static response 
data contained coupled effects of structural 
parameters and external loads. Considering that 
the correlation between quasi-static responses 
subjected to identical external loads is only a 
function of structural parameters and independent 
from the external loads, the correlation can 
therefore be employed as an indicator of the 
structural condition. Inspired by the above 
perspective, deep learning networks were 
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constructed to model intra- and inter-class 
temporal and probabilistic correlations of different 
quasi-static responses for condition assessment of 
cable-stayed bridges. 

A bi-directional long short-term memory (BiLSTM) 
model was established to model the temporal 
correlation between the vertical deflection of 
girders (GVD) and tension of cables (CT) [11], as 
shown in Figure 11. Test results showed that the 
bridge was under normal conditions and that the 
average root mean square error (RMSE) and 
relative RMSE between the predicted and ground-
truth CTs were 1.83 kN and 3.19%, respectively. 

Figure 11. Schematic of BiLSTM for temporal 
correlation modeling and predicted CTs for several 

cables under normal conditions 

A deep learning network comprising two 
variational autoencoders (VAEs) and two 
generative adversarial networks (GANs) was 
established to model the probabilistic correlations 
of quasi-static responses of bridges [12], as shown 
in Figure 12. VAEs were designed to model intra-
class correlations among either GVDs or CTs, and 
GANs were designed to model inter-class 
correlations between GVDs and CTs. The input and 
output were marginal probability density functions 
(PDFs) of the quasi-static responses, and they were 
obtained in the same time window under identical 
vehicle loads and structural parameters. The 
Wasserstein distance between the predicted and 
ground-truth PDFs of tension in the cables was 

used as an indicator of the structural condition. The 
results showed that the Wasserstein distance was 
very sensitive to damage and presented noticeable 
variations when the damage of the stay cable 
occurred. 

Figure 12. Schematic of UNIT for probabilistic 
correlation modeling and variation of Wasserstein 

distance under cable damage condition 

4 Machine Learning-based Reliability 
Evaluation 

Conventional methods for structural reliability 
evaluation were inefficient for assessing an 
extremely low failure probability because many 
samples were required to ensure the desired 
accuracy. Variance reduction methods faced the 
limitation of unacceptable computational costs for 
large-scale real-world infrastructures because the 
limited state functions were typically highly 
nonlinear and implicit. Additionally, the 
convergence criterion was typically defined by 
setting a threshold value for the learning function, 
which was highly stringent for reliability estimation. 

To address the above issues, a novel two-stage 
convergence criterion that merged into the 
exterior subset simulation (SS) framework and the 
interior Kriging model was proposed to improve 
the efficiency of reliability analysis [13], as shown 
in Figure 13. First, the exterior SS framework was 
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established to transform the extremely low failure 
probabilities into a series of higher conditional 
failure probabilities. Second, training samples were 
actively selected to enrich the design of 
experiments inside each subset. Finally, the interior 
Kriging model was iteratively updated until the 
two-stage convergence criterion was satisfied. The 
proposed method possessed the following 
advantages: (1) error estimation by the interior 
Kriging model, (2) low failure probability 
assessment by the exterior SS framework, and (3) 
hierarchical and global error control using the two-
stage convergence criterion. 

Figure 13. Efficient reliability evaluation algorithm 
using two-stage convergence criterion 

The proposed method was validated by a real-
world model of a cracked orthotropic steel deck 
with twenty variables for reliability assessment 
with an extremely low failure probability, as shown 
in Figure 14. 

Figure 14. Exact responses of newly selected 
training samples in different subsets for a real-

world cracked orthotropic steel deck 

5 Conclusions 
This study established a framework for structural 
health diagnosis under limited supervision. The 
main conclusions were summarized as follows. 

(1) A data augmentation algorithm of random
elastic deformation was designed to enrich the
feature space using a few structural damage
images. A novel neural network model was
designed to enhance the nonlinear expression
power, feature extraction ability, and recognition
accuracy by introducing the self-attention and
subnet modules inside a standard neuron. A task-
significance-aware meta-learning optimization
algorithm was proposed to learn across various
tasks and enhance the generalization ability for
multitype structural damage identification. A two-
stage instance segmentation model was proposed
with subnetworks of object detection and semantic 
segmentation to identify small dense objects.

(2) Two deep learning networks were established
to mine the shared latent space between the
source and target domains based on intra-class and
inter-class temporal and probabilistic correlations
between two kinds of quasi-static responses for
structural condition assessment.

(3) A two-stage convergence criterion merging with 
the subset simulation and Kriging surrogate model
was designed to improve efficiency for structural
reliability evaluation. The first stage controlled the
hierarchical modeling error for each intermediate
conditional failure event, and the second stage was
devoted to ensuring the global accuracy of
estimation of the final failure probability.

(4) Real-world applications, including distributed
tiny fatigue crack segmentation in steel box girders, 
multitype structural damage classification and
segmentation for bridge inspection, dense small
rock monitoring during tunnel excavation,
condition assessment for long-span cable-stayed
bridges, and reliability evaluation for a cracked
orthotropic steel deck, were performed to
demonstrate the effectiveness of the proposed
methods for structural health diagnosis under
limited supervision.

Financial support for this study was provided by the 
National Natural Science Foundation of China 
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Abstract 
Timely recognition of rock fragments can help predict the deformation of the tunnel during tunnel 
boring machine (TBM) tunneling. Traditional manual inspection highly relies on subjective 
judgments of operators and conducting sieving tests is not real-time. Rock fragments in the real-
world are often observed against a dark background, distributed with high size diversity, 
complicatedly distributed, and blocked by each other. This study proposes a computer vision-based 
method for on-site rock fragments recognition. The proposed method consists of an image pre-
processing module, an instance segmentation model, and a post-processing module. The results 
show that the pixel-level rock fragment recognition takes 0.15s for processing a 512×512 patch on 
average and 88% of rock fragments can be recognized. The predicted size distributions of the major 
and minor axis lengths of the rock fragments fit well with the ground-truth ones statistically.  

Keywords: tunnel boring machine tunnelling; rock fragment recognition; computer vision; instance 
segmentation. 

1 Introduction 
During TBM tunneling, operators often need to 
adjust the excavation parameters and ensure 
construction safety according to the mechanical 
properties of the rock mass. One way is involving 
operators making decisions after manual 
inspection of rock fragments by the naked eyes. 
Another way is conducting a sieving test to obtain 
the particle size distribution, which is not real-time 
and energy-consuming. Although structural health 
monitoring systems have been widely 
implemented in large-scale tunnels to assess 
structural conditions [1-3], they cannot function 
during the excavation process. With the booming 

development of computer vision techniques, a 
potential solution is using cameras to capture on-
site rock fragment images and accomplishing real-
time vision-based recognition to provide additional 
support for determining rock properties and 
excavation parameters. Huang et al. systematically 
highlighted the recent significant progress in 
computer vision techniques in tunnel construction 
[4]. A few related studies on the identification of 
particulate size from images have been conducted. 
For example, Amankwah et al. segmented rock 
images using a Voronoi diagram, and rock edge 
detection was achieved using the watershed 
transform [5]. Bai et al. employed the watershed 
algorithm, k-nearest-neighbors algorithm, and 
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convex shell method to achieve preliminary 
segmentation results of particles [6]. Dong et al. 
utilized a series of image filtering, threshold 
selection, morphologic operations, and watershed 
transform processes to obtain ore particle sizes [7]. 
Zhang et al. combined backpropagation and 
genetic algorithms to establish the implicit 
relationship between image processing 
parameters and sieving grading curves [8]. Ding et 
al. constructed a 3D model of asphalt concrete 
from 2D aggregate slice images, thus 
demonstrating the similarity between the 2D 
gradation distribution of aggregates and the 3D 
actual gradation distribution [9]. Leonardo et al. 
obtained the gradation information from asphalt 
concrete images based on thresholding and 
watershed algorithms [10]. In summary, these 
studies utilize conventional image processing 
techniques, which highly depend on the manual 
selection of critical parameters and lack robustness 
under real-world scenarios with complicated 
disturbances. 

In this study, the rock fragment images are 
captured by a camera placed on the top of the 
conveyor belt under real-world tunnel excavation 
conditions. The background is dark, and the sizes of 
the rock fragments have high diversity. In addition, 
rock fragments are complicatedly distributed and 
blocked by each other. To overcome the above 
challenges, an image pre-processing module 
including homomorphic filtering and histogram 
equalization is designed to improve the 
illumination intensity, and a novel instance 
segmentation model including an object detection 
subnetwork and a semantic segmentation 
subnetwork is proposed to recognize rock 
fragments. A post-processing method based on the 
approximated minimal external rectangles is 
proposed to obtain size distributions of rock 
fragments. 

2 Methods 

2.1 Image Pre-processing Module 

To address the low illumination quality of original 
rock fragment images under real-world tunnel 
excavation circumstances, an automatic image pre-

processing module including homomorphic 
filtering [11] and histogram equalization [12] was 
designed to improve the illumination intensity and 
contrast of images. In the homomorphic filtering 
algorithm, an image can be modeled as a product 
of the illumination component and the reflectance 
component. They were then applying logarithmic 
transformation and two-dimensional Fourier 
transformation. To improve the illumination 
intensity of images, it was necessary to suppress 
the low-frequency illumination component and 
enhance the high-frequency reflectance 
component. Thus a Gaussian high-pass filter was 
used in the frequency domain. After that, the 
filtered result was reconstructed by applying the 
inverse Fourier transformation and exponential 
function to get the transformed images. Images 
after homomorphic filtering may still possess 
various grayscale ranges, and they were adjusted 
to a normalized range [0,255] by grayscale 
histogram equalization to improve the contrast of 
the images. Figure 1 shows an original image and 
the corresponding result after homomorphic 
filtering and grayscale histogram equalization and 
the instance-level ground-truth label. 

2.2 Instance Segmentation Model 

After the image preprocessing module, the images 
were fed into an instance segmentation model. The 
instance segmentation deep convolutional neural 
network was designed combining an object 
detection subnetwork and a semantic 
segmentation subnetwork. Figure 2 shows the 
overall schematic of the proposed instance 
segmentation model. Input images were first fed 
into the object detection subnetwork, and a series 
of rectangular bounding boxes were generated to 
localize and distinguish each rock fragment. The 
input images and generated bounding box 
parameters were fed into the semantic 
segmentation subnetwork to recognize the pixel-
level rock fragments inside each bounding box. 
With the pixel-level annotation of each rock 
fragment instance, the ground-truth rectangular 
bounding box was automatically obtained by the 
top-right and bottom-left pixels. In this manner, 
various rock fragments with a large diversity of 
geometry can be recognized individually. 
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Figure 1. An original image, image pre-processing result, and ground-truth label 

Figure 2. Overall schematic of the proposed instance segmentation model 

2.2.1 Object detection subnetwork 

Object detection backbone was modified SSD 
model. As shown in Figure 2, the total feature map 
levels were increased to seven (D1-D7). The size of 
each stage feature map was labeled in Figure 2. 
Feature maps of Stages D3-D5 were fused by a 
feature fusion module. The feature fusion module 
was designed to enable the model to reuse 
features in Stage D3 even if specific feature leaking 
occurs. Therefore, the output size after feature 
fusion was the same as Stage D3, i.e., 512×64×64. 
Considering the prior size distribution of rock 
fragments, a series of width and height of anchors 
were set in Stage D3-D7. First, the probability 
density function for the width and height of the 
ground-truth bounding box in the training set was 
plotted in Figure 3. Second, the intermediate 
interval with a 95% converge rate was selected and 
equally divided into nine segments. The values at 
each cutting point were arranged in an increasing 
sequence and assigned as the minimum and 

maximum reference values vmin, vmax to Stages D3-
D7, respectively. Third, each stage corresponds to 
four/six preset anchors (two square and two/four 
rectangles), and five default aspect ratios were set  

Figure 3. The reference values selected by the 
prior size distribution  of rock fragments and 

correspondingly assigned to five stages 
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256× 𝟏𝟐𝟖 × 𝟏𝟐𝟖

5𝟏𝟐 × 𝟔𝟒 × 𝟔𝟒

1𝟎𝟐𝟒 × 𝟑𝟐 × 𝟑𝟐

5𝟏𝟐 × 𝟏𝟔 × 𝟏𝟔

256× 𝟖 × 𝟖

1𝟐𝟖 × 𝟒 × 𝟒

5𝟏𝟐 × 𝟔𝟒 × 𝟔𝟒

256× 𝟏𝟐𝟖 × 𝟏𝟐𝟖

𝟔𝟒 ×  𝟐𝟓𝟔 × 𝟐𝟓𝟔

𝟔𝟒 × 𝟓𝟏𝟐 × 𝟓𝟏𝟐

𝟔𝟒 ×  𝟐𝟓𝟔 × 𝟐𝟓𝟔

256× 𝟏𝟐𝟖 × 𝟏𝟐𝟖

5𝟏𝟐 × 𝟔𝟒 × 𝟔𝟒
1𝟎𝟐𝟒 × 𝟑𝟐 × 𝟑𝟐

Object Detection

Semantic Segmentation Skip Connection+Self-Attention
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Table 1. Preset sizes of prior anchors for different stages 

stage feature 
map size vmin vmax square1 square2 rectangle1 Rectangle2 

D3 64×64 39 67 51×51 67×67 72×36 / 
D4 32×32 95 123 108×108 123×123 152×76 186×62 
D5 16×16 151 179 164×164 179×179 232×116 285×95 
D6 8×8 207 235 220×220 235×235 310×155 381×127 
D7 4×4 263 291 277×277 291×291 392×196 480×160 

as 1:1, 2:1, 1:2, 3:1, and 1:3. Whereas aspect ratios 
of 3:1 and 1:3 were neglected in the fusion Stage 
D3 because the corresponding receptive fields in 
the original image under these aspects were too 
long and narrow. Table 1 shows the preset sizes of 
prior anchors for different stages. 

Feature maps of Stage D3-D7 were fed into the self-
attention module, which learned to focus attention 
in the salient regions of multilevel feature maps. 
For the self-attention module, five stages acted as 
inputs, and the 2-dimensional attention matrix was 
generated by the softmax operator in the feature 
map of each level considering the pixel-wise 
significance. The loss function of the object 
detection subnetwork is shown as Eqn. (1). 

𝐿𝐿𝑑𝑑𝑑𝑑𝑑𝑑 =
1

𝑁𝑁𝑝𝑝𝑝𝑝𝑝𝑝
(𝐿𝐿𝑙𝑙𝑝𝑝𝑑𝑑𝑝𝑝 + 𝛼𝛼𝐿𝐿𝑑𝑑𝑝𝑝𝑐𝑐𝑐𝑐) 

𝐿𝐿𝑙𝑙𝑝𝑝𝑑𝑑𝑝𝑝 = � � 𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠ℎ𝐿𝐿1(𝑙𝑙𝑐𝑐𝑚𝑚 − 𝑔𝑔�𝑐𝑐𝑚𝑚)
𝑚𝑚𝑐𝑐

𝐿𝐿𝑑𝑑𝑝𝑝𝑐𝑐𝑐𝑐 = −� [𝑥𝑥𝑖𝑖𝑙𝑙𝑠𝑠𝑔𝑔𝑝𝑝𝑖𝑖 + (1− 𝑥𝑥𝑖𝑖)𝑙𝑙𝑠𝑠𝑔𝑔(1− 𝑝𝑝𝑖𝑖)]
𝑖𝑖

 

(1) 

where Llocs and Lconf denote the regression loss of 
bounding box coordinates and the binary cross-
entropy confidence loss, respectively. α represents 
the preset coefficient. Npos denotes the number of 
bounding boxes containing rock fragments with the 
IoU between ground-truth and prior anchor 
bounding boxes larger than 0.5. 𝑠𝑠 ∈ {𝑐𝑐𝑥𝑥, 𝑐𝑐𝑐𝑐,𝑤𝑤,ℎ} 
is a four-element tuple of bounding box 
parameters denoting center coordinates, width, 
and height, respectively. 𝑙𝑙𝑐𝑐𝑚𝑚  and 𝑔𝑔�𝑐𝑐𝑚𝑚  denote the 
relative difference between the predicted box and 
prior anchor and the relative difference between 
the ground-truth box and prior anchor, 
respectively. The object detection subnetwork was 
trained by the stochastic gradient descent with 
momentum. 

2.2.2 Semantic segmentation subnetwork 

Using the recognized bounding box parameters 
and the input image of the object detection 
subnetwork, the individual rectangular region was 
regarded as the input of the semantic 
segmentation subnetwork. Regions outside each 
bounding box were set to zero, and the 
corresponding ground-truth was the instance label 
of the concerned rock fragment. 

In this study, a modified U-net architecture was 
used for the semantic segmentation inside each 
detected bounding box of the rock fragment. As 
shown in Figure 2, four down-sampling stages (S1, 
S2, S3, and S4) shared the same structures of D1-
D4 in the object detection subnetwork and were 
initialized by the well-trained network parameters 
of D1-D4 in the training of semantic segmentation 
subnetwork. The subsequent up-sampling stages 
(S5, S6, S7, and S8) were set symmetrical with S1-
S4, and the only difference was using transposed 
convolutional layers instead of convolutional layers. 

The dimensions of the feature maps were 
transformed as follows: the width and height were 
halved and the channel number was doubled in the 
down-sampling stages, while the width and height 
were doubled and the channel number was halved 
in the up-sampling stages. The skip connection and 
self-attention module were used in the up-
sampling process. The loss function used in the 
training of semantic segmentation subnetwork was 
a binary cross-entropy classification function as 
Eqn. (2). 

𝐿𝐿𝑝𝑝𝑑𝑑𝑠𝑠 = −
1

𝑁𝑁𝑀𝑀𝑗𝑗
� �𝑠𝑠𝑖𝑖𝑗𝑗𝑙𝑙𝑠𝑠𝑔𝑔𝑝𝑝𝑖𝑖𝑗𝑗 + (1− 𝑠𝑠𝑖𝑖𝑗𝑗)log (1− 𝑝𝑝𝑖𝑖𝑗𝑗)�

𝑁𝑁,𝑀𝑀𝑗𝑗

𝑖𝑖,𝑗𝑗=1
(2) 

where N denotes the number of detected bounding 
boxes in the input image, Mj denotes the number 
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of pixels in the jth bounding box, tij is a binary 
indicator: 1 for positive (the ith pixel belongs to 
rock fragment) and 0 for negative, pij denotes the 
positive classification probability calculated by the 
sigmoid classifier. The semantic segmentation 
subnetwork was trained individually from the 
object detection subnetwork using the Adam 
algorithm. 

2.3 Image Post-processing Module 

For predicting a new original image, the whole 
image was divided into 512×512 patches, each 
patch was individually identified by the instance 
segmentation model, and the recognition results 
were accordingly recombined into the original size. 

Under some circumstances, the original images 
often contain some super huge rock fragments, 
which were divided into different sub-images in the 
image cutting process. Thus, the proposed instance 
segmentation model should not function well. To 
solve this problem, an additional recognition 
process was performed using 8× down-sampling 
example of the original image as input, and pixels 
in the height direction were padding with zeros. 
After down-sampling, the super huge rock 
fragments were reduced to normal size and 
recognized by the trained instance segmentation 
model. Afterward, the re-identified region of super 
huge rock fragment was mapped back into the 
regional image and fused with the previous 
recognition results.  

To remove small regions as noise points, the 
opening operator of morphological operations was 
also used in the postprocessing. Afterward, the 
connected component and minimum external 
ellipse analysis were conducted on fused 
recognition results. First, the convex hull of a rock 
fragment was obtained by selecting consecutive 
vertices with an intersection angle of less than 180° 
to form an exterior polygon. Second, a series of 
enclosing rectangles were rotated in sequence 
holding a side collinear with one edge of the 
polygon. Finally, the minimal external rectangle 
with the smallest area was selected, and the minor 
and major axes of the rock fragment were 
determined as the minor and major edges of the 
minimal rectangle, respectively. The lengths of the 
major and minor axes were calculated in the pixel 

unit, and the distribution curves of rock fragment 
size can be plotted. 

3 Results and discussions 
In this study, 50 real-world rock fragment images 
with a resolution of 4096×3072 were used, of 
which 35 original images were randomly selected 
as the training set, and the rest 15 original images 
were used for the test. 512×512 sub-images were 
first cut from these test images, and the predicted 
instances were then assembled to the original size 
and post-processed to obtain the fused instance 
segmentation results. Figure 4 shows the instance 
segmentation result of some whole images. The 
left, middle, and right columns represent the 
original image, ground-truth annotation, and 
instance segmentation results. It shows that both 
the super huge and small rock fragments can be 
well recognized by the proposed method, which 
simultaneously verifies the effectiveness of the 
proposed instance segmentation model and the 
post-processing for super huge rock fragment 
reidentification. 

The recognition rates of rock fragments in the 
object detection and semantic segmentation 
process were defined as follows. For the object 
detection results, if the recall between the 
predicted and ground-truth bounding box exceeds 
0.5, the rock fragment was regarded as identified. 
For the semantic segmentation results, if the recall 
between the predicted and ground-truth pixel 
regions of the rock fragment exceeds 0.5, it was 
regarded as identified. The recognition rate and the 
average recall for all instances in an entire test 
image is calculated as Eqn. (3). 

Recognitionrate =
𝑛𝑛𝑛𝑛𝑠𝑠(𝑟𝑟𝑟𝑟𝑐𝑐𝑟𝑟𝑙𝑙𝑙𝑙 > 0.5)

𝑛𝑛

Average𝑟𝑟𝑑𝑑𝑑𝑑𝑟𝑟𝑙𝑙𝑙𝑙 =
1
𝑛𝑛
�𝑟𝑟𝑟𝑟𝑐𝑐𝑟𝑟𝑙𝑙𝑙𝑙𝑖𝑖 =

1
𝑛𝑛
�

𝑃𝑃𝑖𝑖 ∩ 𝐺𝐺𝑖𝑖
𝐺𝐺𝑖𝑖

𝑐𝑐

𝑖𝑖=1

𝑐𝑐

𝑖𝑖=1

(3) 

where n denotes the number of ground-truth rock 
fragments, num(recall > 0.5) denotes the number 
of recognized rock fragment instances with a recall 
larger than 0.5, Pi and Gi denote the predicted and 
ground-truth regions of ith rock fragment instance, 
respectively. 

1268



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Figure 4. Instance segmentation result of a test image 

Figure 5 shows the box plots of the recognition rate 
of object detection, the recognition rate of 
semantic segmentation, average recall, and global 
IoU. It shows that 87.6% of rock fragments can be 
segmented and that the average recall and average 
IoU reach 0.85 and 0.75, respectively. 

Figure 5. Boxplots of evaluation metrics 

After connected component and minimum 
external ellipse analysis, the major and minor axis 
lengths of the rock fragment instances were 
obtained, and the size distribution curves were 
plotted. Limited by space, Figure 6 shows statistical 
results of rock fragment sizes for the first image in 
Figure 4. The results show that the predicted 
distributions of major and minor axis lengths for 
rock fragments fit well with the ground-truth ones. 
It should be noted that although the illustrated 
lengths are in units of pixels, they can be directly 
transformed to the physical world using a scaling 
ratio (mm/pixel). The proportional scale can be 
calibrated in advance using a fixed camera with 
known internal and external parameters on the top 
of the conveyor belt for a real application scenario. 
Therefore, comparisons of the predicted and 
ground-truth major and minor axis lengths were 
conducted in pixel units. 

After the instance segmentation model was trained 
well, a 512×512 patch required 0.15s on average. 
Moreover, the corresponding evaluation metrics 
and statistical results for the fragment sizes were  
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Histograms probability distributions of 
major axis length 

Histograms probability distributions of 
minor axis length 

Cumulative probability distributions of 
major axis length 

Cumulative probability distributions of 
minor axis length 

Figure 6. Statistical results of rock fragment sizes for Figure 4 

obtained in 0.18s. Therefore, the proposed method 
can be used in real-time. 

4 Conclusions 
This study proposed a novel instance segmentation 
model for on-site rock fragment recognition during 
real-world tunnel excavation. Rock fragments in 
real-world images are complicatedly distributed 
and always blocked by each other with a dark 
background and high size diversity. An automatic 
image pre-processing module including 
homomorphic filtering and histogram equalization 
was designed to improve the illumination intensity 
and contrast of images. To better recognize rock 
fragments, prior anchors, multilevel feature fusion, 
and self-attention modules were utilized in the 
instance segmentation model. A post-processing 
method was proposed to refine the pixel-level rock 
fragments recognition results and obtain the size 

distributions. The results showed that 87.6% of 
rock fragments were segmented and that the 
average recall and average IoU reached 0.85 and 
0.75, respectively. As a result, complicated rock 
fragments can be recognized, and size distributions 
can be obtained in real-time during the TBM 
tunneling process. Further investigations will be 
conducted to predict rock properties and TBM 
performance using pixel-level rock fragment 
recognition results.  
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Abstract 
The limitation of sensor number and results that the monitored data is difficult to reflect the true 
state of the structures, which limits the reliability of bridge damage identification and deterioration 
assessment. There are many full-field response reconstruction methods developed to obtain the 
complete responses. However, the quality of the reconstructed data is comprehensively affected by 
finite element model errors, noise interference and strong coupling environmental effects, resulting 
in the low accuracy of dynamic-based damage indicators. Thus, this paper explores a damage 
identification method based on static response reconstruction and solve the damage factor using 
the relationship between the sensitivity matrix and the structural deformation. Taking simply-
supported and cantilevered beam as examples, numerical calculations confirm that the method can 
effectively locate the damage of the structural system. 

Keywords: structural health monitoring; damage identification; sensitivity analysis; response 
reconstruction.  

1 Introduction 
Damage inevitably occurs in structures during their 
service life due to a variety of factors such as 
environmental erosion, operational loads, fatigue, 
and accidental collisions, and the theory related to 

damage detection methods (DDM) has attracted 
extensive attention early on. The current work 
mainly includes DDM based on vibration data[1] 
(e.g., inherent frequency[2], vibration type, 
frequency response function[3], modal flexibility 
matrix, dynamic response, etc.) and DDM based on 
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static data. For example, Luo[4] et al. introduced the 
sensitivity matrix to establish the functional 
relationship between the difference in static 
deformation of structural members before and 
after damage and the damage factor to construct a 
theoretical method for damage detection of 
structural members. Masoumi[5] et al. used the 
derived generalized flexibility matrix for damage 
identification. These methods are calculated based 
on the discrepancies between the damaged and 
the intact response value. They default the 
measurements containing damage are known. 

However, the response-based DDM has another 
weakness: the number of sensors installed on large 
civil structures is severely insufficient relative to 
the volume of the structure, so the known 
response is quite limited, while the loss of critical 
information will also greatly affect the damage 
identification results. Therefore, it is necessary to 
extend the limited response to the global one. In 
recent years, scholars have devoted themselves to 
the development of damage identification 
techniques based on dynamic response 
reconstruction. Zhang[6] et al. used Kalman filtering 
to achieve simultaneous reconstruction of 
response and excitation, and introduced neural 
networks to predict the damage modes of the 
structure, and finally integrated them into the 
sensitivity matrix to complete damage 
identification by model updating. li[7] et al. 
reconstructed the dynamic response in the 
frequency domain, and performed damage 
identification by minimizing the difference 
between the measured response vector and the 
reconstructed response vector. Zhu[3] et al. 
introduced the transformation matrix for Markov 
parameter calculation of the system in state space 
to accelerate the process of damage identification. 
the rapid reanalysis method of virtual deformation 
method (VDM) introduced by Zhang[8] et al. further 
reduced the numerical cost for calculating the 
accurate impulse response of the damaged 
structure. In the nonlinear domain, Li[9] et al. 
proposed an adaptive regularization method to 
solve the nonlinear model update inverse problem, 
which has greatly improved the results obtained 
compared to the traditional Tikhonov 
regularization. 

In practical engineering, the vibration parameters 
of the structure need complex dynamic excitation 
and expensive accelerometers to obtain, and the 
dynamic signal is more easily disturbed by 
environmental factors, which brings some 
difficulties to data processing and damage 
identification. At the same time, the static 
response reconstruction methods have been 
gradually developed. Li[10] et al. proposed the static 
response reconstruction method based on 
generalized inverse and singular value 
decomposition, and Si[11] et al. subjected the 
influence line matrix of the structure to principal 
component analysis (PCA), which effectively 
reduced the system matrix dimension of large 
structures and improved the reconstruction 
efficiency. Therefore, this paper explores the 
damage identification based on static response 
reconstruction. Firstly, the model update theory 
based on response sensitivity is introduced, then 
the measured data are reconstructed by the 
proposed PCA-based method, and finally the 
response error is obtained from the value 
calculated by FEM and the reconstructed value, 
and the damage coefficient can be obtained by 
substituting into the sensitivity equation. The 
effect is verified by numerical examples, which 
simulate the noise conditions in real engineering to 
verify the robustness of the proposed method. The 
"Conclusion" section summarizes the paper and 
discusses the shortcomings and possible solutions. 

2 General instructions 

2.1 Sensitivity matrix and sensitivity-based 
structural damage identification 
method 

The equilibrium equation of the quasi-static system 
with n-degree-of-freedom（DOF）structure can 
be expressed as 

𝐊𝐊 ⋅ 𝐳𝐳 = 𝐅𝐅 (1) 

where ， 𝐊𝐊 ∈ ℝ𝑛𝑛×𝑛𝑛  is the structural stiffness 
matrix; 𝐳𝐳 ∈ ℝ𝑛𝑛×1 is the displacement vector , 𝐅𝐅 ∈
ℝ𝑛𝑛×1  is the external force vector, and n is the 
number of nodes of the FEM. 
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Differentiating both sides of Eq.(1) with respect to 
the structural fractional stiffness parameter 𝜃𝜃
（0 ≤ 𝜃𝜃 ≤ 1）, we have 

𝜕𝜕𝐳𝐳
𝜕𝜕𝜃𝜃𝑖𝑖

= −𝐊𝐊−1 𝜕𝜕𝐊𝐊
𝜕𝜕𝜃𝜃𝑖𝑖

𝐳𝐳 (2) 

where 1 2 n

i i i i

T
∂∂ ∂∂

=
∂ ∂ ∂ ∂

 
 
 


z zz z

θ θ θ θ
. 

For a given structure, z in the above equation is 
expanded by PCA with respect to the measured 
values to obtain the response values for n DOF (the 
details of the reconstruction method will be 
outlined in the next sub-section). In combination 
with the finite element software, the right-hand 
side of the above equation is easily obtained. The 
sensitivity matrix can be written as 
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Based on the sensitivity theory, the damage 
identification equation of the structure is[12] 

Δ 𝐳𝐳 =𝐒𝐒⋅ 𝛥𝛥𝛉𝛉 (4) 

where the displacement variation 𝛥𝛥𝐳𝐳  is the 
difference between the complete structural 
response calculated by the FEM and the 
reconstructed response, written as 

Δ 𝐳𝐳 = 𝐳𝐳𝑎𝑎 − 𝐳𝐳𝑟𝑟(5) 

where the superscripts ‘a’ and ‘r’ denote the FEM 
analysed and reconstructed values, respectively. 

Δ𝛉𝛉 can be derived from equation (4) as 

Δ𝛉𝛉 = (𝐒𝐒𝑇𝑇𝐒𝐒)−1𝐒𝐒𝑇𝑇𝛥𝛥𝐳𝐳 (6) 

where 𝐒𝐒+ is the generalized inverse of S, which 
means 

𝐒𝐒+ = (𝐒𝐒𝑇𝑇𝐒𝐒)−1𝐒𝐒𝑇𝑇 (7) 

2.2 Response reconstruction based on PCA 
theory 

Because this paper intends to solve the 
displacement sensitivity matrix with the 
displacement response difference. Thus, this 
section only introduces the method of applying 
PCA to reconstruct the structural displacement[11]. 

For a given structure with known FEM, the static 
balance equation can also be expressed as: 

𝐳𝐳𝑛𝑛×1 = 𝐃𝐃𝑛𝑛×𝑛𝑛𝐅𝐅𝑛𝑛×1 (8) 

where  𝐃𝐃 ∈ ℝ𝑛𝑛×𝑛𝑛  is the deflection influence line 
matrix. 

Assuming a total of N (N≪n) displacement 
transducers are equipped on the bridge, equation 
(8) is rewritten into a matrix form:

1 11 12 1 1

1 2

1 1,1 1,2 1, 1

1 2

n

N N N Nn N

N N N N n N

n n n nn n

+ + + + +

     
     
     
     

=     
     
     
     
          



     





     



z D D D F

z D D D F
z D D D F

z D D D F
(9) 

We then extract the row corresponding to the 
measured displacement from equation (9) and get: 

𝐳𝐳𝑁𝑁×1 = 𝐃𝐃𝑁𝑁×𝑛𝑛𝐅𝐅𝑛𝑛×1(10) 

After PCA processing, the displacement flexibility 
matrix will be reduced to 𝐃𝐃𝑁𝑁×𝑘𝑘

∗  ∈ ℝ𝑁𝑁×𝑘𝑘, where D* 
is an 𝑁𝑁 × 𝑘𝑘  matrix that contains the first kth 
principal components。 

Equation (8) can be rewritten with respect to D*as 

𝐳𝐳𝑁𝑁×1 = 𝐃𝐃𝑁𝑁×𝑘𝑘
∗ 𝐅𝐅𝑘𝑘×1

∗ (11) 

Subsequently, the equivalent load 𝐅𝐅�  can be 
calculated from F*, and eventually the overall 
response of the structure can be derived by 

𝐳𝐳𝑛𝑛×1 = 𝐃𝐃𝑛𝑛×𝑛𝑛𝐅𝐅�𝑛𝑛×1 (12) 

3 Numerical simulation and 
discussion of results 

Two numerical models, including a simply 
supported beam and a cantilever beam, are used to 
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verify the proposed approach. The detection 
results with and without reconstruction will be 
demonstrated separately, while the influence of 
measurement noise is detailed. 

3.1 Simply supported beam 

The simply supported beam is 30m in length, and 
the cross-section is a square with a side length of 
0.3m. Corresponding FEM is divided into 15 
sections with two meters per unit. Only the vertical 
forces are considered. The schematic diagram of 
the bridge is shown in Figure 1. 

It can be seen from Figure 1 that the displacement 
gauges are uniformly installed at 4m, 14m and 24m 
of the bridge. The damage was simulated as a 
discount of the unit stiffness, pre-set at the 6th unit. 
Two different damage conditions of 5% and 20% 
were set respectively. A uniform vertical load of 
0.67kN/m was applied at the 2m-8m of the 
structure. 

3.1.1 Deflection reconstruction using measured 
data based on PCA theory 

Applying the mentioned method to reconstruct the 
displacements, it is first necessary to obtain the 
displacement influence line matrix of the structure. 

In each FEM computation, a vertical unit force is 
applied to a node, and then, the deflections of 
each node are computed. After 16 times of FEM 
computation, the required influence line matrices 
are obtained (the influence lines-composed 
matrices of deflection D is 16 × 16 matrix). 

Then we apply the PCA reconstruction algorithm 
to calculate the reconstruction results under 
different damage cases, as shown in Figure 2. 

The maximum relative errors of the 

reconstructed response with respect to 

damage were calculated to be 0.76% and 

0.72% for the structure at 5% and 20% 

damage, respectively. 

Those two curves in Figure 2(a) of responses 

are almost overlapping, which demonstrates 

that more damaged state information is 

contained in the reconstructed response.

Figure 1 Sensor arrangement diagram and FEM cell division 
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Figure 2 (a) Comparison of FEM calculation with 
damage and reconstructed results, (b) Comparison 

of FEM calculation of intact structure and 
reconstructed results, (c) Comparison of FEM 
calculation of intact structure and damaged 

structure 

3.1.2 Damage identification results 

Figure 3 Damage identification results:(a)5% 
stiffness reduction, (b)20% stiffness reduction 

From Figure 3, we find that the identification 
method based on displacement sensitivity is in 
general acceptable, and the difference between 
the recognition results of undamaged and 
damaged units are clear and easy to distinguish. 
The recognition error at 10% damage is 25.97%. 
error is 25.97%; with the increase of damage 
degree, the existence of damage is more and more 
easily detected, and the accuracy of the 
recognition result is improved, which is in line with 
the actual engineering. 

However, it can be seen that damage was also 
identified in cell 7 (adjacent to the pre-set damaged 
cell) with a large value. This may be due to the fact 
that the displacements of the simply supported 
beam are too large at the mid-span, and once the 
damage occurs in the structure, the displacement 
discrepancies at the mid-span are the largest. 
Hence, the damage identification at the location 
near the span center near the damage will be 
incorrect.  

The errors at other locations may be caused by the 
fact that the least squares method used in solving 
for the damage coefficient is an approximate 
solution and therefore has an effect on the results. 

3.1.3 Influence of measurement noise 

In practice, measured data inevitably carry noise. 
Here, the influence of measurement noisy is 
discussed. The loading condition is still those in 
Figure 1. The random noise is added by the 
following formula: 

𝐳𝐳𝑚𝑚𝑚𝑚𝑎𝑎𝑚𝑚𝑚𝑚𝑟𝑟𝑚𝑚 = 𝐳𝐳𝐹𝐹𝐹𝐹𝐹𝐹 × (1 ± 𝑒𝑒) (13) 

where 𝐳𝐳𝑚𝑚𝑚𝑚𝑎𝑎𝑚𝑚𝑚𝑚𝑟𝑟𝑚𝑚 is the noised measurement, 𝐳𝐳𝐹𝐹𝐹𝐹𝐹𝐹 
is the exact FEM-computed responses, e is a 
percentage presenting the noise level, and the sign 
of e is randomly selected.
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Figure 4 Reconstructed displacement with noisy 
data:(a)5% noise level, (b) 10% noise level, (b) 20% 

noise level, 

In actual engineering, the noise level is difficult to 
estimate. Numerical simulations cannot fully 
simulate the actual noise conditions. This section 
comprehensively examines the quality of the 
algorithm using 5%, 10%, and 15% levels of noise, 
respectively. 

The damage identification is not satisfactory when 
the structure contains 5% stiffness discounting, so 
a 20% stiffness discounting condition is used when 
discussing noise effects. 

The following shows the reconstruction results 
under noisy conditions. 

As can be seen from Figure 4, when the 
environment contains noise, the measured data 
immediately exhibit instability, and the full-bridge 
response reconstructed with such data (under the 
condition that only three sensors are available) 
contains a large error. In this case, the 
reconstructed data contains both structural 
damage and environmental noise. 

Then we use the reconstructed data as above for 
damage identification. Non-negligible damage 
parameters were obtained at almost all locations 
on the structure. The relative errors in the 
identification of damage unit are shown in the 
following Table 1. 

It shows that the robustness of this algorithm is 
quite low under high noise conditions. However, 
the damage can still be roughly discriminated 
under low noise conditions. 

Table 1 Relative error of identification results with 
noisy data 

Noise level 5% 10% 20% 

Relative 
error 19.17% 87.93% 101.64% 

3.2 Cantilever beam 

The cantilever beam is 10m in length, and the 
cross-section is a square with a side length of 0.2m. 
Corresponding FEM is divided into 10 sections with 
1 meter per unit. Only the vertical forces are 
considered. The schematic diagram of the bridge is 
shown in Figure 7. 

It can be seen from Figure 7 that the displacement 
gauges are uniformly installed at 3m, 6m and 9m of 
the bridge. The damage was simulated as a 20% 
discount of the unit stiffness, pre-set at the 8th unit. 

The results of response reconstruction and damage 
identification are shown in the following. 

Figure 5 Comparison of FEM calculation with 
damage and reconstructed results 

It can be seen that the reconstruction algorithm is 
still valid for different structural forms, and the 
reconstruction results contain damage. 

Figure 6  Damage detection result 
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Similar to the simply supported beam, the 
identification results of the cantilever beam show a 
certain degree of disturbance near the free end 
(where the displacement is the largest). However, 
because the structural system is slightly more 
complex than that of the simply supported beam, 
the connection between the unit near the fixed end 
and the unit near the free end is weak, and the 
damage at the fixed end is less likely to be 
misidentified. In general, significant damage 
coefficients can be obtained in the damage cell, but 
the values vary widely, which may be brought 
about by the least-squares solution equation. 

4 conclusion 
This paper is based on static response 
reconstruction for damage localization and 
quantitative identification of damage degree of 
structural members, and the damage factor of 
members is solved by using the established 
sensitivity matrix as a function of structural 
deformation, and it is verified by numerical 
calculations. The following conclusions were 
obtained: 

(1) The reconstruction algorithm applied in this
paper can effectively reconstruct the structural
response without losing damage information and is 
robust to noise.

(2) The damage identification method based on
static response reconstruction proposed in this

paper can basically complete the damage 
localization and quantitative identification of 
damage degree under the condition of low noise. 
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Abstract 
Structural Health Monitoring applications are receiving more and more attention nowadays. The 
epidemic problem with these evaluations is their high cost. For applying them to structures/ 
infrastructures with a low budget of SHM evaluations, low-cost sensors must be taken into account. 
However, low-cost accelerometers have higher noise density ratios which affect their accuracy and 
resolution. Using filters or post-processing methods alters the acquired information of the 
accelerometers. This article aims to enhance the accuracy and resolution of low-cost sensors by 
improving and controlling the spectral noise level through active noise improvement. This 
improvement is studied in this paper and supportive laboratory experiments have been illustrated. 

Keywords: low-cost sensors; accelerometers; data acquisition; structural health monitoring; 
arduino. 

1 Introduction 
 Structural Health Monitoring systems are 
composed of sensors that measure the structural 
response (such as accelerations, rotations, strains 
or deflections) over time. This information can be 
used to estimate changes in the structural 
performance of infrastructures [1][2]. The time 
variation of some environmental factors (such as 
temperature or humidity) that could produce crack 
opening, rotations, settlements, corrosion and 
other pathologies is so slow that they can be 

considered as quasi-static or static [3][4]. On the 
other hand, some events (such as the wave 
response due to earthquake ground motion, 
traffic-induced vibrations or ambient activities) 
surely need to be accounted for the dynamic 
nature of the structural response they induce. To 
observe and control them, dynamic SHM Systems 
are required [5][6]. The modal parameters needed 
for SHM application are mostly acquired by 
accelerometers [7]. 

MEMS sensors are silicon-based micromachined 
devices that traditionally incorporate an 

1280

mailto:ahmad.alahmad@estudiantat.upc.edu
mailto:jose.turmo@upc.edu
mailto:Joseantonio.lozano@uclm.es


IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

accelerometer sensor and a signal conditioning 
circuitry [8][9]. The low-cost MEMS accelerometers 
have found their way to various industrial 
applications due to their significant on-going 
technology developments. Some of these 
accelerometers offer low-cost alternatives 
compared with traditional applications [10][11]. 

Information on various MEMS accelerometers 
from various structural health monitoring 
applications is summarized in Table 1. This Table 
has been ordered by the price of the 
accelerometers. 

Table 1. Summary of the characteristics of the accelerometers commonly used in the literature 

Nº1 Name2 Price (€)3 Spectral noise  

(µg/√Hz)4 

Operation 
Temperature 

 (Cº)5 

Accelerometer 
Type  

1 3713B112G 
[12] 

2070.0 22.90 [-54, +121] Triaxial 

2 3711B1110G 
[14] 

870.0 107.90 [-54, +121] Uniaxial 

3 ADXL335 [16] 10.7 300.00 [-40, +85] Triaxial 

4 LIS344ALH 
[18] 

12.0 50.00 [-40, +85] Triaxial 

5 MPU9250 [20] 5.8 300.00 [-40, +85] Triaxial 

6 MPU6050 [22] 5.4 400.00 [-40, +85] Triaxial 

7 ADXL335 [16] 10.7 300.00 [-40, +85] Triaxial 

8 LIS344ALH 
[18] 

12.0 50.00 [-40, +85] Triaxial 

9 MPU9250 [20] 5.8 300.00 [-40, +85] Triaxial 

The analysis of Table 1 that low-cost sensors 
generally have higher noise density. This high noise 
density results in a lower resolution in comparison 
with expensive MEMS accelerometers. 

Arduino is an open-source electronics platform 
based on easy-to-use hardware and software. The 
Arduino Due (Fig.1) is a microcontroller board 
based on the Atmel SAM3X8E ARM Cortex-M3 CPU. 
It is the first Arduino board based on a 32-bit ARM 

1 Sensor number. 
2 Sensor name. 
3 Sensor price: the prices are obtained from retailers (VAT excluded). 
4 Spectral Noise: the power spectral density of noise per unit of bandwidth (1 Hz). 
5 Operational temperature: temperature range where the sensor works accurately. 

core microcontroller. It has 54 digital input/output 
pins (of which 12 can be used as PWM outputs), 12 
analog inputs, 4 UARTs (hardware serial ports), an 
84 MHz clock, an USB OTG capable connection, 2 
DAC (digital to analog), 2 TWI, a power jack, an SPI 
header, a JTAG header, a reset button and an erase 
button. Unlike most Arduino boards, the Arduino 
Due board runs at 3.3V. The maximum voltage that 
the I/O pins can tolerate is 3.3V. Applying voltages 
higher than 3.3V to any I/O pin could damage the 
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board [24].  In fact, many of the MEMS sensors can 
interact directly with an Arduino microcontroller 
[25]. Sensors 2 to 6 from Table 1 are low-cost 
MEMS accelerometers. They need an external 
power supply and could work with Arduino. The 
use of the low-cost sensors in the literature is 
mostly dedicated to projects with low frequencies 
and strong acceleration amplitude 
[26][20][17][19][21][23] as they do not have 
enough resolution to read low amplitude 
acceleration.  

The literature review shows no solutions for 
improving the resolution of low-cost 
accelerometers. In this paper, the increasing 
number of aligned accelerometers located in the 
same location for measuring the same vibration is 
beneficial. In fact, individual sensors' individual 
noise density can better be detected by a Fast 
Fourier Transformation (FFT) when the average 
results of a few sensors are evaluated [27][28][29]. 

To validate its performance on laboratory 
conditions, a few accelerometers (MPU9250) were 
aligned and tested on a hydraulic jack. The jack 
induced low-amplitude vibrations, and the 
increasing benefit of accelerometers for decreasing 
the noise density of the whole system was 
evaluated [30][31–35]. 

This paper is organized as follows: Firstly, in Section 
2, the proposed system for validating the proposed 
theory is introduced. Secondly, in Section 3, the 
laboratory test is used to validate the proposed 
methodology, and the obtained results are detailed. 
Finally, the main conclusions are drawn in Section 
4.  

2 Acquisition system 
In this section, the used equipment for making a 
vibration acquisition system is illustrated. 

A few MPU9250 accelerometers were attached to 
an Arduino by a multiplexer. It is essential to report 
that although the sensors are not synchronized, the 
lag is known[36–39].  

The Arduino executes codes one line at a time. 
When the code is executed, the Arduino opens the 
library and uses the information to get the 
acceleration from the first sensor, and after the 
second one, and so on. The lag between each 

sensor-print is about 2.2 milliseconds. As the lag is 
known, the average of the measurement 
(information given by CHEAP) can also be located 
in time.  

In a nutshell, CHEAP is working with the average 
value of the sensors. This lag would not interfere 
with the needed information or the process as the 
FFT application, which is the heart of this system, 
and only requires amplitudes and frequency 
sampling.  The frequency sampling is the number of 
acquired outputs in one second.  

3 Laboratory test and results  
This section illustrates the resolution and accuracy 
of CHEAP in laboratory conditions. For validating 
the beneficial effect of using several sensors, an 
experiment on a hydraulic jack was performed. A 
sinus signal has been programmed with a dynamic 
jack, and the accelerometer had saved the 
vibrations. This jack can vibrate its lower jaw as was 
programmed. The hydraulic jack's instructions 
were to make a wave with a fixed frequency of 0.5 
hertz (one complete wave in two seconds). The 
jack's movement was to go up to 0.1 millimeters up 
and -0.1 millimeters down from its null axis to make 
a sinus wave. With an elementary two-time 
differential, the acceleration equation could be 
calculated. 

𝑦𝑦 = 𝑑𝑑 ∗ sin (𝜔𝜔 ∗ 𝑡𝑡 + 𝜑𝜑)      (1) 

𝜔𝜔 = 2 ∗ 𝜋𝜋 ∗ 𝑓𝑓          (2) 

    In the above equation, y is the displacement in 
time t, d is the maximum allowed movement of the 
jack in each cycle, 𝝎𝝎 is the angular frequency, and 
f is the set frequency, which equals to 5Hz, and 𝝋𝝋 
is the phase constant. By putting all the data in the 
Eq.3, the Input Acceleration (IA) was calculated as 
0.1006 g*10-3 m/s2. 

𝑎𝑎 = 𝑑𝑑2∗𝑦𝑦
𝑑𝑑𝑡𝑡2

= �̈�𝑦 = −𝑑𝑑 ∗ 𝜔𝜔2 ∗ sin (𝜔𝜔 ∗ 𝑡𝑡 + 𝜑𝜑)   (3) 

3.1 Effect of the number of sensors 

In this section, the beneficial effects of adding an 
increasing number of averaged sensors are studied 
in detail. 
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In Figure 1, estimated errors obtained for a 
different number of sensors in are compared.  The 
Max and the Min in each graph represent the 
enveloped error for all the possible sensor 
selections from the five available accelerometers 
(CHEAP represents the proposed kit with five 
sensors). The results of the increasing number of 
sensors are presented in Figures 1, 1.a (one sensor), 
1.b (two sensors), 1.c (three sensors), 1.d (four
sensors). In all these figures, the horizontal axis
presents the frequency of the experiment, and the
vertical one illustrates the MA error in percentage.

The MA for 0.5 Hz is not presented in Figure 1.a and 
b because the system resolution for acquiring low 
acceleration amplitudes was insufficient.  

The analysis of Figure 1 shows that, as expected, 
the error depends to a greater extent on the 
number of sensors and the analyzed frequency. 

The experienced error for one, two, three, four and 
five (CHEAP) were at the worst-case scenario 
18.67%, 20.12%, 17.58%, 8.17%, and 1.55% 
respectively. Therefore, it can be concluded that 
lower errors are obtained when the number of 
accelerometers is increased, especially on the tests 
with lower acceleration amplitude (less than 0.4 
milli-g). Results in Figure 1 also show that the part 
of the experiment which had the lowest frequency 
(0.5 Hz) could be considered as the most important 
one for the following reasons. Firstly, the highest 
experienced error appears there. Secondly, the 

lowest acceleration amplitude (0.1022 milli-g) is in 
this part of the experiment. In a nutshell, locating 
this low-level acceleration amplitude (MA) from 
the FFT evaluation was an opportunity to compare 
the resolution and accuracy of CHEAP with a 
different number of sensors.  

a) b) 

      c) d) 

Figure 1. Estimated measured amplitude acceleration (MA) error for different number of sensors: one 
sensor (a), two sensors (b), three sensors (c), four sensors (d) 
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For a single MPU9250 accelerometer, the 
resolution for this part of the experiment was not 
enough. The resolution of the kit with a single 
accelerometer appeared to be at least 0.19 Milli-g. 
The amplitude of the needed signal was less than 
this resolution. As a result, finding and reporting 
this signal from the FFT output was not possible. 
The resolution for the kit of sensors with two 
MPU9250 accelerometers was not entirely clear 
either. This resolution was at least 0.13 milli-g, 
which is still 0.03 milli-g higher than the value of the 
captured signal. The resolution for the kit of 
sensors with three MPU9250 was about 0.10 milli-
g. As a result, finding the amplitude of this part of 
the experiment was still impossible. The analysis of 
the same experiment with four MPU9250 
accelerometers shows that the resolution of the 
system is slightly less than 0.08 Milli-g. This 
resolution enabled locating the needed signal from 
the FFT output diagram possible. This test reports 
the MA of the signal as 0.10384 Milli-g, which has a 
3.22% error from the IA.  On the other hand, the 
analysis the kit of sensors with five MPU9250 
(CHEAP) provides a resolution of around 0.06 Milli-
g. In addition, it was deducted that CHEAP had an 
error of 1.55% from the IA. 

In a nutshell a kit of sensors with five MPU9250 
(CHEAP) has a sampling frequency of 85Hz and a 
resolution of 0.06 Milli-g. 

4 Conclusions 
In order to determine maintenance applications, 
minimizing the reparation costs, and guaranteeing 
the safety of the structures, Structural Health 
Monitoring (SHM)systems are required. For 
applying the SHM application to structures with a 
lower budget for assessing their health state a 
novel method for enhancing the accuracy of low-
cost accelerometers is presented in this paper. 

Adding an increasing number of averaged sensors 
is investigated to have beneficial effects on the 
resolution and accuracy. It was seen on an 
experiment with a frequency of 0.5 Hz that a kit of 
sensors with four MPU 9250 had a resolution of 
about 0.08 Milli-g while with five accelerometers 
(CHEAP), the resolution became around 0.06 Milli-
g.  

As the conclusion, the low resolution and high 
noise density of low-cost accelerometers can be 
solved by the proposed methodology. Further 
research for implementing this idea on bridges and 
structure is needed. 
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Abstract 
Bridges can be considered one of the most critical infrastructures of any country. Subsequently, 
their health state assessment is of great importance. However, durable monitoring of bridges can 
be highly costly and time-consuming. In addition, the current Structural Health Monitoring 
applications are only applicable to individual structures with a high budget for their health 
assessment. For a long-term economic evaluation of bridges, low-cost sensors are currently being 
developed for SHM applications. However, their resolution and accuracy are not yet suitable for 
structural system identifications. For that, a novel accelerometer based on Arduino technology is 
introduced in this work. Experiments show that this accelerometer has a better resolution. 
Illustrated test results of this paper on a frequency range of 0.5 to 8 Hz validate the performance of 
the proposed accelerometer. 

Keywords: low-cost sensors; arduino due; accuracy and sensibility; structural health monitoring; 
mpu9250. 

1 Introduction 
Civil structures and infrastructures could be 
considered as the main foundation of present 
modern society and, hence, their soundness is of 
utmost importance. However, the reports of ASCE 
infrastructure grades shows that in the United 
States: (1) 9.1% of all the bridges are not 
structurally efficient, (2) 188 million trips are taken 
every day over these deficient bridges, (3) The 

average age of bridges is 43 years old [1]. 
Monitoring and evaluating the health state of these 
structures are required for the maintenance 
applications, for minimizing the reparation costs 
and, eventually, for guaranteeing infrastructure 
safety [2][3]. Structural Health Monitoring (SHM) 
applications provide information on the state of 
structures, their functioning and their structural 
response. As pointed out by many scholars (see, e.g. 
[4]), SHM can be used to calibrate structural 
models of real structures (digital twins) that mimic 
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the infrastructure performance to assess the 
decision-making process during the maintenance 
phase [5]. Most of the existing SHM applications 
use commercial accelerometers [6][7]. 

 Accelerometers are force-sensors attached to a 
seismic mass. When vibration is induced, this mass 
applies a specific force, which is proportional to the 
measured acceleration [8][9], and an electrical 
signal is obtained as a result [10].  

Information on different available accelerometers 
from various structural health monitoring 
applications is summarized in Table 1. This Table 
has been ordered by the price of the 
accelerometers. 

The analysis of Table 1 shows a significant 
difference in sensor costs. The price of the most 
expensive sensor (356B08) is 298 times higher than 
that of the cheapest one (MPU6050). The cost of 
the accelerometers is precisely stated by scholars 
(see, e.g. [10]) as one of the main limitations for the 
practical application of SHM analyses. The price of 
acceleration acquisition methods is not limited to 
the accelerometers as they might include 
additional devices (such as real-time controller, 
data acquisition software, and workforce for data 
analysis).  

Table 1. Summary of the characteristics of the accelerometers commonly used in the literature 

Nº1 Name2 Price (€)3 
Acceleration 

range (g)4 

Spectral 
noise 

(µg/√Hz)5 

Operation 
Temperature 

(Cº)6 

Structural 

Type7 
Type 8 

1 356B08  1610.0 ±50.0 40.00 [-54, +77] Bridge Crane [11] Tri, P 

2 356B18  1300.0 ±5.0 11.40 [-30, +77] 
Motorbike 

Speedway Stadium 
[13] 

Tri, P 

3 393B12  820.0 ±0.5 1.30 [-54, +82] Historical Masonry 
Structures [14] Uni, P 

4 393A03  710.0 ±5.0 2.00 [-54, +121] Brick Masonry 
Constituents [15] Uni, P 

5 ADXL335 10.7 ±3.6 300.00 [-40, +85] Bridges [16] Tri, M 

6 LIS344ALH 12.0 ±2.0 50.00 [-40, +85] Steel beam [17] Tri, M 

1 Sensor number. 

2 Sensor name. 

3 Sensor price: the prices are obtained from retailers (VAT excluded). 

4 Acceleration range: the maximum acceleration amplitude capacity of the sensors. 

5 Spectral Noise: the power spectral density of noise per unit of bandwidth (1 Hz). 

6 Operational temperature: temperature range where the sensor works accurately. 

7 Structural type: where the sensors are used. 

8 Type: Uni stands for uniaxial, Tri for triaxial, P for piezoelectric and M for MEMS (uniaxial accelerometers are only capable of sensing 
vibration from one axis, while triaxial ones can sense vibrations from all of the directions). 
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7 MPU9250  5.8 ±16.0 300.00 [-40, +85] Steel Pile and 
Column [18] Tri, M 

8 MPU6050 
[19] 5.4 ±16.0 400.00 [-40, +85] Building Model [20] Tri, M 

The analysis of Table 1 shows a significant 
difference in sensor costs. The price of the most 
expensive sensor (356B08) is 298 times higher than 
that of the cheapest one (MPU6050). The cost of 
the accelerometers is precisely stated by scholars 
(see, e.g. [21]) as one of the main limitations for the 
practical application of SHM analyses. The price of 
acceleration acquisition methods is not limited to 
the accelerometers as they might include 
additional devices (such as real-time controller, 
data acquisition software, and workforce for data 
analysis).  

Arduino is a low-cost, easy to use, and open-source 
electronic prototyping platform which can be 
connected to the majority of analog, digital sensors 
[22]. The main advantage of using this type of 
microcontroller is the fact that the Arduino 
platform and microcontroller rely on a very active 
developer and user community [23]. The use of 
low-cost accelerometers in the literature was 
mostly dedicated to projects with strong motions 
and low frequencies [23] as they were not accurate 
enough to compete with traditional 
accelerometers on low acceleration ranges. 

The literature review shows that no low-cost 
solutions are available to measure low 
accelerations with high accuracy that could be 
compared with traditional commercial sensors. To 
fill this gap, this paper develops a Cost Hyper-
Efficient Arduino Product (CHEAP). This set is 
composed of five MPU9250 accelerometers 
controlled by an Arduino Due. The main novelty of 
this solution is its ability to increase the resolution 
and accuracy of the individual accelerometers by 
replicated measurements at the same time leading 
to a final averaged result with a higher measuring 
accuracy. To validate its performance on laboratory 
conditions, the CHEAP kit was compared with two 
piezoelectric sensors (393A03, 356B18) with low 
noise densities used as a control. In this test, 
dynamic movements with low range amplitudes 

and frequencies ranging from 0.5 to 8 Hz were 
tested. This test was done to compare the accuracy, 
resolution, and error of CHEAP with traditional 
expensive sensors. Although an acquisition system 
with 12 channels of 393A03 sensors is 14 times 
more expensive than an acquisition system with 12 
sets of CHEAP, CHEAP works better on low 
frequency and low amplitude accelerations 
compared with 393A03. 

This paper is organized as follows: Firstly, in Section 
2, two piezoelectric sensors as the control systems 
are introduced together with their needed 
equipment. Then, CHEAP is fully explained and 
presented. Secondly, in Section 3, the laboratory 
test is used to validate the proposed methodology, 
and the obtained results are detailed. Finally, the 
main conclusions are drawn in Section 4.  

2 Signal acquisition and processing 
system 

In this section, the characteristics of CHEAP and 
control accelerometers are introduced. Moreover, 
the needed equipment for each sensor is reviewed 
together with their setting up protocol. 

2.1 Control systems description 

In this section, the main characteristics of the signal 
acquisition and processing system of two famous 
piezoelectric sensors are detailed. The acquisition 
equipment is presented as follows:(1) cRIO-9064: 
Embedded real-time sound and vibration input 
module controller that provides up to 12 channels 
[24], (2) NI9234, four-channel dynamic signal 
acquisition module that incorporates integrated 
electronic piezoelectric signal conditioner for 
accelerometers [25]. The needed power for the 
real-time controller was supplied through a 
constant current power supply. The signal 
conditioner, together with this power-supply, 
assured the constant current excitation to the 
sensors required for proper operation [15].  The 
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program used for data acquisition was able to 
record the acceleration time-history from the two 
connected accelerometers simultaneously [15]. 
The bestowed program was created using  NI 
LabVIEW 2016  [26].    

Two individual piezoelectric accelerometers 
(393A03, 356B18) were connected to the 
introduced acquisition equipment for reporting 
separated readings. The sensor 393A03 was chosen 
for its low noise density. Consequently, it is used as 
a comparison benchmark for CHEAP. This sensor is 
a uniaxial piezoelectric accelerometer with a 
sensitivity of 1000 mV/g with a proof mass of 210 
grams [27]. On the other hand, the sensor 356B18 
is a triaxial piezoelectric accelerometer that has the 
same sensitivity and a frequency range as low as 

393A03 with a proof mass of 25 grams [28].  
Although the 356B18 has a higher noise density 
compared with 393A03, it was used as the second 
reference point for CHEAP. This second reference 
point was used because it was thought that CHEAP 
may not be able to provide data as accurate as 
393A03. Although 393A03 has a noise density of 2 
µg/√Hz, the accelerometers which are used to 
make CHEAP have each a noise density of 300 
µg/√Hz. The rest of the characteristics of both 
sensors are listed in Table 1 (sensors 9 and 4, 
respectively).  

Acquisition system of the two studied 
accelerometers can be seen in Figure 1.a. The used 
accelerometers and their positioning in the 
laboratory tests are illustrated in Figure 1.b. 

2.2 Cost Hyper-Efficient Arduino Product 
(CHEAP) 

In this section, a low-cost system is proposed for 
the accurate measurement of accelerations. 
Instead of using the results of a single sensor, this 
approach averages the results of five similar low-
cost MEMS accelerometers in order to amend the 
noises, improve the resolution, and lower the 
sensitivity of these. This number of sensors was 
finally selected by the experiences learned from 
the analyzed structures in the frame of the present 
research.  

CHEAP is composed of the following elements: 

(1) Microcontroller: for this project, Arduino due
has been selected among many others provided
because, firstly, it can provide a reasonable amount 
of memory to upload complicated codes. Secondly,
it has a faster clock speed (84MHz) of
communication compared with other alternatives.

(2) Accelerometers: the reason why MPU9250 was
chosen for CHEAP is the fact that this one is the
newest among those that were presented in Table
1, has a reasonable price, uses less energy
compared with MPU6050 with less noise density
and has a better range of frequency in comparison
with LIS344ALH and ADXL 335 especially on low-
frequency signals.

(3) Multiplexor: MPU9250 uses the inter-
integrated circuit (I2C) protocol for communicating
with the Arduino [29]. I2C allows multiple “slave”

 (b) 

 (b) 

Figure 1. Control systems: (a) Data acquisition 
system for piezoelectric accelerometers and (b) 

positioning of the accelerometers. 
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digital integrated circuits (Sensors) to 
communicate with one or more “master” chips 
(Arduino). Each one of the sensors is introduced 
into the Arduino with a different address. On this 
application, five similar addressed MPU9250 
(Figure 1.b) have been used. The Arduino needs a 
different address for each connected component 
to its I2C port to interact and control the sensor. A 
multiplexer (TCA9548A) was used to change the 
address of similar sensors.  The multiplexer has 
eight bi-directional switches that are controlled by 
the I2C bus. For introducing each sensor in the 
Arduino platform, only the address of this 
multiplexer and the occupied channel by the 
sensor on the multiplexer is required [30].  

After the hardware setting up was finished, a code 
was written on the Arduino platform, which gets 
the acceleration from all five of the accelerometers 
(MPU9250) simultaneously.  

 The streamed data of Arduino Due was saved into 
a PC using Python.  

The process of data acquisition is as follows: (1) 
Uploading the written code to the memory of the 
Arduino microcontroller from the Arduino platform. 
(2) Connecting all the sensors and the multiplexor
to the Arduino. (3) Connecting the Arduino USB
port to the computer activates the sensors. (4)
Acquiring data by executing the code written in
Python by the computer.

3 Laboratory test and results  

This section illustrates the resolution and accuracy 
of CHEAP in laboratory conditions. Firstly, the 
laboratory test performed is described. Then, the 
results obtained from the carried-out experiments 
are presented and discussed.  

3.1 Laboratory test 

In this section, the equipment and test setup for 
producing the input acceleration time-waves are 
presented. In these tests, the acceleration 
recorded by the CHEAP were compared with those 
obtained by the control systems. These tests were 
carried out on the servo-hydraulic fatigue testing 
machine (INSTRON 8803 [10]) located at the 
Structural Laboratory Lluís Agulló of Technical 
University of Catalonia (Spain). This jack was 
programmed using WaveMatrix2 Dynamic 
Software [10].  

 Altogether 9 experiments were launched. Their 
characteristics are summarized in Table 2. In Table 
2, the set frequencies of performed tests, input 
amplitude during each part of the test, and the 
number of performed cycles are presented. In this 
Table, IF is the Input Frequency, and IA is the Input 
Acceleration Amplitude. IF and IA are expected to 
be recorded by the accelerometers. In this Table, 
the number of cycles was chosen to ensure that 
each experiment had the same data length for 
post-processing evaluations.  

The sampling frequency of the CHEAP kit was fixed 
on 85Hz due to the speed capacity of Arduino. The 
sampling frequency for the two control systems 
was fixed to the same frequency for comparison 
purposes. 

In this paper, after getting the saved signals from 
the accelerometers, they have been fed to the FFT 
assessment method.  

3.2 Results and discussions 

In this section, firstly, the frequencies and 
amplitudes obtained by the different sensors 
(CHEAP, 393A03, 356B18) are compared. Finally, 

Table 2. Characteristics of introduced Waves 

Introduced 
Frequency 0.5 1 2 3 4 5 6 7 8 

Introduced 
Acceleration 
amplitude 

0.1006 0.4024 1.6097 3.6219 6.4389 10.061 14.4874 19.7191 25.755 

Test number 1 2 3 4 5 6 7 8 9 
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the price comparison of the different measuring 
systems is presented. 

3.2.1 Accuracy and resolution of CHEAP 

By comparing the final results of the CHEAP with 
those of the control systems acquired is studied in 
this section. Furthermore, the errors of their 
reported data from the input frequencies and 
acceleration amplitudes are reported in this 
section. Finally, the better functionality of CHEAP 
compared with the control sensors is shown. 

In Table 3, frequencies extracted from each of the 
acquisition systems are presented together with 
their errors from the IF (Input Frequency). In this 
Table, MF is the Measured Frequency obtained by 
the sensors. 

Table 3 shows that all the accelerometers are 
working very accurately on frequencies equal and 
higher than 2 Hz and are reporting precisely the 
input frequencies (IF). CHEAP (unlike the control 
systems) works well even for low range frequencies. 
In fact, while the control sensors were unable to 
allocate signals lower than 2 Hz, CHEAP was able to 
capture them. 

In Table 4, amplitudes extracted from the 
accelerometers for the Z-axis, together with their 
errors from the IA (Input Acceleration), are 
presented. In this Table, MA refers to the 
Measured Acceleration amplitudes by the sensors.  

The analysis of Table 4 shows that for those 
accelerations whose value was lower than 25.5, 
Mili-g CHEAP worked better than the 356B18. For 
the accelerations whose amplitude was lower than 
14.5 Milli-g, CHEAP worked better than the 393A03. 
These data clearly show that CHEAP was able to 
compete with the two control systems. This Table 
also illustrates how the performance of CHEAP is 
especially interesting for small amplitudes.  

4 Conclusions 
Structural health Monitoring systems usually 
require costly sensors and equipment. This issue 
was a very significant drawback because the 
majority of structures were not economically 
eligible to go through SHM evaluations. To solve 
this issue, in this paper, a Cheap Hyper-Efficient 
Arduino Product (CHEAP) to record accelerations 
was introduced to decrease the cost of the SHM 
applications. CHEAP consists of five MEMS 

Table 4. Frequency extracted from the acquired 
accelerometers together with their error. 

Test 
number 

393A03 

Error (%) 

356B18 

Error (%) 

CHEAP 

Error (%) 

1 - - 0.24% 

2 - - 0.07% 

3 0.02% 0.02% 0.01% 

4 0.02% 0.02% 0.01% 

5 0.01% 0.01% 0.01% 

6 0.00% 0.00% 0.01% 

7 0.01% 0.01% 0.01% 

8 0.01% 0.01% 0.01% 

9 0.01% 0.01% 0.01% 

Table 3. Amplitudes extracted from the 
accelerometers together with their error. 

IA (input wave) 

(Milli-g) 

393A03 

Error (%) 

356B18 

Error (%) 

CHEAP 

Error (%) 

0.1006 - - 1.55% 

0.4024 - - 1.45% 

1.6097 7.59% 9.09% 0.75% 

3.6219 3.51% 3.73% 1.16% 

6.4389 1.86% 1.37% 1.32% 

10.0608 1.52% 2.37% 0.59% 

14.4918 0.75% 0.53% 0.13% 

19.7191 0.43% 2.23% 1.89% 

25.7555 1.33% 0.62% 0.96% 
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accelerometer (MPU 9250), a multiplexer, and an 
Arduino Due.  

To validate the accuracy of CHEAP, its performance 
on laboratory conditions was compared with that 
of two control accelerometers (393A03, and 
356B18). The main advantage of CHEAP in 
comparison with the commercial alternatives in 
the literature is its reduced cost.  

 CHEAP and the control systems worked accurately 
in the frequency range of 2Hz until 8 Hz with no 
significant error from the input data. Although 
control systems were unable to capture 
frequencies below 2 Hz, CHEAP was able to work 
on frequencies as low as 0.5 Hz. CHEAP also 
showed a better resolution compared with the 
control systems. Besides, it was illustrated that 
CHEAP had better accuracy on low acceleration 
amplitudes. In addition, on accelerations, lower 
than 14.5 milli-g CHEAP worked more accurately 
than the 393A03 accelerometer. It is to be noted 
that until 25.5 milli-g CHEAP was working more 
accurately than the 356B18 accelerometer. The 
resolution of CHEAP was about 0.06 milli-g while it 
was noticed from FFT outputs that the resolutions 
of 393A03 and 356B18 were 0.5 and 1.6 milli-g, 
respectively. 

In a nutshell, this developed application could be 
used for structural health monitoring of typical 
structures with a low budget, which until now, 
monitoring them was not economical.  CHEAP can 
as well enable the accurate monitoring of 
infrastructures with low frequencies. Future 
research will aim to evaluate the performance of 
CHEAP in actual structures and to compare its 
behavior against other commercial systems. 
Checking the performance of cheap under higher 
frequencies and amplitudes is also envisaged. 
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Abstract 
Damping ratio is a crucial factor in assessing the vibrational serviceability of flexible large-scale 
structures such as cable-supported bridges. While the natural frequencies of structures have been 
estimated from operational modal analysis (OMA) with relatively minimal scattering, damping ratios 
have shown a high degree of scattering due to analytical uncertainty and in environmental and 
operational variations (EOV). To examine the damping ratio in context of EOVs, an automated 
damping estimation framework is applied with minimal user intervention to 2,5 years of long-term 
data acquired from a sparse continuous monitoring system. Daily and long-term fluctuations of 
damping ratios are examined. Environmental and operational factors such as temperature, wind 
environment and level of excitation are examined in context with damping ratios. The probability 
distribution of the damping ratio is also suggested based on statistical methods. 

Keywords: damping; cable-supported bridges; system identification; operational modal analysis; 
long-term monitoring; environmental and operational variations 

1 Introduction 
In wind-resistant design and dynamic analysis, 
damping ratio is one of the most important 
parameters in assessing safety and serviceability 
for lightweight structures. Phenomena such as 
vortex-induced vibrations and vehicle-bridge 
interaction are some of the examples in which 
damping ratio are used to estimate the dynamic 
response of a structure. In particular, vortex-

induced vibration has been a recurring problem for 
cable-supported long-span bridges around the 
world. Miniscule differences in modal damping 
ratios can make the difference between 
satisfactory serviceability and harmful vibrations. 
Thus, it is imperative that damping ratios of such 
sensitive structures be understood well. While past 
research on predictive damping models have relied 
on damping models derived from limited real-
world data, recent advances in the field (cite 
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spence) have shown that data-driven models can 
better illustrate the complex mechanisms at work. 
However, to properly harness the advantages of a 
data-driven framework, a large and reliable 
damping database must first be constructed. 

Advancements in sensing and computing have 
allowed easier and more efficient monitoring of 
infrastructure. With continuously declining storage 
costs, long-term monitoring on a scale not possible 
before is now trivial for structural health 
monitoring (SHM). An issue with such large 
datasets is that they inevitably contain faults that 
can distort the quality of damping estimates. Thus, 
a fault-tolerant automated operational modal 
analysis (OMA) that minimizes user intervention is 
developed and applied to long-term data from a 
long-span cable-stayed bridge. Because the bridge 
in question has a sparse accelerometer layout, a 
new clustering algorithm using density-based 
spatial clustering of applications with noise 
(DBSCAN) is developed and found to be highly 
accurate even in the presence of multiple spurious 
poles. 

2 Methodology 
The overall framework used for analysis of long-
term data is structured into three stages: pre-
processing, OMA and post-processing. 

Figure 1. Overall automated OMA process 

2.1 Pre-processing 

The pre-processing stage is comprised of 
threshold-based fault isolation (removal of weakly-
excited acceleration data and faulty data) and 
displacement reconstruction (reconstruction of 
dynamic displacement from accelerometer signals). 

2.1.1 Threshold-based fault isolation 

With long-term monitoring systems, many types of 
faults exist in collected measurement data. Such 
faults include missing values, bias, drift, gain and 
noise. While missing values, bias and drift can be 
isolated easily with signal processing, others are 
not so easy to identify. Thus, maximum correlation 
factor (MCF), a metric that represents similarity of 
signals in the frequency domain is used to isolate 
datasets containing such faults. 

𝑀𝑀𝑀𝑀𝑀𝑀(𝑖𝑖) = 𝑚𝑚𝑚𝑚𝑚𝑚�𝑀𝑀𝐶𝐶𝐶𝐶𝐶𝐶(𝑃𝑃𝑖𝑖)� ⋅ 100 (1) 

Here, 𝑃𝑃𝑖𝑖 is the power spectral density of the signal 
in channel i, Corr is the matrix of pairwise 
correlation coefficients for all channels, and MCF is 
the maximum value of the resulting matrix rows 
excluding its diagonal terms. Thus, if a channel 
possesses a relatively low MCF value, it will imply 
dissimilarity compared to other channels in the 
frequency domain. Another point to consider is 
that if a channel possesses an MCF value of exactly 
100%, it suggests that the channel is comprised of 
noise identical to another channel comprised of the 
same noise. MCF values for long-term data 
obtained from target structures were calculated 
and manually inspected. It was assessed that 
datasets with MCF values below 80% indicated the 
presence of abnormal channels. Thus, datasets that 
did not meet the threshold value of 80% were 
eliminated. 

2.1.2 Displacement reconstruction 

In time domain OMA, an assumption that the input 
is a stationary broadband white noise is required. 
However, this is not the case for many datasets 
acquired from long-term monitoring systems. Kim 
et al. [1] has already shown that displacement 
reconstruction of acceleration signals improves the 
stability and robustness of damping estimation. 
Thus, displacement is applied to the acceleration 
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data with the parameters as suggested in [2], with 
target accuracy of 0,97, target frequency set to the 
first vertical mode and with a long time-window 
size. 

In the figure above, it is observed that 
displacement reconstruction suppresses high-
frequency components while still preserving the 
peaks of structural modes without distortion. 

2.2 Operational Modal Analysis 

Natural excitation technique combined with 
Eigensystem Realization Algorithm (NExT-ERA), a 
time-domain class of OMA techniques, was used 
for damping estimation. A brief overview of the 
algorithm is given here. For a more detailed 
derivation, the readers are directed to the 
following publications. [3,4] 

2.2.1 Natural excitation technique (NExT) 

Proposed by James et al., [3] NExT shows that the 
cross-correlation of the measurement and 
reference signals satisfies the homogeneous 
motion of equation i.e., it has characteristics of an 
impulse response function (IRF) when the input 
and response are weakly stationary processes. In 
NExT, three parameters are required: number of 
FFTs for calculation of the cross-correlation 
function, data length and length of impulse 
response function. In this paper, the parameters 
suggested in literature for similar structures [5] 
were used. 

2.2.2 Eigensystem realization algorithm (ERA) 

From the IRF obtained from NExT, ERA is used to 
identify the modal parameters. In ERA, Hankel 
matrices are constructed as defined in equation (2). 

𝐇𝐇(𝑘𝑘 − 1)= (2) 

�
𝐘𝐘(𝑘𝑘) ⋯ 𝐘𝐘(𝑘𝑘 + 𝑝𝑝)
⋮ ⋱ ⋮

𝐘𝐘(𝑘𝑘 + 𝐶𝐶) ⋯ 𝐘𝐘(𝑘𝑘 + 𝑝𝑝 + 𝐶𝐶)
� 

Here, n and m are the number of measurement and 
reference channels and r and p are the number of 
block rows and columns. 

𝑌𝑌(𝑘𝑘) in the matrix is an 𝑛𝑛 × 𝑚𝑚 matrix of the cross-
correlation function calculated at a discrete time 
step k, defined in equation (3). 

𝐘𝐘(𝑘𝑘) = �
𝑦𝑦1,1(𝑘𝑘) ⋯ 𝑦𝑦1,𝑚𝑚(𝑘𝑘)

⋮ ⋱ ⋮
𝑦𝑦𝑛𝑛,1(𝑘𝑘) ⋯ 𝑦𝑦𝑛𝑛,𝑚𝑚(𝑘𝑘)

� (3) 

The constructed Hankel matrix is then decomposed 
using singular value decomposition, which can be 
used to calculate state-space realization matrices. 
The matrices are then used to calculate natural 
frequencies, damping ratios and mode shape 
vectors. In ERA, model order N, which is used to 
truncate the decomposed matrices is required as a 
parameter. Here, a relatively low system order of 
20 is used to reduce computation costs over large 
datasets. 

To identify spurious poles that are not 
representative of a structure’s state, Extended 
Modal Amplitude Coherence (EMAC) and 
Consistent Mode Indicator (CMI) were calculated 
and used for hard validation. [6] 

2.3 Post-processing 

In automated OMA, clustering is used to identify 
the modal damping ratios without user 
intervention. Density-based spatial clustering of 
application with noise (DBSCAN) was used to 
cluster the poles obtained from NExT-ERA. 
Compared to other clustering techniques such as k-
means clustering and hierarchical clustering, 
DBSCAN requires no predefined number of clusters 
or cut location of the dendrogram. Furthermore, 
other distance measures than the Euclidean 
distance may be used for DBSCAN, unlike k-means 
clustering where such non-Euclidean distances can 
prevent convergence of the algorithm. 

Because only a sparse network of accelerometers 
commonly exists for long-term monitoring systems, 
modal assurance criterion (MAC), commonly used 
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for automated modal clustering, is only minimally 
weighted in the proposed distance measure in 
equation (4). 

di,j = 𝛼𝛼
�𝑓𝑓𝑖𝑖 − 𝑓𝑓𝑗𝑗�

min�𝑓𝑓𝑖𝑖,𝑓𝑓𝑗𝑗�
+ 

(1 − 𝛼𝛼)�1 −𝑀𝑀𝑀𝑀𝑀𝑀𝑖𝑖𝑗𝑗� 

(4) 

Here, 𝛼𝛼 is a weighting value whose value is 0.9 for 
the study and 𝑓𝑓𝑖𝑖 is the natural frequency of the ith 
pole. 

In DBSCAN, two parameters are required: ϵ, the 
neighborhood search radius and minPts, the 
minimum number of points required for a core 
point. Varying values of ϵ were tested and it was 
found that a value of 0.1 provided the most stable 
clustering results. For minPts, previous literature 
suggested that 1/3 of the total number of model 
orders be used. Thus, the initial optimal minPts was 
set at 6. 

After DBSCAN clusters the poles, the remaining 
outliers beyond a range of 1.5 quartiles are 
eliminated and the median values of each cluster 
are identified as the natural frequencies and 
damping ratios. A more detailed performance 
evaluation of the proposed clustering algorithm is 
given by the authors in the following journal article. 
[7] 

3 Long-Term Damping Estimation 

3.1 Investigated Bridge and Data 

Jindo Bridge, specifically the first Jindo Bridge, a 
cable-stayed bridge located in Jeollanam-do, 
Republic of Korea, was selected as a case study. 
With a main span length of 344 m and two side 
spans of 73,79 m, it was built in 1984. In 2005, a 
twin of the first bridge was built to handle the 
increased traffic (hereafter referred to as Bridge 2). 
The Korea Authority of Land & Infrastructure Safety 
(KALIS) has managed the SHM systems, which 
records the data from a variety of sensors including 
accelerometers, GPS, anemometers, stain gauges 
and others. In this study, datasets acquired from 
January 1, 2016 to August 31, 2018 in 1-hour 
segments were used. 

Figure 2. Second and first Jindo Bridges (left, right) 

KOGL (https://www.jindo.go.kr/tour/sub.cs?m=11) 

3.2 Observed Phenomena 

3.2.1 Monthly fluctuations 

Many past studies have noted the fluctuations of 
modal parameters with the variations in seasons. 
[8,9] To better observe the fluctuations, monthly 
averages of the damping ratios were calculated. 

Figure 3. Monthly boxplots of damping ratios 

(first vertical mode) 

While there are too many environmental 
conditions that vary to make a definitive conclusion, 
this finding is inline with previous findings from 
other studies. [9] 

3.2.2 Vortex-induced vibrations 

In 2011, large vortex-induced vibrations were 
observed at Bridge 2 under wind speeds of 9.8 m/s 
to 11.5 m/s. After extensive wind tunnel tests and 
analyses, the close spacing between the similar 
bridge decks were determined to be the cause. 
[10,11] Although the structural characteristics of 
Bridge 1 is very similar to Bridge 2, there have been 
no reports of significant VIV in Bridge 1. This is 
attributed to the slightly higher damping ratio of 
Bridge 1 compared to Bridge 2, as well as 
aerodynamic differences under wind directions. 
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The wind tunnel experiments from past studies 
have indicated that in wind velocities of 12,2 to 
16,0 m/s, vortices generated from Bridge 2 would 
affect Bridge 1 downstream. Indeed, damping 
ratios estimated under such conditions were 
relatively lower when considering their high levels 
of excitation. This can be explained by the fact that 
when Bridge 1 is under VIV, sinusoidal excitations 
from vortices leads to errors in damping estimation, 
which assumes that the structure is under 
stationary loading. 

Furthermore, when Bridge 1 is under excitation by 
vortices from Bridge 2, it exhibited lower modal 
frequencies, since it was affected by wake flows 
tuned to the lower natural frequency of Bridge 2. 

Figure 4. Damping ratios under VIV 

Figure 5. Wind directions and natural frequencies 

3.2.3 Amplitude dependency 

Also apparent from Figure 4 is amplitude 
dependency, a characteristic that has been 
observed for damping in many structures. This is 
also seen in hourly fluctuations of the damping 
ratio, where it increases during daytime in which 

there are more traffic and decreases during 
nighttime with less traffic. 

After discarding damping estimates under VIV, this 
trend is seen more clearly. 

Figure 6. Hourly boxplots of damping ratios (V-1) 

Figure 7. Damping ratios w.r.t. level of excitation 

3.2.4 Statistical characteristics 

Statistical characteristics of the damping ratios 
were examined using Q-Q plot and histograms. 
Akaike information criterion (AIC), an estimator of 
the relative quality of statistical models, was used 
to quantitatively identify the best fitting model. 
While slightly different for different modes, 
lognormal distribution appears to be the overall 
best fit for damping estimates. 

Figure 8. Histogram of Damping Ratios of V-1 
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Figure 9. Histogram of Damping Ratios (V-3) 

Figure 10. Histogram of Damping Ratios (V-5) 

Table 1. AIC values of damping ratios fitted to 
different statistical distributions 

AIC Value V-1 V-3 V-5

Exponential  11410,8 11959,8 11015

Gamma  3328,2 -2664,3 -2784,7

Logistic 4520,3 -1945,3 -2224

Log-logistic 3802,6 -2472,9 -2884,4

Lognormal 3419,5 -2734,2 -2975,7

Normal 4375,2 -1968,7 -1802,4

Rayleigh 4412,7 2602,6 2328,7

Weibull 3749,3 -1640,4 -1258,3

4 Conclusions 
An automated OMA framework was applied to 
long-term data to identify long-term characteristics 
in the damping ratios. The study revealed that the 

applied unsupervised clustering algorithm using 
DBSCAN was successful in identifying the damping 
ratios even in the presence of spurious poles and 
suggested procedures in obtaining optimal 
parameters for DBSCAN. Amplitude dependency of 
damping ratios was observed with relatively low 
scattering, as well as effects of VIV and 
temperature. It is important that aerodynamic 
conditions of cable-supported bridges be well-
understood when performing OMA. Finally, 
analysis of the statistical characteristics of the 
damping ratios revealed that lognormal 
distribution is the best fit. This result is in 
agreement with past studies that have examined 
the uncertainty of damping ratios both analytically 
[12] and from long-term data [13,14].
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Abstract 
In past years, massive data has been accumulated by many bridge structural health monitoring 
systems, and various methods have been proposed to detect data anomalies to ensure the reliability 
of subsequent data analysis. However, these methods are incapable of determining if there still exist 
usable data segments in a data sequence providing a specified anomaly type has been identified. To 
address the problem, a deep learning-based multi-label classification method is proposed in this 
paper. A multi-label anomaly dataset is first constructed using monitored acceleration data of a 
cable-stayed bridge. Then, a multilabel anomaly classification model based on a convolutional 
neural network is developed and trained with the constructed dataset. The developed method 
exhibits desirable performance in simultaneously detecting the existence of both usable data and 
the other data anomalies. 

Keywords: bridge; structural health monitoring; acceleration; data anomaly; deep learning; 
multilabel classification. 

1 Introduction 
Structural health monitoring (SHM) has been 
widely accepted as a promising means to ensure 
structural safety by analyzing accumulated 
monitoring data. However, the problem of data 
quality should be first examined to ensure the 
reliability of subsequent data analysis[1]. The 

problem of data quality is mainly induced by sensor 
faults, which could result in different types of data 
anomalies in measured data. Manually inspection 
and picking are feasible to avoid these data 
anomalies given limited data to be analyzed, 
however, the method becomes extremely 
inefficient in processing massive data. Therefore, 
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intelligent and automatic methods are required in 
recognizing these data anomalies [2].  

Currently, various data anomaly detection 
methods have been investigated to process 
different types of monitoring data, especially for 
acceleration as it has higher sample frequency, 
larger data volume, and more frequent data 
anomalies. Generally, these frequent anomaly 
types include data missing, abnormal amplitude 
(e.g., minor amplitude), outlier, drift, trend, square, 
and noise, etc [3]. The majority of existing anomaly 
detection methods aim to identify the existence 
and the types of data anomalies, which can be 
further categorized into signal processing-based 
methods, statistics-based methods, machine 
learning-based methods, and deep learning-based 
methods, etc. Signal processing-based methods 
including band-pass filter, wavelet decomposition, 
blind source separation, Hilbert-Huang 
transformation, etc., are mainly used to identify 
and remove noise or outliers [4]. Therefore, they 
are insufficient to deal with the other anomaly 
types. As data anomalies would result in varied 
statistical properties in measured data, statistical 
analysis can be introduced for data anomaly 
detection, i.e., statistics-based methods [5]. 
However, although the methods have been widely 
used, misjudgments are often induced, especially 
for those data anomalies whose features are 
ambiguous. Ideally, data anomaly detection should 
be performed by well-experienced practitioners. 
To achieve the goal, machine learning-based 
methods that can learn preferences from manually 
constructed dataset are increasingly employed. 
For example, Diez et al. [6] employed k-Nearest 
Neighbors (kNN) algorithm to remove outliers and 
noisy signals in acceleration data. In addition to 
traditional machine learning methods, deep 
learning methods which are more powerful in 
pattern recognition have also been developed. Bao 
et al. [3] trained stacked autoencoders with 
acceleration images as input to automatically 
detect anomalies concerning serious sensor faults. 
In another work, Tang et al. [7] introduced 
convolutional neural networks (CNN) to classify 
sensor faults, and achieved better performance. 
Taking images as input could take the advantage of 
deep learning in image processing, however, the 
transformation of time series data into images 

introduces extra work, which is inefficient for 
massive data. To solve the problem, Ni et al. [8] and 
Mao et al. [9] developed two deep neural networks 
that are able to accept raw time series data as input, 
resulting in desirable performance in data anomaly 
detection.  

Although deep learning-based methods have 
greatly improved the accuracy of data anomaly 
detection, some problems affecting subsequent 
data analysis have still not been solved. For 
example, both normal data and anomalies would 
simultaneously exist in a given data sequence. 
However, existing methods could only classify the 
data sequence into one specified anomaly type 
which exhibits more evident features than the 
other anomaly types. If the anomaly type should be 
removed in data preprocessing, the entire data 
sequence will be abandoned, leading to mistaken 
removal of usable data. To retain usable data for 
subsequent analysis, and meanwhile, remove data 
anomalies, it is required to simultaneously 
recognize normal data as well as data anomalies in 
a given data sequence.  

To automatically and precisely identify 
simultaneously occurred data anomalies (or 
normal data) in given data sequences, the 
methodology of multilabel classification [10] is 
introduced, and a multilabel anomaly detection 
method is proposed in this paper. Central to the 
method is a manually constructed multilabel 
dataset and a multilabel anomaly classification 
model based on CNN.  

The remainder of this paper is organized as follows: 
Section 2 introduces the constructed multilabel 
dataset and the developed multilabel classification 
model; Section 3 presents the result of trained 
multilabel anomaly classification model and its 
performance evaluated in testing set; finally, the 
conclusion is summarized in Section 4.  

2 Methodology 
Various multilabel methods have been developed 
in past decades, such as KNN method, decision tree 
method, and ranking support vector machine 
method [11]. The advent of deep learning methods 
greatly improves the performance of multilabel 
classification. However, the majority of existing 
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deep learning-based multilabel classification 
methods are designed for processing data 
structures such as text [12] or images [13].  To 
enable the method in time series data of 
acceleration response to detect concurrent data 
anomalies, a new deep learning model should be 
developed. Besides, a multilabel dataset composed 
of different combinations of data anomalies, i.e., 
anomaly classes, is also required to get the model 
well-trained.  

2.1 Multilabel anomaly dataset 

2.1.1 Multilabel configuration 

As multilabel classification method has not been 
employed in processing acceleration responses 
before, a relatively simple multilabel dataset will be 
constructed here to validate its feasibility in data 
anomaly detection. That is to say, not all data 
anomaly types are taken into account when 
constructing the dataset. Instead, only 4 anomaly 
types are considered here, resulting in 5 possible 
labels attached to each acceleration data sequence. 
In addition to the label of “normal” indicating the 
existence of usable data segments in a given data 
sequence, the other 4 labels of data anomalies are 
“noise”, “minor”, “missing”, and “outlier”. The 
label of “noise” means there at least exist a period 
of data which are pure noise. Similarly, the label of 
“minor” and “missing” denotes that there at least 
exists a period of data which has minor amplitudes 
and is missing respectively. As for “outlier”, the 
label represents that one or more outliers can be 
found in a given data sequence. Each label has two 
possible values, i.e., 0 or 1. If the value assigned to 
a label is 1, corresponding data anomalies do exist 
in the data sequence, and if the value assigned to 
the label is 0, no corresponding data anomalies can 
be found.  

An anomaly type could occur either intermittently 
or permanently, thus multiple labels can be 
attached to a data sequence. To identify possible 
combinations of these anomaly types or labels, the 
data condition of a fixed-length data sequence 
should be recognized in a smaller time scale. To this 
end, a data sequence of acceleration response will 
be further truncated into four data sub-sequences, 
and then the data condition will be checked in time 
history plot of each sub-sequence and related to 

corresponding labels. Finally, the values assigned 
to each label are integrated into a label vector, 
where the value of multiple labels can be assigned 
as 1 such that the reference used in training 
multilabel anomaly classification models can be 
built.  

2.1.2 Multilabel dataset 

Based on above multilabel configuration, the 
dataset is then constructed using 8-month 
monitored acceleration data of a cable-stayed 
bridge. The duration of each data sequence is 1 
hour, and the sampling frequency is 50Hz, leading 
to 180000 data points.  

The final dataset is composed of 9310 data 
sequences. Among these 5 labels, except for 
“minor” which is exclusive to the other labels, the 
value of any two or more of the other 4 labels can 
be simultaneously assigned as 1 since different 
data conditions can be found in different data sub-
sequences. As a result, totally 8 combinations of 
anomaly labels, i.e., anomaly classes, are included 
in the constructed dataset. The time history plots 
of some typical anomaly classes are exhibited in Fig. 
1. 

(a) 

(b) 

(c) 

(d) 
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(e) 

Figure 1. Plots of some typical anomaly classes: (a) 
“normal”, (b) “normal, missing”, (c) “normal, 
outlier”, (d) “normal, noise, outlier”, (e) “minor” 

Before being included to construct the dataset, 
each data sequence will be normalized according to 
the following equation.  

𝑿𝑿𝑛𝑛 = 𝑿𝑿0−𝑿𝑿�0
𝜎𝜎(𝑿𝑿0)

 (1) 

where 𝑿𝑿𝑛𝑛 denotes a normalized data sequence, 𝑿𝑿0 
denotes the original data sequence, 𝑿𝑿�0 and 𝜎𝜎(𝑿𝑿0) 
are the mean value and standard deviation of the 
original data sequence. 

These data sequences are randomly separated into 
the training set, validation set, and testing set by 
the ratio of 0.8, 0.1, and 0.1 respectively.   

2.2 Multilabel classification method 

The multilabel anomaly classification model 
proposed in this paper is essentially a CNN 
architecture. As most existing CNN models are 
developed for image processing tasks, a new model 
that is appropriate for processing acceleration data 
should be designed. 

Figure 2. Multilabel anomaly classification model 

As can be seen from Fig. 2, the developed 
multilabel anomaly classification model is 
composed of an input layer, three one-dimension 
(1-D) convolutional layers with each of them 
followed by a bath normalization layer [14] and a 
pooling layer, a flatten layer, a fully-connected 
layer, and an output layer. The input layer accepts 

normalized data sequences as the input. Three 
convolutional layers are used to extract high-
dimension and compressed feature maps from the 
inputted data sequences. The feature maps of the 
last convolutional layer are reshaped into a feature 
vector, i.e., the flatten layer. The feature vector is 
then mapped to high-level features by a fully-
connected layer. Finally, the fully-connected layer 
is connected to the output layer where multiple 
anomaly labels can be assigned to the inputted 
data sequence.  

2.2.1 Configuration of convolution layer 

Each convolutional layer actually includes two 
types of operation, i.e., convolution, and nonlinear 
transforming. The convolution operation is 
performed by 1-D convolution filters, which are 
actually high-dimension adaptive filters to perform 
cross correlation calculations in local regions of the 
input. As a result, low-level features can be 
extracted. The properties of extracted features are 
influenced by two key parameters, i.e., the 
dimension of convolution filter and the size of 
convolution kernel. The dimension of a filter refers 
to the number of its convolution kernels. By 
configuring a high dimension, different information 
can be acquired by different kernels and in 
different channels of the feature maps. The 
dimensions of these three convolutional layers are 
respectively configured as 32, 64, and 128 here. 
The size of each 1-D convolution kernel is 
determined as 3. With a small kernel size, features 
regarding the details of data sequences can be 
captured. Meanwhile, global features can also be 
learned by configuring 3 successive convolutional 
layers as well as pooling layers, which would result 
in large receptive fields such that features can be 
extracted from a large region of input. 
Correspondingly, the convolutional stride is also 
configured as 3, that is to say, the convolution is 
performed on every 3 adjacent elements of the 
previous layer’s output without overlap. 

The nonlinear transforming operation makes the 
results of convolution nonlinear, which plays an 
important role in learning effective features for 
final classification. Among different activation 
functions, rectified linear unit (ReLU) as exhibited 
in Fig. 3 is widely used in modern deep neural 
networks due to its capability of addressing 
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problems occurring with vanishing gradients. Thus, 
ReLU is also adopted as the activation function of 
convolution layers here.  

The pooling layer aims to create a new set of down-
sampled feature maps based on the output of 
convolutional layer. In this way, the learned 
features become approximately invariant to small 
translations of the input. To achieve the goal, max-
pooling that calculated the maximum of each 8 
elements is used to perform the operation.  

2.2.2 Activation function of output layer 

In addition to convolutional layers, the other 
configurations to be determined which are 
important for multilabel classification are the 
activation function of output layer and the loss 
function. The Softmax function represented in 
Equation (2) is often used as the activation function 
of output layers in traditional single-label 
classification models. However, the function could 
only output one exclusive label as the predicted 
result, which cannot meet the requirement of 
multilabel classification. Instead of Softmax, 
Sigmoid represented in Equation (3) will be used 
here as the activation function of output layer. As a 
consequence, each element of the final label vector 
can be respectively predicted into the range of [0, 
1] as a probability, such that whether the label
should be attached can be determined.

𝜎𝜎(𝒙𝒙)𝑖𝑖 =  𝑒𝑒𝑥𝑥𝑖𝑖
∑ 𝑒𝑒𝑥𝑥𝑖𝑖𝐾𝐾
𝑗𝑗=1

  (2) 

𝑓𝑓(𝒙𝒙)𝑖𝑖 =  1
1+𝑒𝑒−𝑥𝑥𝑖𝑖

 (3) 

where 𝒙𝒙 = (𝑥𝑥1,𝑥𝑥2, … , 𝑥𝑥𝐾𝐾) ∈ ℝ𝐾𝐾, 𝑥𝑥𝑖𝑖 represents the 
𝑖𝑖th label. 

(a) (b) 

Figure 3. Activation functions used in the multilabel 
anomaly classification model. (a) ReLU, (b) Sigmoid 

2.2.3 Loss function 

Corresponding to the adaption of activation 
function, the loss function should also be modified 
as the binary cross entropy (BCE) represented in 
Equation (4) rather than cross entropy that is 
commonly used in single-label classification tasks.  

𝑩𝑩𝑩𝑩𝑩𝑩 = − 1
𝑁𝑁
∑ 𝑦𝑦𝑖𝑖 ∙ 𝑙𝑙𝑙𝑙𝑙𝑙�𝑓𝑓(𝑥𝑥𝑖𝑖)� + (1 − 𝑦𝑦𝑖𝑖) ∙𝑁𝑁
𝑖𝑖=1

𝑙𝑙𝑙𝑙𝑙𝑙 (1 − 𝑓𝑓(𝑥𝑥𝑖𝑖)) (4) 

where 𝑦𝑦𝑖𝑖  is the ground truth of the  𝑖𝑖th label, 𝑓𝑓(𝑥𝑥𝑖𝑖) 
is the prediction of the 𝑖𝑖th label, 𝑁𝑁 is the number 
of training samples.  

In addition to the above configurations, the other 
main hyper-parameters influencing the 
performance of multilabel anomaly classification 
are also determined. Specifically, the batch size is 
128, and the learning rate is 0.001.  

2.3 Evaluation metrics 

To assess the performance of developed deep 
learning model, evaluation metrics are required 
both in the training and testing process. Although 
various metrics have been proposed for single-
label classification, they cannot be directly used for 
multilabel classification models considering its 
prediction is a label vector which can be totally 
correct, partially correct, or totally false. To address 
the problem, metrics that are separately calculated 
for each label, i.e., label-based metrics, are 
adopted here. Among these metrics, four basic 
metrics are true positive (TP), false positive (FP), 
true negative (TN), and false negative (FN) [11]. 
Providing the actual value of a label for a data 
sequence is 1, if the label is correctly predicted, the 
result is a TP, or else an FN.  Similarly, if the actual 
value of a label is 0, the predicted result could be 
either a TN or an FP.  

Based on these 4 basic metrics, two metrics, i.e., 
Precision and Recall can be further defined by the 
following equations, and will also be used as the 
evaluation metrics here.  

𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃.𝑗𝑗 =  𝑇𝑇𝑇𝑇𝑗𝑗
𝑇𝑇𝑇𝑇𝑗𝑗+𝐹𝐹𝑇𝑇𝑗𝑗

  (5) 

𝑅𝑅𝑃𝑃𝑃𝑃.𝑗𝑗 =  𝑇𝑇𝑇𝑇𝑗𝑗
𝑇𝑇𝑇𝑇𝑗𝑗+𝐹𝐹𝑁𝑁𝑗𝑗

  (5) 
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where 𝑗𝑗 denotes the 𝑗𝑗th anomaly label. 

3 Result 
The multilabel anomaly classification model is 
established and implemented on the Tensorflow 
2.0 framework and Keras API in the Python 3.7 
language environment, with the NVIDIA GTX 
1080Ti graphic card to accelerate the training. The 
training process is trained for 50 epochs with an 
early stopping mechanism.  

The calculated BCEs in the training set, validation 
set, and testing set are 0.0117, 0.0373, and 0.0412 
respectively, indicating relatively small errors can 
be achieved in predicting the true values of 
multiple anomaly labels.  

The predicted results of some typical anomaly 
classes are exhibited in Fig. 4 ~ Fig. 7.  

Figure 4. Time history plot and the prediction of a 
data sequence labeled as “normal, noise, outlier” 

Figure 5. Time history plot and the prediction of a 
data sequence labeled as “minor, outlier” 

Figure 6. Time history plot and the prediction of a 
data sequence labeled as “normal, outlier” 

Figure 7. Time history plot and the prediction of a 
data sequence labeled as “noise” 

The label-based evaluation metrics calculated in 
the testing set are exhibited in Table 1, where Pre. 
denote Precision, Rec. is Recall. As can be seen 
from the table, the numbers of FP and FN are very 
limited compared with the numbers of TP and TN. 
Correspondingly, both Precision and Recall present 
large values, which could not only validate the 
feasibility of multilabel classification in data 
anomaly detection, but also indicate satisfactory 
performance can be achieved by the developed 
multilabel anomaly classification model.  

Table 1. Label-based metrics in the testing set 

Label normal noise minor missing outlier 

TP 564 207 201 122 321 

FP 11 11 3 2 10 
TN 355 712 729 811 589 
FN 7 7 4 2 17 

Prec. 0.98 0.95 0.98 0.98 0.97 
Rec. 0.99 0.96 0.98 0.98 0.95 

However, although desirable performance in 
multilabel anomaly classification can be reflected 
by these evaluation metrics, anomaly labels of 
some data sequences are still misclassified. For 
example, Fig. 8 shows the time history plot of a 
data sequence whose actual label is “noise”, yet 
the predicted labels are “minor” and “outlier”, 
which are almost irrelevant to the ground truth. To 
address the problem, the mechanism of the 
proposed method in multilabel anomaly 
classification should be understood in the future.   
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Figure 8. Time history plot and a false prediction of 
a data sequence labeled as “noise” 

4 Conclusion 
Various data anomaly detection methods have 
been proposed in past years, however, these 
methods cannot simultaneously identify the 
existence of both normal data and abnormal data. 
To address the problem, a deep learning-based 
multilabel anomaly classification method is 
developed in this paper.  

A multilabel dataset is first constructed, where 
each data sequence is assigned with one or more 
of five labels (i.e., “normal”, “noise”, “minor”, 
“missing”, and “outlier”) regarding different data 
conditions. With hyper-parameters determined, 
the multilabel anomaly classification model is 
trained and validated with the constructed dataset. 
Desirable performance in predicting the actual 
labels attached to a data sequence can be achieved 
according to the calculated evaluation metrics, 
indicating the feasibility of data anomaly detection 
through multilabel classification and the 
effectiveness of developed model. As misclassified 
cases still exist, the reason for misclassification 
should be explained, which will be left as future 
work.   
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Abstract 
Accurate vehicle load information is critical for bridge maintenance. On the one hand, traditional 
weigh-in-motion (WIM) and bridge weigh-in-motion (BWIM) have certain limitations due to their 
high cost and complicated installation. On the other hand, targetless contactless bridge weigh-in-
motion(CBWIM) is easy to install, but due to the lack of marker points and low image quality, 
resulting in poor recognition accuracy, it cannot be widely promoted. In this paper, we propose a 
novel portable vision-based bridge weigh-in-motion method(PBWIM). First, a high-precision image 
encoding system and illumination-invariant infrared target device were developed, which were 
installed at the bottom of the beam. Then, the target tracking algorithm based on improved 
geometric matching automatically identifies the target point image and calculates the actual 
displacement to obtain the deflection time-history curve. Finally, the accurate vehicle weight is 
calculated by solving the Tikhonov regularized error equation. After field tests, the results show that 
the method proposed in this paper has a greater efficiency than the CBWIM algorithm, and can 
basically achieve the recognition accuracy of the traditional BWIM, and the cost is low, which has a 
wide range of application and promotion significance.  

Keywords: bridge weigh-in-motion; object detection; vehicle load monitoring; computer vision; 
displacement monitoring. 

1 Introduction 
The accurate identification of vehicle loads plays an 
important role in the maintenance and operation 
of bridges. Traditional WIM methods require 
sensors to be installed under the road surface, 
which requires disruption to traffic and is prone to 
damage. The traditional BWIM method obtains 
information such as the wheelbase and speed of 
the vehicle on the bridge deck through the FAD 
sensor, and then combines the WS sensor to 

calculate the weight information of the vehicle 
during driving, but this method requires the 
installation of many sensors and special data 
processing equipment , higher cost. In recent years, 
with the development of computer vision, vision-
based monitoring methods have received 
extensive attention from scholars. 

At present, a considerable number of bridges are 
equipped with video monitoring systems. At the 
same time, with the development of deep learning 
technology, the detection and tracking of vehicles 
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and axles on bridges can be realized by building 
data sets and training models. Therefore, it 
becomes feasible to identify the wheelbase and 
speed of the vehicle through the video monitoring 
system and replace the FAD sensor installed under 
the bridge. 

Displacement information is an important feature 
of bridge structural response and is widely used in 
bridge structural health monitoring[1], modal 
parameter identification[2], and load identification 
tasks. Vision-based structural displacement 
monitoring has the advantages of non-contact, 
high sampling frequency, low cost, and high 
precision. Its basic principle is to calculate the 
movement information of the target in the actual 
physical space by tracking the coordinate 
movement of the target in the image sequence. 
Therefore, how to accurately detect the target is 
the key link of visual displacement monitoring. 

At present, there are mainly two methods. One is 
targetless, which is tracked by identifying the 
appearance feature points of the structure itself, 
which is suitable for scenes with obvious structural 
appearance characteristics. Another way is to have 
a target, which is used for tracking by identifying 
target points, which is mainly suitable for scenes 
with inconspicuous appearance features. However, 
in long-term monitoring conditions, it is a problem 
to be solved to ensure reliable monitoring accuracy 
under complex lighting conditions. 

The CBWIM method proposed by Orbien[3] 
calculates the weight of the vehicle by tracking the 
vibration displacement information of a single bolt 
at the bottom of the bridge, but the recognition 
accuracy is not high due to the image accuracy and 
calculation method.  

Therefore, this paper proposes a PBWIM method, 
which mainly obtains high-precision displacement 
information through specific visual coding, and 
uses Tikhonov regularization to optimize the 
original Moses algorithm to measure gross weight 
more accurately. 

2 Framework of PBWIM 
The framework of PBWIM in this paper is shown in 
Figure 1, mainly consists of three major parts. First, 
we obtain the dynamic displacement time-history 

curve of the measuring point through the vision-
based deflection monitoring system; secondly, we 
obtain the vehicle speed and axle information 
through road monitoring, and fit the theoretical 
displacement time-history curve; finally, we obtain 
the optimal vehicle axle load and gross weight by 
solving the regularized error equation. 

Figure 1. The framework of PBWIM 

2.1 Vision-based bridge deflection 
monitoring 

This paper proposes a point-distributed concentric 
circle marker called GALAXY-CODE consisting of 
circular marker points of different sizes. These 
circular marker points are divided into coding 
center point, class 1 mark points, class 2 mark 
points and coding information point according to 
size and relative position.  

As shown in Figure 2, the coding center point, class 
1 mark points and class 2 mark points are mainly 
used to solve the distance information and angle 
information, and the encoded information points 
are mainly used to record the serial number of the 
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mark, to prevent that when multiple GALAXY-
CODEs appear in the field of view, they cannot be 
distinguished from each other.  

In this way, the actual physical position change 
information is calculated by tracking the position 
information change of the GALAXY-CODE in the 
frames before and after. 

Figure 2. Sketch map of GALAXY-CODE 

2.1.1 Encoding rules 

The coordinate system of the entire Galaxy Code is 
a polar coordinate system, in which the center of 
the polar coordinate is determined by the code 
center point with the largest area, and the polar 
axis is the straight line where A and D are located; 
B and C are arranged symmetrically about the polar 
axis AD, and are located at the outermost periphery 
of the entire GALAXY-CODE, defining the maximum 
extent of the coding region. D and E are arranged 
asymmetrically with respect to B and C in order to 
determine the orientation of the plane polar 
coordinate system, and thus the target polar 
coordinate system. 

In the information point coding area, the coded 
effective information is determined by the distance 
parameter and the angle parameter at the same 
time, the coded effective capacity is determined by 
the information density parameter, and the 
boundary of the sector area is the center of the 
coded information point. Each encoded 
information point has two states of black and white, 
black represents binary 0, and white represents 1. 
In the coding area, start from the polar axis and 
scan with different radii to obtain the 
corresponding coding information and marker 
point information, complete the decoding of 
information and the calculation of distance and 
angle. 

2.1.2 Image processing algorithms 

The first step is image preprocessing, the main 
operations include image grayscale, binarization 
and Gaussian noise reduction. 

The second step is contours filtering. First, the edge 
information in the image is obtained through the 
canny operator. Then, the complex contours are 
screened out by criteria such as straight line 
elimination, least squares fitting ellipse, shape 
criterion and contour nesting, as is shown in Figure 
3. 

The third step is mark detection, which is mainly 
based on the decoding algorithm mentioned in 
2.1.1 to confirm the position and field of view of 
the mark point. 

The fourth step is decoding, mainly based on the 
actual physical information of GALAXY-CODE and 
its image information, calculating its geometric 
information (distance and angle) and encoding 
information. 

a)original complex contours b)filtered contours 

Figure 3. Counters filtering 

2.1.3 Test verification 

To test the accuracy and robustness of the 
proposed GALAXY-CODE, a set of experimental 
equipment is specially designed. At the same time, 
in the course of the experiment, it was also 
compared with the circular mark point and the 
cross mark point, which ensured that the size of the 
three kinds of marks were all 5 cm. 

The test is carried out by driving the slider with the 
marking point pattern on the slide rail controlled by 
the stepping motor (minimum sliding distance is 
0.025mm), and the industrial camera (3088*2064 
pixels) is at a distance of 5m. Shooting is carried out, 
and accurate measurement is carried out before 
shooting to ensure that the plane where the mark 
pattern is located is perpendicular to the optical 
axis of the industrial camera. At a step size of 
0.5mm stepper motor, we acquired 3762 images 
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for displacement measurement. The final solution 
results are shown in the Table 1 below. 

Table 2. Experimental data comparison 

Types Accuracy
Standard 
deviation 

Circular mark 99.4267% 0.8872 

cross mark 99.0933% 0.57214 

GALAXY-CODE 99.7333% 0.12769 

Based on the above data, we can conclude that 
GALAXY-CODE has higher accuracy and compared 
with other identification codes, it has higher 
robustness and is easier to generalize to practical 
engineering applications. 

2.2 Vehicle Tracking and Axle Detection 
Based on Road Monitoring 

In order to identify the total weight of the vehicle, 
we also need to know the axles spacing and the 
speed of the vehicle. In recent years, the rapid 
development of target detection and tracking 
technology based on deep learning makes it 
possible to obtain vehicle driving information from 
road monitoring.[4]  

a) We adopted the YOLO-v4 model for vehicles
and axles detection. YOLO-v4 is a one-stage
model, which can make predictions based on
the entire image. Compared with the two-
stage model, it has faster detection speed and
acceptable accuracy, and is widely used in the
industry.

b) The target tracking SORT algorithm based on
Kalman filter and Hungarian algorithm is used
to associate vehicles between different frames, 
which is mainly divided into two stages:
prediction and update. The SORT model only
uses the position and size of the detection
frame to estimate the motion estimation and
data association of the target, has high
accuracy in the case of less vehicle overlap,
and can estimate the speed of object motion.

c) Since the original video image comes from
road monitoring, its optical axis is generally
not perpendicular to the ground. It needs to
be corrected by projection transformation to
obtain a vertical view, and the image

coordinates can be mapped to real world 
coordinates. 

�
𝑥𝑥
𝑦𝑦
1
� = �

𝑎𝑎1 𝑎𝑎2 𝑎𝑎3
𝑏𝑏1 𝑏𝑏2 𝑏𝑏3
𝑐𝑐1 𝑐𝑐2 1

� �
𝑥𝑥0
𝑦𝑦0
1
� (1) 

 Where (𝑥𝑥0,𝑦𝑦0)  is the original image coordinate 
point, and (x,𝑦𝑦)  is the target point after 
perspective transformation. With this equation (1), 
we can calculate the axle spacing between the 
various axles of the vehicle. 

2.3 Bridge Weigh-in-motion Method Based 
on Tikhonov Regularization 

The idea of the original Moses algorithm[5] is to 
establish the error equation between the 
theoretical strain value and the measured strain 
value based on the comparison between the 
measured bridge response and the theoretical 
bridge response, using the principle of the least 
squares method. Similarly, in this study we 
established the error equation (2) between the 
theoretical deflection value  𝑠𝑠𝑖𝑖𝑡𝑡  and the measured 
deflection value 𝑠𝑠𝑖𝑖𝑚𝑚: 

ER =  �(𝑠𝑠𝑖𝑖𝑚𝑚 −  𝑠𝑠𝑖𝑖𝑡𝑡)2
𝑇𝑇

𝑖𝑖=1

 (2) 

Among them, 𝑠𝑠𝑖𝑖𝑡𝑡  is calculated from the theoretical 
influence line. However, the theoretical influence 
line cannot fully reflect the actual bridge structural 
characteristics. The influence line calculated by the 
measured displacement data is closer to the actual 
boundary conditions of the bridge, and we can 
inversely calculate the corresponding deflection 
influence line according to the measured 
displacement data[6]. 

Therefore, the matrix representation of the 
theoretical deflection vector in k time steps passed 
by the vehicle can be simplified as: 

{𝑠𝑠𝑡𝑡}𝐾𝐾×1 = [𝐼𝐼𝐼𝐼]𝐾𝐾×𝑁𝑁{𝑃𝑃}𝑁𝑁×1 (3) 

Where {𝑠𝑠𝑡𝑡} is the theoretical static displacement 
vector, {𝐼𝐼𝐼𝐼} is the coordinate value matrix of the 
influence line, and {𝑃𝑃}  is the vehicle axle load 
vector with the number of axles 𝑁𝑁 to be solved. 
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So the error equation is expressed in matrix form 
as: 

ER = {{𝑠𝑠𝑚𝑚}𝑇𝑇 −  {𝑃𝑃}𝑚𝑚[𝐼𝐼𝐼𝐼]𝑇𝑇} ∙ 

{{𝑠𝑠𝑚𝑚 − [𝐼𝐼𝐼𝐼]{P}} 
(4) 

By taking the partial derivation of the axle load 
vector {P} from the error function ER, the axle load 
of the vehicle can be solved as Equation (5) 

{𝑃𝑃} = [[𝐼𝐼𝐼𝐼]𝑇𝑇[𝐼𝐼𝐼𝐼]]−1[𝐼𝐼𝐼𝐼]𝑇𝑇{𝑠𝑠𝑚𝑚} (5) 

For the case where the axles are close, the 
Tikhonov regularization method can be introduced 
into the axle load identification, and the 
regularization parameter 𝜆𝜆 is added to Equation (5), 
and the linear combination is minimized on this 
basis. 

{𝑃𝑃} = [[𝐼𝐼𝐼𝐼]𝑇𝑇[𝐼𝐼𝐼𝐼] + 𝜆𝜆]−1[𝐼𝐼𝐼𝐼]𝑇𝑇{𝑠𝑠𝑚𝑚} (6) 

where 𝜆𝜆  is a non-negative regularization 
parameter. For each different 𝜆𝜆 , an axial weight 
solution can be obtained. In order to find the 
optimal solution, we choose the L curve method to 
find the most suitable 𝜆𝜆 parameter, which can be 
calculated by the residual norm 𝐸𝐸𝑛𝑛𝑛𝑛𝑛𝑛𝑚𝑚 of 𝜆𝜆 and the 
half norm 𝐹𝐹𝑛𝑛𝑛𝑛𝑛𝑛𝑚𝑚 of the solution. 

𝐸𝐸𝑛𝑛𝑛𝑛𝑛𝑛𝑚𝑚 =  �{{𝑠𝑠𝑚𝑚} −  [𝐼𝐼𝐼𝐼]{𝑃𝑃}𝜆𝜆}𝑇𝑇 

∙ �{{𝑠𝑠𝑚𝑚 − [𝐼𝐼𝐼𝐼]{P}𝜆𝜆}
(7) 

𝐹𝐹𝑛𝑛𝑛𝑛𝑛𝑛𝑚𝑚 = �{𝑃𝑃}𝜆𝜆
𝑇𝑇 {𝑃𝑃}𝜆𝜆 (8) 

3 Application 

3.1 General information 

The framework proposed in this paper is verified by 
field experiments on a small and medium-span 
bridge. The test bridge is a small concrete box 
girder with a span of 24m. In this paper, an infrared 
marker light with a Galaxy-CODE is installed at the 
mid-span of the small box girder under the fourth 
lane of the bridge. Portable image acquisition and 
computing equipment is installed on the bridge 
pier. Make sure that the plane of the marker light 
is perpendicular to the optical axis of the camera. 

The image acquisition and computing equipment 
consists of an industrial camera and a Raspberry Pi 
4b. The sampling and processing frequency of the 
image is set to 30hz, and the image size is 900*650 
pixels. In order to verify the vehicle information 
recognition accuracy of the proposed method, we 
also installed the FAD sensor and WS sensor for 
traditional Moses algorithm detection in the fourth 
lane. The arrangement of the systems is shown in 
Figure 4. 

Figure 4. Arrangement of the systems 

Similarly, we selected three different types of 
vehicles as load test vehicles, and their basic 
conditions are shown in the Table 2 

Table 2. Parameters of the load test vehicles 

Axles 

Numbers. 
Weight(t) Axles Spacing(m) 

2 18.204 [0, 5.2] 

4 31.286 [0, 1.8, 4.7, 1.5] 

6 55.545 [0, 3.4, 1.45, 4.6, 1.35, 1.35] 

3.2 Vehicle Tracking and Axle Detection 
Based on Road Monitoring 

3.2.1 Objection detection 

Based on the YOLOL-v4 deep learning framework, 
the vehicle detector and the axle detector are 
trained respectively. The map of the vehicle 
detector is 0.879 and the map of the axle detector 
is 0.991, which indicates that both detectors have 
good accuracy. Figure 5 shows the detection results. 

Portable image acquisition and 
computing equipment

B:WS sensor

B
A

1316



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Figure 5.Detection results 

Thus, the homography matrix was calculated and 
the result was: 

𝐻𝐻 = �
2.699 4.325 −6.341𝒆𝒆 + 3

−2.832𝒆𝒆 − 1 1.897𝒆𝒆+ 1 −5.957𝒆𝒆 + 3
1.368𝒆𝒆 − 5 2.232𝑒𝑒 − 3 1

� (9) 

Figure 6 shows the transformation from the image 
coordinate system to the real coordinate system 
and the calculation result of axles spacing. 

Figure 6.Calculation result 

3.2.2 Vehicle weight Calculation 

Firstly, the environmental component and dynamic 
component of the load response are eliminated, 
and the static component of the bridge when the 
vehicle passes by is obtained，as shown in Figure 
7. 

Figure 7. Original corresponding separation 

Through the Eqn. (6) calculated, the load 
component {P}  with different regularization 
parameters λ, as well as the residual norm of the 
regularization parameter and the semi-norm of the 
solution are calculated. By plotting the double 
logarithmic image of 𝐸𝐸𝑛𝑛𝑛𝑛𝑛𝑛𝑚𝑚  and 𝐹𝐹𝑛𝑛𝑛𝑛𝑛𝑛𝑚𝑚 , you can 
observe the corners is the value of the optimal 
regularization parameter. Figure 8 shows the 
inflection point of the L-curve at the optimal value 
of the regularization parameter. 

Figure 8. Iterative calculation process 

Through this method, the calculation accuracy of 
vehicle information under different working 
conditions is calculated, and compared with the 
identification results of the traditional BWIM 
algorithm. The results are shown in Table 3.

a)Vehicles detection b)Axles detection
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Table 3. Vehicle Weight Recognition Results 

Test 

No. 

Axles 

Numbers. 
Weight

PBWIM 

Method(Accuracy)

Moses 

Method(Accuracy) 

1 2 18.204t 19.318t(93.89%) 18.352t(99.19%) 

2 2 18.204t 19.246(94.28%) 18.733t(97.10%) 

3 2 18.204t 19.648t(92.07%) 18.816t(96.64%) 

4 4 31.286t 32.535t(96.01%) 31.430t(99.54%) 

5 4 31.286t 33.276t(93.64%) 30.95(98.93%) 

6 6 55.545t 53.126t(95.65%) 56.823(97.70%) 

7 6 55.545t 57.894t(95.77%) 56.331(98.58%) 

4 Conclusions 
In this study, a portable bridge dynamic weighing 
method is proposed. Compared with the traditional 
bridge dynamic weighing system, this method does 
not require the installation of an expensive 
industrial computer, with lower cost, convenient 
installation and easy maintenance. The PBWIM 
method detects the dynamic displacement of the 
bridge mid-span to obtain the deflection time-
history curve during the driving process of the 
vehicle. At the same time, it detects the vehicle and 
the axle in combination with the road monitoring 
of the bridge deck, and obtains the speed and axle 
information of the vehicle. Through Tikhonov-
based regularization The method successfully 
calculates the weight of the vehicle, and achieves 
high accuracy, which has high promotion value. 
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Abstract 
On-side bridge unit influence surface (UIS) calibration traditionally relied on the vehicle load test, 
which is expensive, time-consuming and traffic-interruptive, especially for long-span bridges. This 
paper proposes a novel method for bridge UIS identification based on the vehicle load monitoring. 
By employing a multi-vision system and computer vision algorithms, the distribution of the vehicles 
on the bridge deck is obtained. Then the data fusion between the vision system and weigh-in-motion 
(WIM) system is implemented to acquire the spatial-temporal vehicle loads on the deck. In the 
meanwhile, the deflection of the main-span is also obtained by the SHM system of the bridge. Thus, 
by means of the iterative computation and surface fitting, the UIS of the deflection is identified. The 
proposed method is arranged and applied to a practical long-span suspension bridge. Results have 
shown the feasibility of the method. 

Keywords: long-span bridge; unit influence surface; vehicle load monitoring; computer vision; data 
fusion. 

1 Introduction 
The unit influence surface (UIS) is a mathematical 
model to to characterize input (loading) - output 
(response) interactions of a structure by analysing 
measurement data. Generally, the UIS of a practical 
bridge is identified via an experiment with testing 
vehicles, which requires various standard vehicles 
and long-term traffic closure. Specifically, for long-
span bridges, the requirements are cumbersome 
and unaffordable for frequent structure 
experiments. 

During the recent years, the computer vision 
aggregated with deep learning methods have been 

applied to civil engineering for complex 
modelling[1]. Typical cases such as damage 
recognition[2][3], vehicle monitoring[4], bridge 
reconstruction[5] and scene understanding[6]. 
These applications have verified the robustness 
and supplementary of the vision sensors. 

In particular, the vision system is able to obtain the 
spatial-temporal distribution of the vehicles on the 
bridge deck. By means of the multiple cameras and 
weighing sensors, the complete vehicle load 
monitoring is   which is one of the main dynamic 
loads of long-span bridges. On the other hand, the 
response of the bridge is obtained via the pre-
embedded structural health monitoring (SHM) 
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sensors. Therefore, information of input and 
output of the bridge are modelled. 

Here in this study, we propose a novel framework 
of UIS identification for long-span bridge with the 
assistance of vehicle load monitoring and bridge 
SHM system. The UIS is identified by the analysis 
and modelling of the vehicle loads and deflection 
sensors. 

2 Framework of UIS identification 
The framework of UIS identification in this paper is 
shown in Figure 1, mainly consists of four major 

parts. Firstly, the spatial-temporal vehicle load 
monitoring is implemented based on data fusion 
between the vision system and the WIM system. 
Secondly, data from sensors of the bridge 
structural health monitoring (SHM) system are 
collected, especially the deflection data. Thirdly, an 
iterative procedure is utilized to fit the UIS of the 
bridge, resulting in the final UIS under given error. 
Lastly, further applications are carried out for the 
bridge, such as the transportation management, 
model updating and so on. Details of the 
framework is discussed in the following sections. 

Vision system WIM system

Iterative
 procedure

YOLO-v4 
detector

SORT 
tracker

Spatial-temporal 
vehicle loads

Bridge deflection
Transportation 
management

Model updating

Collect

Load 
sensor

Image pre- 
processor

Thermometer

Accelerometer

DeflectometerVehicle trajectories Vehicle loads

Collect

Fusion

Identify

The bridge

Initial
UIS Error?Forward 

calculation

Curve 
fitting

Yes

Final UIS

No
Damage 

identification
Inverse

calculation

Computed 
deflection

Bridge  
maintenance

Identify

Figure 1. The framework of UIS identification

2.1 Vehicle load monitoring 

The spatial-temporal vehicle load monitoring is 
acquired based on the deep learning methods. In 
the recent years, methods based on the computer 
vision techniques have been popular, and applied 
for vehicle identification. Furthermore, by the data 
fusion between the location data and the weighing 
data, the overall spatial-temporal information of 
the vehicles on the bridge deck is obtained. 

2.1.1 Image pre-processing based on 
perspective transformation 

Original image from the traffic camera is not 
calibrated, hence can not be utilized for precise 

measurement. For the scenario of vehicle 
identification, the perspective distortion is 
considered due to the optical center of the camera 
is usually not perpendicular to the bridge deck. This 
is named oblique photography in the field of 
photogrammetry. 

Image pre-processing for the oblique photography 
is required, mainly the perspective transformation, 
shown in Figure 2. The basic theory of the 
processing is a re-projection problem, which is 
meant to rectified the oblique view into the 
perpendicular view. 

1320



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

A B

CD

Ap Bp

CpDp

[H]

Figure 2. Perspective transformation 

Here denote the coordinates of the point in the 
original image by 𝑝𝑝 = (𝑥𝑥,𝑦𝑦)𝑇𝑇, and in the rectified 
image by 𝑞𝑞 = (𝑢𝑢, 𝑣𝑣)𝑇𝑇 . Here the re-projection 
equation is written as 

�
𝑢𝑢
𝑣𝑣
1
� = �

𝑎𝑎1 𝑎𝑎2 𝑎𝑎3
𝑏𝑏1 𝑏𝑏2 𝑏𝑏3
𝑐𝑐1 𝑐𝑐2 1

� �
𝑥𝑥
𝑦𝑦
1
� (1) 

Where the 𝑎𝑎𝑖𝑖, 𝑏𝑏𝑖𝑖, and 𝑐𝑐𝑖𝑖 are coefficients calculated 
by introducing pairs of reference points (RPs) on 
the bridge deck. 

2.1.2 Vehicle detection based on YOLO-v4 

To obtain the distribution of the vehicles on the 
bridge deck, the object detection method is 
required. In the recent years, the deep learning-
based detection methods are popular, considering 
its high precision and strong robustness.  

In this study, we have applied the YOLO-v4 model, 
illustrated as Figure 3. It is a one-stage detector 
with excellent balance between performance and 
efficiency[7]. Concretely, the model mainly consists 
of four parts: CSPDarknet, SPP, PAN and Head. 

Input

Conv2d_BN_Mish

CSPResblockBody 
× 1

CSPResblockBody 
× 2

CSPResblockBody 
× 8 Conv2d Concat + 

Conv2d × 5

Upsample

CSPResblockBody 
× 8 Conv2d Concat + 

Conv2d × 5
Concat + 

Conv2d × 5

Downsample

CSPResblockBody 
× 4

CSPResblockBody 
× 8

5 9 13

CSPResblockBody 
× 8

Conv2d_BN
 × 4

Concat + 
Conv2d × 5

Upsample Downsample

YOLO head 2

YOLO head 1

YOLO head 3

CSPDarknet

SPP

PAN Head

Figure 3. The YOLO-v4 model 

Firstly, the CSPDarknet is a 53-layer backbone 
network mainly composed of residual blocks. The 
batch normalization operation and Mish 
augmentation are applied for better convergence. 
Besides, CSP connections are integrated with the 
residual blocks to reduce the inferencing time. 

Secondly, the SPP (Spatial Pyramid Pooling) block is 
introduced for multi-scaling feature extraction. 
Here the kernel sizes of 5, 9 and 13 are applied for 
max pooling, and then the concatenating among all 
the feature maps are implemented. 

Thirdly, the PAN (Path Aggregation Network) 
structure is embedded for information transferring 
by aggregating features from different layers. Here 
the addition operation is substituted by the 
concatenating operation. 

Fourthly, the head of YOLO-v3 model is followed in 
YOLO-v4. Three types of loss are defined, including 
the location loss, confidence loss, and classification 
loss. The location loss describes the difference 
between the predicted box and the actual box. The 
confidence loss punishes the predicted score of the 
box. The classification loss aims to punish the 
inconsistency of classes between the prediction 
and ground truth. 
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2.1.3 Vehicle tracking based on SORT algorithm 

After the acquirement of the vehicle location at 
each frame, the distribution of the vehicles on the 
bridge deck are obtained. Since the vehicles are not 
linked between frames, the vehicle tracking is 
necessary. 

The vehicle tracking for the long-span bridge is 
essentially a multi-object tracking (MOT) problem. 
Based on the detection results from vehicle 
detectors, the tracking-by-detection (TBD) tracking 
model is introduced, especially the Single Online 
and Realtime Tracking (SORT) algorithm and its 
variances. 

The SORT algorithm considers two phases of the 
objects in physical space, the prediction phase and 
updating phase. The prediction phase is defined as 

𝐱𝐱�𝑘𝑘� = 𝐅𝐅𝑥𝑥�𝑘𝑘−1 + 𝐁𝐁𝑢𝑢�𝑘𝑘−1 

𝐏𝐏�𝑘𝑘� = 𝐅𝐅𝐏𝐏�𝑘𝑘−1𝐅𝐅𝑇𝑇 + 𝐐𝐐 
(2) 

And the updating phase is defined as 

𝐱𝐱�𝑘𝑘 = 𝐱𝐱�𝑘𝑘� + 𝐊𝐊𝑘𝑘(𝐳𝐳𝑘𝑘 − 𝐇𝐇𝐱𝐱�𝑘𝑘� ) 

𝐊𝐊𝑘𝑘 =
𝐏𝐏�𝑘𝑘�𝐇𝐇𝑇𝑇

𝐇𝐇𝐏𝐏�𝑘𝑘�𝐇𝐇𝑇𝑇 + 𝐑𝐑

𝐏𝐏�𝑘𝑘 = (𝐈𝐈 − 𝐊𝐊𝑘𝑘𝐇𝐇)𝐏𝐏�𝑘𝑘�

(3) 

Where the 𝐱𝐱�𝑘𝑘�  is the predicted state vector based 
on previous status. 𝐅𝐅 is the state transition matrix. 
𝐁𝐁 is the control-input matrix applied to the input 
vector 𝑢𝑢�𝑘𝑘−1  (normally set to 0). 𝐏𝐏�𝑘𝑘−1  is the 
predicted covariance matrix by recursive operation. 
𝐐𝐐 and 𝐑𝐑 are the noise matrix for process noise and 
observation. 𝐇𝐇 is the observation matrix which is 
generally identity matrix. 

In this paper, we fine-tuned the original SORT 
algorithm in consideration of the practical scene of 
the vehicles. Firstly, the vehicles probably speed up 
or down due to the road condition. Hence the 
variable velocity is introduced to substitute the 
linear constant velocity model. Secondly, a vehicle 
cannot pass through its preceding vehicle. So the 
prediction result is adjusted to separate the 
predicted boxes. Thirdly, the length of a vehicle is 
stretched because of the perspective phenomenon. 

Thus the predicted box of a vehicle should be 
regularly adjusted by the distance from the camera. 

2.1.4 Data fusion of the vision and WIM system 

Consider the fact that in a specific timestamp, only 
a single vehicle occurs at a lane position. Therefore, 
the pair of timestamp and lane position defines a 
unique vehicle. 

In this study, the timestamps from both systems 
are precisely aligned to be synchronous. Then, for 
each vehicle trajectory obtained from the vision 
system, its location and lane position at the WIM 
section are extracted. Finally, the timestamps and 
lane positions from both systems are matched 
successively, so that the spatial-temporal data and 
loading data are finally fused. 

2.2 Bridge SHM system 

The SHM system has been widely applied to 
bridges, especially long-span bridges. Sensors are 
contained in SHM system to acquire the status and 
response of the bridge, and then the evaluation 
could be carried based on the collected data. There 
are mainly three types of sensors in bridge SHM 
system. 

 Environmental sensors. They are meant to
measure the temperature, humidity and wind
parameters, which are basic environmental
data of the bridge.

 Vibration-based sensors. They are aims to
detect changes in dynamic characteristics
parameters. Typical sensors such as the
accelerometer and displacement meters have
been widely used.

 Strain-based sensors. They are deployed to
obtain the local strain of the structure. The
strain sensors are sensitive to the local
damage and have been used for damage
localization.

In this study, the deflection sensor is selected as a 
representative response of the bridge. Considering 
that the vertical displacement of the bridge deck is 
mainly caused by the dynamic vehicle load for long-
span bridges. 
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2.3 UIS identification 

2.3.1 Definition of UIS 

Unit influence surface is a certain response (e.g. 
displacement, strain, moment) at a determined 
location over the whole loading surface. Depicted 
in Figure 4, the UIS is mathematically described by 
a two-variable function as Eqn. (4). 

X

Z

Y

zi

Bridge deck

Vehicle load

Unit 
influence 
surface

xi

yi

Fi

Figure 4. Illustration of bridge UIS 

𝐷𝐷 = 𝑆𝑆(𝑥𝑥, 𝑦𝑦) (4) 

Where (𝑥𝑥,𝑦𝑦) is the location of the unit load on the 
loading surface. 𝐷𝐷 is the response by the unit load 
at (𝑥𝑥,𝑦𝑦). 

Due to the linearity assumption in structural 
mechanics, the superposition method is applicable 
in the UIS theory. Thus, for a set of moving loads 
such as vehicles on the bridge deck, the overall 
response is determined as follows: 

𝑅𝑅 = �𝐷𝐷𝑘𝑘𝑃𝑃𝑘𝑘

𝑛𝑛

𝑘𝑘=1

 (5) 

Where {𝑃𝑃1,𝑃𝑃2, . . . ,𝑃𝑃𝑘𝑘}  represent the vehicle 
weights passing over the deck. 𝑅𝑅  is the overall 
response induced by the weights. 

2.3.2 UIS identification based on known loads 
and responses 

In this study, the spatial-temporal vehicle loads on 
the bridge deck are precisely obtained by the data 
fusion from the vision and WIM system. On the 
other hand, the SHM system will provide the 
responses of the bridge. Therefore, under the 
assumption that the vehicles as the main dynamic 

loads of a bridge, the UIS can be identified by 
means of iterative procedure. 

Firstly, the equivalent loading location of all vehicle 
loads is calculated by weighted averaging. Denote 
the wheel weights {𝑊𝑊1,𝑊𝑊2, . . . ,𝑊𝑊𝑖𝑖}  and the 
corresponding positions
{(𝑥𝑥1,𝑦𝑦1), (𝑥𝑥2,𝑦𝑦2), . . . , (𝑥𝑥𝑖𝑖 ,𝑦𝑦𝑖𝑖)} , hence the 
equivalent location is determined as: 

𝑥𝑥𝑒𝑒𝑒𝑒 =
𝑊𝑊1𝑥𝑥1 + 𝑊𝑊2𝑥𝑥2+. . . +𝑊𝑊𝑖𝑖𝑥𝑥𝑖𝑖

𝑊𝑊1 +𝑊𝑊2+. . . +𝑊𝑊𝑖𝑖
 

𝑦𝑦𝑒𝑒𝑒𝑒 =
𝑊𝑊1𝑦𝑦1 + 𝑊𝑊2𝑦𝑦2+. . . +𝑊𝑊𝑖𝑖𝑦𝑦𝑖𝑖

𝑊𝑊1 + 𝑊𝑊2+. . . +𝑊𝑊𝑖𝑖
 

(6) 

Secondly, Initialize the UIS as �̂�𝑆(𝑥𝑥,𝑦𝑦) , then the 
calculated response will be: 

𝐷𝐷� = 𝑊𝑊1�̂�𝑆(𝑥𝑥1,𝑦𝑦1)+. . . +𝑊𝑊𝑖𝑖�̂�𝑆(𝑥𝑥𝑖𝑖,𝑦𝑦𝑖𝑖) (7) 

Consider there are different contributions for each 
vehicle load at various locations, for the UIS value 
at location�𝑥𝑥𝑒𝑒𝑒𝑒 ,𝑦𝑦𝑒𝑒𝑒𝑒�, the equivalent vehicle load in 
�𝑥𝑥𝑒𝑒𝑒𝑒 ,𝑦𝑦𝑒𝑒𝑒𝑒� is calculated as: 

𝑊𝑊𝑒𝑒𝑒𝑒 =
𝐷𝐷�

�̂�𝑆�𝑥𝑥𝑒𝑒𝑒𝑒 ,𝑦𝑦𝑒𝑒𝑒𝑒�
(8) 

Then, the true response of the bridge 𝐷𝐷𝑡𝑡𝑡𝑡𝑡𝑡𝑒𝑒  is 
introduced, and the value of UIS at location 
�𝑥𝑥𝑒𝑒𝑒𝑒 ,𝑦𝑦𝑒𝑒𝑒𝑒� should be: 

𝑆𝑆𝑒𝑒𝑒𝑒 =
𝐷𝐷𝑡𝑡𝑡𝑡𝑡𝑡𝑒𝑒
𝑊𝑊𝑒𝑒𝑒𝑒

 (9) 

Therefore, two approaches to calculate the UIS at 
location �𝑥𝑥𝑒𝑒𝑒𝑒 ,𝑦𝑦𝑒𝑒𝑒𝑒�  should be equivalent. Hence 
the inconsistency is the error 𝑒𝑒(𝑥𝑥𝑒𝑒𝑒𝑒 ,𝑦𝑦𝑒𝑒𝑒𝑒)  for the 
iteration. And the average error 𝑒𝑒𝑎𝑎𝑎𝑎𝑎𝑎  will be 
computed: 

𝑒𝑒(𝑥𝑥𝑒𝑒𝑒𝑒 ,𝑦𝑦𝑒𝑒𝑒𝑒) =
�̂�𝑆�𝑥𝑥𝑒𝑒𝑒𝑒 ,𝑦𝑦𝑒𝑒𝑒𝑒� − 𝑆𝑆𝑒𝑒𝑒𝑒

𝑆𝑆𝑒𝑒𝑒𝑒

𝑒𝑒𝑎𝑎𝑎𝑎𝑎𝑎 =
1
𝑛𝑛
�𝑒𝑒(𝑥𝑥𝑒𝑒𝑒𝑒 ,𝑦𝑦𝑒𝑒𝑒𝑒)(𝑖𝑖)
𝑛𝑛

𝑖𝑖=1

 

(10)
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Thirdly, the curve fitting algorithm is utilized to fit 
new UIS function �̂�𝑆(𝑥𝑥,𝑦𝑦) based on the calculated 
three-dimensional points as follows.  

⎩
⎪
⎨

⎪
⎧�𝑥𝑥𝑒𝑒𝑒𝑒

(1),𝑦𝑦𝑒𝑒𝑒𝑒
(1),𝑆𝑆𝑒𝑒𝑒𝑒

(1)� ,

�𝑥𝑥𝑒𝑒𝑒𝑒
(2),𝑦𝑦𝑒𝑒𝑒𝑒

(2),𝑆𝑆𝑒𝑒𝑒𝑒
(2)� ,

⋮
�𝑥𝑥𝑒𝑒𝑒𝑒

(𝑛𝑛),𝑦𝑦𝑒𝑒𝑒𝑒
(𝑛𝑛),𝑆𝑆𝑒𝑒𝑒𝑒

(𝑛𝑛)�⎭
⎪
⎬

⎪
⎫

(11) 

Fourthly, loop through the above algorithms and if 
the error is less than a pre-defined threshold, the 
final UIS curve �̂�𝑆(𝑥𝑥,𝑦𝑦) is obtained. 

2.4 Further application 

After the UIS of the bridge obtained, further 
applications are carried out, such as the 
transportation management, computation model 
updating, damage identification and bridge 
maintenance. 

3 Application 

3.1 General information 

An in-situ experiment was implemented for the 
application of the proposed framework. The tested 
bridge is a long-span suspension bridge with a 
central span of 1490m and a height of pylon 207m. 

The arrangement of the systems is shown in Figure 
5. Multiple cameras installed at two visual spots
were installed to cover the whole bridge deck. The
parameters of each camera are listed in Table 1 as
follows.

Visual spot - 
North

Visual spot - 
South

WIM section

Figure 5. Arrangement of the systems 

Table 1. Parameters of the applied camera 

No. Parameters Units Values 

1 Image size px × px 4096×2160 

2 Resolution px 8M 

3 FPS - 25

4 Pixel size μm × μm 1.75×1.75 

5 Focal length mm 11 ~ 40 

6 Aperture - F1.4-C

7 Field-of-view angle - 36.7 ~ 11.5

Totally six cameras were utilized to cover the field-
of-view of the whole bridge deck, three for each 
pylon. Picture of the cameras on the north pylon 
was shown in Figure 6. 

Figure 6. Visual spot - north 

3.2 Spatial-temporal vehicle load 
monitoring 

3.2.1 Image pre-processing 

The perspective transformation was applied to the 
original image from cameras, resulting in 
measurable bird-view image of the bridge deck. 
Here an example of the second camera in north 
pylon was shown in Figure 7. The anchors of the 
suspender #7 and #23 were utilized as the RPs with 
known coordinates. 

1324



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

[H]

31,500

(23 - 7) × 16,100

A

B

Suspender 
#23

D

Suspender 
#7

C
Ap

Bp

 Dp

Cp

Figure 7. Perspective transformation of the image 

Thus, the homography matrix was calculated by the 
Eqn. (1) and the result was: 

𝐻𝐻

= �
1.419 −2.59 × 10−2 −8.71 × 101

5.85 × 10−2 3.66 × 101 −3.19 × 102
4.02 × 10−4 −9.23 × 10−6 1

� (12)

Furthermore, we aligned the images from multiple 
cameras by their relative field-of-views, the 
panoramic image of the whole bridge deck was 
obtained, depicted in Figure 8.

Figure 8. Panoramic image of the bridge deck (sliced into three parts)

3.2.2 Vehicle detection 

The vehicle detector based on YOLO-v4 deep 
learning model was trained and evaluated. In this 
study, we utilized the Darknet framework for the 
implementation. After 8000 epochs training, the 
loss was converged and the final model was 
obtained. Here the mean average precision (mAP) 
of the model has achieved 0.962, indicating the 
robustness of the vehicle detector. 

Here an example of vehicle detection was shown in 
Figure 9. Each vehicle was identified by a bounding 
with its range of location, vehicle type and 
confidence value. 

Figure 9. Result of vehicle detection (partial) 

3.2.3 Vehicle tracking 

Based on the detection results of each frame, the 
vehicle tracking was carried out to acquire the 
trajectory of each vehicle. Here an example of 
vehicle tracking was depicted in Figure 10. The 

tailings are the trajectories of vehicles for the last 
25 frames. 

Figure 10. Result of vehicle tracking (partial) 

The modified SORT algorithm was applied to the 
long-distance vehicle tracking. Hence the 
distribution of the vehicles on bridge deck was fully 
acquired. 

3.2.4 Data fusion 

For the long-span bridge in this study, weighing 
information of the vehicles was obtained by the 
pre-embedded WIM system when they travelled 
over the weighing sensors. 

Then, the collected data of the vision system and 
WIM system was fused based on the matching 
between the timestamp and lane position. Thus, 
the spatial-temporal vehicle load monitoring was 
acquired. Here a loading heatmap is generated to 
visualize the vehicle loading condition, shown in 
Figure 11.
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Figure 11. Visualization of the vehicle load monitoring

3.3 UIS identification 

In this paper, one-hour data was collected for 
verification. For simplicity, vehicles were simplified 
as points with gross weights. 

First of all, all the vehicle loading distribution have 
been averaged to obtain the equivalent loads. Here 
all the resulting data points are plotted in Figure 12. 
The data appears symmetric by the central lines in 
the longitudinal and transverse directions. More 
specially, the location range of the equivalent loads 
was 400m to 1060m along X, and 8m to 22m along 
Y. Most points were distributed in the centre of the 
bounded area. 
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745

15.75

400 1060

Y
 /m
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Figure 12. The distribution of the equivalent 
loading location 

Furthermore, the iterative method was applied 
based on the known spatial-temporal vehicle load 
and the deflection data during the same period. 
The resolution of the UIS is determined as 1m and 
the calculation range is limited at 450m to 1040m 
along X, and 10m to 20m along Y. The result is 
depicted in Figure 13 and Figure 14, for 3D pattern 
and 2D pattern, respectively. 

Figure 13. The identified UIS, range: 450 ≤ X ≤ 
1040, 10 ≤ Y ≤ 20 
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Y
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Figure 14. The identified UIS, range: 450 ≤ X ≤ 
1040, 10 ≤ Y ≤ 20 

4 Conclusions 
In this paper, we propose a framework of UIS 
identification of long-span bridge. On one hand, 
the vehicle load monitoring serves as bridge input 
based on the data fusion between the vision and 
WIM system. On the other hand, the SHM system 
of the bridge is used as bridge output. Then the UIS 
is identified based on the superposition theory and 
iterative algorithms. 
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The framework was applied and verified on a long-
span bridge in eastern China. Results showed that 
the complete vehicle load was monitored, the UIS 
was identified by the proposed methods. Since the 
limited data has not covered all loading condition 
of the bridge deck, further improvements could be 
made by long-term monitoring with more data 
collection. 
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Abstract 
Cables have been widely used in the construction of cable-supported bridge due to their light weight and 
high strength mechanical properties. As the key component of cable supported bridge, real-time monitoring 
of the time-varying cable force of cable is very important for the construction, operation and maintenance 
of long-span bridges. Based on the time-frequency analysis method of multisynchrosqueezing transform, a 
new identification method of time-varying cable force is proposed. First, the theory of time-varying modal 
parameter identification based on time-frequency analysis method is studied. On this basis, the relationship 
between the time-varying cable force and the instantaneous natural frequency is obtained. Finally, the 
accuracy of the proposed method under different conditions is studied. The results show that the proposed 
time-varying cable force identification method has good accuracy and robustness. 

Keywords: cables and hangers of bridge; time-varying cable force; time-frequency analysis; 
multisynchrosqueezing transform. 

1 Introduction 
In recent years, cable-supported bridge, as the 
main choice of long-span bridge, has developed 
rapidly [1]. As the key component of cable-
supported bridge, the internal force state of the 
bridge structure is affected by the cable force 
directly. Real time monitoring of the dynamic cable 
force in the process of tensioning, use and 
replacement is of great significance for the 
construction, operation and maintenance of long-
span bridges. 

The frequency method based on vibration has the 
advantages of simple, convenient, fast and low cost. 

It has become the most popular cable force test 
method at present. In principle, higher natural 
frequency identification accuracy requires a longer 
cable vibration response data block, which means 
that the identified cable force is at the midpoint of 
the data block, and there is still a delay of half a 
data block compared with the current time [2]. 
Therefore, the traditional identification method of 
cable force based on vibration can only identify the 
average cable force in a period of time, and can’t 
obtain the time-varying cable force. 

The identification of time-varying cable force is 
essentially an inverse problem of structural 
dynamics, that is, the modal parameters or physical 
parameters of the structure are identified 
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according to the dynamic response information of 
the structure. Structural parameter identification 
method can be divided into frequency domain 
method, time domain method and time-frequency 
domain method according to the response signal 
analysis domain. 

Time-varying cable force identification is a 
parameter identification problem of time-varying 
system. The physical and modal parameters of the 
structure change with time, and the frequency 
domain analysis method loses important time 
information in the conversion process, which is 
naturally unable to be applied to time-varying cable 
force identification. 

Time domain identification method doesn’t need 
to convert the measured response signal into 
frequency domain, but directly deals with the 
dynamic response of the structure to obtain the 
corresponding physical parameters. Li et al. [3] 
proposed an instantaneous cable force 
identification algorithm based on time-domain 
extended Kalman filter involving state transition 
model. Yuan [4] identifies time-varying cable force 
by combining wavelet analysis with extended 
Kalman filter. Yang et al. [5] established a time-
varying cable force identification method through 
the complexity tracking algorithm. More than two 
acceleration sensors are needed to measure the 
dynamic response of the cable to estimate the 
cable force. It should be pointed out that the above 
method may encounter some problems in the 
actual implementation. The implementation of the 
algorithm is complex and the calculation time of 
the program is long. The real-time monitoring of 
the cable force can’t be carried out in the bridge 
operation process. The dynamic cable force 
monitoring using complex tracking method 
requires multiple sensors and the layout of 
measuring points also needs further study. 

At present, time-frequency analysis method is an 
important means to study time-varying systems. 
Scholars have carried out continuous research on it 
and have made many achievements. Some scholars 
have applied different time-frequency analysis 
methods to time-varying cable force identification. 
Bao et al. [6] developed an adaptive sparse time-
frequency analysis method to identify time-varying 
cable forces. In this method, the influence of the 

initial phase selection on the recognition results 
cannot be ignored. Huang studied the time-varying 
cable force identification method based on Hilbert-
Huang transform (HHT). Xue et al. [7] proposed a 
dynamic cable force identification method 
combining the simplified half-wave method and 
the short-time sparse time domain algorithm 
(STSTD+SHW). Wang et al. [8] proposed a time-
varying cable force identification method based on 
wavelet ridge extraction of continuous wavelet 
transform. 

In the above time-frequency analysis method, the 
HHT method has the problems of modal aliasing 
and endpoint effect, which needs further 
improvement. The influence of initial phase 
selection on recognition results in sparse adaptive 
time-frequency analysis method cannot be ignored. 
At the same time, due to the limitation of 
Heisenberg effect, these time-frequency analysis 
methods can’t have good time and frequency 
resolution at the same time. The multi-frequency 
components of the cable vibration response signal 
may be closely separated, and the recognition 
accuracy and effect may not be ideal in this case. In 
view of this, this paper introduces a time-frequency 
analysis method based on multiple synchronous 
compression transform [9]. Through iteration and 
redistribution of time-frequency distribution 
results, not only the energy aggregation of time-
frequency distribution results is improved, but also 
the cable vibration signal can be reconstructed. 

The contributions of this study are as follows: time-
frequency analysis method based on multi-
synchrosqueezing transform (MSST) are used to 
obtain different instantaneous frequency 
components of cable vibration. Based on the 
theory of time-varying modal parameter 
identification, the vibration characteristics of the 
cable under the action of time-varying cable force 
are studied. The dynamic equation of cable t under 
time-varying cable force is established, and the 
relationship between time-varying cable force and 
instantaneous natural frequency is obtained, so as 
to realize real-time monitoring of cable force. 

2 Theoretical fundamentals 
This section first introduces the time-varying modal 
parameter identification method based on MSST, 
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and then studies the vibration characteristics of the 
cable under the action of time-varying cable force. 
Finally, the dynamic equation of the cable under 
the action of time-varying cable force is established 
and its approximate solution is obtained. 

2.1 Time-varying modal parameter identificati-
on based on MSST 

For multi-component non-stationary signal 𝑠𝑠(𝑡𝑡), it 
can be regarded as the linear combination of 
multiple single-component signals [10] with time-
varying amplitude and time-varying frequency, 
which can be expressed as 

𝑠𝑠(𝑡𝑡) = ∑ 𝑠𝑠𝑘𝑘𝐾𝐾
𝑘𝑘=1 (𝑡𝑡) = ∑ 𝐴𝐴𝑘𝑘𝐾𝐾

𝑘𝑘=1 (𝑡𝑡)𝑒𝑒𝑖𝑖𝜑𝜑𝑘𝑘(𝑡𝑡) (1) 

where, 𝜑𝜑𝑘𝑘(𝑡𝑡) represents the instantaneous phase 
of kth component signal, and its first derivative 
𝜑𝜑𝑘𝑘ʹ (𝑡𝑡) represents the instantaneous frequency (IF). 
𝐴𝐴𝑘𝑘(𝑡𝑡) is the instantaneous amplitude. 

The short-time Fourier transform (STFT) of 𝑠𝑠(𝑡𝑡) can 
be expressed as  

𝐺𝐺(𝑡𝑡,𝜔𝜔) = ∫ 𝑔𝑔+∞
−∞ (𝑢𝑢 − 𝑡𝑡)𝑠𝑠(𝑢𝑢)𝑒𝑒−𝑖𝑖𝑖𝑖(𝑢𝑢−𝑡𝑡)𝑑𝑑𝑢𝑢 (2) 

Where, 𝑔𝑔(𝑢𝑢 − 𝑡𝑡) is moving window function. For 
the single-component signal  

𝑠𝑠(𝑡𝑡) = 𝐴𝐴(𝑡𝑡) 𝑒𝑒𝑖𝑖𝜑𝜑𝑘𝑘(𝑡𝑡) (3) 

𝐴𝐴(𝑢𝑢) and 𝜑𝜑(𝑢𝑢) can be expanded at time t by using 
Taylor expansion. Ignore the high-order terms 
𝑂𝑂 �𝐴𝐴ʹ(𝑡𝑡)�  and 𝑂𝑂 �𝜑𝜑ʹʹ(𝑡𝑡)� . We can obtain 𝑠𝑠(𝑢𝑢) =

𝐴𝐴(𝑡𝑡)𝑒𝑒𝑖𝑖�𝜑𝜑(𝑡𝑡)+𝜑𝜑ʹ(𝑡𝑡)(𝑢𝑢−𝑡𝑡)� .It can be brought into the
expression of STFT. Then we have 

𝐺𝐺(𝑡𝑡,𝜔𝜔) = 𝐴𝐴(𝑡𝑡)𝑒𝑒𝑖𝑖𝜑𝜑(𝑡𝑡)𝑔𝑔
∧
�𝜔𝜔 − 𝜑𝜑ʹ(𝑡𝑡)� (4) 

Where 𝑔𝑔
∧

 represents Fourier transform of window 
function. Get the first derivative of 𝐺𝐺(𝑡𝑡,𝜔𝜔) to time. 
For any (𝑡𝑡,𝜔𝜔) and 𝐺𝐺(𝑡𝑡,𝜔𝜔) ≠ 0. The estimation of 
instantaneous frequency can be obtained by STFT. 

𝜔𝜔
∧

(𝑡𝑡,𝜔𝜔) = 𝑅𝑅𝑒𝑒 �𝜕𝜕𝑡𝑡𝐺𝐺(𝑡𝑡,𝑖𝑖)
𝑖𝑖𝐺𝐺(𝑡𝑡,𝑖𝑖) � = 𝜑𝜑′(𝑡𝑡) (5)  

Where 𝑅𝑅𝑒𝑒[ ⋅]  represents the real part. It can be 
understood as the position where the time-
frequency distribution coefficient is not zero in the 
STFT time-frequency distribution spectrum, and 
the estimated instantaneous frequency at this 
position is the instantaneous frequency of the 
signal. 

The STFT representation is sharpened by using the 
estimated instantaneous frequency of each point 
in the STFT time-frequency distribution results. The 
STFT relative fuzzy time-frequency distribution 
results are compressed to a concentrated area 
around the instantaneous frequency trajectory. 
This process is called synchrosqueezing transform 
(SST), which can be expressed as  

𝑇𝑇𝑠𝑠(𝑡𝑡, 𝜂𝜂) = ∫ 𝐺𝐺(𝑡𝑡,𝜔𝜔)𝛿𝛿 �𝜂𝜂 − 𝜔𝜔
∧

(𝑡𝑡,𝜔𝜔)�+∞
−∞ 𝑑𝑑𝜔𝜔 (6) 

On the basis of SST, Yu [9] constructed a new 
instantaneous frequency estimation parameter, 
where N represents the number of iterations. At 
this time, only one SST operation is needed. This 
new method is called MSST, which can be 
expressed as 

𝑇𝑇𝑠𝑠
[𝑁𝑁](𝑡𝑡, 𝜂𝜂) = ∫ 𝐺𝐺(𝑡𝑡,𝜔𝜔)𝛿𝛿 �𝜂𝜂 − 𝜔𝜔

∧ [𝑁𝑁](𝑡𝑡,𝜔𝜔)�+∞
−∞ 𝑑𝑑𝜔𝜔 (7) 

where, 𝜔𝜔
∧ [2](𝑡𝑡,𝜔𝜔) = 𝜔𝜔

∧
�𝑡𝑡,𝜔𝜔

∧
(𝑡𝑡,𝜔𝜔)�，𝜔𝜔

∧ [3](𝑡𝑡,𝜔𝜔) =

𝜔𝜔
∧
�𝑡𝑡,𝜔𝜔

∧
�𝑡𝑡,𝜔𝜔

∧
(𝑡𝑡,𝜔𝜔)�� …, 

Figure 1. Geometric representation of MSST 

2.2 Vibration characteristics of cable under 
time-varying cable force 

In this section, Ansys 14.0 is used to establish the 
finite element model of the cable under the action 
of time-varying cable force, and the time-varying 
modal parameter identification method proposed 
in section 2.1 is used to study the vibration 
acceleration data of the cable. The vibration 
characteristics of the cable under the action of 
time-varying cable force are obtained, which lays 
the foundation for the establishment of the motion 
equation of the cable under the action of time-
varying cable force in section 2.3. 
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2.2.1 Finite element simulation of cable vibrati-
on under time-varying cable force 

The finite element model of cable under time-
varying cable force is established by ANSYS 14.0. 
The steps are as follows: 

(1) The single cable is simplified as a tensile
member with fixed hinges at both ends, and the
two-dimensional beam element beam3 element is
used for modeling. One element is divided every
0.5 m along the axial direction of the cable, and the
cable parameters are as follows: L =50 m; section
area A = 0,0026 m2; elastic modulus E = 1,95×1011 

N/m2; density = 7850 kg/m3; Poisson 's ratio 𝜈𝜈 =
0,3; temperature linear expansion coefficient 𝛼𝛼=
1,2×10− 5/°C.

(2) The temperature drop method is used to
simulate the time-varying cable tension [11]. In the
case that the material stress-strain relationship
does not change with temperature, the
temperature reduction method is widely used to
simulate the change of initial prestress load and
internal force. The temperature drop method is
used to apply the temperature load under the
condition of fixed hinges at both ends of the cable,
so as to generate the internal tension of the cable.
In each unit, the relationship between cable force
increment and temperature change satisfies the
following equation

△𝑄𝑄 = △𝑇𝑇
𝛼𝛼⋅𝐴𝐴⋅𝐸𝐸

(8) 

where, △𝑄𝑄 represents the temperature change, 𝛼𝛼 
is the linear expansion coefficient, indicating the 
elongation per centigrade per unit length of the 
material. 

(3) The transient response of the cable is analyzed
by ANSYS 14.0. At 1/4 of the cable, a transverse
concentrated load of 100 N is applied within 0,1 s
to make the cable vibrate, and then the cable force
is changed to output the acceleration response at
1/4 of the cable step by step in 0,01 s.

2.2.2 Vibration characteristics of cable under 
time-varying cable force 

Considering the cable force variation as shown in 
Figure 2, the cable force remains constant at 600 
kN in the first 20 s, then linearly changes to 1200 

kN in 20~30 s, and finally remains constant at 1200 
kN in 30~50 s. 

Figure 2. Cable force variation condition 

After the transverse excitation is applied to the 
cable in ANSYS, the cable is allowed to vibrate 
freely, and the vibration displacement data of each 
node of the cable are output. Taking the vibration 
displacement at 1/4 position as an example, the 
time-frequency distribution map shown in Figure 4 
is obtained by MSST in Section 2.1. 

Figure 3. Transverse displacement of cable at 1/4 
position 
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Figure 4. Time-frequency representation of MSST 

By the signal separation and reconstruction 
algorithm of section 2.1, the vibration 
displacement components of each order can be 
obtained as shown in Figure 5. It can be seen that 
under the action of time-varying cable force, due to 
the existence of damping, the displacement 
components of each order will decay, and the high-
order displacement component decays faster than 
the low-order displacement component. 

(a) 1st displacement
component

(b) 2nd displacement
component

(c) 3rd displacement component

Figure 5. Displacement components of cable 
vibration at 1/4 position 

The vibration displacement data of each point on 
the cable are extracted, and the time-frequency 
distribution map is obtained by MSST. The ridge 

extraction algorithm is used to obtain the IF of each 
order. Finally, the vibration displacement 
components of each point are obtained by signal 
separation. Figure 6 are the first, second and third 
displacement components of cable vibration, 
respectively. The observation shows that under the 
action of time-varying cable force, the 
displacement components of each order of the 
cable are close to the sine function of time-varying 
amplitude 𝐴𝐴𝑖𝑖(𝑡𝑡) 𝑠𝑠𝑠𝑠𝑠𝑠( 𝑘𝑘𝑘𝑘𝑘𝑘

𝑙𝑙
). At the same time, each 

order of the displacement component will decay 
with time, and the high-order displacement 
component decays faster than the low-order 
displacement component. 

(a) 1st displacement
component

(b) 2nd displacement
component

(c) 3rd displacement component

Figure 6. Displacement components of cable 
vibration 

2.3 Motion equation of cable under time-
varying cable force 

The dynamic model of the cable under time-varying 
cable force is shown in Figure. 7. The cable AB is 
located in the XOZ plane. One end is the fixed hinge 
support, and the other end is the active hinge 
support. In the process of free vibration, the cable 
has a dynamic displacement along the Z direction. 
Under the external environment excitation and 
vehicle load, the cable force changes. In order to 
conveniently obtain the dynamic model of cable 
under time-varying cable force, it is assumed that 
the cable belongs to the range of small sag cable, 
and its weight is far less than the time-varying cable 
force. Axial deformation under time-varying cable 

0 10 20 30 40

Time (s)

-1

-0.5

0

0.5

1

Am
pl

itu
de

 (m
)

10

0 10 20 30 40

Time (s)

-5

0

5

Am
pl

itu
de

 (m
)

10

0 10 20 30 40

Time (s)

-1

0

1

Am
pl

itu
de

 (m
)

10

1332



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

force is independent of in-plane deflection caused 
by external excitation [12]. 

Figure 7. The dynamic model of cable 

According to the above assumptions, the micro-
element ds is taken out of the cable for dynamic 
balance analysis. As shown in Figure. 12, 𝑇𝑇𝑠𝑠(𝑡𝑡) 
represents the tangential component of the time-
varying cable force. 𝜏𝜏  represents the additional 
dynamic tension caused by the vibration of the 
cable. 𝑚𝑚 represents the mass of the cable per unit 
length. 𝑐𝑐 represents the damping coefficient in the 
direction of the cable. 𝑧𝑧 represents the sag in the Z 
direction of the cable, and 𝐹𝐹(𝑥𝑥, 𝑡𝑡) represents the 
excitation of the cable. The free vibration equation 
of cable along Z direction under time-varying cable 
force is 

𝜕𝜕
𝜕𝜕𝑠𝑠 �

(𝑇𝑇𝑠𝑠(𝑡𝑡) + 𝜏𝜏) �
𝑑𝑑𝑧𝑧
𝑑𝑑𝑠𝑠

+
𝜕𝜕𝜕𝜕
𝜕𝜕𝑠𝑠
�� 

 = 𝑚𝑚
𝜕𝜕2𝜕𝜕
𝜕𝜕𝑡𝑡2

+ 𝐶𝐶𝑧𝑧
𝜕𝜕𝜕𝜕
𝜕𝜕𝑡𝑡

− 𝑚𝑚𝑔𝑔 − 𝐹𝐹(𝑥𝑥, 𝑡𝑡) (9)

where, 𝑇𝑇𝑠𝑠(𝑡𝑡) = (𝐻𝐻𝑠𝑠(𝑡𝑡) + ℎ) 𝑑𝑑𝑠𝑠
𝑑𝑑𝑘𝑘

. For small sag 
cables, suppose 𝑑𝑑𝑠𝑠 ≈ 𝑑𝑑𝑥𝑥 . Dynamic equilibrium 
equation of cable in X direction is 𝜕𝜕

𝜕𝜕𝑠𝑠
(𝐻𝐻𝑠𝑠 + ℎ) = 0.

It can be seen that 𝐻𝐻𝑠𝑠 and ℎ are constant along the 
cable length and they are only the function of time. 
For small sag cable, ignoring the influence of sag 
and second order item, the differential equation of 
cable motion is obtained. 

𝑚𝑚𝜕𝜕2𝑤𝑤(𝑘𝑘,𝑡𝑡)
𝜕𝜕𝑡𝑡2

+ 𝐶𝐶𝑧𝑧
𝜕𝜕𝑤𝑤(𝑘𝑘,𝑡𝑡)
𝜕𝜕𝑡𝑡

− 𝐻𝐻𝑠𝑠(𝑡𝑡) 𝜕𝜕
2𝑤𝑤(𝑘𝑘,𝑡𝑡)
𝜕𝜕𝑘𝑘2

 = 𝐹𝐹(𝑥𝑥, 𝑡𝑡)  (10)

The dynamic displacement is represented by the 
linear superposition of the undamped free 
vibration modes of the cable, which can be 
expressed as 

𝜕𝜕(𝑥𝑥, 𝑡𝑡) = ∑ 𝜑𝜑𝑘𝑘(𝑥𝑥)𝑞𝑞𝑘𝑘𝑘𝑘 (𝑡𝑡) (11) 

where, 𝑞𝑞𝑘𝑘(𝑡𝑡) is the first mode amplitude of cable 
in-plane vibration. 𝜑𝜑𝑘𝑘(𝑥𝑥) is a continuous function 
that satisfies the geometric boundary conditions of 
cables. For A and B, namely 𝜑𝜑𝑘𝑘(0, 𝑡𝑡) = 0  and 
𝜑𝜑𝑘𝑘(𝐿𝐿, 𝑡𝑡) = 0 . According to the vibration 
characteristics of cable under time-varying cable 
force in section 2.2.2, vibration mode function of 
in-plane vibration of small sag cable can be 
assumed as [13] 

𝜑𝜑𝑘𝑘(𝑥𝑥) ≈ �
𝑘𝑘𝑘𝑘𝑥𝑥
𝑙𝑙
� (12) 

Taking Eqn. (12) into Eqn. (10), and using the 
orthogonality of 𝜑𝜑𝑘𝑘(𝑥𝑥) . The decoupled modal 
vibration equations of cables are obtained 

𝑚𝑚𝑖𝑖𝑞𝑞
∙∙
𝑖𝑖(𝑡𝑡) + 𝑐𝑐𝑖𝑖𝑞𝑞

∙
𝑖𝑖(𝑡𝑡) + 𝑘𝑘𝑖𝑖(𝑡𝑡)𝑞𝑞𝑖𝑖(𝑡𝑡) = 𝐹𝐹𝑖𝑖(𝑡𝑡) (13) 

 (𝑠𝑠 = 1,2, . . . , 𝑟𝑟) 

For the vibration equation of any order mode, it 
can be regarded as the vibration equation of single 
degree of freedom system. The two sides of the 
equation divide a at the same time. 

For any modal vibration equation, it can be 
regarded as the vibration equation of a single 
degree of freedom system. The two sides of the 
equation are divided by 𝑚𝑚𝑖𝑖 at the same time. Let 
𝐹𝐹𝑖𝑖(𝑡𝑡) = 0, we can obtain 

𝑞𝑞
∙∙
𝑖𝑖(𝑡𝑡) +

𝑐𝑐𝑖𝑖
𝑚𝑚𝑖𝑖

𝑞𝑞
∙
𝑖𝑖(𝑡𝑡) + 𝜔𝜔2

0𝑖𝑖(𝑡𝑡)𝑞𝑞𝑖𝑖(𝑡𝑡) = 0 (14) 

where, 𝜔𝜔0𝑖𝑖
2(𝑡𝑡) = 𝑘𝑘𝑖𝑖(𝑡𝑡)

𝑚𝑚𝑖𝑖(𝑡𝑡)
= 𝐻𝐻𝑠𝑠(𝑡𝑡) ∙ 𝑘𝑘

2∙𝑖𝑖2

𝑚𝑚𝑙𝑙2
 represents 

the time-varying natural frequency of the i-th order 
of the cable.  

Hilbert transform is applied to Eqn. (14), and the 
modal coordinate 𝑞𝑞𝑖𝑖(𝑡𝑡)  is expressed in analytical 
form [14] . Then we can obtain 

𝜔𝜔2
0𝑖𝑖(𝑡𝑡) = 𝜔𝜔𝑖𝑖

2 −
𝐴𝐴𝑖𝑖
∙∙

𝐴𝐴𝑖𝑖
+ 2

𝐴𝐴𝑖𝑖
∙

𝐴𝐴𝑖𝑖2
+
𝐴𝐴
∙
𝑖𝑖𝜔𝜔
∙
𝑖𝑖

𝐴𝐴𝑖𝑖𝜔𝜔𝑖𝑖
(15) 

where, 𝐴𝐴𝑖𝑖and 𝜔𝜔𝑖𝑖 are the instantaneous amplitude 
and instantaneous frequency of the modal 

V(x,t)

select discrete element

X

Z

A B

Y

F(x,t)
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coordinates of the cable free vibration response, 
respectively. 

In practical engineering, the derivative of each 
component signal envelope of vibration response 
signal is much smaller than the instantaneous 
frequency, which can be ignored. Eqn. (15) reveal 
the relationship between the instantaneous 
frequency of cable vibration and the instantaneous 
amplitude and frequency of the response modal 
coordinate. The time-frequency analysis method is 
used to extract the instantaneous frequency and 
amplitude of the single component of the free 
vibration response of the cable, and the time-
varying natural frequency of the cable is obtained. 
The time-varying cable force is obtained by the 
relationship between it and the time-varying 
natural frequency. 

3 Numerical verification using FE 
model 

Taking the cable vibration model in Section 2.2 as 
an example, as shown in Figure. 8, constant cable 
force, linear variation cable force and sinusoidal 
variation cable force are applied to the cable 
respectively, and the accuracy of the proposed 
time-varying cable force identification method is 
studied. 

(a) (b) 

(c) 

Figure 8. Cable force variation conditions 

After the lateral excitation is applied, the cable is 
allowed to vibrate freely, and the acceleration 
response data at 1/4 position are taken to identify 
the time-varying cable force. The acceleration 

response data under different conditions are 
shown in Figure. 9. 

(a) (b) 

(c) 

Figure 9. Cable vibration signals under different 
conditions 

The above acceleration signals are processed by 
MSST method, and the time-frequency distribution 
of cable vibration signals can be obtained, as shown 
in Figure. 10. 

(a) (b) 

(c) 

Figure 10. Time-frequency representation under 
different conditions 

The instantaneous frequency component of the 
cable vibration response is approximately the time-
varying natural frequency of the cable itself. 
According to the obtained instantaneous 
frequency component of the cable vibration, the 
time-varying cable force is obtained by using the 
relationship between the time-varying cable force 
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and the instantaneous natural frequency of the 
cable, which is shown Figure 11. 

（a） constant cable force 

（b） linear varying cable force 

(c) sinusoidal variation cable force

Figure 11. Identification results of time-varying 
cable force under different conditions 

The average error formula of the i-th time-
varying cable force identification is defined as: 

𝜉𝜉𝑖𝑖 =
||𝑇𝑇𝑖𝑖
∧

(𝑡𝑡) − 𝑇𝑇𝑖𝑖(𝑡𝑡)||2
�|𝑇𝑇𝑖𝑖(𝑡𝑡)|�

× 100% (16) 

According to the Eqn. (16), the identification error 

of cable force in Table 1. can be obtained. Whether 
the single-order cable force identification error or 
the average cable force identification error are 
within 3%, which proves that the proposed 
identification method has high accuracy for 
different conditions. 

Table 1. Cable force identification accuracy 

Identification error（%） 

condition Constant
cable force 

Linear varying 
cable force 

Sine change 
cable force 

1st cable 
force 0.01 0.94 1.73 

2nd cable 
force 0.01 0.95 1.32 

3rd cable 
force 1.57 1.94 2.49 

Average 
cable force 0.52 0.94 1.54 

4 Conclusions 
Based on the time-frequency analysis theory, the 
vibration characteristics of the cable under the 
action of time-varying cable force are studied, and 
the dynamic equation of the cable under the action 
of time-varying cable force is established. The 
relationship between the time-varying cable force 
and the instantaneous natural frequency of the 
cable is obtained. The finite element software is 
used to simulate the different time-varying cable 
force conditions of the cable, and the proposed 
time-varying cable force identification method is 
verified. 

5 References 
[1] Mao JX, Wang H, Feng DM, Tao TY, Zheng

WZ.Investigation of dynamic properties of
long-span cable-stayed bridges based on
one-year monitoring data under normal

0 2 4 6 8 10 12 14 16 18 20

Time (s)

588

590

592

594

596

598

600

602

C
ab

le
 fo

rc
e 

(k
N

)

1st frequency calculated tension

2nd frequency calculated tension

3rd frequency calculated tension

Mean value of identifying cable force

Theoretical cable force

0 5 10 15 20 25 30 35 40 45 50

Time (s)

550

600

650

700

750

800

850

900

950

1000

Ca
bl

e 
fo

rc
e 

(k
N

)

1st frequency calculated tension

2nd frequency calculated tension

3rd frequency calculated tension

Mean value of identifying cable force

Theoretical cable force

0 10 20 30 40 50 60

Time (s)

500

600

700

800

900

1000

1100

1200

1300

1400

1500

C
ab

le
 fo

rc
e 

(k
N

)

1st frequency calculated tension

2nd frequency calculated tension

3rd frequency calculated tension

Mean value of identifying cable force

Theoretical cable force

1335



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

operating condition. Structural Control and 
Health Monitoring. 2018;25(5):e2146. 

[2] Zhang X, Peng J, Cao M, Damjanović D,
Ostachowicz W. Identification of
instantaneous tension of bridge cables from
dynamic responses: STRICT algorithm and
applications. Mechanical Systems and Signal
Processing. 2020;142:106729.

[3] Li H, Zhang F, Jin Y. Real-time identification
of time-varying tension in stay cables by
monitoring cable transversal acceleration.
Structural Control & Health Monitoring.
2014;21(7):1100-1117.

[4] Yuan L. CABLE FORCE MONITORING AND
EVALUATION OF BRIDGE STATE IN CABLE-
STAYED BRIDGE[D]. Southeast University.
2017. (in Chinese)

[5] Yang Y, Li S, Nagarajaiah S, Li H, Peng Zhou.
Real-Time Output-Only Identification of
Time-Varying Cable Tension from
Accelerations via Complexity Pursuit. Journal
of Structural Engineering. 2016;142(1):1-10.

[6] Bao Y, Shi Z, Beck JL, Li H, Hou TY.
Identification of time-varying cable tension
forces based on adaptive sparse time-
frequency analysis of cable vibrations.
Structural Control and Health Monitoring.
2017;24(3):e1889.

[7] Xue S, Shen R. Real time cable force
identification by short time sparse time
domain algorithm with half wave.
Measurement. 2020;152:107355.

[8] Wang C, Wei-Xin Ren, Zuo-Cai Wang, Hong-
Ping Zhu. Instantaneous frequency
identification of time-varying structures by
continuous wavelet transform. Engineering
Structures. 2013;52:17-25.

[9] Yu G, Wang Z, Zhao P.
Multisynchrosqueezing transform. IEEE
Transactions on Industrial Electronics.
2018;66(7):5441-5455.

[10] Huang NE, Wu Z, Long SR, Arnold KC, Chen X,
Blank K. On instantaneous frequency.
Advances in adaptive data analysis.
2009;1(02):177-229.

[11] Ren W, Sneed LH, Yang Y, He R. Numerical
simulation of prestressed precast concrete
bridge deck panels using damage plasticity
model. International Journal of Concrete
Structures and Materials. 2015;9(1):45-54.

[12] Zhang F, LI H, Mao C. ldentification of Time-
variant Stay Cable Tension Force Using a
Wavelet Method in Combination with
Extended Kalman Filter. Journal of Civil
Engineering and Management.
2013;30(03):1-5. (in Chinese)

[13] Susumpow T, Yozo Fujino. Active control of
multimodal cable vibrations by axial support
motion. Journal of engineering mechanics.
1995;121(9):964-972.

[14] Wang Z, Ren W, XING Y. Analytical modal
decomposition-based time-varying and
weakly nonlinear structures’ modal
parametric identification with closely-
spaced modes. JOURNAL OF VIBRATION AND
SHOCK. 2014;33(19):1-7+16. (in Chinese)

1336



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Research on the Damping Ratio Variation of Vehicle Bridge Interaction 
System Based on the Complex Mode Method 

Fengzong Gong, Zhiqiang Shang, Ye Xia 
Department of Bridge Engineering, Tongji University, Shanghai, China 

Contact: yxia@tongji.edu.cn 

Abstract 
Vehicle-bridge interaction (VBI) is a classical problem in bridge structural health monitoring (SHM), 
and there are many studies on this problem. However, most of the studies have focused on the 
frequency of VBI systems and neglected the damping. In this paper, the effects of vehicle parameters 
on the damping ratio of VBI systems are investigated. First, the equations of motion (EOM) of the 
VBI system are given. Then the damping ratios of the VBI system are solved by the complex mode 
method, and the results are verified by numerical simulation. Finally, the effects of vehicle 
parameters on the damping ratio of the bridge are analyzed. The results show that the speed, 
position, mass, frequency, and damping ratio of the vehicle will affect the damping ratio of the VBI 
system. When the vehicle frequency is close to the resonance condition, the change of damping 
ratio of the bridge is not negligible. 

Keywords: Vehicle-Bridge Interaction; Damping Ratio; Complex Mode Method; Vehicle parameters. 

1 Introduction 
The frequencies and damping ratios of bridges are 
important indicators in the bridge structural health 
monitoring (SHM), as the dynamic characteristics 
of bridges contains information on structural 
damage. Traffic loads also have an impact on the 
dynamic characteristics of bridges[1], therefore it is 
important to explore this issue in order to assess 
the condition of bridges.  

Many studies have shown that the natural 
frequencies, damping ratios and vibration modes 
of bridges will change due to the vehicle-bridge 
interaction (VBI) effect. Yang[2] studied the 
variation of vehicle and bridge frequencies when a 
vehicle acts on a simply supported beam and gave 
a closed form solution considering only the first 
order vibration mode without damping. The results 
show that the effect of the VBI effect on the 
inherent frequency of the bridge cannot be ignored, 

when the vehicle mass is large or the frequency is 
close to the resonance condition. Yang[3] proposed 
an indirect method based on S-transformation to 
identify the bridge frequency when a vehicle passes 
over a bridge. From the identification results it can 
be seen that the bridge natural frequency varies 
with the vehicle position and vehicle mass. 
Cantero[4] conducted an experiment to measure 
bridge frequencies and modes for vehicles in 
different positions and used a simplified numerical 
model to analyse the results. The results show that 
the bridge frequency varies with the vehicle 
position. Stoura[5] and Yau[6] studied the 
additional damping effect of bridges caused by the 
VBI effect. They also gave separate simplified 
formulas for additional damping applicable to 
railroad bridges. From the above studies it can be 
found that the position, speed, mass and dynamic 
characteristics of the vehicle have an effect on the 
frequency and damping ratio of the bridge. 
However, there are few studies that discuss the 
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effects of these vehicle parameters on bridge 
damping ratios. 

In this paper, the equations of motion (EOM) of the 
VBI system are given first. Then the eigenvalues of 
the VBI system are solved using the complex modal 
method to obtain the damping ratio of the bridge 
considering the VBI effect. The calculation results 
of damping ratio are verified by numerical 
simulation. The effects of vehicle speed, position, 
mass, frequency, and damping ratio on the 
damping ratio of the bridge are analyzed. The 
results of this study can provide a basis for the 
condition assessment of bridges in operational 
conditions. 

2 Problem formulation 

2.1 Equations of motion of the VBI system 

Figure 1 VBI system 

Consider a single-degree-of-freedom vehicle model 
acting on a bridge, as in Figure 1, and the EOM of 
the vehicle-bridge coupled system as follows[7]: 

�𝒎𝒎𝒃𝒃 0
0 𝑚𝑚𝑣𝑣

� ��̈�𝒖𝒃𝒃�̈�𝑢𝑣𝑣
� + �

𝒄𝒄𝒃𝒃 + 𝒘𝒘𝒃𝒃𝑐𝑐𝑣𝑣𝒘𝒘𝒃𝒃
𝑻𝑻 −𝒘𝒘𝒃𝒃𝑐𝑐𝑣𝑣

−𝑐𝑐𝑣𝑣𝑤𝑤𝑏𝑏𝑇𝑇 𝑐𝑐𝑣𝑣
� ��̇�𝒖𝒃𝒃�̇�𝑢𝑣𝑣

�

+ �
𝒌𝒌𝒃𝒃 + 𝒘𝒘𝒃𝒃𝑘𝑘𝑣𝑣𝒘𝒘𝒃𝒃

𝑻𝑻 + 𝑣𝑣𝒘𝒘𝒃𝒃𝑐𝑐𝑣𝑣𝒘𝒘𝒃𝒃
𝑻𝑻 −𝒘𝒘𝒃𝒃𝑘𝑘𝑣𝑣

−𝑘𝑘𝑣𝑣𝒘𝒘𝒃𝒃
𝑻𝑻 − 𝑣𝑣𝑐𝑐𝑣𝑣𝒘𝒘𝒃𝒃

𝑻𝑻 𝑘𝑘𝑣𝑣
� �
𝒖𝒖𝒃𝒃
𝑢𝑢𝑣𝑣�

= �−𝒘𝒘𝒃𝒃𝑚𝑚𝑣𝑣𝑔𝑔 − 𝑣𝑣𝒘𝒘𝒃𝒃𝑐𝑐𝑣𝑣𝑟𝑟′ − 𝒘𝒘𝒃𝒃𝑘𝑘𝑣𝑣𝑟𝑟
𝑐𝑐𝑣𝑣𝑣𝑣𝑟𝑟′ + 𝑘𝑘𝑣𝑣𝑟𝑟

� (1) 

where 𝒎𝒎𝒃𝒃, 𝒄𝒄𝒃𝒃, and 𝒌𝒌𝒃𝒃 are the mass, damping, and 
stiffness matrices of the bridge. 𝑚𝑚𝑣𝑣, 𝑐𝑐𝑣𝑣, and 𝑘𝑘𝑣𝑣 are 
the mass, damping coefficients, and stiffness of the 
vehicle. 𝒘𝒘𝒃𝒃 is the vehicle contact position matrix. 𝑣𝑣 
is the vehicle speed, and 𝑟𝑟(𝑥𝑥)  is the roadway 
irregularity. 

The Eqn. (1) is simplified using the mode 
decomposition method. The 𝑛𝑛th order mode of the 
bridge is Φ𝑛𝑛, and Φ𝑛𝑛(𝑥𝑥) denotes the value of the 
vibration vector at the vehicle position 𝑥𝑥 , where 

𝑥𝑥 = 𝑣𝑣𝑣𝑣, then the VBI system equation for the nth 
order vibration is: 

�𝑚𝑚𝑏𝑏
∗ 0

0 𝑚𝑚𝑣𝑣
∗� �

�̈�𝑞𝑏𝑏𝑛𝑛
�̈�𝑞𝑣𝑣𝑛𝑛

� + �𝑐𝑐𝑏𝑏
∗ + 𝑐𝑐𝑣𝑣∗ −𝑐𝑐𝑣𝑣∗
−𝑐𝑐𝑣𝑣∗ 𝑐𝑐𝑣𝑣∗

� ��̇�𝑞𝑏𝑏𝑛𝑛�̇�𝑞𝑣𝑣𝑛𝑛
�

+ �𝑘𝑘𝑏𝑏
∗ + 𝑘𝑘𝑣𝑣∗ + 𝑣𝑣𝑐𝑐𝑣𝑣∗ −𝑘𝑘𝑣𝑣∗
−𝑘𝑘𝑣𝑣∗ − 𝑣𝑣𝑐𝑐𝑣𝑣∗ 𝑘𝑘𝑣𝑣∗

� �
𝑞𝑞𝑏𝑏𝑛𝑛
𝑞𝑞𝑣𝑣𝑛𝑛�

= �
Φ𝑛𝑛
𝑇𝑇�−𝑤𝑤𝑏𝑏𝑚𝑚𝑣𝑣𝑔𝑔 − 𝑣𝑣𝑤𝑤𝑏𝑏𝑐𝑐𝑣𝑣𝑟𝑟′(𝑥𝑥) − 𝑤𝑤𝑏𝑏𝑘𝑘𝑣𝑣𝑟𝑟(𝑥𝑥)�
Φ𝑛𝑛
𝑇𝑇(𝑥𝑥)�𝑣𝑣𝑤𝑤𝑣𝑣𝑐𝑐𝑣𝑣𝑟𝑟′(𝑥𝑥) + 𝑤𝑤𝑣𝑣𝑘𝑘𝑣𝑣𝑟𝑟(𝑥𝑥)�

� (2) 

where 𝑚𝑚𝑏𝑏
∗ , 𝑐𝑐𝑏𝑏∗ , 𝑘𝑘𝑏𝑏∗  are the generalized mass, 

damping, and stiffness of the 𝑛𝑛th order mode of 
the bridge. 𝑚𝑚𝑣𝑣

∗ , 𝑐𝑐𝑣𝑣∗ , 𝑘𝑘𝑣𝑣∗  are related to the vehicle 
position 𝑥𝑥. 

𝑚𝑚𝑣𝑣
∗(𝑥𝑥) = Φ𝑛𝑛

𝑇𝑇(𝑥𝑥)𝑚𝑚𝑣𝑣Φ𝑛𝑛(𝑥𝑥) (3) 

𝑐𝑐𝑣𝑣∗(𝑥𝑥) = Φ𝑛𝑛
𝑇𝑇(𝑥𝑥)𝑐𝑐𝑣𝑣Φ𝑛𝑛(𝑥𝑥) (4) 

𝑘𝑘𝑣𝑣∗(𝑥𝑥) = Φ𝑛𝑛
𝑇𝑇(𝑥𝑥)𝑘𝑘𝑣𝑣Φ𝑛𝑛(𝑥𝑥) (5) 

Solve the frequency and damping ratio of this 
system as an eigenvalue problem. Using the 
following relationship: 

𝑐𝑐𝑣𝑣∗ = 2𝑚𝑚𝑣𝑣
∗𝜔𝜔𝑣𝑣𝜉𝜉𝑣𝑣 (6) 

𝑘𝑘𝑣𝑣∗ = 𝑚𝑚𝑣𝑣
∗𝜔𝜔𝑣𝑣2 (7) 

The Eqn. (2) can be written as: 

�1 0
0 1� �

�̈�𝑞𝑏𝑏𝑛𝑛
�̈�𝑞𝑣𝑣𝑛𝑛

�

+ �2𝜔𝜔𝑏𝑏𝜉𝜉𝑏𝑏 + 2𝜔𝜔𝑣𝑣𝜉𝜉𝑣𝑣 −𝜇𝜇∗(2𝜔𝜔𝑣𝑣𝜉𝜉𝑣𝑣𝜆𝜆 − 𝜔𝜔𝑣𝑣2)
−2𝜔𝜔𝑣𝑣𝜉𝜉𝑣𝑣𝜆𝜆 − 𝜔𝜔𝑣𝑣2 2𝜔𝜔𝑣𝑣𝜉𝜉𝑣𝑣

� ��̇�𝑞𝑏𝑏𝑛𝑛�̇�𝑞𝑣𝑣𝑛𝑛
�

+ �𝜔𝜔𝑏𝑏
2 + 𝜇𝜇∗𝜔𝜔𝑣𝑣2 + 2𝜇𝜇∗𝑣𝑣𝜔𝜔𝑣𝑣𝜉𝜉𝑣𝑣 −𝜇𝜇∗𝜔𝜔𝑣𝑣2

−𝜔𝜔𝑣𝑣2 − 2𝑣𝑣𝜔𝜔𝑣𝑣𝜉𝜉𝑣𝑣 𝜔𝜔𝑣𝑣2
� �
𝑞𝑞𝑏𝑏𝑛𝑛
𝑞𝑞𝑣𝑣𝑛𝑛� = 𝑭𝑭 (8) 

Where: 

𝑭𝑭 = �
Φ𝑛𝑛
𝑇𝑇�−𝑤𝑤𝑏𝑏𝑚𝑚𝑣𝑣𝑔𝑔 − 𝑣𝑣𝑤𝑤𝑏𝑏𝑐𝑐𝑣𝑣𝑟𝑟′(𝑥𝑥) − 𝑤𝑤𝑏𝑏𝑘𝑘𝑣𝑣𝑟𝑟(𝑥𝑥)�
Φ𝑛𝑛
𝑇𝑇(𝑥𝑥)�𝑣𝑣𝑤𝑤𝑣𝑣𝑐𝑐𝑣𝑣𝑟𝑟′(𝑥𝑥) + 𝑤𝑤𝑣𝑣𝑘𝑘𝑣𝑣𝑟𝑟(𝑥𝑥)�

� 

𝜔𝜔𝑏𝑏, 𝜉𝜉𝑏𝑏  are the frequencies and damping ratios of 
the bridge of the nth order, 𝜔𝜔𝑣𝑣 , 𝜔𝜔𝑣𝑣  are the 
frequencies and damping ratios of the vehicle, and 
𝜇𝜇∗ is the modal mass ratio of the vehicle and the 
bridge: 

𝜇𝜇∗ =
𝑚𝑚𝑣𝑣
∗

𝑚𝑚𝑏𝑏
∗ (9) 

Compared with Eqn. (1), Eqn. (8) uses the vibration 
decomposition method to reduce the order for the 
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VBI equation considering only the nth order mode. 
Only the frequencies, damping ratios and mass 
ratios of the bridge and vehicle are included in the 
equation. Using this form does not require the 
damping ratio matrix of the bridge, and it is easy to 
deal with the damping ratio of each order of the 
bridge. 

2.2 Damping ratio of the VBI system 

Eqn. (8) can be written as follows: 

𝑴𝑴�̈�𝒒 + 𝑪𝑪�̇�𝒒 + 𝑲𝑲𝒒𝒒 = 𝑭𝑭 (10) 

Where: 

𝑴𝑴 = 𝑰𝑰 

𝑪𝑪 = �2𝜔𝜔𝑏𝑏𝜉𝜉𝑏𝑏 + 2𝜔𝜔𝑣𝑣𝜉𝜉𝑣𝑣 −𝜇𝜇∗(2𝜔𝜔𝑣𝑣𝜉𝜉𝑣𝑣𝜆𝜆 − 𝜔𝜔𝑣𝑣2)
−2𝜔𝜔𝑣𝑣𝜉𝜉𝑣𝑣𝜆𝜆 − 𝜔𝜔𝑣𝑣2 2𝜔𝜔𝑣𝑣𝜉𝜉𝑣𝑣

� 

𝑲𝑲 = �𝜔𝜔𝑏𝑏
2 + 𝜇𝜇∗𝜔𝜔𝑣𝑣2 + 2𝜇𝜇∗𝑣𝑣𝜔𝜔𝑣𝑣𝜉𝜉𝑣𝑣 −𝜇𝜇∗𝜔𝜔𝑣𝑣2

−𝜔𝜔𝑣𝑣2 − 2𝑣𝑣𝜔𝜔𝑣𝑣𝜉𝜉𝑣𝑣 𝜔𝜔𝑣𝑣2
� 

Eqn. (10) can be reformulated in the form of a 
system of first-order equations [8]: 

𝑨𝑨�̇�𝒗 + 𝑩𝑩𝒗𝒗 = 𝑷𝑷 (11) 

Where: 

𝑨𝑨 = �𝟎𝟎 𝑴𝑴
𝑴𝑴 𝑪𝑪� ,𝑩𝑩 = �−𝑴𝑴 𝟎𝟎

𝟎𝟎 𝑲𝑲� 

𝒗𝒗 = ��̇�𝒒𝒒𝒒� ,𝑷𝑷 = �𝟎𝟎𝑭𝑭� 

The self-oscillation frequency and damping ratio 
can be obtained by solving the eigenvalues of the 
matrix 𝑫𝑫: 

𝑫𝑫 = −𝑩𝑩−𝟏𝟏𝑨𝑨 = � 𝟎𝟎 𝑰𝑰
−𝑲𝑲−𝟏𝟏𝑴𝑴 −𝑲𝑲−𝟏𝟏𝑪𝑪� (12) 

The eigenvalues of 𝑫𝑫 are 𝜆𝜆： 

𝜆𝜆 = 𝑎𝑎 + 𝑏𝑏𝑏𝑏 (13) 

The frequency and damping ratios are: 

𝜔𝜔𝑉𝑉𝑉𝑉𝑉𝑉 = �𝑎𝑎2 + 𝑏𝑏2 (14) 

𝜉𝜉𝑉𝑉𝑉𝑉𝑉𝑉 = −
𝑎𝑎

√𝑎𝑎2 + 𝑏𝑏2
(15) 

3 Numerical validation 
In this section, the acceleration response of VBI is 
calculated by finite element model (FEM), and then 
the damping ratio of the bridge is identified to 
verify the accuracy of the proposed method. In 
order to intuitively show the influence of VBI effect 
on the bridge damping ratio, the bridge damping 
ratio is set to 𝜉𝜉𝑏𝑏 = 0. 

The bridge characteristics are selected as follows: 
span 𝐿𝐿 = 32𝑚𝑚 , flexure stiffness: 𝐸𝐸𝐸𝐸 = 11.04 ×
1011𝑁𝑁/𝑚𝑚2 , mass per meter 𝑚𝑚 = 28600𝑘𝑘𝑔𝑔/𝑚𝑚 . 
The vehicle characteristics are selected as follows: 
mass 𝑚𝑚𝑣𝑣 = 20000𝑘𝑘𝑔𝑔 , 𝑘𝑘𝑣𝑣 = 10.14 × 106𝑁𝑁/𝑚𝑚 , 
damping coefficients 𝑐𝑐𝑣𝑣 = 1.8 × 105𝑁𝑁𝑚𝑚/
𝑠𝑠 ,damping ratio𝜉𝜉𝑣𝑣 = 0.2 , and vehicle speed 𝑣𝑣 =
20𝑚𝑚/𝑠𝑠. 

Figure 2 Variation of bridge damping ratio 

The damping ratio of the VBI system is obtained by 
solving the eigenvalues of the Eqn. (11) using the 
complex modal method, as shown in Figure 2. 
When the vehicle is in the mid-span of the bridge, 
the damping ratio of the bridge rises to 0.45%. 

In this paper, the inter-system iterative (ISI) 
method[9] is used to calculate the FEM response of 
VBI. The first-order acceleration response of the 
beam can be obtained by band-pass filtering the 
calculated results, as shown in Figure 3. When the 
vehicle passes the element where the 
measurement point is located, the acceleration will 
change abruptly. Therefore, in order not to affect 
the identification of the damping ratio of the 
vehicle at the mid-span position, the bridge at 
1/8th span is selected as the measurement point 
here. 

As can be seen in Figure 3 (b), the acceleration 
response of the bridge decays when the vehicle is 
traveling on the bridge. When the vehicle leaves 
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Figure 3 (a) Dacey response (b) Bridge acceleration for VBI model (results after bandpass filtering) 

the bridge, the acceleration response of the bridge 
becomes a free vibration without decay because 
the damping ratio of the bridge is set to 0. 
Therefore, the decay response in Figure 3 (a) is 
caused by the VBI effect. 

Identifying the time-varying damping ratio of a 
structure is usually difficult, therefore this paper 
uses the decay response in Figure a to identify the 
damping ratio of the bridge as the vehicle passes 
through the span, and the damping ratio is 
identified by the HHT method[10]. 

The identification result of the damping ratio is 
0.41%. Figure 2 shows that the damping ratio of the 
bridge is around 0.4% when the vehicle is near the 
mid-span, and the maximum damping ratio is 
0.45%. The above results verify the accuracy of the 
damping ratio calculation method of the VBI 
system proposed in this paper. 

4 Discussion on vehicle parameters 
In this section, the bridge characteristics are 
selected as follows: span 𝐿𝐿 = 30𝑚𝑚 , elasticity 
modulus 𝐸𝐸 = 2.75 × 1010𝑁𝑁/𝑚𝑚2, rotational inertia 
𝐸𝐸 = 0.175𝑚𝑚4 , mass per meter 𝑚𝑚 = 1000𝑘𝑘𝑔𝑔/𝑚𝑚 , 
damping ratio 𝜉𝜉𝑏𝑏 = 1%. The vehicle characteristics 
are selected as follows: mass 𝑚𝑚𝑣𝑣 = 1000𝑘𝑘𝑔𝑔, 𝑘𝑘𝑣𝑣 =
3.75 × 105𝑁𝑁/𝑚𝑚 , damping ratio 𝜉𝜉𝑣𝑣 = 5% , and 
vehicle speed 𝑣𝑣 = 20𝑚𝑚/𝑠𝑠 . The first three order 
frequencies of the bridge are 4.162 Hz, 16.64 Hz, 
and 37.46 Hz; the frequency of the vehicle is 3.082 
Hz.  

4.1 Vehicle speed and position 

Figure 4 shows the variation curve of bridge 
damping ratio with vehicle speed. The damping 
ratio in the figure is the maximum bridge damping 
ratio during the movement of the vehicle on the 
bridge. From the figure, it can be seen that the 
bridge damping ratio is linearly related to the 
vehicle speed. The first order damping ratio of the 
bridge showed the largest change, increasing from 
1.82% to 1.84%. The changes in the damping ratios 
of the second and third orders are slight. Eqn. (1) 
contains only one vehicle dynamics parameter, 
vehicle damping, in the term containing the vehicle 
speed 𝑣𝑣. Therefore, the slope of the line in Figure 4 
is related to vehicle damping. 

Figure 4 Variation of bridge damping ratio with 
vehicle speed 

Figure 5 shows the variation curves of the square 
𝛷𝛷𝑛𝑛2(𝑥𝑥)  of the bridge vibration pattern and the 
damping ratio of the bridge with the vehicle 
position. The shape of both curves is the same. The 
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maximum first order damping ratio of the bridge 
when the vehicle is located in the mid-span is 
1.841%. The maximum second order damping ratio 
of the bridge is 1.065% when the vehicle is located 
at 1/4 span. When the vehicle is located at the 
position of the immobile point of the bridge 
vibration mode, the bridge damping ratio is 1% and 
the change of the bridge damping ratio caused by 
the VBI effect is 0. 

Figure 5 𝛷𝛷𝑛𝑛2(𝑥𝑥) and variation of bridge damping 
ratio with vehicle position 

4.2 Vehicle mass, frequency and damping 
ratio 

Figure 6 shows the relationship between the bridge 
damping ratio and the vehicle-to-bridge mass ratio 
𝑚𝑚𝑣𝑣/𝑚𝑚𝑏𝑏

∗ . The bridge damping ratio is the maximum 
bridge damping ratio during the vehicle movement. 
The relationship between the bridge damping ratio 
and the axle mass ratio is non-linear. The larger the 
vehicle mass, the larger the damping ratio of the 
bridge due to the VBI effect. It should be noted that 
this conclusion is obtained at vehicle frequency 
close to the bridge frequency. In the following, the 
effect of vehicle frequency on the damping ratio of 
the bridge will be analyzed. 

Figure 6 Variation of bridge damping ratio with 
𝑚𝑚𝑣𝑣/𝑚𝑚𝑏𝑏

∗

Figure 7 shows the variation of bridge damping 
ratio with the ratio of vehicle frequency to bridge 

frequency 𝜔𝜔𝑣𝑣/𝜔𝜔𝑏𝑏. When the vehicle frequency is 
close to the bridge frequency, the bridge damping 
ratio increases to more than three times of the 
original due to the VBI effect. However, the bridge 
damping ratio decreases slightly when the vehicle 
frequency is greater than 2 to 3 times the bridge 
frequency. This phenomenon can be explained by 
the definition of damping ratio: 

𝜉𝜉 =
𝑐𝑐

2𝑚𝑚𝜔𝜔 (16) 

When the vehicle frequency is much larger than the 
bridge frequency, the vehicle can be seen as a 
moving mass, which is based on Eqn. (16) to see 
that the damping ratio decreases slightly as the 
mass increases. 

Figure 7 Variation of bridge damping ratio with 
𝜔𝜔𝑣𝑣/𝜔𝜔𝑏𝑏 

Figure 8 shows the variation of bridge damping 
ratio with 𝜉𝜉𝑣𝑣/𝜉𝜉𝑏𝑏. When the vehicle damping ratio 
gradually increases, the bridge damping ratio also 
increases, while when the vehicle damping ratio is 
very large, the bridge damping ratio no longer 
increases. This is because when the vehicle 
damping ratio is large, the vibration amplitude of 
the vehicle decreases, reducing the vehicle's 
consumption of bridge vibration energy, so the 
damping ratio of the bridge due to the VBI effect no 
longer continues to increase. 

Figure 8 Variation of bridge damping ratio with 
𝜉𝜉𝑣𝑣/𝜉𝜉𝑏𝑏 

In order to clearly express the effect of vehicle 
frequency and damping on the bridge damping 
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ratio, these three variables are pictured in the 
same diagram as Figure 9, where the red dashed 
lines are the curves in Figure 7 and Figure 8. When 
the vehicle and the bridge are in resonance, the 
damping ratio of the bridge will increase 
significantly. When 0 < 𝜔𝜔𝑣𝑣 𝜔𝜔𝑏𝑏⁄ < 2, the damping 
ratio of the bridge also increases in different 
degrees. This is the same as the conclusion in 
Figure 7. As the vehicle damping ratio increases, 
the bridge damping ratio will not increase all the 
time, which coincides with the findings in Figure 8. 

Figure 9 Variation of bridge damping ratio with 
𝜔𝜔𝑣𝑣/𝜔𝜔𝑏𝑏, 𝜉𝜉𝑣𝑣/𝜉𝜉𝑏𝑏 

5 Conclusion 
In this paper, the damping ratio of the VBI system 
is solved using the complex mode method. The 
effects of vehicle speed, position, weight, 
frequency and damping ratio on the bridge 
damping ratio are analyzed and the following 
conclusions are obtained： 

1. The change of bridge damping ratio due to VBI
effect is related to the vehicle speed, and the
larger the vehicle speed, the larger the change
of bridge damping ratio.

2. When the vehicle moves to the zero point of
the bridge vibration mode, the VBI effect has
no impact on the damping ratio of the bridge.

3. There is a non-linear relationship between
vehicle mass and bridge damping ratio, when
the vehicle frequency is close to the bridge
frequency, the bridge damping ratio will
increase with the increase of vehicle mass.

4. When the ratio of vehicle frequency to bridge
frequency 𝜔𝜔𝑣𝑣 𝜔𝜔𝑏𝑏⁄ < 2, it causes an increase in 

the bridge damping ratio due to the VBI effect. 
When the vehicle frequency is much larger 
than the bridge frequency, the suspension 
system of the vehicle can be ignored in the 
calculation of the bridge damping ratio, and 
the vehicle is considered as a moving mass. 

5. The change of damping ratio of the bridge due
to VBI effect will not always increase with the
increase of vehicle damping ratio, and the
increase of damping ratio of the bridge is
limited when the vehicle damping ratio is large.

The above conclusions are relevant for assessing 
the damping ratio of bridges under operational 
conditions. For large span bridges, the first order 
frequency of the structure is usually less than 1 Hz, 
while the vehicle frequency is usually greater than 
1 Hz, therefore the change in the damping ratio of 
the bridge due to the vehicle-bridge coupling effect 
is slight. When evaluating low-order damping 
ratios for large span bridges, the traffic loads can 
be reduced to moving mass. For small- and 
medium-span bridges, such as railroad bridges, the 
bridge frequencies and vehicle frequencies will 
usually be close to each other, so the increase in 
bridge damping ratio due to VBI effect needs to be 
considered when evaluating the damping ratio of 
the bridge. 
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Abstract 
Structural health monitoring (SHM) techniques evaluate the state of the structures and detect 
damages based on the analyses of the monitored responses. As the measurement of all target 
responses can be difficult due to various limitations, reconstructing the target responses using 
measured data is necessary. To reconstruct the response data in the field of structural health 
monitoring, this paper proposes a multi-end deep convolutional network with an encoder-decoder 
structure and skip connections. The responses are computed by the finite element model and then 
divided into the training set. The proposed network model is trained to map the relationships 
among the various responses of involved positions. Varied measured data can be fused to 
reconstruct different desired responses at multi-position, leveraging a single network. Two 
numerical simulations are conducted to demonstrate the proposed method's applicability.  

Keywords: response reconstruction; multi-end convolutional neural network; data conversion; 
data fusion; structural health monitoring. 

1 Introduction 
In structural health monitoring (SHM), measured 
response data is one significant basis for structural 
condition evaluation and other in-depth analyses. 
However, obtaining all the desired responses 
directly can be hard or even impossible due to the 
economic and technical restrictions. 

Various indirect approaches have been proposed 
aiming to convert available responses to the 

target ones. These methods can be roughly 
categorized into two types: model-driven and 
data-driven.  

Early-developed model-driven approaches include 
inverse-FEM[1-3] and dynamic expansion(or 
reduction)[4,5] methods. Besides, the hybrid 
monitoring theory has been proposed[6,7]. By 
forming and solving an underdetermined equation, 
it can estimate the equivalent load and then apply 
it to the FEM to compute the desired responses. 
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For these model-driven methods, the accuracy of 
the model and external load are two critical 
problems. Correspondingly, model-updating[8] 
and force identification technologies[9] have been 
studied, which can offer helps for model-driven 
response estimation. 

Traditional data-driven methods mainly attempt 
to achieve reconstruction by numerical 
integrations. The acceleration can be converted to 
displacement by double integration in the time 
domain, whereas the signal drift problems need to 
be faced[10-13]. Other studies integrate 
strain[14,15] or inclination[16-19] responses 
longitudinally to obtain the deflections. 
Along with the rapid development of machine 
learning and even deep learning, many 
researchers have proposed their neural networks 
for various SHM applications[20,21]. Since the 
deep learning network has a strong ability on 
nonlinear mapping, it can also be utilized for 
response reconstruction[22-25]. However, the 
data type in most current works is unique, which 
means the data diversity cannot be improved. 

This paper proposes a multi-end convolutional 
neural network to reconstruct responses of the 
structure. Different types of responses at different 
locations can be given by a single network. Two 
numerical analyses are conducted to validate the 
proposed approach. 

2 Methodology 

2.1 Convolution and deconvolution 

Most layers of the proposed network are 
convolutional and deconvolutional layers, whose 
detailed formulations can be found in [26]. 
Convolutional layers extract features by the 
kernels. A convolution operation can convert all 
the pixels or the data in a small scope into a single 
value. By moving the kernel on the input, one 
convolutional layer can provide a new feature 
map derived from the input. Along with the 
network going deeper, higher-level information 
can be extracted. Deconvolution, also called 
transposed convolution, can be used for 
upsampling.  

The hyperparameters of them, such as the kernel 
number, kernel size, and stride size, can influence 
the receptive field and fitting ability of the layer. 

2.2 Skip connection 

Skip connection is initially suggested for the 
gradient vanishing issues, which can occur in deep 
networks. In addition, it can also transfer the 
lower-level features to deeper layers. A skip 
connection can help the deconvolution layers to 
utilize more information rather than merely the 
last-layer-retained one. It can be operated in two 
ways: adding or concatenating. In this paper, we 
mainly adopt the adding skip connection. 

2.3 Architecture 

The proposed network structure is shown in 
Figure 1. The network mainly consists of 
convolutional layers and deconvolutional layers 
without any fully-connected layers. 
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Figure 1. Network structure 

The convolutional layers in the network are all 
followed with LeakyRelu activation layers, except 
the final last two convolutional layers in each 

branch. A LeakyRelu activation function has the 
following form 

𝑓𝑓(𝑥𝑥) = �𝑥𝑥,       𝑥𝑥 > 0
𝑘𝑘𝑥𝑥,     𝑥𝑥 ≤ 0 (1) 

,where x is the input value and k is a constant 
(k≥0). 

3 Numerical Validation 
This section adopts a simply-supported beam and 
a continuous bridge to validate the proposed 
approach. The key principle of the method is that 
the training dataset must cover similar 
characteristics to the test dataset. In other ways, 
the response data adopted for network training 
should have similar distributions to those of the 
testing data. In this paper, simulated traffic flow is 
applied to generate responses. 

3.1 Simply-supported beam 

The adopted simply-supported beam measures 
20m in length. The mass density and elastic 
modulus of the material are 7800kg/m3 and 206 
Gpa, respectively. The finite element model of the 
bridge is divided into 40 sections, each of which is 
0.5m long.  

As shown in Figure 2, two strain gauges and two 
accelerometers are assumed to be installed on the 
bridge, measured data of which is taken as the 
network input. The displacement, velocity, and 
acceleration at six nodes (Node 9, 10, 14, 15, 19, 
20) are the target responses waiting to be
reconstructed.

Figure 2 The bridge model and sensors 

3.1.1 Network training 

Responses of the beam in 12000s are calculated. 
The sampling frequency of the virtual sensors is 
100 Hz. Thus, measured data with a length of 

1.2×106 is obtained. With a moving window of 800 
points in length, a total of 11950 training samples 
are obtained. The dataset is randomly divided into 
a training set and a validation set by a ratio of 8:2.  
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Table 1. Configuration of the network 

Layer Kernel Size Kernel 
number Stride 

Conv1_a �2×7
2×7� �32

32� �2×1
1×1� 

Conv1_b �3×7
2×7� �32

32� �1×1
1×1� 

Conv1_c 4×7 32 1×1 

Conv2 1×3 96 1×2 

Conv3 1×3 128 1×2 

Conv4 1×3 256 1×2 

Conv5 1×3 256 1×2 

Conv6a,b,c 1×1 64 1×1 

Conv7a,b,c 6×1 64 1×1 

Conv8a,b,c 1×2 256 1×2 

Conv9a,b,c 1×2 128 1×2 

Conv10a,b,c 1×2 96 1×2 

Conv11a,b,c 1×2 32 1×2 

Conv12,a,b,c 1×1 16 1×1 

Conv13,a,b,c 1×1 1 1×1 

The configuration of the network is concluded in 
Table 1. The learning rate is 0.001, and the batch 
size is 64. The network is trained for 150 epochs. 
The loss curves are shown in Figure 3. Since the 
training loss and validation loss both tend to 
converge while the benefits of more training can 
be small and overfitting issues may occur, so the 
training is stopped at the 150th epoch.  

Figure 3 Training and validation loss curves 

3.1.2 Reconstruction results 

The reconstructed responses at the mid-span are 
shown in Figure 4. The reconstructed 
displacement, velocity, and acceleration all 
coincide accurately with the FEM-calculated ones. 
The accuracy of the reconstructed results at all six 
DOFs is quantified using average relative error and 
shown in Figure 5. The reconstruction accuracy 
varies with response type and position. Notably, 
the proposed approach actually aims to solve a 
multi-task problem, that is, to reconstruct various 
types of responses at different positions all by a 
single network. During network training, the 
descent gradient of each task can be diverse, so 
the final results are given by the network after 
trade-offs among all the tasks. Thus, the accuracy 
of different tasks can vary. In this numerical 
example, the reconstruction accuracy of 
displacements is higher.  

Besides, the installation position of the sensors 
can influence the reconstruction accuracy. For 
example, the network reconstructs more accurate 
displacements at Node 19 and 20, which are 
closest to the two strain sensors, than those of 
other positions. Also, due to different magnitudes 
and mapping relationships with the inputs of the 
same type of responses at different locations, the 
reconstruction of which also involves trade-offs.   

1347



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

(a) Displacement

(b) Velocity

(c) Acceleration

Figure 4 Reconstructed results at middle span 
(Node 20) 

Figure 5 Average relative errors of all the 
reconstructed responses 

3.1.3 Hyperparameter of the network structure 

The hyperparameters of the network, such as 
kernel size and kernel number, can strongly 
influence its performance. Determining a 
relatively optimal setting of all these 
hyperparameters needs finetuning many times. In 
this part, we only discuss the kernel sizes of the 
first feature extraction block of the network. The 
kernel sizes are set to be 3, 5, 7, 9, and 11, 
respectively. The comparison results are shown in 
Figure 6. Despite the randomness of each training 
process, determining the kernel sizes in the first 
block to be 7 is a better choice. 

(a) Displacement (Node 9) (b) Displacement (Node 20)
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(c) Velocity (Node 9) (d) Velocity (Node 20)

(e) Acceleration (Node 9) (f) Acceleration (Node 20)

Figure 6 MSEs with varied kernel sizes of the first block. 

3.2 Continuous bridge 

The proposed approach is further validated on a 
three-span continuous bridge. The bridge model 
and sensor installations are shown in Figure 7. In 
this section, we aim to reconstruct the 
displacement, strain, and acceleration responses 

of six positions based on measured acceleration 
and strain given by two accelerometers and two 
strain gauges. 

Figure 7 Bridge model 

The simulation process in this section is identical 
to the former section. In this section, 11960 
samples are obtained, and still 20% of them are 
used for validation. The network is trained for 180 
with a learning rate of 1.5×10-3 and a batch size of 
64. The training process is shown in Figure 8.
Unlike Section 3.1, there exist some large
fluctuations in training, which can indicate that
the task herein is difficult to achieve. From the
loss curves, the network may not be trained
completely, and it can be continuously trained for
more epochs with a lower learning rate. Restricted
by time and computing instruments, the training is
just stopped at the 180th epoch herein.

The reconstructed results at the middle span are 
shown in Figure 9. The displacement and strain 

responses can be reconstructed well, while the 
error of the reconstructed acceleration is 
relatively larger. 

Figure 8 Training and validation loss curves 

6m 10m 6m
22m

1 2 3 4 5 6 7 8 9 10 11 12 1314 15 16 17 18 19 20 2122 2324 2526 27 28 29 30 3132 33 34 35 36 3738 39 40 41 42 43 4400

Strain Gauge Accelerometer Target position
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(a) Displacement

(b) Strain

(c) Acceleration

Figure 9 Reconstructed results at middle span 
(Node 22) 

Besides, the responses at Node 38, being remote 
from the sensors, can not be reconstructed 
accurately only with similar trends to the FEM-
calculated ones, as shown in Figure 10. The 
accuracy of all the reconstructed responses is 
shown in Figure 11. As the tasks in this section are 
more difficult, the acceleration responses and the 
responses at positions far away from the sensors 
are reconstructed relatively inaccurately. Adding 
more sensors, augmenting the dataset, and 
adjusting the loss weights may alleviate these 
issues. 

(a) Displacement

(b) Strain

Figure 10 Reconstructed results at Node 38 

Figure 11 Accuracy of all the reconstructed 
responses 

4 Conclusions and discussion 
This paper proposes a framework to reconstruct 
various types of responses at multi-position of a 
structure just leveraging a single multi-end 
convolutional neural network. The network input 
is the available monitored responses, and the 
output is the desired responses. The network has 
three separate branches to provide different kinds 
of target responses. Two numerical simulations 
are applied to validate the feasibility of the 
proposed approach preliminarily.  

The network needs to balance various tasks to 
approach the global optimal solution gradually. 
The more complicated the situation is, the harder 
the training will be, and the longer time it will take. 
The arrangement of the involved sensors also 
influences the reconstruction accuracy at different 
locations. In this way, the sensors are supposed to 
be distributed evenly on the bridge structure. 
Besides, the method still needs further studies 
and experiment verifications. 
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Abstract 
To reasonably and dynamically predict the performance of the in-service bridges, this paper 
proposes an adaptive-variance Bayesian-dynamic-linear-model Improved Particle Filter (IPF) 
prediction approach to reliability for bridge structures with sensor measurements. First of all, the 
adaptive-variance dynamic linear model, which provides state equation, monitored equation and 
initial state information for the PF, is built with the measurements of bridge sensors. The 
corresponding theoretical and numerical recursive processes are carried on with the Bayes method. 
Then the built adaptive-variance Bayesian-dynamic linear model is applied to provide the dynamic 
importance distribution functions for PF, which can solve the sample degradation problem of the 
traditional particle filter. Proceed to the next step, using the IPF prediction approach and FOSM 
method, structural reliability at critical points is dynamically predicted based on the sensor data. 
Finally, an actual bridge is provided to illustrate the feasibility and application of the proposed model 
and method. 

Keywords: sensor measurements; performance; adaptive-variance dynamic linear model; the 
importance distribution function; structural reliability. 

1 Introduction 
Structural Health Monitoring (SHM) is a valuable 
technology to ensure the safety of civil 
infrastructures and achieve their sustainable 
management [1]. For the in-service bridges, 
structural safety is essential. The sensor data 
provided by SHM systems is a critical parameter in 
structural safety analysis and can be used to 
evaluate and predict structural dynamic safety 
reliability. 

SHM has become the escalating urgent need for 
modern bridge engineering in recent years and has 
grown into a hot topic in investments and research 
worldwide. With the innovation of sensing data 

acquisition, SHM systems are comprehensively 
deployed and used to obtain the extreme stress 
data of the long-span bridge bridges in different 
sampling frequencies. Making reasonable use of 
sensor data for predicting the dynamic reliability of 
the existing bridge has been still in the initial 
research stage. Still, it has become one of the 
leading scientific problems in the BHM field. 

Nowadays, Structural Health Monitoring (SHM) 
research mainly focuses on sensors-based data 
acquisition and sensor data application. The 
research about data acquisition mainly 
concentrates on data compression, data recovery, 
data acquisition technology, system assembly 
technique, and so forth [2-6]; currently, these 
researches have been mature in the hardware and 
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the technology. For the research on the application 
of monitored data, scholars worldwide mainly 
conduct research on structural damage 
identification, modal parameter identification, 
model updating, and so forth [7-9]. Some research 
results have been obtained for the dynamic 
reliability prediction of bridge structures based on 
sensor data. For example, the dynamic reliability 
prediction approaches of bridge structure are 
proposed respectively based on the general 
approach [10], Bayesian updating [11], the single 
Bayesian dynamic models [12-15], and 
combinatorial Bayesian dynamic models [16-17]. 
However, it is still falling at the primary exploration 
stage. In recent years, particle filters have attracted 
much attention due to their outstanding 
performance in nonlinear and online problems [18]. 
In the SHM field, some research about structural 
reliability prediction has been done based on 
particle filters. Such as a dynamic PF-SVR method 
of bridge structures is given for the system 
reliability [19], improved Gaussian mixture particle 
filters [20-21], and the Gaussian particle filter with 
discount factors [22] are proposed for the 
performance prediction. However, these 
researches lack the approaches to improving the 
importance sampling, which can obtain a set of 
samples covering the actual state from a proper 
posterior importance distribution function and 
significantly improve the utilization rate of particles. 
Additionally, particle degradation can be 
effectively reduced, and the system's dynamic 
prediction and identification precision can be 
improved. Accordingly, This paper proposed an 
Improved Particle Filter (IPF) that can provide the 
dynamic proper importance distribution functions 
by using adaptive-variance Bayesian dynamic linear 
models to update the monitored data. And a more 
reasonable online performance prediction about 
bridge structures can be made. 

In this paper, based on monitored extreme stress 
data of bridge structures, the dynamic reliability of 
bridge structures is online predicted with the IPF 
prediction algorithm obtained through combining 
adaptive-variance Bayesian linear models with 
particle filter. And an actual bridge is provided to 
illustrate the feasibility and application of the 
proposed model and method. The detailed 

contents are organized as follows: firstly, based on 
sensor data, the adaptive-variance dynamic linear 
models and the corresponding theoretical 
recursive processes are given in section 2; secondly, 
based on the built adaptive-variance Bayesian 
DLMs, the IPF algorithm is proposed in section 3; 
thirdly, the FOSM method for reliability is given in 
section4;   finally, the sensor data of an actual 
bridge is provided to illustrate the feasibility and 
application of the proposed models and methods 
in section 5, and some valuable conclusions are 
summarized in section 6. The flowcharts of this 
paper are shown in Figure 1. 

Figure 1. The flowchart of this paper 

2 Adaptive-variance dynamic  linear 
models of sensor data and the 
recursive processes 

2.1 Assumptions of adaptive-variance 
Dynamic Linear Models(DLMs) 

We assume that the variance of the monitored 
noise is unknown, which is more in line with the 
actual engineering. The adaptive-variance DLM 
satisfies the assumptions of a state-space model, 
and the basic assumptions [12] of a state-space 
model are  

a. State variables, observation errors, and state
errors all follow normal distributions;

b. ( )tX  is a Markov chain; namely

( ) ( ) ( )0: 1 1: 1 1| = | , |t t t t t t t -X X X y X Xπ π π− − =D -1 , 

where ( )π ⋅ is a general probability density function 
(PDF); 
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c. Conditionally on ( )tX , the monitored data

( ),  =1,2,3, ,tZ t TL are independent of each 

other and tZ depends on tX only. 

2.2 Adaptive-variance DLMs of sensor data 

For the Ningbo bund bridge of China, which 
installed the health monitoring system, the sensors 
at critical points have collected an enormous 
amount of monitored stress data in the long-term 
service periods. This paper defines the maximum 
value of monitored stress data per hour as the 
monitored extreme stress data.  

The adaptive-variance DLM is composed of a state 
equation, an observation equation, and the initial 
state information. The state equation reflects the 
dynamic change of the system state, and the 
observation equation reflects how the observation 
variable depends on the system's state variable. 
The accumulated sensor data can be obtained 
through statistical regression analysis with Eqns. 
(1)-(3). 

State equation: 

( )1 , ~ N 0,t t t t tX X q w w W−= + +  (1) 

Monitored equation: 

( ), ~N 0,t t t t tZ X v v V= +  (2) 

Initial state information: 

( ) ( )
( ) ( )

0 0 0 0

0 0 0

p , ~ N ,

~ 2, 2
tX m V C

n d

ϕ

ϕ Γ

D

D
 (3) 

where, tZ is the monitored extreme stress data at 

time t; 1tv + is the monitored noise; tV is the 
variance of the monitored noise which is unknown; 

tX is the state at time t; q is the mean value of the 
first-order differences about the smoothly 
processed data about the monitored extreme 
stress data; tw is the state noise; tW is the variance 

of the state noise; ( )N  is normal probability

density function (PDF); ( )Γ  is gamma probability

density function; 1=Vϕ − ,and the initial quantities

0m , 0C , 0n , 0d are all known; the PDF 

( )1 1p t tX − −D about the initial state can be 

statistically obtained with Eqn. (3). 

2.3 The numerical probabilistic recursive 
processes of the adaptive-variance 
DLMs with the Bayesian method 

Based on the information set tD and the monitored 

extreme stress data 1tZ + , with Eqs. (1)-(5), the 
numerical probability recursive processes about 

( )1 1p t tX + +D  are shown as follows. 

The posteriori PDF ( )p t tX D about the state tX at 

time t 

( ) ( )p ~T ,
tt t n t tX m CD    (4) 

where, T( ) is t-distribution PDF; tm and tC  are 
respectively mean value and variance. 

The priori PDF ( )1p t tX + D about the state 1tX + at 

time t+1 

( ) ( )
( ) ( )

+1 +1 +1p =T , ,

p ~ 2, 2
tt t n t t

t t t

X a R

n dϕ Γ

D

D
 (5) 

where, 1t ta m q+ = + , 1 1t t tR C W+ += + . 

The one-step forward prediction PDF ( )1p t tZ + D

about the state 1tZ + at time t+1 

( ) ( )1 1 1p ~T ,
tt t n t tZ f Q+ + +D   (6) 

where, 1 1t tf a+ += , 1 1t t tQ R S+ += + , t t tS d n= is 

the prior point estimate of 1V ϕ−= . 

(4) The posteriori PDF ( )1 1p t tX + +D about the 

state 1tX + at time t+1 

( ) ( )
( ) ( )

+1 1 +1 +1

1 1 1

p ~T , ,

~ 2, 2
tt t n t t

t t t

X m C

n dϕ
+

+ + +Γ

D

D
 (7) 
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where, 1 1t tn n+ = + , 2
1 1t t t t td d S e Q+ += + ,

1 1 1 1 1 1 1,  ,t t t t t t tm a A e e Z X+ + + + + + += + = −  

( )( )1 1 1 1 1 1 1 1 1,  /T
t t t t t t t t t tC S S R A A Q A R Q+ + + + + + + + += − =  

Eqns. (1) and (7) are used to give the approximate 
dynamic importance distribution functions for IPF. 

In the adaptive-variance dynamic linear models, 
the existing main probability parameters are q, tV , 

tW , 1tm − and 1tC − . The methods of determining 
these parameters are described in detail as follows. 

In this paper, the interval period of model updating 
is one hour. q can be approximately considered as 
the mean value of the first-order differences about 
the smoothly processed data of the monitored 
extreme stress data at and before time t-1. tV  can 

be approximately estimated with t t tS d n= . 

According to the research [12], tW  can be 
reasonably solved with 

1 1 /t t tW C C δ− −= − +  (8) 

where, δ is the discount factor, which is 0.8 in this 
paper given by engineering experience of the 
author. 

1tm − is mean value of state variable at time t-1; 

1tC − is the variance of state variable at time t-1. 
They can be estimated with the smoothly-
processed data at time t and before time t by a 
cubical smoothing algorithm with five-point 
approximation. 

3 Improved particle filter (IPF) 
The particle filtering algorithm is a statistical 
filtering method based on the Monte Carlo method 
and recursive Bayes estimation. The basic idea is to 
use a set of weighted particles in the state space to 
approximate the PDF of system states and achieve 
the probability recursion and updating of system 
states by adjusting the position and weight of 
particles. The validity of the particle filter algorithm 
relies heavily on the rationality of importance 
distribution functions. A reasonable importance 
distribution function can effectively reduce the 
sample with bias and enhance the performance of 

the particle filter. In this paper, Eqn. (9) is applied 
to provide the dynamic importance distribution 
functions, which can effectively improve the 
recursive performance of the traditional particle 
filter algorithm. The detailed steps of the IPF 
algorithm are described as follows. 

(1) At time t, n initial state particles ( )
1{ }i n

t iX = are 

randomly sampled from ( ) ( )p =T ,
tt t n t tX M CD

calculated by Eqn. (4), considering the randomness 
about each state particle ( )i

tX ; further, with Eqns. 

(5)-(7), the priori state particles ( )
1 1

ˆ{ }i n
t iX + = about

1tX + can get. 

(2) At time t+1, ( )
1

( )
1 1T ,

t

i
n t tX C
+ + + can be achieved

with ( )( )T ,
t

i
n t tX C and Eqs. (1) and (4)-(8), 

{ }( )
1 1

ni
t i

X + =
are the posteriori state particles about 

the state 1tX + . The importance distribution 

function ( )( )
1 1q i

t tX + +D can be obtained with 

( ) ( )
( ) ( )

( ) ( )
1 1 +1 1

1 1 1

q ~ T ,

~ 2, 2
t

i i
t t n t t

t t t

X X C

n dϕ

+ + +

+ + +Γ

D

D
  (9) 

Further, with Eqns. (2), (5) and (9), the 1tZ + based 

updated weight ( )
1

i
tω + of the particle ( )

1
ˆ i

tX +  can be 
solved with 

 
( ) ( )

( )
( )( ) ( )

1 1( )
1 (

1

1 1
)

ˆ ˆp
= ˆ

N ,

q

i
t t

i i
t ti t

t i
t t

Z a RX X

X
ω

+ +

+

+

+

+D
   (10) 

where, ( ) ( )( ) ( )
1 1 1 1 1

ˆ ˆp N , ,i i
t t t t tZ X Z X S+ + + + += . 

Based on Eqn. (10), the updated normalized weight

1ˆ i
tω + is 

1
1

11

ˆ
i

i t
t n i

ti

ωω
ω
+

+

+=

=
∑

 (11) 

(3) Define a discrete distribution over { }( )
1 1

ˆ ni
t i

X + =
, 

with probability mass 1ˆ i
tω + associated with element 

i. Now resample n times from the distribution to
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generate samples { }( )
1 1

ni
t i

X + =
, so that for any j, 

{ }( ) ( )
1 1 1 1

ˆ ˆ ˆPr j i i i
t t t tX X ω ω+ + + += = . The samples

{ }( )
1 1

ni
t i

X + =
are approximately considered as the 

samples of ( )1 1p t tX + +D , and the corresponding 

mean value and variance are, respectively 

( )
+1 1

1

1n
i

t t
i

m X
n +

=

=∑   (12) 

( )2( )
+1 +1 1

1

1n
i

t t t
i

C m X
n +

=

= −∑    (13) 

(4) With Eqs. (1), (2) and (12), the predicted
extreme stress 2

ˆ
tZ + can be obtained.

(5) Through repeating steps(1)-(4), the extreme
stress can be dynamically predicted.

This paper adopts the Mean Square Error (MSE) to 
measure the prediction precision. 

( )2

1

1 ˆMSE T
t tt

Z Z
T =

= −∑ (14)

where, MSE is smaller, the corresponding 
prediction model is more reasonable. 

4 Reliability prediction based on the 
IPF and FOSM 

4.1 First-order second-moment (FOSM) 

From a safety perspective, within the design 
service life of civil infrastructure such as bridge 
structures, the bearing capacity must be greater 
than the effects caused by various, which can be 
expressed by the following formula: 

( ) ( )R X S X>  (15) 

where ( )R X represents the structure reactance;

( )S X is the load effect, including dead load effect
and live load effect, caused by both mechanics and 
environment conditions on the structure; X is 
various random variables that affect the structure 
reactance. 

Suppose that there are internally independent and 
mutually independent random variables ( )R X

and ( )S X , and the average and standard

deviation are respectively: Aµ , Rσ , Sµ , Sσ . 

For the linear limit state functions, the general 
function of structural performance is 

( ) ( ) ( )Z X R X S X= −     (16) 

According to the central limit theorem, as samples 
increases, the random variable Z(X) will approach a 
normal probability distribution. With FOSM 
approach [23], the formula of the reliability index 
can be obtained as 

2 2
R S

R S

µ µβ
σ σ

−
=

−
         (17) 

4.2 Dynamic reliability calculation formula 
based on FOSM and the IPF 

For the application to an in-service bridge, the 
Ningbo Bund bridge, a cable-stayed bridge with a 
total length of 337m [24], is an example in this 
paper. At the consolidation part of the tower and 
beam, the stress is monitored significantly higher 
than in other structure sections, and therefore, it 
should be regarded with significant care. For the 
actual engineering, the calculation precision of 
FOSM is sufficient. Under dead load and live load, 
the static bending failure modes for the critical 
section of the main girder include both positive and 
negative bending moment failures. The Ningbo 
Bund bridge SHM system sensors are installed after 
the bridge is completed, and the monitoring results 
do not include the loading effect caused by the part 
of the dead load. Therefore, ignoring the influence 
of geometric parameters and the function of 
structural performance for this steel-box girder can 
be written as 

M MZ R Sγ= −  (18) 

where R represents the steel yield strength which 
is 310Mpa for this bridge with the standard 
deviation of 21.7Mpa; MS is the extreme stresses 

monitored or predicted with time; 1.15Mγ = is a 
factor assigned to the data provided by sensors. 
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With Eqs. (12) and (15). the predicted dynamic 
reliability index is 

( )22

R M M

R M M

µ γ µβ
σ γ σ

−
=

+
  (19) 

where ( ),R Rµ σ  is respectively the mean and 

standard deviation of R; ( ),M Mµ σ  is respectively 

the mean and standard deviation of MS ; Mγ is a 
factor assigned to the data provided by sensors. 
Especially when Eqn. (19) is used to calculate the 
reliability indices based on monitored extreme 
stress data with 0Mσ = . 

5 Application to an actual bridge 
The Ningbo Bund Bridge, located in downtown 
Ningbo, China, is shown in Fig. 2. The main bridge 
adopts a single-pylon four-plane special-type 
cable-stayed bridge with a main span of 225m, 
mainly composed of a separated steel-box girder. 
The bridge primarily consists of steel, of which the 
allowable stress is 345Mpa.  

 The stress measurement points of this bridge are 
arranged with two cross-sections, respectively the 
main beam section at the consolidation part of the 
tower and beam (measurement points STR1-16) 
and the root section at the front tower column of 
the cable tower (measurement points STR17-24). 
The area at the consolidation part of the tower and 
beam is critical in controlling the safety-based 
structural performance and is monitored by the 
stress sensors for the longitudinal stress 
information. The layout of measurement points in 
this section is shown in Fig. 3. Among these critical 
points, the average level of the monitored stresses 
at STR1 is significantly more significant than others. 

Figure 2. Ningbo bund bridge 

Bridge monitoring information generally exhibits 
dynamic characteristics, randomness, and 
periodicity due to periodic temperature load and 
peak traffic flow. The sensor at the dangerous point 
STR1 shown in Figure 3 is adopted for the main 
beam section to monitor the every-hour extreme 
stresses at the critical monitored points. In May 
2020, this point was observed for 500 hours. The 
monitored extreme stress data and the 
corresponding state data, which can be 
approximately obtained with a cubic smoothing 
algorithm with five-point, are shown in Figure 4. 

Figure 3. The layout of the Ningbo bund bridge 

Figure 4. The monitored data and Initial data of 
the former 200h 

Based on the monitored extreme stress data and 
the extreme stress state data, with Eqns (1)-(3) and 
section 2.3, the adaptive-variance dynamic linear 
model about STR1 is built. 

State equation: 

( )
1 0.0017

~ N 0,
t t t

t t

X X w
w W

−= − +
  (20) 

Monitored equation: 
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( )~N 0,
t t t

t t

Z X v
v V

= +
   (21) 

where tV  and the Initial state information can be 
estimated with Eqns. (3)-(6).        

With Eqns. (4)-(21), based on the monitored every-
hour extreme stress data, the one-step dynamic 
prediction of the every-hour extreme stresses is 
carried out and shown in Figure 5, from which, as 
can be seen, the dynamic predicted values are 
almost consistent with the dynamic monitored 
data. Then, the MSEs of every 30 successive 
predicted values are calculated with Eqn. (14), the 
calculated results are shown in Figure 6, from 
which it can be obtained that the MSEs are all small 
and around 1.5-1.55. The predicted reliability 
indices are shown in Figure 7, which are well in line 
with the monitored reliability indices.  

Figure 5. Monitored data and predicted data 
about STR1 

Figure 6. Predicted MSEs for 30 times about STR1 

Figure 7. Predicted reliability indices 

6 Conclusions 
This paper proposes an adaptive-variance DLM 
improved particle filter algorithm for online 
dynamic prediction of the in-service bridge 
performance. The dynamic structural extreme 
stresses and reliability indices of an actual bridge 
are predicted and analyzed based on the online 
sensor data. The results are consistent with the 
actual engineering, and the MSEs of the predicted 
results are reasonably practical. This algorithm can 
provide the theoretical foundation and application 
method for the online performance prediction of 
bridge systems. 

7 References 
[1] Zou YJ, (2011). The Role of Structural Health

Monitoring in Bridge Assessment and
Management. Thesis (PhD). Lehigh
University, Bethlehem, PA, USA.

[2] Bao, Y.Q., Beck, J.L., Li, H,(2009). Application
compressive sampling for accelerometer
signals used in structural health monitoring.
The 8th International Conference on
Damage Assessment of Structures, August 3-
5, Beijing, China.

[3] Bennett V,  Abdoun T,  Zeghal M , et al. Real-
Time Monitoring System and Advanced
Characterization Technique for Civil
Infrastructure Health Monitoring[J].
Advances in Civil Engineering, 2011,
2011(1):p.870383.1-870383.12.

1359



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

[4] Tropp, J.A., Gilbert, A.C.(2007). Signal
recovery from random measurements via
orthogonal matching pursuit. IEEE
Transactions on Information Theory, 53(12):
4655-4666.Tropp, J.A., Gilbert, A.C.(2007).
Signal recovery from random measurements
via orthogonal matching pursuit. IEEE
Transactions on Information Theory, 53(12):
4655-4666.

[5] Sumitro S. Long span bridge health
monitoring system in Japan[J]. Proceedings
of SPIE - The International Society for Optical
Engineering, 2001, 4337:517-524.

[6] Ntotsios E,  Papadimitriou C,  Panetsos P , et
al. Bridge health monitoring system based on 
vibration measurements[J]. Bulletin of
Earthquake Engineering, 2009, 7(2):469-483.

[7] Reynders E,  Roeck G D,  Bakir P G , et al.
Damage Identification on the Tilff Bridge by
Vibration Monitoring Using Optical Fiber
Strain Sensors[J]. Journal of Engineering
Mechanics, 2007, 133(2):185–193.

[8] Hanmin H U,  Zhang C. Damage Identification
Method of Bridge Based on Generalized
Information Entropy Curvature Theory[J].
Journal of Longyan University, 2019.

[9] Wei, J.H., Ren, W.X.(2015). Static and
dynamic bridge finite element model
updating based on response surface method.
Journal of Highway and Transportation
Research and Development, 32(2): 68-73.

[10] Frangopol, D.M., Strauss, A., Kim, S.Y.(2008).
Use of monitoring extreme data for the
performance prediction of structures:
general approach. Engineering Structures,
30: 3644-3653.

[11] Strauss, A., Frangopol, D.M., Kim, S.Y.(2008).
Use of monitoring extreme data for the
performance prediction of structures:
Bayesian updating. Engineering Structures,
30: 3654-3666.

[12] Qu G. Research on dynamic prediction
methods of bridge extreme stresses based
on monitoring data assimilation [D].School

of Civil Engineering and Mechanics, Lanzhou 
university, Lanzhou, China, 2019. 

[13] Zhang S ,  Zhou W . Bayesian dynamic linear
model for growth of corrosion defects on
energy pipelines[J]. Reliability Engineering &
System Safety, 2014, 128(AUG.):24-31.

[14] Liu, Y.F., Fan, X.P.(2020). Bayesian prediction
of bridge extreme stresses based on DLTM
and monitoring coupled data. Structural
Health Monitoring-An International Journal,
19(2): 454-462.

[15] Liu, Y.F., Fan, X.P.(2019). A data assimilation
method about Bayesian Fourier dynamic
linear prediction of periodic extreme
stresses for steel bridges. Mechanical
Systems and Signal Processing, 128: 82-92.

[16] Fan, X.P., Liu, Y.F.(2018). New dynamic
prediction approach for the reliability
indexes of bridge members based on SHM
data. ASCE Journal of Bridge Engineering,
23(12): 06018004-1~06018004-8.

[17] Fan, X.P.(2014). Reliability updating and
Bayesian prediction of bridges based on
proof loads and monitoring data. Thesis
(PhD). Harbin Institute of Technology, Harbin.

[18] Li, G.F., Sun, Y.C., Huang, S.G.(2010). A
survey of particle filter theory. Control
Engineering of China, (S3): 92-94.

[19] A Z W,  A T T,  A Z S, et al. A dynamic particle
filter-support vector regression method for
reliability prediction - ScienceDirect[J].
Reliability Engineering & System Safety,
2013, 119:109-116.

[20] Fan, X.P., Liu, Y.F., Lu, D.G.(2016). Improved
Gaussian Mixed Particle Filter Dynamic
Prediction of Bridge Monitored Extreme
Stress. Journal of Tongji University, 44(11):
1660-1666.

[21] Fan, X.P., Liu, Y.F.(2016). Dynamic extreme
stress prediction of bridges based on
nonlinear mixed Gaussian particle filtering
algorithm and structural health monitoring
data. Advances in Mechanical Engineering,
8(6): 1-10.

1360

http://apps.webofknowledge.com/full_record.do?product=UA&search_mode=GeneralSearch&qid=1&SID=7Epz9QihkJhBZLr7FTB&page=1&doc=1
http://apps.webofknowledge.com/full_record.do?product=UA&search_mode=GeneralSearch&qid=1&SID=7Epz9QihkJhBZLr7FTB&page=1&doc=1
http://apps.webofknowledge.com/full_record.do?product=UA&search_mode=GeneralSearch&qid=1&SID=7Epz9QihkJhBZLr7FTB&page=1&doc=1
http://apps.webofknowledge.com/full_record.do?product=UA&search_mode=GeneralSearch&qid=1&SID=7Epz9QihkJhBZLr7FTB&page=1&doc=1


IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

[22] Liu, Y.F., Fan, X.P.(2018). Dynamic reliability
prediction of bridges based on gaussian
particle filter with discount factors. Journal
of Tongji University, 46(3): 281-288.

[23] Jia J,  Sha W,  Zheng C, et al. FOSM-based
shear reliability analysis of CSGR dams using

strength theory[J]. Computers and 
Geotechnics, 2018, 97:52-61. 

[24] Yanli Z, Liangchun C, Dechuan L. Key
Construction Techniques for Structure of
Irregular Cable-stayed Bridge in Ningbo Bund
Bridge[J]. Technology of Highway &
Transport, 2012.

1361



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Uncertainty Minimization Technique for Joint Input-State Estimation 
Using Dummy Measurements 

Wei Yang 
Shanghai Urban Operation (Group) Co.,Ltd., Shanghai, China 

Contact: yanwei96998@gmail.com 

Abstract 
Joint input-state estimation algorithm is a Kalman filtering based technique that can be used for 
the identification of forces applied to a structure together with the unmeasured response 
quantities of interest. However, when applying this technique, displacement or strain 
measurements have to be used in order to guarantee the stability conditions. This paper presents 
a joint input-state estimation algorithm that uses dummy displacement or strain measurements to 
yield stable results. The quantification of the estimation uncertainty originating from the errors of 
using dummy measurements is elaborated in this paper. As joint input-state estimation is an on-
line algorithm, this paper also provides an updating method to minimize the estimation 
uncertainty during the real-time estimation. This uncertainty minimization technique that uses 
dummy measurements in joint input-state estimation is verified using numerical simulations. 

Keywords: kalman filtering; joint input-state estimation; uncertainty quantification; uncertainty 
minimization; on-line estimation.  

1 Introduction 
The problems of estimating the dynamic forces 
applied to a structure and the true states of the 
system are very important in structural dynamics. 
Several Kalman filtering based techniques have 
been proposed in the literature to jointly estimate 
the input forces and the corresponding states [1, 2, 
3, 4]. The classical Kalman filter assumes the input 
forces either known or broadband, which may 
easily lead to bias errors in the results. While 
estimating the unknown forces and states 
together can yield unbiased estimates. However, if 
only acceleration measurements are used for 
jointly estimating the forces and states, the results 
will be unstable, where a drift can be seen in the 
estimated result [2, 3]. In order to guarantee the 
stability condition, displacement or strain 

measurements have to be used together with 
acceleration measurements in the estimation [5]. 

Displacement measurements can be measured 
with GPS or visual positioning systems, but 
unfortunately the accuracy of the measurements 
is usually too poor to give any practically useful 
results. High-quality strain measurements can be 
obtained with standard Fiber-optic Bragg Grating 
(FBG) strain sensors. However, the placement of 
strain-gauges is an arduous process and the 
interrogator instruments for FBG sensors are still 
very expensive. Without directly measuring the 
actual displacement or strain response, Naets [6] 
proposed to use dummy measurements to satisfy 
the stability condition.  

In this contribution the method using dummy 
displacement or strain measurements for stable 
force identification is further investigated by 
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introducing it into the joint input-state estimation 
algorithm [1, 2, 4] in which the input estimation is 
performed prior to the state estimation. And the 
quantification of the estimation uncertainty 
originating from the errors of using dummy 
measurements as the actual displacement or 
strain measurements is elaborated in this paper. It 
is found that the quality of joint input-state 
estimation strongly depends on the standard 
deviation of the error on dummy measurement 
assumed for the estimation. The optimal standard 
deviation can be obtained by minimizing the 
uncertainty in the force estimation. Furthermore, 
as the joint input-state estimation algorithm is an 
on-line method for force and state estimation, this 
paper presents an updating method that can 
automatically adjust the standard deviation to 
make it converge to the optimal value during the 
real-time estimation so that dummy 
measurements can be used for on-line estimation. 
This technique that uses dummy measurements in 
joint input-state estimation is verified using 
numerical simulations. 

This paper starts by introducing the mathematical 
formulation, which includes the joint input-state 
estimation algorithm based on the modally 
reduced-order model and the approach to 
calculate the uncertainty resulting from the error 
on dummy measurements. Section 3 shows a 
verification of the proposed technique that uses 
dummy measurements in the joint input-state 
estimation algorithm, using numerical simulations. 
Finally, conclusions are presented in Section 4. 

2 Mathematical formulation 

2.1 Joint input-state estimation 

Joint input-state estimation consists of jointly 
estimating the forces 𝐩𝐩[𝑘𝑘] and states 𝐱𝐱[𝑘𝑘], from a 
set of response measurements 𝐝𝐝[𝑘𝑘]. The algorithm 
computes the force and state estimates 
recursively in three steps, i.e. the input estimation 
step, the measurement update and the time 
update [2]. In the stable joint input-state 
estimation, the estimated state vector 𝐱𝐱�[𝑘𝑘|𝑘𝑘] and 
force vector 𝐩𝐩�[𝑘𝑘|𝑘𝑘] can be obtained by: 

𝐩𝐩�[𝑘𝑘|𝑘𝑘] = 𝐌𝐌𝑠𝑠𝑠𝑠�𝐝𝐝[𝑘𝑘] − 𝐆𝐆𝐱𝐱�[𝑘𝑘|𝑘𝑘−1]�   (1) 

𝐱𝐱�[𝑘𝑘|𝑘𝑘] = 𝐱𝐱�[𝑘𝑘|𝑘𝑘−1] + 𝐊𝐊𝑠𝑠𝑠𝑠�𝐝𝐝[𝑘𝑘] − 𝐆𝐆𝐱𝐱�[𝑘𝑘|𝑘𝑘−1] −
𝐉𝐉𝐩𝐩�[𝑘𝑘|𝑘𝑘]�            (2) 

𝐱𝐱�[𝑘𝑘+1|𝑘𝑘] = 𝐀𝐀𝐱𝐱�[𝑘𝑘|𝑘𝑘] + 𝐁𝐁𝐩𝐩�[𝑘𝑘|𝑘𝑘]     (3) 

where the system matrices 𝐀𝐀 , 𝐁𝐁 , 𝐆𝐆 , and 𝐉𝐉  for 
modally reduced-order models and and full-order 
models can be found in [2]. 𝐌𝐌𝑠𝑠𝑠𝑠 and 𝐊𝐊𝑠𝑠𝑠𝑠 are the 
steady state gain matrices [4]. 

The response can be estimated at any arbitrary 
location in the structure using the following 
modified output equation: 

�̂�𝐝e[𝑘𝑘|𝑘𝑘] = 𝐆𝐆e𝐱𝐱�[𝑘𝑘|𝑘𝑘] + 𝐉𝐉e𝐩𝐩�[𝑘𝑘|𝑘𝑘]      (4) 

The matrices 𝐆𝐆e and 𝐉𝐉e relate to the extrapolated 
output quantities, which are similar to system 
matrices 𝐆𝐆 and 𝐉𝐉. 

In absence of modeling errors, and assuming the 
stochastic forces 𝐩𝐩S[𝑘𝑘]  and the measurement 
errors 𝐯𝐯M[𝑘𝑘]  to be stationary and mutually 
uncorrelated, the Power Spectral Density (PSD) 
function of the error on the estimated force 
vector 𝐩𝐩�[𝑘𝑘|𝑘𝑘]�= 𝐩𝐩[𝑘𝑘] − 𝐩𝐩�[𝑘𝑘|𝑘𝑘]�  and the error on 
the estimated output vector �̃�𝐝e[𝑘𝑘|𝑘𝑘]�= 𝐝𝐝e[𝑘𝑘] −
�̂�𝐝e[𝑘𝑘|𝑘𝑘]� can be respectively calculated as: 

𝐒𝐒p�p�(𝜔𝜔) =
𝐇𝐇p�d(𝜔𝜔)𝐇𝐇dps(𝜔𝜔)𝐒𝐒psps(𝜔𝜔)𝐇𝐇dps

∗ (𝜔𝜔)𝐇𝐇p�d
∗ (𝜔𝜔) +

𝐇𝐇p�d(𝜔𝜔)𝐒𝐒vmvm(𝜔𝜔)𝐇𝐇p�d
∗ (𝜔𝜔)             (5) 

𝐒𝐒d�ed�e(𝜔𝜔) = �𝐇𝐇deps(𝜔𝜔) −

𝐇𝐇d�ed(𝜔𝜔)𝐇𝐇dps(𝜔𝜔)�𝐒𝐒psps(𝜔𝜔) �𝐇𝐇deps
∗ (𝜔𝜔)−

𝐇𝐇dps
∗ (𝜔𝜔)𝐇𝐇d�ed

∗ (𝜔𝜔)�+
𝐇𝐇d�ed(𝜔𝜔)𝐒𝐒vmvm(𝜔𝜔)𝐇𝐇d�ed

∗ (𝜔𝜔)   (6) 

The transfer function 𝐇𝐇p�d(𝜔𝜔) relates the Fourier 
transform of the estimated force vector 𝐩𝐩�[𝑘𝑘|𝑘𝑘] to 
the Fourier transform of the output vector 𝐩𝐩[𝑘𝑘]. 
𝐇𝐇p�d
∗ (𝜔𝜔)  denotes the Hermitian transpose of 

𝐇𝐇p�d(𝜔𝜔) . The derivation of these transfer 
functions and Hermitian transpose functions can 
be found in [4]. 𝐒𝐒psps(𝜔𝜔) and 𝐒𝐒vmvm(𝜔𝜔) are the 
PSD function of 𝐩𝐩S[𝑘𝑘] and 𝐯𝐯M[𝑘𝑘], respectively. 

The autocorrelation of the error on the estimated 
force vector 𝐩𝐩�[𝑘𝑘|𝑘𝑘]and extrapolated output vector 
�̃�𝐝e[𝑘𝑘|𝑘𝑘] for a time lag 𝑙𝑙 = 0 by definition equals the 
corresponding steady state error covariance 
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matrix obtained from the joint input-state 
estimation algorithm. In this paper, the 
autocorrelation function of a stationary process is 
calculated by applying the inverse Fourier 
transform to the corresponding PSD function. 

2.2 Stability conditions and dummy 
measurements 

When performing joint input-state estimation, 
some conditions have to be accounted for in order 
to ensure the identifiability of the dynamic forces 
and system states, the stability and uniqueness. 
For the specific case of modally reduced-order 
models, these conditions have been directly 
expressed in terms of the modal properties of the 
structure in [5]. 

In order to guarantee the stability conditions, 
displacement or strain measurements have to be 
included in the output vector. However, the 
placement and calibration of strain sensors is an 
arduous and expensive process. Without 
additionally measuring the displacement or strain 
response, Naets [6] provided a generally 
applicable and cost-effective coupled force and 
state estimation approach, which relies solely on 
acceleration measurements. In this method, 
dummy measurements for displacement or strain 
are incorporated in the output data for stably 
estimating the input forces and system states.  

Assume that the displacement or strain 
measurement is measured with a dummy sensor, 
whose measurement noise exactly offsets the 
actual response, so that the measured dummy 
data is equal to zero. The dummy measurement 
has measurement equation: 

𝐝𝐝dm = 𝐝𝐝 + 𝐯𝐯dm           (7) 

Where 𝐝𝐝 and 𝐯𝐯dmrepresent the actual response 
and measurement noise of the dummy sensor, 
respectively, and 𝐝𝐝dm  is the measured dummy 
data, which is identical to 𝟎𝟎 . By assigning an 
appropriate value to the standard deviation of the 
noise process 𝐯𝐯dm[𝑘𝑘], using dummy measurements 
allows stable joint input-state estimation.  

When acceleration and dummy displacement or 
strain measurements are both included in the 
output vector used for joint input-state estimation, 
the second term in the right hand side of Eqs. (5) 

and (6), which represents the Fourier transform of 
the estimation error caused by measurement 
errors, can be divided into two separate parts due 
to errors on the acceleration and dummy 
measurements, respectively. For the error on the 
estimated force vector 𝐩𝐩�[𝑘𝑘|𝑘𝑘], for example, the 
second term of the PSD function can be written as: 

𝐇𝐇p�d(𝜔𝜔)𝐒𝐒vmvm(𝜔𝜔)𝐇𝐇p�d
∗ (𝜔𝜔) =

𝐇𝐇p�a(𝜔𝜔)𝐒𝐒vava(𝜔𝜔)𝐇𝐇p�a
∗ (𝜔𝜔) +

𝐇𝐇p�dm(𝜔𝜔)𝐒𝐒vdmvdm(𝜔𝜔)𝐇𝐇p�dm
∗ (𝜔𝜔)  (8) 

3 Simulated example 
The presented estimation technique is first 
illustrated in a numerical example where 
measurement data are simulated from a 
cantilever steel beam shown in Figure 1. In this 
example, the position of the force is assumed 
known and the force and states are jointly 
estimated from simulated data. The effectiveness 
and applicability of the presented technique is 
verified by examining the results obtained using 
simulated acceleration measurements and 
dummy measurements for the displacement. 

Figure 1 Force and sensor configuration assumed 
in the simulated example (p: force, 𝑎𝑎𝑖𝑖 : 
accelerometer i, and 𝑑𝑑𝑖𝑖: displacement sensor i) 

The steel beam has a length of 1 m and a 
rectangular cross section with a width of 50.8 mm 
and height of 25.4 mm. The Young's modulus, 
poisson's ratio, and density are taken as 210 GPa, 
0.3, and 7750 kg/m3, respectively. The beam is 
modeled using 100 two-dimensional finite 
element (FE) Euler-Bernoulli beam elements and 
its first four natural frequencies are found to be 
21.4, 133.7, 374.0 and 731.6 Hz, which all 
correspond to bending modes in the vertical plane. 
The modal damping ratio is assumed to be 2.5%. 

The simulated measurement data are obtained 
from a discrete-time modally reduced-order state-
space model, which is constructed from the first 
four bending modes. The input force 𝐩𝐩[𝑘𝑘], to be 
estimated, consists of one vertical force p applied 
at a distance of 0.9 m from the clamped end of 

x

y

z

d1 d2 d3 d4

a1 a2 a3 a4 a5 a6 a7 a8 a9 a10

p1
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the beam, as shown in Figure 1. Ten vertical 
accelerometers, indicated as 𝑎𝑎1 -𝑎𝑎10 , and four 
vertical displacement sensors, indicated as 𝑑𝑑1-𝑑𝑑4 
in the figure, measure the beam's response to the 
applied force. A sampling rate of 2 kHz is adopted 
in solving the direct problem of simulating 
response data. In the following force and state 
identification, the response vector 𝐝𝐝[𝑘𝑘] includes a 
subset of these calculated response data. To 
represent the measurement error on the 
simulated data, every response time history is 
polluted with Gaussian white noise. 

3.1 Identification of an impact force 

The joint input-state estimation algorithm using 
dummy displacement measurements is first 
applied for the identification of an impact force, 
and the results are compared to those obtained 
using only acceleration measurements. The 
impact force has a triangular time history that 
increases linearly from 0 N at time t = 0.1 s to 100 
N at t = 0.102 s, before decreasing linearly back to 
zero at t = 0.104 s. The acceleration and 
displacement responses at the sensor locations 
are calculated for a period of 1 s. 

There should be at least one acceleration 
measurement and one displacement 
measurement contained in the output vector 𝐝𝐝[𝑘𝑘] 
in order to ensure the direct feedthrough 
condition and the stability condition, respectively 
[5]. In this case, the acceleration measurement 
performed on the collocated position 𝑎𝑎9 and the 
displacement 𝑑𝑑4 are used for inversely estimating 
the impact force time history 𝐩𝐩[𝑘𝑘] . A standard 
deviation 𝜎𝜎M,a = 10−1m/s2  is assumed for the 
noise on the acceleration measurement. As for the 
error on the dummy displacement measurement, 
the standard deviation 𝜎𝜎M,dm  is taken equal to 
4 × 10−4m. 

Figure 2 compares the estimated impact force and 
responses(acceleration 𝑎𝑎�6  and displacement �̂�𝑑3 ) 
obtained from joint input-state estimation using 
only one acceleration 𝑎𝑎9 to the result estimated 
using 𝑎𝑎9 and dummy measurement for 𝑑𝑑4. It is 
seen in Figure 2(a) that the joint input-state 
estimation algorithm using only acceleration data 
is able to properly estimate the impact force, but 
since the stability condition of the inverse 

problem is not ensured, a drift is seen in the 
estimated result and it may diverge to an 
unbounded value. Figure 2(b) shows that whether 
using dummy displacement measurement or not 
yields almost the same acceleration estimate, 
which perfectly corresponds to the true response. 
Acceleration is not sensitive to any quasi-static 
component in the input, so the drift in the 
estimated force has no influence on estimating 
the acceleration response. But for estimating the 
displacement response (shown in Figure 2(c)), 
displacement measurement is necessary for the 
stability condition. By incorporating dummy 
displacement measurement into the output vector 
𝐝𝐝[𝑘𝑘], the divergence in the estimated force and 
displacement (or strain) can be effectively 
eliminated.  

(a) 

(b) 

(c) 

Figure 2 Time histories of (a) impact force, (b) 
acceleration 𝑎𝑎6 and (c) displacement 𝑑𝑑3 with the 
black dashed line representing the actual values 
and the red and blue solid lines representing the 
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estimated results using 𝑎𝑎9  and dummy 
measurement for 𝑑𝑑4  and using only 𝑎𝑎9 , 
respectively 

3.2 Optimal standard deviation 

The uncertainty in the joint input-state estimation 
from the output vector that consists of one 
acceleration 𝑎𝑎9 and dummy measurement for 𝑑𝑑4 
is examined here. No stochastic forces are 
considered in the uncertainty quantification. The 
standard deviations 𝜎𝜎M,a  of the noise in the 
acceleration measurement is identical to 
10−1m/s2 and 𝜎𝜎M,dm of the error on the dummy 
displacement measurement equals to a range of 
values varying from 4 × 10−5m to 2 × 10−3m. 

Figure 3 shows the variances of the errors on the 
estimated force and displacement  �̂�𝑑3  as a 
function of the standard deviation  𝜎𝜎M,dm 
assumed for joint input-state estimation. It can be 
seen that the variances of the errors on the 
estimated force and displacement strongly 
depend on the standard deviation  𝜎𝜎M,dm. The 
standard deviation  𝜎𝜎M,dm assumed for joint input-
state estimation should therefore be selected 
carefully in order to obtain accurate estimates of 
the force and displacement. The calculation of the 
variance of the estimation error is based on the 
frequency spectrum or PSD function of the actual 
displacement response, so if the force frequency 
spectrum or PSD function can be estimated a 
priori (possibly based on a simulation), the 
optimal value for  𝜎𝜎M,dm  can be obtained by 
minimizing the variance of the error on the 
estimated quantity. 

(a) 

(b) 

Figure 3 Variance of the error on (a) the estimated 
force and (b) the estimated displacement �̂�𝑑3 The 
vertical dashed line indicates the standard 
deviation 𝜎𝜎𝑀𝑀,𝑑𝑑𝑑𝑑 , for which the minimum error 
variance is obtained 

3.3 Updating technique for on-line 
estimation 

Joint input-state estimation is an on-line algorithm 
for accurately reconstructing the dynamic forces 
acting on a structure and its corresponding 
response behavior, referred as the system state. 
Whereas for the application of this algorithm 
using dummy displacement measurement, it has 
already been shown in Figure 3 that the quality of 
the estimation strongly depends on the standard 
deviation 𝜎𝜎M,𝑑𝑑𝑑𝑑. The optimal value for 𝜎𝜎M,𝑑𝑑𝑑𝑑 has 
to be calculated in advance in order to ensure an 
accurate estimation. The optimization relies on 
the actual displacement response, which is 
required for calculating the PSD function 
𝐒𝐒vdmvdm(𝜔𝜔)  of the error on the dummy 
displacement measurement. However, it is 
impossible to obtain the actual displacement 
response for the period under consideration 
before applying the estimation. 

An alternative way to optimize the standard 
deviation 𝜎𝜎M,dm is to update the parameter during 
the real-time estimation. In this technique, the 
whole time period of the estimation is divided into 
a number of small time steps, and at the 
beginning of each time step, the standard 
deviation 𝜎𝜎M,𝑑𝑑𝑑𝑑  is updated by calculating the 
optimal value using the displacement history 
estimated from the last time step. As the 
estimation propagates in time, a steady value will 
be obtained for 𝜎𝜎M,𝑑𝑑𝑑𝑑  if the displacement 
response can be regarded as a stationary process. 
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Mention that the small time step ∆𝑡𝑡d for updating 
𝜎𝜎M,dm is different from the sampling time step in 
joint input-state estimation. The time step should 
be taken long enough for calculating an accurate 
PSD function, but also notice that a larger time 
step makes it cost more time for 𝜎𝜎M,dm to achieve 
the steady value. 

Now consider the cantilever beam is excited by a 
continuous stochastic force, applied at the 
location of p (see Figure 1). Only one acceleration 
𝑎𝑎9  with the standard deviation 𝜎𝜎M,𝑑𝑑𝑑𝑑  equal to 
10−1 m/s2  is available for force and state 
estimation. The dummy displacement 
measurement for 𝑑𝑑4 is used in order to guarantee 
the stability condition. A period of T=60 s is 
assumed in the analysis. The PSD function of the 
stochastic force in the first 30 s is assumed as: 

𝐒𝐒pp(𝜔𝜔) = 𝜔𝜔
(1+𝜔𝜔)2         (9) 

The Fourier transform of the stochastic force is 
calculated for N/2 discrete frequencies 𝜔𝜔𝑛𝑛  ( =
2𝜋𝜋(𝑛𝑛 − 1) (𝑁𝑁Δ𝑡𝑡)⁄ ;𝑛𝑛 = 1,⋯ ,𝑁𝑁 2⁄ ) from the 
following equation: 

𝐩𝐩(𝜔𝜔𝑛𝑛) = exp(𝑖𝑖𝜙𝜙𝑛𝑛)�𝑁𝑁∆𝑡𝑡𝐒𝐒pp(𝜔𝜔)    (10) 

with 𝑁𝑁 the number of time steps in the simulation, 
and Δ𝑡𝑡 the sampling time step. The phase angle 
𝜙𝜙𝑛𝑛  is drawn independently from a uniform 
distribution over the interval [0,2𝜋𝜋]. The time 
history 𝐩𝐩[𝑘𝑘]  is subsequently obtained from the 
(discrete) inverse Fourier transform of 𝐩𝐩(𝜔𝜔𝑛𝑛). 

In joint input-state estimation, the time period of 
the first 30s is divided into 6 time steps for 
updating the standard deviation 𝜎𝜎M,dm with each 
updating time step ∆𝑡𝑡d = 5s . The standard 
deviation 𝜎𝜎M,dm in the initial updating time step is 
taken equal to 10−1m. The value in each of the 
following updating time steps is obtained by 
minimizing the force error variance, where the 
variance is calculated using the estimated 
displacement �̂�𝑑4 from the last updating time step. 
Figure 4 shows the results obtained from joint 
input-state estimation with the standard deviation 
updated during the estimation in the first 30s. The 
optimal value of the standard deviation 𝜎𝜎M,dm in 
the first 30s is obtained based on the actual 
displacement 𝑑𝑑4 . The optimal 𝜎𝜎M,dm  equals 

2.1 × 10−1m. and the corresponding minimum 
variance of the error on the estimated force 
equals 2.0 N2. Although the initial value of 𝜎𝜎M,dm 
is much larger than the optimal value, it is 
updated very close to the optimal value after only 
four time steps as shown in Figure 4(b). During the 
updating process, the variance of the error on the 
estimated force gradually decreases to the 
minimum variance 2.0N2 as shown in Figure 4(c). 
This is also the result expected from Figure 4(a) 
where the estimated force becomes more and 
more stable and converges to the actual value of 
the applied force. 

(a) 

(b) 

(c) 

Figure 4 (a) Time history of the applied (black line) 
and the estimated (red line) stochastic force, (b) 
the updated standard deviation 𝜎𝜎𝑀𝑀,𝑑𝑑𝑑𝑑, and (c) the 
variance of the error on the estimated force. The 
red dashed lines in (b) and (c) indicate the optimal 
standard deviation calculated based on the actual 
displacement response and the corresponding 
minimum force error variance, respectively 
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In most practical cases, the PSD function of the 
load acting on a structure is not constant. For 
example, the amplitude of wind load changes all 
the time. Therefore, the PSD function of the actual 
displacement response is time-variant, and the 
optimal value for 𝜎𝜎M,dm, changes over time as well. 
Consider the RMS value of the applied force in the 
first 30s is amplified by a factor of 𝛼𝛼. The optimal 
standard deviation 𝜎𝜎M,dm, as a function of 𝛼𝛼  is 
shown in Figure 5(a), which indicates that the 
optimal value is in direct proportion to the 
amplitude of the applied force (or actual 
displacement). It is also seen that when the force 
amplitude increases, the minimum variance of the 
estimation error also increases in Figure 5(b). But 
the ratio of the standard deviation of the 
estimation error to the force RMS in in Figure 5(c) 
decreases with 𝛼𝛼, which means the quality of the 
estimation using dummy measurement actually 
improves as the input force amplitude increases. 
Therefore, when the standard deviation 𝜎𝜎M,dm can 
be adjusted to the optimal value on time, valuable 
results can be obtained from joint input-state 
estimation using dummy measurements no 
matter how the force PSD function changes. 

(a) 

(b) 

(c) 

Figure 5 (a) Optimal standard deviation of the 
error on the dummy displacement measurement, 
(b) the variance of the error on the estimated force,
and (c) the ratio of the standard deviation of the
estimation error to the force RMS of the applied
force as a function of the amplification factor of
the force RMS

In order to examine the performance of the joint 
input-state estimation algorithm using dummy 
measurement in the situation where the PSD 
function of the applied force varies with time, the 
PSD function of the stochastic force in the next 
30s is amplified by 100. As a result, the RMS value 
of the applied force is about 10 times the value in 
the first  and the optimal value for 𝜎𝜎M,dm in the 
next 30s increases to 2.4 × 10−3m. The results 
from joint input-state estimation for the time 
period 25-60s are shown in Figure 6. 
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(c) 

Figure 6 (a) Time history of the applied (black line) 
and the estimated (red line) stochastic force, (b) 
the updated standard deviation 𝜎𝜎𝑀𝑀,𝑑𝑑𝑑𝑑, and (c) the 
variance of the error on the estimated force. The 
red dashed lines in (b) and (c) indicate the optimal 
standard deviation calculated based on the actual 
displacement response and the corresponding 
minimum force error variance, respectively 

In the process of updating the standard deviation 
𝜎𝜎M,dm assumed for the estimation, there always 
exists a time delay because the updating is based 
on the displacement response estimated from the 
last time step. This time delay can lead to 
significant error on the estimated force if the 
changing amplitude is great. In this example, the 
amplitude of the applied force changes at t=30 s, 
but the standard deviation  𝜎𝜎M,dm in the updating 
time step 30-35 s cannot be adjusted immediately 
and remains close to the optimal value in the first 
30s, which results in a relatively large variance 
137.5 N2 of the force error in this time step. But 
the variance is decreased to a value (57.2 N2) very 
close to minimum variance (50.9 N2) by updating 
the standard deviation only once (Figure 6(c)). The 
time history of the applied and estimated force 
shown in Figure 6(a) also proves that using 
dummy displacement measurement for 
estimation is able to well reconstruct the actual 
force and system states when the PSD function of 
input force is time-variant. The updating 
technique makes the joint input-state estimation 
algorithm using dummy measurement an on-line 
method for force and state estimation. 

4 Conclusion 
This paper presents a new technique that uses 
dummy displacement or strain measurement to 
satisfy the stability condition in the joint input-
state estimation algorithm. And the method of 

uncertainty quantification in the estimation is 
elaborated. The result of the numerical simulation 
implies that the optimal value for the standard 
deviation is obtained by minimizing the 
uncertainty in the estimated force. In practical 
application, the standard deviation can be 
updated automatically to converge to the optimal 
value during the real-time estimation, which 
makes the presented technique an on-line method 
for estimating the input force and system states. 
This is verified by applying this technique in the 
numerical simulations where the vibration 
amplitude changes over time.  
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Abstract 
This paper proposed an integrated framework for detecting and segmenting road cracks in complex 
backgrounds. Based on the latest real-time object detection algorithm, YOLOv5l6, a modified U-Net 
embedded Bottleneck and Attention mechanism modules was developed to segment crack pixels 
from the detected crack regions. Validation of the proposed approach was conducted based on a 
total of 150 images, which were taken from different backgrounds, angles, and distances. Based on 
the computation, the results derived from the YOLOv5l6-based crack detection had a mean average 
precision of 92%, and the mean intersection of the union of the modified U-Net was 87%, which is 
at least 11% higher than the original U-Net model. The results showed the integrated approach 
could be a potential basis for an automated road-condition evaluation scheme for road operation 
and maintenance. 

Keywords: road engineering; object detection; crack segmentation; deep learning. 

1 Introduction 
Cracks, as a common defect during the road serving 
process, have posed an adverse influence on 
driving comfort and transportation safety [1]. Road 
management and maintenance departments 
generally collect images and confirm diseases by 
the traditional manual method, which involves high 
cost, high risks, and high subjectivity. With 
gradually increasing demand and diverse detection 
scenarios, there is an urgent need for an 
economical, efficient, and accurate method of road 
crack detection to assess road performance [2-4]. 

Convolutional neural networks (CNNs), a deep 
learning algorithm simulating the top-level 
arithmetic logic of the human brain, possess unique 
superiority compared with conventional methods 

in the machine vision field [5,6]. Road crack 
detection tasks based on CNN are divided into 
three categories, including image classification, 
object detection, and pixel segmentation [7], and 
the latter two were studied in this work. 

Object detection means identifying crack objects in 
an image and locating their position with bounding 
boxes. Cha et al. [8] used the faster region proposal 
convolutional neural network (Faster R-CNN) for 
automatic crack detection and showed it well-
performing with an average accuracy of 94.7%. Du 
et al. [9] proposed a road surface detection and 
classification method based on the You Only Look 
Once (YOLO) algorithm, which can rapidly identify 
and classify road surface defects. However, due to 
the irregularity of crack distribution path, shape, 
and density, the object detection algorithm simply

1370

mailto:denglu@hnu.edu.cn


IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Figure 1. Overview of integrated road crack detection approach

using bounding boxes for the location cannot 
provide detailed pixel-level crack information.  

In machine vision, segmentation means segment-
ing target objects at the pixel level. Bang et al. [10] 
proposed an automatic method for segmenting 
road crack pixels based on an encoder-decoder 
network, where ResNet-152 with transfer learning 
was selected as the encoder to improve the 
performance. Liu et al. [11] realized the crack 
segmentation based on U-Net. Compared with the 
CNN-based way of Cha [12], U-Net shows better 
robustness and applicability for crack detection but 
has more misidentification in the case of complex 
backgrounds due to noise interference. Yang et al. 
[13] and Zhang et al. [14] used a fully convolutional
network (FCN) for automatic pixel-level crack
segmentation. This method has a better effect on
wide cracks while producing misidentification in
terms of fine cracks because of its insensitivity to
details of images. Therefore, it is derived that pixel-
level methods can obtain promising results
regarding monotonous roads but it is found poorly
performing under complex backgrounds.

To overcome the above limitations in road crack 
detection and segmentation, this paper proposes a 
new road crack detection framework at the pixel 
level against complex backgrounds by integrating 
two independent machine vision algorithms: (1) 
crack region detection using the latest real-time 
object detection algorithm YOLOv5l6 with 
bounding boxes; (2) pixel-level crack segmentation 
using the modified U-Net from the bounding boxes. 
The aim of the proposed framework is to 
investigate more authentic road crack detection 
issues and improve the accuracy of crack 
segmentation. 

This paper is organized as follows: Section 2 
provides details of the methodology, and Section 3 

discusses related studies and testing outcomes. 
Finally, in section 4, conclusions are derived. 

2 Research methodology 
To carry out road crack detection in a cost-efficient 
way across multiple complex backgrounds, this 
study presented an automatic method by fully 
integrating the YOLOv5l6-based crack detection 
algorithm and a modified U-Net model for crack 
segmentation from the detected regions. The 
overall process of the integrated method is shown 
in Figure 1. 

2.1 YOLOv5l6 for crack detection 

YOLOv5 has been updating since its first version 
was released in 2020 [15]. To obtain a better 
tradeoff between detection speed and accuracy, 
we adopted its fifth version in this study, the 
YOLOv5l6 model, to satisfy the inference of high-
resolution crack images. The architecture of this 
network consists of four parts: Input, Backbone, 
Neck, and Predict, as shown in Figure 2. 

Backbone is mainly composed of the Focus module, 
the Conv module, C3 module (modified Cross Stage 
Partial Network), and spatial pyramid pooling (SPP) 
module, which is used to output crack feature 
maps of different scales. In the Neck, Feature 
Pyramid Networks (FPN) and Pyramid Attention 
Network (PAN) are used to fuse crack feature maps 
from multiple levels. FPN transmits high-level crack 
features to low-level layers by a bottom-up 
pathway, while PAN, on the contrary, transmits 
low-level crack localization information to high-
level layers by a top-down path. These two 
structures collaboratively improve the detecting 
performance on cracks of various sizes and enrich 
crack features of all scales.
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Figure 2. Architecture of YOLOv5l6

The dataset for training the YOLOv5l6 is shown in 
Table 1. Images for training and validation were 
taken from Road Damage Detection (RDD) dataset 
[16], while testing images were collected from the 
campus of Hunan University. Here we mainly 
consider three crack types: transverse cracks, 
longitudinal cracks, and alligator cracks. Given the 
fact that wide cracks are more harmful to road 
structure and are easier to collect, most of the 
cracks for training and validation are wide ones 
(width > 2 mm), and the resolution was adjusted to 
1280 × 1280. In 150 testing images, wide (width > 
2mm), medium (1 < width < 2 mm), and thin cracks 
(width < 1 mm) account for 70%, 20%, and 10%, 
respectively. All images in the dataset were 
randomly selected.  

Table 1. Image dataset for YOLOv5l6 

Training Validation Test 

# of images 1700 150 150 

Resolution 1280×1280 1280×1280 
1920×1080,
3264×2448 

2.2 Modified U-Net for crack segmentation 

The original U-Net model has been highly praised 
for its bilateral symmetric structure and excellent 
performance on small datasets [17]. However, the 
initial feature extraction part has much information 

loss after multiple convolutions, failing to 
propagate and forward features computed by 
previous layers to the next. Furthermore, purely 
direct connections, applied in original shortcuts, 
are unable to guarantee the total elimination of 
random noise caused by network misjudgment. 
Against the weaknesses mentioned above, we 
separately embedded the Bottleneck and 
Attention modules into the two parts. The 
framework of the modified U-Net is shown in 
Figure 3. 

The Bottleneck module was derived from Residual 
Network [18], directly skipping three convolutional 
layers by introducing an identity shortcut 
connection, as illustrated in Figure 4(a). By 
transmitting the input information directly to the 
output, this module can better ensure the original 
integrity of the output features. 

The Attention mechanism [19], inspired by the 
human visual attention mechanism, is essentially 
to extract features more accurately through a 
series of attention weight distribution coefficients 
in the neural network. The specific structure of the 
Attention mechanism is shown in Figure 4(b), and 
the attention module is divided into three main 
parts. 

(1) Feature extraction. As shown in Figure 4(b), L
and P represent matrixes of encoder and decoder,
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Figure 3. Framework of modified U-Net

respectively. K and N are the height and width of 
feature maps, respectively. C represents channels, 
and SL and SP are matrixes of feature weight, as 
shown in Eqns. (1-2), through mean pooling, the 
weight matrixes SL and SP of the feature map with 
C channels are obtained. 

𝑆𝑆𝐿𝐿 =
1

𝐾𝐾 × 𝑁𝑁
��𝐿𝐿(𝑖𝑖, 𝑗𝑗)

𝑁𝑁

𝑗𝑗=0

𝐾𝐾

𝑖𝑖=0

 (1) 

𝑆𝑆𝑃𝑃 =
1

𝐾𝐾 × 𝑁𝑁
��𝑃𝑃(𝑖𝑖, 𝑗𝑗)

𝑁𝑁

𝑗𝑗=0

𝐾𝐾

𝑖𝑖=0

 (2) 

(2) Feature weights update. First, through dot
multiplication of SL and L, SP and P to realize a fully-
connected operation of encoding feature maps and 
decoding feature maps. Then, the output is
summed and passed through the ReLU activation
function 𝛾𝛾1 . Next, the result is dotted multiplied
with the δ to obtain the intermediate Attention
matrix Iatt, as shown in Eqn. (3), which will be
passed through the Sigmoid activation function to
get an update.

𝐼𝐼𝑎𝑎𝑎𝑎𝑎𝑎 = 𝛿𝛿𝑇𝑇 �𝛾𝛾1(𝑆𝑆𝐿𝐿𝑇𝑇𝐿𝐿 + 𝑆𝑆𝑃𝑃𝑇𝑇𝑃𝑃)� (3) 

(3) Feature maps update. As shown in Eqn. (4), the
new weight matrix 𝜑𝜑 and encoder matrixes P are
dotted multiplied, which will increase channel
weights of crack pixels while reducing those non-

crack pixels, and then attention feature maps as 
output will be connected to the decoder for 
upsampling. 

𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂𝑂 = 𝜑𝜑 × 𝑃𝑃 (4) 

Datasets for training the modified U-Net model are 
shown in Table 2. Images for training and validation, 
all adjusted to 448×448 pixels, derive from the 
public road crack dataset [20-22], which were 
collected under a variety of lighting conditions 
(including shadow, occlusion, low contrast, and 
noise). Testing images were those cropped by 
bounding boxes generated by YOLOv5l6. All images 
mentioned above were randomly drawn and 
completely different. 

Table 2. Image dataset for modified U-Net 

Training Validation Test 

# of images 3800 300 150 

Resolution 448×448 448×448 
307×706, 

908×129 et al 

3 Validation 
The proposed method used a YOLOv5l6 technique 
to detect cracks using bounding boxes, a modified 
U-Net algorithm with Bottleneck and Attention
modules to segment the crack region pixels. The
experimental platform was performed on a
workstation with an Intel (R) Core(TM) i7-8700K
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Figure 4. Embedded modules (a) Bottleneck module, (b) Attention mechanism module

CPU @ 3.70GHz, and 16.0G RAM, as well as an 
NVIDIA GeForce RTX 3060, 12G GPU. The software 
configuration is as follows: Ubuntu 18.04, Pytorch-
GPU, CUDA 11.1.0, and Python 3.7. To validate this 
method, various backgrounds and natural road 
cracks were tested. 

3.1 YOLOv5l6 detection results 

The first experiment test was conducted at Hunan 
University. Figure 5 shows some results based on 
YOLOv5l6 in various complex scenarios, in which 
D00 and D10 represent longitudinal cracks and 
transverse cracks, respectively. The testing results 
presented a 92% mean average precision (mAP@ 
0.5) with 150 test images processed in 5.82 seconds. 
The images were taken by iPhone 12 in natural light 
with a resolution of 1920 × 1080 pixels and 3264 × 
2448 pixels, and the crack width ranged from 
millimeters to centimeters. 

3.2 Modified U-Net segmentation results 

As shown in Figure 5, the yolov5l6-based method 
can accurately detect and locate cracks across 
different complex road scenes but does not meet 
the need for depicting crack shapes. Therefore, the 
second experiment test is to input the crack images 

cropped by bounding boxes into the modified U-
Net for pixel-level segmentation. Figure 6 shows 
the segmentation results of the modified U-Net, U-
Net with Attention or Bottleneck module, and U-
Net. The modified U-Net embedded Attention and 
Bottleneck module showed significant 
improvement compared to that with a single 
module only and original U-Net, increasing the 
mean intersection over union (IoU) metric at least 
by 11% for 150 testing images. 

4 Conclusions 
A framework for crack detection, localization, and 
segmentation was developed by combining two 
different techniques, i.e., YOLOv5l6 and the 
improved U-Net model. The developed framework 
was also validated against various images taken 
from complex backgrounds. Based on YOLOv5l6, 
the images cropped by bounding boxes were input 
to the modified U-Net for pixel-level crack 
segmentation. The following contributions were 
achieved in this paper: 

1. The limitations of current YOLOv5l6 and U-Net
methods were well addressed by combining
the region detection and crack segmentation
functions.

Figure 5. Results of YOLOv5l6-based crack damage detection 
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Figure 6. Comparative studies using modified U-Net, U-Net + Attention or Bottleneck module, and U-Net 

2. Based on the proposed method, road cracks
were well detected and segmented across
various and complex backgrounds. The mAP of
YOLOv5l6 was 92%, and the mIoU of the
modified U-Net embedded Attention and
Bottleneck modules was 87%.
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Abstract 
According to the geological characteristics of the deep soft overburden and high pressurized water 
where the anchor of the 2300 meters suspension bridge is located, the safety risk analysis of the 
diaphragm wall anchorage foundation with rectangular-ambulatory-plane was carried out, and the 
risk sources were sorted out. The risk levels of each risk source were evaluated by expert 
questionnaire, and the risk levels of anchorage were analyzed by Kent index method. The 
countermeasures of all risk sources were formulated, and the main risk factors were studied. On 
this basis, the design scheme of anchorage foundation was optimized, the key control measures of 
risk factors in the construction process were put forward, and the corresponding emergency plans 
for main construction risks were formulated, which provided a guarantee for the smooth 
implementation of anchorage foundation scheme. 

Keywords: anchorage; risk assessment; suspension bridge; diaphragm wall; deep excavation; 
composite foundation. 

1 Project Overview 

1.1 Geological Conditions 

The main span 2300m span of the Zhangjinggao 
Yangtze River Bridge Southern passage bridge is a 
two-span suspension bridge with continuous steel 
box girder elastic support semi-floating system. 

The strata where the anchorage is located are 
mainly quaternary alluvial-diluvial silty sand, 
partially intermixed with silty clay and silty clay. 
The upper strata are loose and slightly dense, the 
middle strata are slightly dense-medium dense, 
and the lower strata are dense. The geological 
characteristics are as follows: (1)There is no good 
holding layer within the range of 60m depth; (2) 
There is no good waterproof layer within 100m 
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depth;(3) There is no rock layer within the range 
of 120m. 

1.2 Structure Scheme 

Zhangjiagang side ground wall is 108m long, 75m 
wide and 1.5m thick, the roof is 1m high, and the 
outer double-layer ground wall is 82m deep. The 
net spacing of the double-layer walls is 3m. In 
order to ensure the integrity of the double-layer 
walls, the ground wall is adopted to separate the 
double-layer walls and form 10 (9.15×3) m 
rectangular partitions in the long side direction, 
and 6 (9.25×3) m rectangular partitions in the 
short side direction. After dry excavation of the 
soil outside, 5m dry cast bottom plate is poured 
on the foundation reinforcement. After that, 
concrete interlayer is poured on the outside to 
form a 6m thick wall connected with the double-
layer ground wall. The interior of the ground 
bulkhead of supporting and rotating structure is 
divided into 15 large rectangular bulkheads by 
using ground bulkhead. Biggest bulkhead size of 

20×19.8 m, the bottom of the wall height is 67 m. 
The same as the bulkhead between double walls, 
big bulkhead in the upper part of the soil by dry 
excavation to 23 m. Then through the underwater 
dredging soil excavation, the second part of the 
soil excavation depth of 49 m, and pouring 10m 
thick concrete sealing bottom, After that, the 
water inside the compartment was drained, and 
then the reinforced concrete bottom plate with a 
thickness of 5m was dry poured. The rear toe 
compartment was filled with sand, and the other 
compartments were filled with water.  

The scheme of Rugao side ground wall is the same 
as Zhangjiagang side ground wall, the length of 
ground wall is 118m, the width is 75m, the 
thickness of ground wall is 1.5m, the height of 
roof is 1m, the depth of outer double wall is 68m, 
and the net distance of double wall is 3m. 

The overall structure of anchorage on both sides is 
shown in Figure 1 and 2 below. 

Figure 1. Overall structure of side anchorage in Zhangjiagang 

Figure 2. Overall structure of Rugao side anchorage 
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2 Analysis of potential risk points 

The project evaluation team identified and screened 13 main risk sources from the aspects of structural 
scheme[1-5], construction technology and operation management based on the construction and 
maintenance accident cases of super-large supporting and rotating structure composite ground wall 
anchorage foundation and the Guide. The risk analysis is shown in Table 1 below. 

Table 1. Analysis of risk sources 

The serial 
number Risk source Risk description 

1 

The risk of inadequate 
study of ground wall as a 
permanent horizontal 
stressed structure 

In the traditional design, the anchorage is only used as the retaining 
structure, without considering its stress during operation. This anchorage 
is the first time that the ground wall is considered as a permanent 
horizontal stress component in the field of bridge anchorage, and the 
design and construction life of the bridge is 100 years. Its durability, 
reinforcement, protective layer thickness and other design standards are 
different from the ground wall as the envelope structure, the design 
standards are not clear. 

2 Risk to reliability of rigid 
joints 

During the construction of ground wall, the slots of phase I and PHASE II 
are connected by slot joints. The traditional ground wall joints only bear 
part of the shear force and axial force but cannot transfer the bending 
moment. As an overall force structure, the ground wall foundation scheme 
of supporting rotary structure needs to transfer not only shear force and 
axial force, but also the bending moment. Therefore, the rigid joint scheme 
is proposed in the design scheme, but the connection performance of the 
rigid joint is not clear at present. If the effect of rigid connection is not 
achieved, the bearing capacity of ground wall will be affected. 

3 

Design parameters and 
design methods take 
insufficient risk into 
account 

According to the construction situation in shenzhong field, the wall 
thickness is not up to the design thickness due to the misplacement and 
inclination of the ground wall during the construction of the groove 
section, which has a great influence on the structural stress. In the design 
scheme, the composite foundation is adopted to reinforce the foundation 
of the supporting and rotating structure. In the traditional design method, 
the area equivalent method is adopted to assume that the consolidated 
foundation is uniform. For the deep foundation reinforcement, due to the 
deviation of perpendicularity, there will be some geological 
unreinforcement, which is quite different from the uniform foundation 
assumed in the design. In the traditional retaining structure of anchorage 
foundation pit, only the reinforcement in the excavation stage is 
considered. The stress of the operation structure should be considered to 
prevent the failure of the structure caused by insufficient rebar 
configuration. Soil and water pressure is the key design parameter of 
underground structure design, but the theoretical calculation value of soil 
and water pressure is different from the actual value according to the 
previous monitoring data. If soil and water pressure is considered too little, 
there is a risk to the structure safety. If water and soil pressure is 
considered too much, it will cause great economic waste. 

4 Risk of prestressed 
tension construction 

Large - scale prestressed single - end tension of rear anchor face may lead 
to wire breakage, sliding wire and splice flying out. 
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5 
Super deep wall into 
groove hole collapse, 
tilt, wrong stage risk 

The geological conditions at the anchorage site are complex, with a 40 m 
thick silty clay layer on the top and no good holding layer in the 70m depth 
range. The depth of the ground wall is 82m, and it is easy to collapse holes, 
tilt, wrong platform and other risks when forming grooves. 

6 
Risk of loss of anchor 
load performance due to 
thick mud crust 

Based on field sampling at depth, the final mud thickness was up to 10cm. 
For the scheme of ground wall foundation of supporting and rotating 
structure, the strength of ground wall involved in horizontal stress mud is 
poor, which has great influence on the horizontal load of ground wall. 

7 

The risk that the 
construction quality of 
rigid joints does not 
meet the design 
requirements 

The joint construction is the difficulty of the construction control of the 
diaphragm wall and the joint is the weakest link of the diaphragm wall. 
Water gushing and even sand gushing are easy to happen from the joint, 
and the concrete flow around the pouring process is avoided. This project 
adopts the rigid joint scheme with complex structure and high construction 
accuracy. If the construction quality fails to meet the design requirements, 
the overall force of the structure will be uneven, and even the structure 
will be damaged. 

8 

The risk that the 
strength does not meet 
the design requirements 
after foundation 
treatment 

At the bottom of the sealing concrete, the composite foundation is used to 
reinforce the foundation, and the depth of reinforcement is up to 65m. 
Some areas are not strengthened due to perpendicularity deviation. In 
addition, strengthening strength control is also a risk point that needs to 
be controlled in foundation treatment. 

9 Risk of base seepage 

The risk of water seepage still exists after the bottom sealing treatment of 
the foundation pit, which is mainly considered in two aspects: first, the 
excavation of the foundation pit adopts the way of underwater excavation, 
and it is difficult to excavate the soil adhered to the side wall. If not 
cleaned, there is a risk of water seepage in the side wall of the sealing 
concrete. Second, the depth of foundation reinforcement is large and the 
deviation of verticality makes some geological foundation not fully 
reinforced there is a risk of water seepage. 

10 

The poor precision of 
underwater foundation 
pit excavation causes 
the risk of over 
excavation and under 
excavation 

The project adopts underwater excavation in the process of foundation pit 
excavation, which is a hidden project and difficult to construct. With the 
increase of excavation depth, it is difficult to excavate manually, and the 
foundation is easy to overdig or underdig, which causes the insufficient 
bearing capacity of foundation. 

11 

Risk of concrete 
segregation in 
underwater anchorage 
under deep water 
conditions 

The depth of the ground wall is 93m. During the pouring process, due to 
the poor quality of concrete caused by leaking pipe, the escape of 
compressed air and the strong permeability of the stratum, it is 
appropriate to cause concrete segregation and affect the quality of the 
structure. 

12 

Risk of temperature 
crack caused by mass 
concrete casting of 
anchorage 

The project a great consumption of concrete and mass concrete in the 
cement hydration will form outside low in high temperature. This 
difference in temperature will make the mass concrete internal 
temperature distribution is not uniform and cause concrete deformation is 
not consistent, and then produce internal stress constraints. Because the 
inner central area is the highest temperature in the hydration heat release 
process of mass concrete, the thermal expansion generated by it is much 
larger than that of concrete at the surface. Affected by this concrete 
surface tensile and central compression, with the concrete surface tensile 
stress gradually increased until over its tensile strength cracks. 

13 
Creep deformation risk 
of anchorage foundation 
under thick overburden 

Under the continuous action of external load during the application of 
anchorage foundation, long-term creep deformation will occur under the 
geological condition of deep overburden. 
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3  security risk assessment 

3.1 Risk assessment system based on Kent 
index method 

The traditional Kent index method was proposed 
by American W Kent Muhlbauer in 1992 and was 
initially applied to risk assessment in pipeline field. 
With the increasing maturity of theory and practice, 
it has been extended to other engineering fields [3]. 
With reference to The Safety Risk Assessment 

Guide for Highway Bridge and Tunnel Engineering 
Design [6] (Trial), a safety risk assessment system 
suitable for the initial construction stage of bridge 
engineering is established based on the Kent index 
method and combined with the investigation 
report of typical bridge construction accident 
causes and the characteristics of bridge 
construction [5]. The evaluation grades are shown 
in Table 2 below:

Table 2. Risk grade table based on Kent index method 

Risk loss 
The risk probability 

1 2 3 4 5 

1 I(16) I(32) II(48) II(64) III(81) 

2 I(32) II(64) II(80) III(128) III(160) 

3 II(48) II(80) III(144) III(192) IV(240) 

4 II(64) III(128) III(192) IV(256) IV(320) 

5 III(81) III(160) IV(240) IV(320) IV(400) 

3.2 Risk Assessment 

The project invited a total of 11 domestic senior 
bridge experts to carry out risk assessment on the 
super large supporting and rotating structure 
composite wall anchorage foundation. The 
assessment includes the probability of risk 
occurrence and the loss of casualties, economic 
loss and environmental damage. The evaluation 

results show that the risk of incomplete study of 
ground wall as permanent horizontal stress 
structure, the risk of reliability of rigid joints, the 
risk of construction quality of rigid joints not 
meeting the design requirements, and the risk of 
temperature crack caused by mass concrete 
pouring are grade iii, and the other risk sources are 
grade II. The evaluation results are shown in Table 
3 below.

Table 3. Risk assessment results of super large supporting and rotating structure composite wall anchorage 
foundation 

The serial 
number Risk source Risk of hair 

The probability of birth 
risk 
loss 

risk 
level 

1 The risk of inadequate study of ground wall as a 
permanent horizontal stressed structure 11 11 Grade ⅲ 

(121) 

2 Risk to reliability of rigid joints 11 8 Grade ⅲ 
(88) 

3 Design parameters and design methods take 
insufficient risk into account 9 8 Grade II 

(72) 

4 Risk of prestressed tension construction 7 10 Grade II 
(70)
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5 Super deep wall into groove hole collapse, tilt, 
wrong stage risk 9 7 Grade II 

(56) 

6 Risk of loss of anchor load performance due to 
thick mud crust 8 8 Grade II 

(64) 

7 The risk that the construction quality of rigid 
joints does not meet the design requirements 8 12 Grade ⅲ 

(96) 

8 
The risk that the strength does not meet the 
design requirements after foundation 
treatment 

8 9 Grade II 
(72) 

9 Risk of reliability of test means after foundation 
treatment 9 8 Grade II 

(72) 

10 Risk of base seepage 8 10 Grade II 
(80) 

11 
The poor precision of underwater foundation 
pit excavation causes the risk of overexcavation 
and underexcavation 

7 8 Grade II 
(56) 

12 Risk of underwater concrete pouring 
segregation in deep water conditions 8 8 Grade II 

(64) 

13 Risk of temperature cracking caused by mass 
concrete pouring 10 10 Grade ⅲ 

(100) 

4 Countermeasures 

The assessment of the sources of risk in this report 
is based on those referred to in the Guide. 
Assumed to be carried out under normal 
construction and normal operation risk mitigation 
measures. However, The Southern passage bridge 
of Zhangjinggao Yangtze River Bridge belongs to 
the superlarge span suspension bridge with 2300m 

span, which exceeds the existing design 
specifications. Many conventional risk mitigation 
measures are insufficient to reduce the risk source 
rating to an acceptable level. Combined with the 
assessment results and expert opinions, targeted 
risk countermeasures are proposed[7-9] as shown 
in Table 4 below.

Table 4. Measures to deal with the risk of super large supporting and rotating structure composite wall 
anchorage foundation 

The serial 
number Risk source Risk response measures 

1 
The risk of inadequate study of 
ground wall as a permanent 
horizontal stressed structure 

We will fully investigate similar application cases at home and 
abroad and carry out special studies to formulate plans and 
measures. 

2 Risk to reliability of rigid joints Carry out model tests and related research. 

3 
Design parameters and design 
methods take insufficient risk into 
account 

(1) Calculate the safety performance of anchorage foundation after
reducing wall thickness;
(2) Carry out the technology test of deep composite foundation
reinforcement; 
(3) Investigate the data of soil and water pressure monitored on
site in previous projects, and revise the soil and water pressure
according to previous experience and data research to ensure the
safety of the structure.

4 Risk of prestressed tension 
construction 

(1) Standardize the prestressed tensioning operation rules;
(2) Improve the safety awareness of prestressed tension
construction;
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(3) Strict implementation of prestressed tension construction
operation criteria.

5 Super deep wall into groove hole 
collapse, tilt, wrong stage risk Control the mud parameters to ensure the stability of the arm. 

6 
Risk of loss of anchor load 
performance due to thick mud 
crust 

Sludge separation and chemical regeneration treatment were 
carried out for mud purification. 

7 
The risk that the construction 
quality of rigid joints does not 
meet the design requirements 

Carry out rigid joint process test and research work, clarify rigid 
joint construction process requirements, and make early warning 
and emergency plan. 

8 
The risk that the strength does 
not meet the design requirements 
after foundation treatment 

Make sure the parameters such as perpendicularity deviation, mud 
strength and shotcrete pressure of reinforcement equipment. 

9 Risk of reliability of test means 
after foundation treatment 

CPTU or in-situ load plate construction is used to test the 
reinforced foundation and verify its bearing capacity. 

10 Risk of base seepage After foundation groove excavation, the side wall is brushed to 
remove the residual soil. 

11 

The poor precision of underwater 
foundation pit excavation causes 
the risk of overexcavation and 
underexcavation 

In the process of excavation, multi-wave velocity was used to 
sweep the excavation surface and the elevation of excavation 
depth was measured several times in the process of excavation. 
The excavation to the bottom of the foundation pit was carried out 
by fine excavation. 

12 
Risk of underwater concrete 
pouring segregation in deep 
water conditions 

Choose reasonable gradation, strictly control water cement ratio. 

13 Risk of temperature cracking 
caused by mass concrete pouring 

(1) During construction, concrete mixing temperature, outlet
temperature, internal actual temperature, surface temperature
and temperature difference between inside and outside of
concrete are strictly controlled;
(2) Select suitable construction technology and take corresponding
cooling and maintenance measures, so that the concrete structure
can reach the beauty of the outside and the inside of the concrete,
and at the same time can control the emergence and development
of concrete cracks.

For grade (high grade) risk sources, special 
thematic studies have been carried out to mitigate 
the risk level. The research contents and 
preliminary results are shown in Table 5 below: 

Table 5. Progress of the special topic on super large supporting and rotating structure composite wall 
anchorage foundation 

The 
serial 

number 
Risk source Related to the project Progress on the topic preliminary 

conclusion 

1 

The risk of 
inadequate study of 
ground wall as a 
permanent 
horizontal stressed 
structure 

Research on key 
technology of double 
supporting and 
rotating structure 
ground wall 

(1) Analyze and calculate
the forces exerted on the
anchorage foundation by
different stiffness of rigid
joints;
(2) Carry out research and
demonstration of

As a permanent structure, 
ground wall has been used 
in civil buildings, and the 
deformation of anchorage 
can be increased by about 
20% when the stiffness of 
rigid joint is reduced 
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2 Risk to reliability of 
rigid joints 

Research on key 
technology of double 
supporting and 
rotating structure 
ground wall 

connecting walls as 
permanent structures at 
home and abroad; 
(3) Perform local tensile
test of rigid joints; 
(4) To carry out the overall
bending resistance test of
the rigid joints of the
ground wall.

At present, the flexural 
bearing capacity of the 
rigid joint is low, so it is 
necessary to improve the 
flexural bearing capacity of 
the rigid joint, and further 
carry out laboratory test 
and field process test to 
ensure the construction 
reliability 

3 

The risk that the 
construction quality 
of rigid joints does 
not meet the 
design 
requirements 

Research on key 
technology of double 
supporting and 
rotating structure 
ground wall 

Construction quality can be 
controlled through various 
measures 

4 

Risk of temperature 
cracking caused by 
mass concrete 
pouring 

Research on key 
technology of 
concrete preparation 
and Application for 
super high cable 
Tower and super large 
anchorage 

(1) The crack risk of
anchorage concrete is
calculated from the
aspects of materials and
technological measures,
and the design index is
preliminarily determined.
(2) The influence law of
gravel grade on the 
workability of cable tower 
concrete is studied. 
(3) The structure 
difference of fresh 
concrete bubbles 
prepared by 
polycarboxylic acid 
admixtures under 
different vibration time 
was studied. 

Temperature cracks can be 
controlled and risk can be 
reduced to acceptable 
levels. 
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5 Concludes 
This paper focuses on the geological 
characteristics of 2300m super-long suspension 
bridge anchorage facing deep soft overburden and 
high confined water. By combining expert 
questionnaire method and Kent index method, 
the risk assessment of ground wall with 
supporting and transferring structure is carried 
out. Four grade ⅲ (high grade) risk sources and 
nine grade II (medium grade) risk sources were 
assessed and corresponding countermeasures 
were formulated for all of them. At the same time, 
a special study was carried out on the high grade 
risk sources, such as the risk of insufficient 
research on ground wall as a permanent 
horizontal stressed structure, the risk of reliability 
of rigid joints, the risk of construction quality of 
rigid joints not meeting the design requirements, 
and the risk of temperature cracks caused by mass 
concrete pouring. Preliminary findings suggest 
that risks can be mitigated to acceptable levels 
through targeted measures. This study provides 
some reference value for the successful 
implementation of anchorage foundation program. 
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Abstract 
In order to propose an equivalent fatigue vehicle suitable for the actual traffic flow, the vehicle load 
characteristics and fatigue vehicle load models were investigated based on WIM database in a 
Yangtze River highway bridge. The research results show that the bridge has the characteristics of 
large traffic volume, high proportion of heavy vehicles and severe overloading. All the vehicles can 
be divided into 6 types based on the wheelbase, and the fatigue vehicles with an equivalent vehicle 
weight greater than 10 t accounted for 85.9%, of which 6-axle vehicles dominated the fatigue 
damage. Compared with the Eurocode’s four-axle standard fatigue vehicle, the single axle weight 
derived from the actual traffic flow in this paper is 1.30 times that of the standard fatigue load model, 
which can provide guidance for fatigue design and maintenance of the same type bridges in the area. 

Keywords: fatigue loading spectrum; traffic flow; fatigue vehicle model; steel bridge deck; standard 
fatigue vehicle. 

1 Introduction 
With the rapid development of China's social 
economy, people's communication and traffic have 
become more frequent, and the road traffic flow 
has increased accordingly. However, the 
continuous growth of traffic volume has brought 
great challenges to the operation and maintenance 
of the bridge, especially the increase of heavy 
trucks and the existence of overloading vehicles, 
which results in the fatigue problem of the 
orthotropic steel bridge decks. 

Reasonable and accurate vehicle loads are the key 
to the safety assessment of bridge structures 
during the operation. Therefore, it is of great 
significance to clarify the fatigue vehicle load 
spectrum for the anti-fatigue design and fatigue life 
evaluation of steel bridge decks. Numerous studies 
on fatigued vehicles have been carried out in many 
countries, and relevant results have been brought 

into specifications or codes. The fatigue load of the 
AASHTO is a 3-axle standard fatigue car with a total 
weight of 325kN [1], and the load form used in the 
anti-fatigue design is simple. In contrast, the 
BS5400 and the Eurocode both give more detailed 
frequency spectrum of the fatigue load vehicle 
model [2-3]. Ye [4] investigated the distribution of 
wheelbase, axle weight and gross vehicle weight 
and proposed a six-axle fatigue-loaded vehicle 
model based on WIM system. Maljaars[5] 
suggested to replace the standard fatigue load 
model III in the Eurocode with a more accurate five-
axis fatigue vehicle through the analysis of Dutch 
measurement data.  

Apparently, vehicle load distribution varies in 
different areas, European and American standard 
fatigue vehicle does not reflect the current traffic 
conditions in China. In addition, the sample size of 
vehicle is not enough to reflect the operating 
vehicles and early established fatigue vehicle can 
not reflect the development and variation of 
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current vehicle load. This means that the Eurocode 
standard fatigue vehicle is not universal in China. 
Based on the actual traffic flow data of a highway 
Yangtze River Bridge for one year, the standard 
fatigue vehicle suitable for the bridge is obtained 
according to equivalent damage principle. It is of 
certain reference value for the fatigue design of 
bridge in China. 

2 Project overview 
A steel box girder cable-stayed bridge with double 
towers is located in the middle and lower reaches 
of the Yangtze River. A streamlined, closed, flat, 
steel box girder with a height of 4 m and a width of 
41 m is adopted for the bridge girder. The deck of 
the bridge includes two-way six traffic lanes, as 
shown in the Figure 1. The steel bridge deck has 
experienced different degrees of fatigue damage in 
different details for more than ten years. Taking the 
rib-to-deck weld joints as an example, the cracks 
are mainly distributed on both sides of the U-rib 
directly below the heavy lane and the middle lane. 

Figure 1. Layout of Standard Steel Box Girder
（Unit：mm） 

According to the BS5400 code, vehicles under 30 
kN should be eliminated in the analysis. After 
removing the vehicles weighing less than 30 kN, the 
total traffic flow and overloading vehicles are 
shown in Figure 2. The overloading ratio of vehicles 
with 2 ～ 5 axles is relatively small, but the 
overloading ratio of 6-axle vehicles is relatively 
large, accounting for about 12%. Obviously, 6-axle 
vehicles are dominanted in the fatigue damage of 
steel bridge decks. Figure 3 records the lane 
distribution of each axle. The total amount of traffic 
in heavy lane and middle lane is much larger than 
that in fast lane, indicating that the details under 
the heavy lane and middle lane are prone to suffer 
from fatigue damage. 

Figure 2 Statistics of Vehicle Flow and Overloading 

Figure 3 Distribution of Vehicle Lanes on Axle 
Types 

3 Parametric analysis of vehicles 

3.1 Wheelbase 

Wheelbase is an important basis for vehicle 
classification. Figure 4 shows the distribution of 
wheelbase of 3-axle and 5-axle vehicles due to the 
limitation of space. AxleDisX represents the 
number of wheelbases. It can be seen from the 
Figure 4 that a typical single-peak or bimodal 
distribution is found for all the axle distances. 
Taking 3-axle vehicle as an example, wheelbase 1 is 
mainly distributed around 2000mm, while 
wheelbase 2 is mainly distributed in 5500mm. 
Similar rules apply to other axle-type vehicles. 
Therefore, in order to simplify the axle types, 
vehicles with similar wheelbases are classified into 
the same type, and wheelbases with a probability 
less than 0.2 are not considered when dividing the 
wheelbases. Finally, all the vehicles can be divided 
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into six axles according to the distribution of 
wheelbases. 

(a) 3-axle vehicle

(b) 5-axle vehicle

Figure 4 Distribution of Wheelbase 

3.2 Axle weight 

Axle weight is another important parameter to 
establish the fatigue-load vehicle model. A 
statistical analysis of the axle load on each axle-
type vehicle is conducted. In this paper, the 
statistical results on axle weight demonstrate that 
axle weight has the combined characteristics of 
single-peak and multi-peak distributions. For all 
types of vehicles, the first axle load presents a 
typical singe-peak distribution, whereas a bimodal 
distribution is found for the second, and trimodal 
distribution is found for third, fourth, fifth and sixth 
axles of 6-axle vehicles. It can be concluded that the 
patterns of axle weight distribution can be 

influenced by vehicle type and axle number for 
multi-axle vehicles. 

3.3 Gross vehicle weight (GVW) 

Gross vehicle weight is a key parameter for 
evaluating the load on bridge components. In this 
study, the statistical results on vehicle weight show 
that the GVW presents characteristics of a multi-
peak distribution. Taking the six-axle vehicle that 
contributes much to fatigue damage as an example, 
it is obvious that GVW of the 6-axle vehicle shows 
a bimodal distribution, in which the first 
distribution is 20～25 t of the empty vehicle, while 
the second distribution is close to the 49 t, 
indicating that the 6-axle vehicle is a high-efficiency 
load. The maximum load is 142t, which is 2.9 times 
of the limited weight of 6-axle vehicles. 

Figure 5 Distribution of 6-axle GVW 

3.4 Equivalent fatigue vehicle load 
spectrum 

Based on the equivalent fatigue damage principle, 
the equivalent wheelbase and GVW of vehicles 
with different number axle are calculated by the 
following equation (1) and (2) respectively.  

ijiej LfL ∑=    (1) 

mm
ijiej WfW

1

)]([∑ ×=  (2) 

where Lej is the equivalent wheelbase of the j-th 
axle of this type of model vehicle, fi is the relative 
frequency of the i-th vehicle in the same type of 
vehicle, and Lij is the wheelbase of the j-th axle of 
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the i-th vehicle. Wij is the axle load of the j-th axle 
of the i-th vehicle; Wej is the equivalent axle load of 
the j-th axle; m is the parameter of the slope of the 
curve, generally it can be 3 or 5. The calculated 
results are summarized in Table 1 and Table 2. 

Table 1 Fatigue Load Spectrum 

Types Graphic illustration 

2-axle-I

2-axle-II

3-axle

4-axle

5-axle

6-axle

Table 2 Proportion of Fatigue typical vehicles 

Types GVW/kN Frequency/% 

2-axle-I 75 14.1 

2-axle-II 120 19.9 

3-axle 170 9.0 

4-axle 240 11.4 

5-axle 285 4.7 

6-axle 380 40.9 

4 Standard fatigue vehicle model 

4.1 FEM model 

A solid-shell refined mesh model is established 
through ABAQUS for finite element simulation, as 
shown in Figure 6. The model consists of four 
sections of diaphragms along the bridge, with an 
interval of 4 m between adjacent diaphragms; 
transversely including a lane with a total of seven 
U-ribs. The thickness of the deck is 14mm and 16
mm respectively, the thickness of the U-rib is 8 mm,
and the thickness of the diaphragm is 10 mm. The
solid model is 1 m long in the middle longitudinally
and covers the 3U-rib laterally, while the rest of
steel is simulated by shell element. The overall
mesh density of the model is 15mm, the mesh size
of solid segment is 6 mm, and the weld portion is
1.5 mm. The elastic modulus of the steel deck is 2.0
× 105 MPa and Poisson ratio is 0.3.

Figure 6 Solid to Shell Bridge Deck Model 

16 mm        14 mm 

Figure 7 Weld Meshing of Rib-to-Deck with 
different deck’s thickness 

Taking the weld toe of Rib-to-Deck as focus point, 
the load of above-mentioned fatigue vehicles and 
standard fatigue truck of Eurocode are applied in 
the model respectively. The actual wheel loads are 
moving longitudinally along the model The contact 
area is 600 mmx200 mm, as shown in the Figure 8. 

Solid model 
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(a)Lateral loading

(b)Lateral loading

Figure 8 Schematic drawing of Loading 

4.2 Loading results of fatigue vehicles 

Taking 14 mm-thick deck as an example, Figure 9 
presents the stress-time history curves imposed by 
all kinds of fatigue vehicles offered by Table 1. In 
addition, the fatigue load model III in Eurocode is 
also used in contrast. The stress influence line of 
the steel bridge deck is short, and its stress peak is 
related to the number of axles, so a multi-axle 
vehicle will produce multiple stress cycles. Then the 
rain flow method is introduced to calculate the 
stress amplitude and the corresponding number of 
cycles. 
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Figure 9  Stress–time history curve for fatigue 
vehicles 

4.3 Proposed fatigue vehicle model 

Based on the linear fatigue cumulative damage 
criterion, and taking the fatigue load model III 
stipulated by the Eurocode as the premise, the 
modified coefficient of the standard fatigue vehicle 
is defined as η, and the equivalent standard fatigue 
vehicle model suitable for the bridge can be 
obtained according to the following formulas: 
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where Nb and σb are the number of cycles and the 
stress amplitude under the action of the standard 
fatigue vehicle respectively. Ny and σy are the 
number of cycles and the stress amplitude under 
the original traffic flow load respectively. 

According to the traffic flow data, the daily traffic 
volume (ADTT) of single lane for fatigued vehicles 
is about 4785. Combined with the above-
mentioned formula (3) and (4), the modified 
coefficients of standard fatigue vehicle model with 
different thickness are listed in the Table 3. 

Table 3 Calculation Result of modified coefficient 

The thickness 
of deck/mm 14 16 

𝛴𝛴𝑁𝑁𝑦𝑦𝜎𝜎𝑦𝑦𝑚𝑚 1.4468E+16 6.27213E+15 

𝛴𝛴𝑁𝑁𝑏𝑏𝜎𝜎𝑏𝑏𝑚𝑚 6.6021E+15 2.33482E+15 

𝜂𝜂 1.20 1.40 

The average value of the two coefficients is 1.3, 
which can be used to modify the fatigue load model 
III in Eurocode finally. Therefore, the single-axle 
load of the equivalent standard fatigue vehicle is 
156 kN. For the convenience of calculation, after it 
is rounded to 160 kN, the equivalent fatigue vehicle 
weight is 640 kN, as shown in Figure 10. 
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Figure 10 Proposed standard fatigue vehicles 
(Unit: m) 

5 Conclusions 
On the basis of massive data collected by the 
Weigh-in-motion (WIM) system of steel bridge 
deck, several conclusions can be drawn: 

(1) Heavy vehicle load is the main cause of fatigue
damage to steel bridge deck. Of which 6-axle
vehicles account for a large proportion, and the
overloading ratio of 6-axle vehicles is the largest,
accounting for about 12%, which needs to be
noticed.

(2) The equivalent fatigue vehicle load spectrum
can be simplified to 6 types of vehicles. Except for
the 2-axle-I, the gross vehicle weight of all fatigue
vehicles is greater than 10t, accounting for 85.9%.

(3) The weight of the fatigue standard vehicle
obtained based on the measured traffic flow is 1.3
times that of the European standard fatigue vehicle.
The proposed standard fatigue load model is a
four-axle vehicle weighing 640 kN.
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Abstract 
The city development is closely related to the performance of the transportation network system. 
Bridges and roads are important parts of the transportation system, and are also inseparable 
components of the transportation network. However, the effect of the correlation between bridges 
and roads on the network system has not been studies thoroughly in the literature. Therefore, it is 
necessary to analyze the vulnerability of the road network when both bridges and roads are involved. 
In this paper, the urban road network is modeled into the form of network connection and node, 
based on the analysis of the related research results of road network vulnerability in the literature. 
Taking the urban roads at all levels as the connection and the transportation hubs (including bridges) 
as the nodes, the paper puts forward the corresponding measurement indexes and calculation 
methods, and establishes the importance and correlation analysis model of roads and bridges in the 
urban road network. 

Keywords: urban road network; transportation system; vulnerability analysis; importance and 
correlation between bridge and road. 

1 Introduction 
Road traffic network vulnerability usually refers to 
the sensitivity of road network capacity reduction 
caused by emergencies, which is manifested as the 
cascading failure of related road sections caused by 
the loss of capacity of some road sections, resulting 
in large-scale traffic network congestion [1]. With 
the enrichment of modern means of transportation 
and modes of transportation, the vulnerability 
analysis of road network has become an important 
work of urban road planning. 

Scholars have done a lot of research on road 
network vulnerability. Berdica [2] defines 
vulnerability by considering the probability and 
consequence of events that affect the road 
transportation system, that is, vulnerability in the 
road transportation system is the susceptibility of 
events, which can greatly reduce the 
maintainability of the road network. Jenelius [3] 

pointed out that the purpose of road network 
vulnerability analysis is to assess the possibility of 
emergencies and their economic and social 
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consequences, and shift the focus of work from the 
link level to the regional level. 

Jenelius et al [4] proposed a multi-itinerary 
scheduling model based on a single itinerary 
scheduling model, and studied the impact of 
scheduling flexibility and interdependence 
between different segments in the daily itinerary 
chain on delay cost and time value.  Taylor and 
Susilawati [5] proposed a node based vulnerability 
analysis and a location-based vulnerability analysis, 
which expanded the vulnerability analysis method 
of road network to a new scope.   

Jenelius et al [6] assumed that a dangerous event 
was a link or a group of links, collectively referred 
to as an element. When it is completely destroyed 
or closed, users on these links will be forced to take 
other unfavorable routes. Therefore, Jenelius [7] 
generated a method to measure the importance of 
road connections, which takes the user’s rights into 
account, and proposed a comprehensive method is 
to study the vulnerability of road network under 
the destruction of regional coverage [8]. 

In summary, vulnerability analysis is not only 
investigating the importance but also the 
correlation, considering from the perspective of 
the establishment and application of measurement 
indicators. Linton [9] proposed a proximity 
centrality, which refers to the reciprocal of the sum 
of the shortest distances from a node to all other 
nodes in the road node. Freeman [10] proposed an 
intermediary centrality, which means the number 
of nodes passing through the shortest path 
between two nodes in the road network. Each 
measurement index has independent significance. 
On this basis, Xiao [11] proposed and applied the 
data processing method by studying and using the 
Grey correlation analysis method. 

Based on the above analysis, this paper has a more 
in-depth understanding and explanation for the 
road network vulnerability analysis. The 
mathematical model of importance and correlation 
is established and is verified with practical 
examples, in order to complete the quantitative 
analysis of both importance and correlation of the 
vulnerability of road network. 

2 Importance and Correlation 
Within the scope of this paper, importance mainly 
refers to the impact of different urban roads on 
road network vulnerability, while correlation 
focuses on the impact of inevitable bridge sudden 
damage on road network vulnerability. 

2.1 Importance and Exposure 

2.1.1 Importance study 

At present, the key aspect of vulnerability research 
is importance research. The main purpose of 
importance measurement is to compare and sort 
different elements. For the road network, elements 
refer to the links between nodes. The destruction 
of these elements represents the worst case, that 
is, the interruption or destruction of the link, 
resulting in the congestion of the road network and 
the reduction of the transportation efficiency. 
These elements can also be regarded as the 
potential targets for counterattack against the 
system. Being able to identify important elements 
means that targeted measures can be taken to 
reduce the risk of interference  at these locations, 
or to provide the secondary optimal path between 
OD pairs for the road network that has been 
interrupted. The concept of element importance 
requires explicit or implicit assumptions on other 
scene dimensions (occurrence time, duration, 
degree of performance degradation, etc.) to make 
the comparison between elements meaningful. 
Therefore, the importance of an element can be 
calculated as the total impact of an interruption 
scheme involving the element, and some values of 
other dimensions can be used as conditions. 

2.1.2 Exposure study 

Vulnerability can be viewed from two different 
perspectives. The first is to pay attention to the 
social aspect of the system. For a specific individual, 
users often want to know how individual 
experience is affected under various possible 
interference situations, and what is the probability 
of each scenario? In addition, what is the impact of 
the worst-case scenario? And what is the impact of 
long-term system outage? 

After the concept of exposure is put forward, the 
vulnerability of road network can be better 
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evaluated by combining exposure with scenario 
probability. From a social perspective, exposure 
can also be called conditional vulnerability. The 
concept of exposure is related to a variety of 
factors, such as geography, economy, population 
and other variables will cause the interruption of 
the road network, and the impact on specific users 
is different, that is, the exposure is different. 

2.2 Correlation Study 

Importance study considers the importance of all 
components in the road network, and the 
importance degree of each component can be 
obtained by sorting the importance parameters of 
these components; The correlation is more focused 
on a component, and the correlation is the impact 
of the component on the road network. If the 
correlation degree is large, it means that the 
component has a greater impact on the road 
network; On the contrary, it shows that the 
component has little influence on the road network. 

In fact, there is not much work on quantitative 
analysis of correlation in road network vulnerability 
analysis at home and abroad. However, with 
industrialization process, our construction capacity 

has long been in the forefront of the world, and 
different cities are also expanding rapidly, which 
brings the practical problem of increasing urban 
traffic pressure. In order to deal with this situation, 
the demand for urban bridge construction 
represented by urban viaduct is also increasing. 
Therefore, the urban road network in China will 
inevitably include bridges, so in the vulnerability 
analysis of urban road network in China, the 
correlation analysis of bridges is essential. 

In our opinion, the bridge correlation can be 
divided into two parts. One part is the degree of 
correlation between the bridge and the whole road 
network. The other part is the connection degree 
between the bridge and other links in the road 
network. For the first part, we need to put forward 
the measurement index corresponding to the 
correlation, recalculate the influence degree of 
bridge in the road network, and compare with the 
influence degree of other links in the road network; 
For the second part, we need to establish the 
corresponding measurement index, and get the 
correlation parameters through calculation, so as 
to determine the influence degree of each link in 
the road network on the bridge. 

3 Modeling Analysis 

3.1 Importance Model Analysis 

The idea of establishing the importance model is to 
turn the road network model into an organic 
combination of links and nodes. The importance 
parameters of each node and link are calculated by 
using the proposed calculation formula, and the 
importance degree of each node and link can be 
obtained by sorting them in a certain order. So the 
key steps of the problem can be divided into the 
following steps: (1) road network modeling;（2) 
Interrupt scene representation;（3) Importance 
measurement. Finally, the corresponding 
calculation program is given. 

3.1.1 Road network modeling: original method 

The original method is one-to-one correspondence 
between the actual road network and the road 
network model, which can directly reflect the 

actual situation of the road network. It turns the 
road model in the road network into links, and the 
road intersection into road network nodes, so as to 
get the model diagram of the actual road network. 

3.1.2 Interrupt scenario representation 

For single link interruption, because the road 
network model adopts the undirected graph model, 
it is necessary to consider two directions of closing 
two-way links at the same time, which are 
represented by two opposite links. Therefore, the 
element e is composed of a pair of directional links 
of two-way streets, and the  collection 𝜀𝜀 is set of all 
these elements e. 

For area coverage network interruption, we mainly 
consider the method proposed by Jenelius and 
Mattson [8]. In this method, the study area is 
completely covered by uniformly shifted meshes of 
uniform shape and size elements. Any link that 
intersects partially or completely with the unit, 
including the OD pair connection link to prevent 
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intra partition travel, but excluding the transition 
link and external link, is completely closed during 
the outage period, while all links that do not 
intersect with the unit are not affected at all. 

3.1.3 Importance measurement 

The main purpose of importance measurement is 
to calculate the importance parameters of 
different elements, such as nodes and links, and 
then compare and sort them to get the importance 
degree of elements.   Assuming that the travel time 
is evenly or randomly distributed over time, the 
total delay ∆𝑇𝑇𝑖𝑖𝑖𝑖𝑒𝑒(𝜏𝜏) during the shutdown period is 
calculated according to Jenelius [6]: 

∆Tije(τ) =

⎩
⎪
⎨

⎪
⎧xij∆tije �τ −

∆tije

2 �  ∆tije < τ

xijτ2

2
∆tije ≥ τ

where 𝑥𝑥𝑖𝑖𝑖𝑖  represents diapaus’s travel demand per 
unit time between i and j. 

The overall importance of element e is achieved by 
pairing all diapaus’s together ∆𝑇𝑇𝑖𝑖𝑖𝑖𝑒𝑒(𝜏𝜏). The results 
are as follows: 

I(e|τ) = � �∆Tije(τ)
j∈odi∈od

 

3.2 Correlation Model Analysis 

3.2.1 Road network modeling: dual method 

In the dual method, the actual road is transformed 
into a node in the road network model, and the 
road is intersected into a link. Compared with the 
original method, the biggest advantage is that it 
can highlight the characteristics of the research 
object.  

3.2.2 Measurement index 

The correlation analysis mainly includes two parts, 
for the first part, it includes the node degree, the 
proximity centrality and the intermediary centrality, 
while the second part is mainly to establish 
interrupt centrality index to measure. 

1. Node degree

Node degree refers to the number of all links 
directly connected to a node, which can directly 

reflect the complexity of the connection between 
nodes and links. The calculation formula of node 
degree is as follows: 

Ki = � vij
j∈N(i)

 

2. Approaching centrality

Proximity centrality refers to the reciprocal of the 
sum of the shortest distances from a node to all 
other nodes in the network, the greater the 
proximity centrality, the smaller the sum of the 
shortest distances, and the greater the degree of 
association of the node in the road network. The 
calculation formula of proximity centrality is as 
follows: 

Ci =
1

∑ d(i, j)N
j=1

3. Intermediary centrality

The intermediary centrality of a node refers to the 
number of nodes passing through the shortest path 
between all nodes in the road network. The higher 
the intermediary centrality of a node, the more the 
number of shortest paths that the node can affect, 
and the greater the impact on the whole road 
network: 

CBi = ��
gjk(i)

gjk
,     i ≠ j ≠ k,   j < k

N

k

N

j

 

4. Interrupt centrality

The above-mentioned indexes of node degree, 
proximity centrality and intermediary centrality are 
used to measure the correlation between a link and 
the whole road network, while interruption 
centrality is used to measure the correlation 
between a link and other links in the road network. 
The calculation formula is as follows: 

CDi−j = ����
gkl−j(i)

gkl−j
−

gkl(i)
gkl

� ,     i ≠ j ≠ k
N

l

N

k

N

j
≠ l, k < l 

3.2.3 Grey relational analysis 

The comprehensive evaluation method is using 
multiple indicators to evaluate an eigenvalue. The 
calculation method of eigenvalue needs to be 
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determined, according to the definition of multiple 
indicators. Multiple indicators are converted into 
an eigenvalue, and then are calculated and sorted, 
in order to obtain the influence degree of each 
factor on the whole. 

The Grey correlation analysis method is suitable for 
measuring the correlation degree of multiple 
factors, and its core element is the correlation 
degree. It is to calculate the correlation degree 
between different factors, and then sort them to 
get the correlation degree between different 
elements, that is, the correlation need to be 
analyzed. In this paper, the two different factors 
are the bridge with other links and the overall road 
network. Based on the evaluation index 
established above, the comparison sequence and 
reference sequence of each node are obtained, and 
then the dimensionless treatment and each index 
weight are given to calculate the correlation degree 
between the two elements. Subsequently, the 
correlation degree of the bridge relative to other 
links in the road network is obtained. 

The Grey correlation analysis method can be used 
to calculate the correlation degree between all 
nodes in the road network and the overall road 
network. As for the second part of the correlation 
analysis, the measure of interruption centrality 
proposed above can be used to calculate. 

4 Numerical Examples 
In this section, an area in Shanghai is selected to 
conduct modeling analysis according to the above 
methods to verify the feasibility of the proposed 
model. As the actual data such as road traffic flow, 
road specific length, bridge traffic flow, road and 
bridge capacity are difficult to obtain, the relevant 
calculation data are simulated according to the 
relative value of road type, number of vehicles and 
link length. Therefore, the calculation results of 
numerical examples in this section cannot be 
directly applied to the actual road network. 
However, the main purpose of this paper is to 
verify the feasibility of the relevant models, which 
can be applied it to the actual road network in the 
future. 

4.1 Importance Example 

4.1.1 Road network modeling (original method) 

The road network area of the example on both 
sides of Yangpu Bridge is selected. The whole road 
network area includes Yangpu Bridge, main roads 
and secondary roads on the East and West banks. 
The main roads map of the actual road network 
map are shown in Figure 1. 

Figure 1. Main roads map 

The original method is used to divide it into a 
network composed of five main roads and three 
secondary roads, resulting in 14 nodes and 19 links. 
According to the actual location of the traffic hub 
on the map, six OD pairs are determined and then 
the same size is used and shape of grid divides the 
whole road network area into 15 small areas. The 
original road network model diagram of each node 
and link number is shown in Figure 2. 

Figure 2. Road network model diagram(original 
method) 
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4.1.2 Data determination 

The duration of each link outage is assumed as 30 
minutes, and the traffic flow and travel demand of 
each link in the road network are equal. The traffic 
flow of each link can be set as 30 vehicles per 
minute, and the travel demand can be set as 20 
vehicles per minute. The map is used to obtain the 
congestion of each link, and then the specific travel 
time of each link is calculated which is shown in 
Table 1. 

Table 1. Link travel time 

Link 
number 

Length / 
km Congestion 

Travel time 
/ min 

k1 2.21 traffic jam 3 

k2 1.32 open 1.5 

k3 1.20 open 1.5 

k4 0.94 open 1 

k5 1.13 open 1.5 

k6 1.33 open 1.5 

k7 1.86 open 2 

k8 2.19 open 2 

k9 0.95 open 1 

k10 1.41 Crowding 2 

k11 1.30 open 1.5 

k12 1.08 Crowding 2 

k13 1.04 open 1 

k14 0.99 open 1 

k15 0.87 Crowding 1.5 

k16 0.90 Crowding 1.5 

k17 1.31 open 1.5 

k18 1.32 open 1.5 

k19 1.23 open 1.5 

4.1.3 Calculation results and analysis 

Under the above analysis and data setting, the 
calculation program is written in MATLAB software, 
which can calculate the importance of each link and 
area unit in the case of single link interruption and 
area coverage interruption. The calculation results 
of the importance of each link in the case of single 
link interruption are shown in Table 2, and the 
calculation results of the importance of each 
regional unit in the case of regional coverage 
interruption are shown in Table 3. 

Table 2. Importance of single link interruption 

Link Importance Link Importance 
k1 1755 k11 8635 
k2 11655 k12 0 
k3 8020 k13 4600 
k4 8100 k14 1775 
k5 5660 k15 5790 
k6 0 k16 3470 
k7 3500 k17 11320 
k8 1755 k18 21645 
k9 0 k19 8070 

k10 3420 

Table 3. Importance of area coverage interruption 
area unit 

Region Importance Region Importance 
1 90000 9 9100 
2 90000 10 1755 
3 91180 11 4600 
4 103230 12 1755 
5 90000 13 25905 
6 91180 14 0 
7 11655 15 11320 
8 11655 

From the calculation results in table 2, it can be 
concluded that link 18 is the most important link, 
followed by link 2. The importance of links 6, 9 and 
12 is the lowest, even the calculation result is zero, 
which shows that these three links have no 
influence on the selection of the shortest path 
between OD pair nodes in the example network, 
that is, these three links are not on the shortest 
path between OD pair nodes. 
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From the calculation results of the importance of 
each regional unit in the case of regional coverage 
interruption in Table 3, it is not difficult to see that 
the importance parameter of region 4 is the largest, 
which indicates that the importance of region 4 is 
the highest.The importance parameter of region 14 
is the lowest, even zero, which indicates that the 
importance of region 14 is the lowest, and the 
closure of the area unit has no effect on the 
transportation efficiency of the whole road 
network.  

The calculation results of the two cases can be 
verified with each other, indicating that the 
calculation model is indeed applicable to the two 
cases. 

4.2 Correlation Example 

Similar to the importance example, the first step in 
the calculation process of the correlation example 
is to model the road network. In order to facilitate 
the comparative analysis of importance and 
correlation, and considering the similarities in 
definitions between them, the same road network 
area is used in the calculation of correlation 
example , but the modeling method is different. 
The second step is to calculate the corresponding 
indicators and complete the two parts of the 
calculation of correlation analysis. Finally, the 
results are compared and analyzed, and the 
conclusion corresponding to the road network is 
obtained. 

4.2.1 Road network modeling (dual method) 

The road network is modeled as nodes according to 
the dual method, and the nodes are connected 
according to the connectivity of the roads in the 
actual road network. The work is based on the 

original road network model diagram. The road 
network diagram modeled by the dual method is 
shown in Figure 3. 

Figure 3. Road network model diagram(dual 
method) 

4.2.2 Data calculation 

According to the dual method road network model 
figure obtained in Section 4.2.1, the value of each 
measurement index of each node in the figure is 
calculated as shown in Table 4. 

The correlation degree of each node can be 
calculated according to the calculation logic of Grey 
correlation analysis method by using the calculated 
measurement indicators, as shown in the Figure 4. 

Figure 4. Node correlation degree 

Table 4. Measurement index values 

node Node degree Approaching centrality Intermediary centrality Interrupt centrality influence 

1 3 0.0204 10.0000 1.8333 − 
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2 4 0.0238 34.3333 / / 

3 3 0.0213 9.0000 1.6000 − 

4 3 0.0182 4.0000 0.0000 0 

5 4 0.0233 21.5833 5.9167 − 

6 4 0.0238 23.8333 8.0833 − 

7 3 0.0196 5.7500 0.0833 − 

8 4 0.0204 6.5000 1.0000 0 

9 4 0.0213 7.1667 0.5000 − 

10 3 0.0182 4.5000 0.000 0 

11 4 0.0233 22.1667 6.1667 + 

12 4 0.0238 19.8333 4.8333 + 

13 4 0.0196 10.1667 0.3333 + 

14 4 0.0213 7.1667 0.3333 + 

15 4 0.0238 23.5000 9.2500 + 

16 3 0.0196 6.4167 0.2500 + 

17 3 0.0204 11.0000 1.0000 + 

18 4 0.0238 34.1667 33.6667 + 

19 3 0.0213 8.6667 1.5000 + 

4.2.3 Calculation and results analysis 

It can be seen from Figure 4 that the correlation 
degree of node 2, that is, the bridge node, is the 
largest, reaching 1.0, which indicates that the 
correlation between the bridge and the road 
network is the highest in the road network, and the 
operation of the bridge is always related to the 
transportation efficiency of the road network. The 
correlation degree of other nodes in the road 
network is between 0.6 and 0.85, which is smaller 
than that of bridge nodes. Therefore, the 
conclusion can be drawn that in the road network,  

the bridge has the highest correlation with the 
overall road network.  

As for the correlation analysis between the bridge 
and other nodes in the road network, it needs to be 
completed with the help of interrupt centrality. The 
interrupt centrality of each node and bridge is 
shown in the Figure 5.  It shows that node 18 has 
the highest interruption centrality to the bridge 
and is much higher than the interruption centrality 
of other nodes to the bridge nodes, which indicates 
that node 18 has the highest correlation with the 
bridge nodes.  
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Figure 5. Node interrupt centrality 

5 Conclusions 
This paper expounds the importance and 
correlation of quantitative indicators of urban 
bridges and roads in the vulnerability analysis of 
road network, establishes the corresponding 
mathematical model, calculates the quantitative 
indicators, and evaluates the vulnerability of road 
network. Firstly, from the definition of road 
network vulnerability, this paper further expounds 
the concepts of importance and correlation in the 
road network vulnerability analysis. Then it 
determines the completion route of vulnerability 
analysis by separating the concept of importance 
and correlation into two parts.  

For the importance analysis part, the road network  
modeling method is used and the calculation of the 
importance measurement index are carried out. 
The numerical analysis of the road importance is 
applied to the selected areas on both sides of 
Yangpu Bridge, Shanghai, to verify the correctness 
of the proposed model.  

For the correlation analysis part, the goal of 
correlation analysis is defined, and the 
mathematical model of bridge correlation analysis 
is established, where the measurement index, 
calculation process and processing method of 
correlation are proposed. The bridge correlation 
mathematical model is applied to the same area as 
in the importance analysis, and the results verified 
the applicability of the proposed method. 
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Abstract 
The Hong Kong–Zhuhai–Macao Bridge (HZMB) located at the Pearl River Estuary on the south 
coast of China, links Hong Kong in the east with Zhuhai-Macao in the west with a total length of 55 
km; It is the longest sea-crossing made of artificial island, immersed tunnel and steel bridge in the 
world, and was opened to traffic in October 2018. The environment where HZMB located is almost 
the most severe subtropical marine corrosive environments in China, the durability, maintenance 
and operation are undoubtedly amongst the major work of this project. In the view of the 
prominence of this bridge, it is a huge challenge for the engineers to achieve this. This paper 
describes the durability and integrated structure health monitoring system of HZMB.  

Keywords: Hong Kong-Zhuhai-Macao Bridge; durability; integrated SHM; monitoring results. 

1 Introduction 
The 55-km-long Hong Kong-Zhuhai-Macao Bridge 
is the longest sea-crossing bridge in the world, 
which consists of a six-lane highway connecting 
Hong Kong with Zhuhai and Macao at the mouth 
of the Pearl River Estuary in China, as shown in 
Figure 1.  

The HZMB main bridge made of bridge, immersed 
tunnel and artificial island, has a length of 29.6 km，
The tunnel is approximately 6.7km in length, with 
2 artificial islands approx. 625m long and the 
immersed tunnel approx. 5.7km long. The 
immersed tunnel comprises of 3-cell, 180m long 

precast concrete segments. The bridge has a 
length of 22.9 km，including three navigation 
channel cable-stayed bridges, approx. 15-km-long 
steel box girder marine viaducts with 110-m spans 
and 5-km-long concrete-steel composite box 
girder viaducts with 85-m spans. which is the 
largest scale of sea-crossing steel bridge in the 
world，over 2-million m3 concrete and 425 000 
tons steel structures. A design service life of 120 
years was first used in China Mainland. The 
project was completed in February 2018 and was 
opened to traffic in October 2018. 

The HZMB is situated in the southern subtropical 
marine monsoon region of China，subjected to 
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high temperature, high humidity, and severe 
marine corrosion in the long term. Thus, there is a 
huge challenge to the durability and maintenance 
of such a super-long sea-crossing link in a severe 
corrosion marine environment [1]. This paper 
introduces the philosophy of durability, integrated 
SHM system and other maintenance technologies 
applied on HZMB. 

Figure 1. General layout of HZMB. 

2 Durability 
The HZMB made of a sea-crossing bridge, a sub-
sea immersed tunnel and an artificial island, was 
designed for the first time in China according to a 
120 years design service life. The structure of 
HZMB is complex, with many types of components, 
and faces complex corrosion problems. In order to 
solve the problem of insufficient reliability of 
traditional empirical durability design method, an 
innovative durability design method based on 
probabilistic theory was adopted for the HZMB, 
which based on the 30 years long-term exposure 
test of concrete materials in Zhanjiang Exposure 
Station in South China with similar environment to 
HZMB and the in-situ engineering survey data 
collected from nearby ports or bridges. This 
durability design was established based on 
chloride ingression into concrete following the 
Fick's second law [2]. In accordance with the 
approximate probability method, and through 
statistical analysis to determine the characteristic 
values and partial factors of the durability 
parameters in the model, so as a quantitative 
relationship between the design service life and 
concrete durability specifications (chloride 
diffusion coefficient and concrete cover thickness) 
and the durability design equation of HZMB was 
established. Based on this relationship and 
equation, a durability design corresponding to the 
design service life of 120 years had been 

implemented. This section introduces the 
reliability-based concrete durability design 
strategy successfully applied in the HZMB[3]. 

2.1 Environment data 

The HZMB is situated in the southern subtropical 
marine monsoon region of China. The annual 
average temperature is about 22 °C, and the 
annual average humidity is between 77% and 80% 
with large seasonal variation (the annual 
precipitation between 2061 and 2200 mm). The 
sea water salinity is 32.9 for eastern part and 25.4 
for western part (bottom on sea bed), and lowest 
salinity is recorded as 8.1 and 10.4 for eastern and 
western regions. The concentration of Cl− of sea 
water is between 10,700 and 17,020 mg/L, the 
sulphate ions (SO4

2−) between 1140 and 2260 
mg/L, and the magnesium ions (Mg2+) between 
620 and 1070 mg/L. The pH values of sea water 
are between 6.65 and 8.63. There hydrological 
conditions generate strong local waves, making 
the splashing zone (−0.40 m to –6.26 m) much 
larger than the tidal zone (−2.10 m to −0.40 m). 
This result actually determines the durability 
design on the concrete elements exposed directly 
to the sea water. 

These environmental data form the basis for the 
durability design: the hydrology data help to 
determine the severity of salt attack on reinforced 
concrete (RC) elements, the tidal and wave data 
help to determine the different exposure 
conditions for RC elements, and the parameters 
adopted in model-based durability design are 
closely related to these environmental conditions 
in the project site. 

According to the Chinese design code GB/T 50476, 
the natural environments are classified into five 
classes on the basis of the deterioration processes 
of RC elements. The deterioration mechanisms of 
concrete elements under environmental actions 
include: (1) carbonation-induced corrosion of 
reinforcement steel (Class I), (2) chloride-induced 
corrosion of reinforcement steel (Class III), and (3) 
physical and chemical attack of salts in sea water 
(Class V). In addition, the internal expansion 
reactions in structural concrete, e.g., alkali–
aggregate reactions (AARs) and sulfate reactions, 
have to be taken into account given the long 
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service life of the project and the crucial function 
of its concrete elements. 

2.2 Design for durability 

2.2.1 General philosophy 

For the durability process of the structural 
concrete of the HZMB, the durability design 
requires a reasonable combination of material 
design and structural design in general to ensure 
the design service life of 120 years for the 
structure. Table 1 summarizes the durability 
design elements at the material and structural 
levels according to the relevant code standards.  

Through the control of the raw materials of 
structural concrete as well as the mineral 

composition of cement and the targeted concrete 
mix design of the HZMB, the possibility of salt 
action (physical, chemical) and internal expansion 
reaction of concrete was controlled at a very low 
level. Therefore, it was no longer considered as a 
durability control process. The corrosion process 
of the reinforcement caused by chloride 
ingression is the control process for durability 
design of HZMB. The durability design of this 
project will determine the concrete material 
design and structural design parameters in terms 
of the material and structural level, respectively, 
and determine the appropriate design safety 
margins. Therefore, a model-based approach for 
the corrosion process was developed and 
implemented in HZMB. The DLS of principal RC 
elements was defined as corrosion initiation state. 

Table 1. Durability Requirements for RC Elements at Both Material and Structural Levels 

Salt attack Internal expansion 

Requirements 
Carbonation-

induced 
corrosion 

Chloride- 
induced 

corrosion 
Physical Chemical reaction DEF 

Material 
level 

w/b ratio √ √ √ √ √ √ 
Binder type _ √ _ √ √ √ 
Binder content √ √ √ √ √ √ 
Cl-content _ √ _ _ _ _ 
C3A content _ _ _ √ _ √ 
SO3 content _ _ _ √ _ √ 
Alkali content _ _ _ _ √ _
Alkali reactivity _ _ _ _ √ _

Structural 
level 

Cover quality √ √ √ √ _ _ 
Cover thickness √ √ √ √ _ _ 
Crack control √ √ √ √ _ _ 

2.2.2 Model based durability design 

The design model for chloride-induced corrosion is 
adapted from the widely used analytical model of 
Fick’s second law. With the DLS specified as the 
corrosion initiation state and the reliable index 
β=1.3，the design equation can be written as:  

0)
2

erf(1
CI

=





⋅

−−=
SL

d
scr tD

xCCG   （1） 

where Ccr,s = the threshold chloride concentration 
for steel corrosion and the concrete surface 
chloride concentration (%), respectively; xd = the 
concrete cover  thickness (mm); DCl = the chloride 
diffusion coefficient of concrete (m2 /s); tSL = the 
design service life of structural elements; and erf = 

the mathematical error function. By long-term 
observation, the apparent chloride diffusion 
coefficient of concrete under exposure conditions 
shows an exponential decay with time. 

)()()( 0
CI

0
CICI t,tηD

t
tDtD 0

n0
==    （2） 

where n = the exponential coefficient for DCl 
decrease law and D0 = the diffusion coefficient for 
concrete age t0. The term η(t0,t) is the aging 
coefficient of the diffusion coefficient. As it is not 
rational to assume DCl decreases infinitively with 
exposure age, this decrease law is truncated at t = 
30 years for durability design in the HZMB: 

).years30t,tηt,tη t == 030years0 ()( ＞    （3） 
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Which means the coefficient no longer decreases 
with exposure age after 30 years’ exposure. Thus, 
this model contains five parameters in total: Ccr ; Cs; 
xd; D0; n (or η).,for a given target service life tSL. 

2.2.3 Statistical properties and partial factors 

Aim to ensure the accuracy of HZMB chloride 
ingression model, the durability model parameters 
need to be determined and calibrated in relation to 
the environmental conditions and material 

composition. Thus, statistical characteristics for the 
durability design of the concrete structure of HZMB 
were determined by analyzing exposure test data 
and engineering survey data for the past 30 years 
in South China. The modal parameters were then 
calibrated using a full-probability approach with 
β=1.3 as the target, using reliability theory to 
calibrate the design values of the modal 
parameters and their partial-factors as Table 2.

Table 2. Calibrated Characteristic Values and Partial Factors for Chloride Ingress Design (β= 1:3) 

Parameter Immerged zone Tidal zone Splashing  zone Atmospheric  zone 
Ccr 

(%binder) 
Characteristic value 2.0 0.75 0.75 0.85 
Partial factor γc 2.0 1.7 1.7 1.1 

Cs 
(%binder) 

Characteristic value 4.5 3.82 5.44 1.98 
Partial factor γs 1.05 1.05 1.05 1.1 

DCl

(10−12 m2 /s) 
Characteristic value 3.0 3.0 3.0 3.0 
Partial factor γD 1.05 1.1 1.1 1.1 

Aging 
coefficient η(–) 

Characteristic value 0.074 0.067 0.061 0.047 
Partial factor γη 1.05 1.05 1.05 1.35 

Cover xd 

(mm) 
Characteristic value xdnom 60 80 80 50 
Operation error Δxd 10 10 10 10 

2.2.4 Durability design results 

With the calibration results for the design 
parameters as above, the durability design 
equation can be expressed as: 

0
tηD

xxCCG
ηD

d
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dss
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The design process takes the characteristic value of 
chloride diffusion coefficient 0

CID and nominal value 
of concrete cover xd

nom as design parameters. Using 
this equation, the characteristic values of these 
two parameters are calculated for the RC elements 
in the HZMB. For quality control purposes, the 
diffusion coefficients are calculated for both 28 d 
values and 56 d values.  

On the basis of the design results, the values of 
required cover thickness and chloride diffusion 
coefficient are obtained, modulated, and given in 
Table 3 for the main concrete elements in the 
HZMB. These results in Table 3 provide the basis of 
durability requirements for the RC elements in the 
HZMB. 

2.2.5 From design to quality control 

The rapid chloride migration (RCM) tests 
conforming to NT Build 492 are adopted as the in-
situ durability quality control method for structural 
concretes in the HZMB [4]. However, the design 
values for chloride diffusion coefficients cannot be 
used directly for the durability quality control 
parameters because the significance of DCl (t0) is 
the apparent chloride diffusion coefficient 
regressed from in-situ exposure tests at a given 
concrete age, whereas RCM measures a short-term 
migration coefficient under an electrical field. The 
former is a non-steady-state diffusion (NSSD) 
coefficient, whereas the latter is a non-steady-
state migration (NSSM) coefficient.  

Thus, it is necessary to establish a relationship 
between the NSSD design value and the NSSM 
quality control value. To this aim, the concrete 
materials used in the Zhanjiang Exposure Station 
are reconstituted in laboratory, and the NSSM 
coefficients are measured by the RCM method at 
28 and 56 d. Finally, from the analysis the NSSM 
coefficients are conservatively retained as two 
times the NSSD coefficients, and the corresponding 
NSSD values for quality control are also presented 
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in Table 3. These values had been adopted by the 
HZMB as the basis for the in-situ quality control 
method of its concrete structures. 

2.2.6 Exposure test station for durability 
evaluation 

Aiming to evaluate the durability of HZMB and help 
the life-cycle durability maintenance of HZMB, one 
in-situ exposure station had been constructed on 
the west artificial island, as Figure 2. These tests 
provide actual performance of concretes or steel 
specimens in real environment thus can serve to 
benchmark and calibrate the durability models and 
the statistical properties of the parameters. 
Meanwhile, the design service life of ZHMB is 120 
years, so it is a long-duration task for the 
community of maintenance to accumulate long-
term exposure data, and to interpret these data 
more systematically for understanding the long-

term durability processes, and to evaluate the 
durability status of HZMB, so that the durability 
maintenance measures can be timely applied. 

Figure 2. Exposure station of HZMB 

Table 3. Durability Design Results for RC Elements in the HZMB (β= 1.3) 

Design value  
DNSSD (10−12 m2 /s)

Control value  
DNSSM (10−12 m2 /s)

Element Exposure Design 
life(years) 

Cover xd
nom 

（mm) 28 d 56 d 28 d 56 d 

Box girder (exterior) 
Salt fog 120 45 3.0 2.0 6.0 4.0 
Splashing 120 80 3.0 2.0 6.0 4.0 

Box girder (interior) 
CO2 120 35 - - - - 
Salt fog 120 45 3.0 2.0 6.0 4.0 

Tower pier (exterior) Salt fog 120 50 3.5 2.2 7.0 4.5 
Splashing 120 85 3.5 2.2 7.0 4.5 

Pier (interior) CO2 120 35 - - - - 
Salt fog 120 50 3.5 2.2 7.0 4.5 

Bearing platforms Splashing 120 85 3.5 2.2 7.0 4.5 
Immerged 120 65 3.5 2.2 7.0 4.5 

Bored hole pile Immerged 120 65 3.5 2.2 7.0 4.5 
Tunnel tube (exterior) Splashing 120 80 3.5 2.2 7.0 4.5 

Tunnel tube (interior) Salt fog 120 50 3.5 2.2 7.0 4.5 
CO2 120 30 - - - - 

3 Integrated SHM system 

3.1 Tunnel, island and bridge integration 
SHM system 

Different from the most SHM system currently 
operating in China, an integrated SHM system was 
installed in HZMB [5]. This SHM system firstly 
integrated multi-structures monitoring including 
sea-crossing bridge, immersed tunnel and artificial 
island structures. Meanwhile HZMB’s SHM system 

was an integrated system combining a traditional 
SHM system, a synthetic durability monitoring 
system, a marine environment monitoring system 
and a bridge maintenance management system, 
namely integrated SHM system (ISHMS). Such a 
system makes the monitoring data and 
monitoring-derived results directly useful for 
decision-making on and prioritization of bridge 
inspection, evaluation and maintenance, and 
therefore is greatly beneficial for preventive 
maintenance and life-cycle maintenance 
management. This integrated system will play a 
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key role in securing bridge integrity, minimizing 
maintenance cost, and maintaining longevity of 
HZMB. 

Figure 3. Layout of the sensor systems of HZMB-
Qingzhou Bridge. 

Over 1266 sensors and 15 acquisition stations 
were installed on HZMB’s ISHMS. The ISHMS is 
established through three-layer C/S&B/S hybrid 
structures based on the GIS platform and 
distributed database management system. The 
system is divided into an on-site monitoring 
station and monitoring center in physical locations, 
linked through a communication optical cable 
transmission network, meanwhile remote users 
can connect to the on-site monitoring station 
through the Internet. The sensor system and the 
overall framework of the system is shown in 
Figure 3 and 4, respectively. 

Figure 4.Overall framework of the monitoring 
system. 

This ISHMS was constructed to fulfil the following 
main functions, namely, (1) Inspection, by visual 
and close up inspection with a systematic 
inventory and structural condition assessment 
system; (2) In-situ monitoring, by an in-situ on-
structure instrumentation system with 
appropriate data processing, automation analysis, 
and automation reporting software tools; (3) 
Evaluation, by calibrated finite element models 

and automation analytical methods, (4) 
Maintenance support, by maintenance strategies, 
options, priorities, and availability of resources, (5) 
Data management, by management of data and 
information with data management platform and 
on-line analytical processing tools. 

The implementation of ISHMS is expected to 
realize the following capabilities: (1) to monitor 
and evaluate marine environment, structural and 
durability conditions under the design 
performance thresholds, (2) to rate the inspection, 
monitoring and evaluation results based on design 
criteria for inspection and maintenance 
prioritization of structural components, (3) to 
determine the required inspection or 
maintenance strategy and optimize the relevant 
inspection or maintenance methods or plan, A 
prominent feature of the ISHMS is the 
incorporation of advanced algorithm for online 
automatic calculating and tracing the structural 
components response based on continuously 
monitored data, it is very helpful to check the 
structure conditions in time. 

This system is effective to quantitatively predict 
degradation trend in structural components and 
real-time modal information for maintenance 
management throughout the life-cycle. The ISHMS 
is useful for maintaining the durability and 
sustainability of HZMB, reducing the maintenance 
cost. By implementing the ISHMS, the 
maintenance strategy of HZMB will be enhanced 
from the conventional corrective approach to 
preventive approach, thus greatly benefiting the 
execution of inspection and maintenance activities 
of the bridges and significantly reducing the 
inspection and maintenance costs. 

3.2 Settlement monitoring of immersed 
tunnel 

The tunnel of HZMB is the longest immersed 
tunnel in the world at present. The bearing 
stratum of the whole immersed tunnel section 
spans different engineering geological layers, and 
according to the measured settlement data of 
others completed project, different forms of 
settlements occurred in the completed immersed 
tunnel, and some of them caused leakage or 
cracking of the tunnel. So it is very important to 
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monitor the tunnel settlement. The monitored 
settlement data can reflect the safety condition of 
tunnel and are very helpful for an in-depth study 
of the influencing factors and mechanism of 
settlement in the immersed tunnel. Nonetheless, 
on account of the tunnel structures monitoring 
system is relatively rare, most existing studies 
explored the calculation method of tunnel 
settlement by theoretical derivation and rarely 
verified the rationality and accuracy of the design 
methods by monitoring data [6].  

Figure 5.Tunel monitoring system of HZMB. 

With a vision to provide a basis for settlement 
control of HZMB and in future tunnel projects, a 
synthetic tunnel settlement monitoring system 
was installed in HZMB tunnel, as shown in Figure 5. 
According to the monitored data of settlement of 
the HZMB immersed tunnel, after the placement 
of the immersed tubes, significant settlement 
occurred as the load on the upper part of the 
tunnel increased. However, after the construction 
of the immersed tunnel, the settlement rate and 
amount decreased. Figure 6 shows the settlement   
time curve of E13 tunnel sections. According to 
the monitored settlement data of different tunnel 
sections, when the settlement increases 
significantly, it means the tunnel is under the 
working conditions of backfilling or an increasing 
upper load. It is identified that there is immediate 
settlement under the tube placement and 
backfilling processes of the immersed tunnel. 
Some periods of time after the completion of the 
tunnel construction, the settlement-time curve 
presents a slow downward trend, the settlement 
rate is relatively slow and the settlement amount 
is small, and gradually levels off over time. These 
results are very helpful for understanding the 
operating condition of HZMB tunnel. This ongoing 
research will be of great significance for predicting 

settlements of sub-sea immersed tunnels and 
guiding the design and construction of subsea 
immersed tunnels.  

Figure 6. Cumulative settlement monitoring result 
of E13 tunnel element. 

3.3 Typhoon Mangkhut Monitoring Results 

Typhoon Mangkhut was the No. 22 super typhoon 
in 2018, and its path is shown in Figure 7. The 
typhoon’s characteristics and structure responses 
were well recorded by ISHMS of HZMB. Typhoon 
Mangkhut was formed on the Northwest Pacific 
Ocean at 20:00 on September 7, 2018 and landed 
Zhuhai at 17:00 on September 16. The maximum 
wind force level near the center was 14 when 
landed, and the minimum pressure of the center 
was 95,500 Pa. Figure 8 shows wind speed time 
history recorded by the ultrasonic anemometer 
located at the HZMB. The Recorded max wind 
speed was 45.71m/s on deck level, which 
represented only about 60% of the design wind 
load, and the 10 min mean speed gradually 
increased and achieved its maximum value of 34.6 
m/s and the corresponding horizontal and vertical 
wind directions were 257.3 ° and 7.5 ° , 
respectively. Wind turbulence intensity in 
upstream region was 10%, in wake 30%. Gust 
factor in upstream region was 1.2, in wake 1.6, 
with relatively strong turbulence. Low frequency 
domain followed Von-Karman energy spectrum, 
while much gap for high frequency domain, as 
Figure 9.  

Figure 7. Distribution map of typhoon mangkhut. 
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Figure 8. Wind speed time history of typhoon 
mangkhut. 

Figure 9. Monitoring wind spectrum of typhoon 
mangkhut. 

Taking Jiuzhou Bridge as example, one of three 
cable stay bridges of HZMB, figure 10 presented 
the time history of the 10 min averaged RMS 
acceleration response recorded at the middle 
position of the main span of Jiuzhou Bridge from 
0:00 to 18:00 on September 16. The maximum 
values of the RMS accelerations were 27.19 and 
24.65 cm/s2 in the vertical and lateral directions 
respectively. The corresponding power spectrum 
densities, which were obtained by analyzing the 
time history of acceleration responses recorded 
from 17:00 to 18:00, were shown in Figure 11. As 
expected, a resonance peak is evident in both 
plots. The observed resonance frequency is 0.45 
Hz, which corresponds to the natural frequency of 
the Jiuzhou Bridge. These monitoring results are 
helpful to bridge operation and maintenance team 
realizing the actual conditions, when emergence 
events occurred. 

Figure 10. Time history of the 10 min averaged 
RMS acceleration response.  

Figure 11. Power spectrum densities of 
acceleration responses.  

4 Conclusions 
This paper first introduces the basic principles and 
methods of durability design for the 120 years 
design life of the concrete structure of the HZMB. 
Based on hydrological and environmental data, 
the exposure zones of the concrete structure and 
the possible durability processes of the structural 
concrete were determined. The risk level of the 
different durability processes are determined by 
the analysis on environmental influences and 
material composition. The sulfate reactions and 
internal expansion reactions of structural concrete 
are controlled through raw material composition, 
and the chloride-induced corrosion was controlled 
processes both at the material level and the 
structural level. 
The Fick model was used to quantify the durability 
design for the corrosion process of steel 
reinforcement caused by chloride in the marine 
environment. The DLS of the main concrete 
elements was taken as the corrosion initiation 
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state; The durability design was carried out by the 
partial factor method with a target design 
reliability index of β=1.3. Based on the data from 
Zhanjiang exposure tests and engineering 
investigations in South China over the past 30 
years, the statistical properties of each model 
parameter were regressed and determined; On 
this basis, the model parameters were calibrated 
using the full-probability method with β=1.3 as 
the target for the partial factor coefficients and 
concrete cover thickness, and the relationship 
between the concrete cover thickness and the 
corresponding design values of chloride diffusion 
coefficients under different exposure conditions 
were given based on the design of the calibrated 
model. 
The relationship and values of concrete cover 
thickness and chloride diffusion coefficient for 
concrete members were determined and applied 
as the basic requirements for the durability design 
of the HZMB. The correlation between the 
exposure condition chloride diffusion coefficient 
(NSSD) as the durability design value and the RCM 
(NSSM) as the durability quality control value is 
further explored. The durability quality control 
during the construction process was realized. 
Different from the most SHM system currently 
operating in China, an integrated SHM system was 
installed in HZMB. This paper describes in detail 
the composition, functions and application of the 
ISHMS, and highlights the core objective of the 
ISHMS to serve the maintenance. This integrated 
system will play a key role in securing bridge 
integrity, minimizing maintenance cost, and 
maintaining longevity of HZMB. 
With this ISHMS, the theoretical settlement values 
for immersed tunnel can be compared with long-
term field measurements for the first time. These 
results are very helpful for understanding the 
operating condition of HZMB tunnel and for 
reference to the design and construction of 
subsea immersed tunnels.  
Under super typhoon Mangkhut in 2018, the 
monitoring results, including environment load 
and structural dynamic responses, were well 
recorded by ISHMS of HZMB. The ISHMS can 
accurately and reliably monitor and feedback the 
environmental loads and structural responses of 
the HZMB. This system is effective to 

quantitatively predict degradation trend in 
structural components and real-time modal 
information for maintenance management 
throughout the life-cycle. The ISHMS is useful for 
maintaining the durability and sustainability of 
HZMB, reducing the maintenance cost. 
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Abstract 
On 5th May 2014, the Mw 6,1 Mae Lao earthquake occurred at a depth of approximately 6 km in the 
northern Thai province of Chiang Rai, which caused extensive damage to the community, and spread 
to Bangkok, an epicentral distance of 670 km, where tall buildings swayed. This paper evaluates the 
seismic performance of an existing 26-storey reinforced concrete (RC) building with vertical 
irregularity located in Bangkok, Thailand. The understanding gained from this evaluation can be 
used to propose effective control measures for similar existing high-rise RC buildings. As the building 
was constructed in 1990, the structure no longer meets the new Thai regulation. As a result, the 
building may have sustained significant damage, and an assessment had to be conducted according 
to the Thai Ministerial Regulation B.E. 2564 (2021). A seismic safety evaluation was applied by using 
the nonlinear time-history analysis (NLTHA) which was performed by the software ETABS 18.1.1.  

Keywords: seismic performance evaluation; nonlinear time-history analysis; high-rise building. 

1 Introduction 
On 5th May 2014, the Mw 6,1 Mae Lao earthquake 
(EQ) [1] occurred at a depth of approximately 6 km 
in the northern Thailand (TH) province of Chiang 
Rai (Figure 1a), which caused extensive damage to 
the community, and spread to Bangkok (BKK) 
where tall buildings (BLDG) swayed. BKK is built on 
deep and soft alluvial soil, which can amplify 
incoming ground motion even from events 
occurring hundreds of kilometers away. Figure (Fig.) 
1b shows how ground motion experienced at 
locations on deep alluvial basins can be further 
amplified above and beyond what would be 
expected using the near-surface soil stiffness 
parameter only. An example EQ was observed in 
1985, the Mw 8,1 Michoacan EQ in Mexico City [2], 
a city which has geological conditions particularly 
well aligned to yield destruction from distant 

subduction EQs, and serves as a warning for BKK. 
Due to its surficial geologic setting, and the ability 
of regional sources to cause a major EQ, BKK is 
susceptible [3,4]. Fig. 2 shows major historical EQs 
in Thailand (1920-2020). The Thai Meteorological 
Department (TMD) seismic station is located in the 
BKK basin (Fig. 3) [5,6]. Fig. 4 shows acceleration 
time history, Fourier spectra and horizontal-to-
vertical (HV) ratio of Fourier spectrum of the EQ.    

2 Aim of the Study 
This paper evaluates the seismic performance [7] 
of an existing 26-storey RC BLDG with vertical 
irregularity using NLTHA. The BLDG is located in 
BKK and was constructed in 1990. The structure no 
longer meets new regulations. As a result, the 
BLDG may have sustained significant damage, and 
an assessment had to be conducted according to 
the Thai Ministerial Regulation B.E. 2564 (2021).  
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a) 

 b) 
Figure 1; a) Mw 6,1 Mae Lao EQ; b) Large 

Amplification of Ground Motion by Soil Basin 

Figure 2. Major Historical EQs in TH (1920-2020) 

Figure 3. Location of Strong-Motion Stations 
TMD and SRDT with Respect to the Epicenter of 
the 2008 Sichuan EQ, 2011 Tarlay (Myanmar) 

EQ and 2014 Mae Lao (Thailand) EQ. 

Figure 4. Acceleration Time History, Fourier 
Spectra, and Horizontal to Vertical Spectral 
Ratio at TMD Station from the Mae Lao EQ. 

1412



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

3 The Details of the Existing Building 

 a) Foundation Plan

 b) 1st (Ground) Floor

 c) 2nd (P1), 4th (P3), 6th (P5), and 8th (P7) Floors

d) 3rd (P2), 5th (P4), and 7th (P6) Floors
Figure 5.Structural Plan of Foundation Plan-8th 

(P7) Floors 

a) 9th Floor, Swimming Pool (SWP)

 b) 10th-19th Typical Floors

c) 20th-23rd Typical Floors

d) 24th-26th Typical Floors

 e) Roof Floor
Figure 6. Structural Plan of 9th (SWP)-Roof Floors 
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Figure 7. 3D View of the Existing BLDG 

Table 1. Storey Data 

Floors Heights 
 [m] 

 Elevations 
[m] 

11th-Roof 3,2 18,15-72,55 

10th 1,5 18,15 

9th (SWP) 2,5 16,65 

3rd (P2)-8th (P7) 1,4 7,15-14,15 

2nd (P1) 3,75 5,75 

1st (GF) 2,00 2,00 

The as-built structural drawings of the BLDG (Figs. 
5-6) show a length of 56 m, width of 31 m and
height of 73 m (Table 1), and is made up of 30,000
m2 of total constructed area, including
modifications. It comprises shops and restaurants,
as well as mechanical (M) and electrical (E) rooms
on the 1st (ground) floor (FL), 50 parking spaces on
the 2nd-8th (P1-P7) FLs, a swimming pool (SWP) on
the 9th FL, and 500 units on the 10th-26th FLs. This
BLDG was built as a condominium and opened in
1993 (Fig. 7).

The type of seismic force-resisting system of the 
structure of the building is ordinary reinforced 
concrete with shear walls (SW) [8]. The entire 
existing RC structure (concrete strength: nominal 
and expected values  𝑓𝑓𝑐𝑐𝑐𝑐′  of 24 and  𝑓𝑓𝑐𝑐𝑐𝑐′  of 30 MPa, 
respectively; longitudinal reinforced (LR)   strength; 
nominal and expected values  𝑓𝑓𝑦𝑦𝑐𝑐 of 280 and 𝑓𝑓𝑦𝑦𝑐𝑐 of 
320 MPa, respectively; and transverse reinforced 
strength: nominal and expected values  𝑓𝑓𝑦𝑦𝑐𝑐 of 280 
and 𝑓𝑓𝑦𝑦𝑐𝑐  of 320 MPa, respectively) was supported 
by 48 columns (CL) with coupled core walls [9] that 
sat on a mat and 10 foundations (Fig. 5a) which 
transferred all loads to 1000-0,40 m square precast 
driven piles. The beam (B) dimensions include 

several sizes, such as 0,3x0,5 m and 0,4x0,8 m. The 
dimension of the coupling beam (CB) no. BX [10] is 
0,3x0,8 m. in details as shown in Fig. 8. The slabs 
consist of various thicknesses, for instance 0,15 m 
and 0,25 m. The CL dimensions comprise numerous 
sizes, for example 0,4x0,8 m, 0,5x1,0 m, 0,5x1,2 m, 
and 0,5x1,6 m. The SW thickness is 0,3 m. 

Figure 8. Detail of the Existing CB no. BX 

4 Structural Analysis and Design 
The original structural analysis of this BLDG was 
performed in 1989 by using the 2D software 
program MICROFEAP II [11], so as to be in 
compliance with the ACI 318-89 [12] requirements. 
This paper presents a seismic safety evaluation that 
was applied by using NLTHA which was performed 
by using the software programs ETABS 18.1.1 [13] 
and SeismoMatch 2021-1 [14], so as to comply with 
the Thai Regulation 2021 [15], ASCE 7-16 [16], ASCE 
41-17 [17], NEHRP 2020 [18], and ACI 318- 14 [19].

4.1 Loading 

Dead loads are the self-weights of the materials 
(MAT), such as those of the concrete (CC), steel, 
water and soil densities, which are 24 kN/m3, 78,5 
kN/m3, 10 kN/m3, and 18 kN/m3, respectively. Live 
loads (LL) are all the movable loads and skipped 
with a skip factor of 0,75. The LL of the shop and 
parking space is 4,0 kN/m2, of the room and roof is 
2,0 kN/m2, of the SWP is 2,5 kN/m2, of the staircase 
and walkway is 3,0 kN/m2, and of the M and E 
rooms is 10 kN/m2. Superimposed dead loads (SPD) 
are the weights of the non-structural members. 
The SPD of the concrete topping is 1,2 kN/m2, of 
the brick wall is 4,9 kN/m and of the glass window 
is 0,5 kN/m. For wind load, wind speed is 60 mph, 
exposure type is B, topographical factor (Kzt) is 1, 
gust factor and directionality factor (Kd) is 0,85. 
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  a-x) T1X-RSN774
 

a-y) T1Y-RSN774

  b-x) T2X-RSN1096 b-y) T2Y-RSN1096

  c-x) T3X-RSN1763 c-y) T3Y-RSN1763

  d-x) T4X-RSN3347 d-y) T4Y-RSN3347

e-x) T5X-RSN3429 e-y) T5Y-RSN3429

  f-x) T6X-RSN4996 f-y) T6Y-RSN4996

g-x) T7X-RSN5073 g-y) T7Y-RSN5073

Figure 9. The 7-selected Seismic Waves in X- & 
Y-axis (Taken from the SeismoMatch 2021-1)

Table 2. The 7-Selected Seismic Waves for BKK 

S RSN EQ Name Year Mw 

T1 774 "Loma Prieta" 1989 6,93 

T2 1096 "Northridge-01" 1994 6,69 

T3 1763 "Hector Mine" 1999 7,13 

T4 3347 "Chi-Chi_ Taiwan-06" 1999 6,30 

T5 3429 "Chi-Chi_ Taiwan-06" 1999 6,30 

T6 4996 "Chuetsu-oki_ Japan" 2007 6,80 

T7 5073 "Chuetsu-oki_ Japan" 2007 6,80 

Table 3. Constant Coefficients for the Case Study 

Parameter Value 

Response modification factor, R 5,5 

Occupancy importance factor, I 1,25 

Period, 1st mode, X & Y-axis, (sec) 3,5 & 2,8 

Period, 2nd mode, X & Y-axis, (sec) 1,2 & 0,9 

Period, 3rd mode, X & Y-axis, (sec) 0,6 & 0,4 

Damping ratio, 𝜉𝜉 0,05 

System over strength factor, Ω 2,50 

Deflection amplification factor, Cd 4,50 

Long-period transition period, (sec) 8 

Site class E 

MCE, 2%/50 years, SDS dynamic, (g) 0,128 

MCE, 2%/50 years, SD1 dynamic, (g) 0,199 

MCE, 2% /50 years, SDS static, (g) 0,191 

MCE, 2%/ 50 years, SD1 static, (g) 0,199 

SW section areas/total BLDG 
footprint areas, X and Y-axis, (%) 

0,23 and 
1,00 

Axial load ratio/ (gross section area 
of SWs multiplied by strength of 

concrete), ( 𝑃𝑃
Ag  fc′

), in SWs, (%) 
48 

For BKK, the response of the soft soil layer was 
analyzed using the raw data from the stratum (Vs 
30 approximate 760 m/sec) and imitated the wave 
propagation through the soft soil layer with low 
shear wave velocity (approximate 100 m/sec at a 
depth of 30 m from the ground surface). Further, 
the EQ specification was defined to select the 
seismic waves; the Mws were 6,3-7,3 and the 
distance from the origin was 40-140 km from PEER 
[20].  Table 2 and Fig. 9 show the 7 selected seismic 
waves (T1-T7) with their spectral ordinate number 
(S), record sequence number (RSN), EQ name, year, 
and Mw. Table 3 shows the constant coefficients 
for this paper, such as response modification factor 
(R), occupancy importance factor (I), maximum 
credible earthquake (MCE) design spectrums at 0,2 
sec (SDS) and 1,0 sec (SD1) [21], and shear wall area 
to floor area ratio of the RC BLDG [22]. 
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4.2 Analysis of Results  

Fig.10 shows 3D view of ETABS model of the BLDG. 

Figure 10. 3D View of ETABS Model of the BLDG 

The average of the 7 seismic waves (TA) is as shown 
in mathematical form, 

𝑇𝑇𝑇𝑇 =
𝑇𝑇1 + 𝑇𝑇2 + 𝑇𝑇3 + 𝑇𝑇4 + 𝑇𝑇5 + 𝑇𝑇6 + 𝑇𝑇7

7
(1) 

Fig. 11 shows the comparison of the inter-storey 
drift ratios (IDR) of T1-T7 and TA, in X-axis and Y-
axis. The maximum of the inter-storey drift (ID) of 
TA is about 1% which is less than the allowable ID 
of 2%, the limit stated in ASCE 7-16. Fig. 12 shows 
the comparison of the IDRs of equivalent lateral 
force (EL), response spectrum method (RS) and TA, 
in X- axis and Y-axis. The maximum IDs of EL, RS and 
TA are 0,3%, 0,6% and 1,0%, respectively, which are 
also less than the allowable ID of 2%. 

a) b) 

Figure 11. Comparison of IDR; a) T1-T7, and TA, 
in X-axis; b) T1-T7, and TA, in Y-axis (Taken from 

ETABS 18.1.1) 

a) b) 

Figure 12. Comparison of IDR; a) ELX, RSX and 
TAX in X-axis; b) ELY, RSY and TAY in Y-axis 

(Taken from the ETABS 18.1.1) 

In accordance with ASCE 41-17, the 3 hinge status 
levels: immediate occupancy (IO), life safety (LS), 
and collapse prevention (CP), including the result of 
the hinge response-B71H15 of the selected 
coupling beams no. BX are shown on the backbone 
curve for performance-based seismic design (PBD) 
[23,24] in Fig. 13 which is a selected result from 
PBD of the beams of the BLDG. The hinge status of 
the hinge response-B71H15 does not reach the 3 
hinge status levels and is an appropriate level of 
response which is between the center point of the 
backbone curve (A) to IO.  

Figure 13. The Hinge Response-B71H15 of the 
Selected coupling beam BX (Taken from ETABS 

18.1.1) 
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 a) 

b)

c) 
Figure 14. The Hinge Response-W19H15 of the 
Selected Shear Wall (Taken from ETABS 18.1.1) 

Table 4. The Hinge W19H15 of the Selected SW 

MAT 
Actual Fiber 

Strain 
[mm/mm] 

Acceptable 
Fiber Strain 
[mm/mm] 

Actual 
Fiber 

Status 

TLR 0,00051 0,001639 A to IO 

CCC -0,00018 -0,000920 A to IO 

a) 

b) 

c) 
Figure 15. The Hinge Response-C81H55 of the 
Selected Column (Taken from ETABS 18.1.1) 

Table 5. The Hinge C81H55 of the Selected CL 

MAT 
Actual Fiber 

Strain 
[mm/mm] 

Acceptance 
Fiber Strain 
[mm/mm] 

Actual 
Fiber 

Status 

TLR 0,000079 0,001639 A to IO 

CCC -0,000097 -0,000920 A to IO 
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The actual hinge responses and statuses of the 
selected shear wall (Hinge W19H15) and column 
(Hinge C81H55) members which are the selected 
results from PBD of the shear walls and columns of 
the BLDG are shown in Figs. 14-15, respectively, 
and Tables 4-5, respectively, and are an 
appropriate level of response which is A to IO.  

The acceptance criteria strains for LR and CC fibers 
were set in the nonlinear material definitions in 
ETABS 18.1.1. The actual and acceptance strains, 
and statuses of the individual fibers of the fiber 
W19H15 and fiber C81H55 are also shown in Tables 
4-5, respectively and the actual strains for
compression of concrete (CCC), and tension of
longitudinal reinforcement (TLR) of both the fiber
W19H15 and fiber C81H55 are less than the
acceptance criteria strains for the materials.

5 Conclusions 
There were many factors of the original structural 
analysis and design of the BLDG in 1989 (for 
example, a working stress method, safety factors of 
ACI 318-89, the strength of the materials, and using 
the 2D software program) which may have led to 
the use of large members for the RC structure, in 
particular the large columns. A current structural 
analysis and design in 2022 would use smaller 
members, which would be more cost-effective 
than the original analysis and design. 

On the other hand, these large-sized structures, 
especially the larger columns, have the advantage 
of increasing the stiffness of the structure. As a 
result, the selected max ID of the BLDG from TA 
(Fig.12) is 1% which is within the allowable ID of 2%. 

As reported by Tables 4-5, and the results from Figs. 
13-15, the hinge status level of the selected results
from performance-based seismic design of the
beams, columns and shear walls of the BLDG is an
appropriate level of response which is A to IO and
the selected fiber strain results for CCC and TLR of
both the shear wall and column are within the
acceptance criteria strains.

Therefore, the structures have adequate strength 
to resist all applicable current load combinations of 
the regulations and standards without exceeding 
the acceptance criteria strains for the materials of 
construction. No significant damages were found. 

For the above reasons, this BLDG does not require 
remediation to improve the behaviour of the BLDG 
by using structural strengthening techniques, such 
as fiber reinforced polymer and steel jacketing 
[25,26], or applying response modification 
technologies, for instance adding dampers at select 
bays and floors in order to dissipate the vibrational 
energy and then decrease the prolonged shaking 
and suppress the beating effect of the BLDG.  
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Abstract 
Topographic features have remarkable influences on the characteristics of ground motions, which 
may cause the amplification of input seismic waves. The objective of this study is to numerically 
explore the near-source topographic effects on the seismic behaviors of an existing railway bridge 
crossing a symmetrical V-shaped canyon. Numerical results demonstrated that the topographic 
effects can noticeably amplify the seismic responses of the bridge. Compared to the bridge 
without crossing a canyon, the peak displacement of the girder and pier in the case of the canyon-
crossing bridge increases by 15.2% and 2.9%-14.5%, respectively. The piers at the illuminated side 
of the canyon experience larger seismic responses compared to the piers at the shaded side of the 
canyon due to the unequal motion amplitudes at each support.  

Keywords: railway bridges; V-shaped canyon; topographic amplification; seismic response. 

1 Introduction 
To improve socio-economic development, the 
transportation network has been extended to the 
mountainous areas in western China[1]. Many 
bridge structures have been or are being 
constructed across various canyons in high seismic 
zones. One case in point is the Sichuan-Tibet 
railway in China, which is being constructed in a 
high seismic risk region and across numerous deep 
canyons or valleys along the railway line [2]. Past 
earthquakes have demonstrated that the canyon 
slopes may cause the amplification of the ground 
motions [3-6] and as a result, the bridge structures 

may experience serious seismic damage. For 
example, the Miaoziping bridge crossing the 
Zipingpu canyon and the Baihua bridge crossing 
the Minjiang river sustained serious damages 
under the Wenchuan earthquake [7]. These 
damage examples have raised public concerns on 
the seismic safety of the canyon-crossing bridges 
near an active fault.  

It has been widely recognized that the scattering 
of seismic waves in the presence of a V-shaped 
canyon may cause significant modification on 
earthquake ground motions. Many researches 
have been conducted to investigate such 
topographic effects through domain methods [8-
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10], boundary methods [11-13], wave function 
expansion methods [14-17], and hybrid methods 
[18-21]. The domain methods, boundary methods, 
and hybrid methods can be conveniently 
implemented to simulate the topographic feature 
with complex configurations; however, compared 
to the wave function expansion method, they 
exist difficulty in controlling the accuracy of the 
solution because of the imprecise radiation and 
boundary conditions. Hence, the wave function 
expansion method is used to explore the 
mechanism of the topographic effect in this study. 
Many previous studies have analytically derived 
the series solutions of wave functions for different 
shapes of canyons (e.g., semi-circular, semi-
elliptical, trapezoidal, V-shaped, U-shaped, and 
sine-shaped, etc.) [23-26]. However, there is no 
study considering the effects of the sources of 
incident waves (i.e. hypocenter location) in most 
of the existing studies [27], i.e. the plane wave 
incidence was used in their studies. This 
assumption may be applicable in practice when 
the canyon is far away from the hypocenter. 
When the canyon is located near an active fault 
(e.g., the Sichuan-Tibet railway), such an 
assumption is no longer satisfied and applicable. 
In order to overcome this limitation, the current 
authors [27] proposed the series solutions of wave 
functions for cylindrical SH waves induced by a V-
shaped canyon considering near-source 
topographic effects. They found that the near-
source topographic effects are very different from 
the far-filed topographic effects (i.e., the 
assumption of plane wave incidence). Especially, 
at a particular site in a canyon, the near source 
may amplify the ground motions; however, it may 
be reduced for the incidence of plane waves 
without considering the real source. In this regard, 
the near-source topographic effects need to be 
taken into account. 

In the existing studies, the assumption of plane 
wave incidence is generally considered to simulate 
the ground motions at each bridge piers. the 
efficiency and feasibility of these findings for the 
canyon-crossing bridge near an active fault still 
need to be further investigated. Up to date, no 
study has been directed towards understanding 
the near-source topographic effects on the 
seismic behaviors of the canyon-crossing bridge 

and how such near-source topographic effects 
may impact the overall safety of the bridge under 
seismic events. 

The objective of this study is to elucidate the 
impact of a V-shaped topography on the seismic 
behaviors of a railway bridge considering the near-
source topographic effect. A typical three-span 
continuous railway bridge across a V-shaped 
canyon is considered in this study. The ground 
motions in the V-shaped canyon are first 
simulated using the region-matching method. 
Then, the seismic behaviors of the bridge are 
assessed and compared with those of the bridge 
without considering the topographic effect. Finally, 
the impact of the near-source topographic effects 
on the structural responses is thoroughly 
discussed. The findings in this study can provide 
direct support for the construction of a canyon-
crossing bridge near an active fault. 

2 Case study: bridge description and 
modelling 

The prototype bridge is a typical continuous 
railway bridge located in Sichuan, China (see 
Figure 1), which passes through an approximately 
symmetrical V-shaped canyon. The bridge has 
three spans with span lengths of 107.5+215+107.5 
m. The superstructure is an RC box girder with a
width of 13 m and various heights from 4.5 to 14.5
m. The girder is supported on four reinforced
concrete (RC) piers with hollow rectangular
sections (see Figure 1b and c). The side and main
piers are reinforced with M32 steel rebars with a
reinforcement ratio of 1.3%. The heights of the
main and side piers are 111 and 68 m, respectively.
The geometry of the box girder and piers is
illustrated in Figure 1. Since the bridge is located
in a high seismic intensity region, the friction base
isolators (FBI) are installed and placed on the top
of the piers. The width and height of the V-shaped
canyon are approximately 600 and 120 m,
respectively. The site soil is hard rock with a shear
wave velocity (Vs) of 1773 m/s and a mass density
of 2650 kg/m3. The distance from the source to
the canyon, L, is assumed as 5 km. the incident
angle of the ground motion is set as 75° in this
study.
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A nonlinear numerical model of the bridge is 
developed in OpenSees. The box girder and pier 
cap are modeled as the elastic beam elements 
(elasticBeamColumn in OpenSees) so that these 
components can remain elastic subjected to 

earthquake excitations. The fiber-based nonlinear 
beam-column elements (forceBeamColumn in 
OpenSees) are used to simulate the hysteretic 
behavior of the piers. 

107.5 215 107.5

68

11
1

600

12
0

Hypocenter

α=75° Hard Rock
Vs= 1773 m/s
ρ= 2650 kg/m3 

Side pier P1

Main pier P2 Main pier P3

85 85(a)

(b) 13.0

7.0

4.
5~

14
.5

0.6~1.2

(c)

Side pier P4
A A

B B

A-A B-B

10
.2

10.5

8.
0

0.
9

4.8

FBIF

Def

340-M32

x

z

x
y

x
y

0.
9

552-M32

f

ε 

Reinforcing 
steel

fy 

εy 

f

ε 

Confined concretefcc

fuc 
Unconfined concrete

εcu,ccεcu,uc 

Bridge Pier

fsu 

εsh εsu 

kFBI

Fy,FBI=µN 

y
z

C-C

C

C

Figure 1 Configuration and nonlinear analytical model of the three-span continuous railway bridge (a) elevation view 
of the bridge; (b) cross section of the girder; (c) cross section of the piers (Unit: m) 

3 Analytical methodology of seismic 
wave propagation in V-shaped 
canyon 

The derivation of the scattering and diffraction 
models of seismic waves induced by a V-shaped 
canyon are briefly described as follows. A line 
source of cylindrical waves is used to explore the 
impact of near source on topographic effect. The 
region-matching method is employed to derive 
the series solution of wave functions. Figure 2 

shows the 2-dimensional (2D) model of a 
symmetrical V-shaped canyon. In the figure, d and 
b are used to denote the depth and half-width of 
the canyon, respectively. It is assumed that the 
model has an elastic, isotropic, and homogeneous 
medium with constant values of shear modulus, G, 
and shear wave velocity, Vs. The whole space is 
divided into two subregions (regions 1 and 2) by 
adopting a circular-arc auxiliary boundary. The 
radius of the circular arc equals the length of the 
canyon walls, a. In the two subregions, two 
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Cartesian (i.e. (x, y) and (x1, y1)) and two polar (i.e. 
(r, θ) and (r1, θ1)) coordinate systems are defined. 
Their locations and directions are depicted in 
Figure 2. 

xf
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yf rf
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Figure 2 2-D model of a symmetrical V-shaped canyon 
subjected to a line source of cylindrical waves 

A harmonic line source of cylindrical waves with 
circular frequency, ω, is taken as the excitation. 
The source is assumed to be located at (r0, θ0) in 
the global polar coordinate system (r1, θ1) and (x0, 
y0) in the global Cartesian coordinate system (x1, 
y1). The method of images is applied to consider 
twin punctual sources in symmetrical positions 
with respect to the horizontal ground surface (see 
Figure 2). Two polar coordinate systems (rf, θf) and 
(r’

f, θ’
f) are defined for the source and its image. It 

should be mentioned that the location of the 
source should be outside the auxiliary boundary to 
satisfy the traction-free boundary condition of the 

free wavefield on the canyon surface. In these two 
subregions, the displacements, u, are required to 
satisfy the governing Helmholtz equations. Based 
on the wave function expansion method, the 
wavefield in these two subregions can be obtained. 

4 Simulated acceleration time 
histories 

Since the reference bridge is located in Sichuan 
Province, the ground motions recorded from 2008 
Wenchuan earthquake are considered as the 
seismic inputs. Three ground motions (Bixian, 
Maoxiandiban, and Moxiannanxin) with an 
epicentral distance of smaller than 15 km are 
selected. These ground motions are applied along 
the longitudinal direction of the bridge. 

The acceleration amplification factor 
(AAF=PGAi/PGAf) is defined to depict the 
topographic effects on the PGA of each record. 
PGAi and PGAf denote the PGA of the ground 
motion at pier i location and the free-filed motion, 
respectively. Bixian record with the peak ground 
acceleration (PGA) of 0.12g is taken as an example. 
The bridge was designed based on Chinese seismic 
intensity level 8, which corresponds to 0.3g PGA. 
the original ground motion is first scaled to 0.3g 
(see Figure 3). The acceleration time histories at 
different pier locations are shown in Figure 4. It 
can be seen that the values of AAF at P1, P2, P3, 
and P4 are 1.22, 1.21, 0.88, and 0.83, respectively.
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Figure 3 Bixian record from Wenchuan earthquake (a) Original record; (b) P1; (c) P2; (d) P3; (e) P4 

5 Canyon topographic effects on the 
seismic response of the canyon-
crossing bridge 

The seismic responses of the canyon-crossing 
bridge (CCB) are compared with the reference 
bridge (RB). It is assumed that the RB does not 
cross a canyon. Uniform time history analyses are 
conducted for the RB model using the original 
acceleration time history. The seismic responses 
of the bridge girder, pier, and bearing are assessed 
through nonlinear time history analysis. Four 
structural responses are considered, including the 
deformation and hysteresis curves of the bearings, 
displacement of the girders, and deformation at 
the pier top. To quantitatively compare the results, 
the peak responses of the components under the 
earthquake excitations are obtained. 

5.1 Girder response 

The time histories of the girder displacement for 
the RB and CCB at the midspan under the Bixian 
record are illustrated in Figure 4. It can be 
observed that the CCB experiences larger girder 

displacement compared to RB. The peak 
displacements of the girder for the RB and CCB 
under the Bixian ground motion are 772 mm and 
923 mm, respectively. The residual displacement 
of the girder for the CCB (207 mm) is also larger 
than that of the girder for the RB (34 mm). In 
comparison with the RB, the CCB encounters a 
15.2% increase in terms of the peak girder 
displacement. This phenomenon can be attributed 
to the topographic amplification effect of motion 
from the canyon. 

Figure 4 Time history of the deck displacement under 
Bixian ground motion 
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5.2 Pier response 

Due to the canyon topographic effect, the ground 
motion at each support possesses different 
characteristics in terms of amplitude and phase. 
This may have a significant impact on the seismic 
behavior of the piers. Hence, it is critical to 
evaluate the seismic responses of the piers at 
illuminated and shaded sides of the canyon. Figure 
5 illustrates the time histories of the displacement 
of the piers under Bixian ground motion. The 
amplification effect of the V-shaped canyon in 
terms of the displacement can be observed 
compared to the reference bridge. Due to the 
changes in the phase and amplitude of the 
motions at each support, the topographic 
amplification effect on each bridge pier is 

different. The peak displacements at the top of P1, 
P2, P3, and P4 in the case of CCB experience 
10.9%, 14.5%, 4.1%, and 2.9% increase, 
respectively, compared to the piers in the case of 
RB. 

It can be seen that the piers (P1 and P2) at the 
illuminated side of the canyon experience larger 
displacement responses compared to the piers at 
the shaded side (P3 and P4). For example, the 
mean peak displacements at the top of P3 and P4 
are 371.3 and 368.1 mm, respectively, whereas 
the mean peak values at the top of P2 and P1 
increase to 406.9 and 396.5 mm, respectively. The 
phenomenon can be attributed to the larger 
amplitude of the motions at the illuminated 
canyon side. 

Figure 5 Time history of the displacement at the top of the pier: 
(a) P1, (b) P2, (c) P3, and (d) P4 under Bixian ground motion
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6 Conclusions 
This study investigated the seismic responses of a 
multi-span continuous railway bridge crossing a V-
shaped canyon considering the near-source 
topographic effect. The following conclusions can 
be drawn. 

The displacement amplitudes of the motion at the 
illuminated side of the canyon wall could be 
amplified by the V-shaped canyon. However, 
those of the motion at the shaded side of the 
canyon wall could be reduced by the V-shaped 
canyon. 

The canyon topography could considerably 
increase the seismic responses of the girder and 
pier. The mean peak girder displacement in the 
case of the canyon-crossing bridge increased by 
15.2%, compared to the reference bridge. The 
bridge piers experienced a 2.9%-14.5% increase in 
terms of peak displacement. 

The seismic responses of the piers at the 
illuminated side of the canyon were larger than 
those of the piers at the shaded side. The peak 
displacement and bending moment of the piers at 
the illuminated side of the canyon increased by 
more than 7.7% and 4.6%, respectively. 
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Abstract 
Cable bridges use multiple cables as main members, and there is a risk of bridge failure in the event 
of cable loss. To manage the bridge safety from such event, a risk analysis method is necessary. In 
this study, fire risk analysis was performed on Seohae Bridge, a steel composite cable-stayed bridge, 
and on Yi Sun-sin Bridge, the longest suspension bridge in Korea. A fire risk analysis method is 
proposed to determine the final annual frequency of bridge failure. This method calculates the 
annual frequency of vehicle fires based on statistical data and appropriate assumptions, and 
determines the conditional probability of exceeding the limit state of the main structural member 
through fire analysis and bridge structural review. For the statistical data on the annual fire 
frequency, domestic statistical data were investigated and actual data were analysed and applied, 
and various probabilities such as oil leakage and ignition probability in the event of an accident were 
assumed. 

Keywords: fire risk evaluation; cable loss; fire risk analysis; annual frequency of bridge failure; 
conditional probability; annual fire frequency. 

1 Introduction 
Recently, the construction of sea-crossing and 
long-span cable-supported bridges, such as cable-
stayed and suspension bridges, has increased to 
overcome topographical constraints. In the cable-
supported bridges, a number of cables are used as 
a main structural member to provide vertical 
restraint to the stiffening deck against the 
superstructure loads, and thus the loss of the 

cables may lead to a collapse of the bridge. A risk 
management of the cable system is subsequently 
necessary in the event of a disaster. Similarly, a risk 
management of the other main structural 
members, which are the tower and the stiffening 
deck, is also necessary in the event of a collapse of 
the cable system. For the cable-stayed bridges, 
there was a cable rupture due to lightning in the 
Rion Antirion Bridge (Greece) in 2005 and the 
Seohae Bridge in 2015. In 2007, there was a cable 
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damage due to a vehicle fire caused by a truck 
crash on the Mezcala Bridge (Mexico). These 
natural and social disasters caused by natural 
phenomena and human social activities are 
occurring unexpectedly, which may result in 
catastrophic loss in human lives and properties. 
Consequently, the importance of the risk 
management of disasters occurring on the bridge is 
increasing. For the fire risk assessment of the cable-
supported bridges, fire risk assessment methods, 
fire analyses and fire influence factor analyses etc. 
should be defined and performed on the actual 
bridges. 

These accidents that result in human harm and 
material damage are caused by natural 
phenomena or by human activities which occur 
unexpectedly. For this reason, the risk 
management of disasters occurring on the bridge is 
becoming very important, and it is necessary to 
systematically establish a risk analysis method. 

2 Evaluation method of fire risk 
analysis 

2.1 Annual frequency of bridge failure 

In this study, fire risk analysis was performed on 
cable bridges by excluding natural disasters such as 
lightning, which are difficult to predict due to their 
high randomness, and only limited to vehicle fires 
such as traffic accidents. 

For the annual frequency of bridge failure due to 
fire, the ship collision design formula proposed by 
the Korea Highway Bridge Design Code-Limit State 
Design (KHBDC-LSD) and AASHTO were applied 
with modifications. The annual frequency of bridge 
failure is obtained by multiplying the frequency of 
fire occurrence by the conditional probability of 
bridge collapse, and it is expressed in the following 
formula. 

𝜆𝜆𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹 = ∑ 𝑃𝑃(𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹|𝐻𝐻𝐹𝐹)𝜆𝜆𝐻𝐻𝐹𝐹 < 𝜆𝜆𝑡𝑡ℎ
𝑛𝑛𝐻𝐻
𝐹𝐹=1  (1) 

Where 𝜆𝜆𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹= frequency of bridge failure by fire, 
𝑛𝑛𝐻𝐻 = number of main members (cable, pylon, 
stiffened girder etc.), 𝜆𝜆𝐻𝐻𝐹𝐹=annual frequency of fire 
occurrence per year. 𝑃𝑃(𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹|𝐻𝐻𝐹𝐹)  is the 
probability that the bridge can be destroyed with a 
conditional probability exceeding the ultimate 
performance for each fire scenario. In other words, 

𝜆𝜆𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹𝐹 is the product of the annual frequency of 
fire occurrence and the conditional probability, and 
is the annual probability of bridge collapse. The 
𝜆𝜆𝑡𝑡ℎ (0,0001) was applied as the risk acceptance 
criterion of the bridge failure frequency to satisfy 
the annual collapse prevention level. 

2.2 Annual frequency of fire occurrence 

The annual frequency of fires at bridges is divided 
into non-dangerous goods vehicles (Non-DGV) and 
dangerous goods vehicles (DGV) and is calculated 
based on statistical data and fire probability data. 

Statistical data were surveyed through statistical 
websites such as the domestic Traffic Monitoring 
System (http://www.road.re.kr) and the National 
Fire Data System (https://www.nfds.go.kr). 

For the fire-related probability, the Event Tree as 
shown in Figure 1 was applied in the case of Non-
DGV, and the scenarios of vehicles not carrying 
dangerous goods for passenger cars, buses, and 
trucks (heavy goods vehicles) were classified into 
small, medium, and large-scale cases. 

Figure 1. Event tree for severity classification of 
fires in vehicles for Non-DGV [1] 

In addition, DGV calculated the annual probability 
of bridge fires by scenario (small, medium, large) by 
applying the rate of fire occurrence of heavy goods 
vehicles or higher and the probability of occurrence 
related to leakage and ignition. 

3 Risk analysis of cable-stayed bridge 

3.1 Bridge selection 

Risk analysis was performed on the Seohae Bridge, 
a steel composite cable-stayed bridge with a main 
span of 470 m. Completed in November 2000, 
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Seohae Bridge is an important bridge on the 
highway connecting the west coastline of Korea. 
Currently, this section is almost saturated with 
traffic, and it is located where traffic congestion is 
frequent, especially when emergencies such as 
chain collisions occur. 
When a secondary accident occurs, such as damage 
or failure of a bridge structure due to a fire caused 
by such a traffic accident, there poses a risk that 
human and material damage will be very large. 
Therefore, it was determined that the bridge was 
suitable for conducting fire risk analysis. 

Table 1. Seohae Bridge general data 

Bridge type Cable-stayed bridge 
Total length 990 m(=60+200+470+200+60 m) 
Girder type Composite steel edge girder 

Girder width 31,4 m(highway 6 lanes) 
Pylon type Concrete H shape 

Figure 2. Seohae Bridge 

Using the analysed statistical data and previously 
reviewed research results on fire analysis [2] [3], a 
risk analysis method for estimating the annual 
bridge failure frequency for vehicle fires is 
proposed and the results are derived. 

3.2 Frequency of fire 

For the annual frequency of fire occurrence (𝜆𝜆𝐻𝐻𝐹𝐹) 
by fire scenario, the number of all cases such as risk 
identifiers (Non-DGV and DGV), annual traffic 
volume, traffic accident rate, and fires caused by 
accidents should be considered. The frequency of 
fire occurrence by fire scenario can be obtained as 
shown in the figure below. 

Figure 3. Frequency of fire occurrence (Non-DGV) 

Figure 4. Frequency of fire occurrence (DGV) 

The traffic volume of Seohae Bridge was estimated 
based on relevant domestic statistical data, and the 
frequency of vehicle fires was calculated using 
statistical data on the number of domestic vehicle 
fires, annual mileage, and traffic accidents. 

Table 2. Frequencies of vehicle fires (per year) 

Fire size Frequencies 

Non-DGV 
Small 0,03558 

Medium 0,00824 
Large 0,00039 

DGV 
Small 0,00166 

Medium 0,00055 
Large 0,00055 

3.3 Conditional probability 

3.3.1 Fire analysis 

Bridge fires mostly occur in open spaces and heat 
is transferred by radiation. However, depending on 
the type of cable bridge, there may be situations in 
some bridges in which convective heat transfer 
must be considered. 
The fire intensity model in Figure 5 was applied to 
the Seohae Bridge considering a radiation type of 
heat transfer for open space fire. 
The temperature was examined based on the 
internal temperature of 300 °C of steel cable 
suggested in the PTI Recommendation [4]. 

Figure 5. Fire intensity 
model proposal 

Figure 6. Strength 
change due to 

temperature(ACI216) 

Through the fire intensity model, the heat flux, 
which is the energy flow over time per unit surface 
area generated by radiant heat, is calculated in a 
member separated by a certain distance. 
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The heat flux calculation was performed on the 
cables of the Seohae Bridge, and the distance 
between the cables and the lanes was considered. 

(a) Large truck (b) Oil tanker

Figure 7. Heat flux due to lane distances and 
height of the cable 

Thermal load calculation and heat transfer analysis 
using heat flux were performed to examine the 
temperature change occurring in the cable with the 
minimum and maximum cross-sectional area. 
The cable temperature was higher than 300 °C in 
the minimum cross-sectional area of cable only in 
the case of an oil tanker fire. In the review by lane 
distance, in case of an oil tanker fire at the shoulder, 
the temperature occurred at 300 °C or higher. Also, 
the cable height at which a temperature of 300 °C 
or higher occurs was found to be about 14m to 15m 
from the road surface. 

 Figure 8. Temperature change according to lane 
distances in case of oil tanker 

As a result of the fire analysis by the maximum heat 
flux, the cable temperature was over 300 °C in the 
minimum cross-sectional area of the cable in case 
of an oil tanker fire at the shoulder. However, the 
above fire analysis does not take into account the 
wind effect. Considering the effect of wind, it is 
highly likely that the maximum cross-sectional area 
of the cable will also be over 300 °C. Therefore, in 
the case of an oil tanker fire at the shoulder, all 
cables up to 15m in height are affected by the fire. 

3.4 Analysis of cable loss 

From KHBDC-LSD Extreme Situation Limit State III 
Combination of the cable bridge was applied to the 
Seohae Bridge, and the overall global analysis due 
to the cable loss was performed to review the 
safety by applying a cable resistance factor of 0,95 
and a dynamic amplification factor of 1,5.  

3.4.1 Check of cable 

When up to three consecutive cable losses, the 
limit tension strength is satisfied, and when four or 
more cable breaks, the limit tension strength is 
exceeded. In other words, the bridge failure 
probability is calculated as 100% when 4 or more 
cables are broken, and 0% for the rest. 

Figure 9. Cable tension for consecutive four cables 
loss 

3.4.2  Check of girder 

When the cable breaks, the stiffened girder shows 
a very sensitive response, and the positive moment 
part satisfies the criteria, but the negative moment 
part did not satisfy the criteria at the level of usage 
ratio (U.R) 1,06 – 1,68. 
For the probability of bridge failure, the probability 
of each scenario was determined by calculating the 
length of the segment that the stiffened girder 
safety factor was not satisfied due to cable loss and 
dividing it by the total length. 
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Figure 10. Usage ratio of girder for consecutive 
four cables loss at the negative moment 

3.5 Evaluation of bridge failure probability 

As a result of the fire analysis, in the case of an oil 
tanker fire at the bridge shoulder, the temperature 
of all cables within 15 m is over 300 °C. From the 
result of the cable check, the probability of bridge 
failure is 100 % when four consecutive cables break. 
For the composite girder, the probability of bridge 
failure is determined by calculating the segment 
length exceeding the safety rate for each scenario. 
The final conditional probability of the bridge 
failure is shown in Table 3. 

Table 3. Conditional probability exceeding ultimate 
performance per year 

1 cable 
loss 

2 cables 
loss 

3 cables 
loss 

4 cables 
loss 

Cable 0 0 0 0,0230 

Girder 0,0103 0,0661 0,0344 0,0040 

Total 0,0103 0,0661 0,0344 0,0270 

3.6 Annual frequency of bridge failure 

As a final result of the fire risk analysis of the 
Seohae Bridge, the annual frequency of bridge 
failure was evaluated as 0,000076 cases per year, 
which satisfies the acceptance criterion of 0,0001 
cases per year, ensuring fire safety. 

Table 4. Annual frequency of bridge failure for 
DGV per year 

Fire size 
Frequency 
of vehicle 

fire 

Conditional 
probability 

Annual 
frequency of 

bridge 
failure 

Small 0,00166 0,0000 0,0000 
Medium 0,00055 0,0000 0,0000 

Large 0,00055 0,1378 0,000076 

Total 0,000076 

4 Suspension bridge 

4.1 Yi Sun-sin Bridge 

Gwangyang Steel Works is located to the north of 
Yi Sun-sin Bridge and Yeosu National Industrial 

Complex is located to the southwest of the bridge, 
so it is relatively vulnerable to fire risk compared to 
other bridges in Korea due to the high traffic 
volume of heavy goods vehicles and tankers. In the 
event of a vehicle fire on a bridge, the traffic system 
may be paralyzed, the bridge structure may be 
destroyed or permanently damaged.  

Table 5. Yi Sun-sin Bridge general data 

Bridge type Suspension Bridge 

Total length 2260m(=357,5 + 1545 + 357,5) 

Girder Steel twin box girder 

Total width 25,7m(round 4 lanes) 

Pylon Concrete H shape 

Figure 11. Yi Sun-sin Bridge 

4.2 Frequency of fire 

The frequency of fire for Non-DGV was calculated 
using the conditional probability according to the 
scenario of the Event Tree in Figure 1, the 
probability of occurrence of a domestic vehicle fire, 
the traffic volume of the target bridge, and the 
length of the target bridge. 

In the case of DGV, vehicles carrying high-risk 
explosives such as hydrogen were excluded from 
the analysis because they restrict passage, and 
vehicles carrying gasoline were selected. Based on 
these assumptions, the fire frequency was 
calculated for small, medium, and large-scale fires 
at Yi Sun-sin Bridge. 

Table 6. Frequency of fires for Yi Sun-sin Bridge 

Fire size Non-DGV DGV 

Small 0,03042 0,00171 
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Medium 0,00681 0,00057 

Large 0,00034 0,00057 

4.3 Conditional probability 

4.3.1 Fire analysis 

For cable fire analysis, ABAQUS that is a general-
purpose finite element program was used. For the 
fire intensity model of each vehicle, the model 
proposed as a study by the Cable Bridge Research 
Group was applied. From the heat transfer analysis 
results for the hanger cables, it was found that the 
temperature of the 75 mm and 85 mm hanger 
cables exceeded 300 ℃ in the case of a fire in the 
second lane of the oil tanker. The temperature 
distribution according to cable height when the 
maximum temperature occurred for the two cases 
is shown in Figure 12. 

Figure 12. Temperature distribution according to 
cable height 

In order to simulate the case of a fire on the 
shoulder of the oil tanker, a temperature analysis 
was performed for the case where the flame 
directly touched the cable. The analysis is 
performed only on the main cable, because in the 
case of the hanger (tie-down) cable, the ratio of the 
surface area to the volume is higher than main 
cable, for the heat from the flame is rapidly 
transferred to the entire cross section, as the 
temperature increased sharply then the rate of 
residual strength dropped sharply. The results of 
heat transfer analysis for direct flame contact on 
main cable is shown in Figure 13. 

(a) 15 minutes after

(b) 30 minutes after

Figure 13. Heat transfer analysis results 

It can be seen that the maximum temperature of 
1200 ℃ is generated on the surface of the main 
cable when an oil tanker fire occurs on the shoulder 
and the flame directly contacted the main cable. 
Using the generated temperature data obtained 
from the fire analysis and the cold-drawn wire of 
strand curve of the graph of the residual strength 
rate of the steel according to the temperature 
shown in Figure 4, the residual strength rate of the 
main cable after 30 minutes of the flow path fire is 
calculated and shown in Table 7.  As shown in Table 
7, it may be seen that the average strength of the 
main cable may decreased to about 66 % after 30 
minutes of the fire elapsed. 

Table 7. Residual strength rate of main cable 

Temperature 
(℃) 

Area 
rate(a) 

Residual 
strength 
rate(b) 

(a) x (b)

0 ~ 200 0,34 0,95 0,3192 

200 ~ 300 0,15 0,85 0,1287 

300 ~ 400 0,19 0,65 0,1263 

400 ~ 500 0,14 0,40 0,0561 

500 ~ 600 0,14 0,20 0,0289 

600 ~ 700 0,03 0,10 0,0033 

700 ~ 1200 0,00 0,02 0,0000 

total 0,6626 
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4.4 Probability of bridge failure in fire 

In the case of a suspension bridge, members that 
can seriously affect the bridge system in the event 
of a fire include main cable, hanger cable, concrete 
pylon, stiffened girder, and tie-down cable. Among 
them, hanger cable, concrete pylon, and stiffened 
girder were excluded from this study because the 
probability that fire damage would lead to bridge 
collapse was small. As shown in Figure 14, in the 
case of the main cable, it was assumed that the 
main cable would be destroyed when a fire 
occurred within 15 m in height from the top of the 
girder. In the case of the tie-down cable, it was 
assumed that the tie-down cable would be 
destroyed when a fire occurred within 15 m in the 
longitudinal direction (30 m in total) as shown in 
Figure 15. 

Figure 14. Fire affected section of main cable 

Figure 15. Fire affected section of tie-down cable 

The generated tension of the main cable and tie-
down cable was calculated within the area where 
the vehicle fire could affect the cable, and the U.R. 
(Usage Ratio) is shown in Table 8 by dividing 
generated tension into allowable tension. 

Table 8. Allowable tension U.R for fire scenario 

Member Main cable Tie-down 
cable 

Vehicle Non-DGV DGV DGV 

Fire 
location shoulder shoul

der 2 lane shoulder 

Temp.(℃) 100 1200 150 300 

Residual 
Strength 

rate 
95% 66% 90% 80% 

Allowable 
tension 

U.R. 
93% 134% 99% 113% 

In case of a fire on the oil tanker at the shoulder, 
the U.R of allowable tension in the main cable and 
tie-down cable exceeded 100 %. Therefore, in this 
case, the safety level of the cable cannot be 
secured, and in the event of a fire, each cable 
exceeds the elastic limit and after cooling, there 
may be an area where the original strength cannot 
be restored. Thus, it was set as the destruction 
criterion of the cable. 

4.5 Fire risk of Yi Sun-sin Bridge 

The final fire risk can be calculated by multiplying 
the frequency of fire occurrence and the 
probability of collapse in case of fire. The fire risk 
calculation results for each fire scenario of Yi Sun-
sin Bridge are shown in the table below. 

Table 9. Fire risk of for Yi sun-sin Bridge 

Fire 
type 

Fire 
size 

Main 

cable 

Tie-
down 
cable 

Fire risk 

Non- 
DGV 

Small 0,0000 0,0000 0,0000 

Medium 0,0000 0,0000 0,0000 

Large 0,0000 0,0000 0,0000 

DGV 

Small 0,0000 0,0000 0,0000 

Medium 0,0000 0,0000 0,0000 

Large 0,000034 0,000005 0,000039 

The sum of the fire risks for each fire scenario of Yi 
Sun-sin Bridge is 0,00004 cases per year, which is 
smaller than the risk acceptance criterion of 0,0001 
cases per year. Therefore, it is judged that there is 
no need for separate disaster prevention measures 
for Yi Sun-sin Bridge. 

1434



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

5 Conclusions 
In this study, risk analysis for vehicle fires was 
performed on Yi Sun-sin Bridge and Seohae Bridge. 
For each bridge, the frequency of vehicle fires was 
calculated, and the probability of failure of bridge 
members in the event of a vehicle fire was 
calculated, and the final fire risk was calculated by 
multiplying them. As a result of risk analysis, it was 
found that the fire risk of Seohae Bridge and Yi Sun-
sin Bridge was within the standard value (0,0001) 
to ensure safety. It is judged that the safety of cable 
bridges caused by fire can be managed at a 
reasonable level to prevent overdesign for extreme 
loads and to contribute to the determination of 
appropriate fire risk reduction measures. This fire 
risk analysis technique can be applied to other 
bridges as well, and it is expected to be used as an 
important data to systematize the methodology of 
risk analysis for extreme loads and risks based on 
future risk analysis. 
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Abstract 
Strengthening of reinforced concrete (RC) structures with pre-stressed Carbon Fiber Reinforced 
Polymer (CFRP) laminates is a well-known application. The development of vision-based approaches 
for monitoring the strain imposed during the pre-stress application, with the required precision and 
accuracy, represents an important contribution for the state of the art. A new system, named Strain-
Vision, was design and developed tacking into account three main modules: (i) development of a 
customized high precision strain monitoring CFRP laminates (hpsm-CFRP); (ii) definition of a set-up 
for image acquisition during pre-stress application; (iii) design of computer vision architecture based 
on deep learning to measure the strain. The pre-processing of data, to be analysed with an 
architecture previously training, is herein discussed, aiming to improve the quality and performance 
of the system without the need for large datasets, usually required in deep learning applications. 

Keywords: CFRP laminates; strengthening RC; strain monitoring; deep leering; computer vision. 

1 Introduction 
The application of pre-stressed Carbon Fiber 
Reinforced Polymer (CFRP) laminates for 
strengthening of reinforced concrete (RC) 
structures is a widespread solution. In the case of 
slabs and beams, the pre-stress is applied with a 
hydraulic jacks and the laminates are externally 
glued (Figure 1). The pre-stress level is measured 
from the pressure applied or from the 
displacements measure by rulers and markers. The 
direct measurement of the strain applied with 
traditional instrumentation, such as strain gauges 
and transducers, are time-consuming and 
laborious, and is just used in special cases. 

Therefore, development of new methods to 
monitoring the pre-stress application on the CFRP 
laminates represents an important contribution in 
these cases. Thus, an innovative vision system, 
based on deep learning for computer vision, for 
monitoring the strain with high level of precision 
and accuracy during the application of pre-stress 
was developed and implemented. The system is 
developed in three main modules: (i) development 
of customized high precision strain monitoring 
CFRP laminates, designated hpsm-CFRP; (iii) 
definition of data acquisition set-up, based on 
digital cameras to acquire images during pre-stress 
application; (iii) design of a deep learning 
architecture for computer vision to measure the 
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strain evolution from the images acquired. The 
quality and performance of the system were 
evaluated and established on datasets of synthetic 
images computed to simulate the real cases. 
Presently, the method is being validates in 
experimental tests at real scale.  

Figure 1. CFRP laminates application (S&P Clever 
Reinforcement Ibérica, Lda) [1]. 

In this paper, the Strain-Vision system is briefly 
described, and an image pre-processing stage, that 
aims to support the scale-up of the system to be 
applied in real scenarios is detailed. The 
preliminary results achieved allowed to verify the 
ability of the vision system proposed to measure 
the strain during the application of pre-stress in 
CFRP laminates in real scale cases. 

2 Deep Learning in Structural 
Monitoring 

In the last decades’ computer vision has been 
applied to Structural Health Monitoring with 
success [2-6]. More recently, deep learning 
methods and the application of convolutional 
neural networks (CNN) is the base for several 
proposals, following the trend already widespread 
in other research and technological fields [7-9]. The 
approaches published achieve good results, 
overcomes many of the problems identified in 
image processing methods, and often reaches 
accuracy values above 95 %. The major problem 
reported is related with the high difficulty of 
generalization of the methods proposed. In fact, 
when the dataset is different from the training 
dataset, the results get drastically worse. On other 
hand, the acquisition of labelled datasets and 
repeated training processes are time-consuming 
and computationally heavy procedures. Thus, the 

possible generalization of method trained with 
synthetic images, that can mimic the reality, as well 
as pre-processing of real datasets to be similar to 
the training dataset, is a possible path to solve the 
problem reported. 

3 Strain-Vision system 
The Strain-Vision is a system developed to 
monitoring the application of pre-stress CFRP 
laminates for strengthening of concrete structures. 
The system was design based on three main 
modules (Figure 2). 

i. In the first module, a new product was
developed, a customized high precision strain
monitoring CFRP laminates - hpsm-CFRP.

ii. In the second module, an image acquisition
set-up, composed by a camera and specific
box, allows to capture images during pre-
stress application.

iii. Finally, the strain was measured using
computer vision algorithms. A set of machine
and/or deep learning algorithm was
implemented and tested to evaluate the strain 
level from the images datasets acquired in the
previously module.

Figure 2. Strain-Vision modules. 

3.1 hpsm-laminates 

The version of the new hpsm-CFRP laminates 
developed to work with a Deep Learning 
architecture has 50 mm width and a pattern with 
sets of three identical strips printed in the laminate 
surface. The strips are 10 mm wide and 40 mm long, 

New Product
hpsm-CFRP laminates

Data acquisition
set of sensors for image capture

Strain measure
Computed images  differences

Strain-Vision
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with the longest side perpendicular to the axis of 
the laminate (Figure 3). 

(a) (b) 

Figure 3. hpsm-CFRP laminates – two sets of strips pattern: (a) synthetic image; (b) real images. 

3.2 Image acquisition 

One of the image acquisition system was design 
based on low resolution and cost-effective Real 
Sense cameras. This light and versatile solution 
have a sensor size of 1751 × 1492 px2 
(5.252 × 4.478 mm2) and 1.93 mm focal length lens. 
In addition, the camera is placed inside a white box 
equipped with controlled active illumination 
(Figure 4). 

Figure 4. Image acquisition set-up. 

3.3 Deep learning for computer Vision 

Algorithms based on traditional machine learning 
and deep learning were tested using synthetic 
images, deformed between 1.0 ‰ and 10.1 ‰ 
with increments of 0.1 ‰. In addition, to simulate 

real case scenarios, such as different lighting 
conditions or thermal variations on the sensors, 
noise was added to the synthetic images, namely: 
Gaussian Noise, Salt Noise, Pepper Noise, Speckle 
Noise, Salt&Pepper Noise, and Poisson Noise 
(Figure 5) [10]. 

The results demonstrate that the deep learning 
architecture, based on the implementation of a 
residual neural network - ResNet34, with 
regression, achieve the most stable and accurate 
results (Figure 6), with an Root Mean Square Error 
(RMSE) of 0.060‰ (Figure 7). The accurate results 
are related to the fact of the selected deep learning 
approach have a similar behavior on images with 
and without noise added, contrary to the 
traditional machine learning tested [11]. 
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Figure 5. Synthetic images for training. 

Figure 6. System validation for synthetic images 
dataset: strain imposed vs. strain measured for 

each strain level. 

Figure 7. System validation for synthetic images 
dataset: RMSE for each strain level. 
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4 Real case scenarios 
The Strain-Vision was applied in laboratory 
environment for validation and adaptation in a 
scenario closer to the real onsite applications. The 
experimental tests were performed in a 3 meter 
long pre-stress table, and the pre-stress was 
applied with a hydraulic jack in one side and an 
anchorage system, identical to the one used in real 
cases application, in the other side (Figure 8). 

As previously mention, the deep learning algorithm 
implemented was trained and tested with 
synthetic images virtually deformed. And, despite 
being induced noise in the synthetic images, is clear 
from Figure 9 that the real image acquired with the 
data acquisition set-up presents important 
differences when compared with the synthetic 
images. Furthermore, it is intended that the 
developed architecture can be generalized for 
different acquisition conditions, which can result in 
images datasets with, for example, different 
resolutions and orientation in relation to the 
surface of the laminates. 

Thus, in a first stage was developed and added to 
the module three of the system. In this stage, the 
image acquired in real scenarios, before starts the 
application of pre-stress, must be related to the de 
non-deformed synthetic images used in the 
algorithm training process. In this scope, a pre-
processing stage was design and implemented to 
obtain a transformation matrix between the real 

and synthetic image without deformation, as the 
scheme of Figure 10. 

The new pre-processing stage follows the flowchart 
of Figure 11. It starts with the detection of the 
pattern of the sets of three strips and compute the 
centroid of each one. The line defined by the three 
centroid allows to identify the orientation of the 
image acquired in relation to the hpsm-CFRP 
laminate (Figure 12). Then images are rotated to 
align the laminate and image axes. In the next step, 
the strips edges are detected and its corner 
coordinates detected and identified and recorded 
(Figure 13). The corners of the strips of the 
synthetic images are known, since these data were 
defined during the production of these same 
images. However, they can also be obtained by 
applying the procedure used with real images. The 
information recorded allows to compute the 
transformation matrix [T] according to Eqn. (1): 

𝑃𝑃 = [𝑇𝑇]𝑝𝑝 (1) 

Where P are the coordinates of the strips corners 
in the synthetic image (our reference), p are the 
coordinates of the strips corners detected in the 
real image (Figure 13), and [T] is a 3×3 
homogeneous matrix. The Eqn. (1) results in two 
linear equations, in terms of the matrix elements, 
for each strip corner [12]. 

(a) (b) (c) 

Figure 8. Set-up of the laboratory test: (a) pre-stress table; (b) pre-stress application with hydraulic jack; (c) 
images acquired during pre-stress application. 
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(a) (b) 

Figure 9. Pattern of three strips: (a) real images; (b) Synthetic images. 

Figure 10. Images to compute the transformation 
matrix [T]. 

The total number of unknowns be eight, so the 
problem is over determined for more than four 
points. Since in our case 12 points are used, the 
system of equations is solved by minimizing the 
residuals, by applying the Singular-value 
Decomposition (SVD), and the elements of the [T] 
matrix are estimated. 

Figure 11. Flowchart for pre-processing stage. 

Figure 12. Compute image orientation. 

[T]

Real image 
(onsite test conditions)

Synthetic image (no filters)

Image orientation
Based on the centroid of the strips

Strips corners detection
Detailed detection of the strips edges 
and corners

Real image correction
Application of the transformation 
computed for stage 0 in all image set

Real image pre-processing stage
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Figure 13. Detect and identification of strips edges 
and corners. 

In Figure 14 it is possible to observe a set of real 
images, with different orientation and light 
conditions, that were computed and transformed 
with the pre-processing stage presented. The 
transformation matrix [T] was estimated in relation 
to a synthetic image used in the training process. 
All the images were transformed to have similar 
characteristics, in terms of size and orientation, 
with the training dataset. 

Figure 14. Examples of the pre-processing stage applied in images acquired with different camera 
orientations and light conditions. 

5 Conclusions 
The Strain-Vision system enable the direct measure 
the strain level during the pre-stressing application 
in custom hpsm-CFRP laminates. The Strain-Vision 

apply deep learning algorithms to measure the 
strain in the laminates and was previously 
validated in synthetic datasets. 

This paper presents a pre-processing stage to 
support the scale-up of Strain-Vision system for 

1 2 3

Strips detec

p – strips corners in real image

P – strip
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real case scenarios, i.e., strengthening 
interventions in different reinforced concrete 
structures. This implementation of this new stage, 
together with a planned image acquisition set-up, 
is important since: i) enable the use information of 
pre-training datasets for monitoring onsite 
applications; ii) avoids the need to time consuming 
acquisition and training of new of datasets for each 
case. 

Future developments will result from the analysis 
of a vast campaign of laboratory tests ongoing for 
validation proposes. 
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Abstract 
Condition assessment of bridges on a regional level can provide an accurate assessment of bridges 
lack of inspection data and reliable prediction of structural condition for regional bridges. The core 
work of regional bridge condition assessment (RBCA) is the establishment of regional deterioration 
models, which requires a large amount of historical health data of bridges provided by inspection 
reports throughout service history. An inspection information pre-processing framework is 
proposed in this study, including data extraction, integration, and storage. The proposed framework 
can greatly reduce the amount of time and work invested in the information gathering process, 
providing richer data support for (RBCA). The framework is applied to 2 sets of inspection reports of 
2 different highway bridge networks in Shandong.  

Keywords: regional bridge condition assessment (RBCA); structural condition assessment (SCA); 
inspection data; regional bridges. 

1 Introduction 
Massive construction of civil infrastructure has 
been launched in China since the 1980s. Up to 2021, 
more than 913 thousand bridges are in service, 
with a total mileage of 662,855 kilometres in 
China[1]. Suffering from environmental erosion, 
overloading, and natural and human hazards, it is 
inevitable that bridges are constantly deteriorating 
[2]. Due to the constant deterioration, regular 
maintenance is required to ensure the safety and 
utility of bridges. However, bridge maintenance 
has always been a trade-off between cost and 
effectiveness. A short maintenance cycle can lead 

to a satisfying maintenance outcome and a huge 
budget. An imprecise maintenance strategy may 
significantly reduce the cost of time and effort and 
leave safety hazards undiscovered. Therefore, it is 
essential to assess structural condition accurately, 
preventing waste of limited maintenance resources. 

Structural condition assessment (SCA) always is the 
focus of the civil engineering community. New 
theories and technologies kept been emerging in 
the past few decades. Current SCA theories can be 
divided into two categories: theories based on 
probabilistic reliability models and theories based 
on historical health data[3]. For theories based on 
probabilistic reliability models (PRM), the key to 
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assessment accuracy is establishing a reliable PRM. 
Currently, satisfying results have been achieved 
from both PRM focusing on stationary progressive 
stochastic process and PRM focusing on non-
stationary sudden random process[4-7]. However, 
theories based on PRM are helpful only in 
univariate scenarios. Scenarios, where multiple 
variants are considered, can be challenging for 
PRM due to the high complexity and vast 
computation during model establishment. 
However, theories based on historical health data 
can perfectly cope with multivariate scenarios[8-9]. 
The massive amount of history health data 
accumulated over the years can well describe the 
deterioration process of the bridge throughout 
service history, providing information support for 
further condition assessment and prediction. 

The precision of SCA based on history health data 
depends on data richness. And due to the high cost 
of setting up health monitoring systems, the 
primary source of history health data is inspection 
data collected from inspection reports. Thus, the 
longer the inspection period is, the more inspection 
items data contains, the shorter the inspection 
cycle is, and the more precise the assessment can 
be. However, engineers find it common for some 
bridges to miss certain inspection information due 
to human errors or storage deficiency, making it 
challenging to develop an SCA model. Even though 
all inspection information is complete, developing 
an SCA model based on historical health data for 
every bridge is still uneconomic. To make SCA 
based on historical health data more practicable, 
the idea of regional bridge condition assessment 
(RBCA) was proposed. 

The logic behind RBCA is simple. Bridges in the 
same region (especially on the same highway) are 
usually built in the same era and suffer from the 
same natural and human hazards. Therefore, their 
deterioration process shares some or the same 
features[10], making it feasible to assess one single 
bridge in the region with the deterioration model 
of regional bridges. Recent research has also 
proved that the SCA of bridges on a regional level 
can achieve satisfying results in bridge condition 
prediction[11]. RBCA can provide reliable guidance 
for maintenance management optimization in 
maintenance management.[12-13].  

RBCA requires a large amount of historical health 
data， usually provided by inspection reports. But 
information stored in inspection reports is 
unstructured, meaning it needs extraction before 
being used. Also, data that implement different 
standards are stored in different formats, requiring 
data integration to achieve uniformity. After 
extraction and integration, restoring the data to a 
database is essential to ease data sharing, mining, 
and visualization. 

This study proposed an inspection information pre-
processing framework, providing a complete 
process of data extraction, integration, and storage 
for further use in RBCA and maintenance 
management optimization.  

2 Data extraction and storage 

2.1 Storage format of existing inspection 
reports 

For the last two decades, two standards regulated 
bridge inspection work: Specifications for 
Maintenance of Highway Bridges and Culverts (JTG 
H11-2004) (SMOHBC) and Standards for Technical 
Condition Evaluation of Highway Bridges (JTGT 
H21-2011) (STCEOHB). Before the release of 
STCEOHB in 2011, bridge inspection work was 
guided by SMOHBC. After 2011, STCEOHB became 
the primary guideline for bridge inspection work. 

SMOHBC and STCEOHB adopt different measures 
for bridge assessment. Defect inspection of bridge 
components is required both in SMOHBC and 
STCEOHB. But in STCEOHB, structural condition 
scores will be given to the components inspected, 
which is not necessary for SMOHBC. The 
calculation of the overall bridge structural 
condition score varies too. In SMOHBC, the overall 
bridge structural condition score is calculated as 
follows: 

𝐷𝐷𝑟𝑟 = 100−�𝑅𝑅𝑖𝑖𝑊𝑊𝑖𝑖

𝑛𝑛

𝑖𝑖=1

/5 (1) 

In Eqn. (1), 𝐷𝐷𝑟𝑟  stands for the overall bridge 
structural condition score, 𝑅𝑅𝑖𝑖 stands for the degree 
of defect of component, 𝑊𝑊𝑖𝑖 stands for weights of 
the corresponding component. In STCEOHB, the 
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overall bridge structural condition score is the 
weighted average of component structural 
condition scores, as shown in Eqn. (2): 

𝐷𝐷𝑟𝑟 = �𝐷𝐷𝑖𝑖𝑊𝑊𝑖𝑖

𝑛𝑛

𝑖𝑖=1

 (2) 

In Eqn. (2), 𝐷𝐷𝑟𝑟  stands for the overall bridge 
structural condition score, 𝐷𝐷𝑖𝑖  stands for 
component structural condition score, 𝑊𝑊𝑖𝑖  stands 
for weights of the corresponding component. 

The difference in bridge assessment measures of 
the two standards leads to the variation in the 
storage format of inspection reports. In inspection 
reports guided by SMOHBC and STCEOHB, 
inspection data is stored in structural condition 
evaluation forms. But as shown in Figure 1, the 
structure of the forms varies.  

The variation of inspection reports guided by 
different standards suggests different extraction 
measures. It also implies data integration must be 
executed before data storage. 

Figure 1. Structural condition evaluation forms under different standards 

2.2 Data extraction 

As inspection information is stored in structural 
condition evaluation forms in inspection reports, 
the basic idea of data extraction is to iterate all 
forms in the inspection report document and 
extract information from forms identified as 
structural condition evaluation form.  

A program was developed to implement extraction. 
The program was written and run under Python 
3.8.8. And Python library DOCX, Pandas, and 
Numpy were imported for Word document 
interface, data processing, and visualization.  

The judgment criteria used in structural condition 
evaluation form identification can vary from 
documents due to different table formats. The 
number of columns and rows were used as 
judgment criteria in this research, and content in 
specific table cells is also recommended. 

For ease of subsequent data processing, data 
extracted from inspection reports are stored in an 

instance of DataFrame (a class provided by the 
Python library Pandas).  

Errors happen in the inspection data entry process. 
To increase program adaptability, the program 
provides an error handling function. The error 
handling function can correct common mistakes 
automatically. For example, it is common in 
inspection reports that extra decimal points appear 
in decimals (like 95.8 was input as 95..8). 
Encountering decimals with extra decimal points, 
the function can identify and correct the wrongfully 
input format. The incorrect data will be stored as “-
1” for further manual processing for errors that the 
function can't identify. The error handling function 
can be manually expanded to adapt to more 
common errors it encounters in the future.  

2.3 Data storage 

Several ideas were proposed to store the extracted 
data. A 2D Table Structure can always be helpful 
when it comes to data storage. An SQL database 
will provide more robust data processing and query 

1446



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

functions. Considering both convenience of data 
transmission and low threshold of usage, a 2D table 
structure was adopted for data storage. 

The inspection data, stored in inspection reports as 
structural condition evaluation forms, is in a table 
structure. One structural condition evaluation form 
of one bridge was compressed during data storage 
to form one row of data. Thus, in the final data 
storage table, a row represents inspection data of 
one bridge, and columns represent inspection 
properties of that bridge. Data for different years 
are stored in different tables.  

The final data storage table was structured so that 
DataFrame could easily read and process. But for 
users without programming experience, the data 
storage table can also be opened by standard office 
software like EXCEL. 

3 Data integration 

3.1 Necessity of data integration 

The difference in bridge assessment measures of 
different standards was introduced in Chapter 2.1. 
In general, there are no component structural 
condition scores required for establishing the 
deterioration model of regional bridges in 
inspection reports guided by SMOHBC. And the 
difference in storage format of inspection data 
under SMOHBC and STCEOHB is also an obstacle to 
data storage. Thus, inspection data under SMOHBC 
must be integrated to meet the requirements of 
further RBCA process. 

3.2 Data integration process 

Data integration aims to generate component 
structural condition scores for data under SMOHBC. 

In data under SMOHBC, the degree of defect of 
different components was recorded instead of 
structural condition scores. According to Eqn. (1), 
the degree of defect represents the number of 
points deducted from the bridge structural 
condition score. Thus, it is possible to generate 
component structural condition scores with the 
degree of defect of components. To generate 
component structural condition scores with the 
degree of defect of components, we need to build 
a mapping from the degree of defect to the 

structural condition score. However, mapping of 
structural condition scores in the SMOHBC scoring 
system to bridge structural condition level differs 
from that in STCEOHB scoring systems, as shown in 
Table 1. 

Table 1. Scoring system difference between 
SMOHBC and STCEOHB 

Structural 
Condition 

Level 

Structural Condition Score 

STCEOHB SMOHBC 

Class 1 [95,100] [88,100] 

Class 2 [80,95) [60,88) 

Class 3 [60,80) [40,60) 

Class 4 [40,60) 
[0 ,40) 

Class 5 [0 ,40) 

As the criteria for classifying structural condition is 
the same for SMOHBC and STCEOHB, it is evident 
that the same structural condition score under the 
two scoring system does not reflect the same 
structural condition. Therefore, during the 
generation of structural condition score with the 
degree of defect, conversion of scoring systems 
from SMOHBC to STCEOHB is required to achieve 
consistency in the description of structural 
condition. The data integration process is shown in 
Figure 2. 

Figure 2. Data integration process 
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3.3 Generation of component structural 
condition score with degree of defect 

Eqn. (1) shows the calculation of the overall bridge 
structural condition score. And sum of all 
component weights in Eqn. (1) is 100: 

�𝑊𝑊𝑖𝑖

𝑛𝑛

𝑖𝑖=1

= 100 (3) 

Thus, for consistency of calculation rules of 
structural condition score, weights should take the 
value of 100 calculating component structural 
condition score, as shown in  

𝐷𝐷𝑖𝑖 = 100−
100

5
× 𝑅𝑅𝑖𝑖 (4) 

In Eqn. (4), 𝐷𝐷𝑖𝑖 stands for the component structural 
condition score, 𝑅𝑅𝑖𝑖 stands for the degree of defect 
of the corresponding component.  

Therefore, one unit of the degree of defect means 
20 points deducted from the component structural 
condition score.  

3.4 Conversion of scoring systems from 
SMOHBC to STCEOHB 

As the criteria for classifying structural condition is 
the same for SMOHBC and STCEOHB, it is 
reasonable to establish conversion rules based on 
the equivalence of structural condition level. 

The structural condition level is a discrete function 
of the structural condition score, as shown in Table 
1. Let 𝑙𝑙(𝑥𝑥) denote the abovementioned function.
The discreteness of 𝑙𝑙(𝑥𝑥)  sabotaged the
authenticity of the description of the actual
structural condition of 𝑙𝑙(𝑥𝑥) . For example, two
components with the structural condition score of
94.9 and 95.1 under the STCEOHB scoring system
will be assigned to the structural condition level of
class 2 and class 1 respectively, even though their
actual structural condition shares no significant
difference. Thus, a new function 𝐿𝐿(𝑥𝑥) , with a
continuous structural condition level, was
proposed in this research.

𝐿𝐿(𝑥𝑥) was constructed as a polyline function, with 
linear interpolation performed on the left point of 
each interval shown in Table 1. 

Figure 3. 𝐿𝐿(𝑥𝑥) and 𝑙𝑙(𝑥𝑥) under SMOHBC and STCEOHB scoring system 

The construction of 𝐿𝐿(𝑥𝑥)  provides grounds for 
conversion of scores under the two scoring systems 
through interpolation. The conversion process is 
described as follows. First, calculate the continuous 
structural condition level of the score under 
SMOHBC scoring system through 𝐿𝐿𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆(𝑥𝑥) . 

Then, calculate the score under STCEOHB scoring 
system with the calculated structural condition 
level through 𝐿𝐿𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆(𝑥𝑥).  

For example, a score of 70 under the SMOHBC 
scoring system corresponds to the structural 
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condition level of 1,643. Then, under 𝐿𝐿𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆𝑆(𝑥𝑥), 
1,643 is calculated to get 85,357, which is the 
converted value under STCEOHB scoring system. 
The above example is shown in Figure 4. 

Figure 4. A conversion example 

4 Examples 
The inspection information pre-processing method 
was applied to 2 sets of inspection reports of 2 
different highway bridge networks, Heguan and 
Beihuan, located in Shandong. According to the 
statistics, there are 348 and 222 bridges in Heguan 
and Beihuan highway bridge networks. The 
inspection time and guiding standards vary for the 
abovementioned inspection reports, as shown in 
Table 2. 

Table 2. Scoring system difference between 
SMOHBC and STCEOHB 

Year Heguan Beihuan 

2010 Inspected under 
SMOHBC guidance Uninspected 

2011 Uninspected Uninspected 

2012 Uninspected Inspected under 
STCEOHB guidance 

2013 Uninspected Uninspected 

2014 Inspected under 
STCEOHB guidance 

Inspected under 
STCEOHB guidance 

2015 Uninspected Uninspected 

2016 Uninspected Inspected under 
STCEOHB guidance 

2017 Inspected under 
STCEOHB guidance Uninspected 

2018 Uninspected Uninspected 

2019 Uninspected Inspected under 
STCEOHB guidance 

2020 Inspected under 
STCEOHB guidance Uninspected 

Table 2 demonstrates that during the past ten 
years, four rounds of inspection was implemented 
for the 2 highway bridge networks respectively. 
Among the numerous inspection for Heguan, the 
inspection executed in 2010 was guided by 
SMOHBC. Thus, eight inspection reports need 
extractions, and one year of inspection data 
requires integration.  

During the actual extraction process, the average 
extraction time for one year of inspection reports 
is 15 seconds for Heguan and 8 seconds for Beihuan. 
The extraction efficiency is acceptable compared to 
past manual extraction. 

The data extracted from inspection reports of 
Heguan in 2010 was integrated as mentioned in 
section 3. The original and integrated structural 
condition score and structural condition level are 
shown in Figure 5. 

Figure 5. Data integration for inspection reports of 
Heguan in 2010 
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After data integration, all data was stored for 
further RBCA process. Visualization was conducted 

to get hold of a general picture of the inspection 
data.

Figure 6. Distribution of structural condition score of bridges in Heguan and Beihuan 

Figure 6 demonstrates the distribution of structural 
condition scores of bridges in Heguan and Beihuan. 
A year-by-year declining trend in structural 
condition scores can be noted in Figure 6. And the 
similarity between the integrated data (data of 
2010) and the unintegrated data in structural 
condition score distribution for Heguan, as shown 
in Figure 6, can also verify the reliability of data 
integration.  

5 Conclusions 
This paper proposes an inspection information pre-
processing framework for RBCA. The framework 
includes methods for inspection data extraction, 
integration, and storage.  

An example was given to verify the feasibility of the 
framework. High accuracy and efficiency were 
demonstrated during data extraction. The data 
integration process was also proved to be reliable. 

Several improvements can be made to this 
research. Future research will focus on algorithm 
efficiency to reduce extraction and integration time. 
It is also helpful to develop a new storage structure 
to achieve smaller storage space and faster data 
reading. 
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Abstract 
The piers no.19~21 of the main bridge of China-Maldives Friendship Bridge are V-shaped piers, 
which are constructed by the method of "cast-in-place slant legs with cable-stayed connection and 
hanging section + cast-in-place  block no.0 with inner supports". Based on the analysis of the 
whole construction stage of the bridge by the finite element method, the factors of concrete 
cracking during the construction of V-shaped piers are grasped. In view of the risk of structural 
cracks, the scheme of setting prestressed steel beam in the slant legs and accurately controlling 
the removal time of the cable hanging bracket is adopted to effectively prevent the concrete 
cracking during the construction of V-shaped piers. 

Keywords: continuous rigid frame bridge; v-shaped piers; crack control; construction technology; 
prestress; stress control. 

1 Project overview 
The main bridge of China-Maldives Friendship 
Bridge is a six-span rigid frame bridge with 
concrete and steel box composite girders and V-
shaped piers. With a total length of 760m, 
asymmetric spans of (100 + 2×180 + 140 + 100 + 
60)m are adopted. The triangular area of piers
no.19~21 is a concrete V-shaped pier structure.

Pier no.20: the angle between the middle axis of 
slant legs and the center line of the pier is 64°; 
the bottom of  block no.0 on triangular pier top is 
a cambered surface with a radius of 50m and the 
circular chamfer with a radius of 3.1m is applied 
for transition between V legs. Overall 
1910.5m³C55 marine concrete with a total weight 
of 5063t is used in the V-shaped pier in the 
triangular area. 

Pier no.19 and no.21: the radius of bottom of 
block 0 of box girder on triangular pier top is 50m 
and the circular chamfer with a radius of 1.5m is 
applied for transition between V legs. Angles 
between the middle axis of slant legs and the 
center line of the pier are 70° and 66° 
respectively. Overall 1764.1m³ C55 marine 
concrete with a total weight of 4675t is used in V-
shaped piers in the triangular area. 

V legs are single box double chamber concrete 
sections with top width of 9.9m, bottom width of 
8.8m and cross section of 3.4~4.6m. The 
structure of  block no.0 box girder is the single 
box double chamber with top width of 21m and 
bottom width of 12.1m. The beam height varies 
gradually and the minimum beam height is 2.7m. 
The closure of V legs and  block no.0 forms the 
main girder structure. 
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pier is in the deep-sea area with a water depth of 
27m~46m and wave conditions are very serious. 
During the monsoon period, the swell cycle is 
long and wave heights are significant. The height 
of wave encountered once in 20 years is 4.88m 

with wave period up to 14.5s. Large equipment 
such as floating crane and transport ships 
responds sharply, resulting in poor construction 
conditions. 

Figure 1 Layout of China-Maldives Friendship Bridge 

2 construction scheme 
Under deep-sea long-period wave swell 
conditions, V-shaped piers of the main bridge of 
China-Maldives Friendship Bridge are constructed 
under the scheme of "cast-in-place slant legs with 
cable-stayed connection and hanging section + 
cast-in-place  block no.0 with inner supports". 
Take the intermediate pier no.20 as an example 
which is poured and folded with 5 sections. 

1) Reinforcement for V-shaped piers and
prestressed pile caps are embedded in advance.
Cap base foundations are poured.

2) Set up load-bearing platforms and buckle
cables for sections no.1 and no.2. Install the
bottom mold and erect hanging steel brackets.
Stretch the first segment of the buckle cable and
adjust the bottom mold to design elevation. Set
up the support frame and complete the steel
reinforcement installation.

3) Cast section no.1 concrete and stretch
temporary prestressed beams of section no.1.

4) Cast  section no.2  of V legs concrete and
tension V leg prestressed beams. Set up section
no.4  bottom mold brackets.

5) Tension no.3 buckle cables to design cable
force. Tie  section rebars no.4 and  section no.3
reinforcement of V leg .

6) Cast no.3 section  and no.4 section successively
of V legs. Stretch V leg temporary prestressed
beams at  section no.3.

7) Tie the reinforcement of closure section. Cast
no.5 section (closure section) concrete and
stretch  section no.4 of V-shaped pier prestressed
beams, as shown in Figure 2.

Pile caps

Figure 2  Step 7 Completed construction of V-
shaped pier 

3 Cracking risk analysis 

3.1 Establish the analysis model for the 
whole construction process 

In the original design scheme of V-shaped piers, V 
legs are reinforced concrete structures. According 
to the construction process, MIDAS simulation 
software is used to establish the whole bridge 
model so that V leg construction stages can be 
simulated and analyzed, as shown in Figure 3. The 
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joint action and mutual influence between 
temporary structures and permanent structures are 
considered in the calculation to determine key 
construction control parameters and propose 

corresponding construction measures to ensure the 
safety of permanent structure and temporary 
structure in V leg triangular concrete area during 
the construction. 

Figure 3 Finite element model of the whole bridge 

3.2 Cracking risk analysis of V-shaped 
piers during the construction process 

Combined with the construction process analysis of 
V-shaped piers and finite element analysis results
from section 3.1, cracking risk factors of V-shaped
concrete piers are basically the following four
aspects:

1) Structural cracking caused by excessive tensile
stress during the construction stage of V-shaped
piers. The V-shaped pier is originally designed as
reinforced concrete structure and the hanging
construction technology is adopted. Finite element
analysis results show that before casting V legs and
block no.0 closure segment, tensile stress at the top
of V legs is basically below 1MPa; after casting the
closure segment with strength not formed
completely, tensile stress at the top of V legs rises
to 2.5 MPa; tensile stress of V legs increases to
6MPa after landing of brackets. The tensile stress at
the upper edge of V leg root exceeds the design
standard, resulting in concrete cracking.

2) Structural cracking caused by excessive tensile
stress during the cantilever casting stage. After the
closure of V legs, with prestressing tension and the
cantilever being cast, tensile stress at the lower
edge of the triangular armpit of the V-shaped pier
exceeds the standard under the prestress of the
main girder during the cantilever casting stage, as
shown in Figure 4.

Figure 4 Cracking risk zone of V-shaped pier 
during the cantilever casting stage 

3) Settlement cracking caused by excessive
deformation of the form-work during the casting
process. Because bottom form-work of V legs is the
multi-point elastic support with hanging buckles,
during the overlong concrete pouring process with
the bottom concrete entering the initial setting
state, the form-work deformation resulting from
continuously accumulating load on the upper layer
may lead to bottom concrete cracking consequently.

4) Temperature cracking because of excessive
internal and external temperature difference and
dry shrinkage cracking caused by water loss during
the maintenance process.

 In view of above four risks, the third risk can be 
effectively solved by controlling the support and 
buckle cable stiffness, adding anchor rods at the 
bottom of V legs cast during the previous stage and 
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anchoring the bearing platform, appropriately 
extending the initial setting time of concrete, and 
pouring the concrete in the tensile zone first. The 
fourth risk temperature cracking can be solved by 
hydration heat simulation calculation, arrangement 
of cooling water pipes to control the temperature 
difference between inside and outside concrete, 
and strengthening covering and moisturizing curing. 
This paper has limited space and mainly focuses on 
solutions to prevent structural cracking. 

4 Prevention scheme for structural 
cracking at the root of V legs 

4.1 Study on preventing structural 
cracking at the root of V legs 

When pouring the V leg closure section, the tensile 
stress of 6 MPa has far exceeded the cracking limit 
of C55 concrete. To reduce the stress at the root of 
V legs, two methods can be adopted. One is to 
increase the stiffness of the support and adjust the 
tension of the buckle cable. The other is to set the 
prestress and apply the prestress reserve in 
advance. Since the support stiffness of the cable-
stayed connection and hanging section for cast-in-
situ V legs is far lower than that of the concrete V 
leg cantilever beam itself, and tensile stress at the 
upper flange of the root of V legs is not sensitive to 
above measures, under the premise of constructing 
V legs with the cable-stayed connection and 
hanging section support, it is not feasible to control 
tensile stress of V legs by simply adjusting the 
stiffness of supports and buckle cables. Therefore, 
prestress is necessary to be set, and two solutions 
are put forward combined with the construction 
control experience of Tashan Bridge and 
engineering characteristics of this project. 

 Scheme 1 adopts external cables arranged in the 
longitudinal direction to form the V-shaped pier 
tension structure. By applying external stress, the 
compressive stress at the upper edge of the root of 
V-shaped piers is reduced, as illustrated in Figure 5.
In scheme 2, internal prestress is arranged in the
roof and floor respectively along the V leg line so
that V legs form full compression sections, as shown
in Figure 6.

 Figure5  External prestress (Scheme 1) 

Figure 6 Internal prestress (Scheme 2) 

4.2 Comparisons and designs of 
prestressing schemes 

The implementation of two prestressing schemes 
is compared and studied in terms of construction 
safety, convenience and construction period, as 
shown in Table 1. 

According to Table 1, it is more reasonable to adopt 
the permanent internal prestress scheme. The 
stress control criteria are as follows: 1) a certain 
compressive stress reserve is guaranteed for V legs 
before the construction stage of the bridge or the 
tensile stress level is kept very low; 2) many 
prestressing tendons are added in V legs, and the 
compressive stress of V legs should meet 
specification requirements during the whole bridge 
construction stage. 

According to the finite element analysis, taking pier 
no.20 as an example, arrangements and stretching 
schemes are as follows: seventeen 19φs15.2 steel 
beams are arranged on the roof of slant legs for 
both sides of V legs where 7 beams penetrate 
sections 1~2 and are tensioned after the 
maintenance of  section 2, while 10 beams only 
penetrate  section 1 and are tensioned after the 
maintenance of  section 1; ten 19φs15.2 steel 
beams are arranged on the root of slant legs for 
both side of V legs where 7 beams only penetrate 
section 1 and are tensioned after the maintenance 
of  section 1, while 3 beams penetrate  sections 1~3 
and are tensioned three times after the 
maintenance of  sections 1~3. 
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Table 1 Comparison of additional prestressing schemes 

Project Scheme 1: Permanent internal prestress Scheme 1: Permanent internal 
prestress 

Advantage 

1) The full cross-section of V leg is in
compression with a higher compressive
stress reserve.
2) It is beneficial to the stress control
before the closure of V piers. V piers are
in the state of active stress control during
the entire bridge formation stage and the
removal period of brackets for V-shaped
structures.
3) The prestress is not removed, making
the process relatively simple.

1) Prestressed tension can reduce the
tensile stress at the upper edge of the
root of V legs effectively.
2) External prestress does not affect
rebar binding and other construction
processes, which exerts little impact on
the construction period.

Disadvantage 

1) The quantity of prestressing work is
large with an equal strength stage (7
days) required before prestressed tension
for each section of V legs, which has a
great impact on the construction period.
2) The compressive stress at the root of V
legs increases and it is necessary to check
whether the increment causes the
compression stress at the root of V piers
to exceed the standard during the
construction stage of the whole bridge.

1) Although prestressed tension could
effectively reduce the tensile stress at
the upper edge of the root of V legs,
there is also a risk of increasing the
tensile stress at the lower edge of the
root of V legs.
2) Demolition may cause the stress
mutation of V piers, which is not
conducive to the force distribution
within the structure.
3) Demolition conditions are relatively
dangerous with poor operability.

Figure 8 Façade layout of prestress at the 
triangular V leg area 

Figure 9 Plane layout of prestress at the bottom 
surface of triangular V leg area 

Figure 10 Plane layout of prestress at the top 
surface of triangular V leg area 

Prestressing construction conditions are added to 
the construction stage for rechecking. The 
calculation results of V-shaped pier no.20 are as 
follows: the minimum compressive stress reserve 
before demolition is 2.2MPa and the minimum 
compressive stress reserve after demolition is 
0.4MPa, both at the lower edge of the upper end of 
slant legs. The maximum compressive stress during 
the entire construction phase is 11Mpa. It can be 
seen that by increasing the internal prestress of V 
legs, an ideal internal force state may be 
maintained in V legs throughout the construction 
stage. 
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5  Prevention scheme for axillary 
stress cracking in the closure 
section 

The internal force of the V leg structure will be 
redistributed after unloading supports and buckle 
cables, and the internal force redistribution is 
affected by the time of unloading buckle cables and 
removing supports. According to the model analysis 
data, after the closure of V-shaped piers and during 
the cantilever casting stage of box girders, the 
upward deflection effect of the longitudinal 
prestress of concrete box girders on concrete 
beams is greater than the downward deflection 
effect of the self-weight of concrete box girders. 
Although the prestressed tension in box girders of 
the main bridge could result in tensile stress at the 
armpit of V-shaped piers, the backward tension of 
buckle cables of cable hanging brackets can offset 
part of the tensile stress. The landing time of the 
bracket is controlled by tensile stress at the bottom 
edge of the armpit of the closure section. 

 Considering the structural safety and difficulty of 
linear control during the implementation process, 
finite element analysis results show that the 
optimal timing of removing buckle cables is after 
the completion of the whole bridge closure. 
However, considering the urgency of the 
construction period of China-Maldives Friendship 
Bridge, brackets and buckle cables are removed 
when the cantilever casting of the main girder of 
pier no.20  reaches the eighth and ninth sections. 
The tensile stress at the armpit of the closure 
section is 0.3 MPa, which is an acceptable low stress 
level, and brackets can be removed under this 
condition. 

6 Conclusion 
Based on the analysis of the refined model of the 
whole construction process of China-Maldives 
Friendship Bridge, locations and factors of concrete 
cracking during the construction of V-shaped piers 

are studied and specific solutions are proposed 
against cracking risks: 1) set prestressed steel 
beams in slant legs; 2) control the removal time of 
cable hanging bracket system accurately so that the 
internal force is reasonably redistributed. The 
practice shows that this crack control technology 
effectively solves the problem of concrete cracking 
during the V-shaped pier construction in deep 
water medium-long periodic wave environment. 
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Abstract 
Bridge expansion joints (BEJs) are equipped at the girder end of long-span railway bridges to ensure 
the reliable transition of the track. The track structure of BEJs is more complex than that of bridge, 
so the BEJs should have suitable dynamic stiffness to ensure the safety and stability of vehicle. 
Taking a high-speed railway bridge equipped with densely arranged BEJs as an example, a vehicle-
track-bridge coupled model was established to analyse the influence of vertical stiffness of BEJs on 
the dynamic response of whole system. Base on the established model, the study shows that the 
deformation of the BEJs will cause the short-wave irregularity of the rail and high-frequency impact 
on the vehicle. The unreasonable stiffness of BEJs will greatly increase the derail risk of the vehicle, 
so the influence of the stiffness of BEJs on the dynamic response of vehicle should be considered 
adequately in the design of the BEJs. According to the research results, it is recommended to use a 
larger stiffness of cushion plate. The results have been applied to the design of the BEJs on the 
studied railway lines, which are in good service condition at present. 
Keywords: BEJs; railway bridge; vehicle-track-bridge coupling model; dynamic response. 

1 Introduction 
With the rapid development of railway industry 
and the increasing of bridge span, BEJs have 
become a vital device for long-span railway bridges. 
It not only needs to match the deformation of the 
girder end, but also needs to have good strength 
and stiffness to bear the dynamic load brought by 
the vehicle. Since the track structure of BEJs is 
more complex than that of the bridge, BEJs are 
regarded as the weak parts of the railway and has 
attracted extensive interest of researchers. 
The performance of BEJs, including the 
deformation and joint force, in service condition 
have been studied [1-4], and plenty work has been 

done on the failure mechanism of BEJs [5, 6]. 
Although BEJs have been widely studied, the 
impact of BEJs on vehicle is not clear enough. 
According to the detection results of the railway 
department, the dynamic response of vehicle on 
BEJs is significantly greater than that on other areas. 
The dynamic stiffness of BEJs is the main factor 
affecting the dynamic response of vehicle. 
Therefore, this study built the vehicle-track-bridge 
coupled model to investigate the influence of the 
vertical stiffness of BEJs on the dynamic response 
of vehicle. 
Taking a high-speed railway line in China as a case 
to study. In order to reduce the seismic response of 
the structure, hyperboloid bearings are used as 
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seismic isolation devices for bridges, which results 
in a large displacement of girder end. As the result, 
this railway line is equipped with BEJs at many 
positions to ensure the continuity of track structure. 
The influence of vertical stiffness of BEJs on the 
whole system is investigated with considering the 
influence of different displacement of girder end 
and different speed of vehicle. Based on the results, 
this study clarified the influence of change of BEJs' 
parameters on the dynamic response of vehicle 
and BEJs, and suggested that the reasonable value 
of the vertical dynamic stiffness of BEJs should be 
given based on the safety indexes and stability 
indexes of vehicle. 

2 Numerical Model 

2.1 Bridge Model 

The studied section includes two bridge 
structures:(A)32 m precast post tensioned 
prestressed concrete simply supported box 
girder;(B)60 m+100 m+60 m prestressed concrete 
double track continuous girder. MIDAS is used to 
establish the finite element model of the bridge, as 
shown in Fig.1 while the arrowhead indicates the 
forward direction of the vehicle. The boxes mark 
the position of the BEJs. 

Figure 1: The MIDAS model of bridge 

The bridges are described by beam elements. The 
bottom of pier is fixed and the constraint between 
the pier and bridge are treated as master-slave 
nodes. And the dead load is considered by 
increasing the bulk density of materials. The 
uniform stiffness matrix and uniform mass matrix 
are adopted in dynamic analysis with Rayleigh 
damping. 

2.2 BEJs Model 

The structure of BEJs is shown in Fig. 2. It is mainly 
composed of fixed steel sleeper 2, movable steel 
sleeper 3, supporting frame 7, supporting beam 4, 
cushion plate 5(between fixed sleepers and bridge 
deck), connecting rods 6 and pressure-bearing 
8(between supporting beam and sleepers). The rail 
and concrete sleeper are denoted in the figure 
respectively, 1 and 9. The fixed sleepers are fixed 
with the bridge deck through bolts, and the cushion 
plate between them provides the vertical 
cushioning. One end of the supporting beam is 
fixed with the fixed sleeper, and the movable 
sleepers and the fixed sleepers at the other end can 
slide relative to the supporting beam when 
longitudinal displacement occurs at the girder end. 
The movable steel sleeper, which suspended on 
the supporting beam, is connected to the fixed 
sleepers through the connecting rods. The sleeper 
spacing between the fixed sleeper and movable 
sleeper changes through the connecting rods when 
longitudinal displacement occurs. 

Figure 2: The structure of BEJs: (a) top view (b) A-A 
section (c) B-B section 

The expansion of girder ends on both sides of the 
BEJs can reach ±200mm in total. The distance of 
fixed sleeper and movable sleeper is 450 mm when 
the longitudinal expansion of girder end is 0 mm, 
and which is 350 mm or 550 mm corresponds to 
the longitudinal expansion of the girder end is +200 
mm or -200 mm respectively. 
The vertical dynamic stiffness of the BEJs is mainly 
determined by cushion plate 5 and the pressure 
bearing 8. The range of vertical stiffness of cushion 
plate is 80 ~ 120 kN/mm, and the range of vertical 
stiffness of the pressure bearing is 160 ~ 240 
kN/mm. This study adopted the maximum and 
minimum values of vertical stiffness as the 
parameters. 
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Figure 3: The MIDAS model of BEJs 

MIDAS is used to establish a simplified finite 
element model of BEJs, as shown in Fig.3. Since the 
supporting frame is fixed with the bridge deck, it 
can be ignored in model. Spatial beam elements 
are used to simulate supporting beam and sleepers. 
The nonlinear characteristics of track stiffness have 
little influence on the results and cost plenty of 
computational resources [7], hence, linear 
massless spring elements are used to simulate 
cushion plates and pressure-bearings.  

Figure 4: The top view of model of BEJs: (a) the 
sleeper spacing is 350 mm (b) 450 mm (c) 550 mm 

Fig.4 shows the top view of models with different 
sleeper spacing, which is 350 mm, 450 mm and 550 
mm respectively. 

2.3 Vehicle Model 

Figure 5: Vehicle model: (a) right view (b) rear 
view (c) bottom view 

The vehicles studied consists of 16 vehicles with 8 
locomotives, which is composed of car-body, 

bogies, wheelsets and the spring and damping 
connections. In order to simplify the calculation, 
analytical model adopts the following assumptions 
[8-10]: (1) The car-body, bogies and wheelsets are 
regarded as rigid components, the connections are 
represented by linear springs and viscous dashpots. 
(2) The vehicles move at constant speed along the
track. (3) The wheelsets are always in contact with
the rail.
As is shown in Fig.5, the vehicle is modeled by
multi-body model with 23 degrees of freedom
(DOF). The ith car-body has 5 DOF to be concerned:
lateral displacement Yci, vertical displacement Zci,
roll angle 𝜃𝜃𝑐𝑐𝑐𝑐 , yaw angle 𝛹𝛹𝑐𝑐𝑐𝑐  and pitch angle 𝜑𝜑𝑐𝑐𝑐𝑐 .
The bogie of ith vehicle has 5 DOF too, which
denoted by subscript t. And the lateral
displacement and roll angle of wheelsets are
considered, which denoted by subscript w.

2.4 Vehicle-Track-Bridge Coupled Model 

Figure 6: The coupling model of vehicle–track-
bridge system 

The coupling model is shown in Fig.6. Vehicle, track 
and bridge form a coupled system through the 
interaction between wheel and rail and the 
interaction between track structure and bridge. 
The motion equation of the whole system can be 
expressed as Eq. (1), where: [M], [C], [K] are the 
mass, damping and stiffness matrices of each 
subsystem respectively; {𝑋𝑋}, ��̇�𝑋�, ��̈�𝑋�represents the 
displacement, velocity, acceleration vector of each 
subsystem; {𝑃𝑃}  is the load vector acting on each 
subsystem. This equation is solved by iterative 
method. At each time step of calculation, track 
irregularity and bridge displacement are 
accumulated for calculation.  

𝑀𝑀�̈�𝑋 + 𝐶𝐶�̇�𝑋 + 𝐾𝐾𝑋𝑋 = 𝑃𝑃                        (1) 
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3 Numerical Simulation 

3.1 Load Cases 

The vertical dynamic stiffness of BEJs is mainly 
determined by the cushion plate and the pressure 
bearing. In this study， 4 load cases were adopted 
for vertical stiffness of BEJs, and the different 
sleeper spacing and different vehicle speed were 
calculated in each load case. Table 1 lists the details 
of different load cases. 

Table 1: Parameters of different load cases 

Parameter 
Case 

1 2 3 4 
Vertical stiffness of cushion plates 

(kN/mm) 80 120 80 120 

Vertical stiffness of pressure-
bearing 

(kN/mm) 
160 160 240 240 

Sleeper spacing (mm) 350, 450, 550 
Speed of vehicle (km/h) 160，180，200，220，

250 

3.2 Dynamic Response of BEJs 

Since the size and mass of BEJs are much smaller 
than bridge, the change of the BEJs' parameters has 
no effect on the dynamic response of the bridge. 
However, in order to more clearly show the 
dynamic response of the BEJs, the results of the 
bridge are shown as a reference. Sleepers are the 
key parts of the BEJs that directly affect the rail, 
therefore, this paper mainly discusses the dynamic 
response of fixed sleeper and movable sleeper of 
the BEJs. 

Figure 7: Vertical dynamic response of bridges and 
BEJs 

Fig.7 shows the dynamic response of one BEJs and 
the adjacent bridge during the vehicle passes 
through in Load Case 1 when the sleeper spacing is 
450 mm and the vehicle speed is 250 km/h. The 
BEJs and bridges will vibrate in turn when the 
vehicle moves forward. It can be seen that the 
vertical displacement of BEJs is similar to that of the 
bridge, and the vertical acceleration of the BEJs is 
significantly higher than that of the bridge. 

Figure 8: Vertical dynamic response of bridges in 
the different position 

Fig.8 shows the vertical displacement and 
acceleration of bridges at different positions under 
the same load case as Fig.9. The horizontal ordinate 
represents the order of the simply supported girder 
or the continuous girder that passed by vehicle, for 
example, 1 represents the simply supported girder 
and the continuous girder which the vehicle passes 
through first. It is shown that the dynamic 
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displacement of bridges at different positions are 
basically the same, as well as the acceleration of 
bridges.  

Figure 9: Vertical dynamic response of BEJs in the 
different position 

As shown in Fig.9, the difference between the 
dynamic displacement of BEJs at different positions 
is also negligible. Although the vertical acceleration 
of BEJs at different positions is different, it will not 
directly affect the dynamic response of vehicle. 
It can be seen that the dynamic displacement of the 
bridge midspan and that of the movable sleeper 
both are about 2 mm although the length of the 
BEJs is much smaller than that of the bridge. 
Consequently, the deformation of the BEJs would 
cause short-wave irregularity of the rail and high-
frequency impact on the vehicle. Therefore, the 
BEJs is the wake parts of track and should be paid 
more attention. 

Figure 10:  Vertical dynamic response of BEJs: 
(a)vertical displacement of fixed sleeper (b)

vertical acceleration of fixed sleeper (c) vertical 
displacement of movable sleeper (b) vertical 

acceleration of movable sleeper 

Fig.10 shows the dynamic response of BEJs under 
different load cases. It can be seen that the 
stiffness of cushion plate has a great impact on the 
fixed sleeper and the vertical stiffness of pressure 
bearing has little effect on it. When the stiffness of 
cushion plate increases, the vertical displacement 
and vertical acceleration of the fixed sleeper will 
decrease. The vertical dynamic displacement of 
movable sleeper is both affected by the vertical 
stiffness of pressure bearing and cushion plate. The 
vertical displacement of movable sleeper will 
decrease when the stiffness of pressure bearing 
and cushion plate increases. However, the impact 
of the vertical stiffness of the pressure bearing is 
more significant on the displacement of movable 
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sleeper. Meanwhile, the vertical acceleration of 
movable sleeper is only affected by the vertical 
stiffness of pressure bearing. The acceleration of 
movable sleeper decreases when the stiffness of 
pressure bearing increases. 
The dynamic responses of fixed sleepers and 
movable sleepers are also affected by the sleeper 
spacing. It can be found easily that the vertical 
displacement of the BEJs is the largest when the 
sleeper spacing is the largest. The supporting beam 
can be considered as the continuous girder, and the 
fixed sleepers are the support apparatus of it. The 
dynamic load on the movable sleeper is 
transmitted to the bridge by the supporting beam 
and fixed sleeper. The increase in sleeper spacing 
means the increase in the span of the support 
beam, so that the dynamic displacement of the 
BEJs increases. 

Figure 11: Vertical dynamic response of BEJs with 
different vehicle speed 

Fig.11 shows the dynamic response of the BEJs 
under different vehicle speeds under load case 1 
when the sleeper spacing is 550 mm. Since the 
movable sleeper is only fixed by the supporting 
beam, the response of the movable sleeper is 
significantly greater than that of the fixed sleeper. 
It can be seen that the dynamic response of the 
BEJs increases when the vehicle speed increases. 
This indicates that the loading frequency of vehicle 
load does not cause the resonance of BEJs within 
the operating speed range of vehicle. 

3.3 Dynamic Response of Vehicle 

According to the Chinese National Standard 
GB5599-2019 [12], the dynamic response of the 
vehicle is evaluated by the safety indexes and 
stability indexes: derailment coefficient Q/P, rate 
of wheel load reduction ∆𝑃𝑃/𝑃𝑃, the lateral wheel-
rail force Q, vertical vibration acceleration of the 
car-body 𝛼𝛼𝑧𝑧 , lateral vibration acceleration of the 
car-body 𝛼𝛼𝑦𝑦 , Sperling index of comfort W in the 
vertical direction and lateral direction, while P is 
defined as the static vertical wheel-rail force, ∆𝑃𝑃 is 
defined as the offload vertical wheel-rail force and 
W is the frequency weighted value of acceleration 
of car-body.  
All evaluation indexes of the vehicle become worse 
when the speed of vehicle increases. Therefore, the 
following discussion focuses on the results with the 
maximum speed of vehicle under various load 
cases. 

Table 2: Evaluation indexes of vehicle in different 
load cases 

Load 
case 

Sleeper 
spacing 
(mm) 

𝑄𝑄 𝑃𝑃⁄  𝑄𝑄 
(kN) 𝛼𝛼𝑧𝑧 𝛼𝛼𝑦𝑦 𝑊𝑊𝑧𝑧 𝑊𝑊𝑦𝑦 

1 350 0,55 34,14 0,92 1,77 2,60 2,87 
1 450 0,55 34,19 0,92 1,76 2,60 2,88 
1 550 0,55 34,15 0,92 1,77 2,60 2,87 
2 450 0,55 34,19 0,92 1,76 2,57 2,88 
3 450 0,55 34,2 0,92 1,76 2,60 2,88 
4 450 0,55 34,19 0,92 1,76 2,57 2,88 

Table 2 lists the maximum values of evaluation 
indexes under different load cases at the vehicle 
speed of 250 km/h, and ∆𝑃𝑃/𝑃𝑃 is shown separately 
by Fig.15. On the whole, the evaluation indexes of 
vehicle under different load cases all meet the 
standard. The evaluation indexes of the vehicle 
have basically not changed under the different load 
cases, except that the ∆𝑃𝑃/𝑃𝑃. Due to the cushioning 
of the secondary suspension of the vehicle, the 
change of the BEJs’ parameters has no obvious 
effect on the acceleration of the vehicle body, but 
will affect the interaction between the wheel and 
rail.  
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Figure 12: Rate of wheel load reduction in different 
load cases 

As shown in Fig.12, the influence of the vertical 
stiffness of cushion plate on the ∆𝑃𝑃/𝑃𝑃  is more 
obvious than that of pressure bearing. The increase 
of vertical stiffness of cushion plate will 
significantly reduce the ∆𝑃𝑃/𝑃𝑃. If the small vertical 
stiffness of cushion plate is adopted, there is a risk 
of reaching the limit value of 0,6 in the ∆𝑃𝑃/𝑃𝑃 when 
the sleeper spacing increases. The vehicle may 
derail if the ∆𝑃𝑃/𝑃𝑃 exceed the limit value, therefore, 
it is strongly recommended to adopt a larger 
vertical stiffness of cushion plate.  
In the traditional vehicle-track-bridge analysis, 
researchers usually pay attention to the vibration 
of the bridge and vehicle, and ignore the influence 
of the stiffness of the BEJs. And the influence of the 
dynamic stiffness of BEJs on the dynamic response 
of the vehicle is not fully considered in the design 
of the BEJs. However, this study found that 
unreasonable vertical dynamic stiffness of BEJs will 
greatly increase the derail risk of the vehicle, so the 
influence of the stiffness of BEJs on the dynamic 
response of vehicle should be considered 
adequately in the design of the BEJs. 

4 Conclusions 
The dynamic response of the vehicle in the girder 
end is obviously worse than that on the bridge. The 
vertical dynamic stiffness of BEJs is an important 
parameter affecting the safety and stability of 
vehicle. Taking railway bridges with densely 
arranged BEJs as an example, the three-
dimensional vehicle-track-bridge coupled model is 
established by MIDAS and Fortran to investigates 
the impact of the vertical dynamic stiffness of BEJs 
on whole system.  
The main conclusions of this study are: 

(1) Compared with the deformation of bridge, the
deformation of the BEJs will cause the short-
wave irregularity of the track and high-
frequency impact on the vehicle. The densely
arranged BEJs do not significantly increase the
dynamic response of the system.

(2) The dynamic response of fixed sleeper is only
affected by the vertical stiffness of cushion
plate. The dynamic response of movable

sleeper is affected both by the vertical 
stiffness of cushion plate and pressure 
bearing. The dynamic response of BEJs 
decreases when the vertical stiffness of 
cushion plate and pressure bearing increases. 

(3) The dynamic responses of movable sleeper
and fixed sleeper are both affected by vehicle
speed and sleeper spacing. With the increase
of vehicle speed and sleeper spacing, the
dynamic response of the BEJs increases. The
dynamic response of movable sleeper is
significantly greater than that of fixed sleeper.

(4) The change of the BEJs’ parameters will affect
the interaction between the wheel and rail.
The rate of wheel load reduction decreases
when the vertical stiffness of cushion plate
increases.

(5) The unreasonable stiffness of BEJs will greatly
increase the derail risk of the vehicle, so the
influence of the stiffness of BEJs on the
dynamic response of vehicle should be
considered adequately in the design of the
BEJs. According to the research results, it is
recommended to use a larger stiffness of
cushion plate.

The results of this study are of great significance to 
the design of BEJs. In this paper, the influence of 
vehicle speed, vertical stiffness of BEJs and sleeper 
spacing on the dynamic response of BEJs and 
vehicle is clarified. By analyzing the dynamic 
response of the whole system composed of vehicle, 
track and bridge, the appropriate vertical dynamic 
stiffness of BEJs can be adopted in design to ensure 
the safety and stability of vehicle. The results have 
been applied to the design of the BEJs on the 
studied railway lines, which are in good service 
condition. 
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Abstract 
This study investigated the bridge responses and modal parameters of a steel truss bridge based on 
FE analysis considering vehicle loadings and aimed to propose an adjustable damage scenario for a 
loading test on the target bridge. The idea of this study is that the modal parameters and stress 
distribution identified under assumed damage scenario can provide useful information to decide 
artificial truss member cut-off patterns and to ensure the bridge safety in the vehicle loading tests. 
A three-dimensional FE model is constructed using commercial FE analysis software suite for 
calculating modal parameters (natural frequencies and mode shapes) and maximum internal 
member force of the bridges. The eigenvalue analysis and static loading analysis were conducted 
with intact bridge and damaged bridge whose member fracture is simulated by removing one 
vertical, diagonal member, or two vertical members, in order to find the most severe condition for 
cutting locations where largest axial force occurs. Results show that variation in modal frequency 
and mode shape due to different damage scenario are conspicuous. Effect of cut-off pattern 
changes of damage scenarios are observable by comparing the analysis results between intact and 
damaged bridge. Finally, two vertical steel members are determined to be cut off in the field loading 
test.  

Keywords: steel truss bridge model; member fracture; FE analysis; cut-off truss member. 
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1 Introduction 
The collapse of the I-35W Mississippi River Bridge 
in Minneapolis, MN, USA, on 1 August 2007 was an 
unprecedented shock to the civil engineering 
community [1]. After the event, damage in 
members of steel truss bridges was also discovered 
during bridge inspections in Japan (see Figure 1) [2]. 
In the aftermath of these events, maintaining and 
improving civil infrastructure including bridge 
structures have become keen technical issues, 
since any light structural damage or defects in a 
bridge can potentially result in fatal consequences 
[3].  

A field experiment was conducted on a real 
continuous steel truss bridge in Japan with artificial 
damage applied, referred to as the field damage 
experiment after a numerical analysis. A major task 
of this study is to utilize a numerical simulation to 
examine bridge responses due to fracture of truss 
member in a steel truss bridge under vehicle 
loadings. Numerical analysis is important and of 
high reference value because it simulates the 
scenarios that is most similar to those within which 
field experiments on real bridges will be conducted. 

The objective of this study is to investigate the 
bridge responses and modal parameters of a steel 
truss bridge utilizing FE analysis considering vehicle 
loadings and to propose an adjustable damage 
scenario for a loading test on the target bridge. The 
modal parameters of bridges, that is, modal  

Figure 1. Damage observed in a truss member due 
to corrosion. 

Adopted from Yamada [2]. 

frequencies and mode shapes, as well as stress 
responses of the bridge are used to examine effect 
of bridge damage. For small- and medium-span 
bridges like the experiment bridge in this study, 
which form the major portion of bridge 
infrastructure, wind and ambient ground vibrations 
are usually too small in magnitude to excite the 
bridges. On the other hand, daily traffic becomes 
dominant [4,5].  

The idea of this study is that the modal parameters 
and stress distribution identified under assumed 
damage scenario can provide useful information to 
decide artificial truss member cut-off patterns and 
to ensure the bridge safety in the vehicle loading 
tests. In this study, a parked truck served on the 
bridge and the truck-induced bridge responses 
were recorded. Analysis of cases of intact bridge 
and damaged bridge were adopted to assist in 
making a decision on the cut-off pattern for 
member fracture. One scenario of none cut-off 
member for the healthy condition was taken as a 
reference group, namely intact case, and several 
scenarios of cut-off members were taken to 
measure the effect of bridge damage with member 
fracture (probably in the damaged condition). A 
three-dimensional FE model was constructed using 
commercial FE analysis software suite for 
calculating modal parameters (natural frequencies 
and mode shapes) and maximum internal member 
force of the bridges. The eigenvalue analysis and 
static loading analysis were conducted with intact 
bridge and damaged bridge whose member 
fracture was simulated by severing one vertical or 
diagonal member, or two vertical members, in 
order to find the most severe condition for cutting 
locations where largest axial force may occur. 

2 Experiment bridge and artificial 
damage 

The tested bridge is located near Naka Town, 
Tokushima Prefecture, in the southwest of Japan. 
The experiment bridge is a continuous steel truss 
bridge, as shown in Figure 2. The bridge comprises 
three spans and the whole bridge was selected as 
the test span. It was about 32.5m+72.0m+32.5m in 
span length and 5.8 m in width. During the field 
tests, the test bridge was closed to traffic and 
provided for the damage experiment. In order to  
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(a)

(b) 

Figure 2. Experiment bridge: (a) Sketch of elevation view and (b) photograph. 

understand the current damage in the bridge, a 
close-up visual survey was conducted using aerial 
work platforms and a drone-based survey in places 
where close-up visual inspection was difficult. As a 
result of the investigation, no cracks or significant 
corrosion was found in the steel truss members. 

For analysis, modelling using the 3D finite element 
method was carried out as shown in Figure 3. A FE 
model of the bridge containing a total of 4906 
elements and 14491 nodes was developed with the 
commercial software ABAQUS based on its design 
blueprints obtained from dimensional 
measurement of the preliminary survey (see Figure 
3(a), (b), (c), (d)). The bearings allowed rotational 
displacements in three directions at both ends. The 
bridge can also move longitudinally at middle 
supports, but all other translations were 
constrained (see Figure 3(e)). All truss members 
were modelled with 3D beam elements of 6 DOFs 
at each node, and the slab was modelled by 3D 
shell elements. Standard linear elastic shell and 
beam elements were chosen. The Young’s modulus, 
density and Poisson’s ratio of the slab concrete 
were equal to 2.1×1010N/m2, 2500kg/m3 and 0.15, 
respectively. The steel of the truss members had an 
elastic modulus of 2.1×1011N/m2, a Poisson’s ratio 

of 0.3, and density of 7850kg/m3. Total mass of the 
bridge model was 405057.4 kg. Initial natural 
frequency and mode shape of the bridge model 
obtained from eigenvalue analysis are shown in 
Figure 4. 

In reference to damage previously observed in real 
steel truss bridges (see Figure 1), damage scenarios 
consisting of diagonal or vertical members fully 
severed were artificially applied in this study. The 
artificial damage was applied at the diagonal or 
vertical member of left half part of mid-span (see 
Figure 5, capital letter V means “vertical member”, 
D means “diagonal member”). The cutting-off task 
was conducted as per the certain procedure, along 
with many safety measures. For differentiation, the 
bridge before the artificial damage was referred to 
as the intact bridge (even though it may not 
perfectly intact as in its newly constructed status) 
and the bridge after the damage of member 
fracture as the damaged bridge.  

3 Analysis Results 
Based on this model, the numerical analysis for 
both intact (or reference) and damage conditions 
were conducted, respectively. In the loading test, it 
was assumed that two steel truss members would  
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Figure 3. Finite element model of target bridge 

be severed, so the analysis was conducted in this 
combination. Therefore, for the damage scenario 
with member fracture by cutting off the vertical or 
diagonal truss member, two groups of cases, one of 
which was the scenario of one vertical or diagonal 
severed truss member and the other was the 
scenario of two vertical severed truss members, 
were carried out. Basically, each case was a 
representative of one specific cut-off pattern, as 
indicated in Table 1 and Table 2. By performing this 
analysis on the responses obtained from every case, 
the modal frequencies and maximum stress in 
bridge could be identified. The optimum solution 
was the condition that the axial force at the cutting 
off location was the most severe. Changes in modal 
frequency, mode shape and maximum stress due 
to member fracture in different damage scenario 
considering dead load and vehicle loadings were 
discussed as shown in Table 1 to Table 2 and Figure 
6 to Figure 10. The ratios of the difference (in mean) 
between intact and damage conditions are shown, 
relative to the intact condition. Comparing those  

Figure 4. Mode parameters 

Figure 5. Overview of damage scenario (left half 
part of the bridge) 

Table 1. Scenario with 1 severed truss member 

Severed 
member 

Frequency 
[Hz] 

Maximum 
stress 
[MPa] 

Bending 
1st 

Bending 
2nd 

Torsional 
1st 

V12 2.79(-0%) 5.53(-0%) 6.39(-2%) 73 (OK) 
V11 2.77(-1%) 5.52(-0%) 6.33(-3%) 77 (OK) 
V9 2.78(-0%) 5.39(-3%) 6.41(-2%) 81 (OK) 
V7 2.79(-0%) 5.53(-0%) 6.50(-0%) 86 (OK) 

D11 2.77(-1%) 5.29(-4%) 6.49(-0%) 97 (OK) 
D9 2.65(-5%) 5.35(-3%) 6.38(-2%) 92 (OK) 

Intact 2.79 5.53 6.51 

Table 2. Scenario with 2 severed truss members 

Severed 
member 

Frequenc
y [Hz] 

Maximu
m stress 

[MPa] 
Bending 

1st 
Bending 

2nd 
Torsional 

1st 
V12+V11 2.78(-0%) 5.52(-0%) 6.21(-5%) 79 (OK) 
V11+V9 2.77(-1%) 5.38(-3%) 6.32(-3%) 76 (OK) 
V9+V7 2.78(-0%) 5.38(-3%) 6.36(-2%) 82 (OK) 
Intact 2.79 5.53 6.51 

(a) perspective view

(b) elevation view

(c) top plan view 

(d) sectional view

 

(e) boundary condition

roller pin pin roller 

First bending mode: 2.79 Hz 

Second bending mode: 5.53 Hz 

First torsional mode: 6.51 Hz 

V6 V7 V8 V9 V10 V11 V12 
D6 D7 D8 D9 D10 D11 
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Figure 6. DMG_V11 (1 truss member was severed): 
mode shapes and stress distribution. 

Figure 7.  DMG_V9 (1 truss member was severed): 
mode shapes and stress distribution. 

Figure 8. DMG_D9 (1 truss member was severed): 
mode shapes and stress distribution. 

Figure 9. DMG_V12+V11(2 truss members were 
severed): mode shapes and stress distribution. 
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Figure 10. DMG_V11+V9 (2 truss members were 
severed): mode shapes and stress distribution. 

modes for intact and damage conditions, it is easy 
to identify obvious changes in mode shapes caused 
by the artificial damage. When compared with the 
analytical frequencies and stress responses 
exhibited in Tables, the effects of damage on the 
identified modal parameters and stress responses 
were clear. 

When each vertical truss member (V11 and V9) was 
severed respectively, and two of them were 
severed, the results are indicated in the red square 
brackets in Tables. In the bending and torsional 
modes, when the damaged scenario of cutting off 
two members was compared to the intact scenario, 
the frequency was reduced by up to 3%. The 
maximum principal stress was about 76Mpa, which 
was a state that about 40% of the stress may occur 
comparing to yielding stress of steel material of 
about 200Mpa. Concerning safety in this loading 
test, it was decided to plan the damage scenario by 
cutting off two members of V11 and V9. 

As mentioned previously, while the determined 
cut-off pattern of damage scenarios was applied to 
the truss bridge structure, in the field experiment 
following this study, several runs of each test were 
carried out for intact (or reference) and damage 

conditions, respectively, each with several 
responses measured from a set of sensors. The 
damage scenarios of full cut in vertical member of 
V9 and V11, recovery of the cut members and half 
cut in the vertical members were taken into 
consideration. 

4 Concluding Remarks 
This study investigated the bridge responses and 
modal parameters of a steel truss bridge based on 
FE analysis considering vehicle loadings and 
proposed an adjustable damage scenario for a 
loading test on the target bridge. In this study, a 
numerical analysis was conducted for a real 
continuous steel truss bridge with artificial damage 
in order to investigate effect of bridge damage of 
member fracture on bridge responses under 
vehicle loadings. Results show that variation in 
modal frequency, mode shape and stress 
responses due to different damage scenario are 
conspicuous. Effect of cut-off pattern changes of 
damage scenarios are observable by comparing the 
analysis results between intact and damaged 
bridge. Finally, two vertical steel truss members 
were determined to be cut off in the field loading 
test, which provided acceptably accurate 
prediction in practice. 
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Abstract 
It is difficult to understand the mechanical performance of large-span and super-width steel box 
girder during the incremental launching construction, and it varies with the number of temporary 
piers. Combined with the engineering example of Qilu Yellow River Bridge in Jinan, this paper 
conducts research on the layout of temporary piers. Firstly, stress envelope of main girder and 
maximum support reaction forces under different layout schemes are analyzed with the frame 
model. Then, the local plate-shell model is used to obtain stress distribution of main plates and local 
stability of main girder segment under the most unfavorable loading conditions. The results show 
that local mechanical performance of steel box girder plays a crucial role in ensuring its safety during 
the incremental launching construction. Besides, rational spacing between temporary piers is 70m 
for Qilu Yellow River Bridge. 

Keywords: bridge engineering; incremental launching construction; steel box girder; layout of 
temporary piers; finite element analysis. 

1 Introduction 
The incremental launching construction method 
has no influence on the traffic under the bridge and 
does not require large lifting equipment, so it is 
widely used in bridge engineering. Nowadays, 
there has been a relatively complete method of 
force analysis for concrete beam bridges during the 
pushing process[1~4]. 

With the improvement of steel production and 
computer simulation technology, the incremental 
launching method is no longer limited to concrete 
bridges, but widely used in the construction of 
long-span steel bridges, such as Millau Bridge in 
France [5], Chiapas Bridge[6] in Mexico and Jiubao 
Bridge[7] in Hangzhou. In recent years, many 
scholars have carried research on the incremental 
launching construction of steel bridges. Gao Dong[8] 
has analyzed the influence of parameters such as 
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weight ratio, stiffness ratio and span ratio of guide 
girder and main girder on steel box girder. Li 
Xinhua[9] and Li Jianjun[10] have studied the 
influence of key parameters such as the thickness 
of bottom plate, web and diaphragm on local 
mechanical performance of steel box girder. Zhou 
Daxing[11]and Zou Yu[12] have carried research on 
local reinforcement technology of steel box girder. 

Above all, there are few reports about both the 
strength and stability of super wide steel girder 
during the incremental launching construction. 
Qilu Yellow River Bridge is a bottom-through 
network arch bridge with main span of 420m and 
width of 60.7m. Limited by navigation conditions of 
the Yellow River, the main bridge adopts pre-beam 
and post-arch construction scheme, and the main 
girder adopts the incremental launching 
construction method. How to arrange temporary 
piers has a great impact on mechanical 
performance of steel box girder, so this paper takes 
Qilu Yellow River Bridge as the engineering 
background to study the overall and local 
mechanical performance under different spacing of 
temporary piers, and the conclusions can be used 
as references for similar projects. 

2 Engineering overview 
The length of main bridge of Qilu Yellow River 
Bridge in Jinan is 1170m. Network arch bridge is 
adopted to the main bridge, the span layout of 
which is (95+280+420+280+95)m, as Figure 1 
shows. The entire structure is simply supported. 
The research object of this paper is the network 
arch bridge with the span of 420m. 

Figure 1. Span layout of main bridge (m) 

The main girder is a closed steel box girder. The full 
width of standard section is 60.7m, and the height 
is 4m. The main girder is equipped with four webs, 
and a transverse diaphragm is set per 4.5m. As can 
be seen in Figure 2, the transverse diaphragm is 
hollow, and truss structure is adopted to the 
hollow part. The material of main girder is Q345qE. 

(a) 

(b) 

Figure 2. Cross sections of main girder (mm) 

Limited by navigation conditions of the Yellow 
River, main bridge adopts pre-beam and post-arch 
construction scheme, in other words, firstly, steel 
box girder is assembled and pushed section by 
section. After it is placed in position, arch rib 
assembly and suspender installation are carried 
out. In order to reduce overhang length of main 
girder and thus reduce its stress, guide girders and 
temporary piers are required during the 
incremental launching construction. 

3 Layout schemes of temporary piers 
The span of the engineering example is 420m. It is 
more economical to arrange temporary piers with 
equal spacing. Referring to previous construction 
experience, the following three layout schemes of 
temporary piers are proposed. Considering the 
safety and efficiency of the pushing process, the 
guide girder is 0.6 times as long as the maximum 
overhang length. 

(a) Scheme 1
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(b) Scheme 2

(c) Scheme 3

Figure 3. Layout schemes of temporary piers (m) 

4 Calculation and analysis 
 In order to accurately understand the mechanical 
performance of steel box girder during the 
incremental launching construction, it is necessary 
to establish detailed model to analyze its force 
situation under different construction conditions. 
In view of the fact that there are many construction 
conditions, it requires a large amount of calculation 
if simulating the whole structure by plate-shell 
model, so this paper adopts the following method 
to analyze. Firstly, establish a frame model to get 
stress envelope of main girder and maximum 
support reaction forces under different layout 
schemes, and then use the local plate-shell model 
which minutely simulates the inner structure of 
steel box girder segment to obtain local mechanical 
performance under the most unfavorable loading 
conditions. The advantages and disadvantages of 
different layout schemes of temporary piers can be 
comparatively analyzed in this way. 

4.1 Overall mechanical performance 

4.1.1 finite element model 

This paper establishes a frame model by the 
general finite element software ANSYS for stress 
analysis of the whole pushing process. In this model, 
the main girder is simulated by BEAM188 element, 
while the guide girder is simulated by BEAM4 
element. The calculation only considers self-weight 
of steel box girder.  

During the incremental launching construction, the 
position of all the supports remains unchanged, 
while the girder moves forward continuously. 
According to the principle of the relatively of 
motion, it can be regarded that the position of the 
girder remains stationary, while the position of 
supports changes. Therefore, the process of the 
incremental launching construction can be 
simulated by constantly changing the constraints of 
the system. The calculation takes into account the 
pushing process from the beginning to the end, and 
the basic step length of calculation is 10~15m, in 
other words, this paper takes a calculation 
condition for every 10~15m forward pushing. 
When the steel box girder is not well performed, 
basic step length is refined to 1m. The constraints 
under each calculation condition are as follows, 
vertical and transverse constraints are set on the 
top of piers, and only one longitudinal constraint is 
set for the whole bridge. 

In addition, the entire girder is not assembled at 
one time. In order to ensure the quality and linear 
requirements of this project during the pushing 
process, no more than 3 segments should be 
assembled and pushed each time on the assembly 
platform. The EKILL and EALIVE commands of 
ANSYS are used to simulate the construction 
process, that is, to kill the beam elements that have 
not been assembled and activate the beam 
elements that have been assembled under the 
corresponding conditions. 

4.1.2 Numerical results 

During the incremental launching construction, 
stress distribution of main girder is constantly 
changing. Internal force variation of main girder 
can be obtained by finite element calculation, 
furthermore, its stress envelope can be gained. 

Figure 4 shows the girder’s position under the 
maximum positive bending moment condition 
when the spacing between temporary piers is 70m. 
It can be seen that the overhang length of the front 
guide girder is 35m. Compared with other working 
conditions, the maximum negative bending 
moment of the section at the support has little 
effect on unloading the maximum positive bending 
moment of the mid-span section. The maximum 
positive bending moment appears at the section 
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which is 28m away from the end of main girder. The 
longitudinal normal stress distribution of main 
girder segment near this section is shown in Figure 
5. The maximum tensile stress occurs at the lower
edge, which values 55.7MPa.

Figure 4. Girder’s position under the maximum 
positive bending moment condition (m) 

Figure 5. Stress distribution of steel box girder 
segment (MPa) 

Under the longest cantilever construction stage, 
the main girder generates the maximum negative 
bending moment which also occurs at the section 
28m away from the end of main girder. The stress 
variation of this section during the whole pushing 
process is as Figure 6 shows. The stress of this 
section varies periodically. When the distance of 
forward pushing is exactly an integral multiple of 
70m, the maximum compressive stress occurs at 
the lower edge, which values 81.6MPa.  

Figure 6. Stress variation of  the section 28m away 
from the end of main girder (MPa) 

When the spacing between temporary piers is 70m, 
stress envelope of main girder is shown in Figure 7. 
It can be seen from this picture that the 
longitudinal normal stress of main girder is roughly 
identical except the two ends. The maximum 
tensile and compressive stress both occur at the 
lower edge of the section 28m away from the end 
of main girder, which are 55.7MPa and 81.6MPa 
respectively. 

Figure 7. Stress envelope of main girder (MPa) 

The maximum longitudinal normal stress and 
vertical displacement of main girder and support 
reaction forces under different spacing of 
temporary piers are shown in table 1 to table 3. The 
calculation results of the frame model show that 
with the increasing of the spacing of temporary 
piers, the maximum stress and vertical 
displacement of main girder and support reaction 
forces all increase. If only the calculation results of 
the frame model are taken into account, the three 
schemes are all feasible. 

Table 1. Maximum longitudinal normal stress of 
main girder 

Spacing 
[m] 

Tensile stress 
[MPa] 

Compressive stress 
[MPa] 

70 55.7 81.6 
84 80.3 115.0 

105 108.2 190.1 

Table 2. Maximum vertical displacement 

Spacing 
[m] 

Main girder 
[mm] 

Guide girder 
[mm] 

70 105 308 
84 208 627 

105 488 1413 
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Table 3. Maximum support reaction forces 

Spacing 
[m] 

support reaction forces 
[kN] 

70 33059 
84 38224 

105 46931 

4.2 Local mechanical performance 

4.2.1 finite element model 

The longitudinal and transverse length of the local 
model are 27m and 20m respectively, and it 
includes 7 diaphragms. The diagonal braces at 
diaphragms are simulated by BEAM44, while other 
plates are simulated by SHELL93. Figure 8 shows 
the local plate-shell model. 

Figure 8. Local plate-shell model 

Finite element calculation considers the action of 
gravity and support reaction forces. The maximum 
support reaction forces of different schemes are 
respectively calculated by the frame model. In view 
of the fact that there are cushions on the top of 
each temporary pier, the longitudinal and 
transverse length of which are 3.5m and 0.6m 
respectively, the support reaction forces are 
uniformly acted on the bottom plate. All sides of 
the local model are constrained. 

During the incremental launching construction, 
with the position of supports continuously 
changing, the stress state of steel box girder is also 
changing. The most unfavorable cases are as 
follows. Case 1: the supports are directly below the 
diaphragm. Case 2: the supports are between two 
adjacent diaphragms. Figure 9 illustrates the 
position of supports under different cases. 

(a) Case 1

(b) Case 2

Figure 9. Position of cushions (mm) 

4.2.2 Stress distribution of main plates 

Figure 10 shows the structure at the supporting 
area. In order to display the stress performance of 
this part more clearly, observations are made from 
different views. When the spacing between 
temporary piers is 70m and the supports are 
directly below the diaphragm, the stress 
distribution of this part is as Figure 11 shows. The 
diaphragm directly bears the support reaction 
forces, so the maximum Mises stress occurs on the 
diaphragm, which values 261MPa. Compared with 
case 1, the maximum Mises stress occurs on the 
web under case 2, which values 243MPa. 
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Figure 10. Mises stress distribution of the structure 
at the supporting area under case 1 (MPa) 

(a) View 1

(b) View 2

(c) View 3

Figure 11. Mises stress distribution of the structure 
at the supporting area under case 1 (MPa) 

Table 4 shows the maximum Mises stress of main 
plates at the supporting area under different 
schemes. It can be found that the local stress 
distribution is affected by the position of supports. 
The diaphragm is under the most unfavorable 
stress state when the supports are directly below 
the diaphragm. When the supports are between 
two adjacent diaphragms, the stress of web is 
larger. 

Table 4. Maximum Mises stress of main plates 

Spacing 
[m] Case Web

[MPa] 
Diaphragm 

[MPa] 

Bottom 
plate 
[MPa] 

70 
1 203 261 174 
2 243 162 225 

84 
1 279 333 228 
2 311 215 287 

105 
1 315 401 267 
2 383 252 346 

 Compared with the results of the frame model, the 
stress calculated by the local plate-shell model is 
much larger, which is mainly due to uneven stress 
distribution at the supporting area. It can be 
concluded that enough attention should be paid to 
local stress characteristics of steel box girder during 
the incremental launching construction. According 
to the results calculated by the local model, the 
stress of steel box girder under scheme 2 and 3 
exceeds the ultimate strength of material. 
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4.2.3 Local stability 

Under the action of large support reaction forces, 
local buckling is easy to occur in the structure, so it 
is necessary to check its local stability. When the 
spacing of temporary piers is 70m, the local 
buckling coefficients of the structure are 4.19 and 
4.34 for case1 and case 2 respectively. As can be 
seen in Figure 12, the diaphragm tends to swell 
when the support reaction forces are directly acted 
below the diaphragm,while wave-shaped 
deformation tends to occur on the web when the 
support reaction forces are acted between two 
adjacent diaphragms.  It can be concluded that 
position of supports has little effect on local 
buckling coefficient of the structure, but it can 
affect the local buckling mode. 

(a) Case 1

(b) Case 2

Figure 12. Local buckling model 

5 Conclusions 
This paper takes Qilu Yellow River Bridge as 
engineering example, and studies the layout of 
temporary piers during the incremental launching 
construction of the steel box girder with large span 

and super width. The following results are obtained 
by analysis. 

(i) With the increasing of the spacing of temporary 
piers, the maximum stress and displacement of
main girder and support reaction forces all increase.

(ii) Position of supports affects the local stress
distribution. When the support reaction forces are
directly acted below the diaphragm, the diaphragm 
is under the most unfavorable stress state. When
the supports are located between two adjacent
diaphragms, the stress of web is larger.

(iii) Position of supports has little effect on local
buckling coefficient of the structure, but it can
affect the local buckling mode.

(iv) Local mechanical performance of steel box
girder plays a crucial role in ensuring its safety
during the incremental launching construction.

(v) When the spacing between temporary piers is
70m, the local buckling coefficient of the structure
is above 4.19. Rational spacing between temporary
piers is 70m for Qilu Yellow River Bridge.
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Abstract 
In order to ensure the safe implementation of walking-type incremental launching steel box girder. 
Taking a simply supported wide steel box girder bridge as an example, this paper analyzes the local 
stress of the wide steel box girder with four supporting points of walking pusher, and quantitatively 
determines the three single parameter related control thresholds of lateral deflection, longitudinal 
pusher asynchrony and vertical lifting asynchrony that are concerned in the construction. Based on 
the single parameter control research, the two parameters dynamic control threshold range is 
proposed. The calculation results show that two parameters analysis provides a more reliable means 
for walking-type incremental launching construction and is a necessary supplement to the 
conventional single parameter control. 

Keywords: walking-type incremental launching construction; wide steel box girder; local stress; 
multi-parameter control. 

1 Introduction 
In recent years, the walking jacking construction 
method has developed rapidly in China [1]. This 
method has the characteristics of less interference 
under the bridge, safety and economy, and is 
widely used in the construction of bridges spanning 
railways, highways, and rivers [2-4]. In the process 
of pushing the steel box girder on foot, the beam 
body needs to bear the huge support and reaction 
force caused by its own weight. Under the action of 
this force, the web and the bottom plate of the 
beam body are prone to buckling instability. For 
safe implementation, construction control must be 
carried out on multiple parameters in the 
construction process [5-6]. 

At present, the risk control of walking jacking is to 
assess the risk of the main girder through a single 
early warning value of the monitoring data. The risk 

control of steel box girder by parameters lacks the 
relationship between the mechanical deformation 
characteristics of steel box girder, ignores a large 
number of mechanical relationships between 
monitoring data, and has relatively weak ability to 
analyze the local force of steel box girder, so it 
often occurs that the monitoring data fully meet 
the Specification or design requirements, but 
pushes the fact that a risk accident has occurred. 
For example, the vertical jacking of the same pier 
meets the 4 mm control threshold specified in 
"Technical Specifications for Construction of 
Highway Bridges and Culverts"(JTG/T 3650-2020) 
[7], and the lateral offset also meets the design 
requirements, but when the lateral offset and 
vertical jacking do not When the synchronous 
combination is applied to the steel box girder, the 
local stress of the steel box girder may have 
exceeded the limit, which leads to the case of local 
buckling of the steel box girder. 
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In this study, taking a simply supported wide steel 
box girder bridge as an example, the local forces 
during the jacking process of the horizontal four-
point steel box girder were analyzed, and the 
lateral deviation and vertical jacking asynchrony, 
which were more concerned in construction, were 
studied. Based on the single-parameter control 
research, propose a dual-parameter dynamic 
control threshold range, in order to provide a 
reference for similar engineering construction. 

2 Engineering overview and finite 
element model 

2.1 Engineering overview 

A simply-supported split-width steel box girder 
bridge spans the ground section and vehicle depot 
of the subway main line, with a span of 60 m, and 
is connected to the cast-in-place prestressed 
concrete box girder at the transition piers at both 
ends. The steel box girder is constructed by walking 
jacking. The jacking distance is (6.7+39+60) m, the 
length of the front guide beam is 42 m, and the 

length of the rear guide beam is 36 m. The layout 
of the jacking elevation is shown in Figure 1. The 
total width of the bridge deck is 38.5 m, and the left 
and right are symmetrical. The bridge deck is 
equipped with a two-way 2% cross slope. It adopts 
a double box section, each box has 3 box rooms, 
and the main beam height is 2.6 m. According to 
the structural characteristics of the split width of 
the steel box girder, a horizontal four fulcrum 
walking jacking equipment is installed at the 
bottom of the main girder. Each jacking equipment 
adopts a single vertical jack and a vertical jack. The 
diameter is 140 mm. There is no distribution beam 
or pad beam on the walking jacking equipment, 
and steel pads and pads are directly arranged on it. 
The steel pads and pads have the same area. During 
the jacking process, the central axis of the walking 
jacking equipment is aligned with the middle web, 
the vertical jacking step is 0.6 m, and the cross-
section of the steel box girder is shown in Figure 2. 
Let the total width of the bridge be B, and the 
distance from the middle fulcrum to the side 
fulcrum is B1.

Figure 1. Elevation layout of walking-type incremental launching construction(unit:mm) 

Figure 2. Steel box girder cross section (unit:mm) 

2.2 Finite element model 

Aiming at the local force analysis of steel box girder, 
the large-scale general software ABAQUS is 
proposed to establish a "shell-solid-contact" finite 
element model under the 64.5 m jacking condition 
(maximum cantilever condition). This method is a 
refined method commonly used at present. 
Analytical methods [8]. A global model of steel box 
girder is established. The beam section adopts shell 
elements S4R and S3R, and the pad adopts solid 

element C3D8R. The mesh size of the overall model 
of the steel box girder is 0.2 m, and the mesh size 
of the pad model is refined to 0.05 m. The density 
of the steel box girder and the steel pad is 
7850kg/m3, the elastic modulus E is 206 GPa, and 
the Poisson's ratio μ is 0.3; the whole beam is 
divided into 360141 units, as shown in Figure 3. 
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Figure 3. “Shell-solid-contact” finite element model 

The model adopts a Cartesian coordinate system, 
the X axis is the horizontal bridge direction, the Y 
axis is the vertical bridge direction, and the Z axis is 
the longitudinal bridge direction. The translation in 
the Z direction, the rotation in the Y and Z 
directions; the steel box girder and the cushion 
block are constrained by "hard contact", and the 
bottom surface of the steel box girder with higher 
stiffness is used as the main surface, and the 
cushion block with relatively small stiffness is used 
as the main surface. From the surface; the bottom 
surface of the pad is restrained by consolidation. 
The main components of the steel box girder are 
made of Q345D steel, and the allowable stress 
value is 210 MPa. Considering that the structural 
check calculation during the construction process 
can be increased by 1.3 timesn [8], the allowable 
stress value of the construction is taken as 273 MPa. 

3 Study on Single Parameter Control 
of Local Stress 

3.1 Influence of lateral offset on local 
stress 

During the jacking construction, due to the change 
of the frictional resistance of the longitudinal jacks, 
the output of the longitudinal jacks is uneven and 
unsynchronized, and the main beam is prone to 
lateral deviation [9]. If the lateral deviation is too 
large, it will lead to uneven stress on each lateral 
fulcrum of the main beam, resulting in local stress 
concentration [10-11]. Therefore, it is very 
important to analyze the influence of lateral 
deviation on the local stress of steel box girder and 
a reasonable deviation correction control 
threshold. 

The simulation is carried out by "moving the pier 
without moving the beam", which is realized by 

adjusting the relative movement of the jacking 
equipment and the main beam. The local stress 
conditions of the steel box girder when the lateral 
offset is 10, 20, 30, 40, 50, 60, 70, 80 and 106.5 mm 
(the side of the pad is offset to the U-rib) are 
analyzed respectively. The maximum equivalent 
stress is shown in Figure 4. 

Figure 4. The maximum equivalent stress value of 
the main components 

It can be seen from Fig. 4 that with the increase of 
lateral deflection, the maximum equivalent stress 
of web and bottom plate U-ribs increases 
significantly, and the maximum equivalent stress of 
runway stiffener decreases gradually. The 
maximum equivalent stress far away from the 
supporting area has no significant change. 

3.2 Influence of vertical asynchrony on 
local stress 

For wide steel box girder, it is usually necessary to 
arrange multiple vertical jacks in the horizontal 
direction of the same bridge pier. During the 
jacking process, multiple vertical jacks will be 
affected by the vertical stiffness of the main girder 
and the different probability of each vertical jack 
working normally. Affected, there is a 
phenomenon that the vertical jacking is not 
synchronized. Therefore, reasonable control of the 
vertical jacking displacement of each fulcrum of the 
same pier has become one of the key technologies 
in walking jacking construction. 

Adjust the vertical displacement of the pad block in 
the Y direction to simulate the asynchronous 
vertical jacking, and study the local stress condition 
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of the steel box girder in the support area of the 
M09 pier under the maximum cantilever condition. 
Analyze #1 walking-type jack, #2 walking-type jack, 
#2#3 walking-type jack (the height of #2 and #3 
walking-type jack is the same), #1#4 walking-type 
jack (#1 and #4 walking-type jack height are the 
same) relative to other walking tops The influence 
of different vertical jacking displacement on the 
local stress of steel box girder, the calculation 
results are shown in Figures 5~8. 

Figure 5. The effect of #1 walking-type vertical 
jacking displacement difference 

Figure 6. The effect of 2 walking-type vertical 
jacking displacement difference 

Figure 7. The  effect of unsynchronized vertical 
jacking displacement of #1#4 walking-type jack 

Figure 8. The  effect of unsynchronized vertical 
jacking displacement of #2#3 walking-type jack 

It can be seen from Figures 5~8 that: 

(1) The maximum equivalent stress of the steel box
girder is most sensitive to the asynchronous
vertical jacking of the #2 walking-type jack and the
rest of the fulcrums. When the vertical jacking
displacement difference reaches 3 mm, the
maximum equivalent stress of the web is 277 MPa,
Exceeds the allowable stress limit of Q345D steel.

(2) The vertical jacking of the side fulcrum (#1 and
#1#4 walking-type jack) and the middle fulcrum is
out of synchronization. When the vertical jacking
displacement difference is 1 mm, the maximum
equivalent stress of the steel box girder has a
certain decreasing trend. , which is due to the
transfer of the maximum equivalent stress of the
steel box girder from the support area of the
middle fulcrum to the side fulcrum.
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(3) Asynchronous vertical jacking has no significant
effect on the steel box girder members far from the 
support area.

4 Study on Two-parameter Control 
of Local Stress 

It is necessary to expand the means of judging the 
risk parameters of the construction of the jacking 
steel box girder. If the local stress characteristics of 
the steel box girder can be affected from the 
perspective, the correlation between multiple 
parameters can be used to judge whether the local 
stress of the steel box girder is not enough. In a safe 
state, it can make up for the risk control factors 
missed by the single-parameter control method. 
Aiming at this problem, the ABAQUS finite element 
software is used to analyze the correlation of two 
parameters (lateral offset and vertical jacking 
asynchronous) that affect the local stress of steel 
box girder, and a two-parameter dynamic control 
threshold is proposed to guide the steel box girder. 
The jacking construction ensures the safety of the 
structure during the entire jacking construction 
process. 

The changes of the local stress of the main girder 
when the lateral deflection and the vertical jacking 
displacement are not synchronously acted on the 
steel box girder are analyzed. The vertical jacking 
displacement is not synchronized, and the most 
unfavorable state of the #2 walking-type jack is 
selected and the other three walking roofs are 
asynchronously studied.Figure 9 shows the effects 
of lateral offset and vertical push displacement 
asynchrony on the local stress of the steel box 
girder. 
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Figure 9. Influence of lateral deflection and 
asynchronous longitudinal thrust on local stress of 

steel box girder 

It can be seen from Figure 9 that: 

(1) The sensitivities of the maximum equivalent
stress of each main component at the support area
of the steel box girder to the lateral deviation and
the asynchrony of the vertical jacking displacement 
are different. Among them, the sensitivity of the
web is the highest, followed by the U-rib of the
bottom plate, and the maximum equivalent stress
of the steel box girder appears at the position of
the web. With the increase of the difference
between the lateral deviation and the vertical
jacking displacement, the maximum equivalent
stress of the U-rib of the web and bottom plate
increases rapidly, and the increase amplitude is
greater than that of the single parameter.

(2) The maximum equivalent stress of the bottom
plate is not sensitive to the lateral deviation, and
the maximum equivalent stress of the chute
stiffening is more sensitive to the asynchronous
vertical jacking displacement than the lateral
deviation. With the increase of lateral deflection,
the maximum equivalent stress of chute stiffening
shows a decreasing trend. This is because the pad
gradually deviates from the slideway for stiffening,
and the ratio of the vertical load of the main beam
under the slideway's stiffening decreases.

(3) The combined action of the two parameters
aggravates the stress concentration of the plate,
which is more unfavorable to the local stress of the
steel box girder. For example, when the lateral

deviation reaches 50 mm and the vertical jacking 
displacement difference reaches 2 mm, only the 
single-parameter analysis is considered to meet the 
control requirements, but in the dual-parameter 
analysis, the maximum equivalent stress of the 
steel box girder at this time reaches 279 MPa, 
which has exceeded the allowable stress limit of 
Q345D steel. Therefore, the single-parameter risk 
control method has certain risks in the construction 
control of steel box girder jacking. 

The maximum stress of the main girder under 
various lateral offset and vertical jacking 
asynchronous conditions is selected for fitting, and 
the fitting result of the maximum equivalent stress 
of the steel box girder is shown in Figure 10. The 
two-parameter dynamic control safety threshold 
range is shown in Figure 11.

Figure 10. Fitting results of maximum equivalent 
stress of steel box girder 

Figure 11. Two-parameter dynamic control safety 
threshold range diagram 
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It can be seen from Figure 10 that the results of the 
maximum equivalent stress of the steel box girder 
are fitted with nonlinear surfaces, the horizontal 
deflection sequence is x, the vertical jacking 
displacement difference sequence is y, and the 
mathematical correlation model is Z=Z0+ax+ by, 
the relevant parameters for fitting and solving are: 
Z0=198.22, a=0.55, b=27.51,
Z=198.22+0.55x+27.51y. The goodness of fit 
R2=0.995, the goodness of fit is very close to 1, and 
the model is valid. During the jacking construction, 
when Z≥273 MPa, the steel box girder is in a 
dangerous state, and when Z<273 MPa, the steel 
box girder is in a safe state. It can be seen from 
Figure 11 that when x+50.02y<135.96, the local 
stress of the steel box girder is in a safe state. 

5 Conclusion 
(1) The lateral deviation has a certain influence on
the local stress of the steel box girder, and the
lateral deviation will cause the eccentric
compression of the main beam. However, the
specification does not require the control
threshold of axis deviation in steel box girder
launching construction. Considering the local stress 
limit of the main components of the main beam
and the optimization of the construction period,
this value can be set as B/500, where B is the total
width of the bridge.

(2) The unsynchronized vertical jacking
displacement and vertical jacking force have a
great influence on the stress of the main
components of the steel box girder at the support
area. When the cushion block elevation of the side
fulcrum is 1mm higher than that of the middle
fulcrum, the maximum equivalent stress value of
each plate at the supporting area of the steel box
girder is the smallest. The single parameter control
threshold of vertical jacking displacement should
be set as B1/2200, where B1 is the distance from
the middle fulcrum to the side fulcrum.

(3) Through the correlation analysis of the two
parameters, the relationship between the two
parameters is obtained from the local stress of the
steel box girder. Based on the original single
parameter control, a two parameter dynamic
control method is proposed, and the relevant
control threshold range is given. The two

parameter analysis provides a more reliable means 
for the walking jacking construction and is a 
necessary supplement to the conventional single 
parameter control. 

(4) During the jacking construction, if the two-
parameter dynamic control has not been studied,
the principle of strict control shall be adopted
based on safety considerations. It can be
considered to control the two-parameter tolerance
dynamic control according to 1/2 of the single-
parameter control threshold. As shown in Table 1:

Table 1. Pushing construction control threshold 

Item Control Threshold 

Lateral Offset B/1000 B:Overall ridge 
Width 

Vertical 
jacking 

displacement 
B1/4400 

B1:The distance 
from the middle 
fulcrum of the 
walking top to the 
side fulcrum 
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Abstract 
Bolted connection is one of the well-used techniques to connect structural members of steel bridges. 
Not only load capacity but also energy absorption are important characteristics of the structure to 
resist seismic action. In a finite element analysis, a true stress-true strain material model is needed 
to obtain an accurate evaluation in case the structure is exposed to excessive forces and deformed 
largely, although the true stress-true strain model is almost the same as to nominal stress-strain 
model in the small strain part. This study proposes a simple true stress-true strain model. And, the 
validity of the model was confirmed by the compare the finite element analysis and steel material 
tensile test or tensile experiment of bolted connection. Some true stress-true strain models were 
investigated and discussed from the viewpoint of load capacity and energy absorption. 

Keywords: true stress-true strain model; steel plate; bolted connection; ultimate behaviour; energy 
absorption. 

1 Introduction 
Bolted connection is one of the major on-site 
connection techniques for steel structures in Japan. 
The design method of highway bridges was 
recently changed from the allowable stress design 
method [1] to the limit state design method [2]. 
Previously, a bolted connection is verified the slip 
resistance and the yield resistance before the slip. 
Additionally, the bolted connection was verified 
the yield resistance of plates in post-slip behaviour 
and the ultimate resistance of bolt shank shear. 
Thus, it is important not only to yield behaviour but 
also ultimate behaviour.  

By the way, a true stress-true strain material model 
is needed in finite element analysis to obtain the 
accurate behaviour of steel structures including 
large plastic deformation. We can obtain a stress-
strain relationship by the material tensile test of 

the steel plate. The stress-strain relationship 
obtained is a nominal one. However, the true 
stress-true strain is needed for the evaluation by 
finite element analysis. The difference between 
nominal and true stress-strain relationship before 
reach to tensile strength is small and is increased 
after the tensile strength because the partial 
deformation of the test specimen called necking 
occurred after tensile strength. The authors had 
proposed a simple true stress-true strain model [3, 
4]. That was a tri-linear model and determined by 
the data in the inspection certificate of the steel 
plate and other values which was complemented 
by the relational expressions between material 
properties. 

For seismic resistance, the important structural 
characteristics are not only the load capacity but 
also energy absorption. The validity of the 
proposed stress-strain model was checked from 
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only the load capacity aspect in past research [3, 4]. 
The model was not checked from viewpoint of 
energy absorption including plastic deformation. In 
this study, some stress-strain models were 
investigated by finite element analysis and 
discussed from the viewpoint of load capacity and 
energy absorption. 

2 Simple true stress-true strain 
model 

The simple true stress-true strain model was 
proposed in previous studies [3, 4]. Figure 1 is the 
schematic diagram of the models. The models are 
tri-linear type and consist of four points as shown 
in Table 1. For easy modelling, the stresses of the 
yield point and tensile strength are obtained from 
the inspection certificate of the steel plate, 
because the inspection certificate is usually dealt 
with the actual steel plate and it can be obtained 
easily. Other needed values are complemented by 
relational expressions between material properties 
as shown in Eqns. (1-4) [3, 4]. 

𝑢𝑢𝑢𝑢𝑢𝑢 = −0.3980𝑌𝑌𝑌𝑌 + 44.301, (1) 
𝜎𝜎𝐹𝐹 = 0.5369𝜎𝜎𝑇𝑇 + 62.193, (2) 
𝑢𝑢𝑢𝑢 = −0.0333𝜎𝜎𝑌𝑌 + 51.463, (3) 
𝜑𝜑 = −0.0071𝜎𝜎𝑇𝑇 + 71.569, (4) 

where uEL is uniform elongation (%), equals the 
strain at the tensile strength; YR is yield ratio (%), 
equals σY/σT; σY is yield point (N/mm2); σT is tensile 
strength (N/mm2); σF is fracture stress (N/mm2); EL 
is elongation (%), equals the strain at fracture; φ is 
reduction area (%). 

True stress s and true strain e until tensile strength 
is converted from nominal stress σ and nominal 
strain ε by Eqns. (5, 6), respectively. After tensile 
strength, a true stress-true strain model is 
necessary to accord to the stress and the strain in 
the necked region, because partial and un-
uniformed deformation occurs. The conversion is 
conducted by Eqns. (7, 8), considering 
incompressibility of plastic deformation A0L0 = AL.  
The cross-sectional area at fracture AF is obtained 
from the reduction area φ defined in Eqn. (9). 

𝑠𝑠 = 𝜎𝜎(𝜀𝜀 + 1), (5) 
𝑒𝑒 = ln(𝜀𝜀 + 1), (6) 
𝑠𝑠 = 𝜎𝜎(𝐴𝐴0/𝐴𝐴), (7) 
𝑒𝑒 = ln(𝐴𝐴0/𝐴𝐴), (8) 

𝜑𝜑 =
𝐴𝐴0 − 𝐴𝐴F
𝐴𝐴0

, (9) 

where A is cross-sectional area (mm2); A0 is initial 
cross-sectional area (mm2); L is gauge length (mm); 
L0 is initial gauge length (mm). 

Figure 1. Schematic of stress-strain models 

Table 1. Values of stress-strain models 

Nominal True 
Stress Strain Stress Strain 

Origin point 0 0 0 0 
Yield point (YP) σY εY sY eY 

Tensile strength (TS) σT εT sT eT 
Fracture point (FP) σF εF sF eF 

3 Stress-strain model for material 
tensile test 

3.1 Stress-strain model 

The stress-strain models were made by referencing 
the values defined in the specifications. The steel 
grade was assumed SM490Y [5], which is structural 
steel and well used for steel bridges. According to 
a statistical investigation [6] of the material 
properties of structural steel, the yield point and 
tensile strength are 1,2187 and 1,1153 times larger 
than those values defined in the specification. To 
simulate an actual steel plate, the stress-strain 
model was based on the yield stress of 433 N/mm2 
and the tensile strength of 546 N/mm2 instead of 
355 N/mm2 and 490 N/mm2 defined in the 
specification [5]. Other values were complemented 
by Eqns. (1-4), and the nominal stress-nominal 
strain model was converted into true strass-true 
strain by Eqns. (5-9). The stress-strain model is 
shown in Figure 2 and the values are summarized 
in Table 2. 

Each model investigated in this study is also written 
in Figure 2. Case-3 is a tri-linear type model and 

σ, s

ε, e

YP
TS FP

FPNominal

True
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equals the above model. Case-2 disregards the 
third slope of the model. And, case-1 disregards the 
second and third slope of the model. Young’s 
modulus of 200 000 N/mm2 and Poisson’s ratio of 
0,3 was used in this analysis. 

Figure 2. Stress-strain models 

Table 2. Values of stress-strain models 

Model Nominal True − − 
Case − Case-3 Case-2 Case-1 

σ ε s e s e s e 
YP 433 0,002 434 0,002 434 0,002 434 0,002 
TS 546 0,128 616 0,120 616 0,120 − − 
FP 356 0,371 1101 1,130 − − − − 

The unit of stress σ and s is N/mm2. 

3.2 Method 

FEM analysis was conducted by Abaqus standard 
6,14. Geometric non-linearity was also considered. 
The analysis target was the JIS no. 4 specimen [7] 
of the material tensile test. Figure 3 shows a 
specimen after the material tensile test as an 
example. The specimen has a circular cross-section 
with a diameter of 14 mm and a gauge length of 50 
mm.  

Figure 4 shows the outline of the FEM model. The 
shape of the model was the parallel region in the 
specimen. Considering the symmetry in three 
directions, one-eighth part of the specimen was 
modelled. The model was shaped by an 8-node 
linear reduced integration solid element. Each 
element measures approximately 1,4 mm. 
Symmetry boundary conditions were given on the 
symmetry plane according to the normal direction. 
The tensile force was applied by imposed 
displacement given on the end surface of the 
circular cross-section. To occur necking easily, the 
diameter on the end surface was made a little 
larger than that on the symmetry surface. 

Figure 3. An example of specimen after material 
tensile test. [3, 4] 

Figure 4. Outline of FEM model 

3.3 Results 

Figure 5 shows obtained nominal stress-strain and 
absorbed energy-elongation curves. Obtained 
force-elongation curves are similar to the obtained 
nominal stress-strain curve because the stress and 
the strain are obtained by dividing the force and 
the elongation by the initial cross-sectional area 
and the initial gauge length, respectively. For the 
same reason, the strain energy density, which is the 
same as absolved energy per unit volume, and the 
nominal strain curve is similar to the absorbed 
energy-elongation curve. Figure 6 shows stress 
ratio-strain and absorbed energy ratio-elongation 
curves. The stress ratio is obtained by dividing the 
stress by that of the model. The absorbed energy 
ratio is obtained by dividing the absorbed energy 
by that of the model. 

Although the yield stress or the absorbed energy at 
yield in each case is almost the same, stress and 
absorbed energy after yielding in case-1 or after 
tensile strength in case-1 and case-2 gave smaller 
results than those of models. The stress and the 
absorbed energy of case-1 are quite lower even at 
tensile strength. The differences in the stress and 
absorbed energy to those of the model at tensile 
strength are 53% and 27%, respectively. The stress 
and the absorbed energy of case-2 are also quite 
lower at fracture even those are similar to the 
mode until tensile strength. The differences in the 
stress and absorbed energy to those of the model 
at fracture are 53% and 14% at fracture, 
respectively.  
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A. Nominal stress-strain

B. Absorbed energy-elongation

Figure 5. Obtained stress-strain and absorbed 
energy 

A. Stress ratio-strain

B. Absorbed energy ratio-elongation

Figure 6. Stres  and absorbed energy ratio, the 
model equals 100% 

Case-1 Case-2 Case-3 

A. At the yield point

Case-1 Case-2 Case-3 

B. At the tensile strength

Case-1 Case-2 Case-3 

C. At the fracture point

Figure 7. Von Mises stress distribution 
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Figure 7 shows the von Mises stress distribution of 
each case. As shown in Figure 7.C, necking on the 
symmetry plane is occurred at fracture in each case. 
Although the necking usually does not occur until 
tensile strength, the necking in case-1 occurred 
until tensile strength as shown in Figure 7.B. This 
causes the disregard of the second and third slope 
of the stress-strain model. The necking in case-2 
and case-3 occurred after tensile strength. These 
cases gave common necking behaviour. 

3.4 Discussion 

Even though all models are suitable for the 
evaluation until the yield point, case-2 and case-3 
models are suitable for the evaluation until tensile 
strength because disregarding the third slope of 
the stress-strain model gives lower stress and 
absorbed energy after tensile strength. In case-1, 
necking occurred even at the tensile strength, 
when the necking usually does not occur. So, the 
case-1 model might give a different ultimate mode 
from actual behaviour. Although the case-2 model 
gives lower stress which means the model gives 
safety side evaluation, contrarily the case-3 model 
gives approximately 10% higher stress and 5% 
higher absorbed energy between tensile strength 
and fracture, the case-3 model gives the most 
similar behaviour to the assumed model. From the 
above investigation, the stress-strain model of 
case-3 is most suitable to predict the behaviour 
until fracture. 

4 Stress-strain model for tensile 
behaviour of bolted connection 

4.1 Tensile failure model of bolted 
connection 

Generally, typical failure modes of bolted 
connections are classified into three types as 
shown in Figure 8. Those are the tensile failure at a 
net cross-section of connected plate or splice plate 
where bolt holes are placed, the shear failure at the 
end side and bolt pitch of connected or splice plate, 
and shear failure at bolt shank. Kamei et al. [8] 
investigated the failure resistances of actual 
designed bolted connections. According to the 
investigation, the ratio of shear failure resistance of 
the end side or bolt pitch over the tensile resistance 

of the net cross-section is 1,2 or more, and the 
average is 1,8. And, the ratio of shear failure 
resistance of bolt shank over the tensile resistance 
of net cross-section is 1,2 or more, and the average 
is 1,6. From these results, we can understand that 
the possibility of occurrence of tensile failure of the 
net cross-section is higher than other failure modes. 
Therefore, stress-strain models were checked to 
whether obtained behaviour was similar to the 
actual tensile behaviour of bolted connection in 
tensile failure mode in net cross-section. 

Figure 8. Typical failure modes of bolted 
connection 

4.2 Tensile experiment of bolted 
connection 

The stress-strain model was checked by comparing 
the tensile behaviour of a past experiment with 
that of the reproductive FEM analysis of the past 
experiment. The result of the experiment is 
reported in Reference [9]. The shape of the 
specimen on the measured side is shown in Figure 
9 and modelled numerically described later. The 
steel grade and size of the bolts are F10T [10] and 
M16 [10], respectively. The steel grade of the 
connected plate and splice plate is SS400 [11].  

The tensile load applied to the specimen was 
gradually increased until the failure occurred. The 
specimen is broken by tensile failure at a net cross-
sectional area drilled bolt hole. The slip load of 
293,3 kN and the ultimate load of 412 kN is 
obtained. The load-elongation curve is shown in a 
later section of the result of the FEM analysis. 

Figure 9. Shape of specimen of bolted connection, 
redrawn from Reference [9] 

Connected plate Splice plate High strength bolt

Net cross-section
tensile failure

Bolt shank 
shear failure

End and pitch 
shear failure

Tensile load Tensile load
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4.3 Method of FEM analysis 

FEM analysis considering non-linearity was 
conducted. FEM program was Abaqus standard 
6,13. FEM model was created only one-eighth part 
of the measured side of the specimen. Figure 10 
shows the outline of the FEM model. The bolted 
connection was shaped by an 8-node linear 
reduced integration solid element. Each element 
measures approximately 3 mm. 

Figure 11 shows the stress-strain models. The 
values are summarized in Table 3. The nominal 
yield point and tensile strength were obtained from 
Reference [9] and other values including true stress 
and true strain values were obtained by Eqns. (1-9). 
Two stress-strain models were investigated. Case-
A is a tri-linear type model. Case-B is a little simple 
model, that is, disregarded the third slope of the 
stress-strain model. Young’s modulus of SM490Y 
and F10T is 210 000 and 208 000 N/mm2 [9], 
respectively. Poisson’s ratio of SM490Y and F10T 
are 0,289 and 0,280 [9]. 

At the first of the calculation, the bolt preload of 
each bolt was installed by the bolt load function of 
Abaqus. After installation of the bolt preload, as 
shown in Figure 10, the tensile load is applied by 
the imposed displacement given on the end surface 
of the connected plate. The frictional coefficient is 
0,513 to obtain the experimental slip load of 293,3 
kN. The contact between members was modelled 
by the penalty method and friction was modelled 
by the Coulomb friction. 

Figure 10. Outline of FEM model 

Figure 11. Stress-strain models 

Table 3. Values of stress-strain models 

Model Nominal True 
Case − Case-A Case-B 

σ ε s e s e 
SS400 YP 304 0,0014 304 0,0014 304 0,0014 

TS 449 0,1724 526 0,1590 526 0,1590 
FP 303 0,4430 959 1,1514 − − 

F10T YP 1046 0,0050 1051 0,0050 1051 0,0050 
TS 1114 0,0689 1191 0,0666 1191 0,0666 
FP 660 0,1810 1959 1,0877 − − 

Unit of stress σ, s: N/mm2 

4.4 Result 

Figure 12 shows the von Mises stress distribution 
at peak load. In both cases, the net cross-sectional 
tensile failure mode occurred. The stress at the net 
cross-section is not uniform, because the stress 
near bolt holes is elevated by stress concentration. 
The higher stress area was spread like a triangle 
shape. The further the position is from the bolt hole, 
the lower the stress becomes. 

A. Case-A

B. Case-B

Figure 12. Mises stress distribution at ultimate 
maximum load 

Figure 13 shows obtained load-elongation and 
absorbed energy-elongation curves. The 
experimental result was obtained visually from 
Reference [9] by a graphical digitizer software. The 
absorbed energy was obtained by the numerical 
integration of the load-elongation curve. And, 
Figure 14 shows the ratio of load-elongation and 
the ratio of absorbed energy-elongation curves.  
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A. Load-elongation

B. Absorbed energy-elongation

Figure 13. Load and absorbed energy behaviour 

A. Load ratio-elongation

B. Absorbed energy ratio-elongation

Figure 14. Load and absorbed energy ratio, the 
experiment equals 100% 

Table 4. Result of analysis and experiment 

ε PSL 
[kN] 

Ppeak 

[kN] 
Epeak 

[kNm] 
δpeak

[mm] 
Exp-peak 

Experiment 293,3 412,6 7,11 19,7 
Case-A 301,5 411,7 7,08 19,7 
Case-B 301,5 403,1 7,07 19,7 

FEM-peak 
Experiment − − − − 

Case-A − 429,9 10,16 27,0 
Case-B − 403,3 6,97 19,5 

The ratio is obtained by dividing the load and the 
absorbed energy of FEM by those of the 
experiment. Table 4 summarises the results of the 
FEM analysis and the experiment. 

Slip loads of both cases are similar to that of the 
experiment because the frictional coefficient was 
adjusted to obtain the experimental slip load. Load-
elongation curves of both cases are similar to that 
of the experiment until the load peak. Case-A gives 
4% higher peak load and 37% larger elongation at 
load peak than those of the experiment. Case-B 
gives 2% lower peak load and 1% smaller 
elongation at load peak than those of the 
experiment. Absorbed energy at peak load of case-
A and case-B is 43% higher and 2% lower than that 
of the experiment. 

4.5 Discussion 

As shown in Figure 13.A, the load-elongation curve 
of case-B is similar to that of the experiment. Even 
the load-elongation curves of case-A until the load 
peak of the analysis was similar to that of the 
experiment, the absorbed energy was given larger 
than that of the experiment because the 
appearance of the load peak of case-A was delayed. 
The tri-linear true stress-true strain model 
disregarded the third slope as case-B was fit to 
actual behaviour from the side of the fitness of load 
and absorbed energy. This result is different from 
that of the analysis of the material tensile test. As 
shown in Figure 6.A, the stress-strain model with 
the third slope shown as case-3 gave a little higher 
stress after tensile strength. It is supposed that the 
behaviour and the stress concentration and 
ununiformed stress heightened around the bolt 
hole as shown in Figure 12 prevented the 
appearance of the load peak and delayed that. For 
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this reason, case-A might give absorbed energy 
higher than that of the experiment. 

5 Conclusion 
In this study, simple tri-linear true stress-true strain 
models adapted to the evaluation of the behaviour 
of material tensile test and the ultimate behaviour 
of bolted connection were investigated by finite 
element analysis in the viewpoint of load capacity 
and energy absorption. For the behaviour of the 
material tensile test, although the stress and 
absorbed energy were given a little higher, the 
stress-strain model with the third slope was 
suitable to predict the behaviour until fracture. For 
the tensile ultimate behaviour of the bolted 
connection, the behaviour obtained by the model 
disregarded the third slope was fit to the 
experimental behaviour. The results were different 
former one. The difference was caused by the delay 
in the appearance of the load peak of the bolted 
connection. It was supposed that the delay caused 
by the model with the third slope gives a little 
higher stress or the stress concentration and the 
ununiformed stress heightened around the bolt 
hole. This conclusion is based on the results of a 
limited number of cases. The conclusion needs to 
be confirmed in other cases and conditions. 
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Abstract 
Accurate FE models play an important role in structure health monitoring (SHM). In the traditional 
static finite element model updating (FEMU) process, loading tests interrupting the traffic are 
required for obtaining static data, which is inconvenient. This paper proposes a novel static FEMU 
method based on computer vision technology and WIM system, avoiding the mentioned defects. 
Firstly, the static response simulation under traffic load is carried out with the computer vision 
determining the load location and the BIW system deciding the load value. Secondly, signal 
processing technology extracts the measured static data from the monitoring data. Thirdly, the PSO 
method is utilized to perform the FEMU. An experiment is designed on a bridge model with an SHM 
system, and results verify the convenience and accuracy of the proposed method 

Keywords: FEMU; computer vision; PSODE; parallel calculation. 

1 Introduction 
Detailed and accurate finite element (FE) models 
are vital for structural health condition assessment 
and damage detection [1]. The initial FE model 
established based on the documents inevitably 
differs from the existing structure due to 
parameter errors, signal processing errors, etc. [2]. 
Finite element model updating (FEMU) aims to 
decrease the variation by adjusting the structural 
parameters such as material elastic modulus and 
density [3]. 

According to the data type used in the FEMU 
process, the FEMU methods are divided into 

dynamic FEMU, static FEMU, and FEMU using 
dynamic and static data. In the existing studies of 
static FEMU methods, the static data are always 
procured from field tests, which interrupt the 
traffic and limit the loading scenarios. Up to now, 
several studies (Xiao et al. [4] and Wang et al. [5]) 
have carried out static FEMUs using the static data, 
including static influence lines, static 
displacements, and stresses. It’s worth mentioning 
that the static data are all generated in the field 
test, interrupting the traffic and needing lots of 
preparations. To simpler the process, we can 
regard each vehicle passing over a bridge during 
the operational phase as a load test and transform 
designing vehicle loads in the field tests into 
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monitoring the vehicle loads in the operational 
phase, the obtaining of static data could be much 
easier. 

Up-to-date vehicle load identification and 
structural health monitoring (SHM) technologies 
make the above idea possible. Recent researches [6, 
7] on vehicle load identification combining
computer vision technology, WIM, and BWIM show 
high accuracy and efficiency in moving load
identification. The FE model can simulate the
theoretical responses with the known vehicle loads.
Meanwhile, with the advanced SHM techniques,
the measured data can be accurately captured
from the existing scenarios. Thus, the connection
between the theoretical and measured static data
is established, and the indices for FEMU are
adequate.

This paper proposes a novel FEMU method based 
on computer vision-based vehicle load 
identification and signal regression techniques, 
using the static structural responses under traffic 
loads as updating indices, significantly solving the 
mentioned defect of static FEMU. 

2 Proposed FEMU method 
The proposed FEMU method consists of four parts: 
static simulation based on vehicle load 
identification, static response decomposition, 
objective function establishing, and optimization. 
These parts will be expressed in the following 
paragraphs, respectively. 

2.1 Static simulation based on vehicle load 
identification 

In the proposed FEMU method, the static structural 
responses under traffic load are integral to the 
updated metrics. This section presents the process 
of calculating the vehicle-induced static response 
based on techniques including computer vision, 
WIM, and FE simulation. We argue that this 
approach can accurately model the static response 
of the structure during the operational phase. 
Computer vision-based vehicle load identification 
and finite element simulation are the two 
components of the method, which are presented 
separately in this part. 

The vehicle load identification technology captures 
the bridge deck's loading locations and vehicle 
weights. Our research group proposed a vehicle 
load identification method for practical 
applications. The result of the vehicle tracking 
based on this method is shown in Figure 1 [8]. The 
machine learning model of vehicles in the specific 
scene is firstly trained. After the vehicle enters the 
bridge, the trained model tracks the lower 
midpoint of the vehicle's back in the monitoring 
video. The vehicle load position is deduced using 
the track and vehicle geometric information. 
Balances weigh the axle weight in the experiment 
as a substitute for the WIM system. This approach 
is highly efficient and convenient to conduct. 

Figure 1. Vehicle location tracking 

After the vehicle load information, including load 
locations and load magnitudes, is identified. The FE 
model uses the vehicle load information as inputs 
to simulate the static structural responses under 
traffic loads. Then the theoretical static responses 
are used as the updating indices. 

2.2 Static response decomposition 

Vehicle load is considered as the main load 
subjected to the bridge in this study. Then, with 
signal processing techniques, the monitored raw 
signals can be decomposed into various 
components, including environmental, vehicle-
induced dynamic, and vehicle-induced static 
responses. The LOWESS method is used in this 
paper to extract the vehicle-induced static 
response from the raw signal [9]. The extraction of 
static responses is shown in Figure 2. 

2.3 Objective function 

The static deflections are used as the updating 
indices. The objective function (also refers to static 
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difference index) describes the difference between 
the theoretical and measured responses from two 
aspects, including curve shape difference (CSD) and 
extreme value difference (EVD). The objective 
function is shown as Eq. (1). 

𝐹𝐹(𝜽𝜽) =
1
𝑛𝑛��𝛽𝛽1𝐷𝐷𝑆𝑆𝐷𝐷𝑖𝑖(𝜽𝜽) +

𝛽𝛽2
𝑚𝑚𝑖𝑖

�𝐸𝐸𝑉𝑉𝐷𝐷𝑖𝑖𝑖𝑖(𝜽𝜽)
𝑚𝑚𝑖𝑖

𝑖𝑖=1

�
𝑛𝑛

𝑖𝑖=1
(1) 

Figure 2. Static responses extraction 

In Eq. (1), 𝐹𝐹(𝜽𝜽) is the objective function, and 𝜽𝜽 is 
the vector of the updating parameters. 𝛽𝛽1 and 𝛽𝛽2 
are the weighting factors of 𝐷𝐷𝐷𝐷𝑆𝑆  and 𝐷𝐷𝐸𝐸𝐷𝐷 , 
respectively. 𝑖𝑖  is the serial number of the static 
response, and 𝑗𝑗  is the location number of the 
extreme point in the 𝑖𝑖𝑡𝑡ℎ  curve. 𝑚𝑚𝑖𝑖  stands for the 
total number of the extreme value points in the 𝑖𝑖𝑡𝑡ℎ 
curve, and 𝑛𝑛  stands for the total number of the 
static responses. 

The establishments of 𝐷𝐷𝐷𝐷𝑆𝑆 and 𝐷𝐷𝐸𝐸𝐷𝐷 are shown as 
Eq. (2) and Eq. (3), respectively. 𝑌𝑌 stands for static 
deflection. The subscript 𝑀𝑀  stands for the 
measured data, and 𝑇𝑇  stands for the theoretical 
data. The subscript 𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑗𝑗 in Eq. (3) stands for the 
𝑗𝑗𝑡𝑡ℎ extreme value point of the 𝑖𝑖𝑡𝑡ℎ measured curve. 

𝐷𝐷𝑆𝑆𝐷𝐷𝑖𝑖(𝜽𝜽) = 1 −
({𝑌𝑌𝑀𝑀𝑖𝑖}T{𝑌𝑌𝑇𝑇𝑖𝑖(𝜽𝜽)})2

({𝑌𝑌𝑀𝑀𝑖𝑖}T{𝑌𝑌𝑀𝑀𝑖𝑖}) ∙ ({𝑌𝑌𝑇𝑇𝑖𝑖(𝜽𝜽)}T{𝑌𝑌𝑇𝑇𝑖𝑖(𝜽𝜽)}) (2) 

𝐸𝐸𝑉𝑉𝐷𝐷𝑖𝑖𝑖𝑖 = 𝐴𝐴𝐴𝐴𝑆𝑆 �1 −
𝑌𝑌𝑇𝑇𝑖𝑖,𝑒𝑒𝑒𝑒𝑡𝑡𝑒𝑒𝑖𝑖

𝑌𝑌𝑀𝑀𝑖𝑖,𝑒𝑒𝑒𝑒𝑡𝑡𝑒𝑒𝑖𝑖(𝜽𝜽)� (3) 

The smaller the objective function is, the closer the 
theoretical static responses are with the measured 

static response. The Particle Swarm Optimization 
method is used to find the optimal FE model. 

3 Experiment setup 

3.1 Experimental bridge model 

The proposed method is validated on a box girder 
model bridge. The diagram and dimensions of the 
bridge are shown in Figure 3. The model bridge is a 
scaled model of an elevated bridge located at 
Shanghai Urban Expressway. The scale ratio is 1/20. 
The section of the superstructure of the bridge 
model adopts the single box double chamber 
section. The material of the main beam is 
polymethyl methacrylate (PMMA), and the plates 
are spliced together by chemical glue.  

3.2 Sensors arrangement 

Three types of sensors are utilized in the 
experiment, namely camera, balance, and laser 
displacement meter. The camera is placed at the 
bridge entrance to capture the vehicles on the 
bridge deck. The balance weighs the axel weight of 
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the vehicle models. The signal of DIS1, DIS2, and 
DIS3 is utilized to update the model. The signal of 
DIS4 is used to validate the updated FE model. The 
camera and displacement meters are strictly time-
synchronized in the experiment. 

3.3 Site Situation and experimental 
scenarios 

Figure 4 exhibits the site situation of the 
experiment. 

Figure 3. Configuration and sensors arrangement of the bridge model（unit: cm） 

Figure 4. Site situation 

Two three-axle remote-controlled trucks 
illustrated in Figure 5 are utilized as the vehicle 
models in the experiment. The weights of the two 
vehicles are 6452.3g (1823.5g+2112.5g+2516.3g) 
and 7181.7g (1972.7g+2404.3g+2804.7g), 
respectively, weighed by the balances. 

Figure 5. Model truck 

Four experimental scenarios are designed in the 
experiment. The arrangements are exhibited in 
Table 1. The driving condition in scenario I is most 
common. Therefore, the data in scenario I is used 
to update the FE model. The data of the other three 
scenarios are utilized to validate the updated 
model. 

In the field monitoring situation, the health 
monitoring system records data over a long period, 
and the data for updating are entirely sufficient. 
Therefore, practitioners could select the data for 
the updating reasonably according to the actual 
situation in the operation phase. 

Table 1. Experimental scenario arrangements 

Experimental 
scenario No. 

Vehicle 
number Description 

I 1 Single vehicle 
go straight 

II 1 Single vehicle 
change lane 

III 2 Double vehicles 
go straight 

IV 2 Double vehicles 
change lane 

DIS1

DIS2

DIS3
DIS4

Laser displacement meter

Bridge 
model

Digital 
sampling 

instrumentExperiment 
site

Laser displacement 
meters

Camera
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4 Results of the initial FE model 
The measured and the initial theoretical static 
displacements in scenario I are compared in the 
following paragraphs. Based on the theoretical 
static responses simulation and measured static 
responses introduced in the previous paragraphs, 
the two responses are shown in Figure 6. 

Figure 6. Initial theoretical static responses 
comparison in scenario I 

From the result, the measured and initial 
theoretical static displacements are relatively 
similar in shape. However, due to the stiffness 
variation of the existing structure, the measured 
static deflection is relatively small. The static 
difference indexes of the initial static response are 
shown in Figure 7. 

Figure 7. The static difference index of different FE 
models 

5 Updating results 

5.1 Updating parameter selection 

The elastic modulus, the density of the structure, 
and the rotation stiffness are considered to be 
updated. Based on the engineering experience, the 
bridge model is divided into nine segments for 
updating in terms of the elastic modulus. The 
coordinates of the segmented section are 0, 0.25, 
0.75, 1.25, 1.75, 2.25, 2.75 and 3, respectively. In 
each segment, the elastic modulus of the top plate, 
bottom plate, side web, and middle web is selected 
as the updating parameters, and there are a total 
of thirty-six updating parameters related to the 
elastic modulus. The material density of the whole 
bridge is updated totally. Besides, the rotational 
stiffness along the transverse direction of the 
bearings on each pier is updated. The number of 
updating parameters is forty-one in all. 

5.2 Updating process 

The static displacements at the measurement point 
DIS1, DIS2, and DIS3 in scenario I are utilized to 
establish the objective function. The response of 
DIS4 is used to validate the updated FE model. 

The weighting factors in Eq. (1). are set as 𝛽𝛽1 =
𝛽𝛽2 = 0.5. The population size 𝑀𝑀 is taken as 48, and 
48 static simulations are performed within each 
population. The maximum number of the iterations 
𝑒𝑒𝑚𝑚𝑚𝑚𝑒𝑒  is taken as 300. The updating process using 
parallel PSO is shown in Figure 8. 

Figure 8. The updating process of PSO 
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5.3 Updating results 

5.3.1 Updated responses 

The updated theoretical static displacements in 
scenario I is calculated based on the updated FE 
model and are shown in Figure 9. The static 
difference index is shown in Figure 7. 

Figure 9. Static responses validation of different 
models in scenario I 

From the response image and static error indexes, 
the static responses calculated by the updated FE 
model are much closer to the measured result than 
those of the initial FE model. Besides, the static 
deflection at DIS4 is not used as the updating 
indices. However, the updated deflection at DIS4 
agrees with the measured result, which means the 
updated FE model can simulate the whole-bridge 
static responses. 

5.3.2 Static responses validation 

The theoretical responses calculated by the 
updated FE model in other scenarios are compared 
with the measured responses to verify the accuracy 
of the updated FE model in different driving 
scenarios. Figure 10~Figure 12 shows each 
scenario's static responses before and after 
updating. 

Figure 10. Static responses validation of different 
models in scenario II 

Figure 11. Static responses validation of different 
models in scenario III 

Figure 12. Static responses validation of different 
models in scenario IV 
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In all scenarios, the measured and updated 
displacements are similar in shape at measurement 
points. As for the extreme values, the updated 
responses are closer to the measured responses 
than the initial theoretical responses. Figure 7 
summarizes the static error indexes at each 
measurement point in each experimental scenario. 
The static error indexes of the updated FE model 
reduced by 56.34% on average, significantly 
smaller than the initial FE model. Besides, scenario 
III's theoretical static response variations may 
derive from the vehicle position recognition error 
due to vehicle shading when multiple vehicles are 
in the frame and far away from the camera. 

It is noteworthy that only the data of scenario I is 
utilized as updating indices. The updated FE 
model's static responses in other scenarios are 
much closer to the measured responses than the 
initial model. The result shows that the updated 
model can be applied to static analysis in different 
driving scenarios. 

6 Conclusions 
This study proposes a novel FEMU updating 
method based on computer-vision techniques, 
using the static structural responses as the 
updating indices. This method can avoid traffic 
interruption and limiting loading scenarios, 
significantly solving the defects in the traditional 
static FEMU method. A scale model bridge is used 
to carry out the experimental study, and four 
experimental scenarios are performed on the 
bridge. The static difference indexes of the updated 
FE model decrease by on average. The result 
demonstrates that the updated FE model by the 
proposed method can accurately simulate the 
static responses of the whole bridge under 
different driving conditions. In this way, the 
prospect of static FEMU is greatly expanded. 
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Abstract 
The issue of ship collision with bridge is very important topic in the academic research, however, 
the studies only regard the ship as a particle at present, ignoring the size of the ship, which cause 
the accuracy of the active early warning system cannot meet the requirements of practice. In this 
paper, proposes the algorithm of the risk of ship-bridge collision considering the ship’s dimension, 
including the LOA and BMAX. First, utilizing the mercator projection method to make convertion of 
coordinate system. Secondly, analysing the relationship of geometric position based on the ships, 
bridge piers and channel to constructe the algorithm of the risk ship collision with bridge. Thirdly, 
the active early warning strategy is proposed depending on the value from the descripted algorithm. 
Finally, the reliability of the algorithm is validated by case study. It can improve the accuracy of the 
risk of ship-bridge collision significantly, and conducive to the application of the warning system. 

Keywords: ship collision with bridge; ship’s dimensions; position coordinates; risk degree; channel 
centreline. 

1 Introduction 
With the development of economy and water 
transportation, the accidents of ship-bridge 
collision is increasing[1], which makes the 
navigational environment be complicated sharply, 
and the potential risk of ship collision with bridge is 
concerned widely by the industry. In order to deal 
with the adverse effects of uncertain factors such 
as human factor in the accidents, an active early 
warning system for ship-bridge collision avoidance 
was  born at the right moment. The key to the 
function of the system dependding on the core 
index of the risk of ship collision with bridge which 
touching off the  facilities and equipment for 
warning.The algorithm of the risk of ship-bridge 
collision and the strategy of early warning are the 

core key of the system.It is the critical key that the 
system can be applied to practice really.   

Over the years, domestic and foreign scholars have 
studied the algorithm of ship collision risk from 
different aspects. Through literature research, the 
author found that: (1) The traditional methods for 
anti-collision for bridge only focused on itself, it just 
depend on its’ strong structure to against ship 
collision in order to minimize the loss. For example, 
Keke Peng[2] adopted AASHTO method to calculate 
the ship-bridge collision probability from the 
perspective of bridge; Tao Fu[3] studied ship 
collision with bridge based on structural reliability 
theory; (2) Most of the research adopted subjective 
qualitative analysis method at present, and only a 
few scholars studied it from an objective 
perspective. For example, Yihua Liu[4] designed an 
algorithm to describe the risk of ship-bridge 
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collision from the perspective of the distance and 
relative speed of two ships; Jun Zhong[5] combined 
AHP method and entropy weight method to 
calculate the weight of each index affecting the risk 
of ship collision with bridge; (3) there are two 
situations that considering the ship factors in the 
study of the risk of ship-bridge collision: first, the 
AIS position of the ship is regarded as the ship 
position, regardless of the ship’s length and width. 
Such as Wu Bing[6] and Yihua Liu[7]; Second, the 
Ship’s dimension is blurred. Such as Changhai 
Huang[8], Xiangrui Yang[9], Xue Hui Yang[10], Jie 
Wang[11]. They considered the impact of ship’s 
dimension on the risk of ship-bridge collision, but 
only give it an impact factor, which possess definite 
subjectivity.  

The above research has promoted the 
development of the ship-bridge collision avoidance 
research, and there is a huge progress in the active 
early warning system for ship-bridge collision 
avoidance  research. At present, some early-
generation of the early warning system for ship-
bridge collision avoidancehave appeared, but in 
practical application, missing alarm and false alarm 
often occurs. The reason may be that the algorithm 
is not accurate enough, so that the reliability of the 
early warning system is poor. In this paper, an 
algorithm is designed from the perspective of 
ship’s dimension to calculate the risk of ship 
collision with bridge, improving the accuracy of the 
algorithm in the active early warning system for 
ship-bridge collision avoidance, and promoting the 
application of the early warning system in 
navigation. 

2 Constructing algorithm 
Firstly, the plane rectangular coordinate system is 
established according to the channel structure of 
the bridge, and utilizing the mercator projection 
method  to convert the geographical location of the 
bridge and ship. Then the coordinates of ship's 
projection point E on the bridge axis along the 
channel direction is designed based on the 
relationship among ship, bridge and channel 
centerline. Finally, the risk algorithm of ship-bridge 
collision is constructed by using the distance 
between the projection point E and the 

intersection point K of the channel centerline and 
the bridge. 

Based on the high-precision risk of ship-bridge 
collision, proposing the active warning strategy of 
ship-bridge collision avoidance. Through the 
warning strategy, the precision, reliability and 
practicability of the warning system are improved, 
and the common safety of bridge and ship is 
guaranteed. As shown in figure 1, it is the flow chart 
of the risk algorithm of the ship-bridge collision, 
where A is the position of pier close to the ship, EA 
is the distance between points E and A, and EK is 
the distance between points E and K. 

Figure 1 Flow chart of ship bridge collision risk 
algorithm and early warning 

2.1 Establishment of rectangular 
coordinate system 

As shown in figure 2, The channel entrance 
direction is taken as the positive direction of the 
longitudinal axis of the bridge-ship coordinate 
system. Since there are many channel entrance 
directions and there is only one channel centerline 
in the bridge area waterway, the channel 
centerline in the bridge area waterway is taken as 
the longitudinal axis (x-axis). The active early 
warning system’s entrance direction is taken as the 
positive direction of Y axis and its’ outer boundary 
GH in the entrance direction as the horizontal axis 
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(Y-axis). The intersection of the channel centerline 
in the bridge area waterway and the outer 
boundary GH is taken as the origin O (0,0). Point K 
is the intersection of X axis and Bridge AB. 

The division of the active early warning system for 
ship-bridge collision avoidance: point S on X-axis is 
selected to make OK=KS, going through S and 
drawing a line JF parallel to Y-axis. Crossing pier A 
and drawing a straight line perpendicular to Y-axis, 
intersecting JF at point F and intersecting Y-axis at 
point H. Similarly, crossing pier B and drawing a 
straight line perpendicular to Y-axis, intersecting JF 
at point J and intersecting Y-axis at point G. i.e. 
JFHG in FIG. 2 is the active early warning range for 
ship-bridge collision avoidance. 

When the ship sails into the outer boundary GH, 
the active early warning system for ship-bridge 
collision avoidance begins to work. 

Figure 2 Bridge-ship coordinate system 

2.2 Coordinate transformation 

Utilizing mercator projection method, the 
longitude and latitude coordinate points (lat, lon) 
of ships and bridges are transformed into new 
coordinate points (x, y) in the bridge ship 
coordinate system. Since the earth is an ellipsoid, 
the semi-major axis of the ellipsoid is set as a, the 
short half axis of the ellipsoid is set as b, lat0 is the 
longitude of the origin of the bridge-ship 
coordinate system, lon0 is the latitude of the origin 
of the bridge-ship coordinate system, e is the first 
eccentricity of the ellipsoid, e' is the second 
eccentricity of the ellipsoid, and U and q are 

intermediate variables. Therefore, the coordinate 
conversion formula[15] is equation (1-4):

( ) 21 sin
ln tan

4 2 1 sin( )
π

 
   
         

− ⋅
= + ⋅

+ ⋅

e

e latlatq
e lat

   (1) 

      
2

02 2
0

/ *cos( )
1 ' cos ( )

a bU lat
e lat

=
+

 (2) 

X Uq=   (3) 

           0( )Y U lon lon= −   (4) 

2.3 Position coordinate projection position 

As shown in figure 3, L is the ship length, Z is the 
ship width, and the position sensor on the ship is 
point C. The ship's course over ground (COG) is the 
angle θ between due north and the heading 
direction of a ship (i.e. the ship's sailing direction)，
α is the angle between the due north and the X axis 
(θ and α not shown in the figure), β is the angle 
between the heading direction of the ship and the 

X-axis (i.e. -β θ α= ), D1 is the left posterior
position point of the ship (the leftmost point), and
D2 is the right anterior position point of the ship
(the rightmost point).

Figure 3 Projection of the ship on the bridge 

In figure 3γ1 is the parallel line about the ship 
navigation direction passing through point C of the 
position sensor, γ2 is the vertical line about the ship 
navigation direction passing through the ship head, 
γ3 is the vertical line passing through the stern 
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about ship navigation direction, D3 is the 
intersection of γ1 and γ2, D4 is the intersection of γ1 
and γ3, Points E1 and E2 are the projection points of 
points D1 and D2 of the ship on bridge AB (point A 
and point B are the location points of the two piers 
of the bridge, as shown in Figure 2) (that is, E1 and 
E2 are the farthest and nearest projection points of 
the ship on bridge AB). 

It can be seen from figure 3 that the coordinates (yc, 
xc) are the coordinates of point C where the
position sensor on the ship, and the relationship
between the coordinates (x, y) of Di (i = 3,4) is
equation (5):

| | tan(90 )c cX Y y xβ= − − +

                 (5) 

It is known that the captain is L and the ship 
breadth is Z. According to the position of ship 
position sensor C, setting D3C=0.68L, D2D3=0.51Z, 
D4C= 0.32L, D1D4=0.49Z. 

The position coordinate of D3 is set as (y3, x3), there 
are equation (6): 

  

2 2
3 3

3 3

0.68 (y ) ( )

(y ) tan(90 )
c c

c c

L y x x

x y xβ

 = − + −


= − − +


 (6) 

The position coordinates (y3, x3) of D3 is calculated 
from formula (6), and two coordinate points can be 
obtained. The position coordinates where y3 is 
greater than yc is taken as the position coordinates 
of D3; 

The position coordinates of D4 is set as (y4, x4), 
there are equation (7): 

  

2 2
4 4

4 4

0.32 (y ) ( )

(y ) tan(90 )
c c

c c

L y x x

x y xβ

 = − + −


= − − +


    (7) 

The position coordinates (y4, x4) of D4 is calculated 
from equation (7), and two coordinate points can 
be obtained. The position coordinates where y4 is 
less than yc is taken as the position coordinates of 
D4. 

According to figure 3, in triangle D3D2D5, the length 
of D2D3 is known to be 0.51Z, and according to the 
geometric relationship, ∠D3D2D5=β,The horizontal 
scale of D2 can be expressed as equation (8): 

2 3 0.51 sin(90 )y y Z β= + −
  (8) 

Similarly, it can be concluded that in triangle 
D1D4D6, the horizontal scale of D1 can be expressed 
as equation (9): 

1 4 0.49 sin(90 )y y Z β= − −
      (9) 

Since E1 and E2 are the projection points of D1 and 
D2 on the bridge respectively, the horizontal scale 
of E1 and E2 are y1 and y2. 

From pier A(ya,xa) and pier B(yb,xb), the functional 
relationship of the bridge can be obtained as 
equation (10): 

( )( )− −
= +

−
b a b

b
a b

Y y x xX x
y y

  (10) 

Let the coordinate of point K be (0, xk), then xk is 
equation (11): 

( )b a b
K b

a b

y x xx x
y y

−
= −

−
 (11) 

According to the horizontal scale of E1 and E2, the 
vertical coordinates of E1 and E2 are x1 and x2, that 
is, the coordinates of E1 are (y1, x1) and the 
coordinates of E2 are (y2, x2). 

2.4 Construction of ship-bridge collision 
risk algorithm 

As shown in figure 2, the active early warning 
system for ship-bridge collision aviodance is 
divided into four areas (equation 12), where x and 
y are the vertical and horizontal coordinate points 
of any point in the bridge-ship coordinate system: 
entrance normal navigation area OKAH (quadrant 
I), entrance reverse navigation area OKBG 
(quadrant II), exit normal navigation area SKBJ 
(quadrant III) and exit reverse navigation area SKAF 
(quadrant IV). 

1 1

1 1

1 1

1 1

0, 0,
0, 0,
0, 0,
0, 0,

i i i

i i i

i i i

i i i

x x y I
x x y II
x

quadrant
quadrant
quadranx y IIIt
quadranx y Itx V

+ +

+ +

+ +

+ +

− > >
 − > <
 − < <
 − < >

 (12) 

Based on the coordinates of D1, D2, D3 and D4 and 
equation (12), judging whether the current position 
of the ship is within the range of the above four 
quadrants, and then judging whether the ship is in 
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the normal navigation area (safe) or in the reverse 
navigation area (unsafe) according to the 
navigation direction of the ship. Further determine 
the quadrant where the ship is sailing. Sending 
intrusion warning to ships sailing outside the scope 
of active anti-collision warning, and sending 
reverse warning to ships sailing in the quadrant of 
reverse channel. 

As shown in figure 2, the center of pier A is 
connected to the center of the ship, intersecting 
the channel centerline (X-axis) at point R. The 
center of pier A is connected to point R. Pier A is 
taken as the center of the circle, and the euclidean 
distance Di between the ship and pier A is taken as 
the radius to draw a circle. Pier A is taken as the 
center of the circle and the distance Di´ between 
the center of pier A and point R is taken as the 
radius to draw a circle. 

For all ships in the normal navigation area within 
the active early warning range of active anti-ship 
collision avoidance, the euclidean distance 
between each ship and the nearest Pier (This paper 
takes pier A as an example) is calculated. The 
distance E1k and E2k is calculated from E1 and E2 

point to K point on the channel centerline and the 
distance E1A and E2A is calculated from pier A to E1 
and E2 point. According to E1(y1,x1), E2(y2,x2), K(0,xK), 
A(ya,xa), the length of E1k,E2K,E1A and E2A are 
equation (13-16): 

2 2
1 1 1( ) ( )KE K y x x= + −  (13) 

2 2
2 2 2( ) ( )KE K y x x= + −   (14) 

2 2
1 1 1( ) ( )= − + −a aE A y y x x  (15) 

2 2
2 2 2( ) ( )= − + −a aE A y y x x  (16) 

According to the geometric relationship between 
bridge, pier and channel centerline, it can be 
known that the ratio of AK and EiA is equal to the 
ratio of Di´ to Di (i =1,2). According to Di and Di´, the 
risk index model of ship collision with bridge is 
constructed, and the formula is equation (17-18): 

ρ
′ ′−

= = − = 1
1

1

1i i i

i i

D D D E K

D D E A
  (17) 

ρ
′ ′−

= = − = 2
2

2

1i i i

i i

D D D E K

D D E A    (18) 

According to formula 17, the ratio of E1K to E1A is 
ρ1. The ship-bridge collision risk of the lower left 
endpoint of the ship D1 is the lowest (because pier 
A is set as the closest pier to the ship in this paper), 
and the ship collision risk at point D1 is set as ξ1. 
According to formula 18, the ratio of E2K to E2A is 
ρ2. The ship-bridge collision risk of the upper right 
endpoint D2 is the largest. The ship collision risk of 
D2 point is set as ξ2, (e is a natural constant), ξ1, ξ2 is 
equation (19-20): 

ρξ ρ−= × ≤ ≤16.763.3

1 1
2.3 10 {0 1}e      (19) 

ρξ ρ−= × ≤ ≤26.763.3

2 2
2.3 10 {0 1}e      (20) 

The risk of ship collision with the bridge is between 
[ξ1,ξ2]. 

2.5 Active early warning strategy 

As shown in figure 4, it is a graph of the risk of ship- 
bridge collision made by python. According to the 
tangent of the graph, it can be known that the risk 
change rate of the ship-bridge collision is large 
after the risk is 0.75. Therefore, the threshold of 
the risk early warning of ship-bridge collision 
involved in this paper is set to 0.75. 

Figure 4 Danger curve of ship collision with bridge 

The early warning function will be started under 
the following two conditions: 

(1) The ship is in single hole two-way span of
bridge. If the upper limit of the risk interval of 
collision of the ship ξ2 is greater than or equal to the 
threshold of 0.75, the warning function is started.  
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The ship navigates in two holes one-way span of 
bridge. As shown in figure 5, there is a pier IMPN 
between piers A and B. It is necessary to consider 
the projection of the pier on the bridge along the 
channel direction. The projection point closest to 
pier A is set as E3 and the furthest projection point 
is set as E4. The ship navigation direction shown in 
figure 3 is taken as an example, when the 
projection point at the leftmost of the ship 
coincides with E3, the risk of ship-bridge collision is 
ξMin0, therefore, the minimum risk of ship-bridge 
collision is ξmin0. When the upper risk limit of the 
ship-bridge collision ξ2 is greater than or equal to 
the threshold of 0.75, or the lower risk limit of the 
ship-bridge collision ξ1 less than or equal to ξmin0, 
starting the warning function. 

Figure 5 IMPN diagram of bridge piers between AB 

(2) In a certain period of time(t1,t2): at time t1, the
minimum risk of ship-bridge collision i is

1itξ , and at
time t2, the maximum risk of ship-bridge collision i
is

2itξ . So the change rate of the risk of ship-bridge

collision during time (t1,t2) is '
itξ ( equation 21): 

2 1'

2 1

it it
it t t

ξ ξ
ξ

−
=

−  (21) 

The ordinate of point K in the coordinate system 
can be obtained from equation (11), and the 
ordinate XK is the warning distance of the bridge 
area. According to the AIS data of the ship, the 
speed of the ship at this time is vi, so the time T0 

spent by the ship sailing in the early warning range 
of the bridge area waterway is equation (22): 

0
i

KxT
v

=  (22) 

When
1

'
0 0.75it itTξ ξ⋅ + ≥ , starting the early 

warning function. 

Specifically, the early warning means are mainly 
through AIS information reminder, photoelectric 
reminder, screen reminder, SMS reminder, etc. The 
whole system can also provide a support platform 
for the active ship-bridge collision early warning of 
sea-cross bridges. 

3 Case analysis 
For the bridges threatened by ships collision, it is of 
great significance to research the active early 
warning system for ship-bridge collision avoidance. 
However, even if the risk coefficient is low, it is still 
possible to hit against the bridge in some studies, 
which does not take the impact of ship’s dimension 
on the results into account. In this paper, the risk of 
ship collision with bridge is calculated considering 
ship’s dimension. If the danger range of the ship 
sailing on the current course is higher overall, the 
captain can adjust the ship's course to reduce the 
risk of ship-bridge collision effectively. 

In order to discuss the algorithm of the risk of ship-
bridge collision considering ship’s dimension 
effectively, this paper analyzes the Zhoushan 
Xiushan bridge. Xiushan bridge is a sea-crossing 
channel connecting Daishan island and Xiushan 
island in Zhoushan City, Zhejiang Province, China. It 
is located above the sea area of the East China Sea, 
with a total length of 3063m, width 24m, main span 
of 926m, a single hole two-way span of bridge of 
the main navigation hole channel, and a navigation 
clearance width 778m, navigation clearance 
altitude 54.5m, and highest navigable stage 3.13m. 
As shown in figure 6, it is the plan of Xiushan 
bridge[16]. 
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Figure 6 plan of the main navigable opening of Xiushan Bridge

The selected channel range studied in this paper is 
shown in table 1. A rectangular coordinate system 
is established, including the origin, channel 
direction and selection range. The longitude and 
latitude of the two piers of the main channel of the 
bridge are A(122.1869667E, 30.21495N), 
B(122.183511E, 30.207141N) respectively. 

 Table 1 Fairway range 

The "warning area" in the figure 7 is the active early 
warning range for ship-bridge collision avoidance in 
this case. The channel centerline of Xiushan bridge 
is taken as the longitudinal axis (x-axis). The active 

early warning range for ship-bridge collision’s 
entrance direction is taken as the positive direction 
of Y-axis, and its’ outer boundary of the entrance 
direction as the transverse axis (Y-axis). The 
intersection of the channel centerline of the bridge 
area and the outer boundary of the ship entrance 
direction is taken as the origin O (0,0), Point K is the 
intersection of X axis and Bridge AB in the bridge 
ship coordinate system. 

Figure 7 Establishment of the selected range 
coordinate system 

Preprocessing the MMSI, time, captain, ship width, 
relative heading, speed and other data of the ship 
passing through the main navigation hole channel 
of Xiushan bridge. First, deleting the null 
value.Second, converting the longitude and 
latitude coordinates into rectangular coordinates. 
Third, selecting the ship data of the ship sailing 
forward in the I quadrant.Forth, excluding the 
reverse moving ship.Through the four process 
obtaining the forward navigation data in line with 
the research in this paper. 

By using the Python recurrence algorithm, calling 
of the AIS data of Xiushan Bridge to calculate the 
risk of ships collision with the bridge.  Part of the 
results are shown in table 2, which is the risk range 
of the ship sailing according to the current heading 
at a certain time point: 

Table 2 ship risk range 

MMSI Time Ship collision bridge 
risk range 

Origin 

coordinates 

Channel 
trend 

Selection range 

(122.2187700E
, 30.212200N) 270° 

122.1621900E, 

30.2149500N; 

122.2065300E, 
30.2149500N; 

122.2065300E, 
30.2071700N; 

122.1621900E, 
30.2071700N; 
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413421830 2018/01/18 
11:42:39 

[0.02747, 0.04476] 

413421830 2018/01/18 
11:43:09 

[0.50283, 0.60388] 

413421830 2018/01/27 
17:45:29 

[0.70145, 0.81630] 

413421830 2018/01/27 
17:53:33 

[0.01278, 0.39521] 

413421830 2018/01/27 
17:55:37 

[0.01720, 0.26088] 

413421830 2018/01/27 
17:57:36 

[0.01755, 0.36877] 

413421830 2018/01/27 
18:01:08 

[0.15846, 0.27636] 

413800000 2018/01/21 
13:08:39 

[0.00117, 0.01092] 

413800000 2018/01/21 
13:07:36 

[0.00140, 0.00797] 

413800000 2018/01/21 
13:06:02 

[0.00168, 0.00560] 

From the table 2, we can know that at time 
2018/01/27 17:45:29, the maximum ship bridge 
collision risk of MMSI 413421830 is 0.81630, which 
is higher than 0.75. That means the probability of 
hitting against the pier is 0.81630 if the ship sails 
according to the current course. At this time, the 
active early warning system for ship-bridge 
collision avoidance will activate alarm facility, 
telling the captain needs to change the sailing 
direction.  

Since the Xiushan bridge is a single hole two-way 
span of bridge, it is only necessary to compare the 
maximum risk of ship collision ξ2 with the threshold 
0.75. If the bridge is a two holes one-way span of 
bridge, the lower limit of the risk range of ship- 
bridge collision will also need to consider that 
whether ξ1 is less than or equal to ξmin0.If ξ1 is less 
than or equal to ξmin0 will also need to be alarmed. 

4 Conclusion 
In the previous study of avoidance of ship collision 
with bridges, ship’s dimension is not taken into 
account enough in algorithm of risk for ship 
collision with bridge yet. This paper creatively 
proposes the algorithm of the risk of ship-bridge 
collision, which considering the geometric position 
relationship of ship, pier and channel. The 
algorithm considers the factors such as pier layout, 
navigation span, bridge and channel in the bridge 
area comprehensively, and putting forward an 
active early warning strategy according the index 
coming from the agorithm. 

This paper illustrates the reliability of the algorithm 
by case study of  Xiushan bridge. First, calculating 
the risk of ship-bridge collision of ships that passing 
through the main channel for sailing. Then, making 
a comparative analysis with the actual situation. 
The result shows that the calculation results of this 
algorithm are basically consistent with the actual 
ship collision risk, and can realize the prediction of 
ship collision risk accurately. 

The algorithm considers the influence of ship’s 
dimension on the risk of ship collision with bridge 
adequately. It can significantly improve the 
accuracy of the risk of  ship-bridge collision and be 
applied to the active early warning system for ship-
bridge avoidance collision. It is conducive to the 
application of the active early warning system into 
practice, and then heighten the level of safety 
including ship and bridges . 

Meanwhile, the algorithm is not only suitable for 
bridge which has single navigable hole two-way 
navigation, but also suitable for bridge which has 
double navigable hole signle-way navigation. 
However, it calculates the risk of ship collision with 
bridge based on the ship scale in the paper justly. 
Maybe this algorithm can be combined with the 
dynamics of other ships in the next step, and 
realizing more accurate ship collision risk early 
warning and promoting the wide application of 
bridge active ship collision early warning system in 
engineering practice. 
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Abstract 
To evaluate the reliability of the fatigue performance of key bridge components under stochastic 
vehicle loads, a prediction and evaluation method for the fatigue life of bridges based on 
elaborate statistical analysis of traffic flow and strain influence line identification is established in 
this paper. Firstly, The two-step clustering (TSC) method is applied to distinguish the different 
traffic states with the clustering numbers to be determined objectively. The elaborate stochastic 
traffic flow is simulated by random sampling of vehicle feature probabilistic models for each traffic 
state. Secondly, the actual bridge strain influence line inverted based on the fatigue detail 
measured strain data is used to be loaded by the stochastic traffic flow, and the stress time history 
under the stochastic traffic flow is calculated. The Monte Carlo method is applied to predict 
fatigue life. Finally, a real bridge is taken as an example to verify the effectiveness of the proposed 
method. 

Keywords: vehicle load monitoring; stochastic vehicle flow; cluster analysis; influence line 
identification; fatigue reliability. 

1 Introduction 
In the process of long-term service, the bridge 
structure is repeatedly loaded by vehicle loads of 
variable amplitudes, which leads to the 
continuous accumulation of fatigue damage. The 
high cycle fatigue problem of bridge components, 
such as steel bridge decks, is very prominent and 
seriously affects bridge safety in its design service 
life [1]. Therefore, it is necessary to evaluate the 
fatigue performance and predict the fatigue life of 
a bridge during the operation period by 
considering the influence of vehicle loads. The 
vehicle-induced bridge fatigue damage is related 
to the stress amplitude and stress cycles. The 
traffic flow per unit time affects the number of 
stress cycles, and the axle weight and distance 

affect the stress amplitude. Therefore, it is critical 
to obtain the vehicle load information for the 
evaluation of vehicle-induced fatigue. 

SHMS can monitor data, such as vehicle load and 
structural strain under the actual operating 
conditions of the bridge. Monitoring data-based 
fatigue evaluation of bridges has attracted 
considerable attention. Research in this area can 
be divided into two categories as follows. 

The first group of studies mainly focused on 
fatigue damage evaluation based on structural 
strain monitoring data [2-3]. The field strain 
measurement-based fatigue evaluation has the 
following two shortcomings: i. The field-measured 
strain is produced by multiple actions, including 
vehicles, wind and temperature; ii. There are 
limited strain measuring points for the SHMS, 
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which makes it impossible to evaluate the fatigue 
damage of structural members without strain 
sensors.  

The second group of studies concentrated on 
simulating the stochastic traffic flow through the 
statistical analysis of WIM data to evaluate bridge 
fatigue damage. Generally, the simulated 
stochastic vehicle flow is used in conjunction with 
FEM to acquire fatigue stresses, which results in 
the following drawbacks: i. The simulation of the 
stochastic traffic flow model cannot reasonably 
consider the complex operation state of actual 
traffic flow, which affects the accuracy of fatigue 
evaluation; ii. The FEM used for stochastic traffic 
loading is usually quite different from the actual 
bridges, and the fatigue strain history obtained 
cannot reflect the actual strain of the structural 
fatigue details. 

To overcome the deficiencies of the current 
research on stochastic vehicle load simulation and 
fatigue stress analysis based on FEM, this study 
proposes a method for predicting and evaluating 
bridge fatigue life based on the strain influence 
line loaded by an elaborate stochastic traffic flow. 
The rest of the paper is organized as follows: First, 
an elaborate simulation method of the stochastic 
traffic flow is proposed to consider the effects of 
different traffic states on bridge fatigue. Second, 
the strain influence line identification method 
through field tests and the stochastic traffic flow 
loading method are discussed to obtain a realistic 
fatigue stress history of the bridge. Third, the 
uncertainty evaluation of bridge fatigue damage 
based on stochastic traffic flow is conducted. 
Finally, a long-span suspension bridge is 
considered as an example to verify the rationality 
and feasibility of the proposed method. 

2 Elaborate Statistical Analysis of 
Monitoring Vehicle Features 

2.1 Traffic State Division by Vehicle 
Features Clustering 

The traffic state is a complex random process, and 
the traffic volume and weight are quite different 
under different traffic states. Accordingly, it is 
essential to distinguish between different traffic 
states for accurate modeling of stochastic traffic 

flow. Therefore, the two-step clustering (TSC) 
method is introduced for traffic state division. 
Further, it is rational to use traffic volume, vehicle 
weight, vehicle speed, and the time interval 
between two adjacent vehicles as the clustering 
indexes for the traffic state division. 

 The log-likelihood function is used in the TSC to 
derive the distance measure. The vehicle load 
sample set can be defined as { }1 2, ,..., NX x x x=   
containing N  data points, and each data point has 
n  parameters of vehicle load features. The 
distance between the clusters iC  and jC   is 
defined by Eq. (1) and Eq. (2). 

{ },( , )i j i j i jd C C ξ ξ ξ= + −         (1) 

( )2 2

=1

1 ˆ ˆlog
2

n

v v k vk
k

Nξ σ σ= +∑         (2) 

where ,v i j= ; vN  is the number of data points in 
cluster vC ; 2ˆkσ  is the estimated variance of the k-
th vehicle load feature variable for all records; and 

2ˆvkσ  is the estimated variance of the k-th vehicle 
load feature variable for records in the v-th cluster. 

The TSC uses a two-step procedure to 
automatically determine the number of vehicle 
load clusters. The first step is to preliminarily 
estimate the number of clusters in the vehicle 
load data based on the Bayesian information 
criterion (BIC). The preliminary cluster number is 
determined when the decrease in BIC diminishes 
dramatically as the number of clusters increases. 
The BIC of cluster { }1, ,J JC C= C  was calculated 
using Eq. (3). In step two, the minimum distance 
for each merge is calculated, as shown in Eq. (4). 
Then, the ratio of the minimum distances of the 
adjacent merges is used as an index to determine 
the final cluster number, as denoted by Eq. (5). If 

{ }= max 2S Jr r J ≥:  is obtained, the corresponding 
cluster number S can be determined as the 
optimal one.  

( ) ( )
1

BIC 2 2 log
J

J j
j

Jn Nξ
=

= − +∑C            (3) 

( ) { }min min ( , ) :J i jd d C C i j= ≠C           (4) 
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( )
( )

min

min +1

J
J

J

d
r

d
=

C
C

        (5) 

To illustrate the feasibility of the clustering 
method for distinguishing the different traffic 
states, the TSC method was adopted to process 
the monitoring vehicle load data for two weeks. 
As shown in Fig. 1, it can be determined that the 
optimal cluster number for vehicles is 2. 
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Figure 1. Changes in related parameters of 
clustering parameter BIC. 

2.2 Probabilistic Model of Vehicle Load 
Parameters 

Based on the different traffic states obtained by 
vehicle load clustering, the vehicle load for each 
lane needs to be statistically analyzed to 
determine their statistical parameters and 
distribution types. The parameters of vehicle load, 
such as vehicle type, vehicle speed, vehicle weight, 
and vehicle spacing, are all subject to a certain 
probability distribution. Previous studies have 
shown that different vehicle parameters may 
follow a unimodal, bimodal, or multimodal 
distribution. Therefore, normal, lognormal, 
Weibull, generalized extreme value (GEV), and 
gamma distribution are introduced to fit the 
unimodal distribution of the vehicle parameters.  
The Kolmogorov-Smirnov (K-S) test is applied to 
test and compare the various distributions, and 
the optimal one, which is closest to the actual 
data, can be determined. The process of obtaining 
the vehicle load probability model is summarized 
as follows: 

Step 1: The vehicle types in each lane are 
classified, and the number and proportion of each 
vehicle type are analyzed. 

Step 2: The four clustering indexes are used to 
distinguish the different traffic states using the 
TSC method. 

Step 3: The vehicle parameters under different 
traffic states are fitted with different unimodal 
and multimodal distributions, and the estimated 
probability density function is tested using the K-S 
test. 

2.3 Stochastic Traffic Flow Simulation 

After the statistical characteristics of vehicle load 
parameters are obtained, all the parameters can 
be considered as independent random variables, 
and the Monte Carlo sampling method is adopted 
to simulate the stochastic traffic flow under 
different traffic states. The process for simulating 
stochastic traffic flow for fatigue loading can be 
interpreted as follows: i. Simulation of stochastic 
traffic flow: the traffic volume, vehicle type 
proportion, vehicle weight, vehicle speed, and 
vehicle spacing are sampled by random numbers 
for each lane to obtain the stochastic traffic flow; 
ii. Conversion of stochastic traffic flow into
stochastic vehicle loading flow: according to the
distribution of axle spacing, axle load and spacing
between adjacent vehicles, the stochastic traffic
flow is decomposed into a stochastic loading flow
composed of a random sequence of axle loads,
distance, and load moving speed, which can be
applied to the subsequent fatigue loading.

3 Fatigue Stress History Obtained By 
Influence Line Loading 

To accurately estimate the bridge fatigue life 
under vehicle loads, it is necessary to obtain an 
accurate and reliable fatigue stress history under 
stochastic traffic flow. The traditional fatigue 
stress analysis method requires repeated loading 
on the bridge FEM, which has two drawbacks: i. 
The FEM has various assumptions and 
simplifications, which cannot accurately reflect 
the actual stress history of the measuring points 
under random vehicle loads; ii. A refined FEM 
composed of solid or shell elements is required to 
obtain accurate local stress of the bridge structure, 
which leads to a high cost of mechanical analysis 
and calculation. In contrast, the strain influence 
line identified through the field-measured strain 
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data can accurately represent actual structural 
behaviors under vehicle loads. By applying the 
simulated stochastic vehicle load flow to the 
identified strain influence line, a reliable fatigue 
stress history under stochastic traffic flow can be 
obtained. 

3.1 Identification of Strain Influence Line 
Based on Field Test 

The strain influence line can be identified through 
the synchronously recorded data of the calibration 
vehicle load position and the vehicle-induced 
structural strain responses. According to the 
definition of the structural strain influence line, 
the vehicle-induced structural strain can be 
obtained as shown in Eq. (6). 

( ) ( ) ( ) ( )1 11 1 1 1 1 1
ˆ= +m mm m n m n m m n m n× ×× + − + − × × + − + − ×R = L Φ L Φ ε  (6) 

where R  is the vector of the structural strain 
response induced by the calibration vehicle; L  is 
the load matrix containing vehicle axle load and 
vehicle axle spacing information [4]; Φ  is the 
vector of the theoretical strain influence 
coefficients of the structural fatigue details; Φ̂  is 
the strain influence coefficient vector identified by 
field-measured data; ε  is the strain response 
error vector caused by the gap between the 
theoretical influence line and the identified 
influence line; the subscripts in the formula 
represent the dimensions of the matrix or the 
vectors, in which m  is the sampling point number 
of strain responses, and n  is the sampling point 
number of strain during the time interval for the 
rear axle of the calibration vehicle reaching the 
front axle position. 

3.2 Strain Influence Line Loading 

After obtaining the strain influence lines of the 
corresponding bridge structural fatigue details, 
the simulated stochastic vehicle loads were 
applied to the influence lines. Taking two moving 
load vehicles from the traffic flow on a simply 
supported bridge as an example, the loading 
principle of the stochastic traffic flow on influence 
lines considering different vehicle speeds is 
illustrated in Fig. 2. To simplify the description, a 
traffic flow comprising only two-axle and three-

axle vehicles was applied to the simply supported 
bridge. The distances between the axles were 1d , 

2d , 3d , and 4d  and the axle weights are 1P , 2P , 3P , 

4P , and 5P . The speeds of the front and rear 
vehicles were 1v  and 2v , respectively. The strain 
at the mid-span of the simply supported bridge 
can be obtained using Eq. (7). 

( ) ( ) 1
1 2

1

32 1 2 2 1 2
3 4

1 1 1 1 1 1 1

32 1 2 4
5

1 1 1 1 1

dF t P f t P f t
v

dv d d v d dP f t P f t
v v v v v v v

dv d d dP f t
v v v v v

 
= ⋅ + ⋅ − + 

 
   

⋅ − − + ⋅ − − −   
   

 
+ ⋅ − − − − 

 

 (7) 

where t  is the time after the first axle is on the 
bridge from the left end of the bridge; ( )f t  is the
strain influence line at a structural detail at the 
mid-span of the bridge; and ( )F t  is the strain
function of the vehicle load on the bridge. 
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Figure 2. Schematic diagram of strain influence 
line virtual loading for simple beam 

4 Uncertainty Evaluation of Fatigue 
Life 

4.1 Fatigue Damage Analysis Under 
Stochastic Vehicle Loads 

There are significant variances in the stress 
amplitudes and the number of stress cycles 
induced by vehicle loads at structural fatigue 
details. Therefore, the equivalent fatigue stress 
formula is used to analyze the fatigue limit state 
caused by stochastic traffic flows. Based on the 

1516



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

linear cumulative damage criterion, Eurocode 3 [5] 
provides the principle of fatigue strength and 
equivalent fatigue damage, as shown in Eq. (8), 
the equivalent stress range and the corresponding 
number of cycles can be obtained using Eq. (8) 
and (9), respectively. 

5 53
d eq

i D j D

j ji i

S SD C D

N S n Sn SD
K K Kσ σ≥ <

= = +∑ ∑          (8) 

d
i D j D

i j
S S

N n n
σ σ≥∆ ≤∆

= +∑ ∑     (9) 

where iS  and jS  are respectively the stress 
amplitude greater and less than the constant 
amplitude fatigue limit Dσ∆  in the stress 
spectrum caused by stochastic traffic flow loads; 

in  and jn  are the corresponding number of 

stress cycles; eqS  is the equivalent stress 

amplitude of the loaded stochastic traffic flow; dN
is the number of cycles when the equivalent stress 
amplitude of the loaded stochastic traffic flow is 

eqS ; 3 62 10C CK σ= ∆ ⋅ ×  and 5 65 10D DK σ= ∆ ⋅ ×  
are the fatigue strength coefficients of the bridge 
structural detail for iS  and jS , respectively. 

4.2 Reliability Evaluation for Fatigue Limit 
State 

The fatigue failure of bridge components 
subjected to vehicle loads results from the long-
term accumulation of fatigue damage. According 
to the fatigue stress history obtained through 
influence line loading, the fatigue limit state 
equation under a stochastic traffic flow can be 

expressed using Eq. (10). When the actual 
cumulative fatigue damage exceeds the critical 
damage threshold, fatigue damage occurs 
( )g 0X < . Therefore, the time-dependent fatigue 

reliability index of structural fatigue detail can be 
expressed as shown in Eq. (11). 

( ) ( )
0

1
g 365 1

2f

n a
X D n D

− ⋅ 
= − ⋅ ⋅ + ⋅ 

 
 (10) 

( ) ( )-1 -1= 1 f fP Pβ Φ − = Φ    (11) 

where fD  is the critical fatigue damage of the 

bridge detail; 0D  is the daily fatigue damage 
induced by current stochastic vehicle loads; n  is 
the fatigue life of the bridge; a  is the linear 
annual growth rate of the traffic volume; fP  is the 

probability of failure,  and ( )-1Φ   is the inverse 
function of the standard normal distribution. 

5 Case Study 

5.1 Bridge Description 

Taking a long-span suspension bridge as an 
example, the proposed fatigue life evaluation 
method is illustrated. The dimensions, stiffening 
girder cross-section details, and strain sensor 
layout are shown in Fig. 3. As numerous vehicles 
pass through the bridge every day, the fatigue 
safety of the steel deck should be considered. 

(a)
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(b)

Figure 3. Configurations of prototype bridge: (a) elevation view; (b) layout of strain sensor at mid-span 

5.2 Stochastic Vehicle Load Flow 
Simulation and Influence Line Loading 

Abnormal data were removed from the vehicle 
load monitoring data obtained by the WIM system, 
and the 30-day vehicle data were finally selected 
for statistical analysis. The traffic states were first 
distinguished using the proposed clustering 
method, and the traffic flow was divided into two 
clusters.  

After determining the vehicle classification, the 
vehicle characteristics were probabilistically 
modeled for each traffic state determined by 
clustering. It can be noted that the light vehicles 
(i.e., V1, V2, and V3) conform to a unimodal 
probabilistic distribution and the heavy ones (i.e., 
V4, V5, and V6) conform to a Gaussian mixture 
distribution.  

Based on the established probabilistic model of 
the vehicle load parameters, a stochastic vehicle 
flow was generated for the two different traffic 
states. The generated traffic flow includes the 
traffic volume, vehicle types, weights, spacing, and 
speed information. The obtained stochastic traffic 
flow can be converted into a stochastic loading 
flow for influence line loading. 

5.3 Fatigue Evaluation Results and 
Discussions 

After obtaining the vehicle-induced stress history, 
the rain-flow counting method was used to obtain 
the number of stress cycles. According to Eq. (8) 
and (9), the daily equivalent stress amplitude and 
cycles under dense and sparse traffic states were 
considered. Fig. 4 shows the fitting results for the 
daily equivalent stress amplitude. This study 

assumes that fD  follows a lognormal distribution, 
with a mean value of 1 and coefficient of variation 
of 0.3. The fatigue strength coefficients DK  of 
different structural details follow a lognormal 
distribution with a coefficient of variation of 0.45. 
The statistical characteristics of these parameters 
are listed in Table 1. 

To explore the impact of different traffic states on 
fatigue damage and illustrate the rationality of the 
proposed elaborate vehicle load simulation 
method, the vehicle-induced fatigue damage was 
analyzed under the following four different traffic 
flow models: 

 Model 1: Only the vehicle data monitored in a 
dense traffic state were used to establish the 
stochastic traffic flow model.  

Model 2: Vehicle data from dense and sparse 
traffic states were individually used to establish 
elaborate stochastic traffic flow models. 

Model 3: All vehicle data were used to establish 
the stochastic traffic flow without distinguishing 
the traffic states.  

Model 4: Only the vehicle data monitored in the 
sparse traffic state were used to establish the 
stochastic traffic flow model. 

Table 1.  Statistical characteristic of random 
parameters in fatigue analysis 

Variable Distribution
type Mean value Standard

deviation 

fD Lognormal 1 0.3 
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DK Lognormal 143.47 10×  141.56 10×

eqS Lognormal 13.11 MPa 0.18 MPa 

dN Lognormal 6401 1058 
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Figure 4. Probabilistic distribution of fatigue 
parameters: (a) daily equivalent stress amplitudes; 
(b) daily cycle number

By performing statistical analysis of the strain data 
induced by the different stochastic vehicle load 
models, the corresponding equivalent fatigue 
stress amplitudes and stress cycles can be 
obtained. As shown in Fig. 4, the stress amplitude 
and the number of stress cycles under traffic flow 
model 1 are greater than the others because the 
number of vehicles on the bridge at the same time 
in the dense state will lead to a large stress 
superposition, although the vehicle weight is 
relatively small. In contrast, the stress amplitude 

and cycle number under traffic flow model 4 are 
the smallest among all the conditions owing to the 
small number of vehicles on the bridge in the 
sparse traffic state. For the condition of model 3, 
although all the vehicle data have been 
considered, the equivalent stress amplitude and 
the number of stress cycles tend to be 
underestimated compared with model 2, which 
can result in a risky fatigue evaluation. 

The Monte Carlo method was applied to analyze 
fatigue reliability under different traffic flow 
models. Fig. 5 shows the results of the fatigue 
reliability evaluation under a 2% average annual 
growth rate of traffic volume (GRTV). For the 
fatigue damage induced by traffic flow Model 2, 
the fatigue reliability index reaches 2 
approximately 12 years later than Model 1, and 13 
years earlier than Model 3, which verifies that 
different simulations of stochastic vehicle loads 
will result in significant differences in the bridge 
fatigue evaluation results. 

Figure 5. Fatigue reliability under different 
stochastic traffic flow models 

6 Conclusions 
This study proposes a method for predicting the 
bridge fatigue life based on a field-identified strain 
influence line loaded by an elaborate stochastic 
traffic flow. By considering the influence of 
different traffic states on the fatigue reliability 
evaluation, a large-span suspension bridge is 
taken as an example to verify the feasibility and 
rationality of this method. Based on the analysis 
results, the following conclusions can be drawn: 

1. The TSC method can effectively distinguish
stochastic traffic flow into dense and sparse
traffic states and avoids the irrationality
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caused by subjectively determining the 
threshold of the traffic state division. 
Unimodal and Gaussian mixture distribution 
models can be applied to fit the distribution of 
various vehicle parameters well. The 
elaborate stochastic traffic flow model 
established on this basis is more consistent 
with the actual vehicle loads on the bridge. 

2. The strain influence line of the bridge fatigue
details can be identified through synchronous
monitoring of the structural strain and
calibrated vehicle positions. By loading the
identified influence lines instead of the FEM
by the simulated stochastic vehicle loads, a
more realistic structural fatigue stress history
can be obtained, and the fatigue stress
calculation errors can be effectively reduced
compared with the FEM analysis.

3. The Monte Carlo method was used to analyze
the uncertainty of the bridge stress history
data obtained by strain influence line loading.
The results show that when different traffic
states are not considered, the equivalent
bridge fatigue stress amplitude and cycle
number are usually underestimated. More
than a 10-year fatigue life difference was
observed, which could lead to a risky
evaluation of the bridge fatigue performance.
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Abstract 

FE model updating has mostly been performed relying upon natural frequencies and 
mode shapes. These modal parameters only provide global information about the 
structure, which leads to important uncertainties. The recent development of fiber 
optic strain sensors has made it possible to include modal strains in FE model updating. 
In this paper, it is investigated how including modal strains in FE model updating allows 
complementing the global information on natural frequencies and mode shapes by 
the local information in modal strains. Including modal strains can be of major benefit 
for identification of local damage. With the additional information obtained using 
modal strains, local uncertainties in FE model updating can be effectively reduced. The 
benefit of including modal strains in FE model updating is illustrated using modal data 
from numerical simulations on a reinforced concrete (RC) beam. 

Keywords: modal strains; FE model updating; uncertainty quantification; bayesian 
inversion; complementary information.  

1 Introduction 

It has since long been recognized that modal 
curvatures or strains are more sensitive to 
local damage, therefore, including modal 
strains in FE model updating can overcome 
the limitations in FE model updating 
resulting from the use of natural frequencies 
and modal displacements only. The recent 
development of fiber optic strain sensors has 
made it possible to use directly measured 
modal strains for FE model updating. 
Recently developed signal processing 
algorithms allow standard fiber-optic Bragg 

gratings (FBG) capturing the very low strain 
levels (sub-microstrain) occurring under 
ambient excitation in operational conditions. 
The use of modal strains in FE model 
updating has already been explored by 
several authors [1,2]. The benefit of 
including strains in terms of the additional 
information they provide, is yet to be 
explored, however. 

In this paper, modal strains are included in FE 
model updating for damage assessment. A 
Bayesian framework is adopted to 
investigate how the additional information 
provided by modal strains helps to detect 
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local damage. Using Bayes's theorem, the 
probability density functions (PDFs) of the 
updated model parameters are developed 
conditional on the measured modal data, so 
the effect of adding modal strains on the 
results of FE model updating can be studied 
by analyzing the updated PDFs. This paper 
first focuses on the difference between the 
information contained in modal strains and 
modal displacements. A comprehensive 
resolution and correlation analysis is applied 
to the Bayesian updating results obtained 
using modal strains and modal 
displacements, respectively. The 
comparison between the updating results 
obtained using the two types of data 
provides important insight into the 
information contained in modal strains. Next, 
modal strains are incorporated into the data 
for Bayesian FE model updating and the 
updating results are compared with the 
results obtained using only modal 
displacements. The change in posterior 
standard deviations of the model 
parameters shows how the additional 
information allows reducing the 
uncertainties in FE model updating. 

This paper starts by introducing the 
framework of Bayesian FE model updating 
using modal data including natural 
frequencies, displacement mode shapes and 
modal strains. Section 3 makes an 
investigation into the information contained 
in modal strains and makes a comparison 
between the Bayesian updating results 
obtained using modal strains and modal 
displacements based on numerical 
simulations of a RC beam. Results and 
conclusions are discussed in the final section. 

2 Bayesian FE Model Updating 

Bayesian FE model updating allows for 
quantifying the uncertainties in the 

estimates of the model parameters when 
some observed modal data are available. In 
the literature, many numerical and 
experimental studies of Bayesian FE model 
updating relying on natural frequencies and 
mode shapes have been presented [3]. In 
this paper, it is investigated how to 
incorporate modal strains into the observed 
modal data used for Bayesian model 
updating. 

2.1 Bayesian Updating Scheme 

The framework of Bayesian FE model 
updating adopted in this paper follows the 
presentation given in [3]. Bayesian inference 
treats the structure model parameters 
𝜽𝜽M ∈ ℝ𝑁𝑁𝑀𝑀  as random variables and assigns 
PDFs to these parameters. The PDFs are then 
updated in the inference scheme conditional 
on the observed data and the chosen model 
class. Using Bayes' theorem, the joint 
posterior or updated PDF of the model 
parameters 𝜽𝜽M can be expressed as: 

𝑝𝑝�𝜽𝜽M|�̃�𝐝� = 𝑐𝑐𝑝𝑝��̃�𝐝�𝜽𝜽M�𝑝𝑝(𝜽𝜽M)   (1) 

where 𝑝𝑝�𝜽𝜽M|�̃�𝐝�  is the joint posterior PDF 
of the model parameters given the 
measured data �̃�𝐝 ; 𝑐𝑐  is a normalizing 
constant; 𝑝𝑝��̃�𝐝�𝜽𝜽M�  is the PDF of the 
observed data given the parameters 𝜽𝜽M ; 
and 𝑝𝑝(𝜽𝜽M) is the joint prior or initial PDF of 
the parameters. 

2.2 Modal Data PDF 

In Eq. (1), 𝑝𝑝��̃�𝐝�𝜽𝜽M�  represents the 
likelihood of the observed output data when 
the structure model is parameterized by 𝜽𝜽M. 
It can be constructed based on the 
probabilistic model of the total prediction 
error 𝜼𝜼 = 𝐆𝐆M(𝜽𝜽M)− �̃�𝐝 , where 𝐆𝐆M(𝜽𝜽M) 
denotes the structural model output. In 
most practical applications, there is no 
information available on the probabilistic 
model for the prediction error 𝜼𝜼  and a 
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reasonable assumption regarding the 
character of the prediction error model is 
needed. Here it is assumed that the 
elements of 𝜼𝜼 are independent zero-mean 
Gaussian random variables. The principle of 
maximum (information) entropy [4] is used 
as a justification for the choice of a Gaussian 
distribution for the prediction error. The 
probabilistic model of 𝜼𝜼 , which is 
characterized by a diagonal covariance 
matrix 𝚺𝚺𝜼𝜼, is described by 𝜼𝜼~𝒩𝒩�0,𝚺𝚺𝜼𝜼�, so 
that the PDF of the observed data can be 
simplified to a multivariate normal PDF: 

𝑝𝑝��̃�𝐝�𝜽𝜽M� = 𝑐𝑐1exp �− 1
2
𝜼𝜼T𝚺𝚺𝜼𝜼−𝟏𝟏𝜼𝜼�   (2) 

The data will be a combination of a set of 
𝑁𝑁𝑀𝑀  experimental eigenvalues, 𝝀𝝀�𝑟𝑟 , 
generally incomplete displacement mode 
shapes 𝝓𝝓�𝑟𝑟 ∈ ℝ𝑁𝑁𝑜𝑜  and modal strains 𝜺𝜺�𝑟𝑟 ∈
ℝ𝑁𝑁𝑠𝑠, which are identified from the structure 
under consideration. Here, 𝑁𝑁𝑜𝑜  is the 
number of observed degrees of freedom 
(DOFs) for displacement mode shapes and 
𝑁𝑁𝑠𝑠 is the number of points where the modal 
strains are measured. 

The total observed prediction error 𝜼𝜼 =
𝐆𝐆M(𝜽𝜽M) − �̃�𝐝  therefore consists of three 
parts: 

𝜼𝜼 = �
𝝀𝝀𝑟𝑟(𝜽𝜽M) − 𝝀𝝀�𝑟𝑟

𝑎𝑎𝑟𝑟𝐋𝐋1𝝓𝝓𝑟𝑟(𝜽𝜽M)−𝝓𝝓�𝑟𝑟
𝑏𝑏𝑟𝑟𝐋𝐋2𝐁𝐁𝜺𝜺𝑟𝑟(𝜽𝜽M) − 𝜺𝜺�𝑟𝑟

�      (3) 

where the binary matrices 𝐋𝐋1  and 𝐋𝐋2  are 
the observation matrices. The coefficients 
𝑎𝑎𝑟𝑟  and 𝑏𝑏𝑟𝑟  are scaling factors, which 
ensure that the computed and experimental 
modal data are scaled similarly. 𝐁𝐁  is the 
mapping matrix derived from element shape 
functions. 

The PDF of the observed modal data is 
obtained by substituting the prediction error 
𝜼𝜼  and corresponding standard deviations 
into Eq. (2). Let 𝐽𝐽𝑟𝑟(𝜽𝜽M)  represents 

𝜼𝜼T𝚺𝚺𝜼𝜼−𝟏𝟏𝜼𝜼 in Eq. (2), so 𝐽𝐽𝑟𝑟(𝜽𝜽M) is written as 

𝐽𝐽𝑟𝑟(𝜽𝜽M) = ∑ 1
𝜎𝜎𝜆𝜆
2
�𝜆𝜆𝑟𝑟(𝜽𝜽M)−𝜆𝜆�𝑟𝑟�

2

𝜆𝜆�𝑟𝑟2
𝑁𝑁𝑀𝑀
𝑟𝑟=1 +

∑ 1
𝜎𝜎𝜙𝜙
2
�𝑎𝑎𝑟𝑟𝐋𝐋1𝝓𝝓𝑟𝑟(𝜽𝜽M)−𝝓𝝓�𝑟𝑟�

2

�𝝓𝝓�𝑟𝑟�
2

𝑁𝑁𝑀𝑀
𝑟𝑟=1 +

∑ 1
𝜎𝜎𝜀𝜀2

‖𝑏𝑏𝑟𝑟𝐋𝐋2𝐁𝐁𝜺𝜺𝑟𝑟(𝜽𝜽M)−𝜺𝜺�𝑟𝑟‖2

�𝝓𝝓�𝜀𝜀�
2

𝑁𝑁𝑀𝑀
𝑟𝑟=1      (4) 

2.3 Prior PDF 

The prior PDF 𝑝𝑝(𝜽𝜽M)  reflects the prior 
information on the model parameters. The 
choice for 𝑝𝑝(𝜽𝜽M)  mainly relies on the 
available prior information and engineering 
judgment. The use of the maximum entropy 
principle is widely adopted for determining 
the prior distributions as it allows yielding 
probability distribution that best represents 
the available information. For stiffness 
parameters 𝜽𝜽M  that are strictly positive 
and have given mean values, the maximum 
entropy theory leads to a gamma prior 
distribution.  

2.4 PosteriorPDF 

Papadimitriou [5] shows that, when a large 
amount of data are available, the joint 
posterior PDF can be approximated 
asymptotically by a joint Gaussian PDF 
centered at 𝜽𝜽�MMAP  with the covariance 
matrix 𝚺𝚺�𝜽𝜽M . 𝜽𝜽�MMAP  can be solved by 
minimizing the negative log posterior PDF, 
and 𝚺𝚺�𝜽𝜽M  is computed as the inverse 
Hessian of log posterior PDF. 

Alternatively, sampling methods such as the 
Markov-chain Monte Carlo (MCMC) 
sampling methods can be used to compute 
the posterior PDF of the model parameters. 
The most commonly implemented MCMC 
methods include the Metropolis-Hastings 
(MH) MCMC algorithm [6] and its derivatives, 
for example adaptive MH MCMC, delayed 
rejection adaptive MH MCMC. 
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3 Simulated example 

The benefit of including modal strains in 
Bayesian FE model updating is first 
illustrated using numerical simulations. The 
structure under consideration is a RC beam. 
Simulated modal data obtained from the FE 
model are used. The RC beam has a length of 
6 m and a cross-section of 200 × 250 𝑚𝑚𝑚𝑚2. 
It is reinforced by 6∅16  mm rebars and 
vertical stirrups ∅8 mm every 200 mm, and 
has a total mass of 750 kg. A 2D FE beam 
model of the RC beam is constructed using 
the FE analysis program ANSYS. The FE 
model consists of 30 elements and 31 nodes, 
which is illustrated in Figure 1. The second 
moment of area of the equivalent cross-
section equals 1.93 × 10−4𝑚𝑚4  Free-free 
boundary conditions are introduced to the 
FE model as in the actual setup. 

The FE model is divided into 10 
substructures with a uniform effective 
stiffness as shown in Figure 1 and all the 
initial values are assumed to equal 37.5 GPa. 
The modal data used for the Bayesian model 
updating are obtained from the FE model 
solutions with the model parameter values 
listed in Table 1. The simulated modal data 
consist of eigenvalues, displacement mode 
shapes and modal strains of the first four 
bending modes. The displacement mode 
shapes are observed at 𝑁𝑁𝑜𝑜 = 31 
equidistant locations along the beam, which 
correspond to the 31 transverse degrees of 
the FE model, and the modal strains are 
observed at the center of the upper surface 
of every beam element, so 𝑁𝑁𝑠𝑠 = 30. 

Figure 1 FE model of the RC beam with 30 
elements and 10 substructures 

Table 1 Substructure stiffness parameter 
values of the FE model 

Substructure 1 2 3 4 5 

𝜃𝜃𝑀𝑀[𝐺𝐺𝐺𝐺𝑎𝑎] 46.68 40.05 36.21 36.32 32.39 

Substructure 6 7 8 9 10 

𝜃𝜃𝑀𝑀[𝐺𝐺𝐺𝐺𝑎𝑎] 30.72 35.09 38.43 39.88 36.27 

3.1 Bayesian FE Model Updating 

Three sets of simulated modal data are used 
in the Bayesian model updating. The first set 
consists of the eigenvalues 𝝀𝝀�   and 
displacement mode shapes 𝝓𝝓�   and the 
other two both consist of the eigenvalues 𝝀𝝀�  
and modal strains 𝜺𝜺� . These measurements 
are generated by adding random values 
chosen from zero-mean Gaussian 
distributions to the exact mode shapes and 
eigenvalues. The standard deviation 
coefficients 𝜎𝜎𝜀𝜀  for the two sets of modal 
strains are assigned different values 
representing different error levels.  

The joint prior PDF 𝑝𝑝(𝜃𝜃𝑀𝑀)  is determined 
with all model parameters assumed as 
independent gamma-distributed variables. 
All the prior mean values are assumed as 
37.5 GPa and all the corresponding standard 
deviations are assumed as 20 GPa. The joint 
posterior PDF is sampled using a Markov 
chain Monte Carlo method. The Metropolis-
Hastings algorithm has been used to 
generate 400000 samples of the updated 
model parameters, which was found 
sufficient for convergence of the mean 
values and standard deviations. The 
marginal posterior PDFs of the model 
parameters are subsequently calculated by 
the kernel-smoothing density estimation. 

The contour plots in Figure 2 give the 
normalized marginal posterior PDFs of the 
stiffness parameters for the 10 
substructures obtained using the three sets 
of simulated data. The standard deviation 
coefficients 𝜎𝜎𝜆𝜆  for the eigenvalues in the 

1 2 3 4 5 6 7 8 9 10
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three sets of data are all taken equal to 0.01, 
so the difference between the information 
contents obtained from displacement mode 
shapes and modal strains can be 
investigated by comparing the three 
updating results. The results in Figure 2(a) 
and Figure 2(b) are obtained using 
displacement mode shapes and modal 
strains, respectively, with both the 
coefficients 𝜎𝜎𝜙𝜙  and 𝜎𝜎𝜀𝜀  equal to 0.01. 
Although the displacement mode shape 
used in the identification has one more 
component than the strain mode shape, 
uncertainty on the results obtained from the 
modal strains is smaller than uncertainty on 
the results obtained from the modal 
displacements, which indicates more 
information can be obtained from modal 
strains with the same relative accuracy as 
mode shapes. By assigning a higher value to 
the coefficient 𝜎𝜎𝜀𝜀  for modal strains, the 
uncertainties on the results obtained from 
the modal strains increase. When the 
coefficient 𝜎𝜎𝜀𝜀 is assigned a value of 0.034, 
the marginal posterior distributions of the 
model parameters shown in Figure 2(c) are 
found to be very similar to the results for 
displacement mode shapes in Figure 2(a). 

(a) using data 𝝀𝝀�  and 𝝓𝝓�  with 𝜎𝜎𝜙𝜙 = 0.01

(b) using data 𝝀𝝀�  and 𝜺𝜺� with 𝜎𝜎𝜀𝜀 = 0.01

(c) using data 𝝀𝝀�  and 𝜺𝜺� with 𝜎𝜎𝜀𝜀 = 0.034
Figure 2 Contour plots of the normalized
marginal posterior PDFs, within their 99.9%
confidence intervals, of the stiffness
parameters along the beam

3.2 Information Entropy 

The joint posterior PDF 𝑝𝑝�𝜽𝜽M��̃�𝐝� 
represents the uncertainty of the model 
parameters based on the information 
contained in the observed modal data. The 
information entropy, defined by 

ℎ��̃�𝐝� = 𝔼𝔼�− log𝑝𝑝�𝜽𝜽M��̃�𝐝�� =

−∫ log𝑝𝑝�𝜽𝜽M��̃�𝐝� 𝑝𝑝�𝜽𝜽��̃�𝐝�𝑑𝑑𝜽𝜽𝐷𝐷  ( 5) 

has been introduced [5] to provide a unique 
scalar measure of the uncertainty of the 
updated model parameters. The information 
entropy depends on the observed data �̃�𝐝 , 
and in this paper, �̃�𝐝 = �𝝀𝝀�𝒓𝒓;𝝓𝝓�𝒓𝒓; 𝜺𝜺�𝒓𝒓�. 

Specifically, when the number of measured 
data is large, the following asymptotic 
approximation can be derived for the 
information entropy 

ℎ��̃�𝐝� ≈ 𝐻𝐻(𝜽𝜽M) = 1
2
𝑁𝑁𝑀𝑀 log 2𝜋𝜋 −
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1
2

log�det𝐐𝐐�𝜽𝜽�M��     (6) 

where 𝜽𝜽�M is the maximum likelihood point 
that minimizes the fitness function 𝐽𝐽𝑟𝑟(𝜽𝜽M) 
given by Eq. (4), and 𝐐𝐐�𝜽𝜽�M�  is the Fisher 
Information Matrix (FIM) evaluated at 𝜽𝜽�M . 
The information entropy measure reflects 
the uncertainty of the updated model 
parameters.  

The posterior covariance matrices for the 
three Bayesian updating results are 
calculated from the 400000 MCMC samples 
and the corresponding information entropy 
values are 14.0, 4.2 and 13.9, respectively. 
The information entropy of the results 
obtained using the first and last sets of data 
is very close, meaning that the two sets of 
data lead to a similar gain in information as 
quantified by the entropy measure. This 
agrees with the fact that the resolutions of 
the updated stiffness parameters in Figure 
2(a) and Figure 2(c) are very similar. The 
comparison of the information entropy 
implies that in order to obtain the same 
amount of information from the two types 
of modal data, the standard deviation 
coefficient of modal strains can be about 
three times as the coefficient of 
displacement mode shapes. 

3.3 Sensitivity Analysis 

Figure 3 illustrates that the sensitivity of the 
modal strain with respect to the model 
parameters along the beam has a peak at the 
location of the measuring point, whereas for 
the sensitivity of the displacement mode 
shape, no obvious peak is observed and the 
dominant values are more uniformly 
distributed along the beam.  

Figure 3 Contour plots of the normalized 
sensitivities of modal strains (left) and 
displacement mode shapes (right) for the 
first bending mode with respect to model 
parameters. 

Although the displacement mode shapes and 
modal strains can give the same amount of 
information regarding the model parameters 
as quantified by the information entropy, the 
posterior correlation matrices and modal 
sensitivities indicate that the model 
parameters are resolved differently. The model 
parameters updated using displacement mode 
shapes gain information from the modal data 
measured all over the beam whereas modal 
strains provide more localized information for 
the Bayesian model updating. So it seems very 
appealing to use the two types of modal data 
together in the Bayesian model updating. The 
local information provided by modal strains 
can be regarded as complementary to the 
global information obtained from natural 
frequencies and displacement mode shapes. 

3.4 Local Uncertainty Reduction 
Using Modal Strains 

In order to illustrate how including modal 
strains complements the global information 
provided by natural frequencies and 
displacement mode shapes, the marginal gain 
in information by one additional 
accelerometer or strain sensor is investigated 
here. Consider that a set of accelerometers 
have been placed on the RC beam, and now 
one additional acceleration or strain sensor is 
deployed. The initial sensor configuration 
consists of 11 accelerometers, uniformly 
distributed along the beam. Figure 4 shows 5 
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cases with a different location for the 
additional sensor and the 5 locations belong to 
the 5 substructures in the left-half of the beam, 
respectively. Each case in Figure 4 corresponds 
to two new sensor configurations depending 
on the type of additional sensor. 

The modal parameters used for the Bayesian 
model updating are selected from the first and 
last sets of simulated modal data with the 
same standard deviations. Altogether, 11 
Bayesian updating results corresponding to 
the initial sensor configuration and 10 new 
configurations are obtained. In Table 2, the 

MAP estimates 𝜽𝜽MAP , posterior mean values 
𝝁𝝁PO  and standard deviations 𝝈𝝈PO  are listed. 
The MAP estimates and posterior mean values 
for all sensor configurations are very similar, so 
only the standard deviations are listed for the 
10 new configurations. The bar graphs in 
Figure 5 show the reductions in the standard 
deviations of every updated model parameter 
obtained by adding the information from the 
new sensor. When an additional strain sensor 
is used, the reduction in uncertainty is mostly 
concentrated in the neighborhood of the 
added sensor. 

Figure 4 The initial sensor configuration and 5 cases for adding an accelerometer or a strain 
sensor to the initial configuration 

Table 2 MAP estimates 𝜽𝜽𝑀𝑀𝑀𝑀𝑀𝑀 , posterior mean values 𝝁𝝁𝑀𝑀𝑃𝑃 , standard deviations 𝝈𝝈𝑀𝑀𝑃𝑃  and 
COVs of the stiffness parameters 𝜽𝜽𝑀𝑀  for the initial sensor configuration and posterior 
standard deviations 𝝈𝝈𝑀𝑀𝐴𝐴  (adding an accelerometer), 𝝈𝝈𝑆𝑆𝐴𝐴 (adding a strain sensor) for Case i 
(1-5) 

Sub- 
structure 

Initial Config. [GPa] Case 1 Case 2 Case 3 Case 4 Case 5 
𝜽𝜽MAP 𝝁𝝁PO 𝝈𝝈PO COV [%] 𝝈𝝈𝑀𝑀1 𝝈𝝈𝑆𝑆1 𝝈𝝈𝑀𝑀2 𝝈𝝈𝑆𝑆2 𝝈𝝈𝑀𝑀3 𝝈𝝈𝑆𝑆3 𝝈𝝈𝑀𝑀4 𝝈𝝈𝑆𝑆4 𝝈𝝈𝑀𝑀5 𝝈𝝈𝑆𝑆5 

1 44.53 46.23 4.95 10.7 4.75 4.46 4.79 4.56 4.82 4.79 4.8 4.81 4.99 4.79 
2 39.89 40.4 2.25 5.58 2.19 2.11 2.08 1.87 2.16 2.06 2.15 2.21 2.2 2.13 
3 35.88 36.15 2.28 6.3 2.21 2.24 2.18 2.1 2.17 1.91 2.18 2.19 2.13 2.11 
4 36.2 36.58 2.43 6.65 2.36 2.4 2.41 2.4 2.37 2.34 2.28 1.98 2.3 2.25 
5 31.24 32.43 3.26 10 3.19 3.21 3.07 3.14 3.17 3.17 3.08 3.08 3.03 2.09 
6 30.51 31.55 3.11 9.86 3.06 3.07 2.97 2.99 3.06 2.99 2.94 3.02 2.97 2.38 
7 34.86 35.01 2.26 6.46 2.21 2.25 2.25 2.25 2.23 2.24 2.16 2.11 2.14 2.18 
8 38.52 38.81 2.62 6.75 2.6 2.6 2.57 2.55 2.56 2.48 2.54 2.59 2.48 2.42 
9 39.43 39.65 2.22 5.61 2.22 2.22 2.21 2.2 2.18 2.19 2.22 2.22 2.14 2.12 

10 36.15 37.1 3.52 9.48 3.52 3.52 3.54 3.49 3.49 3.48 3.53 3.5 3.43 3.32 
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（c）Case 3

（d）Case 4

（e）Case 5

Figure 5 Reductions (%) in the standard 
deviations (SDs) of every updated model 
parameter with the black bar denoting 
adding a strain sensor and the white bar 
denoting adding an accelerometer 

The complementarity of the two types of 
information is directly reflected by the 
difference in the reduced uncertainty resulting 
from the additional sensor. The marginal 
information obtained using modal strains is 
very local, from which it can be deduced that a 
sufficiently dense network of strain sensors is 
needed for a global assessment of the stiffness 
of a structure, which is quite difficult to 
achieve in practical applications. Natural 
frequencies and displacement mode shapes 
provide global information on the model 
parameters, even when the number of sensors 
is relatively low, so it is better to combine data 
of both types in FE model updating. 

4 Conclusion 

In this paper, the benefit of including modal 
strains in FE model updating for damage 
assessment is investigated. Since modal strains 
provide local information on the stiffness, 
modal strains in FE model updating is very local. 
The information provided by modal strains can 
be used to complement the global information 
provided by natural frequencies and 
displacement mode shapes. The effectiveness 
is illustrated using both the simulated and 
experimentally identified modal strains. 
Including modal strains in FE model updating is 
an effective way to obtain additional local 
information, and is therefore particularly 
beneficial for the damage localization and 
quantification in the areas that are very critical 
or poorly resolved if only using acceleration 
data. 
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Abstract 
Automated image-based bridge crack detection, as a promising technique, can be used to overcome 
the limitations of human visual inspection. However, results from current image-based methods are 
generally localized and lack 3D geometric information, which makes it difficult for structural 
assessment. To solve this issue, a crack detection method that combines deep learning and 3D 
reconstruction is proposed in this paper. Firstly, a 2D feature-based approach is developed to extract 
keyframes from the video adaptively. Secondly, a segmentation network is implemented to conduct 
pixel-level crack segmentation. Finally, image-based 3D reconstruction and crack mapping are used 
to create the 3D structure model with crack semantics. A field experiment is also carried out on an 
in-service concrete bridge for validation and discussion of the proposed method. The 3D model 
created by the proposed method can significantly improve the crack inspection of concrete bridges. 

Keywords: bridge crack inspection; crack detection; deep learning; 3D reconstruction. 

1 Introduction 
As one of the most important transport 
infrastructures, bridges are vital to the proper 
functioning of modern society. To ensure the safety 
of bridges, regular visual inspections are required, 
of which surface cracks are one of the 
indispensable inspected items. Currently, the 
inspection of surface cracks in bridges is mainly 
conducted manually, which consumes human 
resources and has the limitations of being time-
consuming and dangerous [1]. 

To improve the crack inspection process, computer 
vision-based methods for automated bridge crack 
detection have been widely studied in the last two 
decades. Traditional image-based crack detection 
is mainly based on image processing techniques 
(IPT) [2,3], but these methods are difficult to 
distinguish the crack-like interference (e.g., 
Shadow) in complex scenes. Recently, deep 
learning is regarded as a promising technique and 
has been widely used in crack detection [4-6]. Deep 
learning-based methods greatly improve the 
identification capability by learning crack features 
from the dataset and show great potential for 
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practical applications. Many deep learning-based 
image crack detection methods are successfully 
deployed in intelligent vehicles such as UAVs [7] 
and wall-climbing robots [8], which can effectively 
automate crack detection. 

However, to capture cracks clearly, the image used 
for crack detection often only covers small regions 
of the structure each time [9]. Therefore, most 
image-based methods only provide partial and 
discrete results. In addition, 2D images cannot 
provide 3D geometric information about cracks as 
well as structures. These make it difficult to assess 
the safety of the entire structure. 

3D reconstruction based on structure from motion 
(SFM) can be used to build a 3D model of the entire 
structure using sparse images to improve crack 
detection [10]. However, traditional SFM 
techniques have difficulty in handling video data 
[11], which limits the application of the method in 
crack inspection. 

In this paper, for the global detection of surface 
cracks on the structure in the 3D space, a crack 
detection method is proposed to automate the 
creation of a 3D crack inspection model through 
video data. Firstly, a 2D feature-based method is 
proposed for extracting keyframes from video 
adaptively. Then, the deep learning-based crack 
segmentation network is used for the automated 
pixel-level segmentation of keyframes. Finally, a 3D 
structure model with crack semantics is built using 
image-based 3D reconstruction and crack mapping. 
To illustrate and validate the proposed method, a 
field experiment is performed on an in-service 
concrete bridge. In addition, the effects of the 
keyframe selection strategy on the building of the 
3D crack inspection model are discussed. 

2 Methodology 
The workflow of the proposed method is shown in 
Figure 1. The proposed method can take the video 
captured from the structure surface by any vehicle 
carrying a monocular camera, such as a UAV or a 
crawling robot, as the input. A 3D crack inspection 
model can be automatically created from video in 
four steps. Firstly, a 2D feature-based method is 
developed to capture keyframes from the video. 
Secondly, the pixel-level crack segmentation is 

performed for the keyframes. Then, structure from 
motion (SFM) is used to estimate the camera poses 
and complete the sparse reconstruction of the 
structure surface. Finally, a dense point cloud 
model for the structure surface with crack 
semantics is created by the multi-view stereo (MVS) 
algorithm and the 3D crack mapping approach. 

Figure 1. Proposed workflow of automated crack 
detection for concrete bridges  

2.1 Keyframe selection 

Inspection by a way of videography is usually more 
efficient than taking many images. However, 
traditional SFM-based 3D reconstruction methods 
have difficulty handling video data. To solve this 
problem, it is first necessary to select a suitable set 
of sparse images from the video, a step also known 
as keyframe extraction. These images need to meet 
the requirements of the overlap rate (usually 
required to be above 60%) between images for the 
SFM algorithm and should try to avoid redundancy 
images causing waste of computational resources. 
An easy approach is to extract at fixed time 
intervals (FTI) [12], but this method may be easily 
affected by the speed of camera movement and 
the blurriness of images. 

In this study, a 2D feature-based approach is 
proposed to select keyframes from videos 
adaptively. Firstly, the blurred low-quality video 
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frames are filtered using the Laplacian operator 
[13]. The first frame 𝐼𝐼1 is set as the initial keyframe, 
and 𝐼𝐼𝑖𝑖 will be fed into the next selection round by 
satisfying: 

𝐿𝐿(𝐼𝐼𝑖𝑖) > 𝐿𝐿𝑡𝑡ℎ (1) 

where 𝐿𝐿(𝐼𝐼𝑖𝑖) is the i-th frame’s variance of Laplacian, 
and 𝐿𝐿𝑡𝑡ℎ  is a pre-set threshold of variance. In this 
study, 𝐿𝐿𝑡𝑡ℎ is set to 15. Then, the newness 𝑁𝑁𝑖𝑖  of the 
i-th frame 𝐼𝐼𝑖𝑖  is computed based on feature
extraction and feature matching for indirectly
measuring the overlapping between the current
frame and the previous keyframe. The i-th frame 𝐼𝐼𝑖𝑖
is determined as a keyframe 𝐾𝐾𝑗𝑗  if the following
equation is satisfied:

𝑁𝑁𝑖𝑖 < 𝑁𝑁𝑡𝑡ℎ (2) 

where 𝑁𝑁𝑡𝑡ℎ is a pre-set threshold of newness. Two 
types of newness, difference-based newness 𝑁𝑁𝑑𝑑 
and ratio-based newness 𝑁𝑁𝑟𝑟 , are designed, 
represented by the following equation： 

𝑁𝑁𝑑𝑑𝑖𝑖 = 𝐹𝐹(𝐼𝐼𝑖𝑖,𝐾𝐾𝑗𝑗−1) (3) 

𝑁𝑁𝑟𝑟𝑖𝑖 =
𝐹𝐹(𝐼𝐼𝑖𝑖,𝐾𝐾𝑗𝑗−1)
𝑆𝑆(𝐾𝐾𝑖𝑖−1)

(4) 

where 𝑆𝑆(∙)  is the number of feature points 
extracted by SIFT feature extraction, and 𝐹𝐹(∙) is the 
number of matching points obtained by FLANN 
feature matching. By limiting the newness in Eqn. 
(2), overly redundant frames can be removed and 
keyframes with more new features can be selected. 

2.2 Crack segmentation network 

In the proposed method, a trained deep learning-
based crack segmentation network is used to 
identify cracks in the selected keyframes. The 
segmentation network achieves accurate crack 
segmentation by providing a prediction for each 
pixel as to whether it belongs to the crack or not. 

In this study, CE-Net [14], a segmentation network 
for medical images, is applied to perform crack 
segmentation. CE-Net is an encoder-decoder 
architecture network that improves on the classic 
U-Net network and consists of three main
components ：  a feature encoder, a context

extractor, and a feature decoder. The crack 
features can be effectively extracted from the raw 
image by the feature encoder and the context 
extractor. The extracted high-dimensional crack 
features are then recovered by the feature decoder. 
Finally, a binary image containing pixel-wise binary 
classification results can be obtained from the 
segmentation network. 

A dataset of 801 images, where the images are 
captured on concrete bridges, is used to train the 
CE-Net. The binary cross-entropy (BCE) loss is used 
as the loss function. The Adam optimizer is used to 
achieve convergence of the training model. 

2.3 3D reconstruction 

In this study, image-based 3D reconstruction is 
applied to integrate the detection results from 
discrete local images to build a 3D crack inspection 
model, which is implemented by combining the 
SFM and the MVS algorithm. The classical SFM 
algorithm can estimate the camera poses and 
reconstruct a sparse point cloud model of the 
scene base on a set of overlapping images, which is 
implemented by OpenMVG [15] using C++ in this 
study. The MVS algorithm can be used as a back-
end to the SFM algorithm to build a more detailed 
dense point cloud model using the camera poses 
and the sparse point cloud, which is implemented 
by OpenMVS [16] using C++. The dense point cloud 
is chosen as the crack inspection model because it 
can provide 3D geometry information about the 
cracks on the structure effectively and can be 
processed and developed further by point cloud 
processing [17]. 

To characterize and locate cracks in the point cloud 
model, a crack 3D mapping method is developed. 
For each point in the generated point cloud, the 3D 
point is mapped to the closest 2D image based on 
the corresponding camera pose, and the point is 
given semantics based on the class of the pixel at 
the mapped location. Based on this, the cracks 
segmented in the images can be mapped and 
integrated into a 3D point cloud model. 

3 Experiment 
In this section, a field experiment is conducted on 
an in-service concrete bridge pier located in Hunan 
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Province, China. The selected test bridge pier is 
shown in Figure 2. The visible elements of the 
selected test pier above ground level include a 
rectangular pier body of about 3m in height and 
10m in circumference, and a cap beam of about 
1.4m in height. Multiple cracks were found in the 
middle of the pier body. Video data is captured 
from this bridge pier to demonstrate the proposed 
method. 

Figure 2. The test concrete bridge pier 

3.1 Video data acquisition 

In the field experiment, a monocular industrial 
camera with a focal length of 2.1mm is used to 
continuously capture video data from the concrete 
surface at a resolution of 1920 × 1080 pixels and a 
frame rate of 30. 

To simplify the experimental process, only the 
middle of the pier body of the test pier is selected 
as the main inspection area for crack detection. 
When capturing the inspection area, the work 
distance from the camera to the surface of the 
bridge pier is controlled to be within 0.3m for 
obtaining an image accuracy of at least 
0.3mm/pixel. After capturing the crack inspection 
area, a larger working distance is used to 
reconstruct the entire bridge pier more easily. The 
surface of the bridge pier was scanned by 
controlling the camera to move around in a 
clockwise path. A video of 7 minutes and 29 
seconds was finally captured for the demonstration 
of the proposed method. 

3.2 Results 

The captured video was fed into the framework of 
the proposed method. 623 keyframes were 
extracted by the ratio-based 2D feature method, 
and these images were then used for subsequent 
crack detection and 3D reconstruction. 

Figure 3 shows some examples of the crack 
segmentation results for the extracted keyframes 
using the trained CE-Net crack segmentation model. 
The results show that the trained CE-Net model 
based on deep learning is effective and accurate in 
segmenting concrete cracks in real scenes. The 
crack segmentation results obtained by the trained 
CE-Net model are very similar compared to those 
obtained by image-based manual visual inspections. 
Even for some blurs and thin cracks, the trained CE-
Net model can give good results. 

Figure 4 presents the visualization of the results of 
the SFM process in OpenMVG. The results show 
that SFM estimated the camera poses well and 
established the sparse point cloud of the scene 
successfully.  

Figure 5 shows the 3D point cloud model with crack 
semantics for the test pier built by the proposed 
method. The precisely segmented cracks in the 
local images were mapped onto the point cloud 
model and characterized by the red points. 
Compared to the 2D image in the local field of view, 
the established 3D model can provide the global 
crack information on the overall structure. The 3D 
geometrics of the cracks and piers as well as the 
relative position of the cracks on the piers can be 
obtained visually and recorded accurately from the 
created 3D model, which provides useful 
information for crack assessment and long-term 
monitoring. 
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Figure 3. Example of crack segmentation results 

Figure 4. Results of the sparse point cloud and the 
camera poses 

Figure 5. 3D point cloud model with crack 
semantics for the test pier 

4 Discussion 
During the experiment, it is found that the quantity 
and quality of keyframes extracted from the video 

may significantly affect the accuracy and the 
efficiency of building the final crack inspection 
model. The keyframe selection strategy 
determines the keyframes used for crack detection 
and 3D reconstruction. Therefore, a 52-sec 
representative sub video was clipped from the raw 
video to discuss the effect of the keyframe 
selection strategy on the effectiveness and 
efficiency of the proposed method. 

4.1 Effect of different keyframe selection 
strategies 

This subsection compares the performance of 
three different keyframe selection strategies 
including, the ratio-based 2D feature method 
(RFM), the difference-based feature method (DFM), 
and the fixed-time interval method (FTI). For 
comparison, 48, 48, and 50 keyframes were 
extracted from the video by the RFM with 𝑁𝑁𝑡𝑡ℎ =
0.175, the DFM with 𝑁𝑁𝑡𝑡ℎ = 200, and the FTI with a 
1.06-sec time interval respectively.  

Figure 6 shows the 3D model created by the three 
different keyframe selection strategies. Table 1 
shows the Results of images alignment and 
reprojection error in SFM. The reprojection error is 
a metric for assessing the accuracy of the SFM 
process. As shown in Figure 6(a), a complete bridge 
pier surface model was built by the proposed RFM. 
In addition, the RFM obtained the lowest 
reprojection error as listed in Table 1. The DFM 
extracted the same number of images as the RFM 
but obtained a higher reprojection error than the 
RFM and cannot build a complete model of the 
bridge pier surface, as shown in Figure 6(b). The FTI 
extracted a larger number of images. However, FTI 
obtained the worst results, with only 29 images 
aligned successfully in the SFM, reconstructing only 
part of the bridge pier surface, as shown in Figure 
6(c). 

By analyzing the positional distribution of the 
extracted images, the FTI was found to be heavily 
influenced by the uneven camera movement speed. 
For the FTI, the overlap between the extracted 
images in the faster-moving areas is not sufficient 
to complete image alignment, while more 
redundant images were extracted in the slower-
moving areas. The DFM was influenced by the 
number of features in the scene as it evaluates the 
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newness of the images by the feature difference. 
Only sparse images were extracted in the areas 
with a high number of features, while more 
redundant images were extracted in the areas with 
a low number of features. However, compared to 
FTI and DFM, the proposed RFM was unaffected by 
camera movement speed and overcame the 
drawback of being sensitive to the number of scene 
features by evaluating newness through feature 
ratios. Therefore, the proposed RFM is the best of 
the three keyframe extraction strategies that can 
obtain a lower reprojection error and complete the 
3D reconstruction with fewer images. 

Figure 6. 3D model created by different keyframe 
selection strategies 

Table 1. Results of images alignment and 
reprojection error in SFM 

Method 
Number of images Reprojection 

error Selected Aligned 

RFM 48 48 0.591 

DFM 48 48 0.768 

FTI 50 29 - 

4.2 Effect of the threshold of newness 

In the proposed RFM, the threshold of newness 
𝑁𝑁𝑡𝑡ℎ  is a key factor controlling the keyframe 
extraction. Five sets of images were generated by 
the RFM at the different thresholds of newness 
including 0.15, 0.175, 0.2, 0.25, and 0.3, which 
were used to study the effect of the thresholds of 
newness on the effectiveness and time 
consumption of building a crack inspection model. 

The time consumed includes the processing time 
for crack detection and 3D reconstruction. 

The results of the effectiveness and time 
consumption at the different thresholds of 
newness were shown in Figure 7. With increasing 
𝑁𝑁𝑡𝑡ℎ , the number of extracted keyframes and the 
time consumption of building a crack inspection 
model increase significantly. In addition, when 𝑁𝑁𝑡𝑡ℎ 
is taken as 0.15, the number of extracted images is 
so small that the requirement of image overlap rate 
cannot be satisfied, which results in the inability to 
build a complete crack inspection model. Based on 
the analysis, the optimum result was obtained 
when 𝑁𝑁𝑡𝑡ℎ  is taken as 0.175, which can ensure a 
complete dense reconstruction while consuming 
the minimum computation time. 

Figure 7. Results of the effectiveness and time 
consumption at the different thresholds of 

newness 

5 Conclusions 
In this paper, an automated crack detection 
method based on deep learning and 3D 
reconstruction for concrete bridges is proposed. A 
3D point cloud model with crack semantics for the 
entire structure can be automatically created using 
video by the proposed method, which enables the 
global detection of cracks and the acquisition of 3D 
geometric information. A field experiment was 
conducted on an in-service concrete bridge to 
illustrate, validate, and analyze the proposed 
method. The following conclusions were obtained. 

(1) The proposed method can effectively generate
a 3D point cloud model for the bridge surface,
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containing global location information and 3D 
geometrics of cracks. Compared with traditional 
image-based crack detection results, the 3D model 
can provide more reliable and useful information 
for the crack assessment of the overall structure. 

(2) Compared with the fixed-time interval method
and difference-based 2D feature method, the
proposed ratio-based 2D feature method can
select more suitable keyframes from the video for
a more effective 3D reconstruction.

(3) In the proposed ratio-based 2D feature method, 
the threshold of newness significantly affects the
effectiveness and the processing time of building a
crack inspection model. Using a threshold of 0.175
can achieve a good balance between effectiveness
and computational efficiency for the proposed
method.

In the future, further studies can be carried out to 
improve the techniques proposed in the paper. (1) 
Automated conversion of point cloud model with 
crack semantics information to the building 
information model or the finite element model. (2) 
The image-based 3D reconstruction technique 
could be combined with multimodal sensors, such 
as LiDAR, to decrease its sensitivity to ambient 
lights and increase its redundancy. 
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Abstract 
With the improvement of the informatization and digitization of bridge structures, the importance 
of technologies such as Building Information Modeling(BIM) and computer vision is constantly 
increasing. This type of technology all relies on a scan of the structure's appearance. However, based 
on the principle of optical imaging, there is a contradiction between imaging field of view(FOV) and 
pixel resolution. Therefore, the existing apparent detection or scanning technology either uses 
lower pixel resolution to obtain the structured apparent image at the panoramic scale, or a series 
of scattered high-resolution images in a local area, which has caused two aspect of defects in the 
detection of apparent damage. On the one hand, low-resolution image data has an adverse effect 
on the accuracy of deep learning or machine vision models. On the other hand, due to the single 
surface texture of concrete materials, the number of feature points is scarce in image processing, 
which reduces the stability of the image stitching algorithm based on feature points. These problems 
make the apparent images collected in the current inspection work cannot be well applied to the 
long-term evolution analysis of apparent damage. In order to achieve high-resolution imaging within 
the panoramic range of the structure, we propose a panoramic image stitching method. Firstly, the 
traditional single-view imaging is extended to multi-view imaging, and the result images are used 
for panoramic stitching. Because the feature information in a single image is greatly increased, the 
stability of the image stitching algorithm based on feature point matching has also been greatly 
improved. Secondly, through experiments, we determine the number of cameras with the highest 
efficiency for this novel panoramic image stitching method. Lastly, based on real bridge image data, 
we evaluate and compare several image stitching algorithms in terms of accuracy, efficiency, and 
robustness. The experimental results show that this panoramic image stitching method can be well 
adapted to the apparent scanning task of large-scale components in concrete bridges, and is 
meaningful for the standardization and automatic acquisition of structural appearance images.  
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1 Introduction 
Currently, most bridges in service are faced with 
heavy traffic flow and complex environmental 
effects. Due to the limitations of management and 
maintenance theory and technology, bridges are 
often faced with many problems such as delays in 
defect detection and untimely status perception. 
Among them, the concrete continuous girder 
bridge is a kind of bridge with a large proportion 
among bridge types, and its apparent defects 
mainly include cracks, spallation, void and pit. 
Bridge inspection plays an indispensable and 
important role in the process of bridge 
construction, management and maintenance, 
which can detect the initiation of defects and repair 
them in time [1]. 

The inspection of the concrete continuous beam 
bridge mainly relies on manual visual inspection, or 
a special mobile bridge inspection vehicle. The 
manual detection method is relatively mature and 
has a wide range of applicability, but it still has 
defects such as long diagnosis time, complicated 
detection process, and relatively large influence of 
subjective factors. Furthermore, it is impossible to 
form a digital and intelligent management of 
apparent defects data , and difficult to ensure the 
personal safety. 

In recent years, due to the technological 
development and low price of airborne equipment, 
there have been cases of using airborne equipment 
to replace human eyes for bridge inspection, and 
there is a trend to replace bridge inspection 
vehicles. Because the airborne vision system has 
the advantages of high flexibility, fast speed, high 
efficiency, low cost and intuitive data source, the 
inspection method based on airborne vision 
technology has become one of the research 
hotspots in structural defect inspection. At present, 
the research on the apparent inspection of 
concrete beam bottom mainly focuses on using the 
high-resolution optical camera mounted on the 
UAV flight platform to obtain images, and 

combining computer vision to realize apparent 
defect recognition. 

In general, for the apparent inspection of 
concrete bridges, the research at the part of defect 
recognition algorithms has been relatively mature. 
However, it should be pointed out that although 
the airborne equipment has greatly expanded the 
inspection field compare to the traditional manual 
inspection, and improved the efficiency and 
accuracy of the defect recognition, in terms of the 
design and working method of the equipment, the 
correlation with the later image data analysis and 
the actual maintenance work is weak. 

For the apparent inspection of concrete 
continuous beam bridges, the main difficulty lies in 
how to accurately recognize and locate the defects. 
In terms of recognition accuracy, the inspection 
accuracy of concrete cracks in most of the 
specifications has reached 0.1mm, which means 
that the field of view of the images are very narrow 
relative to the size of the bridge components for 
optical imaging based on the pinhole imaging 
model. In most cases, the defects cannot be 
completely recorded by a single photographing 
under the restriction of measurement accuracy. In 
terms of defect localization, most of the current 
image acquisitions are random shooting, which can 
neither achieve accurate measurement of disease 
characteristics nor obtain the specific distribution 
location of the defect. 

Panoramic stitching is an effective technology to 
solve the above problems. Image stitching 
combines two or more images with overlapping 
fields of view to form a higher resolution image. 
Through panoramic stitching, the sequence images 
in the same scene can be stitched together to form 
a composite image with a larger field of view(FOV), 
so as to obtain all the information of the area. This 
technology is widely used in remote sensing 
mapping [2], geological exploration [3] and other 
fields, and has obvious advantages. 

In this paper, a panorama stitching method was 
proposed and practiced on a concrete continuous 
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beam bridge. Firstly, based on the coded 
calibration board and the registration algorithm, an 
image correction and stitching method with multi-
view image acquisition device was developed. The 
pre-stitching algorithm greatly improved the field 
of view of a single imaging; secondly, by using the 
area-based registration algorithm, the sequence 
images along the longitudinal bridge direction were 
successfully stitched. Due to the improvement of 
image information entropy , the efficiency and 
accuracy of stitching was greatly improved. 

2 Frameworks 

Figure 1. The proposed method framework 

As indicated in Figure 1, the proposed panoramic 
stitching method consists of two main parts. In the 
hardware part, we developed an IoT based multi-
view image acquisition device consisting of three 
major modules to capture the images of the beam 
bottom area. Then by utilizing a specific designed 
coded calibration board, the image stitching 
algorithm was designed to generate a panoramic 
image. 

2.1 Multi-view Image Acquisition Device 

Generally, image stitching can be divided into three 
steps: image pre-processing, image registration 
and image blending. Among these steps, image 
registration is the most critical one. At present, 

there are mainly three kinds of registration method 
including the area-based registration [4], the 
feature-based registration [5], and the phase-
based registration [6]. However, for the concrete 
bridge structure, the surface of its components has 
the problems of not rich texture and sparse feature 
points, so that the stitching accuracy and efficiency 
is relatively low, compare with other kinds of 
building materials (i.e. steel and timber). 

Therefore, a highly scalable multi-view image 
acquisition device was developed in this paper as 
Figure 2 has shown. The device consists of three 
major modules. 

1)The image acquisition module. It contains a
camera with an extra telephoto lens, a group of 
lamp beads, and a PoE interface. It can capture the 
images with precise positioning and a pixel-level 
precision of 0.1 mm scale. 

2)The rigid frame of platform. It consists of a
series of rigid frames with same specification, each 
frame can carry the same number of image 
acquisition modules, and these frames can be 
closely connected through the expansion interface. 

3)The IoT based controller module. It includes a
micro computer and various interfaces. The 
computer is the controller of the imaging trigger, 
the processor of the obtained images, and the data 
transfer of the panorama. 

Figure 2. Multi-view image acquisition device 

Figure 3. The proposed coded calibration board 
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2.2 Image Calibration 

In this study, we propose a novel framework for 
multi-view image calibration by using a specific 
coded calibration board, which is specially set for 
the images photographed in this special case. 

As illustrated in Figure 3, the proposed 
calibration board is patterned by the chessboard [7] 
(frequently used in camera calibration and ArUco 
(with full name of Augmented Reality University of 
Cordoba) [8] markers (used in computer vision 
technology to serve as control points). These 
markers can be detected accurately and very fast. 

Concretely, through this coded calibration board, 
we completed the two main steps of stitching 
including image geometric correction and image 
registration in a single calibration imaging. 

Firstly, due to the size of each lattice is previously 
known, the pairs of control points can be 
determined directly, thus, the perspective 
distorted images can be rectified by applying the 
perspective transformation with the detected 
corners in the chessboard. The homography matrix 
H is the core parameter for the transformation 
process. The perspective transformation formula 
are shown as Eqns. (1-2). 

𝑥𝑥′ = 𝑯𝑯𝑥𝑥 (1) 

⎩
⎪
⎨

⎪
⎧𝑥𝑥 =

𝑎𝑎1𝑥𝑥′ + 𝑎𝑎2𝑦𝑦′ + 𝑎𝑎3
𝑐𝑐1𝑥𝑥′ + 𝑐𝑐2𝑦𝑦′+ 1

𝑦𝑦 =
𝑏𝑏1𝑥𝑥′ + 𝑏𝑏2𝑦𝑦′+ 𝑏𝑏3
𝑐𝑐1𝑥𝑥′ + 𝑐𝑐2𝑦𝑦′ + 1

 (2) 

In order to solve the eight unknown parameters, 
four pairs of points are required at least. In practice, 
based on the coded calibration board, we first 
detect the corners among the image and manual 
select the 4 most outside corners as the control 
points. After that, the H matrix can be solved. 

Secondly, to make the stitching between 
adjacent cameras’ images more stable, a code-
based method was proposed, which will be color 
and texture-independent. 

Figure 4. ArUco markers detection and matching 

As seen from Figure 4, we use the ArUco module 
from the OpenCV open source library as the 
generation tool for coded calibration board, the 
module has 25 predefined marker dictionaries, and 
all ArUco markers in each dictionary contain the 
same number of blocks or bits (i.e. 4×4, 5×5, or 7
×7). Besides, the number of ArUco markers in 
each dictionary is fixed and not repeated (i.e. 50, 
100, 250, or 1000). In this study, we adopt a 
dictionary with 1000 markers and placed them 
randomly in the white squares of the chessboard 
without repetition. For the images of different 
views, we used the detectMarkers function to 
detect the ArUco markers in the image to recognize 
their unique ID numbers in the dictionary, and 
obtain the four corner positions of the upper left, 
upper right, lower right and lower left of the ArUco 
marker in order. Eqn. (3) shows the format of a 
detected marker’s location in image. 

{[𝐼𝐼𝐼𝐼𝑖𝑖, (𝑥𝑥1,𝑦𝑦1), (𝑥𝑥2,𝑦𝑦2), (𝑥𝑥3,𝑦𝑦3), (𝑥𝑥4,𝑦𝑦4)]} (3) 

After the ordered feature points were figured 
out in two adjacent images, we can use the marker 
ID to make the pairs of corresponding points 
directly, then the registration parameters can be 
solved by a least square method and use to align 
the adjacent-view images. It should be pointed out 
that since the cameras are not exactly at the same 
height due to errors during installation, the 
transformation and registration parameters 
between two adjacent corrected images here are 
not just translational displacements in the plane, 
also includes fine-tuning of out-of-plane 
transforms. 
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After image registration and blending, the 
stitching image can be obtained from the multi-
view camera group.  

2.3 Algorithm Practice 

In order to verify the performance of the 
registration algorithm and the splicing method on 
concrete components, an image acquisition 
experiment was first carried out inside a concrete 
box girder. In this experiment, two rigid aluminum 
alloy trusses were used as the platform for carrying 
the cameras, and the motor drive wheels were 
used as the power source for walking, and the 
image of bottom plate of the box girder was 
successfully obtained. Figure 5(a-d) shows the pre-
stitched image calculated by the registration 
algorithm, Figure 6 is a crack panoramic image with 
a large field of view formed after vertical stitching. 
Since the device almost moves along a straight line, 
the area-based registration algorithm can achieve 
a better stitching effect. 

Figure 5. The stitching process 

Figure 6. The experiment result 

3 Application 
For long-sequence image stitching, due to parallax, 
pixel error and imaging angle error, the 
transformation relationship obtained by only using 
the same name point between the two images for 
registration only achieves the optimal local 

matching, while for the global It is not optimal for 
stitching, so when the image sequence is too long, 
errors will accumulate and drift will occur, which is 
especially obvious in aerial photography. 

In this section, the proposed method was 
applied and evaluated in the concrete girder of a 
15-year continuous girder bridge. In this
experiment, we adopt a new imaging control
strategy according to the characteristics of this
bridge to improve the phenomenon of stitching
drift from external physical constraints.

3.1 Image Acquisition and Calibration 

The developed multi-view image acquisition device 
was installed as Figure 7 shown. The imaging 
parameters were listed in Table 1,  

Figure 7. The installation of the device 

Table 1. Parameters of the imaging system 

Parameters Units Valus 

Camera Image size px 3840×2160 

Image 
resolution px 8,000,000 

CMOS size ‘ 1/2.5’ 

Interface - PoE-12v

total 
number No. 10 

Measurement Coded-
board size mm 1250×300 

Chessboard 
size mm 15×15 

Scale factor mm/px 0.1 

3.2 Panoramic Image Stitching 

As shown in Figure 8, we used the bridge inspection 
vehicle as the platform for carrying the whole 
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image acquisition devices. Firstly, several sets of 
image acquisition module are connected together 
through rigid frames, and the whole system was 
placed in the truck body of the bridge inspection 
vehicle outrigger. Then we manually adjusted the 
distance between the outrigger and the beam 
bottom until the working distance of the camera 
group could match the measurement accuracy 
(0.1mm/px) requirement. After that, place the 
coded calibration board directly above the camera 
groups where close to the bottom of the beam as 
much as possible, after the camera groups took a 
shot at the same time, the H matrix of each camera 
and the registration parameters of adjacent 
cameras can be calculated. Finally, the bridge 
inspection vehicle was driven slowly along the 
longitudinal bridge direction, and the camera 
groups continuously shoot at the same time, and a 
series of strip images was obtained. 

Note that, considering the space limitation of the 
roadside light post on the outrigger of the bridge 
inspection vehicle, every time the bridge inspection 
vehicle travels about 10m (the distance between 
the light posts is about 15m), all the personnel and 
equipment in the truck body must be withdrawn, 
and then drove the vehicle forward to the next light 
pole interval. Throughout the experiment, we 
collected images of the beam bottom area in the 
three light pole intervals in total, and obtained a 
total of 1930 images with a resolution of 3840px×
2160 px. As for the panorama stitching along the 
bridge, due to the action characteristics of the 
bridge inspection vehicle and the sufficient overlap 
rate guarantee, we adopt the registration method 
of template matching for each sub-image sequence 
to obtain the sub-stitched-stripes. Then, according 
to the registration parameters obtained from the 
coding calibration, the sub-stripes are directly 
stitched horizontally. One of the panoramic image 
is shown in Figure 9. 

Figure 8. Beam bottom area scanning workflow 

Figure 9. Panoramic Image of the beam bottom 
area (Corresponds to real field of view 8.5m×6.5m) 

4 Conclusions and Discussion 
A novel computer vision-based method for 
generating apparent panoramic image in the 
bottom of concrete continues beam bridge is 
proposed in this study. The Multi-view image 
acquisition device was firstly developed to expand 
the field of view of a single imaging. In order to 
restrict imaging conditions, a series of rigid frames 
were designed to sever as the platform of camera 
groups. Afterwards, to acquire a pre-stitched image 
and improve the stability of registration, we also 
designed a specific coded calibration board-based 
stitching algorithm. In the end, based on the 
motion characteristics of the bridge inspection 
vehicle, the area-based registration algorithm was 
applying to stitch the pre-stitched images 
longitudinally, and finally the panoramic image of 
the beam bottom area was obtained. 

It is worth noting that, in the experiment part, due 
to the constant change of the beam height and the 
mechanical vibration of the bridge inspection 
vehicle platform, we can only roughly maintain the 
imaging distance unchanged, which makes some 
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images drift more obviously when performing 
panoramic stitching. This needs to be taken into 
account in subsequent hardware and algorithm 
design 

In summary, the proposed method is effective in 
the inspection of the beam bottom area in concrete 
continues beam bridge. The practical management 
of concrete apparent defects can benefits a lot 
from the conclusions above directly, while it is 
more helpful for the further mechanism analysis of 
defect development. 
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Abstract 
Indirect identification of bridge frequencies, which refers to identifying bridge frequencies from the 
dynamic responses of a vehicle moving or stopping on the bridge, has the potential to fast inspect 
bridges in large quantities. Although there have been extensive studies on this topic, most of them 
are built on theoretic analysis or numerical simulation, which could differ from the situations in real 
practice. As a complement, this study carries out an experimental investigation of the indirect 
approach for bridge frequency identification. In the experiments, a normal passenger car 
instrumented with accelerometers moves and stops on a real bridge for indirect sensing, and a 
stationary accelerometer is directly deployed on the bridge as a control. Experimental results 
provide some new insights into the indirect bridge frequency identification from the practical aspect. 

Keywords: indirect bridge frequency identification; vehicle-scanning method; drive-by sensing; 
power spectral density; signal-to-noise ratio; field test. 

1 Introduction 
Bridges are key traffic infrastructures that require 
regular inspections to ensure their operational and 
structural safety. Among the tasks of bridge 
inspections, one essential job is to identify the 
dynamic properties such as the natural frequencies 
of bridge structures [1]. Currently, one of the 
prevailing and familiar ways to identify the dynamic 
properties of in-service bridge structures is the 

fixed sensing framework. Tough the fixed sensing 
framework is pretty mature, it manifests some 
inherent demerits during the engineering practice. 
First and foremost, this framework is time- and 
labour-consuming because it needs to deploy a 
sensor network and a transmission system as a 
prerequisite [2]. Therefore, this framework is 
unable to satisfy the vast inspection demand for 
short- and medium-span bridges that are in large 
quantities. 
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Now that the disadvantages of the fixed sensing 
network origins mainly from the requirement of 
fixed sensors, an alternative idea is proposed to 
identify the dynamic properties of bridge 
structures with mobile sensors, which refers to the 
mobile sensing framework. A pioneering 
theoretical study on the mobile sensing framework 
in the field of bridge engineering is initiated by 
Yang et al. [3], who discovered that the bridge 
frequencies can be extracted from the dynamic 
response of a single-DOF spring-mass model 
passing on the bridge due to the vehicle-bridge 
interaction (VBI). The theory of VBI reveals that 
when vehicles pass by and excite the bridge, the 
induced bridge vibrations will make the vehicles 
vibrate as well. Hence, analysing the dynamic 
response of a vehicle is equivalent to indirectly 
analysing the dynamic response of bridge 
structures. 

Since there is no need to deploy any sensor on the 
bridge structure, the indirect mobile sensing 
framework has the potential to inspect bridges in 
large quantities without interrupting the traffic. 
This promising framework has attracted much 
interest, and a considerable amount of literature 
has been published on the indirect approach. 
However, most studies on this topic are built on 
theoretic analysis or numerical simulation [4], 
which could differ from the situations in real 
practice. As a complement, this study carries out an 
experimental investigation of the indirect approach 
for bridge frequency identification on a real bridge 
with a real car. 

2 Experimental Setup 

2.1 Vehicle Information 

In the experiments, a normal passenger car shown 
in Figure 1 is employed for indirect bridge 
frequency identification. Since this is a preliminary 
experimental investigation, no special vehicle such 
as the commonly used sensing trailer is used in this 
study. 

Figure 1. Photo of the instrumented vehicle 

The vehicle is instrumented with eight single-axis 
accelerometers, among which four are installed on 
the four axles and the other four are mounted on 
the vehicle body. The on-board sensor deployment 
is illustrated in Figure 2, and details of the sensor 
installation are shown in Figure 3, in which the 
accelerometers are circled. All the accelerometers 
are connected to a portable digital data acquisition 
system on the backseat of the car through cables. 

Figure 2. Diagram of the sensor deployment 

(a) 
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(b) 

Figure 3. Photos of the sensor installation: (a) 
sensors on axles; (b) sensors on the vehicle body 

2.2 Bridge Information 

The experiments took place on a cable-stayed 
bridge, of which the length of the main span is 420 
m. The photo of the tested bridge is shown in
Figure 4 below. As can be seen in the photo, there 
is heavy traffic on the bridge, so the bridge 
vibration can be adequately excited even though 
the passenger car used for sensing is too light to 
excite the bridge structure. 

Figure 4. Photos of the tested cable-stayed bridges 

It is also worth mentioning that when the sensing 
vehicle stops on the bridge, as shown in Figure 4, 
one accelerometer is deployed on the pavement 
near the vehicle to directly measure the vertical 
bridge vibrating acceleration. The direct 
measurements are used as a comparison to 
evaluate the indirect measurements in this study. 

2.3 Experimental Scenarios 

To comprehensively evaluate the indirect approach, 
the experiments include various scenarios. Details 
of the experimental scenarios are shown in Table 1 

below. The sampling frequency of all 
accelerometers is 1,024 Hz in all scenarios. 

Table 1. Experimental scenarios 

No. Description Purpose 

1 vehicle mounts the kerb identify frequencies
of vehicle structure 

2 
vehicle stops on the 
road (not on the bridge) 
with engine on 

identify frequencies 
of engine vibrating 

3 
vehicle moves on the 
road (not on the bridge) 
at the speed of 10 km/h 

identify frequencies 
of road roughness 
excitation 

4 
vehicle moves on the 
road (not on the bridge) 
at the speed of 40 km/h 

identify frequencies 
of road roughness 
excitation 

5 
vehicle stops on the 
cable-stayed bridge 
with engine on 

identify frequencies 
of the cable-stayed 
bridge 

6 
vehicle moves on the 
cable-stayed bridge at 
the speed of 10 km/h 

identify frequencies 
of the cable-stayed 
bridge 

7 
vehicle moves on the 
cable-stayed bridge at 
the speed of 40 km/h 

identify frequencies 
of the cable-stayed 
bridge 

3 Experimental Results 

3.1 Scenarios under the bridge 

For the indirect approach, the measurements are 
vehicle responses, which can be roughly expressed 
as: 

𝐺𝐺𝑥𝑥𝑥𝑥(𝜔𝜔) = [𝐻𝐻𝑣𝑣(𝑗𝑗𝜔𝜔)]2𝐺𝐺𝑓𝑓𝑓𝑓(𝜔𝜔) (1) 

where 𝐻𝐻𝑣𝑣(𝑗𝑗𝜔𝜔) is the frequency response function 
of the sensing vehicle’s mechanical system. 𝐺𝐺𝑓𝑓𝑓𝑓(𝜔𝜔) 
is the power spectral density (PSD) of the vehicle 
system’s input, such as the road roughness and 
bridge vibration under tires, as well as engine 
vibration. 𝐺𝐺𝑥𝑥𝑥𝑥(𝜔𝜔) is the PSD of the vehicle’s output, 
such as the vehicle acceleration measured in this 
study. Equation (1) indicates that, in order to 
identify bridge frequencies from the vehicle 
response 𝐺𝐺𝑥𝑥𝑥𝑥(𝜔𝜔) , it is necessary to identify the 
vehicle frequencies 𝐻𝐻𝑣𝑣(𝑗𝑗𝜔𝜔) and other interference 
in 𝐺𝐺𝑓𝑓𝑓𝑓(𝜔𝜔) , which is mainly the road roughness 
excitation and the engine vibration. This is the 
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reason why some experiments were conducted 
under the bridge. 

To identify the frequencies of the vehicle 
mechanical system, road roughness excitation and 
engine vibration, the Welch’s method is adopted to 
do PSD analysis on the signals recorded by the eight 
on-board accelerometers in scenarios 1-4 shown in 
Table 1 above. Parameters of the Welch’s method 
are determined as follows: nfft = 16384, no window, 
overlap = 0. Time-history curves of the acceleration 
signals and results of PSD analysis are shown in 
Figure 5 to Figure 8. 

(a) 

(b) 

Figure 5. Scenario 1: (a) Time-history curve; (b) 
Power spectral density 

(a) 

(b) 

Figure 6. Scenario 2: (a) Time-history curve; (b) 
Power spectral density 

(a) 

(b) 

Figure 7. Scenario 3: (a) Time-history curve; (b) 
Power spectral density 

(a) 

(b) 

Figure 8. Scenario 4: (a) Time-history curve; (b) 
Power spectral density 

Observing the figures above, the following findings 
can be made: 

1) As can be seen in Figure 5 (b), the frequency of
engine vibration is about 11, 14, and 30 Hz, which
is usually much higher than the bridge frequencies.
The engine vibration can thus be disregarded when
identifying bridge frequencies.

2) As can be seen in Figure 6 (b), the frequency of
the vehicle’s suspension system is about 1.5-3 Hz
(A5), and the frequency of the vehicle’s tire is about 
10-20 Hz (A1).
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3) Figure 7 shows that when the vehicle moves, the
road roughness causes the vehicle vibration, but
the responses of the axle (A1) and the vehicle body
(A5) are different. The axle vibrates with the
frequency of vehicle tires, whereas the tire
frequency can hardly be seen in the vehicle body’s
PSD because the suspension system can filter out
the road roughness excitation.

4) Comparison between Figure 7 and Figure 8
demonstrates that the road roughness excitation is
stronger when the vehicle speed increases.

3.2 Scenarios on the cable-stayed bridge 

To evaluate the indirect approach, PSD analysis is 
first carried out on the signal collected by the 
accelerometer that is directly deployed on the 3/4 
span of the bridge in Scenario 5. The Welch’s 
method is utilized for PSD analysis, and the 
parameters are: nfft = 16384, no window, overlap 
= 0. The time history curve and PSD are shown in 
Figure 9 below. In Figure 9 (b) the bridge 
frequencies can be roughly identified by reading 
the peaks of the PSD. 

(a) 

(b) 

Figure 9. Scenario 5, bridge acceleration: (a) Time-
history curve; (b) Power spectral density 

Subsequently, signals recorded by the on-board 
accelerometers in Scenario 5-7 are analysed, and 
results are shown in Figure 10 to Figure 12. 

(a) 

(b) 

Figure 10. Scenario 5, vehicle acceleration: (a) 
Time-history curve; (b) Power spectral density 

(a) 

(b) 

Figure 11. Scenario 6: (a) Time-history curve; (b) 
Power spectral density 
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(b) 

Figure 12. Scenario 6: (a) Time-history curve; (b) 
Power spectral density 

Observing the figures above, the following findings 
can be made: 

1) Comparison between Figure 9 (b) and Figure 10
(b) indicates that when the instrumented vehicle
stops on the bridge, some of the bridge frequencies 
can be indirectly identified from the vehicle
acceleration as these two spectra share some
common peaks.

2) Comparison between Figure 9 (b) and Figure 11
(b) shows that when the instrumented vehicle
moves on the bridge at a very low speed (10 km/h),
the bridge frequency can be roughly identified as
the two spectra share a common peak regarding
3.5-4.0 Hz. However, the visibility of the peak is
insufficient, so the bridge frequencies cannot be
identified confidently if the direct measurements in 
Figure 9 (b) are not known in advance.

3) Comparison between Figure 9 (b) and Figure 12
(b) demonstrates that when the instrumented
vehicle moves on the bridge at a normal speed (40
km/h), no bridge frequency can be identified from
the spectrum as the road roughness excitation
dominates the vehicle acceleration.

4) Comparison between the magnitude of the two
signals shown in Figure 7 (a) and Figure 10 (a)
reveals that, the vehicle acceleration caused by the
road roughness only (Figure 7) is much stronger
than the vehicle acceleration caused by the bridge
vibration (Figure 10). Unfortunately, for the
indirect bridge frequency identification, the vehicle
acceleration caused by the bridge vibration is the
desired signal, whereas the vehicle acceleration
caused by the road roughness is the unwanted
noise. Therefore, the signal-to-noise ratio of the
vehicle acceleration signal is low (<10 dB), and
indirect bridge frequency identification is a weak
signal detection problem in nature.

4 Conclusions 
The indirect approach for bridge frequency 
identification is challenging in engineering practice 
due to the low signal-to-noise ratio (<-10 dB). 
When the instrumented vehicle moves, unwanted 
noises such as the road roughness excitation 
dominate the vehicle acceleration despite the low 
vehicle speed, making the indirect frequency 
identification very difficult, if not impossible. 
Nevertheless, the bridge frequencies can be partly 
identified from the PSD of the vehicle acceleration 
when the instrumented vehicle stops on the bridge 
because the road roughness excitation does not 
exist. To make the indirect approach work in 
practice, efforts are suggested to be put into 
enhancing the signal-to-noise ratio of the vehicular 
sensing signals. 
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Abstract 

This study proposes a full-automated and non-contact cable force identification method based on 
microwave radar. Several algorithms have been presented for data processing. The time domain 
data records by microwave radar is firstly transformed into frequency domain by Fast Fourier 
Transform. Then, the eigen-frequencies are simultaneously identified with the proposed fast sieve 
method. Subsequently, a novel algorithm using hash map and weighted voting is applied to estimate 
orders of eigen-frequencies. Finally, the average ratio between eigen-frequencies and their orders 
is estimated by weighted least square method, and then the cable force is calculated by using cable 
frequency formulas. The method has been validated by field tests. 

Keywords: cable force, frequency spectrum, microwave radar, sieve method, weighted hash voting, 
least square method, tension string theory. 

1 Introduction 

Cable is one of the most significant load-bearing 
components of cable-stayed bridges. Therefore, 
cable force estimation is of vital importance in 
bridge inspection and health monitoring for 
structural assessment.  

Vibration method is widely used in cable force 
identification, where cable force is calculated by 
identified cable eigen-frequencies. The most 
commonly used sonsors for this purpose are 
accelerometers and displacement meters, etc. 

Nevertheless, the installation of these sensors is 
time-consuming and labour-intensive, particularly 
considering hundreds of cables of one bridge. 

In recent years, lots of optical detection 
technologies have been developed and applied in 
cable vibration measurement. Chu et al. [1] 
introduced optical method into cable vibration 
identification by utilizing a novel processing 
method of image threshold matching. Du et al. [2] 
proposed that single point and multi-point images 
can be taken by camera, and compared their 
theoretical results with the results of 
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accelerometer, hence proving that the application 
of digital image technology is feasible. 

Apart from optical instrument, another non-
contact equipment recently used for cable 
vibration measurement is the microwave radar. 
This system can record the structural displacement 
by calculating the phase difference (Figure 1). 

Figure 1. Schematic diagram of microwave 
interference principle 

The detection equipment used in this paper is a 
microwave radar named IBIS-FS [5], which can 
perform remote and non-contact detection on 
targets, with sampling frequency in 200 Hz. The 
microwave beam emitted by IBIS-FS is a cone 
(Figure 2). By utilizing an advanced technology 
named stepped frequency continuous wave, IBIS-
FS divides the cone into plenty of rings and virtually 
installs a displacement meter in each ring. The 
thickness of each rings is called range resolution. In 
Figure 2, each red point represents an obstacle, 
which can be recognized as a peak in the signal-to-
noise ratio diagram, i.e., the SNR spectrum. In 
another word, each peak point corresponds the 
measurement of a cable and the vibration 
displacement time history is stored in the build-in 
software of IBIS-FS. 

Figure 2. SNR spectrum 

Recently, microwave radar has attracted plenty of 
attention because of its convenience and efficiency. 
Researchers have used this instrument to measure 
cable vibration in various sites. Camassa et al. [3] 
employed the radar to a cable under a known 
tensile force in laboratory. While Crosetto et al. [4] 
introduced this system to stay cable monitoring at 
the Collserola Tower, Gentile and Guido [5] applied 
the remote sensing system to ambient vibration 
testing of cables in a suspension bridge. Moreover, 
Gentile [6][7][8] and Piniotis et al. [9] also used the 
instrument to identify tensions of long cables in 
cable-stayed bridge. Zhao et al. [10] proposed a 
novel single channel blind source separation 
algorithm to separate the cable signals when the 
cables located in the same range bin. 

All these works have proved the feasibility and 
accuracy of microwave radar in cable force 
measurement. However, a fully automated 
method for data processing is still desirable. More 
importantly, the existing method mainly 
concentrates on dealing with a single cable or 
several cables. In this context, this study presents 
several algorithms to make it fully automated for 
the force identification of a large number of cables. 

The structure of this paper is described below. 
Section 1 introduces the background of cable force 
estimation with microwave radar. Section 2 
proposed two pivotal algorithms in data processing, 
i.e., the fast sieve method (FSM) and the weighted
hash voting (WHV) algorithm. FSM is used to
recognize the local maximums in frequency
spectrum while WHV makes it possible to identify
the order of eigen-frequency automatically. In
section 3, the effectiveness and efficiency of these
algorithms are validated through field tests carried
out on a cable-stayed bridge. Finally, conclusions of
algorithms and field tests are provided in section 4.

2 Algorithms 

This section focuses on data processing. Figure 3 
demonstrates the whole process. 
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Figure 3. Flowchart for data processing 

The raw displacement data recorded by IBIS-FS are 
firstly transformed to frequency domain with fast 
Fourier Transform (FFT), and then filtered by a 
high-pass filter. These steps use well-known 
algorithms and thus will not be repeatedly 
introduced herein. 

Given the filtered frequency spectrum, a novel 
peak identification algorithm, i.e., FSM, is applied 
to identify all peak points in subsection 2.1. 
Subsequently, the hash mapping and voting 
algorithm, i.e., WHV, are proposed in subsection 
2.2 is utilized to estimate the order of each eigen-
frequencies. Lastly. subsection 2.3 introduces the 
linear regression of order-frequency curve and 
eventually calculates the cable force according to 
tension string theory. 

2.1 FSM for Identification of local maxima 
of the spectrum 

Local maximum is the largest number within a 
certain interval. In another word, local maximum is 
larger than all other values in a certain range from 
its left side to right side. 

The framework is shown in Figure 4. FSM iterates 
through the whole spectrum series and identifies 
each local maximum in the meanwhile. After the 
iteration, all the maximum values are saved. 

Figure 4. Flowchart for the peak identification 
algorithm 

This algorithm is designed to implement peak 
identification in linear time complexity. The 
detailed pseudo code for FSM is shown in 
Algorithm 1. In the following content of this 
subsection, the whole algorithm will be introduced 
by analyzing the pseudo code line by line. 

Algorithm 1 pseudo code for FSM

INPUT:  

arr: array of frequency spectrum sequence 

interval: number of surrounding items to be 
compared 

OUTPUT: 

peaks: array of local maximums 

FUNCTION: 

Find local maxima in a series. (identify_peaks) 

1: create peaks 

2: create mark 

3: for P in arr do 

4:   if mark[P] == false then 

5:  continue 
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6:   end if 

7:   max_val ← mark[P] 

8:   for Q ← P+1 to P+interval/2 do 

9:  if arr[Q] < max_val then 

10:  mark[Q] ← false 

11:  else 

12:  max_val ← arr[Q] 

13:  mark[P] ← false 

14:  end if 

15:   end for 

16:   if mark[P] == false do 

17:  continue 

18:   end if 

19:   for Q ← P-interval/2 to P-1 do 

20:  if arr[R] > arr[P] then 

21:       mark[P] ← false 

22:  break 

23:  end if 

24:   end for 

25:   if mark[P] == true then 

26:  insert P into peaks 

27:   end if 

28: end for 

29: return peaks 

As shown in Algorithm 1, FSM is integrated in a 
function called identify_peaks, which has two 
parameters and one output. The first parameter is 
the frequency spectrum sequence, while the 
second one, i.e., interval, indicates that each peak 
point is the maximum value from the interval/2 
item on its left to the interval/2 item on its right. 

Subsequently, the first line defines an empty array 
to save local maxima. The second line defines an 
array named mark to judge that whether each 
point is a local maximum, and all the items are 
initialized as true. 

Starting in line 3, the main loop iterates the 
spectrum sequence arr with a loop index P. Lines 4-
6 indicate that if P has been marked as false, then 
this loop will be skipped. Otherwise, a temporary 
variable max_val is defined and assigned to the 
spectral value in P. 

With a loop index Q, an internal loop starting from 
line 8 iterates through the interval/2 points on the 
right side of index P. Lines 9-14 indicate that if the 
value of point Q is greater than max_val, then the 
maximum value will be updated while P should be 
marked as false; otherwise, point Q should be 
marked as false.  

Up to the present, index P has compared with the 
interval/2 points in its right side. Line 16-18 once 
again inspects the mark of P. If it becomes false, 
then this loop will be skipped. 

Next, the second internal loop with loop index R, 
starting from line 19, iterates the interval/2 points 
in front of P. Whenever the spectral value at R is 
greater than that at P, P will be marked as false and 
the whole internal loop is exited.  

After the second internal loop, if the mark of P is 
still true, then index P will be pushed into peaks 
since it is determined as a local maximum. 

Finally, after the outer for loop, line 29 returns 
peaks, which has saved all the local maxima. 

In general, the core concept of FSM is utilizing a 
boolean array mark to record the comparative 
result and thus avoid repeated comparisons. 
Define length of the spectrum sequence arr as n 
and the second parameter interval equals m. It can 
be deducted from Algorithm 1 that FSM achieves a 
linear complexity O(n). In contrast, algorithm 
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without any optimization repeats a same 
comparison for m times and thus leads to an O(nm) 
time complexity, which might be O(n2) since m and 
n are practically in the same order of magnitude. 

2.2 WHV for eigen-frequency order 
determination 

The peak recognition algorithm FSM introduced in 
subsection 2.1 has identified the eigen-frequency 
of each order. Given a series of eigen-frequencies, 
it is uncomplicated to judge their orders with 
manual invention. However, to process a large 
quantity of spectral sequences, it is necessary to 
develop an algorithm that can automatically 
determine the order of each eigen-frequency. 

The first-order difference of eigen-frequency 
sequence is used for subsequent operations to 
avoid interference from noise. The first-order 
difference will become very close to the 
fundamental frequency if IBIS-FS can detect 
continuous eigen-frequencies. 

However, raw data measured by IBIS-FS is not 
always ideal. On the one hand, there are often 
missing eigen-frequencies in the spectrum. The 
difference is approximately equal to an integer 
multiple of the fundamental frequency in this 
circumstance. On the other hand, if strong noise is 
mixed in, then the difference is even not an integer 
multiple of the fundamental frequency. 

Figure 5. Brief flowchart for WHV 

For this purpose, a weighted voting algorithm using 
hash mapping, i.e., WHV algorithm, is proposed in 
this subsection. The simplified flowchart is shown 
in Figure 5. Each difference is hashed and votes to 
its hash value during a for loop. After the iteration, 
voting result is analysed while hash value with the 

most tickets is selected and decoded. The decoded 
value is generally approximately equal to the real 
fundamental frequency. Finally, other eigen-
frequencies’ orders can be determined by simply 
dividing them by the decoded value. 

WHV assumes that plenty of differences in the 
same series are approximately equal to real 
fundamental frequency and thus the effect of 
misidentification can be reduced by voting. Since 
the real fundamental frequency is usually a decimal 
number, which exists as a floating-point number 
with truncation errors and arithmetic errors in 
computer, it is necessary to apply a hash function 
mapping from decimal to integer before voting. For 
example, there is a difference equals 0.3142, 
multiply it by 200 and get a value 62.84, which can 
be replaced by its nearest integer, i.e., 63. As a 
result, this difference will vote to the hash value 63 
after the hash transformation.

The voting part and decoding part of WHV are 
extremely complicated. For lack of space, details of 
these two parts will not be discussed in this paper. 

2.3 Cable force computation 

The algorithms proposed in subsection 2.1 and 2.2 
have identified eigen-frequencies and their orders, 
which represent the key points in order-frequency 
curve. According to dynamics of a taut cable, these 
key points are located on a line passing coordinate 
origin as lang as FSM and WHV work correctly. 
Therefore, a linear regression using weighted least 
square method (WLSM) is carried out to fit the 
order-frequency curve. Note that the proposed 
method can be extended to cables whose bending 
or sag effects are not ignorable. 

Figure 6. Flowchart for WLSM 
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The flow chart of WLSM is shown in Figure 6. 
Different kinds of weights can be added into least 
square method. For instance, the lower order 
eigen-frequencies can be attached with larger 
weights considering their significance in fitting 
fundamental frequencies. 

After the linear regression, cable force can finally 
be calculated by the tension string theory. 

3 Field tests for validation 

In order to verify the effectiveness and efficiency of 
FSM and WHV proposed in section 2, field tests 
have been carried out on a long-span cable-stayed 
bridge, i.e., the Bianyuzhou Bridge, spanning the 
Yangtze River linking Huangmei County in Hubei 
Province and Jiujiang City in Jiangxi Province, China. 
Its main span is 672 m adopting steel-concrete 
hybrid box girder and stay cables composed of 7 
mm parallel wires with the tensile strength of 1670 
MPa. As shown in Figure 7, the IBIS-FS system was 
set up near cable NM27 to detect vibration of cable 
NM28 to cable NM37. Cable NM28 was also 
equipped with four accelerometers for comparison. 

Figure 7. Installation of IBIS-FS in Bianyuzhou 
Bridge 

Two trains were used for the bridge static loading 
tests. The objective was to estimate cable tensions 
of NM28 to NM37 under various working 
conditions. There were six train stop positions in 
the field tests, while each position consists of four 
working conditions. A summary of working 
conditions is shown in Table 1. In the first column, 
kz, tr1, tr2 and zhkz, respectively indicate the case 
before the train loading, with one-train loading, 

with two-train loading and unloading, while the 
numerical prefix in the first row, e.g., 4-2, 
represents the second test of the fourth train 
position. In the main part of Table 1, tick means 
that the corresponding test is recorded while cross 
means the opposite. 

Table 1. summary of working conditions 

1
-
1 

1
-
2 

2
-
1 

2
-
2 

3
-
1 

3
-
2 

4
-
1 

4
-
2 

4
-
3 

5
-
1 

5
-
2 

5
-
3 

6
-
1 

6
-
2 

6
-
3 

kz √ √ × × × √ × × √ × × × × × × 

tr1 √ × √ √ √ √ √ √ × √ √ × √ √ × 

tr2 √ √ √ √ √ √ √ √ √ √ √ √ × √ √ 

zhkz √ √ √ √ × × × √ × × × × √ × √ 

For convenience, the 1-1-kz working condition is 
chosen to demonstrate the whole processes and 
results. 

In the upcoming part of this section. Subsection 3.1 
introduces the FFT of original displacement data 
followed with a high pass filtering. Subsection 3.2 
fits the order-frequency curve with the help of FSM, 
WHV and WKSM. Finally, tensions of cable NM28 
to NM37 under various working conditions are 
summarized in subsection 3.3. In addition, taking 
NM28 as an example, the results obtained by IBIS-
FS and those obtained by accelerometers are 
compared. 

3.1 Proprecessing of displacement data and 
frequency spectrum 

The vibration data recorded by IBIS-FS is firstly 
imported into a personal computer and then 
plotted in Figure 8 and Figure 9. Label of y axis, e.g., 

1x , represents the displacement data of cable

NM28, 
2x represents that of cable NM29, and so

forth. 
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Figure 8. Vibration time history of NM28 to 
NM32 

Figure 9. Vibration time history of NM33 to 
NM37 

The FFT, followed by a high pass filter, is performed 

on cable displacement data to obtain frequency 

spectrum. Truncated in the range of 0 to 5Hz, those 

filtered spectrums are shown in Figure 10 and 

Figure 11. 

It is obvious that several continuous eigen-

frequencies have been detected after 

preprocessing. Indeed, it is not difficult to mark 

these eigen-frequencies one by one. However, 

manual marking is nearly impossible when it comes 

to dozens of cables in hundreds of working 

conditions. 

Figure 10. Original spectrum of NM28 to NM32 

Figure 11. Original spectrum of NM33 to NM37 

3.2 Analysis with FSM, WHV and WLSM 

FSM proposed in subsection 2.1 is used to 
automatically identify local peaks in spectrum, thus 
greatly enhancing the efficiency. As shown in 
Figure 12 and Figure 13, local peaks, i.e., the eigen-
frequencies, of each spectrum are identified and 
marked by red lines. In addition, the frequency and 
spectral values of each peak are marked with green 
numbers. 

Figure 12. Filtered spectrum of NM28 to NM32 
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Figure 13. Filtered spectrum of NM33 to NM37 

Given the identified eigen-frequencies, WHV, 
presented in subsection 2.2, is applied to 
automatically determine their orders. After this 
process, a series of key points on order-frequency 
curve are obtained. 

Subsequently, WLSM, proposed in subsection 2.3, 
is utilized to fit the order-frequency curve into a 
straight line passing through the origin, i.e., with a 
zero intercept. In addition, considering that the 
lower the order, the more important the 
corresponding eigen-frequency is, it is necessary to 
set larger weights on lower orders. 

Figure 14 displays the fitting diagram of cable 
NM28 and declares that the fundamental 
frequency of NM28 equals 0.3557Hz. The blue stars 
represent those key points identified by FSM and 
WHV, while the transparency indicates the 
intensity of eigen-frequency. Darker the color is, 
more intensive the eigen-frequency is. 

Figure 14. Lenear fitting of cable NM28’s order-
frequency curve 

Fitting diagrams of cable NM29 to NM37 are shown 
in Figure 15, which widely demonstrate the high 
accuracy of FSM, WHV and WLSM. 

Figure 15. Linear fitting of cable NM29’s to 
NM37’s order-frequency curves 

3.3 Discussion and comparison 

As long as the slope of order-frequency line are 
gained, tension of each cable can be calculated 
according to TST. Tensions of NM28 to NM37 in the 
1-1-kz working condition are shown in Figure 16.

Figure 16. Tensions of NM28 to NM37 in the 1-1-kz 
working condition 

For more information, tensions of NM28 to NM37 
in all working conditions are shown in Figure 17. It 
is obvious that all the cable forces share a same 
trend. 
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Figure 17. Tensions of NM28 to NM37 in all 
working conditions 

Since four accelerometers were installed on cable 
NM28, compare between microwave radar and 
accelerometer is displayed in Table 2. 

Table 2. Comparison between IBIS-FS and 
accelerometer on NM28 for all working conditions 

Working 
Condition 

IBIS-FS Accelerometer 
Relative 
Error (%) 

1-1-kz 6291 6307 0.25 

1-1-tr1 6291 6307 0.25 

1-1-tr2 6290 6343 0.84 

1-1-zhkz 6282 6343 0.97 

1-2-tr2 6290 6414 1.97 

3-1-tr1 6378 6701 5.06 

3-2-tr1 6369 7377 15.83 

3-2-tr2 6428 6999 8.88 

4-1-tr1 6925 7300 5.42 

4-1-tr2 7466 8366 12.05 

4-2-tr1 6921 7111 2.75 

4-2-tr2 7460 8284 11.05 

4-2-zhkz 6298 6594 4.7 

4-3-tr2 7458 8284 11.08 

5-1-tr1 6950 7608 9.47 

5-1-tr2 7532 7883 4.66 

5-2-tr1 6956 7963 14.48 

5-2-tr2 7539 8083 7.22 

5-3-tr2 7544 7338 2.73 

6-1-tr1 6663 6740 1.16 

6-1-tr2 7012 7570 7.96 

6-1-zhkz 6288 6813 8.35 

6-2-tr1 6679 7073 5.9 

6-2-tr2 7022 8123 15.68 

6-3-tr2 7024 7883 12.23 

6-3-zhkz 6302 7036 11.65 

It is worth mentioning that errors in some working 
conditions are relatively high, due to the instability 
of accelerometer and the overly simple algorithm 
for data processing. For example, the three 
working conditions marked in red, i.e., 6-1-tr2, 6-2-
tr2 and 6-3-tr3 are practically under the same 
loading circumstance. On the one hand, the results 
of IBIS-FS, i.e., 7012, 7022 and 7024 kN, are very 
close. In contrast, the results of accelerometer, i.e., 
7570, 8123 and 7883 kN, are very different on the 
other hand. 

4 Conclusions 

Microwave radar is widely used for cable tension 
measurement in recent years. To improve the 
efficiency, a fully automated and non-contact cable 
force identification method based on microwave 
radar are proposed in this paper, together with a 
series of algorithms, which can calculate the forces 
of plenty of cables simultaneously. 

First, the fast sieve method (FSM) is presented to 
automatically identify eigen-frequencies in linear 
time complexity. Second, the weighted hash voting 
(WHV) algorithm is utilized to estimate the order of 
eigen-frequency. Subsequently, the slope of order-
frequency line is calculated by weighted least 
square method (WLSM). Finally, tension of each 
cable is calculated by using tension string theory 
(TST). 

Field tests have been carried out on the 
Bianyuzhou Bridge. Tensions of cable NN28 to 
NM37, during twenty-six working conditions, are 
identified by the proposed algorithms. The result 
proves the stability and efficiency of these 
algorithms. In contrast, traditional method using 
accelerometer shows much less stability when it 
comes to complex loading condition. 
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Abstract 
The expansion joints and bearings can be eliminated in integral abutment bridges (IABs) to 
fundamentally resolve their durability problems. The pile beneath the abutment is considered as 
the most vulnerable component of IABs under earthquake. The seismic response of the pile in IABs 
could be reduced by using the pile with pre-hole filled by damping material (called pre-hole isolation 
pile). In this paper, a finite element model of shaking table tests on the pre-hole isolation pile-soil 
system under sine wave load was established by using ABAQUS/Explicit.  The influence of the input 
wave’s frequency and the dimension of pre-hole on the dynamic pre-hole isolation pile-soil 
interaction was analyzed. It can be concluded that with an increase in the dimension of pre-hole, 
the fundamental frequency of pile-soil system decreased. When the input wave’s frequency is less 
than 8 Hz, the pre-hole isolation pile is more flexible than the normal pile. When the input wave’s 
frequency is 4 Hz, the pre-hole isolation pile with larger pre-hole diameter or depth shows the best 
seismic performance. However, when the input wave’s frequency is 8 Hz, the best seismic 
performance of pre-hole isolation pile with smaller pre-hole diameter or depth is obtained. 

Keywords: integral abutment bridge; pre-hole isolation pile; dynamic soil-pile interaction; finite 
element model; input wave’s frequency; dimension of pre-hole; fundamental frequency of the pile-
soil system. 

1 Introduction 
In order to resolve the durability problems of 
expansion joints and bearings, improve the driving 
comfort and reduce the maintenance cost, the 

concept of integral abutment bridges (IABs) can be 
adopted. The seismic performance of IABs could be 
excellent because of high redundancy and integrity 
[1-2]. The bending moment of the superstructure 
in IABs can be transferred to the substructure 
because the superstructure is rigidly connected to 
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the substructure. The pile beneath the abutment is 
considered as one of the most vulnerable 
components in IABs due to the combined influence 
of the bending moment, axial force and shear force 
produced by the temperature variation of the 
superstructure or earthquake [3-6]. 

In order to avoid the damage of the pile in IABs, it 
is necessary to improve the lateral deformation 
capacity of the pile. The pre-hole method can 
effectively increase the lateral deformation 
capacity of the pile produced by the temperature 
variation of the superstructure [7-10]. However, 
there is lack of research on the influence of the pre-
hole method on the seismic performance of the 
pile in IABs. 

The pile with pre-hole filled by damping material 
(called pre-hole isolation pile) was proposed to 
improve the seismic performance of the pile in IABs. 
Based on the results of quasi-static tests, it can be 
found that comparing with the normal pile, the 
energy dissipation and seismic performance of pre-
hole isolation pile can be improved [11-14]. In 
order to understand the dynamic pre-hole isolation 
pile-soil interaction, shaking table tests on the pre-
hole isolation pile-soil system should be done. 

In this paper, the pile beneath the abutment of one 
typical IAB built in China was chosen as case study. 
A finite element model (FEM) of the shaking table 
test on the pre-hole isolation pile-soil system under 
sine wave load was established. The influence of 
the input wave’s frequency (f) and the dimension 
of pre-hole on the dynamic pre-hole isolation pile-
soil interaction was analyzed. 

2 Finite element modelling 

2.1 Model Description 

The FEM of the shaking table test on the pre-hole 
isolation pile-soil system established by using 
ABAQUS/Explicit consists of the concrete pile, 
reinforcing bars, concrete counterweight, soil, 
rubber particles and steel box, as shown in Figure 
1. The diameter (D) and the length (L) of the pile
are 120 mm and 2000 mm, respectively. The
dimension of the steel box is 2.0 m × 2.0 m × 2.0 m.
The detailed material properties can be found in
the references [11-14].

The C3D8R element was chosen to simulate the 
concrete pile, concrete counterweight, soil and 
rubber particles. The T3D2 element was chosen to 
simulate the reinforcing bars assembled by the 
longitudinal reinforcements and stirrups. The steel 
box was defined as a rigid body.  

Sine waves with different frequencies were 
selected as the acceleration load. All the degrees of 
freedom (DOFs) of the nodes on the bottom 
surface of the steel box were fixed at the beginning. 
After applying the acceleration load, the 
translational DOFs (along the direction of 
acceleration load) of the nodes on the bottom 
surface of the steel box were changed to be free.  

The steel box-soil and the pile-soil interactions 
were simulated by contact pairs considering the 
master-slave contact algorithm with the tangential 
and normal behaviors. The Mohr-Coulomb friction 
penalty formulation which allows "elastic slip" was 
adopted as the tangential behavior with the friction 
coefficient of 0.5. The "hard" contact which allows 
separation after contact was adopted as the 
normal behavior. The counterweight-pile and the 
pile-steel box interactions were simulated by the 
tie contract. The reinforcement cage was 
embedded in the concrete pile. 

In surface-to-surface contact, the mesh of the slave 
surface for the body with smaller stiffness should 
be finer than that of the master surface for the 
body with larger stiffness. Therefore, in the 
circumferential direction of the pile, the mesh of 
rubber particles (divided into 36 parts) and soil 
(divided into 32 parts) were finer than that of pile 
(divided into 24 parts), as shown in Figure 1. 
Moreover, the mesh of the area with large 
deformation should be fine. Therefore, the 
dimension of the soil elements within the range of 
five times the pile diameter calculated from the 
central point of the pile was set as 30-110 mm, 
however, the dimension of other soil elements was 
set as 120 mm. 
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Figure 1. Finite element model 

2.2 FEM Verification 

The shaking table test on the pile-soil system in 
reference [15] was simulated by using the finite 
element modelling method mentioned in Section 
2.1. The pile top displacement (dp) time history 
curves obtained by test and FEM are compared in 
Figure 2. The peak acceleration of sine wave (A) is 
0.15g. The mean square error (MSE), which is 0.14, 
can be calculated by using equation (1). It can be 
concluded that the dp time history curves obtained 
by test and FEM are in good agreement. The 
dynamic performance of the pile-soil system can be 
accurately simulated by using the finite element 
modelling method. 

MSE = ∑ ∆2𝑑𝑑𝑖𝑖𝑛𝑛
𝑖𝑖=1
𝑛𝑛

  (1) 

where, Δdi is the difference between the dp 

obtained by test and FEM, n is the point number in 
time history curves. 
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Figure 2. dp time history curves obtained by test 
and FEM 

3 Parametric analyses 
The piles with or without pre-hole filled by 
damping material, the diameter (Dph) and depth 
(Zph) of pre-hole were considered as parameters. 
The first letter in the specimen label represents the 
normal pile (N) or the pile with pre-hole filled by 
rubber particles (R). The second group of number 
and letter represents the Dph, which is calculated 
from the central point of the pile. The third group 
of number and letter represents the Zph, which is 
calculated from the soil surface to the bottom of 
the pre-hole. Three groups of parameters were 
compared: (1) the normal pile or pre-hole isolation 
pile: N and R-3D-4D; (2) different Dph: R-2D-4D, R-
2.5D-4D and R-3D-4D; (3) different Zph: R-3D-2D, R-
3D-4D and R-3D-6D. 

The mass of concrete counterweight (m) is 300 kg 
and the A is 0.2g. The fundamental frequency of 
each pile-soil system (fs) are listed in Table 1. It can 
be found that with an increase in Dph or Zph, the fs 
decreases. When the Zph is larger than 4D, the 
influence of Zph on the fs is negligible.  

Table 1. Comparison of fs 

Model N R-2D-4D R-2.5D-4D

fs [Hz] 9.64 7.06 6.71 

Model R-3D-2D R-3D-4D R-3D-6D

fs [Hz] 6.80 6.12 6.11 

3.1 Influence of pre-hole filled by rubber 
particles 

The influence of the pre-hole filled by rubber 
particles on the lateral displacement (d) and 
bending moment (M) along the pile length under 
the sine wave with the f of 4 or 8 Hz, respectively, 
are illustrated in Figures 3 and 4, respectively. 

It can be found that when the f is 4 Hz, the d of pre-
hole isolation pile within the soil depth (z) of 900 
mm (7.5D) are larger than that of normal pile, as 
illustrated in Figure 3 (a). The d at the soil surface 
(ds) increases from 0.18 mm to 0.53 mm by 194%. 
When the f is 8 Hz, the d of pre-hole isolation pile 
is larger than that of normal pile, except the ds, as 
illustrated in Figure 3 (b). The ds of specimen R-3D-
4D (0.67 mm) is a little smaller (4%) than that of 
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specimen N (0.70 mm). It can be concluded that 
when the f is less than 8 Hz, the pre-hole isolation 
pile is more flexible than the normal pile. 
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Figure 3. Influence of pre-hole filled by damping 
material on d under different f 

For different f, the location of the maximum M in 
specimen R-3D-4D (z is 500 mm or 4.17D) are 
deeper than that of specimen N (z is 250 mm or 
2.08D), as illustrated in Figure 4. It is because the 
lateral resistance of the rubber particles in the pre-
hole isolation pile is smaller than that of the soil in 
the normal pile within the Zph. The location of 
maximum pile strain in the pre-hole isolation pile 
could be deeper than that in the normal pile.  When 
the f is 4 Hz, the maximum M in specimen R-3D-4D 
is significantly larger than that of specimen N by
71%, as illustrated in Figure 4 (a). When the f is 8 
Hz, the M of specimen R-3D-4D within the z of 500 
mm (4.17D) is less than that of specimen N, as 
shown in Figure 4 (b). It can be concluded that the 
maximum M of the specimen with the fs closer to 

the f is larger than that of the other specimen. The 
pile specimens are all in the elastic stage under the 
sine wave load. 
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Figure 4. Influence of pre-hole filled by damping 
material on M under different f 

3.2 Influence of Dph 

In order to analyze the influence of different Dph on 
the d and M, the sine waves with the f of 4, 6 or 8 
Hz, respectively, were applied.  

When the f is 4 or 6 Hz, the ds of specimens R-2.5D-
4D and R-3D-4D are larger than that of specimen R-
2D-4D by 30% and 77% or 69% and 60%, 
respectively, as illustrated in Figures 5 (a) and (b). 
When the f is 8 Hz, the ds of specimens R-2.5D-4D 
and R-3D-4D are smaller than that of specimen R-
2D-4D by 16% and 28%, respectively, as illustrated 
in Figure 5 (c). It can be concluded that the ds of the 
specimen with the fs closer to the f is larger than 
that of the other specimen.  
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Figure 5. Effect of Dph on d under different f 

The locations of the maximum M in all specimens 
with different Dph are the same (z is 500mm or 
4.17D). When the f is 4 or 6 Hz, the maximum M of 
specimens R-2.5D-4D and R-3D-4D are larger than 
that of specimen R-2D-4D by 15% and 33% or 15% 
and 18%, respectively, as illustrated in Figures 6 (a) 
and (b). When the f is 8 Hz, the maximum M of 

specimens R-2.5D-4D and R-3D-4D are smaller than 
that of specimen R-2D-4D by 7% and 10%, 
respectively, as illustrated in Figure 6 (c). It can be 
concluded that the maximum M of the specimen 
with the fs closer to the f is larger than those of the 
other specimens.  
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Figure 6. Effect of Dph on M under different f 
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3.3 Influence of Zph 

In order to analyze the influence of different Zph on 
the d and M, the sine waves with the f of 4, 6 or 8 
Hz, respectively, were applied.  

When the f is 4 or 6 Hz, the ds of specimens R-3D-
4D and R-3D-6D are larger than that of specimen R-
3D-2D by 88% and 177% or 94% and 86%, 
respectively, as illustrated in Figure 7 (a) and (b). 
When the f is 8 Hz, the ds of specimens R-3D-4D and 
R-3D-6D are smaller than that of specimen R-3D-2D
by 32% and 54%, respectively, as illustrated in
Figure 7 (c).  It can be concluded that the ds of the
specimen with the fs closer to the f is larger than
that of the other specimen. The influence of the Zph

on the ds of pre-hole isolation pile is larger than
that of Dph.

0.0 0.4 0.8 1.2 1.6 2.0
-2000
-1800
-1600
-1400
-1200
-1000

-800
-600
-400
-200

0

z (
m

m
)

d (mm)

R-3D-2D
R-3D-4D
R-3D-6D

(a) 4Hz

0.0 0.4 0.8 1.2 1.6 2.0
-2000
-1800
-1600
-1400
-1200
-1000

-800
-600
-400
-200

0

z (
m

m
)

d (mm)

R-3D-2D
R-3D-4D
R-3D-6D

(b) 6Hz

0.0 0.4 0.8 1.2 1.6 2.0
-2000
-1800
-1600
-1400
-1200
-1000

-800
-600
-400
-200

0

z (
m

m
)

d (mm)

R-3D-2D
R-3D-4D
R-3D-6D

(c) 8Hz

Figure 7. Effect of Zph on d under different f 

With an increase in Zph, the location of the 
maximum M is 250 mm (2.08D), 500 mm (4.17D) 
and 500 mm (4.17D), respectively. It is because 
with an increase in Zph, the depth of rubber 
particles with small lateral resistance increases, the 
location of maximum pile strain in the pre-hole 
isolation pile could be deeper. When the Zph is 
larger than 4D, the influence of Zph on the position 
of the maximum M can be neglected. When the f is 
4 or 6 Hz, the maximum M of specimens R-3D-4D 
and R-3D-6D are larger than that of specimen R-3D-
2D by 31% and 43% or 24% and 19%, respectively, 
as illustrated in Figure 8 (a) and (b). When the f is 
8Hz, the maximum M of specimens R-3D-4D and R-
3D-6D are smaller than that of specimen R-3D-2D 
by 17% and 33%, respectively, as illustrated in 
Figure 8 (c). It can be concluded that the maximum 
M of the specimen with the fs closer to the f is 
larger than those of the other specimens. The 
influence of the Zph on the maximum M of pre-hole 
isolation pile is larger than that of Dph. 
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Figure 8. Effect of Zph on M under different f 

4 Conclusions 
The following conclusions can be drawn within the 
limitations of the research presented in this paper: 

(1) With an increase in the dimension of pre-hole,
the fundamental frequency of pile-soil system
decreased.

(2) When the input wave’s frequency is less than 8
Hz, the pre-hole isolation pile is more flexible than
the normal pile.

(3) When the input wave’s frequency is 4 Hz, the
pre-hole isolation pile with larger pre-hole
diameter or depth has the best seismic
performance. However, when the input wave’s
frequency is 8 Hz, the pre-hole isolation pile with
smaller pre-hole diameter or depth has the best
seismic performance.

(4) The locations of the maximum bending moment
in pre-hole isolation pile are deeper than those of

normal pile. The pre-hole diameter would not 
change the locations of the maximum bending 
moment in pre-hole isolation piles. With an 
increase in pre-hole depth, the locations of the 
maximum bending moment become deeper. 

(5) Shaking table test on the pre-hole isolation pile-
soil system should be performed in the follow-up
research to validate the numerical analysis.
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Abstract 
This study examined the corrosion suppression effect of bridge cables using environmental isolation 
paint. The strand rope which is also used for the main cables and hanger ropes of short/middle-span 
bridges is used for the specimens and compared the presence or absence of the paint on the surface. 
The accelerated corrosion test was conducted by the salt spray test method to examine corrosion 
suppression effect. As a result, the rust was confirmed on the appearance of the unpainted 
specimens, but no rust was confirmed on the painted specimens.  Furthermore, the corrosion state 
from surface to inside was confirmed by EPMA analysis on the cross-section. The distribution of 
oxygen and chloride were large, and the occurrence of corrosion was confirmed in the unpainted 
specimens. On the other hand, no corrosion was confirmed on the rope surface in the painted 
specimens.  

Keywords: suspension bridge cables; cable corrosion; anticorrosion; isolation paint; EPMA analysis. 

1 Introduction 
Main cables, hanger ropes, and stays used for 
suspension/cable-stayed bridges have been suffer 
from corrosion and breakage, which has become a 
serious problem 1)-6). Generally, cables are provided 
with anti-corrosion treatment such as 
dehumidification system, but this system is 
economically limited to installation on long-span 
bridges 3). Inexpensive, effective maintenance and 
repair measures are still required for short/middle-

span bridges. This study examined the corrosion 
suppression effect of bridge cables using an 
environmental isolation paint. 

The environmental isolation paint used in this 
study is an epoxy resin-based rust inhibitor. 
Submicron-sized ultrafine particles penetrate into 
the gaps of the rust structure and have the 
property of almost blocking the steel substrate 
from the atmospheric environment. It is expected 

1569

mailto:miyachi@g.dendai.ac.jp


IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

that the paint suppresses both corrosion and 
progress of existing corrosion 7)-9).  

The strand rope which is also used for the main 
cables and hanger ropes of short/middle-span 
bridges is used for the specimens and compared 
the presence or absence of the paint on the surface. 
The accelerated corrosion test was conducted by 
the salt spray test method to examine corrosion 
suppression effect. 

As a result, white rust characterized in zinc and red 
rust characterized in iron were confirmed on the 
appearance of the unpainted specimens, but no 
rust was confirmed on the painted specimens.  
Furthermore, the state of corrosion from the 
surface to the inside was confirmed by EPMA 
analysis on the cross-section. In the unpainted 
specimens, the distribution of oxygen and chloride 
were large, and the occurrence of corrosion was 
confirmed. Particularly, severe corrosion was 
confirmed on the wire surface and between the 
wires. On the other hand, in the painted specimens, 
a slight oxygen and chloride distribution were 
confirmed in the central part, but no corrosion was 
confirmed on the rope surface and provided with 
the paint. Consequently, the environmental 
isolation paint can achieve to suppress corrosion at 
both outside and inside of the strand rope. 

2 Environmental isolation paint and 
specimens 

2.1 Environment isolation paint 

The environmental isolation paint used in this 
study is an epoxy resin-based rust inhibitor jointly 
developed by MK Engineering Co., Ltd. and Denka 
Co., Ltd., and contains titanium oxide, calcium 
carbonate, amorphous silica, etc. as pigment 
components. Submicron-sized ultrafine particles 

permeate into the gaps of the rust structure and 
have the property of almost blocking the steel 

substrate from the atmospheric environment 7)-9). 

2.2 Specimens 

The specimen uses a strand rope (7 x 7) with a 
diameter of 30 mm, which is also used for the main 
cables and hanger ropes of short/middle-span 
suspended bridges. The length was set to 300 mm 
so that the internal corrosion status could be 
sufficiently confirmed. The number of specimens 
was 3 unpainted specimens and 3 painted 
specimens. Figure 1 shows the appearance of the 
specimens. As for the method of applying the 
environmental isolation, used a brush and painted 
on the rope surface and between the wires. The 
specimens were painted twice.  

3 Accelerated corrosion test method 
and results 

In this chapter, the corrosion suppression effect 
when an environmental isolation paint is used for a 
new (uncorroded) rope. A corrosion acceleration 
test is conducted with/without environmental 
isolation paint to investigate the corrosion status 
on the rope surface and inside. 

3.1 Test method 

The corrosion acceleration test method is carried 
out by the salt spray test method as shown in 
Figure 2. The test conditions were that 5% sodium 
chloride aqueous solution was constantly sprayed 
in a temperature environment of 35 °C 10). The 
specimen appearances were taken every week, the 
appearance was visually observed, the weight of 

Figure 1. Appearance of specimens

(b) Unpainted specimens (c) Painted specimens
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each specimen was measured, and the amount of 
mass increase due to corrosion is grasped. 

3.2 Test results 

Table 1 shows the appearances after the test. The 
test was conducted 2520 hours, and the change 
over time of corrosion status is shown. The 
unpainted test piece reached a level where the 
entire surface was covered with white rust peculiar 
to zinc after 1344 hours. After that, the occurrence 
of red rust peculiar to iron was confirmed after 
2520 hours. On the other hand, in the painted 
specimens, rust was not confirmed on the 
appearance, but paint cracks were confirmed in the 
painted surface of the environmental isolation 
paint in some places as shown in Figure 3. These 

cracks occurred 504 hours from the start of the test, 
and the cracks were progressed and increased. 

Regarding the amount of weight increase, there 

was an increasing tendency for the unpainted 
specimens, but there was almost no increasing 
tendency for the painted specimens as shown in 
Figure 4. It can be confirmed from the result of the 
weight increase tendency that the painted 

Figure 2. Salt spray test method 
(a) Appearance of test machine (b) Test field

Table 1. Specimen appearances after the test 
Time 0 h 1344 h 2520 h 

Unpainted 

Painted 

Figure 3. Paint cracks 

Crack Crack 
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specimens almost were not corroded. Regard with 
painted specimen No. (1-3), it is negative, but there 
is no change after that, it is an error at the start of 
measurement. 

4 Elemental analysis method and 
results 

4.1 Analytical method 

In this section, the cross-section of the specimen 
after the accelerated corrosion test is investigated 
with an optical microscope. In addition, the 
distribution of constituent elements was analysed 
by EPMA (Electron Probe Micro Analyzer), and the 
state of corrosion from the surface to the inside 
was confirmed. The specimen was processed by 
covering it with epoxy resin and then cutting the 
centre of the specimen. 

4.2 Analytical results 

Figures 5 and 6 show the elemental analysis results 
of corrosion products on the cross-section of 

unpainted and painted specimen by EPMA. 

In the unpainted specimen, Figure 5(2) shows the 
distribution of oxygen (O), but since the corrosive 
substance is an oxide, this corresponds to the 
corroded part. The degree of corrosion progress is 
shown to be higher in the order of black, blue, 
green, yellow, red, and white. The corrosion can be 
confirmed from the surface of the cable to the 
inside, and in particular, severe corrosion can be 
seen between the wire surface and the wire. Figure 
5(3) shows the distribution of iron (Fe), but there is 
a missing part on the wire surface, which is 
consistent with the distribution of oxygen. In 
addition, Figure 5(4) indicates chlorine (Cl), which 
is distributed on the wire surface and between the 

Figure 4. Mass gain results 
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Figure 5. Unpainted specimen 

(b) (1) to (4) show the elemental 
analysis results inside the 
cross-section by EPMA
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wires, and it can be seen that it stays on the cable 
surface and inside.  

On the other hand, in the painted specimen, in the 
oxygen distribution of Figure 6(2), corrosion can be 
confirmed in the cracked part of the environmental 
barrier, but no corrosion is seen in the healthy part. 
The wire surface is also sound in the iron 
distribution as shown in Figure 6(3). In addition, 
almost no confirmation was made with chlorine 
inside as shown in Figure 6(4). 

5 Conclusions 
The findings from this study are summarised below: 

Based on the above, according to the results of the 
appearance corrosion investigation after the 
accelerated corrosion test, in the rope using the 
environmental isolation paint, almost no corrosion 
was confirmed on the surface and inside of the 
rope, and there was almost no change in the 
amount of weight increase. It turned out that the 
soundness was maintained.  

However, since paint cracks were confirmed on the 
rope surface, water, oxygen, etc., which are 
corrosion factors, may invade from there, and 
corrosion may progress locally. Therefore, the issue 
is to examine the weather resistance of the paint. 

In addition, as a future research development, 
study the stabilization of the internal rust 
composition by making the inside of the rope 
sealed and oxygen-deficient by utilizing the 
environmental blocking agent in the already 
corroded ropes.  

Specifically, it will be clarified whether or not the 
formation of α-FeOOH (α-oxyiron hydroxide) which 
has a stable rust composition can be obtained 
under a rust layer such as γ-FeOOH (γ-iron 
hydroxide) which is a type of progressive and red 
rust. From this, rust is stable even in a corrosive 
environment, and the effect of significantly 
suppressing the progress of corrosion can be 
expected. 
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Abstract 
To reveal the effect on heat transfer and the distribution of temperature in Fe-SMA during its 
activation, a series of tests was performed on Fe-SMA strips in this paper. The mechanical properties 
of Fe-SMA were preferentially studied by uniaxial tensile test, and the activation performance of Fe-
SMA strips was investigated by independently designed set-up, in which the temperature can be 
monitored by eight K-type thermocouples. The test results reveal that the heat-transfer effect of 
activation in Fe-SMA strips was dramatical with different spacing and transfer time. Furthermore, a 
theoretical predication equation was proposed to obtain the peak temperature at any point of the 
structural member, which serves for deciding the adhesive type and the bonding length of adhesive 
bonding joint for Fe-SMA reinforcement. This paper offers basic material properties and activation 
performance of Fe-SMA, which can be employed for further numerical study and theoretical study 
on the smart reinforcement of steel bridges via Fe-SMA. 

Keywords: Fe-SMA; steel bridge; strengthening; activation; mechanical property; recovery stress; 
temperature distribution. 

1 Introduction 
With the in influence of chloride ion-induced 
corrosion[1] and the increase in repeated traffic 
loads[2], numerous steel bridges are threatened by 
racking, aging and insufficient load-bearing 
capacity. Degraded structures need to be 
strengthened or repaired to prolong the service life 
and reduce maintenance costs[3]. 

Shape memory alloy (SMA) has been applied to 
bridge strengthening for its shape memory effect 
which is controlled by transformation of two basic 
phases, austenite and martensite[4-6]. The so-called 
shape memory effect refers to the stress-induced 
deformation of SMA can completely or partially 
restored under heating[7-8]. If the recovery strain is 
limited, a considerable recovery stress is generated, 

which can be applied for structural reinforcement 
as a prestress. 

The nickel-titanium based SMA(NiTi-SMA) and iron 
based SMA(Fe-SMA) are the commonly used alloys 
for bridge engineering. NiTi-SMA is often used as 
dumping or connection for stable shape memory 
effect and superelasticity[9-10]. Recently, it has been 
applied in local reinforcement of steel structures as 
hybrid composite patches with CFRP sheet[11-12]. 
However, the high cost and low elastic modulus 
have obstructed its application[13]. 

Alternatively, Fe-SMA, featuring low-cost, wide 
transformation hysteresis, and excellent 
mechanical performance, have been widely 
studied[14]. Fe-SMA was firstly successfully applied 
by Soroushian et al.[15] to strengthen a concrete T-
beam bridge. Dong et al.[16-17] developed a new 
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type of memory alloy, Fe-17Mn-5Si-10Cr-4Ni-1(V, C) 
(mass, %), that can be used in the field of civil 
engineering. Izadi et al.[18-19] developed a 
mechanical anchorage system for Fe-SMA 
strengthening, and applied to improve the static 
and fatigue performance of steel plates. 

In the activation process, high temperature will be 
introduced to Fe-SMA, which may have adverse 
effects on the strengthening of the joint and the 
parent structure, especially for adhesively bonded 
joints[20-21]. However, to the author's best 
knowledge, there is no research about the behavior 
of temperature transfer and distribution during 
activation. Therefore, four Fe-SMA strips with 
different width were activated, and the surface 
temperature of the specimens was monitored 
throughout the test by eight K-type thermocouples. 
In this paper, the transfer and distribution of 
temperature in the Fe-SMA strips were analyzed, 
and a new activation method were proposed. 

2 Experimental program 

2.1 Fe-SMA specimens 

Fe-15Mn-4,5Si-10Cr-5Ni-0,1C-0,03Nb (mass, %) 
alloy was used in this study. Fe-SMA plate, with 
dimensions of 1800mm×130mm×1.85mm (length 
× width × thickness), used in this research was cold 
rolled by hot-rolling plate at ambient  temperature. 

Specimens, including dog-bone shaped specimens 
for uniaxial tensile test and strips for activation test, 
were cut from the above Fe-SMA plate by wire-
electrode cutting technology. Before application, 
the specimens were thermomechanically treated 
to eliminate the martensite phase generating 
during cold-rolling process and residual stress 
caused by wire-electrode cutting. 

2.2 Uniaxial tensile test 

Mechanical properties of Fe-SMA, including the 
elastic modulus, proportional ultimate strength, 
nominal yieldind strength, ultimate strength and 
ultimate strain, were studied by uniaxial tensile 
test at ambient temperature. A total of three dog-
bone shaped specimens, with a reduced section 
length of 60mm and a cross-section of 6 mm×1.85 
mm, were tested by a 600kN MTS machine. 

The experiments consisted of two stages. At the 
beginning, experiments were performed at a strain 
rate of 300 με/s, and measured by an 
extensometer with a gauge length of 50mm, as 
shown in Figure 1. When the strain of Fe-SMA 
reached 5%, the extensometer was removed. And 
then, displacement was measured by the 
displacement sensor at a rate of 2mm/min until to 
the specimen ruptured. 

Figure 1. Uniaxial tensile test 

2.3 Activation test 

2.3.1 Experimental layout and set-up 

Four strips with different widths were cut from the 
Fe-SMA cold-rolled plate and applied to activation 
experiment. Table 1 summarized test parameters 
of all speciments. Figure 2 presented the 
pretreatment (drilling hole) and arrangement of 
activation zone, where A means the activation 
region, while NA-F and NA-J represent the non-
activation region in fixed anchor and jacking anchor, 
respectively. 
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Figure 2. Fe-SMA strips for activation test 

To stretch Fe-SMA strips and monitor recovery 
stress, an independently designed loading set-up 
for Fe-SMA was developed, which was fixed on 
steel I-beam by mechanical anchorage system, as 

shown in Figure 3. Mechanical anchors, including 
fixed anchor and jacking anchor, could minimize 
connection failure caused by high temperatures 
during activation, such as adhesive softening or 
debonding. Two types of fixed anchors were 
developed for this study, in which Anc-1 was 
employed for FA-100 and FA-80, while Anc-2 was 
used for FA-40 and FA-20. 

Figure 3. Schematic set-up of Fe-SMA strips 
tensioning 

Table 1. Experimental details 

No. Anchor 
Fe-SMA strip Measuring Point 

Pre-strain 
[%] 

Activation temperature 
[℃] 

Width 
[mm] 

Length 
[mm] Number Spacing

[mm] 

FA-100 Anc-1 100 700 5 100 or 75 4 350 

FA-80 Anc-1 80 700 8 50 4 350 

FA-40 Anc-2 40 700 8 50 4 350 

FA-20 Anc-2 20 700 8 50 4 350 

2.3.2 Experimental procedure 

1) Measurement

The surface temperatures of Fe-SMA strips were 
monitored by K-type thermocouples and recorded 
by 8-channel JK-8C temperature inspector which 
can instantaneously display the temperature curve 
on the connecting computer. The thermocouples 
were pre-fixed on the surface of the specimens 
before heating. For FA-100, five thermocouples 
were bonded on the surface of Fe-SMA strip by 
polytetrafluoroethylene adhesive tape, and 
wrapped by two or three layers of aluminum foil 
tape to prevent falling off. Another three 

thermocouples were put on the surface of fixed 
anchor, I-beam under anchor and I-beam under 
active point. For another three Fe-SMA specimens, 
eight thermocouples were equidistantly fixed on 
the surface, and presented in Figure 4, taken FA-40 
as an example. The ambient temperature was 
recorded by temperature and humidity meter. The 
displacement and stress were monitored by 
displacement gauge and pressure sensor. 
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Figure 4. Layout of K-type thermocouples 

2) Activation

Flame gun was applied for thermal activation , and 
a stainless steel cup was used to define the active 
area and improve heating efficiency. The target 
active temperature was set to 350°C, however, the 
excitation temperature was controlled within 
350±10°C, considering the delay of thermocouples 
and instability of manual operation. In order to 
study the law of temperature transfer in Fe-SMA 
strips, the duration of heating was controlled at 3 
minutes, and the activation work of latter point 
was operated before the latter point activation 
completed and cooled to ambient  temperature. 

3) Procedure

The thermal activation test procedures for Fe-SMA 
strips were as follows: (i) Layout of measuring 
points and fixing K-type thermocouples. (ii) 
Assembling test set-up, (iii) Pre-straining to 4% and 
release. (iv) Pre-tension, and Fe-SMA strips were 
stretched to about 50MPa to prevent buckling 
failure. (v) Activation. 

3 Test results and discussions 

3.1 Mechanical properties 

Under uniaxial tensile load, the strain development 
behavior of the Fe-15Mn-4.5Si-10Cr-5Ni-0.1C-
0.03Nb alloy is illustrated in Figure 5. To show more 
details of its mechanical properties, the initial 
stage(ε=1%) of FS-3 stress-strain curve is enlarged. 
Table 2 shows the mechanical properties of Fe-
SMA obtained from uniaxial tensile test at ambient 
temperature. The scatter may be due to initial 
defects or microstructural diversities caused by 
differences in technique and temperature during 
the hot deformation processes. 
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Figure 5. Stress-strain curve of uniaxial tensile test 

The stress-strain curve deviates from the linear 
elastic behavior at a small stress level, about 200-
300MPa, which is caused by stress-induced 
martensite transformation. With the stress level 
improvement, plastic deformation also recurred in 
alloy. The elastic modulus (E) is determined by the 
fitting trend line within stress range of 20-200MPa 
as suggested by Shahverdi et al.[20] The average 
value of the elastic modulus is 184GPa, which is 
greater than the 133GPa of Fe-17Mn-5Si-10Cr-4Ni-
1(V,C)[22]. 

The stress-strain behavior of Fe-SMA have no 
distinct hardening plateau, which is similar to cold-
stretched steel bar. Therefore, proportion limit 
stress (σ0.01) and nominal yieldind strength (σ0.2), 
obtained by the offset of elastic modulus to 0.01% 
and 0.2% strain, respectively, are defined, and the 
mean values of them are 369MPa and 493MPa. The 
mean ultimate strength (fu) of Fe-SMA is 891 MPa, 
which is 2.32 times of nominal yieldind strength 
and indicates that there is huge additional stress 
increase before failure. Moreover, the alloy shows 
good ductility behavior and its average ultimate 
strain (εmax) reached 32.1%. 

Table 2. Mechanical properties of Fe-SMA 

E 
[GPa] 

𝝈𝝈𝟎𝟎.𝟎𝟎𝟎𝟎 
[MPa] 

𝝈𝝈𝟎𝟎.𝟐𝟐 
[MPa] 

𝒇𝒇𝒖𝒖 
[MPa] 

𝜺𝜺𝒎𝒎𝒎𝒎𝒎𝒎 
[%] 

184 369 493 891 96.3 
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3.2 Activation Performance 

3.2.1 Pre-straining 
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Figure 6. Stress-strain behavior of pre-straining 

Figure 6 shows the stress-strain behavior of four 
strips with different widths during pre-strain and 
release process. The actual strains are slightly 
different with the target pre-strain level (4%) due 
to manual operation. The stress-strain curves 
controlled by combined effect of martensite 
transformation and plastic deformation show 
nonlinear characteristics in the loading process. 
Although the curve of release stage is mainly 
mastered by the elastic modulus, the stress-strain 
curve deviates from the linear elastic 
characteristics for alloy’s pseudoelasticity. The 
residual strain is about 3,2% after unloading for all 
strips, and pseudoelastic recovery strain for four 
strips are 0,46%, 0,49%, 0,48% and 0,50%, 
respectively. 

3.2.2 Recovery stress 
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Figure 7. Recovery stress of strips 

The recovery stress-temperature curves of Fe-SMA 
strips are presented in Figure 7. Each thermal 
activation process consists of the following three 
stages. 

a) Heating stage. At the beginning of activation, the
stress in Fe-SMA strips slightly decreases owing to
thermal expansion effect. When the temperature
rises to 70-150°C, the stress begins to increase due
to the deformation dominated by shape memory
effect.

b) Constant stage. Stress increases continuously
after the temperature reaches about 350°C, and
the oscillations of curve are caused by the variation
of heating temperature.

c) Cooling stage. Recovery stress is sustainable
growth for synergy of the thermal pinch effect and
shape memory effect. When the temperature of
activation is cooled to ambient  temperature, the
increase of stress stopped.

The details of recovery stress can be found in Table 
3. The average recovery stress of Fe-SMA strips is
349 MPa under the activation condition of 4% pre-
strain and 350°C temperature. The recovery
stresses generated by thermal activation at T2 and
T4 of FA-100 specimen were lower than that at T1,
T3 and T5, because there are overlapping
activation regions between measuring points. The
recovery stresses of each measuring point in
another three specimens are relatively uniform.
However, it can be seen that the recovery stress of
the former activation point is slightly larger than
latter point due to heat-transfer effect.

Table 3. Recovery stresses (unit: MPa) 

No. σT1 σT2 σT3 σT4 σT5 σT6 σT7 σT8 σrec 

FA-100 80.6 53.7 82.6 50.0 77.7 — — — 344.6 

1579



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

FA-80 44.9 43.1 43.3 48.6 48.9 43.9 44.0 44.2 360.9 

FA-40 44.2 44.3 42.8 44.6 43.4 43.3 43.7 43.8 350.1 

FA-20 42.7 42.9 41.9 43.2 42.0 42.3 42.3 42.4 339.7 

Note: σTi (i=1~8) means the recovery stress of measuring point i, and σrec means the final recovery stress. 

Table 4. Average activation temperature (unit: °C) 

No. 𝑻𝑻𝑻𝑻𝟎𝟎 𝑻𝑻𝑻𝑻𝟐𝟐 𝑻𝑻𝑻𝑻𝑻𝑻 𝑻𝑻𝑻𝑻𝑻𝑻 𝑻𝑻𝑻𝑻𝑻𝑻 𝑻𝑻𝑻𝑻𝑻𝑻 𝑻𝑻𝑻𝑻𝑻𝑻 𝑻𝑻𝑻𝑻𝑻𝑻 𝑻𝑻𝒎𝒎 

FA-100 358,1 357,4 363,1 356,9 355,7 — — — 358,2 

FA-80 356,7 342,9 349,4 356,4 350,2 353,7 354,7 351,5 351,9 

FA-40 357,5 359,1 350,9 361,3 351,6 354,4 353,7 354,7 355,4 

FA-20 354,8 351,2 357,8 363,7 359,9 354,7 353,7 353,9 356,2 

Note: TTi (i=1~8) means the mean activation temperature of measuring point i, and Ta means the final recovery 
stress. 

3.2.3 Temperature distribution 
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Figure 8. Temperature-time curve of activation 

The variations of temperature during activation 
process are shown in Figure 8. The temperature 
curve of some measuring points at cooling stage is 
removed for best picture display. It can be seen 
from Figure 8 that the temperature of T6, T7 and 
T8 measuring points of FA-100 are close to ambient 
temperature (10°C-13°C) in the whole activation 
process, which indicated that the heating had little 
effect on the anchor and parent structure in this 
study. 

In the heating stage, the temperature of activation 
region increased rapidly, and it only takes about 2 
minutes that heating to target temperature (350°C). 
The heating rate of flame gun is about 150-180°C 
/min, which is higher than that of climate chamber 
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(2°C/min)[23] and split-tube electric furnace (50°C 
/min)[24], and close to that of electric resistance (78-
213°C/min)[22]. 

The constant stage lasted about 3minutes. The 
activation temperature is mainly distributed 
between 340°C and 370°C, and average activation 
temperatures of each measurement point are 
given in Table 4. The average activation 
temperatures of each point are slightly over 350°C, 
which ensures that the Fe-SMA strips can be 
completely activated. The total average activation 
temperature of four specimens are very close to 
350°C, and the maximum error with the target 
temperature is only 2,3%. 

At the initial stage of cooling, the temperature 
decreases by 100-150°C within 1 minute, which is 
slightly less than the heating rate. Subsequently, 
the cooling rate gradually decreases and 
temperature tends to ambient temperature. When 
heating is stopped for 25min, the temperature of 
the activation point decrease to around 20°C. 
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Figure 9. Temperature-time curve of activation 

As presented in Figure 8, the one or two measuring 
points adjacent to the active point are most 
severely affected by heating. The temperature of 
adjacent points still show increasing trend after 
heating stopped in activation point, because the 
temperature of the active point is higher than that 
of other measuring points. There is a delay 
between the emergent time of adjacent point peak 
temperature and the stopping time of active point, 
that is so-called lag time of peak temperature. The 
lag times are plotted in Figure 9. It can be seen that 
lag times are gradually elongation with the increase 
of measuring point distance, and dispersion degree 
of lag time increases with the enlarge of point 
spacing, while all points are controlled by two lines. 
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Figure 10. Distribution of peak temperature 

The peak temperatures of adjacent points 
measured by thermocouples are plotted in Fig.14 
to analyze the temperature distribution in Fe-SMA 
strip. From Figure 10, as expected, it can be seen 
that the peak temperatures are gradually 
decreased with the increasing of point spacing. The 
average peak temperature is reduced to 130°C at 
the distance of 50mm, and to 46,7°C at 100mm 
which is safe for structural adhesive. Eqn. (1) is 
obtained by data fitting of test temperature with 
ExpDec model. Via Eqn. (1), the peak temperature 
of each point in the specimen can be obtained, 
which is of great significance for determining the 
adhesive type and the bonding length of adhesive 
bonding joint for Fe-SMA reinforcement. 

y = (𝑇𝑇𝑎𝑎 − 𝑇𝑇𝑏𝑏) × e−
x

48.57 + 𝑇𝑇𝑏𝑏 (1) 

Where, y, x, Ta and Tb mean the peak temperature 
of measuring point, points distance, target 
activation temperature and ambient  temperature, 
respectively. 

4 Conclusions 
This experimental study reports the mechanical 
properties and activation performance of Fe-SMA 
for steel bridge reinforcement. Fe-SMA has good 
mechanical properties, whose elastic modulus, 
nominal yieldind strength and ultimate strength 
are 184GPa, 493MPa and 891MPa, respectively. 
The uniaxial tensile behavior has no distinct 
hardening plateau, and presents good ductility 
before failure. The residual strain is around 3,2% 
after per-straining to 4% and releasing, and the 
unloading curve deviates from linear elastic 
behavior for pseudoelasticity. A heating method by 
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flame gun was proposed in this study and 
successfully applied in Fe-SMA activation for its 
low-cost, easy operation and high efficient. 
Furthermore, an accurate method for monitoring 
and controlling the temperature was provided for 
activation. Multiple points sync-activation was 
suggested in this study for its practical application, 
which is beneficial to energy conservation and 
short construction period. The average recovery 
stress of Fe-SMA strips was 349MPa under the 
condition of 4 % pre-strain and 350°C activation 
temperature. The peak temperature of measuring 
point due to heat-transfer effect appeared later 
than that of activation point, and decreased rapidly 
with the increase of distance. A theoretical 
predication equation for the peak temperature of 
each point in the structural member during 
activation of Fe-SMA is proposed based on the test 
results, which can be employed in determining the 
adhesive type and the bonding length of adhesive 
bonding joint for Fe-SMA reinforcement. 
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Abstract 
Welded steel tubular joints have been widely used in bridge engineering, but fatigue cracks are 
common in the joints under cyclic loads due to structural discontinuity and manufacturing defects. 
The formation and development of cracks have a great influence on the bearing capacity of joints, 
and even lead to the lack of safety of joints, thus the normal use of joints is affected. In this paper, 
for the cracked tubular K-joints under fatigue load, the change of stress intensity factor (SIF) before 
and after reinforced with carbon fibre-reinforced polymer (CFRP) is discussed by numerical 
simulation. The influence of the number of carbon fibre-reinforced polymer layers on the SIF of the 
reinforced joints is also discussed. The numerical simulation results show that the SIF can be 
effectively reduced by using CFRP to strengthen joint, and the fatigue performance of the joints can 
be greatly improved. 

Keywords: circular hollow section gap K-joint; FRP reinforcement; finite element analysis; stress 
intensity factor (SIF). 

1 Introduction 
Fatigue is an inevitable issue in steel bridges, 
resulting in cracking even sudden failure after a 
certain number of cycles [1-2], and Oehme's [3] 
study shows that fatigue occupies the third place 
among the causes of failure of fatigue-prone steel 
structures. For bridge engineering, fatigue cracks 
are usually located at locations where the 
geometry suddenly starts to change, such as at the 
weld of a welded joint. Owing to the discontinuity 
of the welded joint structure and some 
unavoidable process defects in the welding process, 
the stress concentration caused by the local 
increase in stress here will lead to cracks [4]. 
Therefore, as fatigue damage is brittle damage and 
the formation and development of cracks have a 

large impact on the joint load capacity, can even 
lead to a lack of joints safety and thus affect the 
normal use of the joints. The fatigue life of the 
structure and the fatigue of the crack-prone area is 
very relevant, especially for the construction of a 
long time, the use of increased load and the aging 
state of the bridge structure. The problem of 
fatigue at the joints leading to a reduction in the 
reliability of the structure needs to be solved in an 
economical and efficient way. 

As a promising material for structural 
reinforcement and repair, FRP is attractive in the 
implementations like bridge deck and other 
engineering scenario [5-7]. In the application of FRP, 
the design of the layering angle is very important. 
The author [8] investigated the stress 
concentration of pultruded GFRP perforated plate 
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under both uniaxial and biaxial stress and provided 
a reference for designing the laminating angle of 
the layer. The application of externally bonded FRP 
sheets has previously been shown to improve the 
fatigue performance of steel structures [9-12]. 
Deng Jun et al. [13] studied the fatigue behaviour 
of CFRP prestressed notched steel beams in a hot 
and humid environment. Fam et al [14] proposed a 
repair technique for fatigue cracked aluminium 
CHS-K joints using longitudinal FRP layers bonded 
to the diagonal and wrapped around the main 
chord to form an alternating v-pattern, followed by 
a circumferential layer for anchoring. The fatigue 
performance of GFRP-reinforced aluminium CHS-K 
type joints was tested by Nadauld and Pantelides 
[15], who found that GFRP-repaired joints with 
cracks ranging from 24% to 66% of the weld length 
were subjected to static tensile stresses 1,17 to 
1,25 times greater than aluminium joints with no 
known cracks. The fatigue performance of CHS-K 
type joint was recently investigated experimentally 
and numerically by Tong et al [16]. 

According to fracture mechanics, the stress 
intensity factor (SIF) can be used as one of the 
important criteria for analysing fatigue strength, 
which describes the relationship between the 
stress state at the crack tip and the crack rate. 
Taochen [17] used finite element analysis to 
analyse the type I stress intensity factor (KⅠ) of a 
welded joint containing a cracked cross repaired by 
CFRP material and studied the effect of the amount 
of repair material, modulus, crack depth, etc. on K
Ⅰ . Zhuyujie et al [18] used the weight function 
method to calculate the residual stress intensity 
factor considering two different residual stress 
distributions. Mohajer M et al [19] used the 
bonding zone model to study the type I fatigue 
crack propagation of unribbed and unprestressed 
bonded steel plates. Shaoyongbo et al [20] 
investigated the fatigue damage mode of K joints 
through the variation of SIF. Djillali Saad et al [21] 
analysed cracks for Es-Salam nuclear reactor vessel 
design using the finite element method and sub-
modelling techniques and calculated the stress 
intensity factor in the stress concentration region. 
However, there are few studies on the effect of SIF 
on lifting pipe joints with surface cracks before and 
after FRP reinforcement. This paper discusses the 
changes in the stress intensity factor (SIF) of K joint 

containing fatigue cracks before and after 
reinforcement with fibre composites under load by 
means of numerical simulations. The changes in the 
reinforcement effect of the composite material 
with the different number of layers and different 
lay-up angles are also discussed. 

2 Numerical model of the cracked 
tubular joint 

In this study, the interaction between the steel 
joint containing the cracks was simulated by 
ABAQUS, the reinforced CFRP plate and the two 
components. Due to the symmetry of the loads and 
geometry, only a 1/2 model was built for the 
analysis. 

2.1 Steel joint 

This study aims at K joint with surface cracks. Finite 
element simulation has been carried out on CK 
specimen strengthened with CFRP and K0 
specimen without CFRP, in which ‘C’ of ‘CK’ refers 
to the specimen strengthened with CFRP. 

For the steel joint specimen, the chord length L0 = 
1782 mm, and the brace length L1 = 800 mm. The 
steel grade is Q235B, and its minimum specified 
yield stress is 235 MPa according to Chinese 
standard GB/T700-2006. The basic information of 
the specimen is shown in Table 1. 

Table1 Specimen parameters 

speci
men geometric parameters 

chord
（mm） 

d0×t0 

brace
（mm） 

d1×t1 

θ 

° 
2γ τ β 

CK 219×8,1
5 127×6,18 45 26

,9 
0,7
5 

0,5
8 

K0 219×8,1
5 127×6,18 45 26

,9 
0,7
5 

0,5
8 

2γ is the ratio of chord diameter to chord wall 
thickness, τ is defined as the ratio of brace to chord 
wall thickness, β is the ratio of brace diameter to 
brace wall thickness, and ζ is the ratio of gap width 
to chord diameter. The main parameters of the 
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CFRP-CHS-K joint are symbolically defined 
schematically in Figure 1. 

The steel joint is assumed to have the standard 
linear elastic properties of mild steel. (Young's 
modulus Es=206 GPa and Poisson's ratio νs=0,3) 

Figure 1. Diagram of the CFRP-CHS-K joint 

2.2 Crack 

Surface cracks are the most common defect in 
structural bridge members, especially in welded 
pipe joints. A surface crack of 2mm in depth is 
considered in this study and the location of the 
crack is chosen to be in the hot spot area of the 
tube joint. The crack is located in the span, as 
shown in Figure 2. 

Figure 2. Crack location 

2.3 CFRP 

CFRP sheets are assumed to be linearly elastic, and 
their tensile modulus is 250 GPa, based on a 
nominal thickness of 0,167 mm [22]. The in-plane 
shear modulus (G12) and Poisson's ratio (ν12) of 
CFRP are derived from the manufacturer's 
datasheet: G12 = 7,17 GPa and ν12 = 0,3. Some basic 
parameters of the CFRP sheets used are listed in 
Table 2. 

Table2 Mechanical properties of CFRP [22] 

material properties value 

CFRP 

Nominal 
thickness
（mm） 

0,167 

Tensile modulus
（GPa） 

250 

Tensile strength
（MPa） 

3789 

Table 3 lists the CFRP lay-up angles for the finite 
element model of the CK joint. The fibers of each 
CFRP layer are oriented counter clockwise from the 
corresponding reference direction. 

Table3 Direction of CFRP lay-up 

number of 
layers thickness direction 

3 0,6mm*3 [90/60/90] 

The CFRP reinforcement is shown schematically in 
Figure 3. 

Figure 3. The location of the CFRP 

2.4 Meshing 

In order to avoid the problem of stress 
discontinuity, both steel joint and CFRP are 
simplified using 20-node isoperimetric integral 
elements (element type is C3D20R in the ABAQUS 
library). C3D20R are 3-dimensional linear brick 
elements and have 20 nodes. 
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The appropriate meshing of the crack tip is 
essential for the modelling of the fracture analysis. 
The finite element model mesh was treated using a 
zoned mesh. For the part of the main pipe away 
from the crack and the branch pipe, the mesh size 
is kept coarse because the fields away from the 
crack and the weld have less influence on the stress 
intensity factor, which also helps to reduce the 
computational effort of the solid model. At the 
same time, a fine division of the mesh near the 
crack is taken. The meshing of the crack is shown in 
Figure 4. 

Figure 4. Meshing 

2.5 Load 

Axial tension is applied to the main pipe of the 3D 
finite element model containing surface cracks and 
the linear displacement of the branch pipe is 
limited in all three directions, releasing the angular 
displacement of the branch pipe. 

3 Numerical analysis results 

3.1 J-integral method 

Rice[23] put forward the concept of J-integral in 
1968. After a large number of studies related to 
and J-integral were carried out, J-integral has 
become one of the main parameters in elastic-
plastic fracture mechanics. In the case of online 
elasticity, J-integral has the following relationship 
with the stress intensity factor: 

𝐽𝐽 =
𝐾𝐾Ⅰ
2

𝐸𝐸′
(1) 

𝐸𝐸′ = �
𝐸𝐸       𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃 𝑠𝑠𝑠𝑠𝑠𝑠𝑃𝑃𝑠𝑠𝑠𝑠
𝐸𝐸

1 − 𝜈𝜈′
 𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃 𝑠𝑠𝑠𝑠𝑠𝑠𝑃𝑃𝑠𝑠𝑃𝑃 

(2) 

In the case of linear elastic material, J integral is 
equal to the energy release rate. A loop is made 
around the tip of the crack as shown in Figure 5. 
and the following integral is made along this loop： 

 𝐽𝐽 = � (𝑤𝑤𝑑𝑑𝑑𝑑 − 𝑇𝑇𝑖𝑖
𝜕𝜕𝑢𝑢𝑖𝑖
𝜕𝜕𝜕𝜕

𝑑𝑑𝑠𝑠)
𝛵𝛵

 (3) 

WhereΤ is any counter-clockwise loop around the 
crack tip; w is the strain energy density factor; 𝑤𝑤 =
∫ 𝜎𝜎𝑖𝑖𝑖𝑖 𝑑𝑑𝜀𝜀𝑖𝑖𝑖𝑖
𝜀𝜀𝑖𝑖𝑖𝑖
0 ,  𝜎𝜎𝑖𝑖𝑖𝑖  and 𝜀𝜀𝑖𝑖𝑖𝑖  are the stress tensor and 

strain tensor respectively; Τ𝑖𝑖 = 𝜎𝜎𝑖𝑖𝑖𝑖 ∙ 𝑃𝑃𝑖𝑖, Τ𝑖𝑖 is the 
tensor vector; where 𝑃𝑃𝑖𝑖 is the unit normal vector of 
Τ𝑖𝑖 ; ui  is the component of the displacement 
vector; and ds is the small increment on the 
integration path Τ. 

Figure 5. Counter clockwise integration loop 
around the crack tip 

In Abaqus, the stress intensity factor is derived 
from J-integral and its relationship with J-integral 
(energy release rate G) can be expressed as: 

𝐽𝐽 =
1

8𝜋𝜋
𝐾𝐾𝑇𝑇 ∙ 𝐵𝐵−1 ∙ 𝐾𝐾 (4) 

Where K= [KⅠ, KⅡ, KⅢ]T, B is the quasi-logarithmic 
energy factor matrix, and for homogeneous 
isotropic materials, B is the diagonal matrix. 

For homogeneous isotropic materials, Shih and 
Asaro[24] proposed the relation between J integral 
and SIF. Therefore, the above equation can be 
simplified to： 

 𝐽𝐽 =
1
𝐸𝐸 �

𝐾𝐾Ⅰ
2 + 𝐾𝐾Ⅱ

2 � +
1

2𝐺𝐺
𝐾𝐾Ⅲ
2 (5) 
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Table 4 J-integral of the specimen 

specim
en relative depth 

0,000 0,125 0,250 0,375 0,500 0,625 0,750 0,875 1,000 

CK 4,8748
0E-06 

3,9706
0E-06 

4,8701
0E-06 

3,3611
0E-06 

4,3818
0E-06 

3,1231
0E-06 

4,1590
0E-06 

3,1250
0E-06 

4,3590
0E-06 

K0 5,9882
0E-06 

5,2023
0E-06 

6,3489
0E-06 

5,0180
0E-06 

6,5219
0E-06 

5,2139
0E-06 

6,9801
0E-06 

5,8057
0E-06 

8,4533
0E-06 

3.2 J integral of specimen 

Based on the above method, in order to investigate 
the effect of CFRP repair on the crack tip, the J-
integral method was used to assess the change in 
stress intensity factor at the crack tip and to discuss 
the reduction in stress intensity factor (SIF) of CFRP 
reinforcement on surface cracks at the tube, the 
data is shown in Table 4. 

The J-integral of nine points was measured and 
their locations are shown in Figure 6. 

Figure 6. J-integral of points 

4 Analysis of fatigue performance 
parameters of FRP-CHS-K steel 
joints 

4.1 General description 

The angle and number of plies were varied for the 
CK specimen (lay-up angle [90/60/90]) to study the 
change in SIF of the FRP reinforcement on the FRP-

CHS-K joint during the experiment. The effect of 
GFRP on the reinforcement of this surface crack 
was observed while keeping the angle and number 
of layers constant. 

4.2 Number and angle of layers 

For a lay-up of [90/60/90], increasing the number 
of CFRP layers to five, the reinforced J-integral is 
reduced by about 35% on average compared to the 
unreinforced J-integral for a lay-up of 
[60/90/60/90/60], as shown in Figure 7. And when 
the ply angle [90/60/90] changes to [90/-90/-
90/90], as shown in Figure 8, the reinforced J-
integral is reduced by about 40% on average 
compared to the unreinforced J-integral. 
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Figure 7. J-integral for a lay-up of 
[60/90/60/90/60] 
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Figure 8. J-integral for a lay-up of [90/-90/-90/90] 

For [90/-90/-90/90] lay-ups, increasing the number 
of CFRP layers to six, the reinforced J-integral is 
reduced by about 42% on average compared to the 
unreinforced J-integral for [-90/90/-90/-90/90/-90] 
lay-ups, as shown in Figure 9. 
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Figure 9. J-integral for a lay-up of [-90/90/-90/-
90/90/-90] 

4.3 FRP’s fibre type 

The CFRP was replaced with GFRP and each of the 
FRP lay-ups listed in subsection 4.2 was discussed 
to investigate the effect on SIF before and after 
GFRP reinforcement under the same loading 
conditions and with the same cracking. the GFRP 
parameters are shown in Table 5. 

Table5 Mechanical properties of glass fiber fabric 
(GFRP) [25] 

material parameter value 

GFRP 

E1（MPa） 38600 

E2（MPa） 8270 

E3（MPa） 8270 

Nu12 0,26 

Nu13 0,26 

Nu23 0,33 

G12（MPa） 4140 

G13（MPa） 4140 

G23（MPa） 3100 

As shown in Figure 10, for the [90/60/90] lay-up 
case, the reinforced J-integral is reduced by about 
10% on average compared to the unreinforced J-
integral. For the [60/90/60/90/60] lay-up case, the 
J-integral after reinforcement is reduced by about
13% on average compared to the unreinforced J-
integral, as shown in Figure 11. 
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Figure 10. J-integral for a lay-up of [90/60/90] 
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Figure 11. J-integral for a lay-up of 
[60/90/60/90/60] 

As shown in Figure 12, for the [90/-90/-90/90] 
paving case, the reinforced J-integral is reduced by 
about 13% on average compared to the 
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unreinforced J-integral. For the [-90/90/-90/-
90/90/90/-90] lay-up case, J-integral after 
reinforcement is reduced by about 17% on average 
compared to J-integral without reinforcement, as 
shown in Figure 13. 
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Figure 12. J-integral for a lay-up of [90/-90/-
90/90] 
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Figure 13. J-integral for a lay-up of [-90/90/-90/-
90/90/-90] 

5 Conclusions 
After a series of numerical investigations on stress 
intensity factor (SIF) of cracked tubular joint, the 
influence of types of FRP, the number of FRP layers 
and angles have been found under the same 
loading conditions. Based on the theoretic and 
experimental data, the following conclusions are 
drawn. 

(1) For the K joints presented in this paper, the use
of FRP reinforcement is more effective in reducing
the stress intensity factor at cracks than the
absence of FRP.

(2) And, the use of CFRP reinforcement is more
effective in reducing the stress intensity factor at
the crack than the use of GFRP.

(3) For specimens reinforced with CFRP, when the
lay-up condition is [-90/90/-90/-90/90/90/-90], it is
most effective in reducing the stress intensity
factor at the crack. This is because the presence of
FRP is effective in reducing KⅠ, KⅡ and KⅢ when the
lay-up angle is 90° or -90°, which is perpendicular
to the crack angle. Secondly, when using CFRP
reinforcement, the lay-up of [-90/90/-90/-90/90/-
90] contributes similarly to [90/-90/-90/90] to the
reduction of the stress intensity factor. In
engineering practice, therefore, taking into
account the cost of reinforcement and
maintenance work, 4 layers of CFRP can be
considered under the premise that the tightness
and effectiveness of the wrapping have been
achieved.
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Abstract 
This study firstly analyses the information source of individual bridge condition evaluation, then 
expand the analysis from individual bridge to regional bridge-group evaluation, and formulate 
integration rules for regional inspection, monitoring, traffic volume, and drawings. The integrated 
data from multi-source information are stored and expressed in the logical form of "route-bridge-
component". After data cleaning, a road network database is established, the integrated data is 
mined for features, and then a comprehensive network level evaluation of regional bridge groups is 
carried out. The proposed information integration and data mining method and application model 
can effectively reveal the common characteristics and degradation laws of bridge groups in the road 
network and can be used for regional bridge network-level assessment. 

Keywords: regional bridges; network-level evaluation; information integration; short and medium 
span bridges. 

1 Introduction 
Regular inspection of bridges is a sufficient basis for 
bridge technical evaluation, and it is also a 
relatively direct and complete record of bridge 
status. The monitoring of critical bridges 

supplements regional bridge status information. 
The existing bridge evaluation system is essentially 
a "one bridge, one file" single evaluation method, 
and the data obtained from a single bridge can only 
be used to evaluate and improve the bridge. On the 
one hand, the potential laws and value of the data 
are greatly wasted; on the other hand, the 
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complicated work increases the difficulty and cost 
of bridge management. From the regional road 
network perspective, many bridges distributed in 
the region are a group of affiliated groups. Suppose 
the massive information of regional bridge groups 
accumulated over the years can be integrated and 
regularized to form a road network bridge 
database. In that case, the management work will 
be significantly improved. efficiency and help 
uncover hidden patterns in data.[1-2] 

In recent years, the management and information 
utilization of regional bridges have attracted the 
attention of scholars at home and abroad. Usually, 
the management of existing bridges can be divided 
into two levels: project level and network level 
(referred to as "single and network-level" in this 
paper). In the face of the vast base of small and 
medium span bridges, if we only rely on the single 
management model, that is, consider different 
bridges as separate individuals, and apply the 
conclusions obtained by detection and monitoring 
methods "point-to-point," it will achieve twice the 
result with half the effort[3]. The common 
characteristics of the bridge group and the road 
network correlation make it necessary to carry out 
network-level evaluation and management. There 
are already information management methods for 
many bridge groups at home and abroad, namely 
Bridge Management System (BMS). The system 
originated from the NBI database (National Bridge 
Inventory)[4] developed by the Federal Highway 
Administration (FHWA) in 1968, which only had 
data management functions. As the contradiction 
between increasing custody needs and limited 
funds has become increasingly prominent, 
researchers have added evaluation, prediction, 
analysis, decision-making, and other functions to 
the NBI to form a BMS. There are existing typical 
BMS such as PONTIS and BRIDGIT in the United 
States[5]. The former is the network-level 
management system with the longest running time 
and the most users. At the same time, the latter's 
primary function is close to it, which is equivalent 
to the corresponding single management version. 
Similarly, there are NATS[6] in the UK, J-BMS[7] in 
Japan, DANBRO[8] in Denmark, and so on. China 
started a little later in this regard, mainly using the 
China Highway and Bridge Management System 
(CBMS), Shanghai City bridge management system, 

and so on. 

The emergence of BMS has effectively improved 
bridge management, but its specific functions are 
not perfect, and there are still many deficiencies in 
practical application. Specifically: 1) The existing 
BMS is based on detection information, and the 
integration and utilization of monitoring 
information are not realized, resulting in 
insufficient, comprehensive, and reliable data 
samples. 2) The adopted bridge degradation model 
has apparent limitations, and its evaluation and 
prediction effect is not ideal. 3) The decision-
making assistance function is relatively simple and 
needs to be further optimized and improved. 

The pattern recognition of bridge degradation is a 
necessary tool for BMS to convert the original data 
of the bridge road network into domain knowledge, 
and it is also the key to realizing network-level 
evaluation[9]. Reference[10] defines it as "a link 
between a structural state and a series of 
independent variables." There are two main ways 
to realize it: one is to predict future behaviour and 
state based on historical data of structural 
degradation; Predict the degradation law of the 
structure. This paper mainly uses the former idea 
to mine the regional bridge information and find 
the structural degradation pattern. Applying 
statistics and analysis of data, the influencing 
factors of bridge degradation and the relationship 
model of structural state can be effectively 
obtained. The model has excellent efficiency in 
predicting and evaluating large-scale road 
networks. 

At present, for the multi-source information of 
bridge groups in the region, no research clarifies 
the existence form, acquisition method, 
integration rules, and information data structure. 
The existing BMS only stores and manages 
detection information and fails to coordinate 
monitoring information well. The needs of 
network-level evaluation decided that many details 
still need to be improved. 

This paper firstly discusses the multi-source 
information and comprehensive evaluation 
method of a single bridge. Also, considering the 
current form of the original bridge data in the 
region and the analysis requirements of the follow-
up research, the integration rules and data 
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structure of the road network bridge database are 
proposed.  

2 Single bridge condition assessment 

2.1 Bridge condition information source 

As the primary means of the maintenance 
department, detection can widely and regularly 
obtain information on structural changes of bridges 
in the region during operation. In China's current 
bridge management system, according to the 
Standards for Technical Condition Evaluation of 
Highway Bridges, the detection information mainly 
includes the following two categories: 1) The 
disease description and scale of each component 
directly obtained by inspection; Layered weighted 
indirect derived components (such as a beam, a 
pier, etc.), parts (such as beams, piers, supports, 
expansion joints, etc.), structures (superstructure, 
substructure, deck system) and overall (overall 
structure) technical condition score. According to 
their overall rating, bridges can be divided into 
categories one to five. The manager will formulate 
a regional bridge maintenance plan based on 
assessing the bridge as a whole and its components. 

To sum up, for many bridges in the regional 
transportation network, the abundant detection 
data accumulated during the long-term operation 
and maintenance period and the existing 
evaluation methods should be used, the regional 
environmental climate change and traffic load 
changes should be considered, and the basic 
information of each bridge in the region should be 
considered. Attributes and other information, and 
explore the correlation between the technical 
status of regional bridges and various attributes. 
With the help of critical bridges with monitoring 
systems in the area, refined spatiotemporal status 
information of such bridges can also be obtained to 
assist in judging the technical status of such bridges. 
The established regional bridge technical state 
degradation model and evaluation system based 
on multi-source information can form effective 
bridge management decisions. 

2.2 Comprehensive assessments of bridge 
condition 

The comprehensive assessment of bridges is 

mainly divided into two modes [11]. The first one 
uses AHP, fuzzy mathematics, and other methods 
to evaluate the bridge state and establishes an 
evaluation model that considers structural safety, 
usability, and durability. This model can also 
integrate monitoring data to a certain extent and is 
more suitable for large-span or complex bridges. 
However, the comprehensive evaluation systems 
applicable to different bridge types are different, 
and it is difficult to establish a unified standard for 
each other, limiting the inheritance and 
transformation of historical and shared data and 
not conducive to the popularization of regional 
road networks. 

The second type can be called the parallel 
evaluation mode, that is, the evaluation system 
based on detection and monitoring is retained in 
parallel, making it the two evaluation dimensions 
of the bridge. This model, while continuing the 
existing inspection and evaluation system, uses 
monitoring data to supplement and improve it 
appropriately, takes into account the evaluation 
needs of regional bridge groups and key bridges, 
highlights the characteristics of inspection 
information and monitoring information, and is 
beneficial to the realization of the expansion from 
monomer to network-level evaluation. 

Therefore, this paper carries out the follow-up 
bridge information integration work according to 
the parallel evaluation mode. When the monitoring 
system is installed on the critical bridges in the 
region, the detection-based and monitoring-based 
evaluation systems are retained simultaneously, 
and the monitoring and evaluation of individual 
bridges are used as a supplement and 
improvement to the regional inspection and 
evaluation. When there is no monitoring 
information, it is difficult to dig out a specific 
degradation pattern due to the small amount of 
information obtained from a single bridge. A 
relatively stable regional degradation mode can be 
obtained using the quantitative advantage of 
regional bridge groups and the inevitable 
correlation between individual bridges. 
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3 Information integration for 
regional bridges 

3.1 Integration Features 

The source of bridge group information used for 
web-level assessment is integrated with its 
inherent feature: 1) Multi-level decomposition. The 
bridge is a complex system consisting of a variety 
of sub-structures. The database should implement 
multi-level decomposition and trace the road 
network - bridge - components to ensure the 
feasibility between different levels, providing a 
data logic foundation for web-level assessments. 2) 
Interaction. The degradation of the part of the 
bridge interacts. For example, the bridge crack will 
accelerate the degradation of the main beam; the 
damaged support will also cause bridge damage. 
Therefore, the database should provide the 
interaction of each component to reveal the inner 
contact of the structural performance and the state 
of the state. 3) Universality and expansion. The 
database should be able to ensure the ability of its 
subsequent expansion and update under 
conditions that meet the current analysis, which 
can be adapted to the complementary or new 
analysis method of new data. 4) Expression of time-
varying data. Common bridge data can be divided 
into static data, such as spans, materials, etc., and 
time-changing state data, such as bridge age, traffic, 
etc. Dynamic data is usually related to structural 
characteristics. Therefore, the database should 
support dynamic expression to reveal data time 
and space relationships. 

3.2 Data Source 

The detection information is a whole body that 
carries the bridge data in the region. The test 
report is the most direct and complete historical 
data of this information, usually archived in the 
form of a technical status. A typical evaluation 
table consists of 3 parts: 1) Basic parameters of 
bridges, main fields have space sections, bridge pile 
numbers, bridge length, main sprouts, span 
combination, construction, monthly inspection, etc. 
2) Each part. The upper structure, the lower
structure, the bridge lateral, and the corresponding 
rating; 3) The overall rating and incubation of the
bridge. The above data is characterized by crucial

information such as the structural characteristics of 
the bridge, service year, location distribution, 
environmental role, and status evaluation, and is 
essential for grasping the degradation process of 
the test structure. The monitoring information can 
be used as a supplement, obtaining the regional 
key bridge's refined time and space status 
information. 

At the same time, the traffic network is responsible 
for the function of passing and carrying. From the 
perspective of the bridge in the service period, the 
traffic load is also its most important external role. 
Because of the traffic flow information of the 
sections of the test bridges in the assessment, 
other data sources are required. The annual 
average daily traffic data recorded by each 
intersection of the road along the road is collected. 
The natural use of motor vehicles is used to 
characterize the average effect of traffic flow of the 
bridge or can combine dynamic weighing systems 
or video monitoring to obtain primary channel 
traffic information. In particular, the number of 
heavy vehicles in vehicle classification statistics is 
more pronounced in the number of structures, and 
additional attention is required. 

In addition, the bridge design construction 
drawings can supplement the basic information of 
the bridge in the database, such as structural 
design parameters, highway level, and the number 
of lanes. 

3.3 Multi-source data logic expression 

For the above integrated multi-source data, 
storage and expression should be made in the form 
of "attributes." The attribute consists of attribute 
names and values, and the former specifies a 
particular feature, the latter being related data. 
Different attributes may have different data 
formats, such as numerical, order, nominal, etc. 
Among them, the value is most intuitive and can be 
quantitative comparison. Although the sequence 
type is equally significant, other formats are 
qualitatively expressing, but the difference 
between successive values is difficult to quantify; 
nominal type, i.e., attributes related to name, only 
for characterization categories. For road network 
databases, typical properties and their format are 
defined as follows: 
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1) Regional, route coding, bridge coding,
component coding, bridge pile number, and all
nominal properties indicate the spatial distribution
of bridge objects. The area should be divided into
the specific conditions of the road network,
combined with geographical position, temperature,
humidity distribution, etc.

2) Built-in annual month, check the date, bridge
age, and all numerical properties indicate the time
information of the bridge. The bridge age is
subtracted from the date of testing and the
completion of the year.

3) Bridge type, bridge length, maximum span,
cross-section size, reinforcement rate, where the
bridge type is a nominal property, and the other is
a value type, indicate the structural characteristics
of the bridge object.

4) Annual average daily traffic (ADT), the average
daily mass (ADTT), all of which are numerical
properties, indicate the traffic flow. The former has
a total natural number of motor vehicles, and the
latter uses the summation of large trucks and buses.

5) Highway level, design load, roadbed width, lane
number, where the highway level and design load
is the order attribute, and the other is numerical
attributes, indicating the passage of the bridge.

6) Overall rating, overall rating, upper rating, lower
rating, bridge rating, etc. The overall score is
divided into numerical properties. The other is a
sequence type, indicating the bridge's structure.

Most of the properties are static, but detection 
date, cliffs, ADT, ADTT, structural rating, score, etc., 
are dynamic data. These dynamic data are key 
values such as time span, and each key represents 
the corresponding time coordinates. The key value 
is the coordinate attribute and is stored in each 
format. For the bridge of "Building a year = 2015", 
there is "bridge age = {2016: 1, 2017: 2}" and 
"overall score = {2016: 99, 2017: 98}". 

3.4 Data integration and cleaning 

The specific organizational forms and data 
structures of different levels of information in the 
region have their characteristics. The concepts of 
"class" and "instance" are introduced by the object-
oriented programming idea. A class is an 

abstraction of specific things and expresses a 
specific concept. The class involves three levels in 
the regional bridge road network, namely 
component class, bridge class, and route class. 
There are affiliations between different levels.  

Figure 1. Data Integration Rules and Structures 

For example, the route class includes bridge classes, 
and the bridge class includes many component 
classes. The classes can be distinguished by class 
names, such as the "main beam" class and the 
"support" class, which store different information. 
The attributes defined above are integrated into 
the above classes in an orderly manner according 
to their functional objects and scopes, and 
templates corresponding to each component, 
bridge, and route are obtained. Correspondingly, 
the instance is the carrier of the thing in the 
database. The instances existing in the road 
network can be created according to the template 
specified by the class, that is, the component 
instance, the bridge instance, and the route 
instance, and the attribute data can be filled 
according to the characteristics and properties of 
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the entity. For example, Bridge A and Bridge B are 
both created based on the "Girder Bridge" category, 
but they are independent bridge instances. The 
former has a bridge length attribute value of 15 m, 
and the latter is 30 m. Figure 1 summarizes the 
above data integration rules. 

However, the integrated results cannot be directly 
used for subsequent analysis and processing, which 
is mainly caused by the difference in the quality of 
the original data of each data source, specifically: 1) 
The paper data has a limited storage time, and 
there are phenomena such as loss and 
contamination, which affect the data. 2) Electronic 
data is subject to management level and 
implementation, making it difficult to unify formats 
and standards; 3) Errors are inevitable in data entry, 
and there are likely to be problems of missing or 
inconsistent information. Therefore, it is necessary 
to clean the integrated data to remove noise for 
later pattern recognition. For example, using the 
same information from different data sources for 
cross-validation and correcting abnormal changes 
in dynamic and static data over time. Commonly 
used cleaning operations include deletion, mean 
filling, mode filling, etc., depending on the specific 
situation.  

Figure 2. Flowchart of road network database 

In some cases, the user needs to export the 
regional bridge road network data under the 
specified year to further examine its characteristics. 
To this end, the "slicing" operation of the database 
is defined. That is, the dynamic data of each 
instance is intercepted according to a given time 
coordinate, while the static data is retained, and 
the exported result is the slice of the database in 
that year. 

4 Conclusions 
1) For bridge network-level assessment, this paper
studies a systematic method of multi-source
information integration, conducts correlation
analysis and mining on multiple vital parameters,
explores the common characteristics and
degradation laws of bridge groups in the road
network, and establishes a suitable network level
Evaluation Theory.

2) A systematic method of multi-source
information integration for network-level
evaluation is proposed, which combines the
detection information, monitoring information,
traffic volume observation, design and
construction drawings and other multi-source data
describing the characteristics of the road network
with the logic of "route-bridge-component". The
road network database is constructed through
formal integration, which breaks through the
management barriers between many single bridges 
and brings the potential value of massive data into
play.
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Abstract 
In this paper, a neural network-based regional bridge condition degradation model establishment 
method is proposed for the problem of regional bridge network level assessment and management 
and maintenance strategy optimization. First, a subset of features for bridge condition prediction is 
extracted from the road network database, and a suitable secondary transcoding technique is 
selected to accommodate the training of artificial neural networks; then, a cost-sensitive training 
error is introduced to obtain the optimal bridge degradation model through model selection. To 
verify the feasibility of the method, a case study of a small road network in the main highway section 
of Shandong Province was selected to obtain the degradation model of the bridge group in the 
region, which provides a basis for the future maintenance strategy of the regional road network. 

Keywords: bridge engineering; network-level assessment; neural network; regional bridges; 
degradation model.

1 Introduction 
Transportation infrastructure is the economic 
lifeline of the national society, while bridges are the 
hub of the transportation road network. In the road 
network, small and medium span bridges occupy 
the main position. As of 2017, there are more than 

800,000 highway bridges in China, of which, nearly 
90% are small and medium span bridges [1]. Behind 
this huge base, a large number of old bridges tend 
to have significant structural damage and 
degradation, and safety hazards are increasing day 
by day, which makes it urgent to evaluate the 
performance, predict the degradation, and 
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formulate a reasonable maintenance strategy for 
operating bridges. 

In operation and maintenance, facing a large 
amount of raw data generated from the bridge 
network, it is an effective way to extract bridge 
degradation models to calculate the future 
structural behaviours and condition. There are 
three types of models: deterministic models, 
stochastic models and machine learning models. 
Machine learning models that have received initial 
research in recent years can be used to describe 
bridge degradation behaviours using example 
inference, decision trees, and neural networks. 
They have more advantages and fewer limitations 
than the aforementioned models. Morcous [2] was 
the first to develop a degradation model for 
infrastructure using an instance inference 
approach that included the future state of bridge 
decks in relation to their physical characteristics, 
operational conditions, and maintenance records. 
Kim et al [3] supplemented the structural property 
prediction model with parameters such as bridge 
age and traffic volume. Li and Burgueno [4] 
compared the prediction efficiency of various 
algorithms such as neural networks, fuzzy 
inference, and support vector machines for bridge 
abutment members based on the Michigan bridge 
database. Alipour et al [5] used decision trees and 
random forests to learn and predict the load ratings 
of bridge populations, achieving high accuracy and 
providing guidance for engineering practice. 

In this paper, based on the artificial neural network 
(ANN) prediction model, we propose a method to 
build a network-level state degradation model to 
provide a model basis for the performance 
assessment of regional bridges. Based on the traffic 
road network information database of Shandong 
Province, key attributes and data sets in the 
database are extracted for neural network training 
and validation, and the degradation model of 
bridge states in the target area is established. 

2 Neural networks for bridge 
condition degradation models 

2.1 Representation of degradation models 

In the degradation model, it is generally assumed 
that there is some connection or pattern between 

the measure of structural state and a set of 
independent variables. Specifically, the model can 
be expressed as follows: 

𝑓𝑓(𝑋𝑋1,𝑋𝑋2, … ,𝑋𝑋𝑛𝑛) = 𝑌𝑌 (1) 

In Eq. (1), the measure of structural condition Y is a 
quantitative assessment considering the degree of 
structural damage, which can be characterized by 
the state of technology; and the various 
independent variables 𝑋𝑋1  ~ 𝑋𝑋𝑛𝑛  are attributes that 
affect structural degradation and are observable, 
such as: bridge age, bridge span, traffic flow, etc. 
The road network database with integrated multi-
source information provides the data basis for the 
extraction and modeling of bridge degradation 
characteristics. In this paper, we will establish the 
degradation model of regional bridges based on 
ANN algorithm, and finally achieve a high 
prediction accuracy and confidence level by 
selecting reasonable sample attributes and 
reasonable training of data samples. 

Figure 1. M-P Neuron 

Neural networks belong to machine learning 
methods and consist of three main components, 
namely neurons, connections and weights, and 
activation functions and thresholds. The network 
consists of numerous basic computational units 
(M-P neurons, Figure 1), and a single neuron can be 
connected with n inputs and m outputs, and 
different weights can exist for different 
connections. After the neuron receives the total 
input value, the activation function calculates the 
corresponding output and adjusts the parameters 
by comparing with the set threshold. Among them, 
the commonly used activation functions are 
Sigmoid, Tanh, ReLU, etc. 

Input Connection M-P neuron

Weights

Output

Threshold
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2.2 Network Architecture and Feature 
Selection 

The fully connected neural network is formed when 
the neurons in the upper layer are fully 
interconnected with each neuron in the next layer. 
In addition to the first layer (input layer) and the 
last layer (output layer) of the network, the 
remaining intermediate layers (hidden layer) 
mainly complete the processing and operation of 
the signal, and the network architecture is shown 
in Figure 2. In order to reasonably determine the 
parameter values of each neuron in the neural 
network, the error back propagation (BP) algorithm 
can be effectively solved. It can be forward 
propagated layer by layer according to the 
feedback of the results, and each neuron adjusts 
the weights along the negative gradient direction. 
To improve the network accuracy, this can be done 
by increasing the number of hidden layers or/and 
increasing the number of neurons, etc [6], but the 
most reasonable network architecture needs to be 
determined by model comparison. In the BP neural 
network selected in this paper, the specific number 
of hidden layers and the number of neurons in each 
layer will be determined in a later discussion. 

Getting a suitable subset of features (input set) 
after data pre-processing is another core issue. A 
subset that is too small to cover the required 
features of the problem of interest is not conducive 
to the adequate representation of knowledge in 

the model, while a subset that is too large to 
include irrelevant features increases the 
computational overhead and tends to lead to 
overfitting or non-convergence. Theoretically, 
traversing any combination of attribute sets and 
comparing them to arrive at the optimal feature 
subset is the most reliable method, but it is 
obviously computationally infeasible. 

For this reason, this paper proposes a criterion that 
integrates subjective knowledge and objective 
statistics to determine feature subsets. In the first 
step of the knowledge-based criterion, features are 
initially selected with the help of domain 
knowledge, expert judgment, and engineering 
experience. In this paper, the possible feature 
combinations are initially selected based on the 
subjective knowledge of bridge degradation and 
related literature research [2, 5]. In the second step 
based on statistical criteria, statistical tools such as 
frequency statistics and correlation analysis are 
used to further optimize and adjust the subset 
formed by subjective judgments. The final subset 
of features formed are area, design speed, roadbed 
width, average daily traffic (ADT), annual average 
daily truck traffic (ADTT), number of lanes, bridge 
age, bridge length, bridge type, span diameter and 
maintenance records of each part. Accordingly, the 
output is set to overall rating, upper rating, lower 
rating and bridge deck rating. 

Figure 2. Structure of Artificial Neural Network 
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3 Net-level assessment of 
degradation model 

3.1 Sample screening and data processing 

In this paper, we integrate multi-source data 
(bridge historical inspection reports, monitoring 
and evaluation reports, design drawings, etc.) of 
several mainline highways in Shandong Province to 
obtain the road network database of Hebei 
Province. Based on the filtered feature categories 
and the network structure shown in Figure 2, the 
samples required for neural network training are 
screened and generated from the road network 
database. Considering the data integrity and time 
continuity comprehensively and excluding some 
records with abnormal values, a total of 7225 sets 
of overall samples consisting of 1362 bridges were 
obtained. To make the degradation model with 
good generalization ability (expressing the general 
pattern of bridge degradation) and no 
"underfitting" or "overfitting" phenomenon X, the 
sample data are randomly divided into training set 
(80%), validation set (10%) and test set (10%). The 
training set adjusts the weights among neurons in 
the neural network by minimizing the prediction 
error; the validation set is used to determine the 
optimal weight values; and the test set is used to 
estimate the bridge degradation assessment effect 
of the neural network. 

Table 1. Input and Output of Neural Network 

No
. 

Features Value 

Range

Encoding 

conversion

1 Area {1,2,3} (1,0,0), (0,1,0), 
(0,0,1) 

2 Design 
speed 

{80,100,120
} {0.50,0.75,1} 

3 Roadbed 
width [26,42] [0.24,0.88] 

4 ADT [4912,2373
1] [0.123,0.593]

5 ADTT [625,13798] [0.031,0.690]

6 Number of 
lanes {4,6,8} {0.5,0.75,1}

7 Bridge Age [2,12] [0.04,0.24] 

8 Span 
diameter [5,2000] [0.0025,1] 

9 Bridge type {slab girder, 
T-beam, box

(1,0,0,0), 
(0,1,0,0), 

No
. 

Features Value 

Range

Encoding 

conversion
girder, 
others} 

(0,0,1,0), 
(0,0,0,1) 

10 Bridge type [5,146] [0.025,0.730] 

11 Overall 
rating {1,2,3,4,5} {0.2,0.4,0.6,0.8,

1} 

12 Upper 
rating {1,2,3,4,5} {0.2,0.4,0.6,0.8,

1} 

13 Lower 
rating {1,2,3,4,5} {0.2,0.4,0.6,0.8,

1} 

14 Bridge deck 
rating {1,2,3,4,5} {0.2,0.4,0.6,0.8,

1} 

15 
Upper 

maintenanc
e records 

{0,1} 0,1 

16 
Lower 

maintenanc
e records 

{0,1} 0,1 

17 Maintenanc
e records {0,1} 0,1 

The input variables in this paper have multiple data 
types, including numeric (e.g., bridge age, ADT), 
nominal (e.g., region, bridge), and Boolean (e.g., 
maintenance records). Secondary coding is 
required for each type of input variables to adapt 
the training of neural network, see Table 1. 

For numerical type features, this paper maps all 
feature values onto the [0,1] interval using the min-
max normalization method. For the nominal type, 
it is treated as a 1×N vector by the one hot 
encoding. 

The output of the neural network established in 
this paper uses the rating of the structure for the 
following reasons: the variability of the rating data 
(numerical type) is too large, which easily leads to 
the reduction of the model accuracy. Referring to 
the technical condition rating of highway bridges [7] 
and the idea of dimensional normalization, the 
overall rating interval of [80,100] is re-divided into 
five condition levels according to Eq.2. 

𝐷𝐷𝐷𝐷′ =

⎩
⎪
⎨

⎪
⎧

1 𝐷𝐷𝐷𝐷 ∈ [96,100]
2 𝐷𝐷𝐷𝐷 ∈ [92,96)
3 𝐷𝐷𝐷𝐷 ∈ [88,92)
4 𝐷𝐷𝐷𝐷 ∈ [84,88)
5 𝐷𝐷𝐷𝐷 ∈ [80,84)

(2) 

Where, 𝐷𝐷𝐷𝐷 is the original overall rating and 𝐷𝐷𝐷𝐷′ is 
the corresponding overall rating, this conversion 
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ensures that the technical condition of the 
structure remains unchanged. 

Considering that the structure ratings used in this 
paper, although they have some category meaning, 
are more focused on characterizing the changes in 
structure in terms of numerical magnitude, they 
are treated as numerical features. Accordingly, the 
neural network is defined as a regressor in this 
paper. 

3.2 Cost-sensitive errors in unbalanced 
data 

Due to the significant imbalance in the overall 
sample data distribution in this paper, i.e., the 
structural ratings of most samples are 
concentrated in levels 1~3 defined by Eq.2, while 
less than 10% of the bridges in levels 4~5. This 
unbalanced characteristic tends to lead the neural 
network to over-fit the high-rated samples and 
under-fit the low-rated samples during the training 
process. If not weighted in the error model, such 
neural networks may cause safety hazards in bridge 
management, i.e., a bridge with obvious defects is 
judged to be a high rated bridge and misses the 
repair time resulting in unexpected losses or even 
major accidents. In order to reduce such "non-
equal cost" and to fully consider the relative 
importance of each rating category, this paper 
selects a cost-sensitive training error to assess the 
accuracy of the model [8], as shown in Eq.3. 

𝐸𝐸 =
1

4𝑚𝑚
� � 𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑗𝑗∆𝑦𝑦𝑖𝑖,𝑗𝑗2

4

𝑗𝑗=1

1

𝑖𝑖=1
 (3) 

where 𝐸𝐸 is the final error of the model prediction, 
𝑚𝑚  is the number of samples, 𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑗𝑗  is the cost 
corresponding to the jth component of the output 
layer, and ∆𝑦𝑦𝑖𝑖,𝑗𝑗

2����� (j=1,2,3,4…) is the deviation of
sample i from the true value on output j. Since the 
output layer has 4 neurons, it is weighted. 

In this paper, when determining the weights of 
various types of costs, different cost coefficients 
are set first, and then the most appropriate cost 
coefficients are determined by comparison and 
adjustment of the validation set. The various types 
of costs established in this paper are shown in 
Table 2 (𝑦𝑦𝑖𝑖,𝑗𝑗=1) representing the output when the 
rating is 1), where C1 is the equal cost case, while 

the costs of the low-rated samples in C2 and C3 
gradually increase. The next section will compare 
the final values of the costs taken within the model. 

Table 2 Values of 𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑗𝑗 (j=1,2,3,4) 

No.
𝒄𝒄𝒄𝒄𝒄𝒄𝒄𝒄𝒋𝒋 

𝑦𝑦𝑖𝑖,𝑗𝑗=1 𝑦𝑦𝑖𝑖,𝑗𝑗=2 𝑦𝑦𝑖𝑖,𝑗𝑗=3 𝑦𝑦𝑖𝑖,𝑗𝑗=4 𝑦𝑦𝑖𝑖,𝑗𝑗=5 

C1 1 1 1 1 1 
C2 0.75 0.85 0.91 0.96 1 
C3 0.50 0.67 0.80 0.91 1 

3.3 Training and evaluation of degradation 
models 

In addition to the cost parameters to be 
determined within the model, the number of 
hidden layers also needs to be determined. In this 
paper, we compare and consider three numbers of 
hidden layers (2, 3, and 4 layers), and combine the 
three types of cost taking values to produce a total 
of 3 × 3 = 9 candidate neural networks. The 
performance of each model during training is 
shown in Figure 3. 

Figure 3. Error-Iteration Curve of Each Models 

In Figure 3, the black, red and blue lines represent 
the cost C1, C2 and C3 cost combinations, 
respectively; the solid, dashed and dotted lines 
represent the 2-, 3- and 4-layer neural networks, 
respectively. The errors of all neural networks 
show a rapid decrease and eventually reach 
stability at the early stage of training. However, 
comparing the cost C1, C2 and C3, the convergence 
timing of each model remains the same, but the 
initial error increases in turn, and the convergence 
speed is accelerated. Moreover, the increase of the 
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number of hidden layers also accelerates the 
convergence speed of the models. To compare the 
differences in prediction performance of the 
candidate models, the accuracy (Acc) is further 
selected as a uniform measure on the validation set 
and defined as Eq.4. 

𝐴𝐴𝑐𝑐𝑐𝑐 =
∑ 𝛾𝛾𝑖𝑖𝑖𝑖5
𝑖𝑖=1

∑ ∑ 𝛾𝛾𝑖𝑖𝑗𝑗5
𝑗𝑗=1

1
𝑖𝑖=1

(4) 

where 𝛾𝛾𝑖𝑖𝑗𝑗  is the number of samples belonging to 
class i that are predicted to be class j. 

The Acc corresponding to the four output features 
of each model is summarized in Figure 4. As seen 
from the figure, the C1 model is slightly worse than 
the C2 and C3 models in terms of Acc, and the 
increasing number of hidden layers tends to give 
better prediction results. Comparing the nine 
candidate models, this paper concludes that the 
model (hidden layer = 4, C2) is the most stable and 
reliable, and Table 3 also demonstrates that the 
model has good generalization performance. 

Figure 4. Candidate Model Rating Acc 

Table 3 Generalization Performance Testing 
(Hidden Layer = 4, Cost C2) 

Performance 
Metrics 

Output characteristics 
Overall 
rating 

Upper 
rating 

Lower 
rating 

Deck 
rating 

Acc 0.766 0.670 0.756 0.684 

4 Conclusions 
In this paper, in order to quantify the correlation 
between the technical condition of regional bridges 
and each characteristic attribute, data of regional 
bridge information are integrated to refine regional 

characteristics and predict the degradation model 
of bridge condition. This paper establishes the 
relationship between the regional bridge condition 
and each characteristic attribute using artificial 
neural networks to form a bridge condition 
degradation model. The artificial neural network-
based bridge degradation model of provincial 
highways is trained and validated by helping the 
road network database that integrates multi-
source data of several highways in Shandong 
province. In the model comparison, the optimal 
number of layers of the neural network 
architecture and the weights of cost-sensitive 
training errors were determined by integrating the 
convergence characteristics and the prediction 
accuracy of the model. The model obtained from 
the training has high prediction accuracy and good 
generalization performance. 
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Abstract 
An integral abutment bridge (IAB) is a type of bridge in which bearings and expansion joints are 
eliminated at the abutment. Its superstructure is usually connected to its substructure by casting 
the abutment-beam joint in-situ, which is responsible for transferring loads and reaction forces. Like 
the knee joint of the frame, the joint is in stress disturbed region and the reinforcement is more 
complicated. In this paper, based on the principle of equal stiffness, the whole structure is simplified 
to a “single girder + single pile” structure equivalently. Then combined with the “tensile stress region” 
theory, by calculating the element stresses of an engineering example under four load combinations, 
a simpler design method is proposed for the reinforcement of the joint of an IAB. 

Keywords: integral abutment bridge (IAB); abutment-beam joint; “single girder + single pile” model; 
tensile stress region; reinforcement. 

1 Introduction 
An IAB is a kind of bridge which eliminates the 
bearings and expansion joints at the abutment, 
that is, its superstructure and substructure are 
poured together. As a result, its substructure 
restrains the rotation and translation of the 
superstructure at the beam end, while the bending 
moment and axial force are transmitted from the 
superstructure to the substructure. However, the 
IAB also avoids the diseases of the weak parts such 
as expansion joints and bearings, improves the 
durability of the whole structure and reduces the 
maintenance cost. Hence, IABs have been widely 
used in small and medium span bridges. 

Under various loads, the force of an IAB not only 
depends on the stiffness of the structure itself, but 
also on the structure-soil interaction. Therefore, 
two equally dominant issues in the structural 
analysis of an IAB are: how to simulate the 
structure itself and how to simulate the structure-
soil interaction. 

Regarding the calculation of the internal force and 
displacement of the pile under lateral load, the 
early method adopted was to treat the pile as a 
beam on the Winkler elastic foundation, i.e., the 
soil around pile is simulated as a series of discrete 
Winkler springs. While a pile within a unit length 
produces a unit deflection, the lateral reaction 
force provided by the spring is defined as the 
subgrade reaction coefficient 𝑘𝑘 . When 𝑘𝑘  is a 
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constant, there exists a critical length 𝑙𝑙𝑐𝑐 for the pile 
with bending stiffness of 𝐸𝐸𝐸𝐸. The deflection of the 
pile below 𝑙𝑙𝑐𝑐 can be ignored. The critical length 𝑙𝑙𝑐𝑐 
is [1]: 

𝑙𝑙𝑐𝑐 = 4�
𝐸𝐸𝐸𝐸
𝑘𝑘

4
(1) 

Abendroth [2] pointed out that no matter whether 
the pile head is fixed or hinged, the real system can 
be simulated by a cantilever beam with an 
equivalent length. Dicleli [3, 4] used a 2D frame 
model based on equivalent cantilever beams in the 
structural analysis of an IAB under the load 
combination of gravity, temperature change and 
earth pressure. However, since the calculation of 
equivalent length depends on the stiffness of the 
pile section, for piles with inconsistent longitudinal 
and transverse section stiffness, different 
directions correspond to different equivalent 
lengths, which brings difficulties to modeling and 
analysis. Therefore, Dicleli [4] used a 3D frame 
model with soil springs when calculating the 
response of an IAB under longitudinal and 
transverse seismic loads. 

In addition, the equivalent length 𝑙𝑙𝑐𝑐  is not 
changeless. It conforms to Eqn. (1) only when 𝑘𝑘 is a 
constant. For example, when 𝑘𝑘  changes 
proportionally to the depth 𝑧𝑧, that is, 𝑘𝑘 = 𝑛𝑛ℎ𝑧𝑧, the 
equivalent length 𝑙𝑙𝑐𝑐 becomes [1]: 

𝑙𝑙𝑐𝑐 = 4�
𝐸𝐸𝐸𝐸
𝑛𝑛ℎ

5
(2) 

𝑛𝑛ℎ is the constant of horizontal subgrade reaction. 
𝑙𝑙𝑐𝑐 is affected by the type of soil. In the simulation, 
it is not as intuitive and convenient as the soil 
spring. Faraji [5] calculated the internal force and 
displacement response of an IAB by a 3D finite 
element model. The force-displacement curve in 
the National Cooperative Highway Research 
Program (NCHRP 1991) design manual and the p-y 
curve recommended by the American Petroleum 
Institute (API 1993) are used to consider the 
nonlinear structure-soil interaction for the soil 
behind the abutment and around the pile.  

With the development of computing software, the 
application of 3D models has become more 

common, providing more advantageous solutions 
to problems such as analysis of skew or curved 
bridges and calculation under earthquake and 
vehicle loads. Bahjat [6] established a 3D finite 
element model of the Brimfield Bridge and studied 
the complex behavior of that skew bridge. Dicleci 
[7] established a 2D and a 3D model to calculate the 
live load distribution factor (LLDF) of a single-span
IAB.

The abutment-beam joint is similar to the knee 
joint of a frame. Both belong to the “D region”, and 
the stresses and strains in this region are disturbed 
and discontinuous. Hsu [8] provides the Struts-and-
Ties Model (STM) of a knee joint under a closing 
moment and an opening moment. Relying on STM 
to guide the reinforcement design, the key is to 
determine the stress flow in “D region”. It is 
necessary to ensure that the concrete struts 
coincide with principle compressive stress traces 
and the rebar ties coincide with principle tensile 
stress traces. 

However, he also believes that the STM of any 
structure is not unique and it is difficult to clarify a 
solution that meets the ultimate bearing capacity 
and economy at the same time; In addition, one 
structure requires repeated design under various 
working conditions. The process is so cumbersome. 
Due to the nonlinearity of structure-soil interaction, 
iterative calculation is needed to determine the 
range of soil springs behind the backwall, which 
results in the reinforcement of an IAB joint being 
different from the reinforcement of a knee joint. 
Therefore, the author proposes a method of 
reinforcement design based on “tensile stress 
region” theory, which aims to simplify the 
reinforcement work at this local part. 

2 An engineering example and its 
calculation model 

2.1 Engineering background 

The design process is introduced with a two-span 
IAB as shown in Figure 1. Six 2×40m continuous 
prestressed concrete box girders form the 
superstructure, which is poured together with the 
abutments. Fixed bearings are set at the middle 
pier. 
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Half cross section at the abutment and the 
dimensions of the abutment are shown in Figure 2a 
and 2b. The transverse width of superstructure is 
16,5m and the height is 2m, while the longitudinal 
width of the abutment is 1,8m, the height is 1,85m. 
The backwall is 2,3m high. Five bored piles with a 
diameter of 1m and a length of 15m are arranged 
under the abutment on each side. The subgrade 
proportionality coefficient 𝑚𝑚 , is taken as 

15000kN·m-4 behind the abutments and 
10000kN·m-4 behind the piles. 

In the construction process of an IAB, a continuous 
system is usually formed on the abutment at first, 
then the abutment-beam joint is poured to form an 
integral system to prevent the joint from bearing 
the dead load from the superstructure. Finally, fill 
soil behind the abutment, and the earth pressure is 
transmitted to the structure. 

Figure 1. The elevation of an IAB (unit: mm) 

a) b) 

Figure 2. Some details: a) half cross section at the abutment; b) dimensions of the abutment (unit: mm) 

2.2 Model simplification method based on 
the principle of equal stiffness 

Dicleci [3] discussed the loads and structural 
systems of an IAB under different construction 
stages and completed bridge stage. In the 
completed stage, the main loads that affect the 
force of the joint are: superimposed dead load, 
temperature effect, settlement effect, vehicle load 
and the earth pressure effect caused by other 
effects. In general, the span of an IAB is short while 

its integrity is strong, and the uneven distribution 
of vehicle load has a limited effect on the force of 
the joint. Hence, the force in the longitudinal 
direction of an IAB is dominant. Based on this 
condition, the author considers simplifying the 
model of full bridge to a “single girder + single pile” 
model. 

In the process of simplifying, there often exists a 
mismatch between the number of box girders and 
piles, such as the example above. Usually, the 
number of girders or piles needs to be changed 
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forcibly. If the number and size of girders remain 
unchanged, the number, size and soil spring 
stiffness of the piles need to be adjusted to ensure 
that the restraint effect of the substructure on 
superstructure is maintained before and after the 
simplification. Focus on the bending force of the 
pile and suppose that the stiffness of abutment is 
large enough, keep the total moment of inertia of 
the piles’ section constant, we have: 

5 ×
𝜋𝜋𝑑𝑑1

4

64
= 6 ×

𝜋𝜋𝑑𝑑2
4

64
 (3) 

If 𝑑𝑑1 = 1000mm, then 𝑑𝑑2 = 955mm. The piles’ 
sections before and after adjustment are shown in 
Figure 3. 

Obviously, the simplification is valid without 
considering the influence of the soil. However, the 
total projected area of the piles along the 
longitudinal bridge direction increases, resulting in 
an increase in anti-pushing stiffness of the 
structure. Therefore, the spring stiffness of the soil 
also needs to be adjusted. According to elastic 
foundation beam model, the classic deflection 
differential equation for laterally loaded pile is [9]: 

𝐸𝐸𝐸𝐸
𝑑𝑑4𝑦𝑦
𝑑𝑑𝑧𝑧4

+ 𝑛𝑛ℎ𝑧𝑧𝑦𝑦 = 0 (4) 

Figure 3. The piles’ sections before and after adjustment (unit: mm) 

Matlock and Reese [10] based on the premise that 
the subgrade reaction coefficient  𝑘𝑘  has a linear 
relationship with the depth 𝑧𝑧 , they gave the 
deflection 𝑦𝑦 and rotation angle 𝑆𝑆 at any depth of 
the pile: 

𝑦𝑦𝑧𝑧 =
𝑄𝑄0𝑇𝑇3

𝐸𝐸𝐸𝐸
𝐴𝐴𝑦𝑦 +

𝑀𝑀0𝑇𝑇2

𝐸𝐸𝐸𝐸
𝐵𝐵𝑦𝑦 (5) 

𝑆𝑆𝑧𝑧 =
𝑄𝑄0𝑇𝑇2

𝐸𝐸𝐸𝐸
𝐴𝐴𝑠𝑠 +

𝑀𝑀0𝑇𝑇
𝐸𝐸𝐸𝐸

𝐵𝐵𝑠𝑠 
(6) 

𝑀𝑀0 is the moment at the top of the pile; 𝑄𝑄0 is the 
horizontal force at the top of the pile, and 𝑇𝑇 is the 
relative stiffness factor. The equation of 𝑇𝑇 is: 

𝑇𝑇 = [
𝐸𝐸𝐸𝐸
𝑛𝑛ℎ

]1/5 (7) 

When the pile length 𝑙𝑙 ≥ 4𝑇𝑇, that is, when the pile 
length 𝑙𝑙 exceeds the critical length 𝑙𝑙𝑐𝑐 , coefficients 
𝐴𝐴𝑦𝑦 , 𝐵𝐵𝑦𝑦 , 𝐴𝐴𝑠𝑠  and 𝐵𝐵𝑠𝑠  are only related to the depth 𝑧𝑧 
and the relative stiffness factor 𝑇𝑇. Meanwhile the 
influence of the bottom boundary condition on the 

force of pile body can be ignored. In engineering 
practice, the subgrade proportionality coefficient 
𝑚𝑚 is more general, which is usually measured to 
replace the constant of horizontal subgrade 
reaction 𝑛𝑛ℎ. The relationship between 𝑚𝑚 and 𝑛𝑛ℎ is: 

𝑚𝑚 = 𝑛𝑛ℎ/𝑏𝑏 (8) 

𝑏𝑏  is the calculated width of the pile. Thus, the 
dimension of 𝑚𝑚 is [force]/[length]4. For a single pile 
in the above example, given that the pile length 
𝑙𝑙 =15m, the pile diameter 𝑑𝑑1 =1m, the subgrade 
proportionality coefficient 𝑚𝑚1 =15000kN·m-4 and 
the calculated width 𝑏𝑏1 = 1/(1 + 1/𝑑𝑑1) = 0,5m, 
then the critical length 𝑙𝑙𝑐𝑐 = 4𝑇𝑇 = 9,4m < 15m, 
indicating that the single pile has the 
characteristics of an elastic pile. 

If we want to keep the stiffness unchanged, we 
need to keep the relative stiffness factor 𝑇𝑇 
unchanged, so we have: 
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�
𝐸𝐸𝐸𝐸1

5𝑚𝑚1𝑏𝑏1

5
= �

𝐸𝐸𝐸𝐸2
6𝑚𝑚2𝑏𝑏2

5 (9) 

a) b) 

Figure 4. Three-dimensional solid finite element model: a) components; b) mesh 

If the denominators under the radical signs are 
equal, there is: 

5 × 𝑚𝑚1
1

1 + 1
𝑑𝑑1

= 6 × 𝑚𝑚2
1

1,5 + 0,5
𝑑𝑑2

(10) 

Given that 𝑑𝑑2 = 0,955m, then 𝑚𝑚2 =8431,5kN·m-4. 
The ideal explanation for this derivation is that 
although the moment of inertia of the piles’ section 
has not changed, the area of pile-soil interaction 
increases. Only by reducing the coefficient 𝑚𝑚 
(reducing the stiffness of the soil springs) can the 
constraint of the substructure on the 
superstructure remain unchanged. The accuracy of 
the simplified model is verified in the literature [11]. 

General finite element program is used to build a 
3D solid finite element model, which is shown in 
Figure 4a. To improve mesh quality, the model is 
divided into five parts: beam, abutment, pile, cast-
in-situ backwall with slab and the other cast-in-situ 
part, which are connected in the form of “Tie”. 

All components are modeled by using C3D8R 
element. The side lengths of abutment and beam 
joint elements are in the range of 50mm to 245mm 
(Figure 4b). Structure-soil interaction is simulated 
by soil spring, whose stiffness is determined by the 
“m” method, 𝑚𝑚 =8431,5kN·m-4. Set one soil spring 
every 200mm×200mm range behind the backwall 

of abutment and per meter deep behind the pile 
(Figure 5). 

Figure 5. Soil springs behind a backwall and a pile 

3 “Tension stress region” theory 
In engineering, for the thin slabs of a box girder, it 
can be approximately considered that the normal 
stresses and shear stresses of these slabs are 
uniformly distributed along the thickness direction, 
that is, there exist the “tensile stress region” in 
these slabs [12]. 

The normal stresses 𝜎𝜎𝑥𝑥, 𝜎𝜎𝑦𝑦 and shear stresses 𝜏𝜏𝑥𝑥𝑦𝑦, 
𝜏𝜏𝑦𝑦𝑥𝑥 of a slab with length 𝑎𝑎, width 𝑏𝑏, and thickness 
𝑡𝑡 are shown in Figure 6a, and its principal tensile 
stress 𝑓𝑓1 is: 

1610



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

𝑓𝑓1 =
𝜎𝜎𝑥𝑥 + 𝜎𝜎𝑦𝑦

2
+ �(

𝜎𝜎𝑥𝑥 − 𝜎𝜎𝑦𝑦
2

)2 + 𝜏𝜏𝑥𝑥𝑦𝑦2 (11) Considering that the crack develops in the direction 
orthogonal to the principle tensile stress, take an
isolator separated by that crack. Its inclination is 𝛼𝛼.
The tension 𝐹𝐹1  obtained by integrating the
principal tensile stress 𝑓𝑓1 on the crack section is:

a) b) 

Figure 6. Tensile stress region in a slab: a) an isolator separated by the principle tensile stress crack; 

b) reinforcement in two directions

𝐹𝐹1 = 𝑓𝑓1 · �𝑎𝑎2 + 𝑏𝑏2 · 𝑡𝑡 (12) 

Decompose 𝐹𝐹1  into two component forces in the 
vertical and horizontal directions, assuming that 
the forces of the slab are borne by the steel bars 
after cracking (Figure 6b), then: 

𝐹𝐹1 · 𝑐𝑐𝑐𝑐𝑐𝑐𝛼𝛼 = 𝑓𝑓1 · √𝑎𝑎2 + 𝑏𝑏2 · 𝑡𝑡 · 𝑎𝑎
√𝑎𝑎2+𝑏𝑏2

=
𝑓𝑓1 · 𝑎𝑎 · 𝑡𝑡 = 𝐴𝐴𝑠𝑠𝑥𝑥 · 𝑓𝑓𝑠𝑠𝑥𝑥  

(13) 

𝐹𝐹1 · 𝑐𝑐𝑠𝑠𝑛𝑛𝛼𝛼 = 𝑓𝑓1 · √𝑎𝑎2 + 𝑏𝑏2 · 𝑡𝑡 · 𝑏𝑏
√𝑎𝑎2+𝑏𝑏2

=
𝑓𝑓1 · 𝑏𝑏 · 𝑡𝑡 = 𝐴𝐴𝑠𝑠𝑦𝑦 · 𝑓𝑓𝑠𝑠𝑦𝑦  

(14) 

Where, 𝐴𝐴𝑠𝑠𝑥𝑥  and 𝐴𝐴𝑠𝑠𝑦𝑦  respectively represent the 
areas of steel bars in the range of 𝑎𝑎 × 𝑡𝑡 and 𝑏𝑏 × 𝑡𝑡, 
𝑓𝑓𝑠𝑠𝑥𝑥 and 𝑓𝑓𝑠𝑠𝑦𝑦 represent the stresses of the steel bars 
in the two directions after cracking. Then the 
reinforcement ratios 𝜌𝜌𝑥𝑥  and 𝜌𝜌𝑦𝑦  in the two 
directions are: 

𝜌𝜌𝑥𝑥 =
𝐴𝐴𝑠𝑠𝑥𝑥
𝑎𝑎 · 𝑡𝑡

=
𝑓𝑓1
𝑓𝑓𝑠𝑠𝑥𝑥

(15) 

𝜌𝜌𝑦𝑦 =
𝐴𝐴𝑠𝑠𝑦𝑦
𝑏𝑏 · 𝑡𝑡

=
𝑓𝑓1
𝑓𝑓𝑠𝑠𝑦𝑦

(16) 

The steel bars in both directions have resistance to 
the principle tensile stress. Assuming there is such 
a block, the normal stresses and shear stresses on 
each surface can be regarded as evenly distributed, 
as shown in Figure 7. The normal direction of the 

crack surface is the same as the direction of the 
principal tensile stress. The area of the crack 
surface is 𝐴𝐴 , and the tension 𝐹𝐹1  obtained by 
integrating the principal tensile stress 𝑓𝑓1  on the 
crack section is: 

𝐹𝐹1 = 𝑓𝑓1 · 𝐴𝐴 (17) 

Figure 7. Tensile stress region of a block element 

and component forces in three directions 

Decompose 𝐹𝐹1  into component forces in three 
orthogonal directions of x, y, and z. Assuming that 
the forces of the block are borne by the steel bars 
after cracking, then: 
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𝐹𝐹1 · 𝑐𝑐𝑐𝑐𝑐𝑐𝛼𝛼 = 𝑓𝑓1 · 𝐴𝐴 · 𝑐𝑐𝑐𝑐𝑐𝑐𝛼𝛼 = 𝑓𝑓1 · 𝐴𝐴1
= 𝐴𝐴𝑠𝑠𝑥𝑥 · 𝑓𝑓𝑠𝑠𝑥𝑥 

(18) 

𝐹𝐹1 · 𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐 = 𝑓𝑓1 · 𝐴𝐴 · 𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐 = 𝑓𝑓1 · 𝐴𝐴2
= 𝐴𝐴𝑠𝑠𝑦𝑦 · 𝑓𝑓𝑠𝑠𝑦𝑦 

(19) 

𝐹𝐹1 · 𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐 = 𝑓𝑓1 · 𝐴𝐴 · 𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐 = 𝑓𝑓1 · 𝐴𝐴3
= 𝐴𝐴𝑠𝑠𝑧𝑧 · 𝑓𝑓𝑠𝑠𝑧𝑧 

(20) 

Where, 𝐴𝐴𝑠𝑠𝑥𝑥 , 𝐴𝐴𝑠𝑠𝑦𝑦  and 𝐴𝐴𝑠𝑠𝑧𝑧  represent the areas of 
the steel bars in the range of 𝐴𝐴1 , 𝐴𝐴2  and 𝐴𝐴3 
respectively, and 𝑓𝑓𝑠𝑠𝑥𝑥 , 𝑓𝑓𝑠𝑠𝑦𝑦  and 𝑓𝑓𝑠𝑠𝑧𝑧  represent the 
stresses of the steel bars in three directions after 
cracking. Then the reinforcement ratios 𝜌𝜌𝑥𝑥, 𝜌𝜌𝑦𝑦 and 
𝜌𝜌𝑧𝑧 in three directions are: 

𝜌𝜌𝑥𝑥 =
𝐴𝐴𝑠𝑠𝑥𝑥
𝐴𝐴1

=
𝑓𝑓1
𝑓𝑓𝑠𝑠𝑥𝑥

(21) 

𝜌𝜌𝑦𝑦 =
𝐴𝐴𝑠𝑠𝑦𝑦
𝐴𝐴2

=
𝑓𝑓1
𝑓𝑓𝑠𝑠𝑦𝑦

(22) 

𝜌𝜌𝑧𝑧 =
𝐴𝐴𝑠𝑠𝑧𝑧
𝐴𝐴3

=
𝑓𝑓1
𝑓𝑓𝑠𝑠𝑧𝑧

 (23) 

Three reinforcement ratios are all controlled by the 
principal tensile stress. The orthogonal grid 
reinforcements of a slab and a block are shown in 
Figure 8. 

a) b) 

Figure 8. Orthogonal grid reinforcement: 

a) for a slab; b) for a block

4 Reinforcement design for the joint 
of IAB 

Consider the force of the joint under the following 
four load combinations: 

(1). Superimposed dead load + Live load + 
Temperature increase (20℃) + Settlement of pier 
(1cm) + Earth pressure; 

(2). Superimposed dead load + Live load + 
Temperature increase (20℃) + Settlement of 
abutments (1cm) + Earth pressure; 

(3). Superimposed dead load + Live load + 
Temperature decrease (20℃) + Settlement of pier 
(1cm) + Earth pressure; 

(4). Superimposed dead load + Live load + 
Temperature decrease (20℃) + Settlement of 
abutments (1cm) + Earth pressure. 

To simulate the live load, the single span on the 
east side is covered with a uniform load of 9,5kN/m, 
and a concentrated load of 310kN is placed in the 
middle of the span. The effective unit weight of soil 
𝑐𝑐′ is 20kN/m3, and the friction angle is 35°. 

Figure 9 to Figure 12 show the distribution of 
principal tensile stress under several dominant load 
combinations: the east side under load 
combination (1), the west side under load 
combination (1), the west side under load 
combination (2) and the east side under load 
combination (4). The areas where the principal 
tensile stress exceeds 1MPa are displayed in gray. 

Figure 9. Distribution of stress 𝑓𝑓1 under load 

combination (1) at the east side 

Figure 10. Distribution of stress 𝑓𝑓1 under load 

combination (1) at the west side 
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Figure 11. Distribution of stress 𝑓𝑓1 under load 

combination (2) at the west side 

Figure 12. Distribution of stress 𝑓𝑓1 under load 

combination (4) at the east side 

The reinforcement area is divided into three parts 
as shown in Figure 13: the slab, the backwall and 
other cast-in-situ part. Take the backwall as an 
example to explain the reinforcement process in 
detail. 

Figure 13. The part to be reinforced 

As shown in Figure 14, the area of the backwall that 
needs to be reinforced is a three-dimensional block 
of 650mm×2800mm×1600mm. It can be seen from 
Figure 9 to Figure 12 that the stress in this region 
mainly changes along y direction and z direction, 
and is distributed uniformly along the x direction. 
Actually, the direction of stress flow at the joint is 
also transitioned from the horizontal direction 
above to the vertical direction below. Therefore, 
the backwall degenerates into a two-dimensional 
slab due to the reduction of the x direction 
dimension. 

Along the longitudinal direction, divide the block 
into four slices with a thickness of 162,5mm, which 
are numbered ①, ②, ③, ④ from the inner side 
to the outer side. Along the vertical direction, the 
block is divided into eight slices with a thickness of 
200mm, numbered from top to bottom as ①, ②, 
③, ④, ⑤, ⑥, ⑦, ⑧. In this way, thirty-two
shell members are obtained. Assuming that the
stress distribution of each shell member is uniform, 
based on the “tensile stress region” theory, the
reinforcement ratio of each shell element can be
calculated.

Assuming that the stress of the steel bar is 150MPa 
after cracking of the concrete, calculate the 
reinforcement ratio of each shell member under 
four load combinations. By comparison, the 
maximum value is the final result. The 
reinforcement ratios of thirty-two shell members 
are shown in Table 1. 
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Figure 14. Division of the backwall 

Table 1. Reinforcement ratio of each shell 

element of the backwall (%) 

z direction 

y direction 
① ② ③ ④ 

① 0,525 0,518 0,605 0,553 

② 0,760 0,659 0,736 0,575 

③ 0,987 0,801 0,720 0,579 

④ 1,190 0,913 0,773 0,553 

⑤ 1,347 1,018 0,787 0,564 

⑥ 1,450 1,083 0,801 0,538 

⑦ 1,494 1,102 0,806 0,523 

⑧ 1,441 1,131 0,742 0,553 

5 Conclusions and discussions 
(1) This paper proposes a method to simplify the
whole IAB into a “single girder + single pile”
structure based on the principle of equal stiffness.

(2) Based on the “tensile stress region” theory, the
backwall of the IAB can be divided into two-

dimensional shell members, and orthogonal grid 
reinforcement can be applied. 

(3) The “tensile stress region” theory is also
applicable to the reinforcement of 3D blocks
generally.
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Abstract 
Tubular members, used as bridge hangers or in 3-D coverings, have been widely researched, both 
for resistance and for fatigue. This type of members is also used in scaffoldings or as lighter bracings. 
The tubes can easily be connected either by single bolted or welded plates consisting of a circular 
end plate, covering the tube’s cross section on which a perpendicular rectangular plate is welded. 
Calculating stresses in such a circular plate by analytical formulas seems unfeasible and FE-models 
are used for each application. A survey of normal and shear stress has been conducted, for the 6 
unity connection forces of the gusset plate. The tube diameter and plate thickness have been varied 
to allow regression and obtain closed formulas. It appears that larger tube diameters have the 
capacity to distribute force, albeit the stress should be larger due to the increase of diameter. The 
former effect seems to overrun the latter and stress conditions are lower for wider tubes. 

Keywords: biaxial stress; circular steel tube; connection gusset plate; parametric analysis; steel 
scaffoldings. 

1 Introduction 
Connecting a circular section hollow core tube to 
other members requires sudden or gradual 
modification of the cross-section. As bolted 
connections perform the best for in-plane plate 
force perpendicular to the bolts, gusset plates are 
an optimum solution. Force may be transmitted 
through a single plate, a smaller tube, a rectangular 
or H-cross section. From these, the former is 
probably the most drastic modification. Due to the 
discontinuous geometry of the connection stress 
concentrations will necessarily be introduced. 
These concentrations are heavily aggressive for 
fatigue resistance. 

In view of this, various types of connections have 
been developed and thoroughly researched. For 
bridge hangers [1] made extensive fatigue tests on 

welded connections in round steel bars. As a result, 
they have developed an elaborate and fatigue 
resistant method of inserting a single plate into a 
slot of the tube. This is exhibited in Fig. 1 for the 
case of hanger tubes in bridges. Another 
application, shown in Fig. 2 is intended for 
cylindrical strut members in excavations. The latter 
certainly is not fatigue resistant, because of the 
sudden geometrical changes and perpendicular 
welds. In addition, the connection ends with a plate 
perpendicular to the tube axis and thus a certain 
amount of bending will be introduced. In [2] a more 
simple connection by a circular flange plate and 
circumferential bolts was tested extensively. A 
suggestion of formula is made that allows 
calculating an equivalent bending moment in the -  
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Figure 1. Fatigue resistant connection of gusset plate welded in slotted opening of tube 

Figure 2. Scaffolding with node detail of circular 
disk and perpendicular gusset plate 

tube wall. The conclusion is that EN 19931-9 [3] 
does not entirely account for the geometrical 
parameters of the connection. As a consequence, 
the hot spot stress method would be more adapted 
to analyze this type of connections. In [4] the 
fatigue resistance of fillet-welded connection of 
tubes as used in sign support structures is 
researched. As a result predictions of the fatigue 
life data of the connection details are given, as well 
as damage and safety factors for this type of 
connection. The strength of tube connection by 
lateral gusset plates has also been researched [5]. 
The numerical simulation and test program have 
resulted in proposing formulas to assess strength 
taking into account the eccentricity of normal force 
of the tubular bracing bars. 

The aim of the present research is to concentrate 
on tubular structures for temporary use, fatigue 
not being the main issue for the connection. In 
addition the type of connection is intended to 
avoid eccentricity of transferring force thus 

introducing additional bending of the tube wall. It 
aims to include all types of loads. Fig. 3 shows a 
scaffolding, including such a connection, as well as 
the principle. At the end of a tubular member, a 
closing circular plate is welded. On top of this, a 
perpendicular gusset plate is welded, allowing 
connection by bolts to other parts 

Figure 3. Scaffolding with node detail of circular 
disk and perpendicular gusset plate 

The stress in the gusset plate and in the tubes can 
easily be calculated through classical formulas. 
However, after survey in literature, even in highly 
developed work as [6], no analytical formulas are 
available to calculate the stresses in the circular 
plate. In [6] many equations can be found for rings 
and circular plate, but built-up parts are not 

Tube 151/6 End plate φ 150

Gusset plate
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considered. Hence, FE-simulations seem to be 
necessary. 

2 Loads and boundary conditions 
As the circular end plate is the main object of this 
research, the model needs to consist of this plate, 
connected to the perpendicular gusset plate. Loads 
will be applied at the gusset plate edge rib. 
Therefore boundary conditions should be found for 
the circular plate. The latter should correspond to 
the connected tube. These tubes are rather stiff in 
the circumferential direction, but may be flexible in 
the perpendicular direction. This flexibility is due to 
the tube thickness, which is considerably lower 
than for the end plate. Hence, the assumption is to 
simulate this connection by hinged supports. 

The various loads will be applied at the edge rib of 
the gusset plate. The 6 types of loads are normal 
force, shear in both perpendicular directions, 
torsion and bending about 2 axes. All of these are 
shown in Fig. 3. Clearly, a uniform distribution of 
forces and moments along the edge rib is assumed. 

Some of these individual load cases are not due to 
axial loads in the tubes. For instance torsion may 
occur, due to load eccentricity, whereas some parts 
of the bending moments can be due to wind load, 
or other lateral shear effects. 

3 Plate stress due to separate load 
cases 

After sufficient mesh refinement, the simulations 
result in 3 types of skin stresses, σx, σy, τxy, for the 
various load cases. The FE-calculations have been 
made, through the use of the software Samcef-
Siemens. Stress concentrations are found to be 
located in typical areas, corresponding to the 
nature of these loads. Fig. 4 exhibits stresses in 
some of the typical areas, which are not necessarily 
identical for all cases, although they might show 
large similarity. 

The loads which act in the plane of the gusset plate, 
as the axial force Fz, in plane shear Fy and in-plane 
bending moment Mx generate normal stress at the 
tips of the connection of tube, gusset and circular 
plate, as displayed in Fig. 4a. This results from the 
geometrical discontinuity between open air or 
singular plates and the intersection of these 

various plates and occurs at any similar geometry. 
However, concentration of shear stress occurs at 
the same location for normal force Fz and parallel 
bending Mx only. Parallel in plane shear force Fy 
renders a rather distributed shear stress pattern, 
since the latter requires to build up from the free 
edge towards the centre, as shown in Fig. 4b. A 
similar pattern as in Fig. 4b is found for the normal 
stress due to perpendicular shear Fx and due to 
parallel bending Mx. 

Finally, for perpendicular shear Fx, for torsion Mz 
and for perpendicular bending My concentration of 
shear stress occurs near the circular plate’s centre. 
The latter is due to building up of shear from both 
the two free edges towards the centre. The 
conclusion is that all stress distributions can easily 
be explained, as they correspond to physical insight. 
For instance, a direct normal force is transmitted 
towards the stiffer area of the gusset plate, while 
bending of this plate results in large deformation at 
the plate’s centre and shear also concentrates near 
that centre. The deformations of the circular plate 
are not shown, although they confirm the 
preceding comments, as the applied forces Fx, Fy, Fz, 
and Mx, Mx and Mz introduce vertical deformations 
or curvature of respectively 0.043, 0.040, 0.016, 
0.032, 0.064 and 0.177 mm, corresponding to the 
locations of Fig. 4. 

The goal of this study is to provide a tool for 
combining various load cases and assessing safety 
through application of a unity-check, based on the 
equivalent (von mises-) stress. However, 
equivalent stresses from various loading cases 
cannot be superposed, since the vonmises 
expression is not linear. This prevents addition or 
subtraction of individual values. Thus the separate 
stresses σx, σy, τxy, are to be used. The maximum 
values of these quantities do not occur at the same 
location. Therefore combination of the maximum 
values leads to overestimating the actual stress 
state. In the following, this overestimating is 
accepted, as it is mostly shear stress which appears 
at a different location and this type of stress has a 
considerably lower value. 
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Figure 4. Six considered load cases 

Figure 5a (above) 5b (centre) and 5c (below) stress 
distributions in circular plate 

The obtained values of normal and shear stresses 
cannot all be presented in this article. Some 
characteristic values are exhibited in Fig. 6 and are 

the peak stress values due to a normal force of 105 
kN applied at the edge of the gusset plate. 

Figure 6. Above : peak stress as a function of tube 
diameter. Below : peak stress as a function of 

plate thickness 

These graphs are easily identified to regression 
curves, thus allowing to carry out parametric 
analyses, as discussed in par. 4 

4 Parametric analysis 
In an attempt to generalize the results of plate 
stresses, a parametric variation was carried out. 
While doing this, the various forces and bending 
moments are reduced to unit quantities. The main 
influence parameters are the tube diameter D and 
the circular plate thickness t. These parameters 
have been varied independently and the 
corresponding values of the various stress 
components have been grasped in equations as a 
result from regression analysis. Regarding the 
relation of stress with the diameter D, the diagram 
of Fig. 7 shows the values of σx, σy, and τxy divided 
by the normal force Fx, which is causing these 
stresses. The diagram is concerned with absolute 
values of maximum quantities. 
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During regression, a second degree parabola 
seemed close to the curve. Yet, the best fitted 
regression line seems to be a power function, 
which corresponds closely to the individual values. 
This applies well to normal stress, whereas for τxy 
this correspondence is weaker, since the shear 
stress varies only mildly. A striking result is that the 
stress intensity decreases with the tube diameter. 
At first sight, it may be expected stress is increasing 
with the diameter, since the span of the reversed 
T-beam consisting of the circular and gusset plate
becomes larger.

Figure 7. Unit stresses at edge tip 

After consideration, the latter effect is 
counteracted by the fact that a larger diameter also 
implies a larger effective width of the horizontal 
flange of a T-beam. Therefore, compression or 
tensile forces in the circular plate can disperse 
across a larger portion of the plate, thus causing 
decrease of the normal stress. This effect seems to 
overrun the former one. What is more, it applies to 
each of the various external forces. In addition, for 
those external forces, causing stress 
concentrations at the gusset plate tip, do not 
experience any effect of the larger diameter. 

Regression curves for the parameter t are more 
difficult to grasp in typical functions, albeit the 
power series appeared also to be the most 
adequate ones. Stress intensities are decreasing 
with larger thickness, as expected. 

In the graph from Fig. 7, stress is divided by either 
unit force or by unit bending or torsion moment. 
Hence, it is expressed in 1/mm², which is not 
without dimension. To express these quantities in 
a dimensionless manner, the transformations to 
equations (1) and (2) were made. 

  𝜎𝜎𝑥𝑥 𝐷𝐷 𝑡𝑡
𝐹𝐹𝑧𝑧

 ,  𝜎𝜎𝑦𝑦 𝐷𝐷 𝑡𝑡
𝐹𝐹𝑧𝑧

 , 𝜏𝜏𝑥𝑥𝑦𝑦 𝐷𝐷 𝑡𝑡
𝐹𝐹𝑧𝑧

 ,   𝜎𝜎𝑥𝑥 𝐷𝐷 𝑡𝑡
𝐹𝐹𝑦𝑦

 ,   𝜎𝜎𝑦𝑦 𝐷𝐷 𝑡𝑡
𝐹𝐹𝑦𝑦

 (1a) 

𝜏𝜏𝑥𝑥𝑦𝑦 𝐷𝐷 𝑡𝑡
𝐹𝐹𝑦𝑦

 ,  𝜎𝜎𝑥𝑥 𝐷𝐷 𝑡𝑡
𝐹𝐹𝑧𝑧

,  
𝜎𝜎𝑦𝑦 𝐷𝐷 𝑡𝑡
𝐹𝐹𝑧𝑧

, 
𝜏𝜏𝑥𝑥𝑦𝑦 𝐷𝐷 𝑡𝑡
𝐹𝐹𝑧𝑧

   (1b) 

 𝜎𝜎𝑥𝑥 𝐷𝐷 𝑡𝑡²
𝑀𝑀𝑥𝑥

 ,  𝜎𝜎𝑦𝑦 𝐷𝐷 𝑡𝑡²
𝑀𝑀𝑥𝑥

 , 𝜏𝜏𝑥𝑥𝑦𝑦 𝐷𝐷 𝑡𝑡²
𝑀𝑀𝑥𝑥

 ,   𝜎𝜎𝑥𝑥 𝐷𝐷 𝑡𝑡²
𝑀𝑀𝑦𝑦

 ,   𝜎𝜎𝑦𝑦 𝐷𝐷 𝑡𝑡²
𝑀𝑀𝑦𝑦

  (2a) 

𝜏𝜏𝑥𝑥𝑦𝑦 𝐷𝐷 𝑡𝑡²
𝑀𝑀𝑦𝑦

 ,   𝜎𝜎𝑥𝑥 𝐷𝐷 𝑡𝑡²
𝑀𝑀𝑧𝑧

 ,  
𝜎𝜎𝑦𝑦 𝐷𝐷 𝑡𝑡²
𝑀𝑀𝑧𝑧

, 
𝜏𝜏𝑥𝑥𝑦𝑦 𝐷𝐷 𝑡𝑡²
𝑀𝑀𝑧𝑧

 (2b) 

𝜎𝜎 𝐷𝐷 𝑡𝑡
𝐹𝐹

 = 𝐶𝐶 𝑡𝑡𝛼𝛼 𝐷𝐷𝛽𝛽   , 𝜎𝜎 𝐷𝐷 𝑡𝑡²
𝑀𝑀

 = 𝐶𝐶 𝑡𝑡𝛼𝛼 𝐷𝐷𝛽𝛽     (3) 

From the various power regressions, the power 
values of exponents α and β can be derived, as they 
are defined by the general expression (3). The 
values of C are the constants that may allow to 
establish a reliable assessment of the circular plate 
stresses. The values of α and β can be taken from 
table 1. 

Table 1. Power exponents for t and D. 

α σx σy τxy

Fz 0.108 -0.069 -1.205
Fy 0.395 0.468 0.253 
Mx 1.129 1.159 1.236 
 σx σy τxy

Fz 0.746 0.617 0.729 
Fy -0.380 -0.314 -0.301
Mx -0.358 -0.445 -0.605

α σx σy τxy

Fx -0.628 -0.344 -2.069
Mz -0.351 1.892 0.583
My 1.107 0.355 0.318 
β σx σy τxy

Fx 0.210 -0.078 0.149
Mz -0.501 -0.592 -0.275
My -0.069 0.257 -0.172

Table 2. C-constants 

α σx σy τxy

Fz 0.050 0.247 0.606 
Fy 4.315 5.461 1.732 
Mx 17.21 54.00 23.47 
Fx 18.01 23.40 277.1 
Mz 7554 30.78 51.09 
My 12.91 10.50 59.13 

Since the stresses have been multiplied either by 
D* t or by D * t², not all of them continue to 
decrease with the diameter D, nor with the plate 
thickness t. In fact, some values are increasing with 
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D. Thus the order is being reversed. Concerning the
constants C from equations (3), they have been
summarized in table 3; It should be mentioned this
table gives 95% fractional values, since the
quantities have been averaged for all considered
values of D and t.

The C-values are sufficiently reliable, the standard 
deviation being 5.8 % on average, except for Mz or 
torsion and My bending in plane of the gusset plate 
with standard deviation of 46.1 %, where the 
dispersal is relatively high. The reason for this has 
to be investigated further. 

5 Conclusions 
A comprehensive set of formulas, including 
constants and exponential values for the 
parameters plate diameter and thickness have 
been derived from a series of numerical 
simulations. This set of formulas allows 
determining the stresses in the circular plate that is 
used to connect a gusset plate to a circular plate 
thus transmitting forces and moments between 
both structural elements. 

For most types of external forces the derived 
equations are reliable, with small standard 
deviations of the necessary constant factor relating 
the dimensionless force or moment to both the 
parameters. This does not apply to stresses due to 
torsion and bending in the plane of the gusset plate, 
which show large deviations. The latter may be due 
to the need for refinement of the proposed 
formulas and will be researched in future. 
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Abstract 
A central buckle is generally set in the middle of long-span suspension bridge to improve the 
structure mechanical performance. With a large number and sophisticated composition of steel 
plates, the mechanical behaviour of central buckle region is obscure. In this paper, a shell-beam 
hybrid finite element model of a 428m main span self-anchored suspension bridge was established, 
and the mechanical characteristics of central buckle region were analysed. The result shows that 
the normal stress of steel plates in central buckle region is mainly dependent on by dead loads, the 
effect caused by live loads only accounts for approximately 15% of that caused by dead loads; axial 
force of central buckle is mainly transmitted to the diaphragms and webs of the girder.  

Keywords: bridge engineering; long-span suspension bridge; finite element model; central buckle; 
force transmission. 

1 Introduction 
Suspenders in classical suspension bridges are 
generally vertical arranged. However, the structure 
cannot provide effective longitudinal constraint 
between cables and girders, and the relative 
displacement between cables and beams may 
cause large bending stresses in suspenders, which 
will probably lead to the fatigue failure of short 
suspenders [1]. After the Tacoma bridge accident 
in 1940, bridge engineering experts has spent great 
effort on improving the dynamic performance of 
suspension bridges. Studies have shown that, 
setting central buckle connections in the middle of 
large span is an effective way to limit the relative 
longitudinal movement between cables and girders 
and improve the stiffness of suspension bridge. 
And since central buckles were used in new 
Tacoma bridge in 1950, three configurations of 
central buckles have been invented: 1, rigid central 
buckle; 2, flexible central buckle, 3, cable-beam 

connection [2]. In the United States and European 
countries, rigid central buckles are more popular in 
construction of suspension bridges, and in contrast, 
flexible central buckles are used more in Japan. In 
China, Sidu River Bridge, Runyang Yangtze River 
Bridge, Aizhai Bridge, the second Dongting Lake 
Bridge, and Baling River Bridge were all designed 
with a central buckle, among which the central 
buckle of Runyang Yangtze River Bridge was used 
for the first time in China [3]. Recently, the central 
connection between cables and beams in the main 
span has been widely used in suspension bridges, 
becoming a development trend of suspension 
bridge structure. 

Up to now, related research of central buckle is 
ongoing. Hu Tengfei et al. studied the influence of 
the central buckle on the modal characteristics of 
Aizhai Bridge by using finite element analysis and 
dynamic testing methods [4]. Wang Hao et al. 
studied the influence of the central buckle on the 
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dynamic characteristics [5], wind-induced 
chattering response [6] and the seismic 
performance of Taizhou Bridge [7]. Xu Xun et al 
studied the influence of central buckle on the 
dynamic characteristics and seismic response of 
Sidu River bridge, and then discussed the girder 
stress and longitudinal displacement response 
caused by specific vehicles [2]. The result shows the 
longitudinal displacement of girder is depressed by 
the coupling effect between stiffening girder, 
cables and the main towers, but the structural 
stress response under earthquake excitation 
increases [8]. Peng Wanghu et al. studied the 
influence of the central buckle on the torsional 
natural vibration characteristics of suspension 
Bridges by using a continuous model, indicating 
that the central buckle stiffness is one of the main 
factors affecting the antisymmetric torsional 
fundamental frequency of suspension bridges [9]. 
Wang Lianhua et al. studied the influence of the 
central buckle on the dynamic characteristics and 
the girder end displacement of the Second Bridge 
of Dongting Lake considering various driving 
conditions [10]. Above studies mainly focus on the 
influence of central buckles on the overall 
mechanical properties of suspension bridges, 
however, there are few researches on the local 
mechanical properties of the central buckle region 
till now. The junction between the girder and the 
central buckle is an important part of suspension 
bridge structure which bears the axial force of the 
central buckle and transfers it to the girder, and the 
mechanical behaviour of central buckle region are 
very complicated. In this study, local normal stress 
of the steel plates in central buckle-girder 
connection region of suspension bridge is analysed 
by establishing an overall plate-shell-truss hybrid 
finite element model of Jinan Yellow River bridge. 
As a result, the stress distribution rules and force 
transmission mechanism of central buckle region 
are found out.  

2 Engineering background 
In this study, the total length of the three-tower 
self-anchored suspension bridge is 1332m, and the 
length of the main span is 428 m. The height of the 
side pylon and the middle pylon is 116m and 126 m 
respectively. The depth-span ratio of the middle 
span and the side span of 1/6.15 and 1/15.1 

respectively. The space between suspenders is 9 m. 
The design load grade is highway 1 grade, including 
eight vehicle lane, two bicycle lane, two sidewalk is 
considered in the long term. The girder made up of 
steel plate is box-shaped with a height of 4 m and 
a width of 61.7 m. The type of the steel used in the 
project is Q345qE, the steel roof and 12 cm thick 
concrete combines the composite bridge deck. The 
bridge deck transverse slope is 2%, and the 
distance between diaphragms is 5m. The main 
tower adopts A-shape structure, the middle upper 
tower adopts pentagonal single-box three-
chamber steel structure section, and the cross 
beam adopts single-box single-chamber steel 
structure section. The lower tower columns are 
made up of steel-concrete composite components. 
The overall layout of the structure and the standard 
section of the girder are shown in Figure 1.  

(a) General layout

(b) Lane arrangement

Figure 1. Layout of bridge structure 

In the middle of the bridge, three pairs of central 
buckles with an I-shaped section are welded to the 
girder. The length of the central buckle region 
studied in this paper is 15m where the thickness of 
girder diaphragms and webs of the girder are 
increased. Buckle area, and U ribs are arranged on 
both sides of the central buckle area. The top plate 
of box girder is stiffened at a certain distance in the 
central buckle region, and U ribs are arranged 
outside the central buckle region. In order to 
ensure that the force can be transferred evenly, 
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vertical and horizontal stiffening plates are set at 
the base of the central buckle, and the girder 
diaphragms and webs are set at the connection 
node of the box girder and the central buckle. The 
structure of central buckles are shown in Figure 2. 

(a) general layout

(b) girder-central buckle connection joint

(c) steel plate layout at the base of central buckle

(d) elevation view

Figure 2. Central buckle structure 

Annotation: CB: central buckle, the following is the same. 

3 Finite element simulation 

3.1 Finite element model 

The central buckle structure of the suspension 
bridge raised above is pretty complex, and there 

are a few problems exist in the bridge: (1) the 
bridge is a three-tower and four-span self-
anchored suspension bridge with the largest span 
among the same type bridge in the world at 
present. Considering the effect of the long-term rail 
traffic load, the cables bear huge internal forces 
under the action of both the dead loads and the live 
loads; (2) The with of girder in this bridge is large, 
and the length of single-side cantilever exceeds 20 
m. The transverse bending moment of the girder is
large and force in the central buckle region are
complex; (3) The complex spatial relationship and
plate composition of the central buckle makes the
force transmission between the components in this 
region more complex. Results calculated by
traditional beam system modelling method is not
suitable in this situation, besides, for large bridges,
the modelling and calculation work of overall shell
solid finite element bridge is too large to have a
high efficiency. Therefore, a shell-solid mixed finite
element model was established in this study. In
central buckle region, shell and solid elements
were used to simulate steel plates and concrete
respectively, and the other parts of the bridge were 
simulated using beam elements. Different
elements were connected by public nodes. The
models of the overall bridge, central buckles and
girder-central buckle connection joints are shown
in Figure 3 (a)~(c) respectively.

(a) overall bridge

(b) central buckles
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(c) girder-central buckle connection joints
Figure 3. Finite models 

3.2 Load condition 

Combination of dead loads and live loads was 
considered in the model. The structure gravity was 
calculated according to the actual section size. 
Short-term and long-term effects of dead loads 
were both considered. The values of different loads 
are determined according to the Design Code of 
Highway Steel Bridges of China. 

In order to determine the axis force of central 
buckles, a beam finite element model of the whole 
bridge was established to calculate the force of 
cables under different load arrangements. Bias 
load situation were taken into account in cross-
bridge load distribution so that the force of central 
buckle on one side can reach maximum. The 
distribution of live loads are shown in Figure 4, 
where x, y, z represents the nearest wheel distance 
of the adjacent lane wheels, the same lane left and 
right two wheel spacing and track load left and 
right two wheel spacing respectively.  

Fig.4 Distribution of live load in lateral direction 

To reduce the calculation workload, the study 
avoids the use of influence line when determining 
the most unfavorable working conditions. 
According to the qualitative analysis of structural 
mechanics, several live load arrangements that 
may cause the most unfavorable working load 
were first determined, then the response of the 
structure under each live load arrangement were 
calculated, and the live load arrangement causing 

largest structure response is the most unfavorable 
working condition of the structure. According to 
the analysis of structural mechanics, based on the 
full bridge beam system model, the following six 
load conditions were calculated, and the axial force 
of the cables in the central buckle section under 
each condition was obtained, and the content of 
the conditions. The calculation results are shown in 
Table 1. From the table, it can be seen that the 
minimum axial force of cables at the central buckle 
section appears under the effect of dead load, and 
the maximum axial force appears when the live 
load is distributed across the span. The maximum 
axial force of the cables considering the live load is 
1.15 times of that considering dead load only, 
which indicates that the effect of live loads on the 
structure respond accounts for a relatively small 
amount of total structure respond. Therefore, in 
this study, force analysis for main slabs of the girder 
and the central buckles under load condition 5 was 
carried out. 

Table 1. Force of cables in central buckle region 
under different load conditions 

Condition 
number 

Load 
combination 

Cable axis 
force[kN] 

1 DL 133 

2 DL+LL1 149 

3 DL+LL2 151 

4 DL+LL3 143 

5 DL+LL4 153 

6 DL+LL5 152 
Annotation: DL: dead load; LL1: live load applied to all 

span; LL2: lane load applied to one side of main span; LL3:  
lane load applied to one side of main span and rail traffic load 
applied to all span; LL4: live load applied to side span; LL5: 
live load applied to main span 

4 Results analysis 

4.1 Stress of plates 

The central buckle plates are symmetrical about 
the center of the girder in both longitudinal and 
transverse directions, which means the stress 
distribution in central buckle region is also 
symmetrical and only the stress of the 1/4 central 
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buckle region need to be observed. The Mises 
stress distribution of each plate of the central 
buckle under load condition 5 is shown in Figure 5. 
In the figure, it can be seen that the rods of the 
central buckle are subjected to both axial force and 
bending moment, and the stress of the inner flange 
plate is larger than that of the outer flange plate, 
and the stress of the web near the inner flange area 
is larger than that near the outer flange area. In the 
longitudinal direction, the stress of the rod of the 
side near the center of the girder are smaller that 
of another side. When near the base of the central 
buckle, the flange plate stress start to concentrate 
towards the location of the girder diaphragm and 
stiffener plates. 

(a) outer flange

(b)inner flange

(c) web

Figure 5. Mises stress of central buckle plates 
(unit: kPa) 

The stress distribution of the top plate of the girder 
is shown in Figure 6. From the figure, it can be seen 
that the stress in the top plate of the girder near 
the girder-central buckle connection joints is larger 
than other region and the stress spreads around 
with the joints as the center. The stress in the non-
central buckle region is distributed in a strip 
pattern with the girder diaphragm as the boundary. 
As the rail traffic load is arranged in the transverse 
center of the girder, the stress concentration is also 
formed at the intersection of the girder centerline 
and diaphragms. 

Figure 6. Mises stress of girder top plate 

(unit: kPa) 

The stress distribution of the girder web and 
diaphragm is shown in Figure 7. From the figure, it 
can be seen that stress of both the web and the 
diaphragm of the girder is extremely large near the 
girder-central buckle connection joint and the 
stress spread around at an angle of nearly 45 
degrees 

(a) web
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(b)diaphragm

Figure 7. Mises stress of girder plates (unit: kPa) 

4.2 Force transmission 

Since the live load has little effect on the structural 
stress, the calculation result under load condition 1 
is used to analyse the transfer path of the axial 
force from the central buckle to the girder. The 
maximum axial force of the rod of the central 
buckle under load condition 1 is 2,740 kN, and the 
vertical component force is 2,373 kN. The vertical 
internal force of the plates connected to the girder-
central buckle connection joint is extracted, and 
the percentage of internal force assumed by each 
member is obtained by calculation which are 
shown in Table 2. From the table, it can be seen 
that the vertical component of the central buckling 
force is mainly (about 90%) transferred directly to 
the girder by itself, and the remaining force is 
transferred to the surrounding stiffeners first, and 
then transferred to the girder by the stiffeners. 

Table 2. Vertical force of central buckle and 
stiffener plates 

plate Force
[kN] 

Percentage
[%] 

Central 
buckle 2136 90.0 

Stiffener 
plate 222 9.4 

To analyse the force transmission more easily, six 
cube regions with different lengths centered 
around the girder-central buckle connection joint 
were taken out as shown in Figure 8. The axial force 
and lateral shear force at the top and bottom edges 
of the web and the diaphragm in each cubic region 
were extracted, and the percentage of vertical 
force transmitted by each edge of the plate was 
calculated, and the results are shown in Fig. 9 and 
Fig. 10 respectively. From the figures, it can be seen 

that the vertical axial force at the top of the 
diaphragm  increases first with the expansion of the 
cubic region and then remains stable, while the 
situation is opposite for the web. The vertical force 
of the diaphragm at the top edge plate accounts for 
88.8% of the total vertical force after stabilization, 
and the vertical force of the web at the top edge 
only accounts for 11.2%. With the expansion of the 
cube area, the vertical shear force of the web and 
the diaphragm at the lateral edges gradually 
increases and the axial force at bottom edge 
gradually decreases. When the edge length of the 
cube region is 3.4 m, the lateral vertical shear force 
of the web at lateral edge accounts for 43.2% of the 
total vertical force and the bottom axial force 
accounts for 10.7%, and the lateral vertical shear 
force of the cross-sectional plate accounts for 38.8% 
and the bottom axial force accounts for 7.3%. 

Figure 8. Cube regions centered around girder-
central buckle connection joint 
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Annotation: W-S: lateral shear force of web; D-s: lateral shear 
force of diaphragm; W-N-B: axis of web at the bottom edge; 
D-N-B: axis of diaphragm at the bottom edge; Total(N-B+S):
total axis force at the bottom edge and shear for at the lateral
edge; W-N-T: axis force of web at the top edge; D-N-T: axis
force of diaphragm at the top edge; Total(N-T): total force at
the top edge 

To study the force transmission path in girder 
plates in the central buckling region, the axial force 
of the nodes at the bottom edge of the web and the 
diaphragm of the girder in different height and 
width were extracted, and the total vertical forces 
of all nodes on each edge were calculated as shown 
in Fig. 11. It can be seen that when the vertical 
distance of the bottom edge of the plate to the top 
plate of the girder is 0.5 m, the total vertical force 
of the nodes in the horizontal direction with the 
central buckle node as the center within 1 m begins 
to decline, indicating that the nodal force has 
already spread to 1 m in the horizontal direction; 
and when the vertical distance of the bottom edge 
of the plate to the top plate of the girder reaches 
about 1.25 m, the total vertical force of the nodes 
in the horizontal direction with the central buckle 
node as the center within 2.5 m begins to decline. 
from abobe results, the diffusion angle of the nodal 
vertical force in the web can be calculated. 
Assuming that the nodal forces are diffused in a 
straight line, the diffusion angle is approximately 
45°, and similarly, the diffusion angle of the vertical 
force in the diaphragm can also be calculated to be 
about 45°. In Fig. 11(a), the vertical force of the 
node at the bottom edge of the web in the height 
direction about 0.5 m to the top plate of the girder 
increases with the increment of the distance from 
the node to the top plate, while the situation is 

opposite for the node of the diaphragm which is 
shown in Fig. 11(b), so it can be judged that the 
vertical force assumed by the diaphragm in this 
region is transferred to the web through shear. 
When the distance from the node to the top plate 
is greater than 3 m, the nodal force has been fully 
transmitted. 
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Figure 11. Distribution of total forces of 

girder plates 

5 Conclusions 
In this study, the stress distribution rules of the 
plates in the central buckle region of the large span 
self-anchored suspension bridge and the 
transmission mechanism of the vertical component 
of the axial force of the central buckle were studied 
by establishing a mixed finite element model, and 
the following conclusions can be obtained. 

(1) The axial force of the central buckle of the
suspension bridge are mainly controlled by the
dead load, and the proportion of the live load only
accounts for about 15% of the dead load.
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(2) The rods of the central buckle is subjected to
both axial force and bending moment, and the
stress on the inner flange plate members is greater
than that on the outer flange plate, and the
phenomena of stress concentration happens in the
top plate of the girder.

(3) In the process of vertical force transmission
downward from the connection joint of the girder
and the central buckle, the vertical shear force of
web and transverse spacer gradually increases and
the bottom axial force gradually decreases.

(4) The vertical force of the web and diaphragm of
the girder in the central buckling region spreads in
the direction of 45° diagonally downward.

6 References 
[1] Han Z., Hao W., Chengyuan Y., et al.

Influence of the Central Buckle on the
Buffeting Performance of a Long-span Triple-
tower Suspension Bridge. Journal of Harbin
Engineering University. 2021; 42(3): 382-387

[2] Xun X., Shizhong Q., Shuanhai H. Influence of
Central Buckle on Dynamic Behavior and
Response of Long-span Suspension Bridge
Under Vehicle Group Excitation. China
Journal of Highway and Transport. 2008;
21(6): 57-63.

[3] Guangling L., Quanke S., Wenbo G., et al.
Influence of Rigid Central Clamps on
Dynamic Characteristics of Suspension
Bridge and Vehicle Excitation Responses of
Short Suspenders. China Journal of Highway
and Transport. 2021; 34(4): 174-186.

[4] Tengfei H., Xugang H., Qing W., et al.
Influence of Central Buckles on Modal
Characteristics of Long-span Suspension
Bridge. Journal of Highway and
Transportation Research and Development.
2015; 32(6): 89-94.

[5] Hao W., Aiqun L., Yudong W., et al. Influence
of Central Buckle on Dynamic Behavior of
Long-Span Suspension Bridge. China Journal
of Highway and Transport. 2006; 19(6): 49-
53.

[6] Hao W., Aiqun L. Influence of Central Buckle on
Wind-induced Buffeting Response of Long-

span Suspension Bridges. Chinese Journal of 
Civil Engineering. 2009; 42(7): 78-84. 

[7] Changke J., Aiqun L., Hao W., et al. Influence of
Central Buckle on Seismic Response of Triple-
tower Suspension Bridge. Journal of Southeast
University (Natural Science Edition). 2010;
40(1): 160-164.

[8] Xun X., Shizhong Q.. Influence of Central Buckle 
on Dynamic Behavior and Seismic Response of
Long-span Suspension Bridge. Journal of the
China Railway Society. 2010; 32(4): 84-91.

[9] Wanghu P., Xudong S. Analysis of Free
Torsional Vibration of Suspension Bridges
with Center Ties. China Journal of Highway
and Transport. 2013; 26(5): 76-87.

[10] Lianhua W., Zhanghong S., Jianfeng C., et al.
Effects of Central Buckle on End Displacement
of Suspension Bridges under Vehicle Excitation.
Journal of Hunan University (Natural Science
Edition). 2019; 46(3): 18-24.

1629



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Influence of Different Debonding Gap Types on Mechanical 
Performance of Axially Loaded CFST Stub Columns 

J.Q. Xue, J.P. Huang, B. Briseghella & F.Y. Huang 
College of Civil Engineering, Fuzhou University, Fuzhou, China 

J.G. Wei 

College of Civil Engineering, Fujian University of Technology, Fuzhou, China 

Contact: junqing.xue@fzu.edu.cn 

Abstract 
The mechanical performance of concrete-filled steel tubular (CFST) members could be affected by 
the debonding gaps between steel tubes and core concrete. In this paper, the finite element models 
(FEMs) of axially loaded CFST stub columns with different debonding gap types, i.e., circumferential 
debonding gap (CDG) or spherical-cap debonding gap (SDG), were implemented by ABAQUS. The 
accuracy of FEMs was verified by test results. The influence of different debonding gap types on the 
mechanical performance of axially loaded CFST stub columns with the same debonding cross-
sectional area was compared by using FEMs. The results showed that compared with SDG, the 
influence of CDG on the ultimate load-bearing capacity (Nu) was larger and on the failure mode was 
smaller. With an increase in CDG arc-length ratio (RCDG), the reduction coefficient of Nu (KD) firstly 
increased and then decreased. With an increase in SDG ratio (χSDG), the KD decreased. With an 
increase in RCDG or χSDG, the Nu decreased. All the debonding specimens showed inward buckling in 
steel tubes within the debonding range, while the outward lateral deflection towards the no-
debonding range was also observed. With an increase in RCDG, the inward buckling of steel tubes 
was more severely to contact with the core concrete at the middle-height of columns, then an 
outward buckling was found. With an increase in χSDG, the inward buckling of steel tubes become 
more significant, but the failure modes remained unchanged. 

Keywords: Axially loaded CFST stub column; Circumferential debonding gap; Spherical-cap 
debonding gap; debonding area; Ultimate load-bearing capacity; failure mode. 

1 Introduction 
Concrete-filled steel tubular (CFST) structures have 
the advantages of high ultimate load-bearing 
capacity, good plasticity, and ductility [1-4]. In fact, 
the compressive strength and ductility of core 
concrete can be increased by the lateral 
confinement provided by the steel tube, and the 
local buckling of steel tube delayed and restrained 

by the filled concrete [5,6]. In engineering 
applications, debonding gaps can be found 
between steel tubes and core concrete, which can 
be divided into the circumferential debonding gap 
(CDG) and spherical-cap debonding gap (SDG), as 
shown in Figures 1(a) and (b), respectively. The 
CDG is mainly caused by several unavoidable 
reasons, such as concrete shrinkage [2,7,8], 
temperature difference [9], and confining force 
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due to compression during the initial stage of CFST 
structures [9]. The SDG is mainly caused by the air 
film formed during the concrete filling [8] and the 
gravity of core concrete [10]. The parameters of 
CDG in the cross-section [11] are the thickness 
(TCDG), arc-length ratio (RCDG), and cross-sectional 
area (ACDG) of CDG. TCDG is the maximum distance 
between the core concrete edge and the inner 
surface of the steel tube. RCDG is the ratio of CDG 
arc-length to the perimeter of the CFST column, 
which is equal to 𝜃𝜃/2𝜋𝜋 (𝜃𝜃 is the angle of CDG). 
When RCDG is 1, the gap ratio of CDG (χCDG=2TCDG/D) 
has been defined by some researchers [8,12,13], 
where D is the outer diameter of the steel tube. 
ACDG is the ratio of CDG sectional area to the CFST 
sectional area, which can be calculated by Formula 
(1), where d is the core concrete diameter (d=D-2t) 
and t is the wall thickness of the steel tube. The 
parameters of SDG in the cross-section [11] are the 
thickness (TSDG), gap ratio (χSDG), and cross-sectional 
area (ASDG) of SDG. TSDG is the maximum distance 
between the concrete edge and the inner surface 
of the steel tube. χSDG is the ratio of TSDG to D 
(χSDG=TSDG/D). ASDG is the ratio of SDG sectional area 
to the CFST sectional area, which can be calculated 
by Formula (2), where α is the angle of SDG. 

(a) CDG (b) SDG
Figure 1. Parameters of debonding gaps 
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Based on experimental and numerical analyses, it 
can be found that the ultimate load-bearing 
capacity (Nu) and failure modes of axially loaded 
CFST stub columns could be influenced by 
debonding gaps [7,8,10,12]. 

Experimental tests and finite element (FE) analyses 
on axially loaded CFST stub columns with CDG were 
carried out [7,8,12]. The CDG specimens (TCDG = 3 
mm) with different RCDG were tested by Xue et al.
(2012). The experimental results showed that with
an increase in RCDG, the load-bearing capacity (N)
reached Nu earlier, and the outward local buckling
in steel tubes within the debonding range was
more severely at failure. The results demonstrated
that the confinement factor (ξ) is an important
factor affecting the Nu, where ξ = Asfy/Acfck; As and
Ac are the cross-sectional areas of the steel tube
and core concrete, respectively; fy is the yield
strength of the steel tube; fck is the prism strength
of core concrete [7]. With an increase in ξ, the
influence of RCDG on Nu decreased. CDG specimens
(RCDG=1) with different TCDG were tested by Liao
[8,12]. The results showed that N suddenly
dropped by about 20%Nu after reaching Nu, and
then increased gradually again. With an increase in
TCDG, Nu decreased, the lateral deformation of the
specimens increased, the elephant-foot shaped
buckling near the specimen ends and the slight
outward local buckling at the mid-height of
columns tended to be more significant.

Experimental tests and FE analyses on axially 
loaded CFST stub column with SDG were carried 
out [8,12,14]. The results showed that with an 
increase in χSDG, the Nu decreased more significantly 
and rapidly. The inward buckling in steel tubes was 
observed within the debonding range until steel 
tubes contact with core concrete, and the core 
concrete was crushed due to the lack of 
confinement provided by its outer steel tubes. FE 
analyses results showed that when the Nu was 
attained, the concrete confinement provided by 
the outer steel tube was insignificant; therefore, 
the confinement could be affected by SDG [8]. 
Researches on specimens with two types of 
debonding gaps were carried out by Liao [8,12] and 
Tan [15]. The influence of CDG or SDG on the 
mechanical properties of CFST specimens was 
analyzed. 

In this paper, the FEMs of axially loaded CFST stub 
columns with or without debonding gaps were 
implemented in ABAQUS. The accuracy of FEMs 
was verified by test results. FE analyses of CDG or 
SDG specimens were performed to analyze the 
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influence of different debonding gap types on the 
Nu and failure modes of the specimens with the 
same debonding cross-sectional area. 

2 FE MODELLING 

2.1 FE MODELLING 

2.1.1 Element types 

The FE models were implemented in ABAQUS, as 
illustrated in Figure 2. The steel tube was simulated 
by using 4-node shell elements with reduced 
integration (S4R). The core concrete was simulated 
by using 8-node 3-D solid elements with reduced 
integration (C3D8R). Both end plates were 
simulated by discrete rigid elements (R3D4). 

2.1.2 Material modelling 

The steel was simulated by an elastic-plastic model 
using a stress-strain relation that consists of five 
stages with Von Mises yield criterion (Han et al. 
2007). The damage plasticity model was used for 
modelling concrete by using an equivalent stress-
strain model proposed by Han [16]. For concrete in 
tension, the tensile softening behaviour was set by 
using the fracture energy model specifying the post 
failure stress as a tabular function of cracking 
displacement [17]. 

2.1.3 Steel-concrete interface 

Both the bond and friction actions were considered 
in the interface modeling between the outer steel 
tube and core concrete. For the cross-sectional 
area without debonding gaps, the normal 
behaviour of the interface was simulated with hard 
contact, which prevented penetration and at the 
same time allowed separation of the two contacted 
surfaces. The tangent behaviour of the interface 
was simulated by using the Coulomb friction model 
with a friction coefficient of 0.6 [16]. For the cross-
sectional area with debonding gaps (CDG or SDG 
shown in Figures 2(a) and (b), respectively), both 
normal contact pressure and tangential shear 
stress were taken as zero at the beginning because 
the surface of concrete is supposed not to have 
direct contact with the inner surface of the steel 
tube at the initial stage. Then when the surface of 
concrete starts to have direct contact with the 
inner surface of the steel tube due to the inward 

buckling in the steel tube, the normal behaviour of 
the interface was simulated with hard contact and 
the tangent behaviour of the interface was 
simulated by using the Coulomb friction model 
with a friction coefficient of 0.6. Tie restraints were 
adopted to simulate the steel tube-end plate or 
concrete-end plate interfaces. 

(a) CDG

(b) SDG
Figure 2. FE models 

 

Figure 3. Boundary conditions 

2.1.4 Load applications and boundary 
conditions 

Loading was applied by using vertical downward 
displacement in the z-axis at the top end plate to 
simulate the axial loading condition. The 
displacements in the x- and y-axes at the top end 
plate were constrained and all degrees of freedom 
were constrained at the bottom end plate, as 
illustrated in Figure 3. 
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2.2 FE models verification 

The above-mentioned FE modelling method was 
used to establish the FE models of CDG or SDG 
specimens provided in literature [7,12,18]. The Nu 
obtained by experimental tests (Nu-EXP) and FEMs 
(Nu-FEM) was compared, as listed in Table 1. The 

mean value and standard deviation of Nu-FEM/Nu-EXP 
were 1.023 and 0.031, respectively. It could be 
concluded that Nu-FEM was in good agreement with 
Nu-EXP. Therefore, the FE modelling method could 
be used to simulate the mechanical performance of 
axially loaded CFST stub columns with CDG or SDG.

Table.1. Experimental and numerical results of axially loaded CFST stub columns with CDG or SDG 

Debonding gap type Literature Label 
Nu (kN) 

Nu-FEM/Nu-EXP 
Nu-EXP Nu-FEM 

CDG 

Xue et al. 2012 [7] 

N3-0-A 2647 2705 1.02 
D3-1-A 2433 2431 0.99 
D3-2-A 2306 2358 1.02 
D3-3-A 2281 2345 1.02 
N4-0-A 2896 2965 1.02 
D4-1-A 2602 2625 1.00 
D4-2-A 2538 2554 1.00 
D4-3-A 2503 2532 1.01 

Liao et al. 2011 [12] 

cn-1 2110 
2251 

1.06 
cn-2 2070 1.08 
cc1-1 1640 

1627 
0.99 

cc1-2 1585 1.02 
cc2-1 1440 1489 1.03 
cc2-2 1534 0.97 

SDG 

Liang 2008 [18] 
PX-0-0 3400 3385 0.99 
PX-0-2 3130 3010 1.04 
PX-0-5 3010 3022 1.00 

Liao et al. 2011 [12] 

cs4-1 2060 
2078 

1.00 
cs4-2 2010 1.03 
cs8-1 1833 

2009 
1.09 

cs8-2 1878 1.06 
cs12-1 1780 1906 1.07 
cs12-2 1830 1.04 

3 IFLUENCE OF DIFFERENT 
DEBONDING GAP TTYPES 

3.1 Parameters selection 

To understand the influence of different debonding 
gap types on the mechanical performance of 
specimens, FEMs with D of 219 mm, t of 3 mm, L of 
657 mm were chosen. For the material properties of 
steel, the fy of 345 MPa, ultimate strength (fu) of 
1.6fy, elastic modulus (Es) of 2.06×105 MPa, and 
Poisson's ratio of 0.3 were considered. For the 
material properties of concrete, the fck of 32.4 MPa, 

cylinder strength (fc') of 41.5 MPa, elastic modulus 
(Ec) of 34500 MPa, and Poisson's ratio of 0.2 were 
considered. The load applications and boundary 
conditions were the same as those in Section 2.1.4. 

Setting the TCDG as 3 mm [7] and ACDG = ASDG, 
10 TSDG could be calculated by using Formulae (1) 
and (2) corresponding to 10 RCDG changing from 0 
to 1 (interval of 0.1). 10 groups of FE models with 
different RCDG and the corresponding TSDG were 
shown in Figure 4. The length of the debonding gap 
along with the height of the specimen was set as 
657 mm. 
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Figure 4. Cross-sections of CDG and SDG specimens with same debonding cross-sectional area 

3.2 Ultimate load-bearing capacity 

To understand the influence of debonding gap on 
Nu, the reduction coefficient of Nu (KD= Nu-D/Nu-N) [7] 
was defined. The Nu-D was the Nu of specimens with 
debonding gap and Nu-N was the Nu of specimens 
without debonding gap (NDG specimens). 

The influence of different debonding gap types on 
the Nu, KD, and the decrease rate of KD is shown in 
Figures 5(a) and (b), respectively. The top and 
bottom axes are χSDG and RCDG, respectively. It was 
found that with an increase in RCDG or χSDG, Nu 
decreased. When the RCDG increased from 0 to 0.2, 
Nu decreased from 3002 kN to 2674 kN and KD 
decreased from 1 to 0.89 (by 0.11); when the RCDG 
increased from 0.2 to 1, Nu decreased from 2674 kN 
to 2544 kN and KD decreased from 0.89 to 0.85 (only 
by 0.04). When the χSDG increased from 0 to 5.5%, Nu 
decreased from 3002 kN to 2701 kN and KD 
decreased from 1 to 0.90 (by 0.10); when the χSDG 
increased from 5.5% to 10.2%, Nu decreased from 
2701 kN to 2574 kN and KD decreased from 0.90 to 
0.86 (only by 0.04). When ACDG = ASDG, the influence 
of CDG on Nu and KD was larger than that of SDG. 

When χSDG = 5.5%, the influence of RCDG = 0.2 on Nu 
and KD can be reached. With an increase in RCDG, the 
decrease rate of KD firstly increased and then 
decreased; however, with an increase in χSDG, the 
decrease rate of KD decreased, as illustrated in 
Figure 5(b). When the RCDG increased from 0.1 to 0.2, 
the decrease rate of KD was the maximum (0.063); 
when the χSDG increased from 0% to 2.2%, the 
decrease rate of KD was the maximum (0.034). 
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Figure 5. Influence of different debonding gap 
types on Nu, KD, and decrease rate of KD. 

3.3 Failure mode 

To study the influence of different debonding gap 
types on failure modes, the ranges of CDG and SDG 
(RCDG = 0.2 or χSDG = 3.4%), and the range without 
debonding gap (NDG) in the cross-section were 
defined as in Figure 6. 

(a) NDG (b) CDG (c) SDG

Figure 6. Debonding gap ranges in cross-section 

Three groups of specimens were selected, including 
NDG specimen, CDG specimen with RCDG of 0.2 and 
SDG specimen with χSDG of 3.4%, and CDG specimen 
with RCDG of 0.5 and SDG specimen with χSDG of 6.4%. 
The failure modes of steel tubes and the lateral 
deflections (U) of specimens corresponding to Nu 
are shown in Figures 7 and 8, respectively. The black, 
red, and blue curves represent NDG, CDG, and SDG 
specimens, respectively. 

The failure mode of the NDG specimen showed an 
outward buckling at the L/2 of the steel tube, as 
shown in Figure 7(a). The failure mode of the 
debonding specimens showed an inward buckling 
within the debonding range of the steel tube, and 
an outward buckling in the NDG range, as shown in 
Figures 7(b)~(e). For CDG specimens with RCDG of 0.2, 
an inward buckling within the debonding range of 
the steel tube and slightly elephant-foot shaped 
buckling at both ends were observed, as shown in 
Figure 7(b); for CDG specimens with RCDG of 0.5, an 
outward local buckling at the L/2 of the steel tube 
within the debonding range and obvious elephant-
foot shaped buckling at both ends were observed, 
as shown in Figure 7(c). It was because, with an 
increase in RCDG, the inward buckling of the steel 
tube was more severely to contact the concrete at 
L/2, then an outward local buckling was found. For 
SDG specimens, with an increase in χSDG, the failure 
modes remained unchanged, as shown in Figures 
7(d) and (e). 

(a) NDG (b) RCDG=0.2 (c) RCDG=0.5

1635



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

(d) χSDG=3.4% (e) χSDG=6.4%

Figure 7. Failure modes corresponding to Nu 

By comparing with the U at L/2 within the 
debonding range (UL/2-D) of the NDG specimen, the 
UL/2-D of CDG specimens were smaller and the UL/2-D 

of SDG specimens were larger, as shown in Figure 
8(a). When the RCDG increased from 0.2 to 0.5, UL/2-D 
decreased from 0.43 mm to 0.06 mm (by 0.37 mm). 
It was because, with an increase in RCDG, the inward 
buckling of the steel tube was more severely to 
contact the concrete at L/2, then an outward local 
buckling was found. When the χSDG increased from 
3.4% to 6.4%, UL/2-D increased from 0.65 mm to 0.76 
mm (by 0.11 mm), therefore, the inward buckling 
within the debonding range of the steel tube was 
slightly more significant. The UL/2-D of the specimen 
with RCDG of 0.2 is 0.22 mm smaller than that of the 
specimen with χSDG of 3.4%, and the UL/2-D of the 
specimen with RCDG of 0.5 was 0.7 mm smaller than 
that of the specimen with χSDG of 6.4%. It can be 
concluded that with an increase in debonding 
parameters, the difference between the UL/2-D of the 
specimens with CDG and SDG increased. 

By comparing with the U at L/2 within the NDG 
range (UL/2-N) of the NDG specimen, the UL/2-N of CDG 
specimens were smaller and the UL/2-N of SDG 
specimens were larger, as shown in Figure 8(a). 
When the RCDG increased from 0.2 to 0.5, UL/2-N 
decreased from 0.33 mm to 0.26 mm (by 0.07 mm). 
When the χSDG increased from 3.4% to 6.4%, UL/2-N 
decreased from 0.63 mm to 0.49 mm (by 0.14 mm). 
The UL/2-N of the specimen with RCDG of 0.2 was 0.3 
mm smaller than that of the specimen with χSDG of 
3.4%, and the UL/2-N of the specimen with RCDG of 0.5 
was 0.27 mm smaller than that of the specimen with 

χSDG of 6.4%. It can be concluded that with an 
increase in debonding parameters, the difference 
between the UL/2-N of the specimens with CDG and 
SDG was negligible. 
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(a) CDG or SDG range
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(b) NDG range
Figure 8. Lateral deflections corresponding to Nu

4 CONCLUSIONS 
Based on the performed FE analyses, the following 
conclusions can be drawn: 

(1) With an increase in debonding parameters, the
ultimate load-bearing capacity of the specimens
decreased. When the debonding cross-sectional
area was the same, the influence of the CDG on the
reduction of ultimate load-bearing capacity was
larger than that of the SDG. With an increase in the
CDG arc-length ratio, the decrease rate of the
reduction coefficient of ultimate load-bearing
capacity firstly increased and then decreased. With

1636



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

an increase in the SDG ratio, the decrease rate 
decreased. 

(2) The failure mode of the debonding specimens
showed an inward buckling within the debonding
range of the steel tube and an outward buckling in
the NDG range. With an increase in CDG arc-length
ratio, the failure mode of the steel tube within the
debonding range changed from inward buckling to
outward local buckling because the inward buckling
of the steel tube was more severely to contact the
concrete at mid-height of specimens, then an
outward local buckling was found. With an increase
in the SDG ratio, the failure model of the steel tube
within the debonding range remained unchanged,
however, the inward buckling was slightly more
significant.

(3) With an increase in the CDG arc-length ratio or
with a decrease in the SDG ratio, the lateral
deflections at mid-height of specimens within the
debonding range decreased. With an increase in
debonding parameters, the lateral deflections at
mid-height of specimens within the non-debonding
range decreased. When the debonding cross-
sectional area was the same, the lateral deflections
at mid-height of SDG specimens with were larger
than those with CDG.

(4) The confinement between the steel tube and
core concrete is the key issue of the ultimate load-
bearing capacity of CFST columns. The influence of
different debonding gap types on the confinement
will be carried out in the next step of this research.
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Abstract 
Terrorist attacks have nowadays become an important issue for the structural design of 
constructions such as bridges. Indeed, during the last decades, the increase in the number of 
terrorist attacks has resulted in the loss of many human lives and socio-economic impact on our 
society. The aims of this research consist in a series of preliminary analyses in view of a study of 
the effects of an explosion on a long-span suspension bridge. As a suspension bridge was 
considered the project of the bridge over the Strait of Messina, having as main span of 3300 
meters. The structure was modeled using ABAQUS/Explicit software using beams-type 3D finite 
element modeling. The objectives of the research are double. The first one is the study of the 
pressures generated by an explosive charge to model the phenomenon during numerical 
simulations while, the second objective, is to test different discretizations to have a reliable 
numerical response. 

Keywords: long-span suspension bridges; blast loading; mesh-size problem; fast dynamic; 
numerical simulations. 

1 Introduction 
Suspension bridges are the longest-span 
structures of any type. Typically, this type of 
structure consists of two piers, two main cables 
passing through the top of the towers and 
anchored to large foundations at the ends of the 
structure, as well as the deck, which is suspended 
along its entire length from the main cables by 
multiple suspension hangers. Throughout history, 
technical and scientific advances have made it 
possible to build ever larger suspension bridges. 

The first of them was the "Jacob's Creek Bridge" 
built in 1801 in Pennsylvania in the United States 
with a span not exceeding 21 meters. Since then, 
the engineers of the last two centuries have been 
constantly improving the original concept, 
materials, and calculation methods. Today, the 
records of span easily exceed the one and a half 
kilometers and the maximum span ever built 
reaches almost two kilometers with the famous 
Akashi Kaikyõ Bridge of Japan that crosses the 
Seto Inland Sea linking the cities of Kobe and 
Awaji.  
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These structures must be able to resist various 
loads such as their own weight, variable loads 
such as traffic due to road traffic, the passage of a 
train or the action of wind or ground movements. 
However, certain events or combinations of 
accidental events have already led to progressive 
collapses of this type of structure. Since the 
construction of the first suspension bridge in the 
early 19th century, several collapses have already 
occurred. For example, the famous Tacoma 
Narrows Bridge in the United States collapsed 
(1940) due to a resonance phenomenon on the 
structure caused by the wind [1]. Another quite 
famous collapse is that of the "Silver Bridge", a 
suspension bridge in Ohio, which collapse 
occurred in 2001, due to a slight defect in a main 
cable which, over the years, has worsened due to 
corrosion and fatigue phenomena, until it broke 
[2]. As another example of failure, we also note 
the "Kutai Kartanegara Suspension Bridge". In 
November 2011, during the maintenance of one 
of the suspension lines, it broke, causing the death 
of a dozen workers [3].  

These collapses are all due to unintentional causes 
(lack of knowledge or human error). Unfortunately, 
in recent times, engineers must also consider a 
collapse load that depends on human will: the 
terrorist attack.  

In 1996, the Irish Republican Army (IRA) missed a 
bomb attack on Hammersmith Bridge in London. 
Two 30-pound semtex bombs were installed 
under the bridge deck. This amount of explosive 
could have led to a complete failure of the bridge. 
Two months later, an even larger attack was 
carried out in the center of Manchester with a 
1500 kg mass placed in a vehicle. More recently in 
2016, two simultaneous terrorist bombings took 
place in Belgium, in Brussels, respectively in the 
Maelbeek metro station and in the main terminal 
of the national airport of Zaventem. In these 
attacks 35 people lost their lives. Earlier, in 2014, a 
similar act by the Boko Haram Islamist group had 
already killed 21 people in the Nigerian capital. 
Many other examples of bomb attacks can be 
cited, such as the Oklahoma attack on 
government buildings in 1995 or the 1998 the 
1998 attacks on the US embassies in Kenya and 
Tanzania. 

Explosive incidents occur either accidentally or 
intentionally. But in either case, they are 
unpredictable and can result in serious injury, 
death, and heavy structural damage. They also 
have a severe impact on people's minds and the 
economy. As for bridges, they are essential 
components in the transportation infrastructure, 
they take part in the popularity of certain 
locations and also symbolize the link between 
cities, countries and cultures of our societies. 
These costly structures are therefore attractive 
targets for any terroristic attack. 

Therefore, it seems evident the interest of 
engineers and researchers to perform numerical 
simulations that can provide knowledge regarding 
the safety and structural robustness of this type of 
structures when subjected to a blast load. 
However, the modeling and numerical analyses 
that must be performed are quite complex and 
onerous in terms of computational effort, since 
they are numerical analyses in fast dynamics with 
different types of nonlinearities (at least 
geometric and material).  

This research paper aims to study a particular 
aspect of numerical analysis which in scientific 
literature is called mesh-size problem [4, 5, 6]. To 
obtain an accurate solution, since blast loading is 
an action that occurs in fast dynamics, the 
discretization must be much finer than the 
discretization that can be used for static loads or 
slow dynamic loads (earthquake or wind). For this 
reason, given the computational effort of any 
numerical analysis, it may be interesting to 
perform some case studies that consider only 
parts of the structure to be analyzed to focus 
attention on the quality of the numerical response. 

In the next paragraphs, the structure of the 
reference suspension bridge will be briefly 
described, some reminders on blast modeling will 
be exposed and two case studies will be proposed 
to define an efficient discretization for hangars 
and deck beams for when nonlinear analysis in 
fast dynamics is required. 
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2 The long-span suspension bridge 
considered 

The long-span suspension bridge considered in 
this research is the project of the Messina Strait 
Bridge. 

An image of the structure is reproduced in Figure 
1A. As can be seen, the structural scheme of the 
bridge has a single span, with a distance between 
towers of 3300 meters. 

The 52 m wide deck consists of three box girders 
joined by transverse girders every 30 m. The 
central box girder is the passage way for two 
railway lines while the lateral box girders have 
three road lanes on each girder (Figure 1b). At the 
side of the road lanes there is a lane dedicated to 
the maintenance of the bridge. The suspension 
system has two pairs of main cables positioned at 
the sides of the deck. These four cables possess a 
diameter of 1.24 m. 

The deck is joined to the main cables by a system 
of hangers placed at a distance of 30 m from each 

other. 

The towers are 382 m high structures composed 
of two longitudinal elements slightly inclined 
towards the axis of the bridge and four transverse 
elements. Each leg has a section that can be 
inscribed in a rectangle of about 12 x 16 m while 
the crossbeam section is 4 x 16.9 m. Further 
details about the materials used in the project and 
the geometries of the sections can be found in the 
following papers in scientific literature [7, 8, 9, 10]. 

3 The blast modeling 

3.1 Mathematical formulation 

In the literature [11, 12], the evolution of the 
pressure wave over time, caused by an explosion, 
is generally described by the Friedlander equation: 

( )
----

 
× 

  
= × × 

 

t Tab
Ta 0

S S0
0

t TP t P 1 e
T

(1) 

Figure 2. Time evolution of the blast pressure on 

Figure 1. General view of the project of the suspension bridge over the strait of Messina 
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an area of 12 x 30 m 

where the coefficient b is the coefficient of 
degrowth of the wavefront and depends on the 

environment and the distance from the center of 
the explosion. To evaluate this parameter we used 
the formula proposed in Karlos et al. [11] : 
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if the Z value is between 1 and 40. Z is the scaled 
distance that depends on the distance R from the 
explosion and on the explosive load W according 
to the equation: 

= 3
RZ
W (4) 

 The other parameters present in Eq. (1) are PS0 
(maximum pressure), Ta (arrival time), T0 (positive 
duration) and, in general, they depend on the 
position of the analyzed point, its distance R from 
the point to the center of the explosion and the 
amount of explosive W involved (Kingery and 
Bulmash [12]). In this research, a simplified 
versions of the Kingery and Bulmash model 
proposed by Jeon et al. [13] were used, in which 
all these parameters can be described by the 
equation: 

log( ) log( ) log( ) log( )+ ⋅ + ⋅ + ⋅ + ⋅=
2 3 4C C Z C Z C Z C Z0 1 2 3 4Y 10

   (5) 

Constants C0, C1, C2, C3, and C4 depend on the 
scaled distance Z and their values can be found in 
the publication of Jeon et al. [13]. 
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3.2 Bridge deck pressure evaluation 

Through the formulae exposed in paragraph 3.1 it 
is possible to evaluate the over-pressures 
generated on the surface of the deck by the 
explosion load, which will be then inserted as a 
load in the numerical model. Figures 2 shows the 
pressure front diagram at a given instant during 
the first 10 ms after the explosion for a TNT load 
of 2000 kg. The diagram qualitatively shows the 
advancement of the pressure wavefront over an 
area of 12 m (width of bridge deck beam) x30 m 
(distance between hangers). 

These diagrams were numerically integrated over 
the area of the bridge deck to obtain the second 
diagram in Figure 3 representing the time 
variation of the resultant explosion force. 

Figure 3. Integrating process of the pressures 
derived from the explosion load 

4 Mesh size analysis 
In this paragraph we examine the two case studies 
developed on the basis of the geometry and 
mechanical characteristics of the Messina Strait 
Bridge to define the discretization to be used for 
the hangers and deck beams in the study of the 
effects of an explosion on the structure. These 
models are not intended as simplified 
"equivalent" models but only as case studies 
"similar" to the complete structure. The use of 
such case studies, instead of the complete 
structure, was necessary due to the high 
computational effort required to solve every 
single dynamic analysis. 

Case studies were developed using ABAQUS / 
EXPLICIT, an environment created to simulate 
brief transient dynamic events where the 
response of the structure is sought by integrating 
the dynamic equilibrium equations through an 
explicit solution algorithm (central difference 

algorithm). The explicit procedure integrates over 
time by using many small-time increments but is 
only conditionally stable and the stability limit for 
the operator (with no damping) is given in terms 
of the highest frequency of the system as: 

max

2T
ω

∆ =
(6) 

To avoid numerical instability problems, the 
automatic time stepping option was used during 
the analyses. In this case ABAQUS/EXPLICIT 
independently chooses the time step increment 
based either on the maximum frequency of each 
finite element (conservative choice) or on the 
maximum global frequency [14, 15]. 

4.1 First case study 

The first case study was geared towards finding 
the correct discretization of hangers. In general, in 
numerical models having the goal of investigating 
the behavior of the bridge under static or slow 
dynamic loads, each hanger is discretized with 
only one finite element. This discretization is 
highly inadequate for investigating the waves of 
stress that propagate along the cable at the 
moments of the explosion. 

Therefore, the first case study represents the 
modeling of a hanger performed with beam-type 
linear finite elements. Figure 4 shows the 
geometry and mechanical characteristics of the 
modeled hanger. The geometries and mechanical 
properties shown in Figure belong to the bridge 
described in Section 2 and considered for this 
research. 

The upper end was assumed to be fixed, while, at 
the lower end, the mass can move only in vertical 
direction. In terms of masses, in addition to the 
density of the cable, a mass of approximately 230 
tons was placed at the lower end. This 
"equivalent" mass was identified to have a static 
tension of about 170 N/mm2 (stress value present 
in the hangers caused by the weight of the bridge 
structure) [9, 10, 15]. The time history describing 
the explosion load equivalent to a TNT mass of 
3000 kg was also placed at the lower end.  
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Figure 4. Geometry and mechanical characteristics 
of the case study analyzed to identify the 
appropriate level of hanger discretization 

The structure in Figure 4 was studied by 
performing 4 different discretizations. In the first, 
the cable was modeled with 4 finite elements of 
equal length, in the second with 40, in the third 
with 400 and finally with 4000. Displacements and 
stresses were checked at the 4 control points 
shown in the figure. 

From the comparison of the graphs in Figure 5 we 
can see that the discretization with 400 finite 
elements and that with 4000 finite elements 
provided substantially coincident results. 
Assuming as a result of comparison the one 
related to the discretization with 4000 finite 
elements (which led to a size of the finite element 
along the cable of 5.3 cm), we can say that the 
discretization with 40 finite elements generated 
values of stress and displacement reduced on 
average by 25% while the discretization with 4 
finite elements led to values reduced by 80% (in 
addition to providing a response qualitatively 
much poorer). 

On the basis of these results, in the next 
paragraph, a discretization equal to 400 finite 
elements will be assumed for the hangers closest 
to the explosion load. 

Furthermore, as can be seen in the stress graph in 
Figure 5, the use of a discretization suitable for 
the analysis of a static load in the case of a fast 
dynamic simulation, can lead to underestimate by 
4 times the tension in the cables. 

Figure 5. Temporal variation of the vertical 
displacement and of the stress state at the stress 

control point 1 for the four discretizations 
analyzed. 

4.2 Second case study 

The second case study was analyzed with the aim 
of understanding the influence of the 
discretization of deck beams in the evaluation of 
the cable stress state. For this analysis, the static 
scheme reproduced in Figure 6 was examined. 
Once more the authors point out that this static 
scheme was not intended to be an "equivalent" or 
"simplified" scheme for the study of the 
propagation of an explosion effect in the bridge 
but only a structure on which to perform 
preliminary analyses and define a correct 
discretization of the elements. 

In this case study it was planned to use 3 cables 
having the same geometry as the cable studied in 
the previous paragraph, spaced 30 m apart. The 
three upper ends were considered fixed while the 
three lower ends were joined by a beam having 
the same characteristics as a bridge road box 
girder of the bridge described in Section 2. Vertical 
slide and an elastic restraint were placed on either 
side of the beam to reduce displacements under 
blast loading. The stiffness of this constraint was 
set, arbitrarily, using the 3EI/L3 formula and the 
geometric and mechanical parameters of the road 
box girder [9, 10]. An explosion load equivalent to 
a TNT mass of 3000 kg was placed at the right end 
of the beam.   
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Figure 6. Geometry and mechanical characteristics 
of the case study analyzed to identify the 
appropriate level of beam discretization 

The structure in Figure 6 was studied by 
performing 4 different discretizations. In each 
model, the cable discretization was always defined 
with 400 finite elements, based on the previous 
case study. In the four models performed, a 
discretization for the road box girder of 1, 10, 100 
and 500 finite elements was considered. 
Displacements and stresses were checked at the 4 
control points shown in the figure. 

Figure 7 shows the results obtained at the stress 
control points 1a (Figure 6). Comparison of the 
graphs in Figure 7 showed that the discretizations 
with 100 finite elements and of that with 500 
finite elements provided substantially coincident 
results. Assuming as a result of comparison the 
one related to the discretization with 500 finite 
elements (which led to a size of the finite element 

along the beam of 6 cm), we could see that the 
discretization with 10 finite elements generates 
errors on average of 10% on the displacement 
values while the discretization with 1 finite 
element led to errors on average of 30% on the 
displacements.  

Figure 7. Temporal variation of the vertical 
displacement and of the stress state at the stress 

control point 1a (Figure 6) for the four 
discretizations analyzed 

On the stresses in the hangers, the difference in 
response was more marked, both qualitatively and 
quantitatively. The discretization with 1 finite 
element, which provided a qualitatively very poor 
response, led to errors of 90% while the 
discretization with 10 finite elements led to the 
evaluation of stress values with an error of 50%. 

5 Conclusions 
This work focuses its attention on the problem of 
mesh size definition in fast dynamic simulations 
designed to simulate an explosion load on a large 
span suspension bridge. 

The paper illustrates two case studies, used to 
define the dimensions of beams type finite 
elements within a 3D modeling of the structure. 
The first case study focuses on the definition of 
the mesh necessary to have a good response in 
terms of displacement and stress, in the hangers, 
the second case study examines the analogous 
problem for the beams that compose the bridge 
deck. 
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The analyses carried out show that to obtain a 
good numerical response there is necessary to use 
beams elements of about 50 cm in length for the 
cable (which easily leads to have 400 finite 
elements for each cable of the global model) and 
30 cm for the bridge deck beams. 

The use of inadequate meshing, e.g., based on 
numerical models for solving static or slow 
dynamic problems, leads to underestimates of up 
to 400% in the evaluation of stress in cables. 
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Abstract 
The paper describes and investigates several cases of failures of silos made from corrugated thin 
steel sheets which were delivered and assembled in Bulgaria by foreign companies 

Two main patterns of failures which occurred in different times of the year and at different locations 
in Bulgaria have been analyzed. The first failure pattern is related to collapses of conical roofs made 
from profiled trapezoidal steel sheetings while the second pattern involves fracture of cylindrical 
corrugated silo walls. On-site visual investigation of the failed silos and numerical analyses 
simulating the loading and stress state at the pre-failure situations have been performed. 

Based on the lessons drawn from the investigated silo failures recommendations for improved 
structural design of the corrugated steel silos are proposed with the aim to avoid similar failure 
situations in the future.  

Keywords: steel silo; grain storage; shell structures; failure analysis. 

1 Introduction 
The cylindrical steel silos are commonly used 
worldwide as an optimal structural solution for 
grain storage (wheal, maize, sunflower seeds, etc.). 
This structural form allows thin-walled sheets and 
higher steel grades to be used in combination with 
fast and easy assembling on site using standardized 
components. Steel silos are very adaptive to 
modern technology for grain storage and offer 
relatively low-cost operation and maintenance due 
to the reliable corrosion protection (zinc coatings). 
A general classification of the steel silos for grain 
storage is proposed on Fig. 1. 

In attempt to produce highly competitive and 
lightweight structures for the silo market, often 
steel sheets and profiles with very low thickness 

are used without previous testing or performance 
evaluation. The basic fact that the thin-walled steel 
members do not have essential over-strength and 
good ductility is often overlooked. In addition, the 
slender silo walls are very sensitive to initial 
imperfections and more vulnerable to local (patch) 
loading. 

The most of the steel grain silos are assembled on 
site using bolted connections. Bolted connections 
significantly accelerate the installation of the 
facilities but produce significant reduction of the 
steel sheeting cross-section areas. Often oversized 
bolt holes are used in favour of erection operations 
but this type of bolted connections have lower 
resistance and exhibit larger slip deformations 
under loading. 
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Figure 1. General classification of steel silos for grain storage 

The experience from grain silo operation indicates 
that most of the silos work continuously under full 
service loads, i.e. the steel wall sheets are subject 
to high stress levels for long periods of time. 
Besides that, this stress-and-strain state is not 
constant and static (during charging, discharging, 
thermal actions, etc). The present design codes for 
steel silos do not take into account all parameters 
which characterize the actions related to grain 
storage [1, 2]. 

Statistical observations and studies indicate that 
steel silo failures are more frequent than the 
failures of other structural forms. Besides that, the 
failures of steel silos usually lead to total collapse 
of the whole structure and most often this occurs 
during discharging [3, 4]. 

Failures of steel silos for grain storage continue to 
occur despite of the big experience in their design 
and erection. This shows that the reason could be 
a systemic problem, not an accidental coincidence 
of unfavourable individual factors. 

2 Structural solutions for steel grain 
silos 

It is well-known that the main structural 
parameters of the steel silos are closely related to 
the technological equipment required for their 
proper operation. The companies fabricating steel 

silos typically provide the complete technology for 
grain preservation and the structure of the silos is 
just a part of the final product. At present the 
production of steel silos is very similar to that of 
serial industrial products, which are protected by 
registered patents. However, unfortunately not all 
of the fabricators build prototypes and perform 
complete experimental testing prior to start of 
production. 

The fabrication technology of steel silos has leading 
role into their final design. As seen in Fig. 1, two 
main structural forms can be implemented for the 
silo wall, which are strongly related to the 
erection/assembly method: 

• Steel silos with plain walls, fabricated from
flat sheets with spiral overlapping;

• Steel silos with corrugated walls

Another important structural aspect, which is 
essential for the structural behaviour and design of 
a steel silo is the type of its supporting structure. If 
the option of flat-bottom is chosen, then the silo is 
continuously supported, typically by a reinforced 
concrete slab. The silos with hopper (conical) 
bottom require discrete supports, typically 
provided by steel columns and braces which 
transfer the loads to the foundation.  
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3 Characteristic cases of steel silo 
failures 

The cylindrical steel silos for grain storage erected 
in Bulgaria are usually imported from abroad as a 
part of the complete equipment delivery. This is 
the reason for the importing companies to avoid 
silo design check and subsequent approval of the 
load-bearing structure by the Bulgarian authorities. 

Most cases of steel grain silo failures which took 
place in our country for the last two decades can be 
grouped in the following two categories: 

• Collapses of silo roof structures;
• Collapses of the silo body (wall).

A series of roof structure failures was observed in 
two adjacent regions of North-West Bulgaria 
during a winter season. In particular, two such 
collapses took place at night-time of 20 February 
2009. In the first region the silo battery consisted 
of 4 silos of type DT 2420 with diameter D=21,61 m 
and height H=24,33 m. The roofs of 3 of the silos 
collapsed and the remaining roof structure of the 
forth silo was in failure condition. In the second 
region the silo battery had 5 silos and the roofs of 
4 of them were destroyed. The silos in the latter 
region were of type DT 3020 with diameter 
D=27,09 m and height H=25,89m. The structural 
forms and the types of the load-bearing structure 
of the silos in the two regions are identical and by 
this reason their failures are analysed together. The 
roof structure of the silos was a conical dome with 
radial ribs and circular rings. All steel members 
were cold-formed C-profiles. The roofing was made 
from profiled steel sheeting but the steel sheets 
were not connected to the ribs and ring members. 

During the post-failure field investigations, it was 
discovered that the failure patterns of the 
collapsed roof structures were almost identical 
(Fig.2). The main cause for the collapses of the roof 
structures was the unfavourable combination of 
asymmetric snow load and strong wind action 
which was not taken into account by the structural 
designers. More details about these failures can be 
found in [5]. 

Figure 2. “Funnel” failure pattern of the silo roofs 

A typical case of silo collapse due to its wall failure 
can be seen on Fig.3. Two silos from a silo battery 
consisting of five silos were completely destroyed. 
The silos had discrete supports and included the 
following structural parts: 

• Supports provided by columns and vertical
bracings;

• Hopper bottem (funnel) with supporting
ring girder;

• Cylindrical shell fabricated from sine-wave
corrugated sheetings;

• Conical dome roof covered by trapezoidal
profiled sheeting.

Figure 3. Aerial view of the collapsed silos 
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The thickness of the corrugated steel sheets used 
for the silo wall varies along the height from 0,80 
mm to 1,25 mm. The sheets were produced from 
HX420 steel grade. For splicing of the sheets bolts 
M10 bolts of 8.8 grade have been used. The bolt 
holes’ diameter was 12mm. 

The collapse of the first silo occurred on 16.08.2021 
at 8:30 a.m. during discharging. The failure of the 
first silo triggered the collapse of the adjacent silo 
which was pulled by the connecting walkway. The 
failure of the first silo started with the tearing of 
one of the lowest wall segments and progressed 
upward through the vertical line with bolt holes 
required for attaching the vertical exterior stiffener 
(Fig. 4). 

The main conclusions from the site investigation 
and results of design checks are as follows: 

• The wall segment fracture took place along
the net cross-section of the sheet where
high tensile stresses exceeding the tensile
strength of the steel of the corrugated
sheets were present;

• The original structural design calculations
did not pay attention that the discrete
supports put the collapsed silo into a more
unfavourable service class.

• The thermal actions due to temperature
variations (e.g. thermal ratcheting) were
not taken into account;

• The influence of the oversized bolt holes
was neglected.

Figure 4. Silo wall debris with zones of tearing 

4 Computational modelling of the 
steel silo failures 

Traceable distribution of the internal forces and 
deformations in structural parts with a possibility 
of verification by hand calculations is desirable 
when creating computational models for failure 
analyses. These models should be as practical to 
use as possible but not too simplified. The main 
question is which characteristics of the structural 
members, structural materials and loads have to be 
included in the specific computational model and 
to what extent these characteristics have to be 
idealized. 

The following items have to be clarified when 
planning the computational models: 

• The objective of the study - a complete
design check of the individual silo or/and
the silo battery; an investigation focused
on a specific moment of facility operation;
an investigation of the stress-and-strain
state of the structure just before the
collapse; a post-failure analysis of and/or
monitoring the structure condition;

• Availability of technical documentation
and data required for modelling;

• The actual characteristics of the used
structural materials;

• The dimensions and positions of individual
structural elements (geometry of the
studied silo, updated after on-site
inspections and measurements);

• Loads and loads cases relevant to the
objective of the study.

To study the collapse of the roof structures of the 
silos described above, 3D computational models 
including only the conical dome were developed, as 
the other parts of the silos were not affected by the 
roof failures. The focus of the study was on 
determining the load-bearing capacity of the 
domes. For this reason, two different options for 
the connections between the components of the 
conical domes were modelled.  

The radial ribs and rings are modelled with frame 
FE. The roofing is modelled by shell FE. The dome is 
supported by 2 connections at each rib. 
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The silos which collapsed after failures of the 
cylindrical wall had capacity of 1700 m3 and were 
supported by columns (discretely supported). 
According to the EN 1993-4-1 [6], these silos fall 
into Consequence Class 3 and the membrane 
theory is not recommended. Instead, FEM-analysis 
has to be applied. Therefore, several 3D 
computational models of the complete silo 
structure have been created to study the failure of 
the silos (Fig. 5). The purpose is to answer 
questions related to the moment of the damage: 
where did it start from, what was the sequence of 
the failure. In this regard, only the loads and load 
combinations which are directly related to the 
moment of the collapse (including thermal actions 
due to ambient temperature variations [6]) were 
included in the numerical analysis. 

Figure 5. Visualisations of the complete silo models 

The cylindrical wall, the dome and the hopper of 
the silo are modelled by shell FE. The supporting 
columns, bracing system, vertical stiffeners, dome 
ribs and rings and some bolts are modelled as 
frame FE. The walkways arranged on top of the 
dome roof are not modelled, but are accounted for 
in the computational models by additional loads. 
For the sake of simplification, the corrugated 
sheets of the cylindrical silo wall are modelled by 
smooth, orthotropic shell FE with equivalent 
orthotropic properties in compliance with [6]. The 

foundation of the silo is modelled as a series of rigid 
supports. 

5 Main analysis results and their 
interpretation for the of silo totally 
collapsed after its wall failure 

In order to analyse the causes of the failure and the 
collapse sequence, the changes in the 
circumferential forces in the wall segments and the 
axial forces in the vertical stiffeners are tracked.  

The maximum circumferential forces in the lowest 
wall segment with thickness t = 1,25 mm, maximum 
circumferential forces in the lowest wall segment 
with thickness t = 1,00 mm and the axial forces in 
the vertical stiffeners are shown in Table 1.  

After analysing the stress distribution before the 
failure and checking the load-bearing capacity of 
the most severely loaded parts and connections, 
the following findings were formulated: 

• The estimated peak tensile forces in the
wall segments exceed the design
resistance of their net cross-sections;

• The estimated peak tensile forces in the
wall segment splicing exceed the design
resistance of the vertical bolted
connections;

• The connecting ring made of cold-formed
L-profile cannot withstand the load
induced by the wall segment fracture and
pulling out the vertical stiffener;

• The force induced in the bolt connecting
the vertical stiffener to the supporting ring
girder following the wall segment fracture
exceeds significantly the design bolt
resistance.

By tracking the numerical results, it was concluded 
that a fracture of single wall segment or several 
wall segments can trigger progressive failure of the 
adjacent structural parts of the silo such as vertical 
stiffeners, supporting ring girder, etc.  
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Table 1. Circumferential forces in the wall segments and forces in vertical stiffener connections 

Model 
23-th/24-th wall segment

t = 1,25 mm 
21-th wall segment

t = 1,0 mm

Connection of 
vertical stiffener to 
supporting ring 

girder 
SLS ULS FRd SLS ULS FRd SLS ULS 

„Undamaged 
silo“ 

285 kN 

(tension) 

420 kN 

(tension) 

336,5 kN 

(tension) 

242 kN 

(tension) 

360 kN 

(tension) 

264,5 kN 

(tension) 

440 kN 

(compres
sion) 

660 kN 

(compres
sion) 

„Collapsed 
silo“ 

Wall segment 
fracture failure 

900 kN 

(tension) 

1100 kN 

(tension) 

630 kN 

(tension) 

760 kN 

(tension) 

1594 kN 

(tension) 

1754 kN 

(tension) 

„Collapsed 
silo“ 

Wall segment  
fractures and 

pulled out 
vertical 
stiffener 

750 kN 

(tension) 

860 kN 

(tension) 

660 kN 

(tension) 

810 kN 

(tension) 

979 kN 

(tension) 

1078 kN 

(tension) 

6 Conclusions and recommendations 
The failure investigation of the collapsed conical 
roofs of steel silos with roofing made of profiled 
sheeting supported by numerical studies and 
structural design checks allows the following 
important conclusions to be drawn: 

• Lightly sloped conical dome roofs of steel
grain silos with large diameter are highly
vulnerable to asymmetric snow loading in
combination with wind action;

• The lack of attachment of the roof cladding
made from profiled steel sheeting to the
primary structural members of the conical
dome (radial ribs and intermediate rings)
contributes to premature overall instability 
of the dome under asymmetric loading;

• The usage of oval holes for the bolted
connections between the ribs and the rings
of the dome leads to slipping of the bolted
joints and consequently to excessive
overall deflections of the dome roof which
may further increase the snow
accumulation on the roof.

Based on the above conclusions, the following 
recommendations can be proposed for improving 
the design of conical roofs of steel silos  

• It is obligatory to check the cone roofs for
combined asymmetric snow and wind
loading in climatic regions with possible
formation of larger snow accumulations on
the silo roofs;

• When no connection between the roofing
(profiled sheeting) and the supporting
dome members is provided, additional
bracing for securing the dome stability
should be included;

• The usage of oval holes for attaching the
intermediate dome rings to the radial ribs
is an unreliable structural design solution.

The failure investigation of the steel silos which 
collapsed due to failure of their corrugated wall 
segments allows the following important 
conclusions to be drawn: 

• When checking the strength of the silo
wall segments the construction category,
the impact assessment class and
Consequence Class should be taken into
account altogether;
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• It is necessary to apply a higher safety
factor when high strength steel is used and
high stress levels in the silo walls are
present;

• Steel silos operated in climatic zones
characterized by large temperature
amplitudes must be tested for thermal
actions related to subsidence of stored
grain;

• When using bolted joints with oversized
holes, the related reduction of the
connection resistance shall not be
neglected.
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Abstract 
Six fatigue tests were conducted to investigate the fatigue behaviour of CFRP-repaired compact-
tension specimens (CT specimens), considering the effects of CFRP material type, patch 
configuration and patch layer numbers. Beach marking technique and digital image correlation (DIC) 
technology were employed to depict the crack propagation and the strain distribution on the 
specimens. The differences in fatigue life and fatigue crack growth rates (FCGR) results reveal that 
CFRP patches can prolong the fatigue life, even tripling the cycle number in a test. There is a salient 
advantage in double-side repairing compared to its one-side counterpart. However, the CFRP sheet 
layer number doesn’t guarantee the strengthening efficacy. The specimen repaired by CFRP plate 
had a mixed failure mode of adhesive layer failure and CFRP debonding. The failure mode of CFRP-
sheet repaired specimens was a mix of CFRP debonding, delamination and adhesive layer failure.  

Keywords: compact-tension specimen; steel plate; CFRP; digital image correlation (DIC); fatigue life; 
fatigue crack propagation rate (FCGR). 

1 Introduction 
Metallic infrastructures subjected to cyclic loads 
including wind load and traffic load are susceptible 
to fatigue crack initiation and propagation. Crack 
propagation may cause brittle failure. Repairing 
fatigue-damaged steel components with CFRP 
material has shown many advantages including 
longer fatigue life extension[1,2], reduction of 
residual deflection and transformation of failure 
modes. Fatigue performance improvement has 
become one of the most important aspects of CFRP 
strengthening of metallic structures[3]. 

Previous research on the CFRP reparation of mode-
I cracks was based on various kinds of steel plate 
specimens including centre-cracked steel plates[4,5], 
edge-cracked steel plates[4,6], I-beams and 

rectangular hollow-section beams[7]. In the 
experiments, the specimens are predominantly 
under tension except for steel beams. CFRP 
collaborates with the steel substrate, simply 
bearing tension. CT specimen is classic in tests 
related to fracture mechanics such as fatigue crack 
growth rate (FCGR) and fracture toughness 
determination. A relatively low load could realise a 
high stress intensity factor (SIF) on the CT 
specimen[8]. Also, the specimen is under bending 
during the test. Some researchers have conducted 
experimental research on CT specimens to study 
the effects of various CFRP fatigue strengthening 
strategies[1,2,9–12]. Factors including initial damage 
level, CFRP patch configuration, CFRP material 
quantity and even steel types of different ages[9–12] 
were under investigation. However, the 
experiments on double-side repaired CT specimens 
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are relatively limited. CFRP material type is also 
worth further examination.  

This paper designs fatigue tests on CT specimens to 
find out the effects of CFRP material type, CFRP 
material quantity and patch configuration on repair 
efficiency. Fatigue life comparison and FCGR 
analysis help to qualitatively determine the 
contribution of different CFRP patches. Strain data 
obtained via DIC technology and strain gauges 
provide insight into the mechanism. This paper 
offers guidance to prospective metallic structure 
fatigue strengthening strategies employing CFRP 
material. 

2 Experimental program 
The tests were conducted at the Key Laboratory of 
Performance Evolution and Control for Engineering 
Structures, Tongji University. Six specimens were 
prepared and tested. Parameters including CFRP 
material type, CFRP patch configuration and layer 
numbers were taken into consideration during the 
design of the program. The designation of six 
specimens and their CFRP repair parameters are 
shown in Table 1.  

Table 1 Specimen No. and repair parameters 

Spec. 
No. 

Patch 
configuration 

CFRP 
material type 

CFRP layer 
No. on 

each side 

U-1 Unrepaired 
(benchmark) N/A N/A 

R-S-2 Single-side 
strengthening 

CFRP sheet 
(FTS-C8-30) 

2 

R-D-1

Double-side 
strengthening 

1 
R-D-2 2 
R-D-4 4 

R-D-1P CFRP plate 
(HM-1.4 T) 1 

2.1 Material properties 

CT specimens were manufactured from an 8-mm-
thick China GB Standard Q355B steel plate. Tensile 
test results, the mechanical properties of CFRP 
plates, CFRP sheets and the adhesive are shown in 
Table 2. The property data of CFRP plates and 
adhesive are provided by the manufacturer. 
Ref.[13] provides the mechanical properties of the 
CFRP sheets which is identical in this experiment. 
Araldite 2014, as a kind of two-component 

thixotropic adhesive, features heat resistance to 
120℃ and can be exposed to water and various 
chemicals. Room temperature is suitable for its 
curing. All the characteristics benefit practical 
repairing work and structure durability after 
strengthening construction.  

Table 2 Material properties 

Material 
Tensile 

modulus 
[GPa] 

Tensile 
strength 

[MPa] 

Thickness 
[mm] 

Steel 199.66 

356.28 
(Yield) 

7.68* 
496.5 

(Ultimate) 

CFRP 
sheet 

681.3 
(Longitud.) 

1967 
(Longitud.) 

0.143 
26.2 

(Transv.) 
205 

(Transv.) 
CFRP 
plate 

162 
(Longitud.) 

2439 
(Longitud.) 1.4 

Adhesive 4 26 0.65~1.31 
*Note: After rust removal.

2.2 Specimen preparation 

The geometry and details of the CT specimen are in 
accordance with ASTM E647. The critical size 
parameter of CT specimen W is 70 mm and the 
thickness is around 7,68 mm after the surface 
preparation, removing the rust. The length of the 
initial artificial crack is 0,2W = 14 mm, ASTM E647-
suggested minimum dimension[14]. The width of the 
initial artificial crack is 0,2 mm. Figure 1 exhibits the 
detailed dimension of the CT specimen.  

Figure 1 CT specimen dimensions 

The CT specimens were sandblasted and cleaned 
with alcohol before being bonded to CFRP. CFRP 
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patches covered the uncracked part of CT 
specimens. The direction of CFRP fibers was 
perpendicular to the artificial crack. When pasting 
CFRP material, to improve the integrity of the 
repaired specimen, multiple heavy steel plates as 
dead weights were placed on the specimens, 
covered and isolated by a plastic membrane until 
the adhesive got completely cured. It helped to 
reduce pores in the adhesive and bring a flatter 
specimen surface. All repaired specimens were 
placed at room temperature for at least 4 days to 
guarantee enough curing time. Roughly, every 
layer of CFRP sheet pasted contributed an average 
thickness of 1,23 mm to the specimen. One layer of 
CFRP plate pasted would add approximately 2,05 
mm. To obtain the overall strain distribution of the
specimens under tension loading, a digital image
correlation (DIC) system was deployed. Hence, one
day before testing, one side of each specimen was
painted with black speckles and white background.
Specimen U-1 and Specimen R-D-4 are shown in
Figure 2.

Figure 2 Specimen U-1 & Specimen R-D-4 

2.3 Test instruments setup 

CT specimens were fixed on two pairs of 
customized clevis and pin and then gripped by an 
MTS servo-hydraulic test machine. Correlated 
Solutions® 3D DIC equipment was set in front of the 
specimens’ spray-painted side. Figure 3 displays 
the specimen and test instruments setup including 
the specimen, the fixtures, DIC equipment and the 
MTS machine. 

Strain gauges were attached to the steel surface for 
Specimen U-1 and Specimen R-S-2 and the CFRP 
surface for other repaired specimens to monitor 
the strain during the fatigue test. Back-face strain 
gauges were employed to roughly estimate the 

crack length during fatigue loading. All the strain 
gauges had a uniform resistance of 120 Ω. 

2.4 Loading scenario 

There was a preloading before the formal fatigue 
testing. The specimens were slowly loaded to 12.5 
kN of tension force which is the same as the 
maximum load Pmax in the fatigue tests to eliminate 
the potential void and ensure contact between 
loading pins, clevises and the specimen. 

Figure 3 Test site and instruments 

Generally, the fatigue loading was a tension-
tension sinusoidal wave at a frequency of 10 Hz. A 
common beach-marking technique was applied to 
construct the relationship between crack length a 
and fatigue loading cycles N since crack 
propagation was covered by CFRP patches, 
especially for double-side repaired specimens. In 
this widely-used mechanism, base-line cycles are 
interrupted by marker load cycles[8]. Base-line 
cycles NB consisted of a desired force range ΔP of 
11.25 kN and a force ratio R of 0.1. The maximum 
force Pmax was 12.5 kN and the minimum force Pmin 
was 1.25 kN. Base-line cycles NB contributed most 
of the crack propagation. Marker load cycles NM 
maintained the same Pmax but raised Pmin to a level 
of 6.875 kN where the force ratio R became 0.55. 
Slim and dark curves were then created on the 
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crack surface due to the drop of FCGR in marker 
load cycles. To make sure there are enough beach 
marks left on every fracture surface to delineate 
the crack propagation, NB and NM varied depending 
on each specimen’s strengthening scenario, 
showed in Table 3. 

Table 3 Beach marking loading scenario & results 

Spec. 
No. 

Base-line 
cycles 

per round 

Marker load 
cycles 

per round 

Completed 
round No. 

(Marker No.) 
U-1 12 000 7 200 7 

R-S-2 15 130 9 000 8 
R-D-1 18 090 10 000 10 
R-D-2 18 090 10 000 16 
R-D-4 20 110 13 500 12 

R-D-1P 18 000 10 000 12 

A 90-second pause was inserted between the base-
line cycles and marker load cycles. During the break, 
the MTS machine held the force at the value of Pmax 
so that the DIC system could capture a still 
photograph of the CFRP surface under which crack 
extended to various lengths. The entire loading 
scenario is illustrated in Figure 4.  

Figure 4 Beach marking loading technique 

To protect the MTS equipment, a protective 
program of displacement and force interlock was in 
service throughout the experiment. The hydraulic 
flow in the actuator stopped when CT specimens 
reached the final fracture and the upper gripper 
rose over 4 cm. Since 4 cm was not enough for the 
crack penetration due to the plasticity of steel, the 
specimens were broken by a displacement-
controlled quasi-static tension loading at last so 
that the fracture surfaces could be observed.  

3 Fatigue test results and analysis 

3.1 Fatigue life and crack propagation 

Final fractures always happened in base-line cycles 
when the SIF value of the crack KI increased to the 
fracture toughness KC at this thickness. In fatigue 
life normalization, beach marker cycles were 
converted to base-line cycles via Eqn.(1) in which m 
= 3 following previous research[15]. 

𝑁𝑁M
𝑁𝑁B′

= (
∆𝑃𝑃B
∆𝑃𝑃M

)𝑚𝑚 (1) 

The normalised fatigue life of each specimen is 
presented in Table 4.  Results show that bonded 
CFRP patching elongated the fatigue life of CT 
specimens. The fatigue life of Specimen R-S-2 was 
less than 70% of R-D-1. It proves that double-side 
repairing performs better than single-side 
strengthening when the same amount of material 
is put into service. Intuitively, more CFRP material 
would lead to longer fatigue life, but Specimen R-
D-4 challenged the idea as it behaved no better 
than Specimen R-D-2 while consuming twice the 
high-performance polymer as the latter did. This 
exemplifies that the effect of repairing is nonlinear 
when the variable is CFRP sheet layer number. 
Excessive patches cannot improve the fatigue 
performance of cracked specimens more.  

Table 4 Test results of fatigue life 

Spec. 
No. 

Base-line 
cycles 

NB 

Marker 
load 

cycles 
NM 

Normd. 
fatigue 

life 

Fatigue 
life 

extn. 
ratio 

U-1 95 037 50 400 101 337 N/A 
R-S-1 131 329 72 000 140 329 1.38 
R-D-1 190 124 100 000 202 624 2.00 
R-D-2 298 486 160 000 318 486 3.14 
R-D-4 251 800 162 000 272 050 2.68 

R-D-1P 224 100 120 000 239 100 2.36 

Three typical fracture surfaces are shown in Figure 
5. Each specimen contained at least 7 clear beach
marks owing to the customized NB and NM. The
crack propagation curves are shown in Figure 6.
The crack lengths a were all extracted from the very 
front of each beach mark, and the corresponding
cycles N were also normalized as referred above.
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Figure 5 Fracture surfaces of specimens 

Figure 6 Crack propagation curves 

A closer beach mark observation and comparison 
reemphasize the constraint effect of CFRP patching 
on fatigue crack propagation. The crack of 
Specimen R-S-2 grew faster on the free side, 
echoing previous research[16]. The crack front 
deviated from the midline and got closer to the free 
surface. The absence of CFRP bridging effects 
which could reduce the crack opening 
displacement (COD) contributed to the faster crack 
propagation on the free side. Also, the CFRP 
diverged the stiffness center from the geometric 
axis of symmetry, inducing an out-of-plane bending 

moment which even fostered localized crack 
opening and growth. Similar mechanisms are 
explained in Ref.[17].  

3.2 Fatigue crack growth rate 

The FCGR of every specimen was computed 
employing secant method explained in ASTM 
E647[14]. Secant method regards the average FCGR 
between two beach marks as the FCGR at the 
midpoint. The relationship between FCGR da/dN 
and crack length a is plotted in Figure 7. Compared 
to Specimen U-1, all CFRP reparations diminish 
FCGR. During the early half of the crack 
propagation of Specimen R-D-2, R-D-4 and R-D-1P, 
CFRP even forestalled the FGCR growth compared 
to some center-cracked steel plates in previous 
research[18].  

Figure 7 Fatigue crack growth rate vs. crack length 

The FCGR of Specimen R-D-1 and Specimen R-D-1P 
were close. Shear lag between CFRP sheets impairs 
the effect of outer  layers, causing the resemblance 
that four and two layers of CFRP sheets (Specimen 
R-D-4 and R-D-2) performed similarly well at the
beginning. Four-layer CFRP sheets faced efficacy
decline earlier probably because its thickness
induced higher stress concentration around the
pasting edge, accumulating more damage under
fatigue loading.

Single-side strengthening, though operative 
compared to the benchmark Specimen U-1, was 
not able to preclude fatigue crack growth 
acceleration even at the very first 3 millimetres in 
contrast to its counterpart R-D-1 with the same 
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CFRP sheet material consumption, betraying 
disadvantage.  

3.3 Strain characterization and analysis 

The overall strain field of each specimen at 
different cycle numbers was calculated and plotted 
by Correlated Solutions VIC-3D® software from the 
images shot by industrial cameras. Figure 8 and 
Figure 9 are the strain contour plots of Specimen R-
D-1 after the 10th base-line cycle round. The photo 
was taken when the tension force was 12,5 kN. The 
horizontal strain contour plot (εxx) provides a 
clearer and more conservative crack length 
estimation compared to the vertical strain contour 
plot (εyy). Previous research[19] has proved the 
viability of accurate crack size monitoring by DIC 
technology. This experiment uncovers the 
potential of visual crack size estimation via DIC 
even when the steel surface is covered by CFRP 
material. A possible reason for the unexpected 
mottles of strain irregularity on the contour plots is 
that hand lay-up of the CFRP sheets introduced 
unavoidable unevenness to the patch surface. 
Residual air bubbles and defects near the edges 
during pasting might account for the localized 
strain fluctuations as well. 

Strain gauge data reveal that crack propagation 
causes the CFRP to share more force. Moreover, 
transitions from compressive to tensive strain 
values appear on certain gauge points. It indicates 
that crack growth alters the stress distribution and 
the way CFRP sustains the load. A strain gauge 
labelled as Point B on the CFRP plate was 31 mm 
away from the artificial crack tip. Figure 10 
demonstrates that the strain was negative at the 
beginning of the fatigue test since Point B was far 
from the crack and at the compressive zone of the 
specimen. Later the strain value rose and turned 
positive. It means CFRP at Point B was under 
tension and then shared an increasing load, 
indicating that crack growth reduced the net 
section of the CT specimen and the compressive 
zone shrank. The strain value plunged at the end of 
the test drastically, signifying the severe damage in 
the CFRP repair system and portending the final 
failure. 

Figure 8 Strain field of εxx of Specimen R-D-1 

Figure 9 Strain field of εyy of Specimen R-D-1 

Figure 10 Max & min strain of gaging point B on 
CFRP plate 

The bending moment on CT specimens is 
considerable, thus there is compressive stress on 
the cracked section though the external load is 
tension. The compressive zone is also conspicuous 
on the vertical strain contour plot (εyy, Figure 9). 
Different from previous research predominantly 
taking advantage of the tensile performance of 
CFRP, in this paper CFRP simultaneously resists 
tension and compression together with the CT 
specimen. CFRP combined with steel substrate is 

Steel

31

Strain gauge

Specimen R-D-1P
CFRP plate surface

B
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less likely to buckle under compression. Hence, In 
the future CFRP may play other roles in structure 
strengthening besides simply bearing tension. 

3.4 Failure modes 

Figure 11 shows possible failure modes of CFRP-
repaired steel components, edited from Ref.[16] 
and [20]. 

Figure 11 Possible failure modes of CFRP-repaired 
steel components [16,20] 

CFRP-sheet-repaired specimens had analogous 
failure modes. The failure mode description of 
CFRP patches is divided into two parts, as Figure 12 
presents, caused by fatigue loading and the final 
monotonic tensile loading, respectively. Since 
there is a great disparity in the ultimate strain 
between CFRP sheets and steel, the failure modes 
of monotonic tensile loading were mainly CFRP 
rupture and delamination. With greater 
importance, the failure mode of fatigue loading 
was a mixed-mode of the-innermost-layer CFRP-
adhesive interface debonding, the-innermost-layer 
CFRP delamination and limited adhesive layer 
failure owing to a different mechanism.  

Figure 12 Failure modes of Specimen R-D-1

Specimen R-D-1P presented characteristics of 
adhesive layer failure as well as CFRP plate-
adhesive interface debonding. In Figure 13 the light 
grey area with white mottles along the crack 
propagation trajectory was damaged adhesive. The 
darker area with some lustre which is close to the 
edges of the interface, with no obvious features of 
adhesive layer failure, indicates CFRP plate-
adhesive interface debonding failure. It implied 
that the periphery of the CFRP plate was not fully 
working with the specimen under fatigue loading 
and debonding happened during the test. Slow-
mode on-site recordings’ replay, as Figure 14 
shows, corroborates the explanation. Specimens 
repaired with CFRP sheets presented no similar 
signs. Ideally, the CFRP plate should have 
maintained integrity with the steel. However, the 
test shows that since CFRP plate is more rigid than 
wet-lay-up CFRP sheets, the bonding quality of 

CFRP-plate-repaired specimens, generally, is not as 
good as CFRP-sheet-repaired ones. Thus, though 
the unit tensile stiffness of the CFRP plate on each 
side is 226.8 GPa, even slightly higher than two-
layer CFRP sheets of 194.86 GPa, The FCGR of 
Specimen R-D-1P is barely comparable to Specimen 
R-D-1, instead of Specimen R-D-2.

Figure 13 Failure modes of Specimen R-D-1P 
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Figure 14 Debonding cracks of Specimen R-D-1P 

4 Conclusions 
Six fatigue tests were conducted on CT specimens 
repaired by CFRP to learn the influence of CFRP 
patch configuration, material type and quantity on 
fatigue life and FCGR. Beach marking technique 
and DIC technology recorded the crack propagation 
and strain distribution on the specimens. To 
summarize the analysis and discussions above, the 
following conclusions are drawn: 

1. CFRP reparation shows salient improvement
in the fatigue life of CT specimens. The fatigue
life increased by 214% when the specimen has
two layers of CFRP sheets pasted on both sides. 
Double-side strengthening prevails compared
to single-side reparation and should be
recommended in practice.

2. CFRP reparation reduces FCGR and even
forestalls the growth of FCGR in double-side
strengthening scenarios. The increase of CFRP
sheet layers can extend the fatigue life only
within a limit due to shear lag and other
reasons. In the experiment, four-layer CFRP
sheets on each side show no advantage
compared to two layers. One-layer CFRP plate
on both sides offers good but not
distinguished results due to its pasting defect
sensitivity caused by material rigidity, showing
similar improvement as the one-layer CFRP
sheet demonstrates.

3. DIC technology exhibits an estimation of
fatigue crack size even when the steel is
shielded by CFRP material. CFRP was
simultaneously under tension and
compression, providing the steel substrate

with resistance to the external load. Crack 
propagation alters the strain distribution and 
more CFRP material is put into tension as the 
crack grows. 

4. Failure modes of all specimens are mixed-
mode. CFRP debonding weakens the repair
efficacy of CFRP plates, meanwhile adhesive
layer failure also exists. The mixed failure
mode of CFRP debonding, delamination and
limited adhesive layer failure reigns in the CT
specimens strengthened by CFRP sheets.
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Abstract 
In recent years, high-strength bolt friction joints have been becoming larger and longer owing to the increase 
in load and need for the rationalization of steel members. However, as the length of the joint increases, the 
force that the bolted joint can resist decreases because the distribution of the bolts inside the joint becomes 
uneven. The present study proposes a method that improves the slip strength of a long friction bolted joint 
by combining it with the bearing type joint. Finite element (FE) analysis was conducted to clarify the load 
share and slip strength of the hybrid joint. From FE analysis result, we found that the slip load/design slip 
strength ratio of the long friction bolted joint is 0.83, while the ratio of the hybrid joint B2 with bearing type 
bolts installed at each end of the joint is 0.94 and 0.98 in the B4 case. Therefore, it could be concluded that 
the hybrid joint with bearing type bolts installed at both ends of the long friction bolted joint can effectively 
improve its slip strength. 

Keywords: long bolted joint; friction type bolt; bearing type bolt; high-strength bolt; slip strength. 

1 Introduction 
High-strength bolts are widely used when 
constructing steel bridges to fasten steel members 
together through a frictional joint to resist force[1]. 
In recent years, owing to the increase in load and 
need for the rationalization of steel members, high-
strength bolt (HSB) frictional joints  have become 
larger and longer[2,3] , as shown in Figure 1. 

The structural design of long or large high-strength 
bolt frictional joints has several problems. There 
are concerns that larger HSB frictional joints can 
reduce cross-section area due to drilling. Therefore, 
a reasonable compact joint structure must be 
developed to allow the use of fewer bolts to 

transmit more load, which could also improve the 
service limit capacity of the joints. 

Figure 1 Long bolted joints at bottom flange 

On the other hand, as the length of the joint 
increases, the actual force that can be withstood 

10-rows

Bottom Flange
Low transfer of load 

Web
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decreases to lower than the designed strength 
because the distribution of the bolts inside the joint 
becomes uneven. 

As joint length increased with an increasing 
number of bolts in a line, the differential 
deformations in the connected plate caused the 
shear failure at the end bolts before all bolts could 
develop their full shearing strength. This 
“unbuttoning” phenomena was observed for all 
types of fasteners including rivets [4]. Kamei et 
al.[5] also showed that the serviceability limit 
strength decreases by about 2.5% for each 
additional row. In addition, Eurocode 3, ECCS, and 
ISO/TC specify that the resistance should be 
reduced by a factor of 𝛽𝛽𝑟𝑟𝑟𝑟  when the spacing 
between the first and last bolt in a joint is larger 
than 15d [6–8]. Furthermore owing to the non-
uniformity of load sharing, the bolts cannot 
fracture simultaneously, and the ultimate limit 
bearing capacity also decreases [9–11]. Therefore, 
the non-uniformity of load sharing in the axial 
direction of the joint must be solved. 

𝛽𝛽𝑟𝑟𝑟𝑟 = �
1 (𝐿𝐿 ≦ 15𝑑𝑑)
1.08 − 𝐿𝐿/(200𝑑𝑑) (15𝑑𝑑 < 𝐿𝐿 ≦ 65𝑑𝑑)
0.75 (65𝑑𝑑 < 𝐿𝐿)

 (1) 

We propose a method to improve the slip strength 
of a long friction bolted joint by combining it with a 

bearing type joint (hereinafter known as the hybrid 
joint). Previous studies[12,13] have suggested 
hybrid joints of friction type bolts combined with 
bearing rivets; however, the generally low and 
uncontrollable slip coefficients due to the contact 
surfaces of riveted joints make it difficult to 
effectively design hybrid joints with friction type 
bolts and rivets. The present study focuses on the 
slip strength of the hybrid joint, and the finite 
element (FE) analysis was conducted to clarify the 
load share and slip strength of the hybrid joint. 

2 FE Analysis 
2.1 Introduction of model 

A general-purpose structural analysis software, 
Abaqus/Standard 2020, was utilized to perform 
three dimensional elastoplastic finite displacement 
analysis [14].  

The analytical model was based on a 12-row bolted 
friction joint, as shown in Figure 2. The thickness of 
the main plate was 75 mm and that of the splice 
plates was 38 mm. The load is applied by forced 
displacement from the edge, and the analysis 
conducted for half the model with the center of the 
joint in the longitudinal direction set as the axis of 
symmetry.  

Figure 2 Geometrical configurations of original case Figure 3 Stress–strain curves of 
materials considered 

Table 1 Summary of material properties 

Member Material 
Yong's modulus 

𝐸𝐸 
Poisson's ratio 

𝑣𝑣 
Yield strength σ𝑦𝑦 

[𝑁𝑁/𝑚𝑚𝑚𝑚2] 
Ultimate strength 𝜎𝜎𝑢𝑢 

[𝑁𝑁/𝑚𝑚𝑚𝑚2] 

Connected and 
Splice Plate SM490Y 206,000 0.29 365 490 

HSB F10T 200,000 0.3 900 1090 
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Figure 4 Schematic illustration of FE model and mesh divisions 

Table 2 Summary of FE analysis cases 

Fastener number Clamping force 
of bearing bolt 

#1 #2 #3 #4 #5 #6 #7 #8 #9 #10 #11 #12 
Original ○ ○ ○ ○ ○ ○ ○ ○ ○ ○ ○ ○ - 
B1#1 ● ○ ○ ○ ○ ○ ○ ○ ○ ○ ○ ○ 205𝑘𝑘𝑁𝑁 
B1#1-NCF ● ○ ○ ○ ○ ○ ○ ○ ○ ○ ○ ○ 0𝑘𝑘𝑁𝑁 
B1#6 ○ ○ ○ ○ ○ ● ○ ○ ○ ○ ○ ○ 205𝑘𝑘𝑁𝑁 
B1#6-NCF ○ ○ ○ ○ ○ ● ○ ○ ○ ○ ○ ○ 0𝑘𝑘𝑁𝑁 
B1#12 ○ ○ ○ ○ ○ ○ ○ ○ ○ ○ ○ ● 205𝑘𝑘𝑁𝑁 
B2 ● ○ ○ ○ ○ ○ ○ ○ ○ ○ ○ ● 205𝑘𝑘𝑁𝑁 
B2-NCF ● ○ ○ ○ ○ ○ ○ ○ ○ ○ ○ ● 0𝑘𝑘𝑁𝑁 
B4 ● ● ○ ○ ○ ○ ○ ○ ○ ○ ● ● 205𝑘𝑘𝑁𝑁 
B4-NCF ● ● ○ ○ ○ ○ ○ ○ ○ ○ ● ● 0𝑘𝑘𝑁𝑁 
B12 ● ● ● ● ● ● ● ● ● ● ● ● 205𝑘𝑘𝑁𝑁 
B12-NCF ● ● ● ● ● ● ● ● ● ● ● ● 0𝑘𝑘𝑁𝑁 
R10B2 ● ○ ○ ○ ○ ○ ○ ○ ○ ○ ○ ● 205𝑘𝑘𝑁𝑁 
R10B4 ● ● ○ ○ ○ ○ ○ ○ ○ ○ ● ● 205𝑘𝑘𝑁𝑁 

○:Friction bolt; ●:Bearing bolt

Material properties and stress-strain curves of the 
material of the analysis are shown in Table 1 and 
Figure 2. SM490Y material was used for the main 
plate and splice plates [15], and both the friction 
and bearing type HSBs had material properties of 
F10T material [16]. All material properties were 
modeled by a trilinear with a quadratic gradient of 
𝐸𝐸/100, and the ultimate strength was considered. 

The mesh division of the analytical model is shown 
in Figure 4. The mesh size of the main plate was set 
to 1/15 (5 mm) relative to the plate thickness 
direction. The mesh size of the friction type bolt 
was set to 2 mm, the bearing type bolt to 2.9 mm, 
the washer to 3 mm, and the nut to 5 mm, as shown 
in Figure 4. The elements applied in the model were 
three-dimensional eight-node solid elements with 
reduced integration (C3D8R). 
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Table 3 Design strength of original case [Unit: kN] 

Resistance per fastener Cross-section 
yield strength 

𝐹𝐹𝑟𝑟𝑦𝑦 

Ultimate tensile 
strength 
𝐹𝐹𝑟𝑟𝑢𝑢 

Slip 
strength 
𝐹𝐹𝑟𝑟𝑑𝑑 

Shear yield 
strength 
𝐹𝐹𝑟𝑟𝑑𝑑𝑦𝑦 

𝛽𝛽 
𝐹𝐹𝑟𝑟𝑑𝑑/𝐹𝐹𝑟𝑟𝑦𝑦 *Slip

resistance 
*Bearing

resistance
*Shear yield
resistance

164 972.9 450.76 2367.9 3535.7 1968 5409.1 0.83 

Contact boundaries are set between the main plate 
and splice plates, between the bore wall and bolt 
shank, and between the washer and splice plates 
to reproduce the conditions of contact, separation, 
and fixation, respectively. For boundary 
nonlinearity, contact was modelled by the penalty 
method and friction by isotropic Coulomb friction. 
The analysis was based on the specification for 
road bridges, and the friction coefficient was set to 
its minimum value of 0.4 [17,18]. 

The present study is defined with reference to the 
Architectural Institute of Japan [19] that states that 
slip occurs when the relative displacement reaches 
0.2 mm, where the relative displacement for the 
main and splice plates is measured 10 mm from the 
center of the joint. 

2.2 FE analysis case 

All of the analysis cases are shown in Table 2. The 
parameters were the placement of the bearing 
type bolt and friction type bolt, with or without the 
clamping force of the bearing type bolt. B1#1 
indicates that the bearing type bolt was installed in 
bolt number #1. B2 is the case where outer #1 and 
inner #12 are placed on the bearing type bolt. 

2.3 Design strength 

The design strength of the original case is shown in 
Table 3. To investigate the load sharing status and 
mechanical behavior of a single bolt, the load 
carrying capacity (slip capacity, bearing capacity, 
and shear capacity) per bolt was calculated using 
Eqs. (2-4), and the design strength of the whole 
bolted joint was calculated using Eqs.(4-8).  

Since the reduction factor and the judgment of slip 
between Japan and Europe was different, this 
paper to convenient evaluating of the slip strength, 
the reduction factor of joint length was not 
considered here. 

𝐹𝐹𝑟𝑟𝑑𝑑1 = 𝜇𝜇 × 𝑁𝑁 × 𝑚𝑚 (2) 
𝐹𝐹𝑟𝑟𝑑𝑑1 = 1.5 × σ𝑦𝑦 × 𝑡𝑡 × 𝑑𝑑𝑑𝑑 (3) 

𝐹𝐹𝑟𝑟𝑑𝑑𝑦𝑦1 = σ𝑑𝑑𝑦𝑦/√3 × 2π × (0.5𝑑𝑑𝑑𝑑)2 (4) 

𝐹𝐹𝑟𝑟𝑦𝑦 = (𝑤𝑤 − 𝑑𝑑0)𝑡𝑡 × σ𝑦𝑦 (5) 

𝐹𝐹𝑟𝑟𝑢𝑢 = (𝑤𝑤 − 𝑑𝑑0)𝑡𝑡 × σ𝑢𝑢 (6) 
𝐹𝐹𝑟𝑟𝑑𝑑 = 𝐹𝐹𝑟𝑟𝑑𝑑1 × 𝑛𝑛𝑐𝑐𝑐𝑐 (7) 

𝐹𝐹𝑟𝑟𝑑𝑑 = 𝐹𝐹𝑟𝑟𝑑𝑑𝑦𝑦1 × 𝑛𝑛 (8) 

where 𝜎𝜎𝑦𝑦  and 𝜎𝜎𝑢𝑢  are the yield and ultimate 
strengths of the connected plate, respectively; 𝜇𝜇 is 
the slip coefficient, 𝑁𝑁 is the clamping force of the 
bolts; 𝑚𝑚 is the number of shears planes; 𝑑𝑑𝑑𝑑 is the 
diameter of the HSB; 𝜎𝜎𝑑𝑑𝑦𝑦 is the yield strength of the 
HSB; 𝑤𝑤 is the width; 𝑑𝑑0 is the hole diameter; 𝑛𝑛𝑐𝑐𝑐𝑐 is 
the number of HSBs, which indicates the fastened 
clamping force; and 𝑛𝑛 is the number of HSBs. 

3 Results and discussions 

3.1 Deformation and Relative displacement 
of the joints 

The relationship of the overall displacement of the 
joint and load is shown in Figure 5, where the 
overall displacement is taken from the front end of 
the main plate. From Figure 5, it was found that all 
the cases have almost the same overall initial 
stiffness. However, the point at which the gradient 
changes was different for all the cases. The original 
case is the first that undergoes non-linear change, 
followed by the B1 case with 1 bearing type bolt. 
The gradient change point is the same for the B4 
case with 4 bearing type bolts and the B12 case 
with 12 bearing type bolts because of the 
occurrence of the cross-section yielding of the joint. 
Because of joint cross-sectional failure, the 
stiffness after slip converges. In addition, we found 
that the clamping force fastening the bearing type 
bolts slightly increased the slip load but had little 
effect on the overall load sharing. 
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Figure 5 Relationship between load and overall 
deformation 

Figure 6 Relationship between load and relative 
displacement 

Figure 7 Ratio of slip load and designed slip strength 

The relationship of the relative displacement of the 
joint and load is shown in Figure 6. Owing to the 
imbalance of load sharing, load decrease in the 
original case occurs (1858 𝑘𝑘𝑁𝑁) before the designed 
slip strength is reached(1968 𝑘𝑘𝑁𝑁), and for the slip 
load, the original case's load was 1594 𝑘𝑘𝑁𝑁  when 
the relative displacement was 0.2 𝑚𝑚𝑚𝑚 . The slip 
load was reduced by about 19% from the designed 
slip strength. However, for the B2 case, which had 
bearing type bolts, load decrease at the joint did 
not occur, and non-linear change in the curve 
occurred around 2387 𝑘𝑘𝑁𝑁 ; it may be considered 
that the change in the gradient is because of a 
cross-section yield. B4 and B12 cases have almost 

* The present analysis model's structural parameters are the same as peng's, except peng's slip coefficient is 0.5 and 𝛽𝛽 =  0.95.

the same curve and have the best load carrying 
capacity compared to other cases. 

In addition, for the Original and B1 cases, it can be 
observed that pronounced slippage occurred 
because the curves maintain a certain gradient. 
However, for the B2 and B4 cases, no significant 
slippage occurs, and their change in displacement 
can be interpreted as being due to deformation. 

For the local gradient of Figure 6, it can be found 
that the initial gradient is determined by the 
magnitude of the clamping force, and the B12-NCF 
case has the smallest gradient. However, the 
gradient of the original case gradually decreases 
due to the local slippage of the bolts by the 
unbuttoning phenomenon. However, for the cases 
which was installed bearing type bolts, the gradient 
of the joint hardly decreases because bearing 
resistance limits the slippage of the joint. 

3.2 Slip load 

The ratios of slip load to designed slip strength of 
each case are shown in Figure 7. The ratio of the 
slip load to the design slip strength for the original 
case was 0.83, and the slip load was assumed to be 
0.81 as per the experimental results of Peng et al 
[20] *. It has been reported that a larger 𝛽𝛽 results
in a greater reduction of the slip load owing to
cross-section yielding [21].
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Figure 8 Load sharing of each fastener for the original, B1#1, B2, and B2-NCF cases 

The results of the present analysis show that all 
cases of hybrid joints, except the B1 case, have 
improved the slip load of the original case, which is 
a long bolted friction joint. Among them, B4 has the 
highest stiffness and effectively improves the slip 
strength of long friction bolted joints. 

3.3 Change of load sharing behavior 

The load sharing of each fastener for the original, 
B1#1, B2, and B2-NCF cases are shown in Figure 8. 
In the original case, when the load exceeded 500 
𝑘𝑘𝑁𝑁, the outermost edge bolt #1 had a load of 143 
𝑘𝑘𝑁𝑁, and the load was not transferred any further, 
resulting in localized slip, as shown in Figure 8-a. 

The x-axis in the figure represents the bolt number, 
the y-axis represents the reaction force shared by 
each bolt, and the z-axis represents the overall 
tensile force on the joint. The shaded plane 
represents the designed slip strength of one bolt 
(164 𝑘𝑘𝑁𝑁). Where the reaction force is the sum of 
interlaminar slip resistance and bearing resistance. 

The local slip occurred in the joint in sequence from 
the outermost edge bolt to the inner bolt (that is, 
#1 to #6). Since fewer fasteners could transmit the 
load, the ability to transmit the loads of the joints 
is also reduced. It can explain the non-linear change 
in the initial gradient of the relative displacement 
and its continuous decrease in Figure 8. 

slip

a. Original case
x

y z
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Conversely, for hybrid joints with bearing type 
bolts, which are shown in Figure 8 b-c, since the 
outermost bolt will continue to transfer the load in 
a bearing manner, and even if slip has occurred at 
the bearing type bolt or adjacent bolts, the joint as 
a whole will continue to steadily transfer the load. 
In addition, the reduction in clamping force due to 
the cross-section yielding of the main plate can be 
neglected because the outermost bolt transmits 
loads in a bearing manner. 

3.4 Shear stress of outermost bolt 

The shear stress on the outermost bearing type 
bolt after the main plate of joint cross-sectional 
yield is shown in Figure 9. When the load reaches 
the cross-section yield strength, although the 
outermost bolt will share more load than the inner 
friction type bolt because it can transmit the load 
continuously, local shear yielding occurs at the 
bolts of the B1 case, but shear yielding did not 
occur for the bolts of the B2 case. 

Figure 9 Bearing type bolt's shear stress nephogram 
when the joint's cross-section was yielded. 

4 Conclusions 
In the present study, we propose a method for 
improving the slip strength of a long friction bolted 
joint by combining with a bearing type joint. An FE 
analysis was conducted to simulate the hybrid joint 
load share distribution and slip strength for the 
combined friction type and bearing type bolt. 
Based on the results obtained, the following 
conclusions were inferred: 

1. The slip load/design slip strength ratio of the
long friction bolted joint is 0.83, while the ratio 
of the hybrid joint B2 with bearing type bolts
installed at each end of the joint is 0.94 and
that of the B4 case is 0.98. Therefore, it could

be concluded that the hybrid joint with 
bearing type bolts installed at both ends of the 
long friction bolted joint can effectively 
improve its slip strength. 

2. The reduction in clamping force due to the
cross-section yielding of the main plate can be
neglected because the outermost bolt
transmits load by bearing. This is the reason
why the slip strength of hybrid joints does not
decrease significantly.

3. The load transmit ability was reduced by the
local slip occurs of long bolted joint. However,
for hybrid joints, even if slip occurs for the
bearing type bolt or its adjacent bolts, the
whole joint will continue to transfer the load
steadily, because the outermost bearing-type
bolt will continue to transfer the load in a
bearing manner.

4. Although the outermost bolt will share more
load than the inner friction type bolt, when the 
joint's cross-section was yielded, local shear
yield occurs for the bolts of the B1 case, but
shear yield does not occur for the bolts of the
B2 case.
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Abstract 
This paper mainly studies the mechanical properties of steel-concrete composite beams reinforced 
with trapezoidal prestressed un-bonded retrofit (TPUR) system. The prestressing of CFRP plate 
through the jacking of columns can not only apply the prestressing force to the main beam, but also 
provide upward lifting force to the bottom of the main beam to reduce the deflection of the original 
structure. Moreover, the surface treatment of steel beams is not required in the TPUR system, which 
can improve the speed and efficiency of reinforcement construction. The effects of the amount of 
CFRP, the prestress level, the height of the pillars and other parameters on the stiffness and bearing 
capacity of the composite beam are studied through static tests on the scaled model. 

Keywords: tension string reinforcement; CFRP plate; steel-concrete composite beam; active 
reinforcement method; flexural bearing capacity. 

1 Introduction 

1.1 Development background and existing 
problems of steel-concrete composite 
girder bridges 

The steel-concrete composite structure can give full 
play to the characteristics of concrete and steel, and 
is a sustainable form of bridge structure[1]. Due to 
the advantages of small height, short construction 
period and high degree of industrialization[2], steel-
concrete composite beams have been widely used 
in highway and urban bridge construction. There are 
some problems in the use of steel-concrete 
composite girder bridges built in the early days. On 
the one hand, with the increase of service life, 
various structural damages and quality problems 
occur in composite beams, which affect their 
bearing capacity; on the other hand, if there are 

defects in the early design, the increase of traffic 
loads will lead to insufficient overall bearing 
capacity[3]. 

1.2 Application of CFRP material in bridge 
repair 

When CFRP is used for bridge structure 
reinforcement, there are mainly two reinforcement 
methods: passive reinforcement method and active 
reinforcement method. The disadvantage of passive 
reinforcement method is that it cannot reduce the 
deformation and cannot close the cracks of the 
original structure[4]. The active reinforcement 
method is represented by the application of 
prestress to CFRP materials, which generates 
prestress in the bridge structure and redistributes 
the internal force of the original structure, which 
can effectively overcome the defects of the passive 
reinforcement method[5]. 
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Carbon fiber sheet (Laminate) is mainly divided into 
two kinds of plate and cloth[6]. In contrast, carbon 
fiber cloth has more advantages than carbon fiber 
cloth in terms of mechanical properties and 
construction convenience[7]. But the current 
application of carbon fiber board still lags behind 
carbon fiber cloth. The traditional tensile 
prestressed CFRP reinforcement method has a 
limited reduction in the midspan deflection of 
simply supported beams[8]. E. Ghafoori proposed a 
method of reinforcing steel beams with external 
prestressed CFRP plates[9], which can effectively 
reduce the deflection of the original structure 
without the need for surface pretreatment at the 
bottom of the steel beams. It is very worthy of 
reference in the reinforcement of steel-concrete 
composite beams. At present, the use and research 
of steel-concrete composite beams in China is still in 
its infancy, it is necessary to conduct in-depth 
research on steel-concrete composite beams 
reinforced with prestressed carbon fiber plates. 

2 Test plan 

2.1 Specimen Design 

A total of 4 I-shaped steel-concrete composite 
simply supported beam scale specimens were 
designed in this test. The net span of these simply 
supported composite beams are 5000mm. The 
number and location of the strain gauges and the 
construction of the composite beam are shown in 
Figure 1 and Figure 2. 

Figure 1. Vertical arrangement (unit: mm) 

Figure 2. Sectional structure (unit: mm) 

2.2 Specimen Reinforcement Scheme 

The specimen was reinforced on the lower surface 
of the steel beam with trapezoidal prestressed un-
bonded retrofit (TPUR) system. The spacing 
between two columns is 1700mm, which is the 
same as the spacing between the loading points. 
The schematic diagram of the trapezoidal 
prestressed unbonded reinforcement (TPUR) 
system is shown in Figure 3: 

Figure 3. Schematic of the TPUR system 

The reinforcement scheme is shown in Table 1: 

Table 1. Reinforcement plan 

Specimen 
number 

Width of 
CFRP 
/mm 

Thickness of 
CFRP/mm 

prestress 
level/% 

UB-0 / / / 
RB-1 50 2 10 
RB-2 50 3 10 
RB-3 50 3 15 

Among Table 1, the prestress level refers to the 
percentage value of stress (σ ) and tensile strength 
in the CFRP plates. 

2.3 Test device and loading scheme 

The loading method of this test is force-controlled 
static loading. The static test loading device adopts 
a static hydraulic loading system, a jack generates a 
concentrated force P, and the force is transmitted 
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to the two loading points on the specimen through 
the load distribution beam.  

The load classification for formal loading is 20kN. 
When the specimen is close to yield or near failure 
(the upper surface of the concrete is crushed or the 
CFRP plates fail), the load classification is changed 
to 10kN. Each level of load is held for 5~10min to 
read data and observe phenomenon. 

3 Test process and stress 
phenomenon 

3.1 Prestressing and prestress loss 
measurement of CFRP plates 

3.1.1 Tensioned CFRP plates prestressing 

After all strain gage channels and displacement 
gauge channels are set up, prestress is applied. First, 
use a jack to raise the strain in the CFRP plate to 
approximately reach the target value, and then use 
a wrench to screw the nut for precise adjustment. 
The prestress level is controlled by the CFRP plate 
strain. The prestressing process is shown in Figure 4. 

(a) jack up (b) Precise
adjustment 

(c) height
measurement 

(d) 
completed 

Figure 4. Prestressing process 

Since the strain in the CFRP plate will be lost to a 
certain extent when the jack is unloaded, the height 
of the jack needs to be slightly higher than the 
theoretical value. After unloading the jack, control 
the strain of CFRP plate to the target value 
accurately by screwing nuts on the column with a 
wrench, and make the heights of the four columns 
equal. 

3.1.2 Prestress loss measurement 

After the prestressing, the loss of the strain was 
measured. The prestress loss measurements were 
performed on the third beam and the fourth beam. 
The measurement time of stran loss for the third 
beam was 6 days and for the fourth beam was 5 
days. A representative strain loss curve is shown in 
Figure 5. 

Figure 5. Strain relaxation curve 

According to the strain loss curve, the speed of 
decrease of strain in CFRP plate gradually reduced 
with time. The curve became stable after 50 hours 
and there is no further downward trend. The 
average strain loss of the CFRP plate at each 
measuring point is 2.58%. 

According to the strain loss measurement results, 
the column jacking method can apply stable 
prestress to the TPUR system. 

3.2 Loading Process and Test Phenomenon 

Formal loading was performed according to the test 
protocol, and the loading was terminated when the 
CFRP plate was broken or the upper surface of the 
concrete was crushed.  

3.2.1 Test phenomenon and failure state of UB-0 

In the initial stage of loading, the strain at each point 
in the concrete and the steel beam increases 
linearly. The strain of the concrete and its internal 
steel bars are all negative, and the entire section of 
the concrete is in a state of compression. 

When the load reaches 200kN, the lower flange of 
the steel beam yields, and the deflection of the 
composite beam increases rapidly. When the load 
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reaches 340kN, the crackling sound of concrete 
crushing becomes louder, the bearing capacity of 
the specimen is already unstable, and the mid-span 
deflection increases sharply. When the load reaches 
350kN, the mid-span section of the concrete slab is 
crushed and damaged, and block-shaped staggered 
warping occurs, as shown in Figure 6. The final 
bearing capacity is 340kN. 

Figure 6. The crush state of the concrete of UB--0 

3.2.2 Test phenomenon and failure state of RB-1 

The height of columns of RB-1 is 168mm. When the 
load reaches 220kN, the lower flange of the steel 
beam yields, and the deflection of the composite 
beam increases rapidly. When the load reaches 
440kN, the CFRP plate emits the sound of fiber 
tearing, and the mid-span deflection increases 
sharply. When the load reaches about 450kN, the 
surface of the concrete slab is crushed and damaged, 
and a transverse crack occurs through the upper 
edge of the concrete slab at the mid-span, as shown 
in Figure 7.  

Figure 7. Surface cracks on concrete slab of RB-1 

The fractured anchoring end of the CFRP plate is in 
the form of scattered filaments, as shown in Figure 

8. The entire reinforcement system fails. The final
bearing capacity is 447kN.

Figure 8. The fracture state of the CFRP plate at the 
anchoring end of RB-1 

The CFRP plate and the upper edge of the concrete 
slab were almost destroyed at the same time. When 
the CFRP plate broke, the failure of the upper edge 
of the concrete was not serious, but it was close to 
failure. The failure of the TPUR system is almost the 
same time as the failure of the concrete slab, which 
Indicates an ideal mode of destruction. 

3.2.3 Test phenomenon and failure state of RB-2 

The height of columns of RB-2 is same as the second 
beam, which is 168mm. When the load reaches 
240kN, the lower flange of the steel beam yields. 
When the load reaches 420kN, a local fracture 
occurred at one of the anchorage ends, and a 
carbon fiber strip with a width of about 8mm fell. 
When the load reaches about 450kN, the CFRP 
board completely breaks and fails, as shown in 
Figure 9(a)(b).  

(a) Left anchor failure
state 

(b) Right anchor failure
state 
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(c) Fracture morphology
of CFRP plate at left

anchoring end 

(d) Longitudinal splitting
shape of the CFRP plate at 

the right anchoring end 

Figure 9. Destruction state of CFRP plate of RB-2 

The concrete slab was damaged immediately 
afterward, and the block-like crushing and warping 
appeared on the right side of the left loading point 
of the upper edge of the concrete, as shown in 
Figure 10. The final bearing capacity is 438kN. 

After the fracture of CFRP plate at the left anchoring 
end, the fibers of the CFRP plate are burst-like, as 
shown in Figure 9(c). The remaining CFRP plate was 
split longitudinally and dropped from the right 
anchoring end to the ground, as shown in Figure 
9(d). 

Figure 10. Concrete slab failure form of RB-2 

The failure of RB-2 is due to the premature fracture 
of the CFRP plate due to the incompatibility of the 
anchor clips, which led to the partially crush of CFRP 
plate during preload. When the CFRP plate breaks, 
the concrete slab has not yet failed. This is not an 
ideal destruction mode. 

3.2.4 Test phenomenon and failure state of RB-3 

The height of columns of RB-3 is 186mm. When the 
load reaches 270kN, the lower flange of the steel 
beam yields. When the load reaches around 470kN, 

the CFRP plate emits a slight hissing sound. When 
the load reaches 490kN, the sound of fiber tearing 
in the CFRP plate is more frequent, and the growth 
of mid-span deflection is accelerated. When the 
load reaches 510kN, the concrete slab is 
compressively damaged in the mid-span full section, 
and the concrete blocks in the mid-span are 
staggered and bulged, as shown in Figure 11. 

(a) Full-section crushing
of concrete slab at mid-

span and outside 

(b) Compression bending
of outer reinforcement at
mid-span of concrete slab

Figure 11. Concrete slab failure form of RB-3 

The CFRP plate was then torn and split continuously 
at the two anchorage clamping ends and the turning 
block position, making continuous loud noises, and 
the main form of failure was the longitudinal tear of 
carbon fiber, as shown in Figure 12. The entire 
reinforcement system failed. The final bearing 
capacity is 503kN. 

(a) Destruction at the
right anchoring end

(b) Destruction at the left
anchoring end

(c) Destruction at turning  (d)mid-span destruction

Figure 12. Destruction state of CFRP plate of RB-3 

The failure mode of RB-3 is the mid-span collapse of 
the concrete slab. After the failure of the concrete 
slab, the CFRP plate is destroyed. This is the ideal 
mode of destruction. 
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4 Test results and reinforcement 
effect analysis 

4.1 load-strain curve of steel beam 

The load-strain curves of the upper flange, web and 
lower flange of the steel beam are shown in Figure 
13. It can be seen from the figure that the stiffness,
yield load and ultimate bearing capacity of the
composite beam can be effectively improved by
increasing the cross-sectional area of the CFRP plate
and increasing the prestress level. As a result, the
strain in the upper flange,lower flange and the web
under the same load level is significantly reduced.

Figure 13. Strain in upper flange, web and lower 
flange of steel beam 

4.2 load-strain curve of CFRP plate 

Figure 14 shows the variation curve of CFRP plate’s 
strain under load in each working condition. 
Although the CFRP plate itself is a linear elastic 
material, the CFRP plate and the composite beam 
should conform to the deformation coordination, so 
the trend of the CFRP plate load-strain curve and the 
mid-span load-deflection curve is similar. 

Figure 14. Load-strain curves of CFRP plates 

The tensile stress of CFRP plates at the time of 
destruction(simply called ultimate tensile stress) 
and utilization rate of tensile strength of CFRP plates 
are shown in Table 2. As can be seen from the table, 
the premature failure of the CFRP plate of RB-2 
resulted in a strength utilization rate of only 65.11%. 
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The utilization rates of CFRP plates of both RB-1 and 
RB-3 exceeded 80%. 

Table 2. Strain increment and material tensile 

strength utilization of CFRP plate 

Specimen 
number 

Initial 
strain 

/με 

Final 
strain 

/με 

Ultimate 
tensile 

stress/M
Pa 

Tensile 
strength 
utilizati
on rate 

/% 

2 1300 10495 2047 81.18 
3 1316 8418 1642 65.11 
4 1958 10821 2110 83.70 

From the test phenomenon, the damage of the 
CFRP plate reinforced by the TPUR system mostly 
occurs at the clamping end of the anchor and the 
position of the turning block, where stress 
concentration of CFRP plates prone to occur. By 
selecting suitable anchor clips, increasing the 
contact area between the steering block and the 
CFRP plate, and avoiding sharp turning of the CFRP 
plate at the turning point, stress concentration can 
be effectively avoided and the strength utilization 
rate of the CFRP plates can be improved. 

4.3 Mid-span load-displacement curve of 
composite beam 

The mid-span deflection curves of the four test 
beams are shown in Figure 15.  

Figure 15. Load-displacement curve at mid-span 
of composite beam 

As can be seen from Figure 15, except for RB-2 
which was damaged due to the premature failure of 

CFRP plates, the ultimate deflections of the 
remaining three test beams are basically the same, 
which are 113.65mm, 112.69mm and 116mm 
respectively.  

Figure 16. Mid-span deflection at the same load 
level 

The reinforcement of the TPUR system significantly 
improved the stiffness and ultimate bearing 
capacity of the composite beam. In addition, due to 
the delay of yield, the mid-span deflection of the 
composite beam under the same load level is 
significantly reduced, as shown in Figure 16. 

4.4 Analysis of flexural bearing capacity of 
specimens 

The improvement effect of the yield bearing 
capacity of the specimens is shown in Table 3. By 
comparing RB-1 and the UB-0, it can be seen that 
the CFRP plate reinforcement increases the yield 
bearing capacity of the composite beam by about 
30kN. By comparing RB-1, RB-2 and RB-3, it can be 
seen that the increase of thickness and prestress 
level of the CFRP plate can both lead to the 
improvement of the yield bearing capacity. The 
yield load is increased by about 40% in RB-3. 

ble 3. The improvement effect of yield bearing capacity 

Specimen 
number 

Yield 
load(kN) 

increase 
rate (%) 

Mid-span 
deflection 

(mm) 

UB-0 196 / 19.69 
RB-1 224 14.3 22.56 
RB-2 243 24.0 22.07 
RB-3 274 39.8 23.72 
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The improvement effect of the ultimate bearing 
capacity of the specimen is shown in Table 4. It can 
be seen that except for the poor reinforcement 
effect of the carbon plate of RB-2 due to premature 
failure, the rest of the test beams have received 
good reinforcement effects. Among them, the 
bearing capacity of RB-3 was increased by nearly 
50%. 

Table 4. The improvement effect of ultimate 

bearing capacity 

Specimen 
number 

Ultimate 
bearing 
capacity 

(kN) 

increase 
rate (%) 

Mid-span 
deflection 

(mm) 

UB-0 340 / 114.64 
RB-1 447 31.5 114.16 
RB-2 438 28.8 86.74 
RB-3 503 47.9 112.79 

For the prestressed carbon fiber board, whether it 
is reinforced by bonded or unbonded method, it has 
a good inhibitory effect on the tensile strain of the 
lower flange of the steel beam. But unlike the 
former, the center of mass of carbon fiber plate is 
farther from the neutral axis of composite beam. 
Therefore, the increase of the amount of carbon 
fiber plate is more obvious for the improvement of 
the bending moment of inertia of the composite 
beam’s section, so the yield bearing capacity and 
ultimate bearing capacity are improved more 
obviously. 

5 Conclusion 
(1) An trapezoidal prestressed un-bonded

retrofit (TPUR) system for steel-concrete composite 
beams that does not need pasting or surface 
pretreating is proposed, and a prestressing method 
that does not require tensioning at both ends is 
designed. Greatly saves the longitudinal space at 
the bottom of the beam. 

(2) It is proved by strain loss test that the
anchorage system of the TPUR system is effective, 
the stress loss rate in the CFRP plate does not 
exceed 3%, and the prestress level becomes stable 
with time. 

(3) By increasing the prestress level and
increasing the amount of CFRP plate, the bending 
moment of inertia of the composite beam section is 
effectively improved, and the reinforcement effect 
on the yield bearing capacity and ultimate bending 
bearing capacity of the composite beam is obvious. 

(4) The clamping of the anchorage is a crucial
part in TPUR system. The local failure of the CFRP 
plate at the clamping area will greatly affect the 
bearing capacity of the entire tensioned system. 
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Abstract 
Under long-term service conditions, fatigue cracks are easily generated at the arc-shape cutouts in 
diaphragm of the orthotropic steel bridge decks when subjected to vehicle-induced vibration and 
cyclical wheel loads. For repairing cracks in diaphragm, this paper proposes the carbon fiber 
reinforced polymer (CFRP) sheets patched crack-stop hole method and shape memory alloys 
(SMA)/CFRP composite patched crack-stop hole method which introduces prestress by activating 
SMA. Moreover, in the numerical study the diaphragm model and reinforcement schemes are 
introduced, and the corresponding finite element model is established. The failure modes and 
fatigue lives of diaphragm specimens under different repair methods were obtained and compared 
by fatigue loading tests. It can be found that the bonding of CFRP sheets and SMA/CFRP composite 
patches can effectively postone the initiation of fatigue cracks and inhibit the propagation of cracks, 
which are ideal repair methods for strengthening the fatigue cracks of diaphragms in orthotropic 
steel bridge decks. 

Keywords: bridge engineering; crack of diaphragm; structural reinforcement; finite element 
simulation; fatigue test. 

1 Introduction 
Orthotropic steel decks are widely used in various 
structural forms and bridges due to its advantages 
of light weight, high strength and high load-bearing 
capacity[1-3]. However, there are many welding 
parts in orthotropic steel decks and its connection 
is complex. With the increase of service life and 
overloaded vehicles, the fatigue cracking problem 
of steel bridge decks is becoming increasingly 
prominent[4-6]. Fatigue crack at the arc-shape 
cutouts of diaphragm account for about 60% of all 
fatigue cracks, which is one of the main fatigue 
repair objects of orthotropic steel bridge decks[7-8]. 

CFRP is pasted on the fatigue crack through 
structural adhesive, increasing the stiffness of the 
cracked area, reducing its stress under fatigue load, 
and postponing the development of fatigue cracks. 
Zheng and Yue et al. carried out the middle-cycle 
and high-cycle fatigue tests on the unreinforced 
and CFRP-reinforced steel beams, and found that 
the fatigue life of the steel beams strengthened 
with CFRP increased by 2,98-6,74 times[9]. Ghafoori 
et al. strengthened cracked steel beams with CFRP 
plates and prestressed CFRP plates, and the fatigue 
life of steel beams strengthened with prestressed 
CFRP plates increased by more than 5 times 
comparing with steel beams strengthened with 
CFRP plates[10]. Hosseini and Ghafoori et al. found 
that the fatigue life of the steel plate can be 
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increased by 4,3 times after reinforcement by CFRP 
plates with ultra-high modulus, and the fatigue 
crack propagation can be completely inhibited 
after the reinforcement of prestressed CFRP 
plates[11]. Emada et al. studied the fatigue 
performance of steel plate with central crack 
strengthened by CFRP, and found that the fatigue 
life of steel plate strengthened by CFRP plates and 
prestressed CFRP plates increased by 6,5 times and 
10 times respectively[12]. SMA/CFRP composite 
patches developed by El-Tahan et.al introduce 
prestress in CFRP materials through heating 
activation of NiTi-SMA, while NiTi-SMA wires and 
CFRP sheets are bonded with steel plates[13]. After 
that, the reliability of SMA/CFRP composite 
patches was proved by activation test of SMA wires, 
bonding pull-out tests and fatigue tests[14-17]. 

In view of the fact that the mechanical tension 
equipment is limited to the cross-section structure 
of orthotropic steel bridge decks, based on the 
traditional crack-stop hole method, this paper puts 
forward the CFRP sheets patched crack-stop hole 
method and SMA/CFRP composite patched crack-
stop hole method to repair the fatigue cracks of 
diaphragms. The effects of different repair 
methods were studied by numerical simulations 
and fatigue tests. 

2 Establishment of finite element 
model 

2.1 Determination of diaphragm size 

According to the previous research of the 
authors[18], this paper selects a local test model that 
can simulate the stress of the diaphragm arc-shape 
cutouts. The diaphragm arc-shape cutouts uses 
Haibach hole type. The intercept position of the 
local model is shown in Fig. 1. 

Figure 1 Model selection of diaphragm specimens 

The parameters of the  local diaphragm model are 
presented in Fig. 2. In order to ensure that the 
specimen size is compatible with the working space 
of the test equipment, 1250mm × 450mm 
dumbbell-shaped plate is adopted. The size of the 
middle part is 1000mm × 300mm, and the 
thickness of 12mm is commonly used for the 
diaphragm of steel bridges. The length of the 
prefabricated crack is 60mm, the diameter of the 
crack-stop hole is 16mm, the center is located at 
the tip of the prefabricated crack, and the 
minimum effective width of the diaphragm’s 
section is 175,3mm. According to the stress 
characteristics of the specimens, point A at the 
edge of the crack-stop hole in the crack extension 
direction of the diaphragm is the main concern. 

Figure 2 Size of diaphragm specimens (Unit: mm) 

2.2 Repair methods 

The cracked specimens of diaphragm are 
strengthened by CFRP sheets and SMA/CFRP 
composite patches. The reinforcement 
characteristics of different repair schemes are 
shown in Fig. 3, and their key parameters are listed 
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in Tab. 1. In the S-CH group, the cracks on the 
diaphragm are taken as the center, and two layers 
of 75mm×400mm CFRP sheets are pasted on both 
sides of the steel plate. The SMA/CFRP composite 
patches are also bonded on both sides of the steel 
plate, which is composed of two layers of CFRP 
sheets covering a row of NiTiNb-SMA wires. 
NiTiNb-SMA wires are located in the structural 
adhesive layer between the steel plate and the 
CFRP sheets. The SMA/CFRP composite patches 
contains 40 NiTiNb-SMA wires with diameter of 
0,8mm, spacing of 1,6mm and length of 270mm or 
400mm. When the length of SMA wires is 270mm, 
the area of 60mm at both ends is anchored, and the 
middle area with length of 150mm is heated and 
activated (S-NCH-a). When the length of SMA wires 
is 400mm, the area of 90mm at both ends is 
anchored, and the middle area with length of 
220mm is heated and activated (S-NCH-b). 

Figure 3 Different repair schemes 

2.3 Model building 

The finite element analysis software ABAQUS is 
used for numerical modeling. The reinforcement 
specimens contain four components, namely 
diaphragm, structural adhesive, NiTiNb-SMA wires 
and CFRP sheets, as shown in Fig. 4. Both 
diaphragm and structural adhesive are simulated 
by C3D8R element, the NiTiNb-SMA wires are 
simulated by B31 element, the CFRP sheets are 
simulated by S4R element, and the prefabricated 
crack on diaphragm is simulated by Seam. 

Table 1 Repair methods and their key parameters 

Repair method Group Stop hole size CFRP NiTiNb-SMA 

Crack-stop hole S-H Φ16mm None None 

CFRP sheets patched 
crack-stop hole S-CH Φ16mm 75mm×400mm 

2 layers None 

SMA/CFRP composite 
patches patched  
crack-stop hole 

S-NCH-a Φ16mm 75mm×400mm 
2 layers 

40Φ0,8@1,6 
Length=270mm 

S-NCH-b Φ16mm 75mm×400mm 
2 layers 

40Φ0,8@1,6 
Length=270mm 

The diaphragm, structural adhesive and CFRP 
sheets are connected by tie constraint. In S-NCH 
group, the SMA wires are embedded in structural 
adhesive. The mesh precision of the model is 5 mm, 
and the mesh is refined to 1 mm in the local area 
around the crack-stop hole. 

The steel grade of diaphragm is Q345, whose 
yielding strength is 418MPa and the elastic 
modulus is 210GPa. According to the data provided 
by the manufacturer, the elastic modulus and 
tensile strength of CFRP sheets are 252GPa and 
3400MPa, respectively. The elastic modulus and 
tensile strength of structural adhesive are 3,02GPa 
and 60,96MPa, respectively. The mechanical 

properties of NiTiNb-SMA obtained by tensile tests 
and activation recovery tests are shown in Tab. 2[19]. 

By setting the equivalent temperature field in the 
thermal activation area of SMA wires, the prestress 
(293,7MPa) in practical application is simulated. 
The displacements in x, y and z directions are 
constrained in the lower rectangular region of the 
model, and the axial tensile load of 128.6kN is 
applied in the upper rectangular region in the form 
of surface load. 

Table 2 Mechanical properties of NiTiNb-SMA 

Elastic 
modulus 

Yielding 
strength 

Ultimate 
strength 

Activation-recovery 
stress 
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75,18GPa 789MPa 1194MPa 
170℃ 306℃ 

293,7MPa 393MPa 

Figure 4 Finite element model 

3 Analysis of numerical results 

3.1 Numerical results 

The distribution of the maximum principal stress in 
the diaphragm model repaired by crack-stop hole 
is shown in Fig. 5. The crack-stop hole eliminates 
the stress concentration at the crack tip and 
reduces the stress level. However, a new stress 
concentration point appears at the crack-stop hole 
edge of the minimum section, which may become 
a potential new crack initiation point. Fig. 6 shows 
the maximum principal stress distribution along 
the thickness direction at the crack-stop hole edge 
of the minimum section, and it is in a state of high 
stress .It can be seen that the large stress is in the 
middle and the small ones are at the outside, hence 
the new fatigue crack is easily generated at this 
point and further expand. 

Figure 5 Maximum principal stress of crack-stop 
hole model (Unit: MPa) 

Figure 6 The trend of principal stress along the 
thickness of the hole (Unit: MPa) 

3.2 Comparison of repair effects 

Calculating the maximum principal stress σmax at 
the center point of the crack-stop hole’s edge in 
different reinforcement models, and the crack 
arrest effects of different methods are 
characterized by the stress concentration 
coefficient Kt and fatigue notch coefficient Kf

[20]. 
The stress concentration coefficient Kt is calculated 
according to  Eqn. (1), and the maximum principal 
stress σmax is calculated by finite element models. 
The nominal stress σnom (61,13MPa) is the average 
stress of the cracking section under axial tensile 
loads. The fatigue notch factor Kf is calculated 
according to Eqn. (2). In the equation, c is the 
characteristic constant of the material (0,45), and ρ 
is the radius of the crack-stop hole. 

𝐾𝐾t = 𝜎𝜎max/𝜎𝜎nom (1) 
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𝐾𝐾f = 1 +
𝐾𝐾t − 1

1 + 𝑐𝑐/𝜌𝜌
(2) 

The above calculation results are summarized in 
Tab. 3. The repair effects of CFRP sheets patched 
crack-stop hole method and SMA/CFRP composite 
patched crack-stop hole method proposed in this 
paper are remarkable. Compared with the S-H 
group, the maximum principal stress and fatigue 
notch coefficient of the S-CH group are decreased 
by 52,27% and 51,95%, respectively. The maximum 
principal stress and fatigue notch coefficient of the 
S-NCH group are decreased by 60,68% and 60,35%,
respectively. It can be seen that the section
stiffness is improved and the stress at the crack of
the specimens under axial tension is reduced after
the reinforcement of CFRP sheets. On the basis of
increasing the section stiffness, the SMA/CFRP
composite patches introduce pre-compression in
the cracking area by activating NiTiNb-SMA, which
further reduces the stress level at the cracking area.
In addition, the effect of S-NCH-b scheme and S-
NCH-a scheme on reducing stress level and
alleviating stress concentration is similar.
Therefore, the reinforcement effect of the two
schemes needs further comparative analysis
according to fatigue tests.

Table 3 Stress concentration coefficients and 
fatigue notch coefficients  

Group σmax/MPa σnom/MPa Kt Kf 

S-H 627,02 61,13 10,26 9,76 

S-CH 299,27 61,13 4,90 4,69 

S-NCH-a 246,57 61,13 4,03 3,87 

S-NCH-b 248,77 61,13 4,07 3,91 

4 Fatigue tests 

4.1 Loading scheme 

Two specimens were processed in each of S-H 
group (as shown in Fig. 7) and S-CH group (as 
shown in Fig. 8), respectively. One S-NCH-a and one 

S-NCH-b were processed in S-NCH group (as shown
in Fig. 9).

Figure 7 S-H group       Figure 8 S-CH group 

(a) Bonding SMA wires    (b) Bonding CFRP sheets

Figure 9 S-NCH group 

The MTS 311.31 S test system is used for fatigue 
tests, as shown in Fig. 10. Tension-tension sine 
wave loads with frequency of 10Hz is used to carry 
out fatigue loading, and the loading was stopped 
when the crack achieved 70mm. The nominal stress 
is calculated according to the minimum effective 
cross section of the diaphragm, and the load 
amplitude range is 12,9kN to 128,6kN. The stress 
amplitude is 55MPa, the stress ratio is 0,1, and the 
maximum average stress is 61,13MPa. 
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Figure 10 Test loading device 

4.2 Fatigue failure analysis 

During the fatigue tests, the fatigue cracking, crack 
propagation and CFRP debonding of the specimens 
are observed. The final typical failure modes of 
different types of specimens are shown in Fig. 11-
Fig. 13. The fatigue crack initiates at the minimum 
section of the crack-stop hole, which is consistent 
with the crack location predicted by numerical 
simulation (see Fig. 5). 

For the specimens repaired by crack-stop hole, the 
fatigue cracks occurred when the loading cycles 
were 384094 and 388577 times, respectively. Then 
the cracks began to expand under fatigue loads. 
After around 49 thousands loading cycles, the 
cracks extended to 70mm. 

The crack lives of the S-CH group are 994322 and 
788040 times respectively, which are significantly 
improved in comparision with the S-H group. When 
the crack extended to 70mm, the number of 
loading cycles exceeded 1 million times. In the 
process of crack propagation, CFRP sheets were 
well adhered to the diaphragm, and there was no 
debonding of CFRP sheets (as shown in Fig. 12). 

The fatigue lives of the S-NCH group are greatly 
improved compared with the S-H group. Among 
them, the cracking life and crack extension life of S-
NCH-a are 853292 and 981886 times, respectively. 
The cracking life and crack extension life of S-NCH-
b are 2087718 and2326276 times, respectively. 
When the loading cycles were 912463 times, the 
SMA/CFRP composite patches were debonding, 
resulting in an accelerated crack propagation. The 
improvement effect of S-NCH-a is much less than 
that of S-NCH-b, which may be affected by the 
bonding performance between SMA/CFRP 
composite patches and the diaphragm. The length 
of SMA wires in the S-NCH-a specimen is 270mm, 
while that of CFRP sheets is 400mm. The mismatch 
of length between the two may lead to the 
deterioration of the patch’s integrity, and also 
makes the stress of CFRP sheets discontinuous, so 
as to make the overall mechanical performance 
worse. While, in the process of cracking and 
extension, the debonding of SMA/CFRP composite 
patches did not occur in S-NCH-b . 

(a) S-H-1 (b) S-H-2

Fig.11 The final failure mode of S-H group 

(a) S-CH-1 (b) S-CH-2

Fig.12 The final failure mode of S-CH group 

(a) S-NCH-a (b) S-NCH-b

Fig.13 The final failure mode of S-NCH group 

4.3 Fatigue life contrast 

The results of cracking life and crack propagation 
life of each specimen are summarized in Tab. 4. The 
cracking lives are the fatigue lives of the specimens, 
and the load amplitude of all specimens is the same. 
Comparing the specimen S-H-1 with specimen S-
CH-1, after the CFRP sheets were pasted on the 
basis of crack-stop hole, the increased local 
stiffness and bridging mechanism could effectively 
reduce the stress amplitude at the edge of the 
crack-stop hole. The fatigue life of S-CH-1 is 2,57 
times that of specimens repaired by crack-stop 
hole. Comparing the specimens S-H-1 with S-CH-1, 
the fatigue performance of S-NCH-b was improved 
by increasing the local stiffness, bridging 
mechanism and introducing prestress with 
employing the SMA/CFRP patches. The fatigue life 
of S-NCH-b is 5,4 times that of S-H group and 2,1 
times that of S-CH group. 

Table 4 Fatigue lives of specimens 
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（under the nominal stress amplitude 55MPa） 

Specimens Crack life Failure life Promotion 

S-H-1 384094 494689 
1 

S-H-2 388577 495435 

S-CH-1 994322 1219314 2,57 

S-CH-2 788040 1044914 2,04 

S-NCH-a 853292 981886 2,21 

S-NCH-b 2087718 2326267 5,40 

After the diaphragms cracked, the number of 
loading cycles when the crack extended to different 
lengths is shown in Fig. 14. It can be seen that the 
fatigue crack growth trend of each group 
specimens is generally the same. The initial crack 
growth rate was slow. The fatigue damage got 
more and more serious with the crack growth, and 
the growth rate was also gradually increased. 

The crack propagation is divided into three stages 
by the crack lenghts of 15 mm, 30 mm and 70 mm. 
The average crack growth rate of the repaired 
diaphragm specimens at different stages is 
calculated, as shown in Fig. 15. The crack growth 
rates of specimens S-H-1, S-CH-1 and S-NCH-b are 
basically in the growth level of 10−7-10−6m/cycle, 
belonging to the medium-rate crack growth area. 
The crack growth rate of the latter stage is higher 
than that of the former, indicating that the fatigue 
damage is accelerated in the later stage. The crack 
growth rates of the S-NCH group and S-CH group 
were significantly lower than that of the S-H group. 
It can be seen that bonding CFRP sheets or 
SMA/CFRP composite patches on the basis of 
crack-stop hole can postpone the initiation and 
inhibit the propagation of fatigue cracks. 

Figure 14 The curve of crack propagation 

Figure.15 Crack growth rate at each stage 

5 Conclusions 
In this paper, based on the traditional crack-stop 
hole method, two kinds of reinforcement methods 
are employed to repair the fatigue cracks of bridge 
diaphragms, which are CFRP sheets patched crack-
stop hole method and SMA/CFRP composite 
patched crack-stop hole method. The fatigue 
performances of the diaphragm specimens 
repaired by different methods are studied by finite 
element analysis and fatigue tests, and the 
feasibility of the proposed reinforcement methods 
is verified. The conclusions are as follows : 

(1) The crack-stop hole eliminates the stress
concentration at the crack tip, but a new stress
concentration point appears at the edge of the
crack-stop hole, which is in a high-stress state and
may become a potential new crack initiation point.
The new fatigue cracks are easy to appear here and
further expand, hence this repair method is not
ideal.
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(2) Compared with the crack-stop hole method, the 
fatigue notch coefficients were reduced 51,95%
and 60,35% by bonding CFRP sheets and SMA/CFRP 
composite patches, respectively. The CFRP sheets
can improve the local stiffness and provide bridging
mechanism so as to reduce the stress amplitude.
On this basis, the SMA/CFRP composite patches
can further reduce the stress level through
introducing precompression.

(3) The fatigue life of diaphragms repaired by CFRP
sheets patched crack-stop hole method is 2,57
times that of diaphragms repaired by crack-stop
hole method. The fatigue performance of the
diaphragm repaired by SMA/CFRP composite
patched crack-stop hole method is significantly
improved. Its fatigue life is 5,4 times that of
diaphragms repaired by crack-stop hole method.

(4) Bonding CFRP sheets or SMA/CFRP composite
patches on the basis of crack-stop hole can
effectively postpone the initiation of fatigue cracks
and inhibit the propagation of cracks. Therefore,
the two new repair methods can be employed to
strengthen the practical cracked steel bridges,
especially the fatigue cracks of diaphragms in
orthotropic steel bridge decks.
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Abstract 
This paper presents the structural solution for the lifting and rehabilitation of 5 overpasses crossing 
a Federal Highway, located in the south part of Brazil. All structures were built in the 1960s, a period 
in which the design practice required a minimum height of 5,0 m to allow the flow of vehicles under 
the deck. Due to the recent expansion of taller vehicles and increment of traffic in the region, the 
highway administrator, in order to meet the space requirements of 5,5 m, financed both project and 
construction works. The main requirement was to carry out the entire construction without causing 
the interruption of traffic under the overpasses. The proposed solution included: preliminary static 
load tests, construction of corbels to support hydraulic jacks, localized strengthening of structural 
components, replacement of the originally designed fixed bearings by new elastomeric bearings and 
the heightening of the piers using steel plates as reinforcement. 

Keywords: overpass; lifting; rehabilitation; strengthening; load test. 

1 Introduction 
The Brazilian Federal Highway BR-290, where the 5 
overpasses are located, connects major states of 
Brazil and other South American countries to the 
Ports of Rio Grande and Porto Alegre. It has been 
experiencing recently an increasing in the traffic of 
larger and taller vehicles (see Figure 1), responsible 
mainly for the transportation of agricultural 
production, such as soy and wheat grains for 
exportation. From 2020 to 2021, export volumes in 
the region surpassed 47 million tons, which 
represents an increase of 19,37% in one year. China 
market alone was responsible for the consumption 
of 56,32% of the goods exported in the same period, 
according to the Regional Communication Advisory. 

Within this context, our office was hired by the 
currently highway administrator to develop the 
structural project for the lifting of all overpasses 
and, therefore, achieve the safety requirement of 

5,5 m established by the federal regulations. Due 
to economic importance of the highway under the 
structures, the entire construction process had to 
be carried without causing the interruption of 
traffic. 

Figure 1. Evolution of motorized vehicles fleet in 
Rio Grande do Sul from 2010 to 2020 (DETRAN-RS) 
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In addition to that, to take advantage of the 
mobilization of construction teams for the lifting 
process, the contract also required other structural 
interventions in the overpasses, using the 
opportunity to meet current national standards 
requirements, such as the implementation of solid 
barriers on the deck and construction of transition 
slabs in the abutments. 

2 Overpasses Typology Description 
The structures were originally built in the 1960s, 
hence their typology, namely concerning the 
materials, longitudinal structural system and deck 
sections, are consistent with Brazilian design 
practices of that time. All 5 overpass were 
constructed with cast-in-place reinforced concrete. 
They consist of a continuous double cell box section 
with variable height, with a constant width of 10,30 
m and total length of approximately 60,0 m, 
divided in two main spans of 23,0 m and two 
longitudinal cantilevers of 7,0 m. The difference 
between them reside in their in-plan geometry, 
having straight abutments the overpass located at 
km 80,0 (Gravataí) and skewed abutments the 
others located at km 4,9 (Osório); km 32,1 (Santo 
Antônio da Patrulha); km 62,6 (Gravataí) and km 

83,6 (Cachoeirinha). 

Since original drawings and calculations could not 
be found, detailed survey works were 
implemented in order to identify possible damages 
and to obtain as-built measurements of all 
elements. Specimens were also extracted from 
different parts of the structures for the purpose of 
access the current concrete strength. This allowed 
the elaboration of a more precise and realistic 
computational structural analysis model. 

The overpasses existing superstructure consists of 
top internal slabs 20 cm thick at midspan and 40 cm 
thick at the supports; a bottom slab 15 cm thick; 
and cantilevered slabs with a variable thickness 
from 10 to 30 cm at the supports. Both internal and 
external webs have a constant width of 25 cm. The 
section height varies from 1,00 m at midspan and 
both ends to 1,50 m over the piers. Two 
diaphragms 20 cm thick are located at the thirds of 
each main span and one diaphragm 60 cm is 
located at each of the 3 piers.  

At both ends, cast monolithically within the deck, 
rest front and wing walls designed to support soil 
actions transmitted by the backfill and to avoid 
erosion of the soil contained in the abutment. 

Figure 2. Typical Overpass Cross Section over the Piers 
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The overpasses existing substructure consists of 
wall piers with a constant thickness of 0,50 m and 
variable width within its increasing height. The 
connections between the superstructure and the 
piers were made by concrete hinges, also known as 
“Freyssinet hinges”, which allow relative rotations 
between the deck and the piers but restrict relative 
translational sliding movements. 

Figures 2 and 3 show a typical cross-section, floor 
plan and elevation of the overpasses. 

3 Structural Analysis and Load Tests 
Following the 1960´s code prescriptions, all five 
structures were originally designed to support a 
standardized moving load vehicle of 360 kN (TB-36), 
plus uniformly distributed loads of 5 kN/m² in the 
vehicle lane and 3 kN/m² elsewhere. Current 
guidelines have changed and require bridges and 
viaducts in Brazil to withstand heavier loads, which 
correspond of a standardized moving load vehicle 
of 450 kN (TB-45) plus a distributed load of 5 kN/m² 
both inside and outside the vehicle lane. 

Using as-built measurements and both old and 
present code load requirements, finite element 

analysis computational models were created to 
evaluate and compare the distribution of internal 
forces on the superstructure and substructure. 

Preliminary calculations showed that comparing 
internal forces in the deck due to the moving loads 
only resulted in significant difference. The values 
obtained with TB-45 were approximately 36% 
greater than those obtained with TB-36. 
Nonetheless, when combinations of permanent 
and moving loads were compared, the ratio was 
reduced to 12% for both shear force and negative 
bending moments and to 19% for positive 
moments. Similar conclusions were found for the 
slabs and piers, which indicated that it was not 
necessary to strength the overpasses to meet 
current load standards. Reduced ratios were, in 
most cases, covered by the safety margins adopted 
in structural design practice. 

To ensure the predicted results, static load tests 
were proposed to the highway administrator to 
assess if on-site displacements and measured 
cracks on the structures matched the estimated 
results obtained from the analytical models. 
Figures 4 and 5 illustrated one of the tests.

Figure 3. Typical Overpass Floor Plan (Up) and Elevation (Down) 
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Figure 4. Truck Positioning for Evaluation of the Maximum Negative Moment over the Central Pier

Figure 5. Static Load Test being performed at the Overpass

A total of 12 deflectometers (see Figure 6) were 
placed under the decks, aligned with the box 
girders webs, to measure vertical deflections. 
Three of them were fixed at the end of each 
longitudinal cantilever and three at the midpoint of 
each main span. Plaster cores were also placed 
along the deck to monitor cracks behaviour. 

Six trucks full of sand, previously weighted, were 
rented for the load tests. After carefully studying 
the superstructure’s influence lines, different 
configurations of up to six trucks were created to 
obtain the maximum induced internal forces on the 
deck. The main goal was to approximate the test’s 
internal forces to those calculated using actual 
codes prescriptions. 

According to the Brazilian code for static load tests 
NBR 9067:2019, to evaluate the ultimate limit state 
on existing bridges and viaducts, the loading test 
should reach the load indicated on equation (1): 

𝑃𝑃𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡 = 0,78 × (1,35 × 𝐺𝐺2 + 1,50 × 𝑄𝑄) (1) 

where: 

G2 – additional permanent loads, predicted over 
the structure design lifetime (in this case G2 = 0); 

Q – Variable loads, predicted over the structure 
design lifetime. 

The same code also states that loads must be 
progressively introduced, with each load case 
representing up to 25% of the maximum load. 
Therefore, trucks were introduced sequentially. 

Figure 6. Location of the Installed Deflectometers 
on the Drawings (Up) and On-Site (Down) 
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Results of each deflectometer were plotted and 
compared to the measured values. In most 
deflectometers, the theoretical displacements 
were close to site measurements, but always 
higher (see Figure 7). No residual displacements 
were observed. In addition to the evaluation of the 
deflections, it was possible to observe that no 
visible cracks or rupture of the plaster cores took 
place within the deck. This drew to the conclusion 
that steel reinforcement did not reach yield. 
Therefore, the structure maintained its elastic 
behaviour. In other words, stresses in the steel 
reinforcement and in the concrete were below 
admissible values during the entire tests. 

After analyzing the data, it was concluded that all 
structures could operate according to current load 
standards, without the need of strengthening. 

Figure 7. Theoretical displacements and test 
results at midpoint of the main span 

4 Lifting Solution 
As stated before, the lifting solution proposed for 
the overpasses was designed to prevent the 
closure of the busy BR-290 highway. It consisted of 
3 main phases (see Figure 8), summarized here and 
described further in more details. 

Firstly, concrete blocks (corbels), designed to 
sustain 2 hydraulic jacks, were constructed on both 
sides of existing piers. In order to create an active 
load transfer mechanism, 8 bonded prestressing 
steel bars were placed inside the new concrete and 
post-tensioned. Later, the existing concrete hinges 
were cut off, the soil behind both abutments was 
excavated and the jacks were installed. 

When the required strength of the newly built 
concrete corbels was achieved, the controlled 
lifting process began simultaneously in all piers, 

until the deck reached the desirable height. After 
that, complementary construction on top of the 
piers took place. Finally, when the specified 
strength of the newly top pier was also achieved, 
new elastomeric bearings were placed, the jacks 
were lowered and the deck stood on its final 
position. 

Figure 8. Summarized Construction Process for the 
Lifting of the 5 Overpasses 

4.1 Localized Strengthening of Diaphragms 

The hydraulic jacks were placed under existing 
diaphragms, whose project reinforcement 
detailing was unknown, in a position not aligned 
with the section external webs. That caused a 
temporary change of their original structural 
system during the lifting operation. With that in 
mind, prior to the hydraulic jacks positioning, 
localized horizontal and vertical strengthening of 
the diaphragms was conducted using presstressing 
bars, as illustrated in Figure 9. 
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Figure 9. Localized Strengthening of the 
Diaphragms Using Presstressing Bars 

4.2 Load Transfer Mechanism 

As two concretes were cast against each other at 
different times, concrete-to-concrete load transfer 
across the newly built corbels interfaces to the old 
piers concrete was considered using the 
formulation proposed by the FIB Model Code 2010 
and summarized on the equation (2). 

𝜏𝜏𝑢𝑢 = 𝜏𝜏𝑎𝑎 + μ ∙ �𝜎𝜎𝑛𝑛 + 𝑘𝑘1 ∙ ρ ∙ 𝑓𝑓𝑦𝑦� 

+ 𝑘𝑘2 ∙ ρ ∙ �𝑓𝑓𝑦𝑦 ∙ 𝑓𝑓𝑐𝑐𝑐𝑐
(2) 

where: 

𝜏𝜏𝑎𝑎  – shear resistance due to adhesive 
bond/interlocking; 

μ – coefficient of friction; 

𝑘𝑘1 ,𝑘𝑘2 – interaction factors; 

𝜎𝜎𝑛𝑛  – lowest compressive stress resulting from a 
normal force acting on the interface; 

ρ – ratio of reinforcement crossing the interface; 

𝑓𝑓𝑦𝑦 – yield strength of reinforcing steel in tension; 

𝑓𝑓𝑐𝑐𝑐𝑐  – cylinder compressive strength of concrete 
under uniaxial stress. 

The considered contributions to the overall shear 
strength of the interface resulted from the 
intentionally created interface roughness on 
existing piers to provide mechanical interlocking; 
external compression forces originated from 8 
post-tensioned presstressing steel bars acting 
perpendicular to the interface; clamping forces due 
to post-installed reinforcing steel bars; and dowel 
action on passive reinforcement crossing the 
interface (See Figures 10 to 12). 

Figure 10. Project Reinforcement Detailing of the 
Concrete Corbels 

Figure 11. Corbel Reinforcement On-Site 
Construction
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Figure 12. Scheme of the Load Transfer 
Mechanism 

4.3 Bearings Replacement 

As the fixed bearings had to be carefully 
demolished to allow the lifting operation of the 
overpasses, the logical and easiest construction 
solution was to replace them with three discrete 
elastomeric bearings, specially designed to provide 
the same rotational movements as the previous 
concrete hinges. Figure 13 illustrates one of the 
newly adopted bearings. 

Figure 13. Elastomeric Bearing Placed on the Piers 

4.4 Translational Movements Restraint 

Restraining the deck translational movements 
during raising was always a concerning regarding 
the safety of the operation. Even though traffic 
above the overpasses was interrupted and the soil 
behind both abutments was excavated, letting the 
deck rest only on top of the jacks could lead to 
lateral instability concerning horizontal transverse 
loads, such as wind or even a vehicle collision. 

To provide lateral restraint, as showed in Figures 14 
and 15, steel piles were vertically and inclined 
driven on the foundation terrain. They were 
constructed in 6 different locations, at both sides 
of the cantilever spans and at both ends of the deck, 
creating a more trustable and stable system.  

Some of these piles were later incorporate as 
foundation elements for the newly designed 
transition slabs. 

Figure 14. Project Detailing of the Steel Piles for 
Translational Restraint of the Overpasses 

Figure 15. Steel Piles On-Site Construction 

4.5 Pier Complementary Construction 

Due to the difficulty of constructing the extended 
part of the walled piers using conventional 
reinforcing steel bars schemes, the solution was to 
use steel plates fixed on top of the piers using steel 
connectors. Those plates work permanently as 
tension elements and were used as formwork 
during the cast of the new concrete. 

As showed in Figures 16 and 17, the steel plates 
were fixed on the old concrete using post-installed 
connectors with epoxy resin. To create adhesion 
between the new concrete and the steel plates, 
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head stud type connectors were welded and 
embedded in the concrete mass. 

After the hardening of the concrete and 
regularization on the top of the piers the new 
elastomeric bearings could be installed.  

Figure 16. Project Detailing of the Steel Plates 

Figure 17. On-Site Construction of the Pier 

5 Additional Structural Interventions 
Because some safety elements integrated in the 
overpasses were non-existent or outdated, the 
highway administrator required additional 
structural interventions to be considered in the 
design phase to meet current national standards.  

New-Jersey type solid barriers were implemented 
on both sides of the roadway. Transition slabs, that 
did not exist before, were constructed 
independent from the deck, to reduce the effects 
of differential settlements between soil at the 
backfill and the rigid superstructure. Finally, 
expansion joints were constructed to absorb 
thermal movements of the deck.   

Figure 18. Transition slab, expansion joint and 
solid barrier details 
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Figure 19. Overpass located at km 32,1 (Santo Antônio da Patrulha) during construction 

Figure 20. Overpass located at km 32,1 (Santo Antônio da Patrulha) after completion 

6 Conclusions 
The detailed project was concluded at the end of 
2020 and construction works began on mid-2021. 
With the proposed methodology presented on this 
paper, construction teams took on average 45 to 60 
days to finish the field works and lifting operations 
without causing a single day of traffic interruption 
under the overpasses. This proved to a major 
success for the highway administrator, as shown in 
Figures 19 and 20. Case studies such as the lifting 
and rehabilitation of the overpasses indicated the 
feasibility of extending serviceability of existing 
structures in Brazil and other countries, carrying 
with it a more sustainable and less expensive 
approach. 
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Abstract 
This paper investigates the responses of circular CFRP-RC components when subjected to an 
asymmetrical impact force. The impact performance of CFRP-RC components was investigated using 
drop-hammer impact test equipment. The failure mechanism and dynamic response properties of 
the CFRP-RC components were considered critical to obtaining. Three specimens were used in the 
experiments. The specimen's crack propagation pattern, failure mechanism, impact force, and 
deflection time history curves are all obtained. The test results indicate that shear fractures occur 
between the impact point and the adjacent support. The failure mode of reinforced concrete 
components transforms from bending to shear related to the unequal span impact load. A finite 
element modeling method was proposed and demonstrated efficiently. The control variables were 
used to analyze the failure mode and mechanism. Once the impact velocity or the number of CFRP 
layers decreases, the component fails in shear rather than bending. During an impact load, the 
internal force distribution of components differs significantly from that of a static load. The 
mechanical properties and failure mechanisms of CFRP-RC components are investigated using test 
and FE analysis. The failure modes of the components and the distribution and development of 
bending moments, shear forces, reinforcing strain, and energy consumption are all investigated. 
Keywords: static load; bending failure; FE analysis; failure mode; shear crack; energy dissipation; 
impact velocity; unequal span; bearing capacity. 

1 Introduction 
Whether it is the past "iron engineering 
foundation"-railways, highways, airports, ports, 
water conservancy facilities, and other 
construction projects, or by 2022, "new 
infrastructure" including high-speed intercity 
railways and intercity rail transit, infrastructure 
construction plays an important basic role in the 
process of the world’s economic development. The 
emergence of infrastructure has provided great 
convenience for human activities and improved 
people's living and working environment. However, 
at the same time, the destruction and failure of 

infrastructure under natural or man-made 
disasters seriously threaten human life and 
property safety and stability. When an accident 
occurs, the impact is impressive with its destructive 
power, and once it occurs, it will cause huge 
economic losses and casualties, which arouses 
people's attention. In recent years, many shock 
accidents have caused RC structural members 
relatively bad social impacts. In recent years, many 
shock accidents have caused relatively destructive 
social impacts. Reinforced concrete (RC) structure 
is one of the most commonly used structural forms. 
These RC structures may face various impact 
problems during their life cycle, such as impact 
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loads from the derailment of train’s ships that 
deviate from the course of the bomb explosion, 
thus losing the bearing capacity and causing serious 
safety accidents. In recent years, the use of carbon 
fiber-reinforced polymer (CFRP) to enhance the 
impact resistance of existing structural members 
has become a research hotspot. Single-cycle and 
multicycle dynamic loads are the two types of 
dynamic loads. Bridge piers damaged by vessel 
collisions, high-speed rail stations damaged by 
derailed trains, nuclear facilities destroyed by 
aircraft accidents, and so on are examples of single-
cycle dynamic loading[1]–[5]. However, in the case 
of an earthquake, an element would be subjected 
to multicycle dynamic loads. Single-cycle dynamic 
loading is referred to as impact loading for 
consistency. Single point and dispersed impact 
loading are the two types of impact loading[6], [7]. 
In this study, the failure mechanism analysis of 
circular RC components wrapped with CFRP layers 
under lateral asymmetrical span impact loads is 
studied. Tests are often restricted by test sites, test 
equipment, and test costs. The accuracy of impact 
load tests is lower than that of static load tests. 
Most of the existing studies focus on the dynamic 
response of FRP reinforced concrete members 
under mid-span impact[8]–[15]. Some scholars 
have researched the dynamic response of 
reinforced concrete members subjected to non-
span impact in the past few years[16]–[18], but 
their research has not been perfected. Techniques 
for strengthening concrete buildings based on 
externally bonded fiber-reinforced polymer (FRP) 
materials have grown widely in recent decades. 
One explanation is that FRP composite 
constructions have a high strength-to-weight ratio 
and are resistant to corrosion. FRP sheets have 
previously been investigated to improve RC 
components' resistivity or ductility when subjected 
to static or seismic stresses. Researchers have also 
looked at FRPs to reinforce RC beams in flexure 
when subjected to lateral impacts. Transversely 
wrapping FRP to increase the axial resistance of 
concrete columns has also been studied by several 
researchers[19]–[21]. Consequently, this research 
looked at whether wrapping a standard high-speed 
rail station column with CFRP may reduce damage 
or perhaps change the failure mechanism from 
brittle shear to flexural. An initial drop hammer 

impact test was performed on a circular CFRP 
column with fixed supports. The columns are 1:10 
size replicas of China's typical high-speed rail 
station column. The impact point was near the 
column support to imitate a real locomotive (CRH2) 
crash. Then, using the tested specimens, FE models 
of the CFRP-strengthened RC specimens were 
created and confirmed. These tests study the 
mechanical characteristics and failure processes of 
CFRP-RC components. Component failure 
mechanisms, bending moments, shear forces, 
reinforcing strain, and energy consumption are all 
studied. The study's findings will help establish 
standards for designing CFRP-strengthened RC 
columns under impact loads. 
2 Materials and Method 
A total of three CFRP-RC components with circular 
cross-sections are designed. The test components 
is represented by initials of Chinese Pinyin, such as 
"Y" is the initial pinyin of "circular" and "H" is the 
initial pinyin of "concrete", " 2" for component 
numbering, and "H1" for circumferential wrapping 
of 4 layer CFRP, "Z1" for vertical wrapping of 1 layer 
CFRP and "H6"for circumferential wrapping of 6 
layer CFRP. Each test components is poured with 
the same material to ensure the same performance. 
The test components adopts fixed support at both 
ends, the design length is 1300mm, the support 
length at both ends is 200mm, the clear span is 
900mm, and the impact point is set at 2/9 of the 
clear span. It is 200mm from the right end support 
and 700mm from the left end support as shown in 
Figure (1-a). The cross-section diameter of the test 
piece is 114mm, and each test piece is equipped 
with 6 HRB235 steel bars, which are uniformly 
arranged along the ring direction of the test 
components section, as shown in Figure (1-b).  

Table 1. Information of the components 

No. Wrapping 
Method Notes 

YH2-Z1 Vertical Impact height 2m, 
Reinforcement ratio (1.7%), 

Stirrups ratio (1.34%), 
Impact weight 270kg 

YH2-H1 Horizontal 
+(3 Partial) 

YH2-H6 Horizontal 

The diameter of the stirrup is 4mm, since it is 
difficult to find a hot-rolled ribbed steel bar with a 
diameter of 4mm, a smooth steel bar is selected 
instead, and the thickness of the concrete cover 
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layer is 12mm. The reinforcement information of 
the components are shown in Table (1). For 
concrete properties, the test is measured 
according to the "Standard for Test Methods of 
Mechanical Properties of Ordinary Concrete" 
(GB50081-2002)[22]. The compressive strength of 
the concrete cube is𝑓𝑓𝑐𝑐′ = 55𝑀𝑀𝑀𝑀𝑀𝑀. Furthermore, the 
steel test is carried out by the "Test Method for 
Tensile Test of Metallic Materials at Room 
Temperature" (GB/T228-2002)[23]. The steel bars 
and stirrups yield strength is 380 and 520, 
respectively. Toray Industry Inc. provided the 
unidirectional CFRP sheets (UT70-30G). The density 
of the CFRP was 1500 kg/m3 and the thickness was 
0.17 mm; these specifications were given by the 
supplier. The epoxy glue used was Huntsman 
Advanced Materials Co.'s Araldite XH 180, which 
has a tensile strength of 55 MPa and an elongation 
of 1.6 %. Tensile tests were also carried out on 
epoxy-cured CFRP coupons in accordance with the 
American Society for Testing and Materials 
D3039[24]. 

a) Schematic of specimens dimensions 

b) Schematic diagram of test device
Figure 1. Schematic diagram for component 

3 Experimental Program 
The component's compression zone concrete was 
crushed. Bending cracks expand into the 
compression zone. Before the above occurrence 
happens, the component exhibits a bending failure. 
The test component's shear crack has penetrated, 

indicating shear failure. When the ultimate 
deflection of the specimen is higher than 1.1 % of 
the clear span, it is determined that the component 
exhibits a bending failure. 
3.1 Crack development process 
A high-speed camera tracks the crack's growth. On 
impact, Figure (2) shows the component crack 
growth. Multiple inclined cracks appear 
immediately after the impactor and concrete 
contact for YH2-Z1 Figure (2-a) at (0.8ms). Almost 
instantaneously, the bottom of the impact section 
fractures. The inclined cracks are most visible at 
(2.4ms). They spread and propagate downward at 
a 45-degree angle from the impact point to the 
shear span. However, the vertical cracks have not 
developed. A few seconds later, the concrete was 
broken. YH2-H1 has vertical cracks at the bottom of 
the impact section Figure (2-b), but they develop 
upward and widen at 4.8ms. Vertical concrete 
cracks are invisible. For YH2-H6, a vertical crack 
appears at 2.4ms at the bottom of the impact zone 
Figure (2-c), and another vertical crack appears at 
4.8ms at the impact section. Moreover, multilayer 
components do not debone after impact. Thus, the 
CFRP cracks are considered concrete. 

(a) YH2-Z1 (b) YH2-H1 (c) YH2-H6
Figure 2. Components crack propagation 

3.2 Impact force and deflection time histories 
Figure (3) shows the impact force time-history 
curves. The hammerhead's strain transition yields 
the impact force. Figure (3) shows the time-history 
curve of the impact force of each component 
increasing linearly at first, then dropping abruptly 
after reaching the maximum point, generating the 
first peak. With the same impact mass, the time-
history curve of total force indicates that the more 
layers of CFRP, the longer the duration and smaller 
the impact force plateau values. YH2-Z1 and YH2-
H6 both climb to peak force in an instant (about 
0.8ms), with YH2-Z1 being somewhat greater than 
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YH2-H6 and YH2-H1 (approximately 305kN vs. 
285kN and 275kN). Later, the force lowers, and the 
components in the test suffer considerable damage, 
causing an alteration in the lateral resistance. YH2-
Z1 seems to behave better than YH2-H1. Vertical 
wrapping has larger peak and plateau impact force 
values than horizontal wrapping. The asymmetrical 
deflection time history curve in Figure (4). To 
obtain the asymmetrical deflection time-history 
curves displayed in Figure (4). According to 
predictions, the deflection curve shows no 
waveform oscillations due to the absence of 
damping effects, except for serious damage to YH2-
Z1 and YH2-H1.  

Figure 3. Time history curve of impact force 
Less than 91mm is the maximum deflection for 
enhanced strengthening components with 6-layers. 
YH2-Z1 and YH2-H6 maximum deflection are 
156mm and 108mm, respectively. Multi-layer CFRP 
can withstand lateral deformation better than 
single-layer CFRP. The slope of the fitting curve 
reduces as the component's flexural carrying 
capacity increases due to layers. 

Figure 4. Deflection time history curve 
4 Finite Element Program 
FEA is a reliable and affordable method to 
investigate the dynamic responses of circular CFRP 
components. The explicit finite element tool 
ABAQUS was used to create the FE models 
described in this section. Simulate the experiment's 
outcomes in ABAQUS 2020. It is a nonlinear 
dynamic analysis. For its high accuracy in modeling 
and computing and its capacity to predict events, it 
emphasizes shear failure modes, and current 
numerical approaches are used to estimate CFRP 
impact response. Parametric studies on the impact 
response of RC components and structures may 
then be conducted using validated numerical 
simulations. It also provides an alternative tool for 

evaluation, analysis, and design. The implications 
of strain rate on concrete and steel constitutive 
models are examined by Abas et al.[17]. ABAQUS 
was utilized to represent concrete, steel bars, 
stirrups, impact bodies, and boundary support. 
Figure (5-a). High finite element mesh density 
improves the calculation accuracy. This refines the 
impact zone's meshes, as seen in Figure (5-b). The 
remainder of the mesh is significantly shorter. The 
drop hammer becomes a near-rigid cube by impact 
in finite element analysis. ENCASTRE defined the 
boundary criteria as fixed support on both sides of 
the components. On a 2-meter high slideway, the 
drop weight contacted the component under 
examination. 

(a) FEM modeling assembly

(b) FEM meshing.
Figure 5. Component simulation 

In the numerical simulation, modeling contact 
definition surfaces is challenging. The member and 
the falling weight follow the definition (SURFACE 
TO SURFACE CONTACT) [25]. The PURE MASTER 
SLAVE HARD method represents rigid-deformable 
contact behavior. EMBEDDED ELEMENTS restrict 
the slight slip between the steel bar and the 
concrete during impact. 
5 Verification of the FE models 
Numerical simulations were carried out on three 
components to verify the reliability and accuracy of 
the ABAQUS model parameters. The finite element 
calculation structure's failure mode, impact force, 
and deflection-time history curves are verified. 
5.1 Components failure modes 
From the final failure diagram Figure (6), it can be 
seen that the failure area of CFRP components is 
concentrated on the cross-section of the impact 
point and the right support section. All the steel 
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bars in the section of the impact point are broken 
except for the top row of steel bars. All the steel 
bars of the right support section were broken. It is 
worth noting that after 15ms, the YH2-Z1 
component has a significant pulling effect. The 
ultimate failure mode of the components is 
compared in Figure (6). It depicts the position of 
the most severe concrete damage development at 
0.8ms, with bending and shear failure occurring at 
the impact point of the YH2-H1 and bending failure 
of the YH2-H6 occurring at the impact point of the 
right end support. Finally, shear failure takes place 
immediately after contact with all of the 
components. The region of impact has a significant 
amount of damage for YH2-Z1. It shows the finite 
element model is in agreement with the 
experimental work and is more precise. 

Figure 6. Components final failure modes 
5.2 Impact force and deflection 

As shown in Figures (7), the changing trend of each 
component's impact force-time history curve is 
basically the same. Compare the test peak and 
plateau values with the simulated peak and plateau 
values, and calculate the relative error. The results 
show that the error does not exceed 15%, which is 
within the acceptable range. Because the concrete 
pouring is not completely uniform, the difference 
in the thickness of the aggregate near the impact 
point of different components leads to the 
difference in local stiffness, resulting in the error of 
the peak impact force. Moreover, with finite 

elements, when the concrete and steel bar 
elements reach the set ultimate strain, they will be 
considered invalid and deleted. This setting is 
different from the actual situation, causing the 
impact force plateau value error. In summary, the 
constitutive parameters of the ABAQUS model and 
materials selected in this paper have sufficient 
reliability and accuracy. The model can effectively 
supplement the complete uncollected data in the 
experimental work.  

Figure 7. Comparison of impact force results 
Figure (8) shows the collection time of deflection 
values of all components in the test is much shorter 
than of deflection values in the simulation. This is 
because the deflection collection point of the 
component is directly below the impact point, 
which is concrete. Before the impact stops in the 
most severely damaged area, the concrete below 
the impact point and on the right side has peeled 
or shattered, resulting in an incomplete deflection 
time history curve of the component during the 
test. Therefore, when the deflection data cannot 
be collected in the experiment, the deflection value 
of the experiment is compared with the simulated 
deflection value. The results show that the error is 
within 10%, and before the test data collection fails, 
the deflection change rate of each component is 
the same. Nevertheless, the developed FE model 
can generally achieve good results in predicting the 
impact force and deflection. 

Figure 8. Comparison of deflection results 
6 Parametric Study effects on the 

dynamic response 
Due to the scarcity of information on CFRP 
components exposed to asymmetrical impact loads. 
The findings of this study's analysis provide such a 
great opportunity to analyze the behavior of these 
CFRP components by performing a parametric 
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analysis on several factors that influence their 
capacity. As a result, component failure 
mechanisms, bending moments, shear forces, 
reinforcing strain, and energy consumption were 
all simulated and studied. 
6.1 Failure Mechanism Analysis  
The failure mechanisms of components at different 
impact velocities are compared in Figure (9). For 
the impact height range of (0.2 and 0.6) m, 
parameters for impact velocity (V1 and V2) are 
determined. Component V1 has experienced 
significant bending deformation, approaching the 
Kishi et al. [22] bending failure limit condition, and 
the residual deflection is more than 1.1 % of the 
clear span. Bending and shearing are part of 
component V2. At the collision site, the pattern has 
obvious cracks. The plastic strain value is notably 
high around the right support and at the bottom of 
the member impact point. Bottom bending and 
shear cracks propagation from the component's 
bottom to the point of contact, where the fractures 
connect simultaneously. 

V1 

Residual deflection=11.61mm 

V2 

Residual deflection=22.11mm 

Figure 9. damage patterns compared at various 
impact velocities 

6.2 Variation of bending moment along 
component 

The section bending moment distribution of the 
three components changes with time, as shown in 
Figure (10). When the impact body is in contact 
with the component, except for a very small 
bending moment near the impact point, the rest 
has no obvious response. When the impact force 
reaches the peak value, the bending moment of the 
component is distributed symmetrically with the 
cross-section of the impact point as the center. The 
point of impact is a positive bending moment, and 
the negative bending moment reaches its peak at a 
distance of about 200mm from the point of impact. 
It can be seen from Figure (10) that when the stress 

wave is transmitted to the right end support, the 
left end support does not respond. 

V1 V2 
Figure 10. fluctuation of bending moment along 

with component
6.3 Shear force member longitudinal 

variation 
The changes in the shear force distribution of the 
three components with time are shown in Figure 
(11). When the impact force reaches the peak, the 
shear forces on both sides of the impact point are 
distributed symmetrically with the cross-section of 
the impact point as the center. When the impact 
force drops to the first wave trough, the shear force 
also drops due to the drop of inertial force. The 
stress wave has been transmitted to the right end 
support but has not reached the left end support. 
The shear force distribution is similar to the shear 
force distribution of the component under static 
force. The shear force on the right side of the 
impact point is greater than the shear force on the 
left side of the impact point. At this stage, there is 
not much difference in the shear force distribution 
of the three components, but the shear force is 
greater due to the increase of the impact velocity. 

V1 V2 
Figure 11. fluctuation of shear force along with 

component 

6.4 Strain analysis 
6.4.1 Characteristics of reinforcing steel force 
Figure (12) is the strain diagram of the YH2-H1 
component in the stable section of the impact 
force. The maximum plastic strain of the 
longitudinal reinforcement of the two members 
(V1 and V2) appears at the bottom of the impact 
point. The top steel bar also has a significant strain 
at the left end support, and the maximum 
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compressive strain is found on the top steel bar at 
the impact point. The strain of the steel bar on the 
right side of the impact point of V1 is relatively 
large, and the steel bar at the impact point has 
slight bending deformation. The strain of the steel 
bar at the bottom of the impact point of V2 and the 
steel bar at the top of the right end support is large, 
and large bending deformation occurs at the 
impact point, and the stirrup on the right side of 
the impact point has large tensile strain. This 
phenomenon shows that although the component 
as a whole still conforms to the characteristics of 
bending deformation, and the external force 
causes the component to undergo bending 
deformation, obvious shear deformation 
characteristics have appeared on the right side of 
the impact point. On this basis, the impact point of 
the component is basically transformed into a 
cantilever beam on the left. The top of the left end 
support is tensioned, and the bottom of the left 
end support is compressed. 

V1 

V2 
Figure 12. reinforced strain diagrams of 

members with different impact velocities 
6.4.2 Reinforced strain analysis 
From the above analysis, it can be seen that the 
strain between the bottom and top steel bars of 
the component is the largest during the impact 
process. Extracting the strain distribution trend 
along the length of the bottom steel bar and the 
top steel bar at different times is shown in Figure 
(13), and the strain trend of the component steel 
bars can be observed more intuitively. The tensile 
strain of the bottom and top steel bars near the 
impact site increases as the impact process 
continues for member V1 with bending failure. The 
steel bar's total strain reduces from the impact site 
to both ends. An impact point is at 200mm (i.e., the 
bottom steel bar) and the tensile strain continues 
to decrease until it approaches virtually zero at 

500mm (i.e., the bottom steel bar). The upper steel 
bar's strain increases from 50mm to 200mm, then 
lowers to 0mm at 300mm. A little tensile strain 
appears at the left end support. That the 
component has a substantial residual bearing 
capacity even when the component's stress 
condition is compatible with bending failure. The 
bottom steel bar strain is triangular, occurs in the 
range of 100mm to 300mm, and the tensile strain 
is maximum at 200mm for member V2. An oblique 
crack appeared near the 50mm position after 15ms, 
and the component's force transmission 
mechanism changed. The top steel bar creates 
considerable tensile strain near the support, and 
the right end support produces more than the left 
end support. The figure shows that the member's 
right side reverse bending point is at 100mm, 
where the steel bar's strain is always 0. As seen 
above, V2's stress state corresponds to bending 
failure's stress state. 

V1 V2 
Figure 13. distribution strain in bottom steel bar 

6.5 Energy mechanism analysis 
The impact body striking the component at a 
specific speed converts energy. If the kinetic energy 
of the impact body contacting the component is 
considered as the overall energy of the system. On 
impact, some of the original kinetic energy is 
transformed to heat energy. The remaining energy 
is transformed into component local deformation 
energy and system kinetic energy. During motion, 
the system's kinetic energy is continually converted 
into component internal energy, including elastic 
and plastic deformation energy. Figure (14) shows 
the energy change process of the two members 
with different failure modes. For member V1 with 
bending failure and V2 with bending-shear critical 
failure, when the total kinetic energy of the system 
is 0, the internal energy of the component reaches 
the maximum value, and the plastic strain energy 
of the component also reaches the maximum value 
at this time. Then the impact body rebounds, and 
the internal energy of the component decreases 
because of the release of elastic deformation. From 
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the figure, it is observed that only the steel bar is 
elastically deformed. Comparing the energy 
consumption capacity of the whole component and 
each component, the internal energy of V1 and V2 
accounts for about 77% and 76% of the total energy, 
and the total energy consumption of concrete 
accounts for 67% and 53% of the internal energy of 
the component. The total energy consumption of 
the steel bars accounts for 23% and 32% of the 
internal energy of the components. 

V1 V2 
Figure 14. energy transfer of various impact 

velocities members 

7 Conclusion 
To improve the impact resistance of RC circular 
members, three components of CFRP were tested 
under unequal span impact loads. The impact and 
deflection time history and failure mechanism of 
CFRP components are analyzed in this paper. The 
typical failure mechanisms of CFRP components 
are obtained. CFRP components' impact zone and 
right bearing part produce vertical cracks, and the 
steel bar breaks, indicating bending failure. 
However, as the steel bar breaks, its impact 
performance, impact force, and energy 
consumption capacity quickly decrease, 
notwithstanding both components being severely 
damaged. Additional amount CFRP layers have 
minimal influence on the components studied. 
Using a layer of CFRP reinforcement already offers 
enough lateral impact resistance. This paper 
utilized parameters to validate and investigate the 
finite element model's failure mechanism. Unequal 
span impact loads may cause CFRP components to 
fail in bending or shear. When a CFRP component 
is subjected to an impact load, the internal force 
distribution is considerably different than when the 
component sustains the static load when the 
complete CFRP component fails. A triangle strain 
distribution occurs around the impact point of the 
bottom steel bar. To dissipate energy when CFRP 
components bend, plastic deformation occurs. A 

diagonal crack in the concrete causes energy 
transmission and consumption capacity loss. 
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Abstract 
To improve the durability of the main cable of the suspension bridge, a new dehumidification system 
for delivering dry air from the interior of the main cable is proposed. The dehumidification system 
delivers dry air through the dry air supply conduct embedded inside the main cable, which can 
improve the dry air delivery efficiency. Based on the 1560m long-span suspension bridge of Longtan 
Yangtze River Bridge, the overall design of the new dehumidification system of the main cable is 
carried out. The components of the new dehumidification system are designed, the key 
technologies for the design of the new dehumidification system are clarified, and the corresponding 
solutions are proposed. To verify the dehumidification effect of the new dehumidification system, 
the main cable dehumidification test was carried out to test the relative humidity change pattern 
inside the main cable during the dry air delivering process. The test results show that the new 
dehumidification system has a good dehumidification effect and can be used to protect the main 
cable of the long-span suspension bridge against corrosion. 

Keywords: main cable of suspension bridge; high-strength steel wire corrosion; dehumidification 
system design; dehumidification effect. 

1 Introduction 
The main cable is the load-bearing component of 
the long-span suspension bridge, which is almost 
irreplaceable in the operation stage. So, it is called 
the "lifeline" of the suspension bridge [1]. The main 
material of the main cable is high-strength steel 

wire, which is easily corroded in a high humidity 
environment, affecting the bearing capacity and 
durability of the main cable. The main cable 
opening inspection in recent years found that the 
corrosion of the high-strength steel wire is quite 
serious [2-3]. How to slow down the corrosion rate 
of the steel wire and improve the durability of the 
main cable deserves further study [4-6]. 
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The traditional main cable anti-corrosion method is 
to wrap the wires and apply anti-corrosion putty on 
the surface of the main cable. The anti-corrosion 
layer can prevent moisture in the environment 
from entering the main cable, which can achieve 
the main cable anti-corrosion. This passive anti-
corrosion mode cannot do anything against the 
moisture that enters the interior of the main cable 
during construction. In addition, the anti-corrosion 
layer on the surface of the main cable has the 
problem of aging and cracking in the operation 
stage [7]. At present, the commonly used anti-
corrosion method for the main cable is the dry air 
dehumidification system. The dehumidification 
system passes dry air into the main cable from the 
surface of the main cable to reduce the humidity 
inside the main cable and slow down the corrosion 
rate of the high-strength steel wires. However, 
after more than a decade of operation, the external 
dry air supply dehumidification system gradually 
exposes some problems [8-9]. For example, the 
efficiency of delivering dry air into the main cable 
is low. The dry air can only cover a few cable strand 
layers on the surface of the main cable, and it isn't 
easy to achieve full cross-sectional coverage of the 
main cable. Furthermore, the external dry air 
supply dehumidification system has high 
requirements for the sealing of the main cable. 
Once the main cable sealing layer leaks, the dry air 
cannot be delivered over a long distance. The 
durability of the external dry air supply conduit is 
poor, and the maintenance cost is high. 

This paper designs a new anti-corrosion system 
that dehumidifies the main cable by delivering dry 
air from inside the main cable. The dry air is 
delivered to the interior of the main cable through 
an dry air supply conduit embedded in the center 
of the main cable section. The dry air of the new 
dehumidification system diffuses from the center 
to the surface of the main cable, which can realize 
the entire section dehumidification of the main 
cable. Compared with the external dry air supply 
method of the main cable, the dry air supply from 
the inside of the main cable has the advantages of 
high dehumidification efficiency, reduced damage 
to the sealing layer of the main cable, the same life 
design as the main cable, and more complete 
dehumidification for large sections of the main 
cable. The new dehumidification system will be 

used on the Longtan Yangtze River Bridge. To verify 
the dehumidification effect of the new 
dehumidification system, a main cable 
dehumidification test is carried out in this paper. 
The relative humidity variation patten of different 
positions inside the main cable during the 
dehumidification process was tested, and the 
experiment verified the good dehumidification 
effect of the new dehumidification system 
designed in this paper.  

2 Design of the new dehumidifica-
tion system for the main cable 

In designing the new dehumidification system of 
the main cable, three key technologies need to be 
addressed. (1) The dry air supply conduit 
embedded in the center of the main cable should 
adapt to the elongation and shape of the main 
cable; (2) The compressive stress in the main cable 
is about 5~10MPa [10-11]. Therefore, the dry air 
supply conduit should have sufficient radial 
pressure bearing capacity; (3) The main cable of the 
suspension bridge is a whole within each span, and 
it is necessary to solve how to deliver dry air to the 
dry air supply conduit inside the main cable. 

2.1 Composition structure of the new 
dehumidification system 

The internal dry air supply dehumidification system 
of the main cable is a new type of main cable anti-
corrosion system developed based on the external 
dry air supply dehumidification system commonly 
used in suspension bridges. Its basic structure is the 
same as that of the traditional external dry air 
dehumidification system of the main cable. The 
internal dry air supply dehumidification system is 
mainly composed of the dry air preparation unit, 
dry air conveying conduit, exhaust cable clamp, 
monitoring system, and so on [12]. The 
dehumidification processes of the two 
dehumidification systems are shown in Figure 1. 

2.2 The new dry air delivery conduit 

As mentioned above, the dry air delivery conduit 
embedded in the main cable should have sufficient 
radial compressive strength and sufficient 
deformability to adapt to the main cable shape. 
Ordinary metal pipes are difficult to meet the 
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internal use requirements of main cables due to 
their poor flexibility. In this regard, the author 
designed a new dry air supply conduit composed of 
a spiral spring and a corrugated pipe, which can 
meet the requirements of the internal use of the 

main cable [13-14]. The spiral spring has sufficient 
radial compressive strength and can resist the 
extrusion of the cable strands. The new dry air 
supply conduit is shown in Figure 2.

(a) The dehumidification process of the external dry air supply dehumidification system

(b) The dehumidification process of the new main cable dehumidification system

Figure 1. The dehumidification process of the main cable dehumidification system

(a) Three-dimensional structure of the new dry air
supply conduit 

(b) The physical picture of the new dry air supply
conduit 

Figure 2. The new dry air supply conduit 

To verify whether the strength of the new dry air 
supply conduit can meet the requirements, the 

radial compression test of the new dry air supply 
conduit is designed. The test is shown in Figure 3. A 
layer of steel wire is wrapped around the surface of 
the conduit to simulate the real force state of the 
conduit inside the main cable. 

(a) Front view (b) Side view

Figure 3. The radial compression test of the new 
dry air supply conduit 

The test is carried out on a universal material 
testing machine. The specimen is loaded as follows: 
the specimen is loaded to 200 kN at a rate of 1 kN/s 
and then held for 5 min. Then, the specimen is 
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unloaded to 0 kN at the same rate. The specimen is 
cycled 3 times in the above manner of loading. The 
test result is shown in Figure 4. 

Figure 4. Force-displacement curve test result 

The test results show that the radial deformation 
of the new  dry air supply conduit increases linearly 
during the loading process, and the deformation of 
the new dry air supply conduit can be completely 
recovered after unloading. This shows that under 
the action of the design load, the radial 
deformation of the new dry air supply pipe is still in 
the elastic deformation stage. Therefore, the radial 
compressive strength of the new dry air supply 
conduit designed in this paper meets the strength 
requirements inside the main cable. 

2.3 Dry air delivery method of the new 
dehumidification system 

The cable strands are closely arranged in the main 
cable, and the surface of the main cable is wrapped 
with steel wires and wrapping tapes. Therefore, it 
cannot be directly insert into the air intake conduit 
to deliver dry air to the main cable. Instead, the 
author considers delivering dry air from the non-
winding steel wire area of the main cable to the 
internal dry air supply conduit. The detailed design 
of the dry air supply port is shown in Figure 5.  

The structure of the main cable saddle is optimized, 
and the vertical bulkhead thickness in the middle of 
the saddle groove is thickened to 60mm. The 
vertical bulkhead can open a particular gap 
between the cable strands inside the main cable, 
and this space can be used to install the external air 
intake conduit. The external dry air intake conduit 

and the internal dry air supply conduit of the main 
cable are connected by flange, thus realizing the 
connection between the dry air supply conduit 
inside the main cable and the external dehumidifier 
equipment. 

2.4 Engineering Application 

Longtan Yangtze River Bridge is a long-span 
suspension bridge with a main span of 1560m. The 
stiffening beam is a flat and streamlined steel box 
girder with a height of 3.7m, a standard segment 
length of 16m, and a width of 39.1m. The center 
distance between the two main cables is 34.8m, 
and the rise-to-span ratio is 1/9. Each main cable 
comprises 126 cable strands, each cable strand 
consisting of 127 galvanized high-strength steel 
wires with a diameter of 6.0mm. The ultimate 
tensile strength of the galvanized high-strength 
steel wire is 1960MPa. The sling is made up of 121 
parallel steel wires with a diameter of 5mm, and 
the ultimate strength of the parallel steel wires is 
1770MPa. For the cable system of this suspension 
bridge, a new dehumidification system by 
delivering dry air from inside the main cable is 
designed to ensure the durability of the main cable. 
The new dehumidification system is mainly 
composed of air supply equipment, air supply 
conduit, exhaust clamps, and monitoring clamps. 
The overall design of the new dehumidification 
system for the main cable of the Longtan Yangtze 
River Bridge is shown in Figure 6. 

As is shown in Figure 6, a total of 20 dry air inlet 
point monitoring clamps and 26 exhaust point 
monitoring clamps are arranged in the suspension 
bridge. The composite air supply conduit is 
embedded in the center of the main cable section 
and arranged along the shape of the main cable. 
The two dry air inlet points are set in the side-span 
main cable and six dry air intake points are set in 
the mid-span main cable. The temperature and 
humidity sensors together with the air pressure 
sensors are set in the monitoring clamps to monitor 
the temperature and humidity state and air 
pressure changes in the main cable. A micro 
pressure exhaust valve is installed on the exhaust 
clamp, and it can be opened automatically to 
exhaust wet air when the air pressure in the main 
cable reaches the exhaust threshold. So the anti-
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corrosion sealing layer on the surface of the main 
cable can be avoided by bursting. 

Figure 5. The dry air supply port of the new dehumidification system 

Figure 6 Overall design of the new dehumidification system for the main cable of Longtan Bridge 

Figure 7 The overall layout of the dehumidification test of the main cable 
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Figure 8 Field layout of the dehumidification test of the main cable 

3 Dehumidification effect test 
verification 

3.1 Overall layout of the dehumidification 
test 

The length of the main cable model is 7m, which 
consists of 147 parallel cable strands. Each parallel 
cable strand consists of 61 galvanized high-strength 
steel wires with a diameter of 5.3mm. The main 
cable model is tightened by the cable clamps with a 
length of 930mm. The cross-section diameter of the 
main cable is about 560mm. The exhaust clamp with 
a length of 600mm is set in the middle of the main 
cable. The main cable is supported by steel bearings, 
and the surface of the main cable is wrapped with a 
thin iron sheet to form a sealing layer. One dry air 
inlet port is set on the dry air supply conduit in the 
main cable. The overall layout scheme and test site 
are shown in Figure 7 and Figure 8. 

3.2 Measuring points of the main cable 

The temperature and humidity changes inside the 
main cable are tested by the temperature and 
humidity sensors. The sensor type is the RS-WS 
temperature and humidity sensor, which has the 
function of temperature and humidity simultaneous 
testing.  

Compared with the external dry air supply 
dehumidification system, a significant improvement 
of the new dehumidification system is that the dry 
air can cover the entire section of the main cable. As 
mentioned above, the dry air of the new 
dehumidification system diffuses from the center to 

the surface of the main cable, and a certain amount 
of dry air can reach the surface of the main cable, 
indicating that the entire section of the main cable 
can cover dry air.  

Aim to study the variation of the temperature and 
humidity along the longitudinal direction of the 
main cable, two sections are selected for the 
temperature and humidity test. As is shown in 
Figure 8, one section (the section 1-1) is close to the 
dry air intake port and the other (the section 2-2) is 
close to the cable clamp area. The dry air flow in the 
cable clamp area is blocked, where the 
dehumidification is more difficult than that of other 
positions. Therefore, the new dehumidification 
system should ensure a good dehumidification 
effect in the cable clamp areas. The layout of the 
temperature and humidity sensors in the cross-
section of the main cable is shown in Figure 9. 

Figure 9. The layout of the temperature and 
humidity sensors in the main cable cross-section 
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3.3 Main test process 

The main process of the dehumidification test is as 
follows: Firstly, the main cable is sprayed with water 
evenly. Secondly, the clean and dry air is prepared 
by the rotary dehumidifier and sent into the main 
cable after the pressure of the dry air is increased by 
the high-pressure blower. Thirdly, the dry air flows 
in the main cable and mixes with the wet air to take 
away the moisture. Finally, the dehumidified wet air 
is discharged from the exhaust clamp. The main 
equipment for the dehumidification test is the 
rotary dehumidifier, high-pressure blower, vortex 
flowmeter, temperature and humidity sensors, and 
the digital micro pressure transmitters. 

3.4 Test Results and Analysis 

The water sprayed on the surface of the main cable 
flows slowly to the inside of the main cable, and the 
water evaporates to form water vapor. As a result, 
the relative humidity inside the main cable gradually 
increases and eventually rises to 100%. After the 
initial humidity field is formed inside the main cable, 
adjust the flow control valve on the air supply 
conduit to deliver dry air to the main cable at the 
rate of 60m3/h. The acquisition frequency of the 
temperature and humidity data acquisition 
equipment is set to once per hour, and monitor the 
temperature and relative humidity variation curves 
at different positions inside the main cable. The test 
results are shown in Figure 10. 

(a) Section1-1

(b) Section2-2

Figure 10 The relative humidity test results of the 
main cable 

The test results of the temperature and humidity 
variation curves inside the main cable show that 
even at the positions such as the top and side of the 
main cable, where the actual bridge inspection 
shows the greatest susceptibility to corrosion, the 
relative humidity of the high strength steel wires is 
eventually reduced to less than 60%. Therefore, the 
new dehumidification system has a good anti-
corrosion and dehumidification effect on the entire 
cross-section of the main cable. 

In summary, the dehumidification test validates the 
advantage of the dry air coverage of the new 
dehumidification system. The significant 
dehumidification effect of the new 
dehumidification system is verified by analyzing the 
relative humidity variation patten at different 
positions of the main cable. Therefore, the new 
dehumidification system can provide a more 
effective anti-corrosion method for the main cable. 

4 Conclusions 
This paper proposes a new dehumidification system 
that dehumidifies dry air from inside the main cable 
and solves the technical problems in the design of 
the new dehumidification system. The main cable 
dehumidification test was carried out, and the test 
results verified the effectiveness of the anti-
corrosion effect of the new dehumidification system. 
The main conclusions are as follows: 

(1) The basic structure of the new dehumidification
system is introduced, the dry air supply port of
the new dehumidification system of the main
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cable is designed, and the new dry air supply 
conduit is designed. 

(2) The radial compression test of the new dry air
supply conduit is carried out, and the test
results showed that the radial compressive
strength of the new dry air supply conduit met
the requirements for the internal use of the
main cable. In addition, the new dry air supply
conduit has good flexibility and can adapt to the
elongation and deformation requirements of
the main cable. It can be used as the dry air
supply conduit inside the main cable

(3) The dehumidification test results show that the
new dehumidification system can reduce the
humidity inside the main cable below the critical 
humidity for high-strength steel wires corrosion
(RH=60%). So the new dehumidification system
of the main cable has a good dehumidification
effect and can be used for the main cable anti-
corrosion protection of the Longtan Yangtze
River Bridge.
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Abstract 
In Chile several natural hazards (earthquakes, landslides, etc.) create high road structure 
vulnerability resulting in road disruption. One of these conditions can be exemplified by the collapse 
of a road bridge resulting in high human and economic cost.  

The current Bridge Management System must provide comprehensive inspection, diagnosis and 
intervention (strengthening or repair) protocols, always with a limited budget. For that reason, the 
budget allocated to O&M is usually reduced and has to be technically justified. 

A tool to provide adequate decision-making is to know the direct and indirect costs associated with 
the collapse of the bridge and how this collapse impacts on the funding allocated to management 
activities. 

This paper is a proposal based on the social assessment methodology to quantify the direct and 
indirect costs of a bridge collapse on a route that is critical for the Chilean road network, following 
the current social assessment methodology and applying it to a specific bridge. An analysis and 
comparison of the funding of inspection and monitoring is carried out. This analysis considers visual 
inspection, UAV, NDT and instrumentation of the bridge. 

Keywords: bridge; collapse; assessment; road network. 

1 Introduction 
Chile is a country undergoing everyday natural 
disasters, among which not only include the large 
earthquakes (for which Chile is internationally 
classified/recognized as a highly seismic country), 
but also the numerous volcanoes, landslides, 
wildfires, floods, droughts, etc. This is due to our 
country’s geography and geology and, therefore, 
cannot be predicted accurately, let alone be 
avoided. Its location makes it one of the countries 
with the highest volcanic and seismic activity in the 

world, being the OECD member with the greatest 
exposure to natural disasters, given 54% of its 
population and 12.9% of its area is exposed. 

According to the Inter-American Development 
Bank (IDB), over the last twenty years, Chile has 
disbursed a yearly average of roughly 200 million 
dollars to cover these issues, which makes it the 
country with the highest annual expense on this 
type of emergencies in the region. 

It should be noted that, at a national level, in recent 
years the Ministry of Public Works has been 
boosting the strategy of contributing to the 

1715

mailto:john.doe@goodmail.com


IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

development of a more resilient country in the face 
of natural disasters. The GRDR project led by the 
PUCV for the identification and prioritization of 
threats [6] develops within this framework. 

In Chile, some professionals are currently working 
to demonstrate that the damage caused by natural 
disasters has a huge impact on the operation of the 
country’s long road network, stretching over 
85,000 [km] of routes, 25% (16,596 [km]) of which 
are paved. These professionals propose that the 
damage and costs arising from natural disasters on 
our road network (in terms of time invested and 
lost in road recovery, repair and reconstruction) 
are such that it is of paramount importance to 
identify social costs, as well as to monitor and 
mitigate risks before they occur. 

Consequently, it becomes a primary task that road 
projects keep suitable monitoring and 
maintenance to face Chile’s every-day issues. A 
problem visible at first glance in the execution of 
projects like this is the disregard for the social costs 
that may result from no connectivity due to poor 
control or monitoring of road structure such as 
bridges, roads, tunnels, etc. It can be seen that the 
assessment included in this type of projects does 
not fully represent our reality. 

This paper is a proposal of using social assessment 
methodology to quantify the direct and indirect 
costs of a bridge collapse in a critical route for the 
Chilean road network based on the current social 
assessment methodology and applying it to the 
Seminario Bridge. 

2 Seminario Bridge and Route G-98-F 
Seminario Bridge is located on the Algarrobo - San 
Antonio coastal road, in El Quisco, Valparaíso 
Region. The bridge’s floor is straight and has 4 
spans, 2 of which are internal (22.5 m long) and 2 
are external (18 m long), totaling 81 m in length and 
10.2 in width. 

1 MOP: The Chilean Ministry of Public Works 

Figure 1: Seminario Bridge 

The bridge’s superstructure comprises a 23-cm 
thick concrete slab supported by two 1.53-m high 
type-I metal beams. The slab was laid using 
prefabricated, precompressed deck panels with a 
thickness of 13 cm, which were supported by the 
metal beam edges, which are in turn utilized as a 
mold to shape the rest of the slab. The metal beams’ 
height is continuous, with flanges displaying 
variable width (250 mm to 400 mm) and thickness 
(12 mm to 30 mm). The metal beams and the 
concrete slab are joined by circular metal 
connectors. All along the bridge, the metal beams 
are braced by metal beams made of I-section 
corner pieces. 

The bridge’s reinforced concrete footing has a 
circular section. The columns are 1.4 m in diameter 
and are supported on pile caps of 2.6 m in diameter 
and 1.2 m in height. The load of the superstructure 
is transferred to the infrastructure by upright metal 
plates laying right on top of the footing. 

2.1 Inspection methodology 

This Project analyses the baseline damage, 
structural diagnosis and assessment of Seminario 
Bridge’s structures based on 5 reporting methods: 
visual inspection, use of drones, satellite imaging, 
continuous monitoring and load testing. 

Below are the results of the visual inspection 
containing the critical pathologies observed based 
on the MOP’s1 damage classification and severity 
levels proposed for the main components. 
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Beam-supporting plates: Location: General; 
Pathology: Corrosion. Critical 5 

Front wall: Location: Side wall; Pathology: Cracked 
wall. Critical 5 

Pier cap: Location: General; Pathology: Missing 
components. Critical 5 

The performance indexes are obtained by visual 
inspection. In addition, the use of drones provides 
horizontal views of sidewalks, metal barriers, 
pavement and beams. The 10x10 Satellite Imaging 
allows obtaining hazard characteristics of erosion 
and possible scour conditions. The inclusion of the 
INSAR method may allow the corroboration of 
displacement conditions. This was analyzed by 
inspecting the dynamic load using instruments, 
thus obtaining the pavement damage condition, 
lowered access embankment and dynamic 
condition. 

The detailed analysis showed that: in general terms, 
the pathologies concentrate on the bridge’s deck. 
It should be noted that the age of the bridge 
creates the need for updating Chile’s seismic action 
and current traffic conditions, since it appears to be 
overused. In addition, certain areas of the bridge’s 
metallic elements sustain critical corrosion, which 
can generate material loss and eventually 
undermine the structure. 

Based on this alert, a project was prepared to 
assess the social impact of a possible collapse of the 
structure, based on a proposal that would allow the 
comparison between the inspection and 
monitoring costs with those of an eventual collapse. 
Then, the methodological proposal based on 
Chile’s current infrastructure planning is presented. 

2.2 Costs estimated for the monitoring and 
construction of the Final Bridge and 
Emergency Bridge 

For comparison purposes in this case study, the 
costs of the construction of a new bridge have been 
estimated to analyze the impact of the non-
connectivity of a route. Monitoring projects can be 
conducted to know the structural condition and the 
cost of an emergency bridge in the case of collapse 
and the need to connect the localities. 

The standardized costs per linear meter herein 
have been estimated based on the expertise of the 
Ministry of Public Works and the experience of the 
Monitoring Challenge [7].  

2.2.1 Costs associated with the construction of 
a prototype bridge in Chile 

The cost per linear meter of a standard bridge in 
Chile is broken down by current components and 
their average prices. 

Infrastructure such as the dig, structural fill, use of 
concrete, steelwork, molds, piles, etc. is considered 
to be a bridge component. On the other hand, the 
superstructure includes items such as asphalt-
concrete work, concrete structures, steelwork, 
molds, waterproofing systems, beams, bracing, 
plates, drain holes, safety rails, etc. 

Entrances and road works, where the current items 
correspond to the preparation of the work area 
with tasks such as structure removal, duct laying, 
paving, drainage works, strip cleaning and clearing, 
etc. have also been considered, as well as 
associated works, drainage and platform 
protection, which comprises components such as 
floors, sinks, pits and buttresses, pipes, concrete 
parts, masonry, etc. 

The estimated cost of building a standard bridge in 
Chile, considering the items described above, 
amounts to a net cost of CLP 20,000,000 per linear 
meter built, excluding VAT (reference: 1 dollar = 
780 Chilean pesos).  

2.2.2 Costs associated with structure 
monitoring 

Regarding the monitoring of the structure, actions 
such as web platform installation, processing, 
reporting, use and maintenance have been taken. 

Triaxial accelerometers, inclinometers, a scour 
sensor, a displacement sensor and strain gauges 
have also been used. 

The cost of monitoring clearly depends on the type 
of monitoring that is to be carried out, which can 
be either punctual or continuous.  
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Punctual monitoring has an approximate cost of 
CLP 460,000 per linear meter, (estimation based on 
a UF value of CLP 29,690 per day as of 23/06/2021). 

The cost of continuous monitoring, which is 
applicable for 3 years, amounts to approximately 
CLP 1,600,000 per linear meter. 

2.2.3 Costs associated with an emergency 
bridge 

An emergency bridge will be assembled if needed 
to join the localities affected by no connectivity due 
to the collapse of the bridge structure. 

A total of ten people is generally considered for the 
installation of an emergency bridge. Only the 
assembly of such a bridge, which is approximately 
60 meters long, assuming that everything is ready 
for installation, would take an estimated time of at 
least two weeks. In case of acute urgency, work 
round the clock is needed. 

The daily allowance expense per operator is 
approximately CLP 50,000. 

A lorry (to carry materials) is used on every trip to 
build emergency bridges. This lorry is usually 
accompanied by another vehicle, a “caravan” 
which is used for lodging people and, if necessary, 
a state-owned pickup joins the column. 

The price of a lorry plus a caravan in terms of 
motorway tolls from Santiago to Puerto Montt 
(based on the information that was provided to us 
by the Ministry of Public Works bridge 
department’s Head Office) amounts to CLP 200,000 
and petrol to roughly CLP 350,000. For the state 
pickup, the toll cost amounts to CLP 70,000 and 
petrol to roughly CLP 200,000. These prices vary 
depending on the structure’s location and whether 
the work will be carried out with local personnel or 
with the head office staff.  

The purchase of a single-lane emergency bridge by 
the state would cost roughly CLP 4,500,000 per 
linear meter. In the case of a double-lane bridge, 
the cost amounts to roughly CLP 11,000,000 per 
linear meter.  

3 Methodology to Evaluate Costs 
due to loss of connectivity of 
Chilean Bridges 

The methodology proposed considers the loss 
connectivity in the event of bridge failure, in order 
to determine the associated costs [4]. For this, the 
methodology of Interurban Roads [1] is used as a 
basis. 

The costs are linked to the increase of travel time 
due to the greater traffic flow on the alternative 
route, as users move in from the main road. In 
addition to generating more traffic, it also 
increases CO2 emissions. More chances of an 
accident have also been considered. 

This model is based on the principle that a bridge 
on a main route collapses, thus hindering the 
route’s connectivity and, consequently, an 
alternative route is sought. 

The hypothesis is that the cause of the collapse of 
the bridge is mainly its condition, some extreme 
event or a possible work that must be carried out 
on it. 

To apply the methodology, the following 
parameters and considerations are required: 

Length of the main route and length of the 
alternative route. To find out the length of the 
routes we will assume a trip, which has a beginning 
and an end, and this trip passes through the bridge 
in question. In the case of an alternative route, the 
one that does not go through the bridge and is the 
most straightforward way to reach the end of the 
proposed trip will be used. 

Travel times for both roads, and increase in travel 
time due to increased numbers of users. Route 
times are simulated based on the trip on the main 
route, as well as on the alternative route, on which, 
as there are more vehicles, travel times also 
increase to an observed 20% compared to the main 
route. 

The country’s geographical area and AADT for each 
route, increase in AADT on the alternative route. 
The geographical area and the AADT are directly 
related, since to find the traffic flow data, it is 
necessary to specify where the route is located on 
the road network. Now, the AADT value shows us 
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how many vehicles of each type pass through this 
route, and this value is considered to be most 
influential for the related costs. With regard to the 
increased AADT on the alternative route, it is 
proposed that 70 [%] of the users of the main route 
use the alternative route. 

Road type. Lastly, we need to know what type of 
road the route corresponds to. The options are one, 
two, or 4 paved lane roads, as well as a motorway. 
This parameter is directly related to the accident 
rate on the route. 

Once these values have been obtained in the light 
of these considerations, the costs are calculated 
using the following formulas: 

Costs associated with an increase in the travel 
time. 

Time Cost (CLP/year t)  = 365*�(𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇 ∗ 𝑆𝑆𝑆𝑆𝑇𝑇𝑇𝑇
𝑛𝑛

𝑖𝑖=1
∗ 𝑡𝑡) 

Where: 

- AADTi = annual average daily traffic on the

route per vehicle type i

- SVTi = social value of time in interurban

trips, per vehicle i.

- t = Travel time on the route (hours).

The social value of travel time is obtained from the 
table contained in the current Social Prices 
document, updated to 2021 [3]. This document is 
prepared by the SIN (the Chilean National Tax 
Service), and varies depending on the type of 
vehicle, for example: a lorry has a SVT (CLP/hr) of 
9,479 per vehicle. 

Cost associated with the increase in CO2 
emissions 

Fuel consumption data for each vehicle type that 
will drive along the route is necessary to obtain the 
CO2 emissions value for each vehicle. This 
information can be obtained from automotive 
catalogues and is for public use. Its inverse is 
applied to this factor to obtain the relationship 
between fuel consumption and km travelled 

(FUELi/km). For example, a bus is estimated to have 
a fuel consumption of 2.4 km/L) and a (FUELi/km 
(1/km/L) of 0.41. 

In addition, the emission factor is considered, 
according to the 2017 interurban methodology. For 
example, for a lorry with FEi = 0.002676. 

Once both factors have been defined, and the 
mileage of the route is known, the value of the 
emissions is calculated by relating the three 
concepts based on the following formula extracted 
from the 2017 interurban methodology. 

𝐸𝐸𝑇𝑇𝐸𝐸𝑆𝑆𝑖𝑖 = 𝐹𝐹𝐸𝐸𝑖𝑖*(𝐶𝐶𝐶𝐶𝑇𝑇𝐶𝐶𝑖𝑖/𝐾𝐾𝐾𝐾) ∗ 𝐾𝐾𝑇𝑇 

The cost value when increasing the CO2 emissions 

is obtained using the equation below:  

Cost of CO2 increase  (CLP/year)  = 365*�(𝐸𝐸𝑇𝑇𝐸𝐸𝑆𝑆𝑖𝑖

𝑛𝑛

𝑖𝑖=1
∗ 𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑖𝑖) 

Where: 

- AADTi = annual average daily traffic on the
route per vehicle type

- EMISi = Total CO2 emissions per vehicle

Cost associated with the increase in road 
accidents. 

This cost is based on the 2017 Interurban 
Methodology [2]. To do this, the type of road 
researched is determined as well as the zone and 
region where it is located in the country, and the 
AADT of said route, together with the value of the 
costs associated with a road accident such as 
material damage to the vehicle, cost in case of 
injury or, worse, loss of life, and the legal costs 
involved in court proceedings or insurance 
premiums. 

Consequently, the unit social costs per accident 
rate, type of accident, area of occurrence and type 
of road are obtained from the 2017 Interurban 
Methodology. The accident rate per type of road is 
also included, considering accidents such as run 
over, crash, collision and rollover, depending on 
the type of road (1 or 2 unpaved lanes, 2 paved 
lanes, 4 paved lanes or motorway). 
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The methodological proposal includes the 
assumption that there is an increase in AADT on the 
route. For this, the number of accidents is needed, 
in which the following equation is proposed: 

Number of accidents  = Accident rate * 𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑖𝑖
∗ 𝐾𝐾𝐾𝐾 ∗ 365 

Where: 

– Accident rate per 10 million vehicles.

– AADTi: annual average daily traffic on the
route per vehicle type i.

– Km: The overall length of the road to be
intervened, in km.

Finally, this formula is proposed to quantify the 
accident cost per vehicle type: 

Accident cost = Number of accidents * 

Social cost per unit 

Once each cost associated with the type of vehicle 
on the route has been obtained, they are added to 
estimate all the accidents that occurred on the 
study routes. 

4 Application of the methodology to 
the Case Study ROUTE G-98-F. 
Seminario Bridge 

In the case study of route G 98 F, five bridges lay 
along the way. One of them is Seminario Bridge. 
Below is a definition of the routes and a description 
of the parameters, AADT and case-related costs. 

4.1 Seminario Bridge 

Main route. A trip from Algarrobo to Las Cruces 
Avenue is simulated. The main road is G-98-F, 
approximately 18 kilometers long, with an 
estimated travel time of 28 [min]. See the ground 
view below. 

Figure 2: Main route to Seminario Bridge 

Source: Google Maps 

Alternative route. The alternative route meets 
road F-90, and continues along G-94-F, to then turn 
towards G-98-F. Its estimated length is 26 [km], 
with a travel time of 26 [min]. See ground view 
below. 

Figure 3: Side route to Seminario Bridge 

Source: Google Maps 

Route parameters. Once the trips have been 
simulated, the times and length of the route are 
tabulated based on the type of road. See the values 
for this case below. 
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Table 1. Seminario Bridge parameters 

Route 
Data 

Main 
Route 

Alternative 
Route 

No 
Connectivity 

Route 

Length 
(km) 37.6 36.7 36.7 

Travel 
time (min) 39 30 36 

Route ID G98F G94F G94F 

Zone Central Central Central 

Road type Two paved 
lanes 

Two paved 
lanes 

Two paved 
lanes 

AADT. AADT for G-98-F as the main route and G-
94-F as the alternative route are attached hereto,
as well as the proportion added to the case of no
connectivity.

Table 2. AADT G-98-F and G-94-F 

AADT 
Main 
Route 

Alternative 
Route 

No 
Connectivity 

Route 

Light 
vehicle 9.861 10476 17378 

Light 
lorry 336 322 557 

Heavy 
lorry 86 19 79 

Buses 239 12 179 

Associated costs. Costs for driving on toll roads are 
not applicable. See the road type costs as well as 
the annual and monthly costs per route below. 

Table 3. Annual cost per route type (Billions) 

Route Travel 
time 

CO2 Pollution Accidents 

Main route CLP32.7 CLP 0.00014 CLP 4.7 

Alternative 
route CLP25.3 CLP 0.00016 CLP 6.4 

No 
Connectivity CLP56.1 CLP 0.00029 CLP 10.8 

4.2 Analysis of the Result after applying 
the Methodology 

This analysis includes several classifications for the 
case study, such as: 

Classification based on cost difference in case of no 
connectivity and the main route (annual cost), that 
is, it shows the difference between the cost of the 
route due to no connectivity and the cost of the 
alternative route in normal conditions. For this case 
study, the costs amount to: CLP 35,188,866,051. 

Classification based on the main route annual cost. 
Knowing the cost of each main route and 
considering that they will not always be the ones 
with the lowest associated costs is essential. 
However, their main route condition is given by the 
presence of the case study bridge. For this case 
study, the costs amount to: CLP 37,489,280,124. 

Classification based on the i3 MOP card 
qualifications [5], granted by state inspectors to 
structures over a certain inspection period. This 
classification will help us show the structures that 
sustain greater wear and eventual failures in the 
event of natural disasters or bridge failures. In this 
case study, the severity level is 70. Therefore, 
medium-term action should be taken. 

Classification based on construction costs. The 
estimated costs associated with the construction 
for this case study are: CLP 1,400,000,000. 

Classification based on the difference of non-
connectivity and main route compared to the cost 
of construction of the bridge. The cost of no 
connectivity is compared with the cost of building 
the bridge. In this case study it was estimated to be 
equivalent to building 25 bridges. 

Classification of the bridge construction cost based 
on the increase in the alternative route’s annual 
social cost. The monetary percentage that is 
equivalent to building the final bridge is 
determined in relation to the increase in cost of the 
alternative route, particularly: bridge building cost 
percentage based on the Main Route cost: 3.7%; 
Building cost percentage based on the cost 
increase in the Alternative Route: 4%; Building cost 
percentage based on the cost of no connectivity: 
2.1%. 
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Classification based on the percentage involved in 
building the emergency bridge compared to the 
annual social costs of the routes. Emergency bridge 
compared to the Main Route: 2.05%; Emergency 
bridge compared to No connectivity: 1.15%; 
Emergency bridge compared to the alternative 
route cost increase: 2.19% 

Classification based on the percentage of punctual 
monitoring compared to the annual social costs of 
the routes. Punctual Monitoring and Main Route: 
0.09%; Punctual monitoring and the alternative 
route cost increase: 0.09% 

Classification based on the percentage of 
continuous bridge monitoring compared to annual 
social costs of routes. Continuous Monitoring and 
Main Route: 0.30; Continuous monitoring and the 
alternative route cost increase: 0.32%. 

5 Final Comments 
This methodology allows a classification of the 
results for the case study route by conducting a 
thorough analysis of critical routes. 

In also allows determining the increases in social 
costs, which means changing from a state of 
“normality” to a state of no connectivity on a main 
route, thus compelling the users to take an 
alternative route. 

It allows determining the inspection and 
monitoring costs as well as determining possible 
actions on the structures, the maximum deadlines, 
the types of suitable inspections, all this depending 
on our qualifications by the Ministry of Public 
Works based on the MOP i3 system’s bridge 
records, thus generating a percentage index of the 
costs associated with this type of action in order to 
avoid or prevent the loss of connectivity, compared 
to the social costs involved in the use of an 
alternative route due to no connectivity. 

Finally, it should be noted that the cost of 
monitoring ranges from 0.2% to 2.3%. Compared to 
the social cost of the route, this value is quite low 
considering that monitoring allows us to better 
identify the bridge’s condition to prevent collapse. 
In addition, a percentage of roughly 10% results 
when comparing the value of monitoring with the 
cost of building, which is also a very low value if 

monitoring of the structure is to be justified in 
order to reduce the probability of collapse. 
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Abstract 
Aiming at deformation characteristics of super-span bridge and track in high-speed railway at the 
acceptance stage, the key factors to track static geometrics are identified, namely the route profile, 
surrounding temperature, construction deviation and ballast density deviation. According to the 
study results, the principles of track profile setting is proposed, and the integrated criteria of 
midpoint chords based on 60 m, 30 m and 10 m is recommended to determine the track target 
geometric profile. The optimized track adjustment scheme should meet two conditions, first 
condition is that the irregularity midpoint chord values should not exceed 6 mm/60 m, 3 mm/30 m 
and 1 mm/10 m, and second condition is that the adjustment range of ballast thickness should be 
within ( -20 mm~+100 mm). 

Keywords: high speed railway; long-span bridge; deviation of track static geometrics; 
temperature-induced deformation; engineering deviation. 

1 Introduction 
In recent years multiple combined highway and 
railway bridges have been proposed and built in 
China, each with over 1 km main span and design 
speed of 250 km/h. For example, with a 1,092 m 
main span, the Husutong Yangtze River Bridge and 
the Wufengshan Yangtze River Bridge have 
already been put into operation, while the 
Changtai Yangtze River Bridge (with a main span 
of 1,176 m) and the Ma’anshan Yangtze River 
Bridge (with 2*1,120 m main spans) with the 
structures of cable-stayed bridge and steel truss 
girder have already been in construction. The 
preliminary designs of the Xihoumen Yangtze 

River Bridge (1,488 m in main span, separated 
steel box girder as stiffening girder) and the 
Jiangyin Yangtze River Bridge (1,780 m in main 
span, steel truss girder as stiffening girder) have 
been approved, and the cooperation system of 
cable-stayed structure and suspension structure is 
adopted in both  designs. 

With more significant deflective deformation and 
a rise in structural stress, the increase of bridge 
span also intensifies the track irregularity on 
bridge. Unlike common span bridges, long-span 
railway bridge stands out for its engineering scale, 
systematic complexity and large displacement. 
Upon static/dynamic acceptance stage and 
operation period, the structural deformation and 
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the track smoothness are far from ideal state due 
to the integrated influence of temperature, 
wind ,train loading and construction deviation. 
For example, the measured midspan elevation of a 
cable-stayed bridge (convert to temperature at 
20 ℃) is 57 cm higher than the designed value. In 
case of a suspension bridge, the midspan 
elevation measured (convert to temperature at 
15 ℃) is 52.50 cm higher than the designed 
value[1]. 

As an accessory to the railway bridge, track 
smoothness depends heavily on the structural 
deformation of the bridge. In case of flexible or 
semi-flexible bridge, including long-span cable-
stayed bridge, suspension bridge and the 
coordination of both, the fairly large deformation 
may result in vertical and level curve(s) with small 
radius, while complex girder-track interaction and 
the deformation of the expansion joints may 
contribute to an intensified local irregularity at 
girder end, further undermining running safety 
and stability.  

By train-track-bridge simulation analysis, the 
evaluation of the bridge dynamic performance, 
running safety and riding comfort of train are all 
performed during the design phase of super-long-
span bridge. However, these analyses do not take 
into account the impact of construction quality. 
The acceptance criteria mainly involve the control 
of construction deviations. In order to ensure that 
the track static irregularity and vehicle dynamic 
response meet the acceptance criteria, the key 
factors are looked into, and handling guidelines 
for various influencing factors are proposed.  

According to the newest acceptance standard for 
construction quality of track on long-span bridge, 
several terms are concerned. First, the limit of 
track vertical static irregularity is 2mm and 10mm 
for a midpoint chord of 10m and 60m 
respectively(design speed 250km/h). Second, the 
limit of verticle carbody acceleration  is 1.0m/s2. 
All other limits are easily achieved and will not be 
discussed there. Then it can be inferred  that the 
influencing factors include the route profile, 
surrounding temperature, construction deviation 
and ballast density deviation in acceptance stage. 

2 Design of Track Profile 
In line with the design code concerned[2,3], the pre-
camber of a railway bridge is decided according to 
the deflective curve of (dead load + 0.5 * static 
live load), which can be inapplicable in the case 
where the train length (or the length of the 
arrival-departure track) is significant shorter than 
the span length of the super-long-span bridge, 
because the difference in live load locations 
results in multiple deflective curves, making it 
impossible to follow the rules stipulated in the 
relevant regulations. 

A long-span suspension bridge is taken as an 
example, in which a continuous steel truss girder 
is adopted and span arrangement is 
(84+84+1092+84+84) m. See Fig.1 for its design 
sketch. See Fig.2 and Fig.3[1] for the deformation 
of the bridge deck as one 16-car passenger train 
runs through and as two 16-car trains run towards 
each other. In Fig.2 and Fig.3, the horizontal axis 
represents the node number, and the vertical axis 
represents the deformation of girder.  It can be 
concluded that the deformation varies 
significantly in both cases depending on the 
location of train, therefore none of the curve can 
be used to calculate the pre-camber, on the other 
hand the use of deflection envelopes may cause 
local exaggeration of pre-camber. For the bridge 
with a main span longer than the arrival-departure 
length, the double spur is suitable for the design 
of route profile. 

Fig.1 Sketch of a Yangtze River Bridge 
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Fig.2 Deformation Curves of a Yangtze River Bridge 
Deck with One Passenger Train (16-Car) at 

Different Locations  

Fig.3 Deformation Curves of a Yangtze River Bridge 
Deck with Two Reverse (16-Car) Passenger Trains 

at Different Locations  

2.1 “Double-spur” route profile 

In case the double spur route profile design is 
applied, the following principles are 
recommended: 

1）The use of double spur helps exempts the
need for pre-camber, meaning that the target
shape of the bridge is consistent with the route
profile of the track;

2）The point of gradient change should be set
beyond the main bridge, conducive to the
manufacture and the erection of the steel girder.

Here a suspension bridge is taken as an example 
where the elevation of the midspan to the starting 
point of the grade section is 2m, in other words 
the track profile is to be conducted amid the 
making and the erection of the steel girder. When 
the length of grade section is shortened and the 
point of gradient change is set within the bridge, 
the change of gradient is to be considered amid 
the making and the assembly of the steel girder 
segment, manufacturing and construction are 
more challenging and the structural stress is more 
unfavourable; 

3）When beam end expansion joints and the rail
expansion device are set on the slope, the rail
gradient should be remained constant despite of
the different expansion displacement;

4）In order to ensure the traction and the braking
of the trains, the temperature changes and the
train loading should be taken into account when
setting the slope gradient. Under the combined
influence of track profile, temperature and train
loads, it is recommended that the dynamic
gradient of the deck of the HSR super-long-span
bridge should not exceeds the largest gradient of
the subgrade section of the corresponding main
line[2], otherwise the specialized traction and
braking analysis is needed to ensure that the train
can start and stop properly on the bridge. Besides,
the bridge deformation curve is suggested to be a
slight arching under the most unfavourable
temperature; the track profile with considering
the effect of temperature should be evaluated
through the train-track simulation analysis, and
car-body acceleration shall not exceed 0.5 m/s2.

5）The length of grade section, if possible, should
meet the relevant design documents and
regulations[2]. In case of fairly short approach
bridge or in the lack of it (a direct joint of bridge
and tunnel for instance), the slope length is to be
adjusted in line with the reasonable track lift. That
being said, the minimum length of intermediate
straight line is 0.4 V (in m, v = velocity, in km/h),
while the minimum length of grade section is
200m.

As for the cases where the length of the train (or 
the length of the arrival-departure track) is equal 
to or even shorter than the main span of the 
super-long-span bridge, a double spur profile may 
result in the incompliance of the minimum length 
of the slope, coupled with the unfavourable track 
smoothness due to construction deviation. 
Therefore, the combination of single slope in track 
profile and pre-camber in bridge can be used, in 
which pre-camber is evaluated based on track 
irregularity. 
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2.2 “Single slope + pre-camber” design 

In case the “single slope + pre-camber” design is 
applied, the following principles are 
recommended: 

1）The use of the “single slope + pre-camber”
design scheme means that the route profile of the
track is either a level slope or a single slope,
meantime pre-camber is to be applied on the
bridge;

2）Ballast thickness should be controlled in the
range of 33-45 cm[4] on the railway bridge. This
principle helps ensure the evenness of the
secondary dead load, while gives full play to the
advantages of a pre-camber;

3）It is recommended that the side spans not be
pre-cambered. The exemption of pre-camber at
side span helps ensure the smooth alignment
between the large-displacement expansion joints
and the approach bridge or the subgrade section.

4）Dedicated studies are needed in case of the
pre-camber setting of multi-track bridge. The
general principles can be concluded where the
equivalent slope of the midspan induced by the
use of pre-camber is recommended not to exceed
1‰, while the car-body acceleration caused by
the track alignment should not exceed 0.5m/s2 in
a combination of pre-camber and temperature
changes;

5）In case of the most unfavourable working
environment (combination of temperature, pre-
camber and train loading), the dynamic slope
should not exceed the largest value of the
subgrade section of the corresponding main line,
otherwise the specialized traction and braking
analysis is needed to ensure that the train can
start and stop properly on the bridge.

3 Treatment of  Temperature-
Induced Deviation & Construction 
deviation 

Temperature deformation and construction 
deviation of long-span bridges are often 
manifested as long-wave deformation with large 
amplitude. Given the widely-observed differences 
between the surrounding temperature for static 

acceptance stage and the design temperature 
threshold, the deviation of track and bridge are 
subject to the integrated influence of multiple 
factors, in which case excessive amplitude can 
hardly be rectified by the adjustment of ballast 
thickness. Here the suspension bridge displayed in 
Fig.1 is used as a example. See Fig.4 for the 
original profile design and see Fig.5 for the 
comparison of the elevation upon bridge 
construction completion and the design scheme. 
In Fig.5, the horizontal axis represents the node 
number, and the vertical axis represents the 
elevation of track. Upon the completion, 
noticeable difference between the temperature 
measured (29 ℃ ) on site and the designed 
temperature (15 ℃) is observed, and  below-the-
design dead load of road paving and the accessory 
structures is also confirmed. The above-
mentioned factors contribute to the deviation of 
the bridge alignment to the original design, the 
rail elevation of the main span tends to fall short 
in the middle and tip up at both sides. When the 
temperature is converted to the same level (being 
15 ℃), the mid of main span is 45.60cm higher 
than the designed value[1].  

Fig.4 – Track Profile Design of a Yangtze River 
Bridge 

Fig.5 – Measured Track Elevation and its 
Comparison to Original Design Profile of a Yangtze 

River Bridge 

The measurement of track elevation is conducted 
at a temperature of 29 ℃ and the route profile at 
different temperatures are fitted in line with the 
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“ Code for Design of Railway Line ” . The 
following principles are applied in the fitting: 

1）The ballast thickness of the main bridge is to
be under control for the acceptance[4];

2）The slope smoothness is to be optimized for
the sake of maintenance;

3）The minimum length of grade section is 200 m
to ensure the riding comfort requirement of train.

Fig.6 - Fitted Track Profile at Different 
Temperature of a Yangtze River Bridge 

See Fig.6 for fitted track profile at different 
temperature. 

The fitting approach applied to cope with the 
influence of the surrounding temperature and the 
construction deviation results in multiple track 
profiles, piling on the difficulties for operation & 
maintenance. To make things worse, the profiles – 
composed of both straight lines and curves – have 
multiple points of gradient change, which may 
lead to the inconsistency between the designed 
inflection point and the designed gradient change 
point on one hand and those measured after years 
of operation on the other. In other words, a 
deterioration in track profile may be observed. 
Given that the railway bureau usually requires the 
stability of profile, the fitting approach of track 
profile to handle the temperature and the 
construction-deviation is not recommended for 
future acceptance nor for the maintenance of HSR 
super-long-span bridge. Instead, the track profile 
designed is still to be used as the threshold, while 
the influence of surround temperature and 
construction deviation is taken only as long-wave 
irregularity[5]. Here, the relative elevation of rail is 
used as the parameter for control, in which case 
adjustment is taken only when the irregularity 

parameters of certain chords exceed the limits. To 
be more specific, the integrated criteria of 
midpoint chords, namely 10 m, 30 m and 60 m[6,7], 
are introduced to ensure the smoothness of track 
on long-span bridge. From the transfer functions 
of the midpoint chords approach, it can be 
concluded that the effective wave lengths for the 
10 m, 30 m and 60m chords are 7-20 m, 20-60 m 
and 40-120 m respectively, making the controlled 
wave length of track irregularity at 7-120m 
through combinations of 10 m, 30 m and 60 m 
chords. In accordance with the -20-+100 mm 
adjustment range for ballast thickness specified in 
relevant regulations and the range of control 
concluded from the three chords, the target for 
track alignment can be identified and the scheme 
for track fine-tuning can be developed. According 
to the tracking analysis of the bridge, the 
adjustment margin – on the basis of standard 
track lifting – shows the largest increase of 
15.8mm and the largest decreases of 10.0 mm 
when the integrated criteria are adopted as the 
target for the fine-tuning of track alignment, and 
such criteria are set at 6 mm, 3 mm and 1 mm for 
a midpoint chord of 60 m, 30 m and 10 m 
respectively. Since the adjustment (basic lifting 
margin included) is much less than the (-20-+100 
mm) limit, the track smoothness can be deemed
as up-to-standard. See Fig.7-Fig.8 for the fine-
tuning schemes developed in accordance with the
track elevation measured.

Fig.7 Elevation Differences of a Yangtze River 
Bridge Before and After Optimization 

Fig.8 Elevation Adjustment of a Yangtze River 
Bridge 

4 Weight Deviation of Ballast 
Take the suspension bridge shown in Figure 1 as 
an example, the ballast is weighed during track 
laying and the measure density is 17.5 kN/m3, not 
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quite in line with the 21.0 kN/m3 adopted in the 
design specification. The reason lies in the lack of 
compaction of a new line and its influence on 
bridge deformation is analysed[1,8] (see Fig.9). 

Fig.9 Influence of Uniform Load on Vertical 
Deformation of Bridge 

The analysis results show that the displacement of 
the midspan tops at -126.14 mm (even loading of 
10 kN/m on the whole bridge or main span) in the 
highest and stops at -65.22 mm (even loading of 
10 kN/m on the 546 m section at the North side of 
main span) in the lowest, and the bridge 
displacements take the form of smooth long-wave 
curves. It needs to be noted that the influence of 
the ballast weight deviation upon static 
acceptance bears resemblance to that of 
surrounding temperature, therefore the design of 
fine-tunning scheme in accordance with the 
integrated criteria of 10 m, 30 m and 60 m 
midpoint chord can incorporate the ballast weight 
as a parameter in the planning. 

5 Conclusion 
(1) In the design of the track profile on super-long-
span bridge, the double spur is recommended in
case the main span exceeds the length of the
arrival-departure track, while “level-slope for
railway line and pre-camber for bridge” is well
suited for bridge with a main span on a par or less
than the arrival-departure track.

(2) The influence of temperature and
construction deviation of long-span bridge
generally takes the form of extensive long-wave
deformation with large amplitude. In this case,
maintaining the origin designed track profile is a
more preferable alternative than the track profile
fitting approach. The influence of surrounding
temperature and construction deviation is
regarded as long-wave irregularities, while the

relative elevation of rail is used as the parameter 
for control, in which adjustment is taken only 
when the regularity parameters of certain chord(s) 
exceed the limit(s). 

(3) For the deformation induced by temperature,
construction deviation and the ballast weight
deviation observed at the static acceptance of
super-long-span HSR bridge, the integrated
criteria of 6 mm/60 m, 3 mm/30 m and 1mm/10m
are recommended to identify the target track
alignment, while the fine-tuning scheme is
developed within the (-20-+100 mm) adjustment
range of ballast thickness.
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Abstract 
Fatal bridge collapses and accidents, climate change effects and critical maintenance condition of 
many bridges recently increased the interest among bridge owners worldwide to transition from 
preventive to more proactive bridge maintenance and support by digitalization. Analyzing 
maintenance information systematically contributes to successful maintenance management. 
Inspections and maintenance require organized, automated, open, and transparent digital 
processes. Worldwide Bridge Management Systems evolve, associated with the technological 
evolution, but are in urgent need for a digital upgrade, especially considering BIM technology. 
Existing BIM models must be enriched by assets obtained from inspection and maintenance 
processes. An Open BIM platform should be the goal and to this end IABSE Task Group 5.6 "BIM for 
Existing Structures" has defined its aim as helping to stimulate debate on this topic and give 
recommendations on how to address the issues raised. 

Keywords: Bridge Management System (BMS); Building Information Modelling (BIM); open source, 
open BIM; cloud-platforms; visualization. 
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1 Introduction 
Bridge management is a challenging task due to the 
complexity of maintenance, rising number of 
bridges, lack of inspection standards and  isolation 
of digitized management processes from currently 
existing open BIM  platforms.  

The maintenance period is long and complex, a 
large amount of data is being generated. The 
history of inconsistencies and conflicts is expected 
to be displayed along the time axis, so that 
mistakes may be avoided before they happen on 
the job site. 

Existing Bridge Management Systems (BMS) only 
partially facilitate smooth digital analysis 
procedures. Inspection guidelines are intended for 
manual inspection mainly. 

Owners and infrastructure authorities recognized 
the need for information-based solutions to 
enhance the efficiency of transportation 
infrastructure maintenance, decrease costs and 
avoid fatal risks.  

BIM should be understood as a process, including 
all information along the life span by sharing 3D 
bridge models (as-designed, as-built and as-
performed) with all their assets systematically 
stored from early planning till maintenance, and 
demolition or refurbishment. Visualization of all 
types of defects and their time-dependent 
evolution, semantic information, sensor locations, 
and performance indicator-based maintenance 
plans must be part of BIM if we want to benefit 
from it. To achieve this requirement, digital 
technology in form of all aspects must become part 
of Open BIM. 

2 Bridge Management Systems 
Worldwide 

The first Bridge Management Systems (BMS) 
appeared in the 1960s in the USA [1]. Those were 
initially used as digital databases to store the 
bridges’ information that was being managed 
manually [2]. Since then, BMS have seen relevant 
evolution associated with the technological 
advances, that allowed the inclusion of new 
features as well as the ageing of the existing 
bridges and the occurrence of several accidents 

and collapses, which alerted for the need in 
upgrading BMS, among others. 

Nowadays, there are several BMS well established 
worldwide that were implemented using different 
yet similar approaches. In 2014, a detailed report 
from IABMAS [3] reviewed 25 BMS from 18 
countries from North America, Europe, Asia and 
Australia. Altogether, these BMS are being used to 
manage about 1 million structures (not all bridges, 
even though they are the majority). 

To the original BMS databases, further modules 
were added in the past, thus all of them have a 
modular architecture. The type, designation and 
features of each module are different in each BMS. 
However, these modules can be grouped into three 
main groups: i) inventory; ii) inspection; iii) 
intervention [4]. 

The inventory module, derived from the initial 
databases, contains general information about 
each bridge (e.g. location, bridge type, structural 
typology, construction year, number of spans, 
spans lengths, total length, deck width, deck area, 
list of components, components type, components 
materials, geometric properties of the main 
components, among others). 

The inspections module contains information 
obtained from the different inspections and tests 
taken on each bridge during its lifecycle. This 
information is later used to assess the bridge 
condition. The condition is usually characterized by 
a condition state index applied to all bridge 
components and the overall bridge system. 
Different scales and indexes are used by different 
BMS, but concepts are similar throughout. 

The third main module is the interventions module. 
It contains the type of maintenance and repair 
interventions available per component. This 
includes details about the activities to be 
conducted, the resources to be allocated, as well as 
the costs of maintenance interventions. This 
module is used to define the best maintenance 
strategy for each bridge in the BMS. 

Each existing BMS further divides these groups by 
adding more than one module into each one. 
Examples of other modules that can be found in the 
existing BMS include historical data analysis, 
condition assessment, structural assessment, 
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deterioration prediction, costs, optimization, 
improvement, reporting [1,5]. 

Today, the evolution of BMS is again challenged by 
technological developments. Due to significant 
advancements in digitalization, several techno-
logies are available that will push for the inclusion 
of new modules or even rethink the entire process 
of bridge management and the role of BMS in it. 

In the following sections, some examples of the 
authors' experience in their countries may provide 
some indications on what may be the next major 
steps for BMS evolution. 

2.1 Digitalization of BMS in Korea 

In Korea, the Bridge Management System (BMS) is 
designed to include different functions for each 
cable-supported bridge and common bridge. The 
BMS for a cable-supported bridge manages 
monitoring data and inspection data from 
maintenance tasks. The BMS for common bridges 
accumulates inspection data, repair records, and 
data required for condition and safety assessment 
of bridges owned by public agencies. Digitalization 
to provide a database system (DBS), rehabilitation 
and replacement priority decision system (RRPDS), 
maintenance and repair priority decision system 
(MRPDS) is under progress as the existing BMS is 
mostly relying on file-based data. 

While the public agency receives original models 
and IFC models for as-built BIM deliverables, a 
stand-alone system for the new BMS is required 
due to the digital transition cost of software and 
computing hardware. As maintenance tasks 
generate various data including images and NDE 
data, the key is to transfer the existing data to the 
new BMS and minimize manual input in that 
process. At the same time, changing the existing 
maintenance system of companies from a file-
based system to a data-driven system that allows 
DB-to-DB transfer is also needed.  

The challenging task of the current digitalization of 
existing BMS is to create BIM models and data 
templates for owners and maintenance engineers. 
Figure 1 presents a process of the new BMS data by 
data-driven model generation using member 
geometry and property for each bridge type. 
Information of detailed objects like reinforcement 

detail, expansion joints and bearings are only given 
as data to lessen the burden on the system. Links 
to the product models are also provided to check 
relevant data. Extracted data from the current 
information system can be used to build the digital 
model for the new BMS. New information 
generated from maintenance tasks can be 
uploaded as image, data and file [6,7,8,9]. To 
present a display of current status, the new BMS 
links the GIS map to bridge location and features a 
dashboard and data analysis function. 

The BMS for cable-supported bridges, as shown 
in˙Figure 2 is relatively easier to transfer current 
data to the new data format because the 
maintenance workforce is more specialized, and 
the information system is well developed to allow 
DB to DB transfer [10]. The inspected damages are 
programmed to directly be included in the digital 
model to visualize damage status by individual 
members. For now, the new BMS system is 
implemented with the existing system in the form 
of a pilot test. Once the data transfer and task 
process are completed, the existing system will be 
replaced with the new system. The public agency 
mainly monitoring cable-supported bridges is 
preparing to further develop this system based on 
the digital twin model by adding analysis models. 

2.2 Digitalization of BMS in India 

2.2.1 Overview 

Research on IBMS lasted for over 8 years from 2003 
onwards and actual implementation of IBMS on 
National Highways of India started from 2015. 
IBMS has inventory, inspection, testing, 
maintenance, analysis, deterioration, and 
management modules. In 2015,  only the Inventory 
module was fully digitized. Data collected at the 
site was directly transferred to the server via a 
mobile field collection application. Subsequently 
the inspection and testing modules were also fully 
digitized. 

2.2.2 Digitalization status 

Digitalization of IBMS was fully implemented from 
2017 onwards when all field inputs were directly 
transferred to the server via the mobile field data 
collection application. 
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Figure 2. A new BMS for cable-supported 
bridges  with damage records 

IBMS caters to the automation of the process to a 
large extent. Post Inventory, data is checked and 
accepted on the server. 

The bridge is assigned for inspection based on the 
structural rating. Higher rating numbers indicate 
higher severity of structural distress which requires 
immediate inspection. In case of a lower structural 
rating, the inspection is deferred from immediate 
to a time in the future. During inspection a 
prognosis for the cause of distress is generated 
which results in assignment of testing to be done 
and the principle of remedial intervention. Testing 
is conducted for confirmation of prognosis. 
Quantification of this repair, location and extent is 
also generated automatically based on inputs of 
inspection. This entire process of automation is 
possible due to the digitalization in IBMS. 
Digitalization of data reduces the storage space 
required and results in ease in the retrieval of data 
from the database. Multiple options are available 
for data analysis and data mining. 

2.2.3 Open/Close system of BMS 

IBMS is a partially open system. The formats for 
inventory, inspection and testing are available in 
the open domain, the database structure and 
configuration are not available in the open domain. 
Import of data is not feasible into IBMS rendering 
the system a closed system. Integration of data, 
transportability of data is not possible in IBMS. To 
overcome this issue IBMS has incorporated the 
facility to download the required parameters of 
data in an Excel sheet and make it available for use 
by other platforms. The non-availability of import 
of data makes it difficult to incorporate the linkage 
to Bridge Information Models (BrIM). The facility is 
being created to incorporate the linkage of BrIM by 
ensuring geotagged data files and video files in 
appropriate bridge data sections. All geotagged 
data and video files that fall within the bridge 
range are, or can be, assigned to the bridge data 
section. This ensures distress mapping is digitalized 
also. 

2.2.4 Advantages and disadvantages 

IBMS sees an advantage in the digitalization that is 
being used within the system. Digitalization 
enables the implementation of an alarm system to 
trigger action in case the bridge crosses the critical 
threshold. This ensures critical bridges are closed 
for traffic thereby avoiding loss of human lives if a 
collapse were to occur. 

Digitalization within IBMS enables automation in 
further analysis of data. The feasibility of analysis 
using a variety of parameters is possible due to 
digitalization. IBMS has over 20 different 
parameters which can be deployed for data mining 
and analysis. Such functionality ensures speed in 

Figure 1. Model creation and adding maintenance information for a BIM-based BMS (common bridges) 
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analysis and decimation of critical information to 
all stakeholders and decision-makers. 

Digitalization enables automation in the creation 
and analysis of deterioration models for each 
bridge based on location, average daily traffic, 
movement of heavy consignments and 
propogation of distress in that bridge. This ensures 
that every single bridge has its unique bridge 
deterioration model generated automatically . This 
function ensures that short- and long-term budgets 
get updated regularly. 

Disadvantages mainly crop from the inability to 
import or export the data. The rigidity of the format 
used in the system database renders this 
disadvantage. However it is work in progress to 
make it more open.  

2.3 Digitalization of BMS in Germany 

Germany is actively moving towards the 
application of digital technologies for condition 
assessment and maintenance of bridge structures. 
Strategies for the automatic generation of digital 
condition data using continuous sensor-based SHM 
systems as well as image-based techniques are 
being rolled out by road authorities as well as 
Deutsche Bahn for railway bridges in order to 
implement predictive maintenance strategies in a 
digital life cycle management context. 

Recently, image-based modelling and condition 
assessment technologies have seen significant 
advancements through the AISTEC project [11] 
with the aim of developing a processing chain that 
automates the systematic image generation, 
photogrammetric 3D reconstruction and semantic 
modelling, AI-based damage detection and 
numerical simulations for structural reliability 
assessment and referencing all condition 
information to highly resolving digital models that 
function as Digital Twins of the real structure [12]. 
Together with industry partner INFRALYTICA this 
has lead to the development of the INFRA//TWIN 
platform for infrastructure condition management 
using such High-definition Digital Twins (HDDT). 
This platform allows server-side data processing 
using high-performance computing architectures 
and features a web frontend that facilitates highly 
optimized 3D rendering and provides virtual 
inspection tools to assess, augment and manage 

large volumes of HDDT condition data 
systematically over the lifetime of the structures. 
Specifically, the platform provides access to the 
original image data and their georeferenced 
location, orientation and structural coverage, 
measurement tools in 2D and 3D, annotation 
features and a large array of condition data 
management tools with powerful search, filter, 
aggregation and rating tools, Figs. 3 and 4. 
Deploying a user management system with access 
rights management, inspectors and managers can 
independently access and modify HDDT data in a 
transparent way from their individual workplaces. 

The INFRA//TWIN platform is based on a multi-
model linked data structure that allows a multitude 
of models to be incorporated and visualized in 
combination contextually. Models can have 
different scales (city and terrain models, global 
structural models, detail and component models in 
high-resolution textured mesh and point cloud as 
well as more abstract BIM, FEA or LOD0/1/2/3/4 
building model formats). Due to all models being 
georeferenced accurately, they can be integrated 
and visualized together with semantic information 
such as building reference data, component 
properties or geometrically 3D-referenced 
condition data such as damage patterns or 
annotations mapped onto the building surface 
(internal and external). Octree-based rendering 
techniques are employed to visualize high-
resolution models efficiently on limited network 
bandwidth client hardware. Data modelling is 
based on advanced BIM-based container 
architectures [13–15] and model curation and data 
provenance is handled by a server-side backend. 

Figure 3. Visualization of High-definition Digital 
Twin (HDDT) model and 3D measurement tools 
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Whilst inspection and maintenance regulations as 
well as software standards and procurement 
principles still need to catch up to tap the full 
potential of such technologies in public authorities, 
the recent developments clearly pave the way to a 
coherent digital strategy in infrastructure 
maintenance, yielding clear improvements in their 
efficiency as well as effectiveness. 

Figure 4. INFRA//TWIN platform frontend: HDDT 
visualization and image referencing, damage 
mapping and management, annotation tools 

3 Importance of diversity in Bridge 
owners focus 

Every country has an incremental hierarchy in 
ownership of infrastructure. India is a federal union 
of 28 states and 8 union territories. The Federal 
government controls National highways and all 
structures located on National highways. The State 

government control all state or regional highways 
and the structures located on these highways. 
Further, the district and municipal authorities 
control the district and municipal roads along with 
the structures on these roads. This complex 
ownership structure makes it impossible to 
implementation of Bridge Management uniformly 
all over the country.  

Most of the bulk cargo movement initiates from 
State or regional highways and then joins the 
national highways. Over 90 per cent of this 
movement can be seen to move on national 
highways. Hence the need to monitor fatigue is 
critical for federal authorities along with ADT and 
overweight consignment movement.  

The state authorities need to monitor majorly the 
ADT to plan increments to geometric designs of 
road infrastructure. District and municipal 
authorities are more focused on the impact on the 
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environment and the abuse of bridge 
infrastructure. Also, not each state or municipal 
authority has a uniform focus and the focus is seen 
to be different within each state and each 
municipal authority. Such complex and diverse 
focus within each authority makes it difficult to 
implement the same bridge management all across 
the hierarchy of roads in India. 

In Korea in the 1970s, the period of rapid economic 
development, intensive construction of bridges 
was conducted. Now, the increasing number of 
deficient bridges is rapidly rising maintenance costs. 
As a new law for sustainable infrastructures in 
Korea requires an estimate of the future 
maintenance budget of infrastructure, the 
performance assessment is becoming an important 
technical requirement. Cases requiring detailed 
assessment and cases where its damage is hard to 
be assessed through normal inspection procedures 
are increasing in number. Therefore, the existing 
manual bridge inspection requires new digital 
technologies and automatic data accumulation. 
Digitalized infrastructures are selected as the key 
industry innovation in the government digital new-
deal program and are under progress. Along with 
the digital model-based system, digital inspection 
technology using unmanned aerial vehicles (UAVs) 
and Robots, AI-based damage inspection, and 
network-level maintenance data accumulation and 
analysis feature is required. It is started to require 
information requirements in the defining of as-
built BIM model to support the new BMS. As vast 
data for around 40 years exists in the file-based 
information system, data curation technology is 
being developed to utilize it. 

4 BIM in Structure Management – 
IABSE mission 

Digitalization is part of our life for the last couple of 
decades and becoming recently important as ever 
before. The International Association for Bridge 
and Structural Engineering (IABSE) represents a 
respected international scientific and technical 
association, which aims for the highest level of 
professional excellence, but also follows 
digitalization and sustainability in different areas of 
our profession. Being on the frontline of trends and 
advanced innovations means accepting a certain 

responsibility, but also creates the chance of 
setting some important milestones: connecting 
engineering expertise with computer technology 
results in cost reduction and human lives 
protection. 

The operation and maintenance period represents 
by far the largest part of a bridge’s lifetime. 
Preventive maintenance decisions can reduce the 
maintenance cost of infrastructure by up to 65%. 
The maintenance decisions are inspection data 
based. There are good reasons for demanding the 
implementation of BIM along the entire life cycle of 
bridges, reducing the costs, errors and saving 
valuable time and money. Building Information 
Modelling (BIM) can play a significant role for 
improving the operation and maintenance (O&M) 
phase, specifically in systemizing inspection data. 

Time resp. 4th dimension is crucially important for 
bridges – in all life cycle phases. If we wish to 
connect BMS to BIM successfully, the time 
dependence of changeable properties will allow 
the stakeholders, bridge owners and engineers to 
follow the bridge behaviour and its trends, to 
compare damages and to trigger necessary actions 
before fatal deterioration happens. 

Commission 5 (Existing Structures) within the IABSE 
organization is dedicated to developing and 
enhancing methods and tools for economically 
efficient, environmentally friendly, and socially 
reconcilable decision-making regarding existing 
bridges and structures. These methods need to be 
tailored for different levels of data availability as 
these can vary from simple inventory lists to 
comprehensive information models (BIM). The 
BMS (Bridge Management System) aims to 
facilitate digital storage and exchange of data, cost 
as well as deterioration, optimization and analysis 
models and their interoperability with existing BIM 
solutions. 

Still, Bridge Management Systems are very stand-
alone islands, mostly company based developed 
and not unified. One of the main limitations is their 
separation from different BIM platforms. 

IABSE Technical Task Group 5.6 “BIM in Structure 
Management” within Commission 5 aims to 
connect existing Bridge Management Systems with 
existing BIM solutions, based on Open BIM 
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standards, considering data management in 
compliance with existing standards (e.g. ISO19650 
[16]). 

“As designed”, “As-built” and many “As-performed” 
models should be available for the operation and 
maintenance phase of bridge structures. The 
Operation & Maintenance life cycle phase has not 
been integrated into the BIM cycle yet and only 
single information are available in digital form. 
IABSE Task Group 5.6 decided to identify and 
systematize the most important use cases, 
prioritize them according to the market input 
(bridge owners, vendors, universities, consultants, 
contractors, inspection authorities) and after their 
feedback propose the structure for connection of 
existing BMS’s and Open BIM. 

Categorization of use cases resulted in five main 
categories: 

- Maintenance & Repair Information
- Object data
- Data Management
- User Interface
- Visualization

Each category contains several use cases, which 
need to be validated and confirmed before the 
features will be prepared and chosen to be 
included in the BIM model and enrich the 
Operation & Maintenance phase by connecting 
BMS with BIM. 

The vision includes 3D+ software and hardware 
independent data exchange between different 
software technologies during the life cycle and 
beyond, considering also monitoring, sensor 
equipment and damages along the time axis. Any 
specific exchange file format will not be prioritized, 
current exchangeable formats might be 
unconditionally used. Open BIM technology for 
interoperability, from the technical, semantic, and 
organizational points of view, is the main interest.  

5 Conclusions 
The present work provided an overview of the 
current status of the bridge management 
digitalization process. Making Bridge Management 
Systems (BMS) compatible with technologies such 
as Building Information Modelling (BIM) is 
considered to be the way to go towards achieving 

the expected digitalization and realizing the 
potential benefits in terms of transparency, 
efficiency and economy of bridge maintenance and, 
above all, ensuring bridge safety consistently. 

The process of transition towards employing BIM 
and Digital Twin concepts in condition modelling is 
ongoing worldwide and experiences from India, 
Korea and Germany shared in the present work 
indicate the promising yet challenging work that 
lies ahead. It is critical to the success of such 
endeavours that authorities and owners, bridge 
inspection and maintenance stakeholders, 
academia and research as well as technology 
suppliers and entrepreneurs work together to 
define strategies and roadmaps towards 
implementing them and execute them boldly. 

Likewise, different organizations, like IABSE, are 
contributing to worldwide efforts by providing an 
international perspective and an exchange of ideas, 
concepts and experiences. 
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Abstract 
Under the background of the transformation and upgrading of bridge maintenance management, 
aiming at the problems of weak processing capacity, low management efficiency and intelligent 
degree of the bridge operation and maintenance process, this paper proposes a digital twin 
system solution of bridge intelligent operation and maintenance based on machine vision. Then 
framework of the bridge digital twin system for Intelligent operation and maintenance is proposed, 
followed  by the realization methods  based on machine vision. Finally, a case application of the concrete 
simply supported girder bridge is given. 

Keywords: bridge; operation and maintenance; system; machine vision; digital twin 

1 Introduction 
By the end of 2021, China has built 961,100 
highway bridges with a total mileage of 73,800 km. 
Typically, the successful construction of 
representative bridges such as Sutong Yangtze 
River Bridge, Nansha Bridge, Lupu Bridge, and 
Hong Kong-Zhuhai-Macao Bridge indicates that 
China has reached the international leading level 
in bridge design theory, construction technology 
and bridge construction equipment. At the same 
time, with the increase of service life of bridges 
and the deterioration of service environment, 
maintaining the structural durability and safety of 

in-service bridges, and ensuring and extending the 
service life of bridges has become one of the main 
problems faced by bridge engineers[1]. 
Monitoring and testing the performance of 
bridges in service, and making scientific evaluation 
and maintenance decisions, has become a 
research hotspot in the world[2]. The traditional 
operation and maintenance system has problems 
such as poor real-time monitoring or detection, 
difficult condition evaluation, high management 
cost. Therefore, it is necessary to study a 
management system with a new service model. 
Digital twin provides a fresh idea to this challenge, 
which describes the whole life cycle trajectory of 
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physical entities through the interactive mapping 
between virtual models and physical entities. At 
the same time, the vigorous development of 
machine vision technology makes it possible for 
virtual models and physical entities to interact and 
map in real time, efficiently and intelligently. 

Scholars and engineers have carried out lots of 
investigations and proposed a series of research 
methods and results. About the application of 
digital twin technology, Ye[3] combined expertise 
in bridge monitoring, finite element modeling, 
building information modeling (BIM), and 
statistical modeling to build a digital twin platform 
for the Staffordshire railway bridge. Mi[4]  used 
the digital twin model to interact with the actual 
project, corrects the vibration signal difference 
caused by the difference between the actual 
environment and the model environment, and 
establishes a preventive maintenance decision-
making framework. Lin[5] used digital twin 
technology to analyze the collapse vulnerability of 
long-span cable-stayed bridges under strong 
earthquakes, and used experiments to verify the 
effectiveness of model update. 

About the application of machine vision 
technology, Ye[6] implemented non-contact 
distributed displacement monitoring based on 
computer vision for a bridge, and realized long-
distance on-site displacement monitoring of long-
span bridges. Jian[7] proposed a method for 
dynamic displacement measurement of structures 
based on untargeted vision, which can accurately 
measure the displacement and acceleration of 
structures and accurately identify the natural 
frequencies of structural vibrations. Xia[8] 
combined strain sensor network and machine 
vision technology to monitor the traffic load of 
small and medium-span bridges, realizing the 
identification of key parameters such as vehicle 
weight, speed, number, type and trajectory in 
complex traffic environments. Kuddus[9] 
proposed a monitoring method combining 
influence line theory and machine vision 
technology, and successfully solved the multi-
vehicle problem in the study of dynamic weighing 
of girder bridges. 

Existing literature shows that the application of 
digital twin technology in bridge operation and 

maintenance is still in its infancy[10]. Therefore, 
although machine vision technology can improve 
the intelligence of data acquisition, the research 
on the integration of machine vision and digital 
twin technology for intelligent bridge operation 
and maintenance is still rare. When it is combined 
with advanced machine vision technology, the 
environmental input parameters and response 
output data during bridge operation can be 
merged at the control end in time to form an 
intelligent closed loop of operation and 
maintenance, which is of great significance for 
bridge operation and maintenance management. 
It is the purpose of the present paper to fuse the 
digital twinning technology and machine vision 
technology, providing a reference for the 
construction and development of Intelligent 
bridge operation and maintenance system. 

In this paper, a digital twin system solution for 
bridge intelligent operation and maintenance is 
proposed based on machine vision. It synchronizes 
the physical world and the information world 
according to various data obtained by video 
collection and algorithm analysis of the physical 
world, and reflects the reality, so as to carry out 
intelligent management of bridge operation and 
maintenance. 

2 Framework of the bridge digital t-
win system for Intelligent operat-
ion and maintenance 

The bridge digital twin integrate information 
technologies such as artificial intelligence and the 
Internet of things to create a real-time digital 
simulation model, which can fuse multi-source 
data for learning and updating, and then 
represent and predict the current and future 
conditions of the physical counterpart, realizing 
Intelligent closed-loop control of the full life cycle. 

2.1 Architecture of bridge digital twin inte-
lligent operation and maintenance sys-
tem 

The architecture of bridge digital twin intelligent 
operation and maintenance system includes four 
parts: physical world, data world, big data center 
and system layer, as shown in Figure 1. The 
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relationship between all levels is: the physical 
world provides multi-source heterogeneous data 
including structural and unstructured data and 
transmits it to the data world in real time; The 
data world completes the real mapping from the 
physical world to the data world by establishing a 
virtual model, and the simulation in the data 
world can realize the real-time feedback control of 
the whole process of the physical world; The big 
data center receives the data of the physical world 
and the data world and performs a series of data 
processing as the decision-making basis for 
regulating operation and maintenance activities; 
By analyzing the actual needs of the physical 
world, the system layer relies on the algorithm 
base and knowledge base of the data world to 
make intelligent decisions on operation and 
maintenance management. 

Figure 1.  Architecture of bridge digital twin inte-
lligent operation and maintenance system 

2.2 Architecture of the system layer 

The system layer relies on the algorithm base and 
knowledge base of the data world to make 
intelligent decisions on operation and 
maintenance management, including real-time 
monitoring, intelligent diagnosis, scientific 
warning, decision support. The twin data of 

operation and maintenance information are 
formed by the interactive mapping of physical 
space and data space. Real-time monitoring of the 
operation and maintenance process based on the 
twin data, intelligent diagnosis of the security 
status of the operation and maintenance objects, 
scientific early warning of the location of the 
problem and timely remediation or auxiliary 
decision-making.The human-machine interaction 
system combined with the operation and 
maintenance process guides the operation and 
maintenance of the real physical space, and at the 
same time, the maintenance information is 
continuously analyzed in real time, thus forming 
an intelligent closed-loop control of the operation 
and maintenance process. Figure 2 shows the 
architecture of the system layer. 

Figure 2. Architecture of the system layer 

3 The realization methods of intellig-
ent operation and maintenance b-
ased on machine vision 

The key step in the implementation of intelligent 
bridge operation and maintenance system based 
on digital twins is the interaction between physical 
entities and data information, which is based on 
the identification of elements concerned in bridge 
operation and maintenance, including structural 
dynamic deflection identification, vehicle load 
spectrum identification, and ship collision risk 
identification. Here, the recognition technology 
based on machine vision is recommended. 

3.1 High-precision identification of 
dynamic deflection 

The digital image correlation method (DIC) is used 
for high-precision recognition of dynamic 
deflection. Its basic principle is to match the 
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corresponding relationship of feature points in the 
image before and after deformation according to 
the correlation criteria, determine the whole pixel 
displacement of the target from points (x, y) and 
(x ', y'), and finally carry out sub-pixel iteration to 
solve the more accurate sub-pixel position. Figure 
3 reveals the basic principle of DIC technology. It is 
recommended to use standard covariance 
function to evaluate the correlation of images 
before and after structural deformation. See the 
following formula: 

𝐶𝐶𝑧𝑧𝑛𝑛𝑛𝑛𝑛𝑛 

=
∑ ∑ [𝑓𝑓(𝑥𝑥,𝑦𝑦) − 𝑓𝑓𝑚𝑚] × [𝑔𝑔(𝑥𝑥′,𝑦𝑦′)𝑀𝑀

𝑦𝑦=−𝑀𝑀
𝑀𝑀
𝑥𝑥=−𝑀𝑀

(2𝑀𝑀 + 1)2
(1) 

𝑓𝑓𝑚𝑚 =
∑ ∑ 𝑓𝑓(𝑥𝑥,𝑦𝑦)𝑀𝑀

𝑦𝑦=−𝑀𝑀
𝑀𝑀
𝑥𝑥=−𝑀𝑀

(2𝑀𝑀 + 1)2
(2) 

𝑔𝑔𝑚𝑚 =
∑ ∑ 𝑔𝑔(𝑥𝑥′,𝑦𝑦′)𝑀𝑀

𝑦𝑦=−𝑀𝑀
𝑀𝑀
𝑥𝑥=−𝑀𝑀

(2𝑀𝑀 + 1)2
(3) 

Reference image sub area before deformation 

Reference image sub area after deformation 

Figure 3. Schematic diagram of DIC technical 

principle 

3.2 Identification of vehicle load spectrum 

When the fatigue damage of the structure is not 
considered, the load spectrum identification of 
the vehicle only focuses on the identification of 
the vehicle type and the tracking of the vehicle 
trajectory on the bridge deck. 

For vehicle spatial position information, it can be 
directly obtained through machine vision. 
Machine training can be used to identify the axle 
load and wheelbase of light-duty vehicles. 
However, due to the consideration of overloading, 
heavy-duty vehicles need to use dynamic 
deflection, vehicle position, wheelbase, etc. as the 
input parameters of the neural network to invert 
and identify the axle load of heavy-duty vehicles. 
On the basis of the above analysis, the vehicle 
load spectrum can be reconstructed according to 
the time-varying and time-invariant information of 
the vehicle parameters. Figure 4 shows the 
identification technique for vehicle loads. 

Figure 4. The identification technique for vehicle 

loads. 

3.3 Identification of ship collision risk 

For early warning of ship-bridge collision, ship 
target recognition is the basis. A neural network 
combining the basic network and the additional 
feature network is adopted, and the feature map 
is detected through a convolution filter to achieve 
the effect of ship recognition. The neural network 
model for ship detection is shown in Figure 5. At 
first ， the real bridge scene image data is 
collected required for the training of the target 
detection model; then the adaptability of the 
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target detection algorithm is verified after the 
proposed algorithm; finally the practicability of 
the tracking algorithm in the complex multi-target 
situation is verified. 

Further more，it is necessary to identify the type 
and speed of the ship, and calculate and predict 
the running trajectory, so as to realize the 
identification of the risk of ship collision. 

Figure 5. Neural Network Model for ship Detection 

4 Case application：a concrete 
simply supported girder bridge 

4.1 Project overview 

This paper focuses on a concrete simply supported 
beam bridge and carries out a case application of 
bridge digital twin intelligent operation and 
maintenance system based on machine vision. The 
total length of this bridge is 330m, and the span 
arrangement is 11 × 30m. The full width of the 
bridge deck is 33.6m, with two-way six lanes. 
Figure 6 shows the target concrete simply 
supported beam bridge.  

Figure 6. The concrete simply supported beam 
bridge 

Driven by digital twins, an intelligent operation 
and maintenance platform has been built to make 
the operation and maintenance management 

objects and management work more visual and 
direct. In the platform, relying on the technical 
characteristics of digital twins and machine vision, 
the virtual real interaction and space-time 
evolution of the operation and maintenance 
process are fully considered to achieve accurate, 
comprehensive and rapid grasp of the operation 
and maintenance information. The system 
platform mainly includes inspection and detection 
module, remote monitoring module, intelligent 
diagnosis module, maintenance decision-making 
module and other modules. Figure 7 shows the 
main interface of the platform. 

Figure 7.  The main interface of the platform 

4.2 Architecture and interactive behaviour 

According to the technical characteristics of digital 
twin and machine vision intelligent perception, 
the technical architecture of the bridge intelligent 
operation and maintenance platform is 
established. The platform is divided into five 
layers: sensing layer, transmission layer, hardware 
support layer, service layer and application layer，
as shown in Figure 8.  

Monitoring and Maintenance Integration System Cloud Platform
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Subsystem

Manual 
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Preventing Ship 
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Traffic flow 
perception

Application 
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Service 
Layer

Hardware 
Support 

Layer

Transport 
Layer

Sensors

Figure 8.  The main interface of the platform 

Taking the interactive experience when the heavy 
vehicle is running as an example, when the traffic 
flow camera collects the vehicle passing, the data 
collected by the dynamic deflection camera 
generates a corresponding wave peak, and at the 
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same time, the stress cloud map or deformation 
cloud map in the 3D model changes. When the 
color of the waveform or cloud image exceeds the 
threshold, an early warning will be generated, and 
relevant personnel will be guided to take 
corresponding measures, achieving refined 
guidance on operation and maintenance and 
improving the efficiency of operation and 
maintenance management. 

5 Conclusions 
This paper has presented a design of a bridge 
digital twin system for Intelligent operation and 
maintenance based on machine vision. As the key 
technology of intelligent operation and 
maintenance, digital twin integrates the intelligent 
recognition function of machine vision technology, 
providing a new service model reference for 
intelligent operation and maintenance of bridges. 
The main conclusions are as follows:  

1)Framework of the bridge digital twin system for
Intelligent operation and maintenance is proposed,
including physical world, data world, big data
center and system layer.

2)The realization methods of intelligent operation
and maintenance based on machine vision is
recommended, including high precision
identification of dynamic deflection, Identification
of vehicle load spectrum and Identification of ship
collision risk.

3)Combined with the operation and maintenance
management characteristics of a concrete simply
supported girder bridge, an intelligent operation
and maintenance platform integrating multiple
functional modules is developed.
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Abstract 
Lately, there is an increasing demand for resilient infrastructure assets. To support the 
documentation of resilience, Structural Health Monitoring (SHM) data is a necessity, as well as traffic 
loads. Those diagnosis and function data can be the basis for the prognosis of future prediction for 
the performance of the assets. Towards this direction, this paper develops a new methodology that 
uses real monitoring data and Artificial Intelligence (AI) algorithms to quantify the resilience based 
on future traffic load predictions of functionality. It includes the case study of the “Hollandse Brug” 
bridge in the Netherlands considering strains and traffic load predictions and other external. 
Resilience is derived as a function of both functional and structural parameters throughout the 
lifecycle. The quantification is supported by sustainability indices and key performance indicators 
representing the traffic flow, the structural integrity and the sustainability level of the asset. 

Keywords: resilience; bridges; artificial intelligence; machine learning; structural health monitoring; 
traffic. 

1 Introduction 
Critical Transport Infrastructures (CTIs) such as 
highway Reinforced Concrete bridges (RC) have a 
crucial socio-economic impact [1],[2]. The ageing 
RC bridges are deteriorated by diverse stressors, 
e.g. increased traffic load, corrosion and multiple
hazards, e.g. extreme temperatures, seismic events, 
floods [1],[2]. Therefore, maintenance and
retrofitting measures are necessary to ensure the
asset’s safety [3]. Though, according to the
European Union (EU) Road Federation, the
maintenance of damaged CTIs due to natural

hazards is significantly expensive and reaches 
approximately €20 billion per year [4], 
accompanied with bridges’ disruption and further 
economic losses [2],[4]. 

The adaptation of the decaying highway RC bridges 
to the ever-changing environment and increased 
traffic demands are incorporated into the concept 
of the forthcoming EU Adaptation Strategies [5]. In 
particular, the main goal of the new strategies is to 
guarantee the resilience of CTIs, especially to 
climate change [5],[6]. 
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The modern Structural Health Monitoring and 
Functionality systems (SHM and SHFM) provide 
useful data, e.g. early warnings of damages, 
damage location, deformations, deflections and 
information about the structural integrity, 
functionality or traffic level of the CTIs over time 
[3],[2]. 

Today, with the 4th industrial revolution, the 
sensors’ cost has decreased and a new era of 
emerging digital technologies has been introduced, 
e.g., Artificial Intelligence (AI), Machine Learning
(ML), Finite Element (FE), Internet of Things (IoT)
[7],[8]. As a result, there are numerous
sophisticated methods to collect and combine
diverse data [8],[9].

In line with the EU strategies [5] and the 
Sustainable Development Goals (DSG) of the 
United Nations (UNs) [10], this paper introduces a 
methodology for the quantification of the 
resilience of highway RC bridges under service, 
which bears severe traffic loads. Moreover, AI 
algorithms have been employed for the 
development of a ML model that predicts the 
future strains of the bridge under service loads. The 
quantification is supported by sustainability indices 
and key performance indicators representing the 
traffic flow, the structural integrity and the 
sustainability level of the asset. 

2 Resilience 

2.1 Methodology 

The proposed methodology successfully performs 
resilience quantification, based on data related to 
the life-cycle of an asset. The quantification aims to 
express the sustainability level of the asset and it is 
scaled in four levels as it is summarized in Table 1. 

The life-cycle of an asset is separated into distinct 
periods that is a) initial state, b) absorption, c) idle 
period, d) recovery and e) adaptation. The 
proposed methodology includes five Key 
Performance Indicators (KPIs) representing each 
period (KPIC, KPIA, KPII, KPIR, KPIAD). In order to 
define KIPs, two different groups of Performance 
Indicators (PIs) are adopted i) structural and ii) 
functional, representing the structural integrity 
and traffic/operation respectively. The 

contribution of each PI to the resilience is 
estimated with four different importance levels as 
showing in Table 1. Each group of PIs participates 
in a certain percentage based on the time period of 
the asset. The final Sustainability Indices (SIs) are 
calculated accounting for different weight factors 
of the five KPIs. The methodology is also illustrated 
in the flow chat of Figure 1. 

Table 1: Sustainability Indices. 

Sustainability 
Indices (SIs) Level Importance 

non-sustainable 1 low 

need to improve 
sustainability 2 moderate 

acceptable 3 high 

sustainable 4 very high 

Figure 1: Methodology for resilience quantification 
for resilience indices. 

Par�cipa�on factors of 
Group of PIs

Sustainability Indices

Resilience

Group of PIs
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level

structural func�onal
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Sustainability Level

structural func�onal
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2.2 Sustainability indices 

The SIs depict the initial, current and future 
capacity of the asset in structural and functional 
terms. Overall, 28 PIs have been considered for the 
definition of the structural part and 17 for the 
definition of the functional part as shown in Table 
2. 

Table 2: Group of PIs 

PIs 
Group of PIs 

Structural Functional 
1 Geometry Design traffic 
2 Type of structure Lanes not in function 

3 Materials’ 
properties Change of traffic load 

4 Stiffness Disruption 
5 Resistance Limitations 
6 Robustness Action time 
7 Redundancy Widening 

8 Initial design Traffic mitigation 
measures 

9 Initial natural hazard Human resources 
human 

10 Crack width Expertise staff 
11 Support damage Monetary resources 
12 Strains Recovery Duration 

13 Deflections Target functional 
performance 

14 Loss of rebar Extension of lifetime 

15 Natural hazard Reliability performance 

16 Limitations Sustainability 
17 Action time Monitoring 
18 Widening 

19 
Structural 
mitigation 
measures 

20 
Human 

resources 
human 

21 Expertise 
Staff 

22 Monetary 
Resources 

23 Recovery 
Duration 

24 
Target 

structural 
performance 

25 Extension of 
lifetime 

26 Reliability 
performance 

27 Sustainability 
28 Monitoring 

3 Quantification 

3.1 Performance Indices 

PIs are evaluated according to the reliability level 
addopted in design. For example, the reliability 
level of the chosen material at the initial design is 
considered to range from 95% to 99%. Therefore, 
all PIs are properly multiplied with a reduction rate. 
SHM data can enhance the reliabilty level especially 
during the absorption, idle and recovery periods. 
Finally, future predictions based on digital 
technologies are proven to be of increased 
accuracy, necessary for estimating the adaptation 
period. 

3.2 Weighting factor 

Each KPI contributes at a different rate to the final 
resilience estimation. The initial design is of 
foundamental importance to life-cycle of the aset. 
Therfore, KPIC is estimated to contribute per 35% 
to the sustainability. The absorbion period is 
estimated to participate 20% for chronical and 
cummulative effects (KPIA 20%). However, an 
extreme event is expected to contribute more. In 
cases that mitigation measures are to be taken, KPII 
and KPIR are equaly important to a redesign 
scenario (35%). Finally, the ability of the asset to 
adapt, contributes yet in a lower level (KPIAD 10%). 
In each stage, the participation of the structural 
and of the functional parts ranges from 0.2 up to 
0.8. 

4 Case-study 
The proposed novel methodology is implemented 
for a case study bridge in the Netherlands. 

4.1 ‘Hollandse Brug’ bridge 

The ‘Hollandse Brug’ is the oldest prestressed 
highway bridge of Flevopolder in the Netherlands 
[12]. The bridge was designed according to the 
1960s design codes and it is in function since June 
of 1969 [12],[13]. In 1980, the development of 
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Almere’s city led to an increase in the traffic load 
and the bridge was considered overloaded [12]. 
Thus, in 1993 and 1999 it was widened to the south 

Figure 2: Hollandse Brug bridge a) in 2015 where A is the old bridge and B is the new, b) photograph of part 
of the sensor’s network and c) representation of the 1st bridge span with sensors 

and the north respectively. Though, eight years 
later (2007), the Hollandse Brug was inspected by 
the Dutch Organisation for Applied Scientific 
Research and was considered unsafe to carry traffic 
loads over 12 tons [12],[13]. Therefore, heavy loads 
were prohibited to pass the bridge causing 
significant economic losses [13]. In 2008 the bridge 
was renovated and widened again. Also, an SHM 
system was installed for the bridge’s monitoring. 
[13]. However, the continuous increase of the 
traffic load resulted from 2011 to 2014 in further 
actions and finally in the reconstruction of the 
bridge and the building of a second one as it is 
represented in Figure 2a [12]. In 2008, during the 
Hollandse Brug bridge’s renovation, an SHM 
system of 145 sensors was installed [13] as it is 
represented in Figures 2b and 2c. The SHM system 
consists of 34 vibration sensors, 91 strain gauges 
and 20 thermometers. In particular, there are a) 34 
vibration sensors (geo-phones) that measure the 
vertical movement of the bottom of the road deck 
as well as the supporting columns, b) 16 strain 
gauges embedded in the concrete that measure 
the horizontal longitudinal stress, and additional 34 

gauges attached to the outside, c) 28 strain-gauges 
embedded in the concrete that measure horizontal 
stress perpendicular to the first 16 strain-gauges, 
and an additional 13 gauges attached to the 
outside and d) 10 thermometers embedded in the 
concrete, and 10 attached on the outside [11],[13]. 
Figures 2b and 2c. represent a part of the sensors’ 
network in the first span. Also, there is a weather 
station that gathers respective data and a video 
camera that provides a continuous video stream of 
the actual traffic. 

The collected data from the SHM system that are 
related to traffic loads and the environmental 
condition of the bridge corresponds to a frequency 
of 100Hz [14]. It is estimated that 56kB of data per 
sec are stored which means that 5GB/day and over 
1.7TB every year are stored approximately. Also, 
the video camera produces a data stream in a 
similar range with 46kB/sec of compressed video 
for normal traffic conditions. 

The available public data from the “InfraWatch” 
project [11] are post-processed and further 
elaborated using ML algorithms. The 
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measurements used are obtained by strain sensors 
that collect data at a frequency of 10 Hz. The 
dataset deals with finite sequences of numerical 
measurements (samples), collected by observing 
some properties of the system and stored as time-
series [14]. The dataset comprises 10,280,939 
strain measurements over 12 days (15-
26/11/2008). 

The variable data segmentation was performed by 
using Fast Fourier Transformation (FFT). The 
Discrete Fourier Transformation (DFT) is obtained 
by decomposing a sequence of values into 
components of different frequencies. FFT was 
performed on the dataset resulting in a timeseries. 

The monitoring data are used for the development 
of a ML model that predicts the strain values of the 
bridge under service or increased traffic loads. The 
estimations of future traffic loads are based on 
Wegenwiki [12]. 

According to the recent research of Psathas et. al. 
[15], the appropriate ML algorithm for this case 
study is Vanilla Long-Short Term Memory LSTM. 
The Vanilla LSTM has proved to respond better for 
the specific dataset and problem, based on 
previous strain values of high importance in order 
to predict the future trend. 

5 Results 
The ML model has been trained to predict the 
strains derived from the SHM data [15]. The model 
was used also to estimate indirectly the structural 
integrity by the strain values due to increased 
traffic load demands. Surprisingly, even if a 
proportional increase rate of the strain values is 
considered, the model is satisfactorily able to make 
reliable predictions. Though, better training and 
tuning is required in order to increase the reliability 
level (Figures 3 a, b and c). 

Figure 3: ML model prediction for increased traffic 
load for a) 61%, b) 123% and c) 247%. 

In order to implement the proposed methodology 
an approximation of the importance and reliability 
of PIs was considered, accounting for the ML 
predictions, design and expert judgement from the 
literature [16]. The sum of PIs’ weight factors is 
illustrated at the bar charts of Figure 4. 
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Figure 4: PIs for a) structural and b) functional 
capacity vs PIs’ weight factors. 

The implementation of the proposed methodology 
resulted in defining the sustainability and resilience 
level of the case-study bridge throughout its life-
cycle (Figure 5 and 6). 

The Sustainability Index (SI) tendency is increasing 
over the life-cycle of the asset until today and 
seems to have a stable tendency for the future 
based on the predictions. For the specific bridge in 
each recovery period the rapidity of restoration 
seems to be increasing in each recovery period, 
thus contributing to the enhancement of the 
sustainability. The critical SI value, is considered to 
be equal to 1.2, corresponding to the 1/5 of the 
lifetime of the bridge (so far). This value is assumed 
to be critical for the proper future function of the 

bridge, based on increased safety level and 
adaptation capacity standards. 

The resilience curve of the bridge (Figure 6) 
appears peaks and bottoms over time. It is 
remarkable to notice that even though the 
resilience index for future predictions (>2015) is 
increased, the residence curve is descending. This 
appears to be caused by the tremendous increase 
of the traffic load demand, which means that the 
functional part is dominant over the structural part 
of sustainability, given the fact that no further 
natural hazard or catastrophic event takes place 
beyond the design estimations. 

Figure 5: Sustainable indices (SI) of Hollandse Brug 
bridge. 

Figure 6: Resilience quantification of Hollandse 
Brug bridge. 

6 Conclusions 
This research introduces a novel approach, capable 
to efficiently quantify the resilience of CTIs based 
on a Machine Learning model that considers SHM 
data. The Hollandse Brug bridge has been used as a 
case-study.  

The proposed SIs can be considered as strong 
indicators and as reliable means of assessing the 
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sustainability level of the asset, informing the 
stakeholders and owners. This can enhance almost 
real time monitoring and decision-making that can 
lead to adaptation of proper actions. 

Further research is needed to enhance the ML 
model by considering the effects of potential 
natural hazards and catastrophic events, e.g. floods 
and earthquakes. 
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Direct Shear: A Mechanism that is Often Ignored and Rarely Studied 
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Abstract 
The defect of excessive lone time deflection of prestressed concrete bridges has been researching 
for decades. Many researches focused on reducing the long time dead-load deflection of the 
completed bridge. Another research method is trial calculation, which includes adjusting prestress 
loss, structural stiffness, or modifying the creep model to fit the deflection changes of the real 
bridge. Nevertheless, there is still a lack of recognized solution. In this paper, with the continuous 
research on the excessive long time deflection of PC girder bridges in the Department of Bridge 
Engineering at Tongji University, another kind of shear caused excessive defection is proposed, 
which is also a mechanism that is often ignored and rarely studied: direct shear. The transverse 
analysis method of the box section and its influence on longitudinal direct shear are presented in 
detail. Finally, some research and design suggestions are put forward. 

Keywords: direct shear; concrete bridge; excessive deflection; stress indicator of box section; 
transverse analysis of box section. 

1 Introduction 
The defect of excessive lone time deflection of 
long-span prestressed concrete bridges has been 
researching for decades[1]-[8], but there is still a 
lack of recognized solution. Researches included 
three major ideas: The first was to focus on 
reducing the elastic deflection by adjusting the 
design state or design parameters to optimize the 
long time dead-load deflection of the completed 
bridge. However, the dead-load deflection can be 
adjusted by controlling the construction process 
and by cambering the deflection of the completed 
bridge, which is not the defect of continuous 
excessive deflection to be studied. The second 
was trial calculation, which includes adjusting 
prestress loss, structural stiffness, or modifying 
concrete creep model to fit the deflection changes 
of the real bridge. However, the trial calculation 
method often only takes into account the 

deflection changes, but does not take into account 
the structural force state such as structural 
cracking. The trial calculation method could not 
achieve “both fit”, that is, while trying to fit the 
deflection, it also needs to pay attention to the 
structural stress and cracking. The both, i.e., the 
deflection and the stress distribution, need to be 
mutually verified. Third, inclined cracks of the web 
due to shear develop and the shear reinforcement 
in the web yields, which leads to the decrease of 
the shear stiffness of the web and leads to the 
increase of deflection. The author noticed this 
mechanism during the research on the auxiliary 
channel bridge of the Sutong Bridge, and began to 
study the shear reinforcement theory of concrete 
structures, which continues to this day. In this 
paper, with the continuous research on the 
excessive long time deflection of prestressed 
concrete girder bridges in the Department of 
Bridge Engineering at Tongji University, another 
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kind of shear induced excessive defection is firstly 
proposed, which is also a mechanism that is often 

ignored and rarely studied: the direct shear. 

Figure 1. Complete checking stress indicator system of a box section 

2 Stress indicator reflecting direct 
shear: direct shear stress 

The complete checking stress indicator system 
shown in Figure 1 is the core concept of the 
spatial precise analysis method included in the 
Design Code of Highway Reinforced Concrete and 
Prestressed Concrete Bridges and Culverts (JTG 
3362-2018)[9]. The meaning of "indicator" refers 
to the checking items of a certain defect. For 
concrete bridge structures, the defect means 
concrete cracking. With the checking indicator 
system, we can follow the indicators in Figure1 to 
deal with the cracking problem of concrete 
bridges. 

In the indicator system with three letters, the first 
letter is for which slab of a box section, that is, T 
for top slab, B for bottom slab and W for web. The 
second letter is for which layer of a slab, o for 
outer layer of a slab, i for inner layer of a slab and 
p for the middle layer of a slab. The third letter is 
for which direction of a stress, L for longitudinal, T 
for transverse and P for principle. Then we have, 
for examples: 𝜎𝜎𝑇𝑇𝑇𝑇𝑇𝑇 means the Longitudinal stress 
of the Outer layer of the Top slab; 𝜎𝜎𝐵𝐵𝐵𝐵𝑇𝑇 means the 
Transverse stress of the Inner layer of the Bottom 
slab;𝜎𝜎𝑊𝑊𝑇𝑇𝑊𝑊 means the Principle stress of the Outer 
layer of the Web; 𝜎𝜎𝐵𝐵𝑊𝑊 means the Principle stress 
of the middle layer of the Bottom slab. 

Figure 2 shows the shear stress distribution on the 
web of a box section. Shear stress appears in pairs. 
In the web, the pair with vertical shear stress is 
the shear stress along the longitudinal direction of 
the web. When the web area can bear the shear 
stress, the shear stress and the normal stress will 
form the principle stresses of the web. When the 
area of the web is not enough to bear the shear 
stress, there will be direct shear failure (slip 
among fibers by shear). Cracks due to direct shear 
failure will be longitudinal along the direction of 
shear stress, which is different to the diagonal 
cracks due to principle tensile stress. 

For the direct shear of concrete, there are very 
few references in specifications[9]-[12] and even 
textbooks. It is generally considered that the 
cross-section of concrete bridge is thick, thus, 
there will be no problems in direct shear. The 
textbook "Design Principles of Reinforced 
Concrete Structures" authored by Professor Yuan 
Guogan[13], which was used in the bridge 
engineering major at Tongji University in the past, 
contains some relevant contents about direct 
shear. 
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Figure 2. Paired shear stress on web 

The box section of prestressed concrete girder 
bridge in China was relatively thin in the 1980s 
and 1990s. Due to various defects happened in 
operation, the box section became relatively thick 
in recent designs, especially the haunch part at 
the joint of web and top slab, which is beneficial 
to avoid direct shear failure. At the same time, the 
design of longitudinal prestressing tendons used 
to adopt straight tendons in the 1980s and 1990s. 
Because the effect of vertical prestressing could 
not be well guaranteed in webs, diagonal web 
cracking became a kind of common defect. Thus, 
straight tendons were no longer used and curved 
tendons were preferred. In fact, there is another 
advantage of curved prestressing tendons in web: 
when the interface between web and top slab is 
failed by direct shear, the prestressing tendons 
laid across the interface will prevent the relative 
slip of the interface or among fibers of webs. 

It can be said that the occurrence of direct shear 
slip requires certain conditions: the box girder 
section is thin and there are no curved 
prestressing tendons across the range of direct 
shear slip surface. However, on the other hand, 
the box girder bridge with thin section will make it 
look lighter and more graceful. Furthermore, the 
bridge using straight prestressing tendons is more 
convenient to be constructed and has higher 
degree of industrialization. For bridge design, both 
of them should be options for engineers. Of 
course, the both options shall not produce defects 
during service, including cracks caused by principal 
tensile stress and direct shear stress. The 
indicators of principal tensile stresses have been 
included in the stress indicator system in Figure 1. 
The direct shear should also be taken as the 

design calculation content. Therefore, in the stress 
indicator system in Figure 1, it is necessary to 
supplement the longitudinal shear stress in the 
middle layer of each slab of the box section, 
i.e., 𝜏𝜏𝑇𝑇𝑇𝑇𝑇𝑇 , 𝜏𝜏𝐵𝐵𝑇𝑇𝑇𝑇  and 𝜏𝜏𝑊𝑊𝑇𝑇𝑇𝑇 . There are always
longitudinal and transverse reinforcing bars in the
top and the bottom slabs of box section, while
there are only stirrups and vertical prestressing
bars passing across the potential direct shear
failure surface in webs. Thus, it is more critical to
calculate the direct shear stress 𝜏𝜏𝑊𝑊𝑇𝑇𝑇𝑇 of the webs.

3 Problems of transverse frame 
analysis of box girder section 

Figure 3 is a plane beam model commonly used 
for transverse frame analysis of box girder section. 

Figure 3.Frame model for transverse analysis of 
box girder section. 

3.1 Frame model for transverse analysis of 
box section 

The frame model is mainly to be used to calculate 
the stress distribution of the top slab of the box 
section, including symmetrical load effect and 
asymmetrical load effect. However, for the web 
and the bottom plate, the vertical displacement 
difference between the two webs cannot be 
considered because the webs on both sides are 
simply supported. This vertical displacement 
difference is the distortion of the box section 
caused by asymmetric loads. Therefore, the 
transverse frame model of box girder can 
calculate the symmetric load effect of the whole 
frame, but can't calculate the asymmetric load 
effect of the web and the bottom slab. 
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3.2 Effect of temperature difference 
between inside and outside of box 
section 

The temperature effects specified in the current 
code include long-term average annual 
temperature difference and short-term gradient 
temperature effect. There is no relevant 
regulation for the effect of temperature difference 
between inside and outside of box section. In fact, 
the temperature difference between inside and 
outside of the box has a significant influence on 
the stress of the web: when the temperature 
outside of the box is higher than the temperature 
inside of the box, the inner side of the web is in 
tension; On the contrary, when the temperature 
outside of the box is lower than the temperature 
inside of the box, the outer side of the web is in 
tension. Among the defects found in bridge 
engineering practice, the temperature difference 
between the inside and outside of the box is the 
main reason for the difference in the number of 
cracks on the inside and outside of the web. This 
was the theoretical foundation to divide each slab 
of the box section into three layers, i.e., the inner 
layer, the outer layer and the middle layer, as 
shown in Figure 1. The temperature difference 
between the inside and outside of the box section 
will cause the compressive stress produced by the 
vertical prestressing to be increased or decreased 
on the inner side and outer side of the web, which 
will lead to the difference of principal stresses in 
different layers of the web. 

3.3 Load test and inspection for the 
transverse structure of a bridge 

The load test of completed bridge determines the 
bearing capacity of the bridge. The structural 
working performance of a bridge can be obtained 
by inspection and gathering some critical 
structural responses. Generally, the test will load 
some critical sections in several stages and will 
inspect the responses of the bridge structure in 
each load cases and each load stages. According 
to the principle of equivalent bending moment 
and deflection, testing vehicles are loaded on the 
bridge deck to simulate the actual live load. The 
deflection and strain of the bridge structure under 
testing vehicles (symmetrical and unsymmetrical) 

are tested, and the working performance of the 
bridge structure is evaluated and expressed using 
calibration coefficient. 

This "working performance" generally refers to 
the longitudinal working performance, or it can 
also be called overall working performance. Bridge 
load test is an important way to check whether 
the bridge construction meets the design 
expectation before the bridge project is put into 
use. However, although the transverse design is 
also one of the important design contents of the 
bridge structure with box section, the load test 
does not check the transverse performance in the 
same way. The current code clearly stipulates that 
the transverse analysis of the bridge belongs to 
local analysis. That is to say, live load should use 
vehicle load and impact effect should be 
considered (generally considered as 1.3). In this 
way, as the maximum vehicle load is 55 tons in the 
current specification, the testing load for 
transverse structure should need 70 tons. From 
this perspective, the "loading vehicle" usually used 
for longitudinal load test may not meet the 
requirements of transverse loading. 

4 Influence of transverse force of 
box girder on longitudinal direct 
shear of web 

The transverse force of box girder discussed above 
has a significant influence on the longitudinal 
direct shear force of the web of the box section. 
The longitudinal shear stress of the web shown in 
Figure 2 is equal to the shear force at the 
corresponding position divided by the shear area, 
which is the product of the effective web 
thickness and the relevant longitudinal length. 
Here, the “effective web thickness” is closely 
related to the transverse force. 

Take the interface between web and top slab as 
an example: due to the live load (including 
overload) and the temperature difference 
between inside and outside of the box, the 
interface between web and top slab will crack 
laterally. When the vehicle load is symmetrical 
and the temperature inside of the box is higher 
than the temperature outside of the box, the 
outside of this section is in tension until it 
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overcomes the axial pressure produced by vertical 
prestressing and as the result, cracks will appear 
at the outer side of the web which will reduce the 
thickness of the web from the outside, as shown 
in Figure 4; When the vehicle load is 
unsymmetrical and the temperature outside of 
the box is higher than the temperature inside of 
the box, the outside of this section is in tension 
until it overcomes the axial pressure produced by 

vertical prestressing and as the result, cracks will 
appear at the inner side of the web which will 
reduce the thickness of the web from the inside, 
as shown in Figure 5. Although the load cases 
causing cracking from the inside and outside of 
the box section are different, the cracks causing 
reduction of the shear area of the web is 
permanent, and the effective thickness of the web 
was reduced from both sides of the web. 

Figure 4. Load case causing tensile stress at the outside of the web 

Figure 5. Load case causing tensile stress at the inside of the web 

Our research and calculation show that if the box 
section is thin, the sum of the reduction of both 
sides of the web will reach more than 50% of the 
original web thickness. As the result, the direct 
shear stress will be increased by more than two 
times. 

The reduction of the area of web carrying direct 
shear force means the increase of the longitudinal 
shear stress on the web, which refers to the 
aforementioned stress indicator 𝜏𝜏𝑊𝑊𝑇𝑇𝑇𝑇 . When 
𝜏𝜏𝑊𝑊𝑇𝑇𝑇𝑇exceeds the ultimate limit of the direct shear 
stress of concrete [𝜏𝜏𝑊𝑊𝑇𝑇𝑇𝑇], longitudinal shear slip in 
web will occur at the interface carrying the 
maximum shear stress. Therefore, the original 
shear force carried by the concrete will be 
transferred to the steel bars across the interface, 
including stirrups and vertical prestressing steel 
bars. If the web is laid with longitudinal 
prestressing curved tendons across the shear slip 

interface, the prestressing tendons cancontribute 
to resist the shear slip. 

5 Relationship between longitudinal 
direct shear slip in web and the 
defect of the excessive deflection 

The crack form caused by shear slip is different 
from that caused by the principal tensile stress 
exceeding the tensile stress limit of concrete: the 
crack caused by direct shear is horizontal along 
the longitudinal direction of the bridge, while the 
crack caused by the principal tensile stress is 
inclined. The location of crack caused by direct 
shear is related to the reduction of the web 
thickness due to lateral cracks by transverse stress, 
and the longitudinal shear force on this section as 
well. As shown in Figure 4 and Figure 5, under the 
effect by live load, the maximum transverse 
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tensile stress of the web is at the joint of the top 
slab and web, while under the effect by 
temperature difference between inside and 
outside of the box, the maximum transverse 
tensile stress of the web is close to the center of 
the web. At the same time, for the longitudinal 
force distribution of the bridge structure, the 
shear force near the pier is large, while the shear 
force near the mid-span is small. Therefore, 
comprehensive analysis should be made to 
determine the location where direct shear slip is 
more likely to occur. 

The mechanism of excessive deflection caused by 
longitudinal shear slip of box girder can be 
compared to the increase of deflection caused by 
shear slip at the interface of steel-concrete 
composite beam. As shown in Figure 6, the fully 
bonded composite beam conforms to the 
assumption of plane section, with high structural 
rigidity and small deflection. If shear slip occurs at 
the interface between steel and concrete, the 
assumption of plane section will be loosened and 
the structural rigidity will be weakened. As the 
result of the increase of the curvature of the 
section, the deflection will be increased. 

Figure 6.Schematic of the mechanism of excessive 
deflection 

In large span prestressed concrete bridges, due to 
the existence of vertical reinforcement, this 
"direct shear slip" is not necessarily rigid 
movement, but often expressed by elastic shear 
deformation. 

The direct shear failure (shear slip or dislocation) 
at a certain section means that the interaction 
between layers of the section is destroyed, the 
stress of the structure changes, and the stress 
distribution deviates from the design expectation. 
The change of the stiffness ratio of the sections of 
the bridge will also cause the redistribution of the 
internal force of the bridge, indirectly increasing 
the bending moment and deflection at mid-span. 
At the same time, the concrete creep will further 
act on such a structure, which will cause 
additional deflection. Therefore, the downward 
deflection at mid-span of the bridge will continue 
to develop, and it has been causing the change of 
the force distribution of the structure. 

6 Research and design suggestions 

6.1 Direct shear strength of concrete 

Shear strength is the material strength when one 
part of a component moves relative to the rest 
along the direction of force. The ultimate value of 
concrete direct shear stress (i.e., the direct shear 
strength) is not given in all previous highway 
codes in China. As the result it is often ignored by 
designers. As the transmission of shear stress is 
the basic requirement of the normal stress 
distribution and the generation of the principal 
stresses as well, the direct shear stress indicator, 
namely [𝜏𝜏𝑊𝑊𝑇𝑇𝑇𝑇], should be regarded as the stress 
indicator as important as the normal stress 
indicators and the principal stress indicators. As 
there is no such checking regulation in the current 
codes, and there is no specified value of direct 
shear strength, it is necessary to make detailed 
research and experimental study on this indicator 
in order to provide it to the designers. 

6.2 Transverse analysis of box section 

Generally, the bridge design pays more attention 
to the longitudinal force analysis, while the force 
on the transverse direction is not emphasized 
enough. As can be seen from the previous part of 
the paper, the transverse force analysis of the box 
section needs to be further improved from both 
load and calculation method. In terms of load, it is 
necessary to supplement the load case of inside 
and outside temperature difference of the box. 
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Regarding the load test for completed bridge, how 
to check whether the box girder structure meets 
the transverse design requirements after the 
completion of construction also needs further 
attention and improvement. 

6.3 Structural force and calculation model 
for bridge after direct shear slip 

Generally, the bridge structure relies on its own 
dimensions to resist direct shear stress. The shear 
deformation of the web without shear slip is 
generally negligible. However, if shear slip occurs, 
bridge can only rely on the prestressing tendons 
and steel bars in the bridge structure. If there is no 
longitudinal curved prestressing tendon, the 
transmitted shear force from the cracked concrete 
can only carried by the transverse shear capacity 
of vertical stirrups and vertical prestressing steel 
bars.  At the same time, the resultant shear 
deformation depends on the shear stiffness 
provided by the shear steel reinforcements in the 
web (including stirrups and longitudinal steel bars) 
to resist, so as to resist the further development 
of the shear deformation and the shear slip at the 
interface of top slab and web, and the shear slip 
within a certain range of the web. The structural 
force and calculation model for bridge after direct 
shear slip are very important, which need to be 
studied in theory and experiment. 
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Abstract 
The deck-extension bridges is the most widely used jointless bridges in China due to the simple 
structure and convenient construction. The mechanical performance of skewed bridges is more 
complex than that of right bridges. To understand the difference between the skewed deck-
extension bridge (SDEB) and the skewed jointed bridge (SJB), a SDEB built in China was chosen as a 
case study. The girders and approach slabs longitudinal displacements were monitored. A finite 
element model (FEM) was implemented by using the MIDAS-Civil software, of which the accuracy 
was verified by monitoring results. The mechanical performance of the SDEB and SJB under different 
load cases was compared. The influence of different skew angles on the mechanical performance of 
the SDEB was studied. The results indicated that the mid-span bending moment of the SDEB was 
slightly smaller by 5% than that of the SJB. Compared with the SJB, the mid-span torque of the girder 
in the side span and axial force at the girder end in the SDEB were significantly larger, which should 
be paid special attentions to during the design. The in-plane rotation of the girder in the SDEB was 
limited by the approach slab; therefore, the lateral displacement of the SDEB was significantly 
smaller than that of the SJB, especially for the skew angle of 30°. Bearing unseating and deck cracks 
may be improved in SDEB. 

Keywords: jointless bridge; deck-extension bridge; skewed bridge; mechanical performance; finite 
element model. 

1 Introduction 
To meet the requirements of road alignment, 
bridge location and terrain, skewed bridges are 
often used. With the development of highways and 
urban expressways in China, the number of skewed 
bridges can reach up to 40~50% of total bridges in 
one route [1]. The deck joints in the skewed bridges 
were easily damaged, which affected the bridge 
durability and traffic safety [2-3]. Deck-extension 

bridge is one type of jointless bridge. The 
expansion joints between the girders and 
abutments are retained, however, the deck joints 
are eliminated. Therefore, the longitudinal 
expansion and contraction deformation of girders 
can be transferred to the connections between the 
approach slabs and pavements [4-7]. The skewed 
deck-extension bridge (SDEB) can not only resolve 
the vulnerability problems of deck joints but also 
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meet the requirements of road alignment, which 
has the potential of wide application. 

The mechanical performance of the skewed bridge 
is more complicated than that of the right bridge. 
The most obvious characteristic of the skewed 
bridge is the bending-torsion coupling effect, which 
can reduce the mid-span bending moment of 
girders, however, significantly increase the torque 
[8]. Compared with the skewed jointed bridge (SJB), 
the mechanical performance of the skewed 
jointless bridge is significantly different [9-10]. The 
skew angle (φ) is the key parameter of the skewed 
bridge. Considering φ as the parameter, the 
influence of temperature variation on the internal 
force of skewed integral bridges was studied [11-
12]. The influence of φ on the stress of the 
approach slab in the skewed semi-integral bridge 
was investigated [8].  

Regarding the mechanical performance and 
deformation of SDEB, the Virginia Department of 
Transportation found that the superstructure of 
SDEB would rotate under temperature variation 
and the rotation angle was within 5° according to 
the field monitoring [13]. The φ of SDEB was limited 
in many countries, which are within 20~45° in the 
design criteria of most states in the United States 
[14] and within 30° in the technical standards of
jointless bridges in China [15].

In this paper, the field monitoring of a SDEB built in 
China is introduced. A finite element model (FEM) 
was implemented in the MIDAS-civil program. The 
accuracy of the FEM was verified by monitoring 
results. The mechanical performance of SDEB and 
SJB under different load cases was compared. 
Finally, the influence of different φ on the 
mechanical performance of SDEB was studied. 

2 Field monitoring 

2.1 Case study 

A SDEB built in Shannxi, China was chosen as a case 
study. The superstructure is composed by 4×13 m 

simply supported prestressed concrete side-by-
side box girders connected with link slabs, as 
illustrated in Figure 1(a). Three-column bents were 
used as piers and abutments. The cast-in-situ piles 
were used as foundations. The width of the 
superstructure was 13 m with 12 side-by-side box 
girders horizontally connected by cast-in-situ joints 
(Figure 1(b)). The overlay was made with 10 cm of 
C40 concrete, water-proof layer, and 9 cm of 
asphalt, as shown in Figure 1(b). The SDEB was a 
skewed and curved bridge with an φ of 30°. The 
bridge was located in a horizontal curve with a 
curvature radius of 169.75 m and a transition curve 
of 50 m, as shown in Figure 1(c). The piers and 
abutments were radially arranged. The deck-
extension abutments were used at both ends of the 
bridge, as shown in Figure 1(d). Two reinforced 
concrete (RC) approach slabs (AS-1 and AS-2) and 
one plain concrete buried slab (BS) were set at each 
abutment. Longitudinal connecting rebars were 
placed at the connection between the girder and 
AS-1. The longitudinal deformation of the girder 
was transferred to expansion joints between AS-1 
and AS-2 and between AS-2 and BS. A layer of 
reinforced grid was set at the connection between 
the girder and AS-1. A layer of self-adhesive glass 
fiber grid was placed at the connections of AS-1 and 
AS-2, and of AS-2 and BS to avoid the reflection 
cracks on the pavement. A fine sand layer with 20 
cm thickness was placed under the approach slabs 
and an asphalt felt with 2 cm thickness was set 
between the backwall and approach slabs to 
reduce the friction resistance of approach slabs 
under longitudinal movement. To avoid the 
settlement of approach slabs, a 10 cm plain 
concrete layer, a 36 cm cement stabilized 
macadam base, and a 18 cm cement stabilized 
macadam subbase were constructed from top to 
bottom under the fine sand layer, and one sleeper 
beam with 20 cm height was set below the 
expansion joint between AS-1 and AS-2. Dowel bars 
were set between AS-1 and AS-2, and between AS-
2 and BS to prevent the faulting of slab ends or 
uneven settlement.

1761



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

(a) Elevation layout (b) Cross-section of superstructure

(c) Plan layout

(d) Deck-extension abutment

Figure 1. Drawings of case study (unit: cm) 

2.2 Field monitoring 

The monitoring period was from July 1, 2019, to 
June 30, 2020. The longitudinal movement at both 
ends of the girder and approach slabs were 
measured. The arrangement of measuring gauges 
is shown in Figures 1(c) and (d). The east and west 
sides of the Tiantang direction were defined as TE 
and TW, respectively, and the east and west sides 
of the Liangting direction were defined as LE and 
LW, respectively. The bridge was a curved and 

skewed bridge with the TE and LW of acute corners 
and the TW and LE of obtuse corners. 

Sixteen displacement gauges were installed, 
including the displacement gauges at TE 
(TED1~TED4), at TW (TWD1~TWD4), at LE 
(LED1~LED4), and at LW (LWD1~LWD4), as shown in 
Figures 1 (c) and (d). LWD1~LWD4 were taken as an 
example to introduce the arrangement. LWD1, 
LWD2, LWD3, and LWD4 were installed in the 
connections between the girder and AS-1, AS-1 and 
AS-2, AS-2 and BS, and the girder and backwall, 
respectively, to measure the relative 

1762



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

displacements. The deck-extension abutment can 
be considered as a fixed point [6]. Therefore, the 
displacement measured from LWD4 was the 
thermal-induced deformation of the girder. 

2.3 Field monitoring results 

The TED4 and TWD4 was compared in Figure 2(a). It 
can be found that the variation trends of TED4 and 
TWD4 were nearly the same. The maximum 
displacement of TED4 was 9.3% higher than that of 
TWD4. The longitudinal deformation at the acute 
corner of the girder in SDEB was larger than that at 
the obtuse corner, which was consistent with the 
deformation behavior of the girder in SJB. The 
relative displacements measured from LWD1, LWD2, 
and LWD3 were compared in Figure 2(b). It can be 
found that the values of LWD1 and LWD3 were 
basically zero. Therefore, the thermal-induced 
deformation of the girder could be well transferred 
by the connection between the girder and AS-1 and 
absorbed by the expansion joint between AS-1 and 
AS-2. The thermal-induced deformation of the 
girder (TWD4), and the relative displacements 
between AS-1 and AS-2 (TWD2) were compared in 
Figure 2(c). It can be found that the variation trends 
of TWD2 and TWD4 were basically similar. The 
displacements of TWD2 were slightly higher than 
those of TWD4 due to the thermal-induced 
deformation of the approach slab. 

(a) TED4 and TWD4

(b) LWD1, LWD2, and LWD3

(c) TWD2 and TWD4

Figure 2. Longitudinal displacements 

3 Finite element analyses 

3.1 Finite element modelling 

The MIDAS-civil software was used to establish the 
3D beam-element FEM of the superstructure and 
approach slabs in SDEB, as shown in Figure 3. The 
grillage method was used to model the girders and 
approach slabs. The longitudinal beam elements 
were horizontally connected by virtual beam 
elements. The cast-in-situ joint were simulated by 
setting “Release Beam End Constraint” at one end 
of the virtual beam element. The thickness of the 
top and bottom flanges of the side-by-side box 
girders were considered as the thickness of the 
virtual beam elements. The elastic connection was 
used to simulate the rubber bearings with a 
stiffness calculated based on the characteristics of 
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bearings. Both ends of girders at piers were 
connected by link slabs. The debonding layers 
arranged between the girders and link slabs were 
simulated by compression only spring elements 
with the vertical stiffness of 1830 kN/m [16]. The 
connections between the girders and AS-1 were 
simulated by hinged connections without 
transferring the bending moment. The friction 
between the approach slabs and sliding materials 
was simulated by horizontal spring elements with 
the stiffness determined by the bilinear model  [17-
18]. The support of the subgrade was simulated by 
vertical spring elements with the stiffness 
determined by the characteristics of the sliding 
material [17-18]. 

Figure 3. FEM of SDEB 

3.2 FEM verification 

The -33oC (from July 30, 2019, to January 17, 2020) 
and +31oC (from January 17, 2019, to June 30, 2020) 
were considered as the negative and positive 
uniform temperature variations of girder cross-
section in the FEM, respectively. The relative 
displacements under uniform temperature 
variations obtained by field monitoring (TEST) and 
the FEM are compared in Figures 4(a) and (b). The 
displacement from Tiantang to Liangting was 
defined as the positive value. It can be found that 
the relative displacements obtained by field 
monitoring agreed well with the FEM values with 
the maximum difference of 1.36 mm. The FEM 
could be used to simulate the mechanical 
performance of SDEB. 

(a) Negative uniform temperature variation

(b) Positive uniform temperature variation

Figure 4. Relative displacements obtained by 
field monitoring and the FEM 

4 Parametric analysis 
A FEM of an SDEB with a curvature of 0 was 
established because the case study is a curved and 
skewed bridge. Two load cases were considered, 
which were 1.2 × structural gravity + 1.2 × 
additional gravity of structure + 1.2 × prestressing 
force + 1.4 × vehicular load + 0.7 × 1.4 × (positive 
uniform temperature variation + positive vertical 
temperature gradient) (load case 1) and 1.2 × 
structural gravity + 1.2 × additional gravity of 
structure + 1.2 × prestressing force + 1.4 × vehicular 
load + 0.7 × 1.4 × (negtive uniform temperature 
variation + negtive vertical temperature gradient) 
(load case 2). The influence of different φ on the 
mechanical performance of SDEB was analyzed. 
The internal forces of the girders in the 1st and 2nd 
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spans were taken for analysis because they were 
the same as those in the 4th and 3rd spans, 
respectively. According to calculation results, the 
stress of the #9 girder (as shown in Figure 1(b)) was 
the most unfavorable. Therefore, the #9 girder was 
selected to analyze the mechanical performance of 
girders. 

The influence of φ on the mid-span bending 
moments (M) of girders under two load cases is 
compared in Figure 5. M1 and M2 were the M in the 
1st and 2nd spans, respectively. It can be found 
that with an increase in φ, the M of SDEB and SJB 
decreased and the decrease rate increased. With 
an increase in φ, the difference of M (dM) between 
SDEB and SJB firstly increased (0°<φ<45°) and then 
decreased (45°<φ<60°). It could be also found that 
dM under negative thermal load was slightly larger 
than that under positive thermal load. However, 
the maximum dM was less than 5%. Therefore, the 
difference of M between SDEB and SJB was small. 
This may be due to the hinged connections 
between the girders and approach slabs that can 
not transfer bending moments. 

The influence of φ on the mid-span torques (T) of 
girder in two load cases is compared in Figure 6. T1 
and T2 were the T in the 1st and 2nd spans, 
respectively. It could be found that with an increase 
in φ, the T of SDEB and SJB firstly increased 
(0°<φ<45°) and then decreased (45°<φ<60°). For 
SDEB, the T1 was larger than T2 because the 
torsional deformation in the side span was 
constrained by the approach slab. For SJB, the T1 
was smaller than T2 because there is no constrained 
form the approach slab on the torsional 
deformation in the side span, however, the 
torsional deformation in the middle span was 
constrained by the link slab. The T1 of the SDEB was 
significantly larger than that of SJB. With an 
increase in φ, the difference of T1 (dT1) between the 
SDEB and SJB firstly increased (0°<φ<45°) and then 
decreased (45°<φ<60°). The dT1 under negative 
thermal load was slightly larger than that under 
positive thermal load. The maximum dT1 is 20.2%. It 
can be concluded that the approach slab had a 
significant influence on T1. The bearings with large 
torsional stiffness and diaphragm with large 
stiffness should be set in the side span of SDEB. 

(a) Load case 1

(b) Load case 2

Figure 5. Influence of φ on M 

(a) Load case 1
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(b) Load case 2

Figure 6. Influence of φ on T 

The influence of φ on the axial force (F) at the end 
of the girder near the abutment in two load cases 
is compared in Figure 7. It could be found that with 
an increase in φ, the F of SDEB and SJB firstly 
increased (0°<φ<45°) and then decreased 
(45°<φ<60°). The F of SDEB was significantly larger 
than that of SJB. With an increase in φ, the 
difference of F (dF) between SDEB and SJB firstly 
increased (0°<φ<45°) and then decreased 
(45°<φ<60°). The dF under negative thermal load 
was slightly larger than that under positive thermal 
load. The maximum dF is 116.5kN. This may be due 
to the constraint of the approach slab on the 
thermal-induced deformation of the girder. 

The influence of φ on the lateral displacement (dL) 
of the girder under two load cases is compared in 
Figure 8. It could be found that with an increase in 
φ, the dL of SDEB and SJB firstly increased 
(0°<φ<30°) and then decreased (30°<φ<60°). The dL 
of SDEB was smaller than that of SJB. With an 
increase in φ, the difference of dL (ddL) between 
SDEB and SJB firstly increased (0°<φ<30°) and then 
decreased (30°<φ<60°). The ddL under positive 
thermal load was larger than that under negative 
thermal load. The maximum ddL at the acute and 
obtuse corners of the girder are 15.2% and 17.5%, 
respectively. This may be due to the constraint of 
the approach slab on the thermal-induced 
deformation of the girder. Therefore, compared 
with SJB, a relatively uniform distribution of the dL 
on the girder along the longitudinal direction and 
smaller in-plane rotations can be found in SDEB. 

Bearing unseating in skewed bridges is due to in-
plane rotations of the superstructure, which may 
cause deck cracks on the girder without bearing 
unseating. Therefore, bearing unseating and deck 
cracks may be improved in SDEB due to a relatively 
uniform distribution of dL and smaller in-plane 
rotations. 

(a) Load case 1

(b) Load case 2

Figure 7. Influence of φ on F 
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(a) Load case 1

(b) Load case 2

Figure 8. Influence of φ on dL 

5 Conclusions 
The following conclusions can be drawn based on 
the analyses presented in this paper. 

(1) The longitudinal displacements at the acute
corner of the girder in SDEB were larger than those
at the obtuse corner. The abutment of SDEB can be
designed as the conventional abutment.

(2) With an increase in the skew angle, the bending
moment of SDEB and SJB decreased, and the
decrease rate increased. The torque, axial force,
and lateral displacement of the girder firstly
increased and then decreased. The maximum
torque and axial force were found when the skew
angle was 45°. The maximum lateral displacement
was obtained when the skew angle was 30°.

(3) Compared with SJB, the bending moment and
lateral displacement of the girder in SDEB were
slightly smaller, and the torque and axial force
were significantly larger. With an increase in the
skew angle, the differences of bending moment,
torque, axial force, and lateral displacement of the
girders between SDEB and SJB firstly increased and
then decreased.

(4) Bearings with large torsional stiffness and
diaphragms with large stiffness should be set in the
side span of SDEB. The lateral displacement of the
girder in SDEB was relatively uniform along the
longitudinal direction because the girder was
constrained by the approach slab. Bearing
unseating and deck cracks may be improved in
SDEB.

(5) The mechanical performance of curved and
skewed deck-extension bridges will be investigated
in the next research steps.
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Abstract 
With the development of modern long-span cable-stayed bridges, due to the Parallel strand 
cable (PSC) being assembled on-site strand by strand, which has the advantages such as no 
need for large-scale equipment for cable-making, delivery, hoisting, traction, tensioning, and 
the corrosion protection of the cable is excellent, it is more and more favored by designers. 

As the load-bearing components, the stay cables are known as the life cable of the cable-
stayed bridge. Its reliability and durability are the key factors that determine the safety and 
the service life of the cable-stayed bridge. In accordance with the requirements specified in 
international recommendations, in-depth research has been carried out on cable fatigue, anti-
corrosion, vibration control to optimize OVM250 PSC system. All research results have been 
successfully applied to cable stayed bridge projects. 

Keywords: high fatigue strength; corrosion protection; UV resistance; vibration control. 

1 Introduction 
Continuous development and breakthroughs of 
anti-corrosion technology of the stay cable system 
have provided favorable conditions for the 
development of modern long-span and super-long-
span cable-stayed bridges. And the increasing 
demand for cable-stayed bridge construction has 
promoted the development of stay cable 
technology and ushered in a new technological 
innovation in the stay cable system. In order to 
ensure the safety and durability of long-span cable-
stayed bridges, higher requirements are put 
forward to the reliability, durability, construction 
convenience, cable force monitoring and even fire 
& explosion protection of the stay cables. In recent 
years, the PSC technology is favored and has been 
applied in more and more super-long-span cable-

stayed bridges all over the world (e.g. Russky 
Bridge in Russia with main span 1104m) for its 
multi-layer redundant anti-corrosion, strand-by-
strand installation and stressing method, the 
lightweight erection equipment, and the 
convenience of maintenance and individual strand 
replacement.  

In 1993, a survey on bridge stay cable systems was 
carried out, for the question “what are the three 
most important aspects/requirements for a stay 
cable[1]”, durability and fatigue received a relatively 
close percentage rating 28.3% and 26.6%, 
respectively, they are much higher than other 
aspects.  

In international recommendations of Setra CIP[2], 
fib bulletin 30[3] and PTI[4], fatigue and subsequent 
static tests are specified. In these three(3) 
recommendations for stay cable system, the 
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simulation of angular deviation of the cable 
specimen, CIP is different from PTI and fib bulletin 
30, Setra CIP recommendation adopts dynamic 
simulation to generate bending stress by means of 
transverse displacement of the middle of the cable, 
which can reflect the real behavior of the free 
length of the stay cable.  

With the understanding of the influence of bending 
stress on fatigue performance of stay cables, fib 
bulletin 89[5] has added provisions for bending 
fatigue on the basis of axial fatigue. 

For PSC system, the free length consists mainly of 
the prestressing strands and their protection layers. 
If not protected adequately[6], the strand may 
suffer pitting corrosion and stress corrosion. There 
is presently no scientific model available to reliably 
predict these corrosion processes over time as a 
function of the exposure classes. Therefore, the 
design approach for the strands is to provide 
suitable permanent multi-layer corrosion 
protection which is adequate for the entire design 
lifetime of the cable. 

In fib recommendations, a “Reference system” was 
defined, believed to provide a 100 year design life 
of prestressing steel used in stay cables with high 
fatigue loading and in the most aggressive 
environment, exposure class C5 of ISO 12944-2[7]. 

In addition, the internal and external barriers of the 
strand shall be subjected to salt spray test[8] and 
watertight test[9], friction test[9], and impact 
resistance test[10]. 

Similarly, different watertighness test procedures 
are defined in international recommendations. In 
PTI recommendation, the static leak test with a 
cable specimen having passed the fatigue test but 
not subjected to the tensile test is immersed into a 
3m head of water and dye solution for 96 hours to 
verify the leak performance of the cable. Both CIP 
and fib recommendations have introduced a 
dynamic watertightness test to simulate the effects 
of mechanical and thermal aging; however, they 
are quite different in test set-up, water head, 
temperature range and test duration. The test set-
up with 30° inclination defined in CIP is more in line 
with the actual state of cable stays. 

The application environment of the stay cables is 
an open state, the stay cables are exposed to 

periodic excitation such as wind, rain and traffic 
load, under certain conditions, the stay cable can 
accumulate energy and oscillate with substantial 
amplitudes. This oscillation rarely endangers the 
structural integrity of the works, but it is disturbing 
for users and can cause fatigue damage to the cable 
stays if it is not controlled.  

Since the 1990s, OVM has been working in the 
development and application of parallel strand stay 
cable system. After nearly 30 years of development, 
in addition to occupying more than 80% of China’s 
market share of cable-stayed bridges using strand 
stay cables, OVM250 PSC has also been successfully 
used in South Korea, Indonesia, India, Iran, Middle 
East, South America, and Taiwan regions. 

2 Milestones in the Development of 
OVM250 PSC 

In 1993, OVM200 PSC was developed and firstly 
applied in the 4th bridge over cross Liujiang river. 

In 1995, OVM began to develop the OVM250 PSC 
system. In 1997, all qualification and production 
acceptance tests of the cable system were 
accepted by the owner and designer of Shantou 
Queshi Bridge (main span 518m), which is the first 
cable-stayed bridge that OVM250 PSC applied to. 
During construction, the stay cable withstood the 
test of several typhoons above level 8. 

In 2002, the individual changeability of HDPE 
sheathed strand in OVM250 PSC was verified in the 
erection of the main arch of Shanghai Lupu Bridge. 

In 2003, The OVM250 PSC was applied to Sichuan 
Yibing Jinshajiang River Bridge, which is the first 
cable-stayed bridge constructed with a front 
fulcrum hanging basket method in China. The 
safety and reliability of OVM250 PSC under low 
stress conditions (10% GUTS) have been verified. 

Since 2006, fatigue and subsequent tensile tests 
have been carried out in the American CTL and 
Swiss EMPA labs in accordance with international 
recommendations. 

In 2011, large-size cable with 139 strands of the 2nd 
generation OVM250 PSC passed the fatigue and 
subsequent tensile test with the upper stress of 45% 
GUTS and high stress amplitude of 250MPa for 
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requirements specified in Tongling Rail-cum-Road 
Changjiang River Bridge (main span 630m) 

In 2016, OVM250 PSC was successfully applied to 
the world's largest span steel truss girder cable -
stayed bridge - Guizhou Yachi River Bridge (main 
span 800m), the world's highest cable stayed 
bridge - Beipanjiang Bridge on Bidu Expressway 
(main span 720m). 

In 2017, OVM250 PSC with the addition of fire 
protection, blast protection and anti-vandalism 
system, high performance damping system, cable 
force monitoring system was applied in Rod EI-
Farag cable-stayed bridge.   

3 The structural composition and 
advantages of OVM 250 PSC 

3.1 The structure of OVM250 PSC 

Generally, OVM250 stay cable system (as shown in 
figure 1) consists of anchorage caps, anchorages 
(fixed-end anchorage and adjustable-end 
anchorage), deviator (or damper), collar, water-
proof cover (or anti-vandalism tube), HDPE pipe, 
HDPE sheathed strands and HDPE telescopic device, 
etc. 

Anchorage cap

Pylon

Adjustable-end anchorage

HDPE pipe

Water-proof cover (antivandalism tube)

Collar

Deviator (damper)

Girder (Deck)

Bearing plate

Drainage

bearing plate

HDPE sheathed strands

HDPE telescopic device

Anchorage cap

Fixed-end anchorage

Deviator (damper)

Guide pipe

Guide pipe

Figure 1. The structural drawing of OVM250 PSC 

3.2 The main advantages of OVM250 PSC 

3.2.1 Excellent corrosion protection of the PE 
sheathed strand 

The main tension elements of OVM250 PSC are a 
group of individually protected HDPE sheathed 
strands which have excellent durability and provide 
a degree of redundancy by means of three 
complementary, nested barriers, the first barrier is 
the galvanization applied directly on the seven-
wire strand, the second barrier is the intermediate 
medium (wax) filled in the clearance between the 
wires of the stand, and the HDPE sheath and strand, 
and the third barrier is the HDPE extruded outside 
the wax coated strand  

3.2.2 Excellent fatigue & tensile performance 

OVM250 anchorages are developed to provide high 
fatigue and subsequent tensile performance, which 
has been qualified in accordance with the latest PTI, 
CIP and fib recommendations. A large amount of 
fatigue and subsequent tensile tests have been 
successfully carried out in independent 
laboratories. Anchorage assembly combined with 
139 strands has passed the fatigue test with 
250MPa fatigue stress amplitude at 45% GUTS for 
2 million load cycles, and the subsequent tensile 
test.   

3.2.3 Outstanding watertightness performance 

OVM250 anchorage has a perfect elastic and 
compressible sealing structure, and its reliable 
waterproof performance has been proved by the 
leak tightness testing under mechanical and 
thermal ageing performed in accordance with fib 
bulletin 30 and Setra CIP recommendations. 

3.2.4 Very easy installation, stressing,  
monitoring and replacing 

The strands of OVM250 PSC are individually 
installed and stressed on site. Strand by strand 
tension is applied to stress the strand individually 
so as to ensure the forces in the cable within a 
tolerance of ±2.5% of the stressing force at the end 
of construction. CCT20 magnetic flux sensor, if 
applicable, can be equipped in the anchorage in 
advance to monitor the cable force during 
construction and in service life. 
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The strands in the cable are corrosion protected 
and anchored individually, which results in the 
advantages of the strand individual removal and 
replacement if necessary.  

3.2.5 Good aerodynamic stability 

The presence of the rivulets of water can modify 
the aerodynamics of the cable. In OVM250 PSC, an 
HDPE pipe is manufactured with two helical ribs 
wound at 180°apart around to interrupt rivulets 
that may induce rain-wind vibrations of the cable.   

The research on wind load performance of HDPE 
pipe based on wind tunnel test has been carried 
out in Tongji University State Key Lab of Disaster 
Reduction in Civil Engineering. The test results 
showed that the drag coefficient CD is less than 0.6 
under high wind speed of 32.5~48.5m/s, and there 
is no rain wind induced vibration with obvious 
amplitude and periodicity in the whole test range 
of wind speed and rainfall. 

4 The Main Research on OVM250 
PSC 

4.1 The Reliability Design of the Anchoring 
Unit 

The key anchoring component of anchorage is the 
wedge, it shall have reliable static and low-stress 
anchoring performance, and excellent fatigue 
resistance. The reliability of OVM250 anchorage is 
mainly achieved through the following measures: 

Firstly, in the OVM250 anchorage designing, the 
reliability design and the finite element analysis 
(shown in Figure 2) are adopted, combined with a 
large number of tests on structural design and 
optimization. 

Secondly, the wedge is specially designed to match 
the conical hole in the anchor head, which ensures 
uniform distribution of the occlusal stress along the 
entire wedge teeth and eliminates the influence of 
stress concentration and fretting wear on fatigue 
performance. The wedge can resist more than 
380MPa stress range at 45% GUTS for 2 million 
cycles, and in the subsequent static tensile test, the 
anchoring efficiency coefficient is greater than 95%. 
After the test, the wedge is intact.  

Mises stress nephogram of anchor head 

Axial deformation nephogram of anchor head 

Figure 2. Finite element analysis of anchor head of 
OVM250 PSC  

Thirdly, a special fully automatic controlled 
carbonnitriding heat treatment process is adopted 
to precisely control the carburized layer and 
surface hardness to optimize the metallographic 
structure of the wedge, which can ensure the 
toughness of the core of the wedge and the 
hardness of the teeth, so that the teeth can bite 
into the base material of the strand, ensure reliable 
fatigue and ultimate performance. 

Finally, in order to prevent fretting corrosion and 
fatigue, during the detailed design of OVM250 
anchorage, the protection against wear between 
the strands and anchorage is fully considere. In 
anchorage zone, only steel-to-steel contact 
between the strand and the anchorage takes place 
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at the wedge-strand anchoring points. All other 
contact areas are designed to be in contact with 
non-metallic components so that the lateral 
displacement of strands from the anchorage centre 
line can be filtered by the non-metallic material 
components. In order to prevent strands of the 
cable from generating excessive bending stress at 
the exit of the anchorage due to the installation 
error of the guide pipe, a trumpet-like shape holes 
are designed in the outer plate of the sealing device 
for guiding each strand deviation curvature. 

4.2 The Fatigue and Subsequent Testing of 
OVM250 PSC 

Due to the influence of traffic load, wind load etc., 
stay cables are always under variable load in their 
service life, excellent fatigue performance is 
extremely important for stay cables.  

As we know, when the upper stress is the same, the 
magnitude of stress variation is the key parameter 
of the fatigue test. In CIP and fib recommendations, 
the stress range of 200MPa is defined, and in PTI 
recommendations it is 159MPa. In this point, the 
fatigue performance specified in CIP and fib are 
much stricter than in PTI. After completion of the 
fatigue test, the same specimen shall develop a 
minimum tensile force of not less than 95%GUTS or 
92%GUTS, whichever is greater.  

In order to verify the fatigue performance of 
OVM250 anchorage system,  in the past 15 years, 
thirty (30) more fatigue tests with test specimens 
covering the representative designations with 15 to 
156 strands, have been carried out according to the 
requirements specified in Sectra CIP, fib and PTI 
recommendations, most of them were performed 
in USA CTL laboratory.  

The fatigue tests cover a large range of 
representative stay cables, in which the cable of 
139 strands has successfully passed 2 million load 
cycles fatigue test of upper stress 0.45GUTS with 
stress amplitude of 250MPa (the test setup shown 
in figure 3), which is much higher than the stress 
amplitude specified in CIP, fib, and PTI.  

Figure 3. Fatigue test setup of OVM250-139 
anchorage system 

4.3 The Corrosion Protection  Performance 
of OVM250 PSC 

Generally, cable-stayed bridges are built for 
crossing rivers, oceans, coastal harbors or 
mountain valleys etc., the application of stay cable 
system is basically in high-humidity environment, 
the anti-corrosion of stay cables is particularly 
important. In accordance with the bridge design 
requirement, the design life of cable-stayed bridge 
is usually more than 100 years. In the service life of 
the bridge, the stay cables are allowed to be 
replaced once or twice, the required design life of 
the stay cable system shall be more than 50 or 30 
years. Based on international recommendations, 
high performance corrosion protection is applied 
to OVM250 PSC system. 

4.3.1 Individual corrosion protection of strands 

Following the “Reference system” defined in fib 
recommendations, in free length, the strands are 
protected by three complementary corrosion 
protection barriers: zinc (or epoxy) coated on 7 
individual wires directly, HDPE sheath extruded 
outside the strand and the wax filled in the 
intermediate space among 7 wires and between 
strand and individual HDPE sheath.  

In anchorage zone, the HDPE sheath of the strand 
shall be removed for reliable wedge anchoring, the 
function of the HDPE sheath is replaced by the 
watertight anchorage, and the local casing of the 
anchorage is to be full injected with the same wax 
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used in the strand, so that provides the second 
nested corrosion barrier to the zinc coating.  

In addition, the individual HDPE sheathed strand 
meets the following tests specified in 3.3.9 of PTI 
DC45.1: chemical resistance, chloride permeability, 
impact, abrasion resistance and salt spray (fog) 
tests. 

4.3.2 Corrosion protection of the anchorage 
and other components 

OVM250 PSC is replaceable, in order to achieve the 
required design life of more than 50 years, 
adequate maintenance is required, the specific 
requirements depend on components according to 
their replaceability and accessibility.  

The anti-corrosion system implemented on the 
anchorage and other components meets C5M 
exposure class. For the exposed parts which are 
accessible for maintenance in situ, a proposed 
corrosion protection system with a design life of 25 
years for example and after this period. The 
protection system can be renewable in situ at 
regular intervals such as 15 years. The anchorage 
components which are not accessible for 
maintenance operation in-situ after installation in 
the bridge are to be designed with a corrosion 
protection system that will remain effective during 
the design life without maintenance.  

4.3.3 Water-tightness test of OVM250 PSC 

The purpose of the water-tightness test is to verify 
the adequate sealing of the stay cable system 
between the free length and the anchorage to 
avoid the ingress of water into anchorage zone. 

In order to verify the watertight performance of 
OVM250 anchorage zone, 5 watertightness tests 
were carried out. In which, the water tightness test 
of OVM250-37 cable specimen combined the high 
requirements specified in CIP and fib 
recommendations. The test set-up (as shown in 
figure 4) and procedures defined in Setra CIP 
recommendations and a 3m water head specified 
in fib are followed. After the test had been finished, 
the specimens were removed from the test rig and 
dissected for detection. No trace of coloring or 
dyed water ingress was found in the anchorage and 

on the strands sealed in the local casing of the 
anchorage. 

Figure 4. OVM250-37 PSC watertightness test 
setup according to CIP recommendations 

4.4 The Durability of HDPE pipe 

HDPE pipe is designed to protect the individual PE 
sheathed strands from the direct action of UV 
radiation and to prevent the rainwater entering 
into the cable. At pylon side, the telescopic device 
is sleeved outside the HDPE pipe, which allows a 
thermal expansion of the HDPE pipe without any 
tensile stress. Thus, the durability of the HDPE pipe 
relative to environmental stress cracking can be 
guaranteed, as hardly any stress arises during the 
service life.  

The HDPE pipe exposed to sunlight in service life of 
the cable, the photo-oxidation reaction will 
degrade the chemical bond between polyethylene 
molecules. The speed of photo-oxidation reactions 
depends on UV radiation intensity, temperature 
and duration of exposure. Based on laboratory 
experiments on reaction speed, it is possible to 
compare accelerated ageing tests to real life.  

OVM and Sichuan University jointly conducted 
experimental research on the durability of HDPE 
pipe. A contrast accelerated aging test on the HDPE 
samples under different constant tensile stress was 
designed and carried out, one set of samples is 
directly exposed to the ultraviolet light, and the 
other set of samples is sleeved by a tube. In the UV 
accelerated aging test, the relationship between 
the aging cracking time and the tensile stress 
applied to the test samples is shown in Figure 5.  

1774



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Figure 5. Aging cracking time - tensile stress curve 
in UV accelerate. test 

From the experimental research test results, it is 
found that the stress in the HDPE sheath has a great 
impact on the service life, and the service life of 
HDPE pipe can be greatly increased by ultraviolet 
isolation. As described above, in service life, there 
is not any tensile stress in the HDPE. It can be 
speculated that the service life of HDPE pipe by 
adding anti-UV ingredients can be more than 50 
years. 

4.5 Vibration control 

Generally, the causes of cable-stay vibration are of 
two types: one is displacement of anchorages 
under the effect of traffic or wind loading on the 
structure (deck or pylon), the other is effects of 
wind acting directly on the cable stays. 

4.5.1 External profile of the HDPE pipe 

The HDPE pipe consists of a co-extruded high-
density polyethylene with a black internal layer and 
a colored external layer with double helix ribs. The 
double helix ribs which can mitigate the effect of 
vibration on the stay cable induced by rain and 
wind. 

4.5.2 OVM proposed cable anti-vibration 
damping system 

Based on the current technical and theoretical 
conditions, the installation of additional damper is 
a more economical, simple and effective method 
for cable vibration control. Different forms of 
dampers have been widely used for stay cable 
vibration control. In order to meet the needs of 
cable vibration control in engineering projects, the 
proposed damping units and corresponding 

dampers for OVM250 PSC stay cable system are 
shown in Figure 6.  

Magnetorheological damping unit / damper 

High damping rubber  damping unit / damper 

Viscous shearing damping unit / damper 

Figure 6. Different damping units / dampers 

For each type of damper, OVM and Tongji 
University jointly carried out a comparative 
application experimental study on the damping 
performance of different forms of dampers. The 
tests were completed in the cable overtensioning 
trench in OVM cable manufacturing plant. In the 
test, the damper was installed at a distance of 0.04 
Lstay (Lstay = 167.85m) from the dead end anchorage 
after the cable being tension to its 0.50 GUTS (GUTS 
= 5460kN). The cable was excited to vibrate by a 
vibrator in one single mode according to the modal 
frequency and then left to free decay. Sensors are 
installed to measure the accelerations (at 1/2, 1/4, 
and 3/8 of the cable length) and displacements (at 
the damper position and 1/2, 1/4, and 3/8 of the 
cable length) to evaluate the damping performance 
of the damper. The test results are shown in Table 
1, Figure 7 takes the high damping rubber (HDR) 
damper as an example to show the attenuation 
effect for the first three-order vibration of the test 
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cable. 

Table 1. Logarithmic decrement test results for 
different dampers 

Damper 

Logarithmic decrement (%) 

1st order 

(0.93Hz) 

2nd  order 

(1.86Hz) 

3rd  order 

(2.79Hz) 

No damper 0.25 0.11 0.19 

HDR* damper 4.19 3.68 3.42 

MR* damper 9.71 8.99 5.89 

VS* damper 8.92 8.37 7.60 

*Note: HDR — High damping rubber
 MR  — Magnetorheological 
 VS  — Viscous shearing 

Figure 7. The decay curve of test cable with HDR 
damper applied 

4.5.3 Selection principle of dampers 

In accordance with the definition of Setra CIP and 
fib recommendations, for the cable with a length of 
less than 80m, a rubber deviator is proposed to 
guide the cable from transition zone to free length. 

The HDR damper with a minimum of three (3) 
damping units can effectively restrain the in-plane 
and out-of-plane vibration, and axial rotation. As 
the test results, HDR damper can meet the 
logarithmic decrement requirement of 3%~4% for 
the cables with length more than 80m and less than 
200m. 

For the cable with a length of more than 200m and 
a logarithmic decrement of more than 4% is 
required, magnetorheological dampers or viscous 
shearing dampers are proposed.  

5 Future Development and Outlook 
Thanks to the application of new materials and new 
processes, the construction of modern super-long 
span bridges is in ascendant. The particularity of 
the geographical location of super-long span 
bridges leads to the complexity of cable stays’ 
application environment. It is a general trend to 
carry out the study on stay cables with higher 
performance. 

The rise of Rail-cum-road bridges, and even the rise 
of bridges integrate highways and high-speed 
railways, will promote the study and application of 
the PSC system with high fatigue strength. The 
upcoming standard for railway cable-stayed 
bridges has increased the fatigue test stress 
amplitude to 280MPa.  

At the end of 2021, China Iron and Steel Association 
held the final review meeting for the group 
standard - Ultra high strength steel strand (with 
nominal tensile strength not less than 2160MPa) 
for prestressed concrete. The strength of the 
strand included in the standard is up to 2360MPa. 
In future, ultra-high strength steel strand will 
definitely be introduced into the application of 
cable stays, which will bring about the advantages 
of reduction of cable weight, cable diameter and 
wind resistance. However, the increase in the 
tensile strength will increase the risk of hydrogen 
induced stress corrosion cracking. Therefore, an 
adequate testing programme shall be defined and 
sufficient experimental research shall be carried 
out to evaluate the hydrogen induced stress 
corrosion cracking to guarantee the safety and 
reliability of the application of ultra-high-strength 
strands in cable stayed bridge. The fatigue and 
subsequent tensile test research on anchorage 
system used for matching ultra-high-strength 
strands shall be carried out as well. 

6 conclusions 
In practical engineering applications for 30 years, a 
large number of experimental studies have been 
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carried out in combination with the actual needs of 
cable-stayed bridge. Through continuous 
improvement and optimization, OVM250 PSC 
system has become a competitive product in the 
world that integrates durability, safety, reliability, 
and individual strand replaceability. Hereafter are 
the main achievements made in the process of 
experimental research and application: 

Optimize the teeth shape of the wedge and the fit 
clearance of the anchoring unit to eliminate the 
fretting fatigue caused by stress concentration and 
fretting wear. The wedge can resist a fatigue range 
of 380MPa under 0.45MTUS for 2 million fatigue 
cycles, which ensure the excellent fatigue 
performance of OVM PSC system. 

Optimize the sealing device of the anchorage. The 
sealing device is made of high elasticity and 
compressible material. the PE sheathed strand can 
be well squeezed by compressed sealing plate to 
achieve watertightness performance specified in 
fib and Setra CIP recommendations which ensure 
no weak point in anti-corrosion for OVM250 PSC 
system.   

By adding anti-UV ingredients and optimizing the 
formulation of HDPE raw materials, the anti-UV 
performance of HDPE pipe is greatly improved. 
Based on the cracking time of the HDPE specimen 
in the UV accelerated aging test, the estimated 
service life of the HDPE pipe will be more than 50 
years.   

Through comparative experimental research and 
analysis, the length of the stay cable is classified 
and used as the basis for selecting different forms 
of dampers to achieve a good vibration control 
effect. 
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Abstract 
Many studies have been conducted in the past decades to determine the impact of corrosion on public 
infrastructures such as bridges, due to the deterioration that has been witnessed since their construction, 
sometimes very early in their working life. This degradation has caused collapses, not only leading to 
economic losses but also provoking human casualties. The layout of certain structural elements complicates 
the inspection and maintenance processes, by creating tight spaces or blocking the access to certain 
surfaces. This is the case for dapped-end (half-joint) beams, whose height at the extremities has been 
shortened to create a support, called a nib, reducing the floor height and allowing the placement of an 
expansion joint. However, water can seep into this joint and stagnate on the lower nib if the drainage 
system and waterproofing are not adequate. During winter, when de-icing salts are spread on roads, this 
water becomes charged with chloride ions, which are the leading cause of corrosion in reinforced concrete 
structures. The purpose of this research is to numerically evaluate this reduction, using a non-linear finite-
element analysis that is able to represent an evolving crack pattern taking into account both mechanical 
degradation due to loading and degradation caused by environmental factors.  

Keywords: corrosion; dapped-end beams; durability; nonlinear numerical analysis; finite element 
modeling. 

1 Introduction 
A dapped-end beam (DEB), or half-joint beam, is a 
type of beam frequently used in precast 
construction, whose section has been reduced at 
the extremities to create a support, see Figure 1. 
While this geometry allows for a reduced floor 
height, easier assembly and a greater lateral 
stability compared to beams supported at their 
bottom face [1], it creates a locally disturbed 
region which relies heavily on its reinforcement to 
transfer the stress into the full depth of the beam. 
The major difference between the stress flow 
inside the nib of a dapped-end beam and a typical 

corbel is that while the inclined compression force 
is transmitted to the column in the case of the 
corbel, for a DEB this force must be resisted by a 
tensile force in the vertical reinforcement close to 
the full-depth face of the beam, as illustrated on 
Figure 2.  
To satisfy equilibrium, this tensile force must be 
equal to the vertical shear force V acting on the 
nib. A group of stirrups should be placed close to 
that interface to resist this component, and be 
correctly anchored to the longitudinal 
reinforcement. Two typical reinforcement layouts 
are presented on Figure 3. 
The experiments of Mattock and Chan [1] on DEBs 
revealed that the nib can be designed as a corbel 
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if the shear span is taken equal to the distance 
between the centre of application of the vertical 
load V and the centre of gravity of the vertical 
stirrup (also called hanger) reinforcement. 

Figure 1. Half-joint principle for reinforced 
concrete bridges [2] 

Figure 2. Internal forces for the nib of a dapped-
end beam [1] 

The cracking process was similar for all the tested 
specimens, with the first crack initiating at the re-
entrant corner at about 20% of the ultimate 
strength. It propagated at an angle of 45° and 
extended to two-thirds of the height of the nib at 
service load. Increasing the load further created 
additional cracks and lengthened existing ones. 

Figure 3. Typical reinforcement layouts for 
dapped-end beams : (a) with diagonal 

reinforcement; (b) without [2] 

As the reinforcement began to yield, the cracks 
widened significantly and spalling occurred on top 
of the vertical hanger reinforcement. Right before 
failure, the same region was subjected to the 
crushing of the diagonal concrete strut. 
In terms of durability, this structural element is 
subject to two major degradation actions. The first 
degradation action is a general corrosion of the 
reinforcements caused by a depassivation of the 
concrete mass due to the phenomenon of 
carbonation. In addition to this aspect, common 
to almost all reinforced concrete structures, there 
is a local degradation caused by water in the 
connection joint, which in winter is saturated with 
de-icing salt. 
This research aims to analyze, through a numerical 
approach, this second type of degradation and its 
influence on the reduction of the bearing capacity 
of the structural element. To achieve this goal, a 
finite element computational code developed by 
the research group of Prof. Malerba of Politecnico 
di Milano, with the contribution of one of the 
authors, was used. The efficiency of this code has 
already been proven in different publications [3, 4, 
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5, 6] so in this paper we will only recall some main 
aspects. 

2 Numerical modeling 
Since the elastic analysis is not capable of 
identifying collapse mechanisms depending on the 
interaction between the concrete matrix and its 
reinforcement, such as tension stiffening, there is 
need for a nonlinear formulation. The formulation 
is base on CFT - MCFT theory, proposed by 
Vecchio end Collis [7], and implemented for a CST 
finite elements, coupled with an environmental 
degradation [6]. 

2.1 Mathematical formulation of R.C. 
behavior 

A bidimensional membrane constitutive law (CFT, 
MCFT) [7] has been implemented to study the 
material nonlinear behavior [8, 9] using a finite 
element code. In these models, the concrete 
stiffness matrix is assumed diagonal, in the 
principal reference system, and its terms are 
computed using uniaxial laws. The material law is 
based on a rotating crack model with non-local 
damage regularization. The uniaxial laws for the 
compression concrete are reported in the 
following equations. 

If 0ε ζ ε≤ ⋅ : 

'
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0 0

f 2 ε εσ ζ
ζ ε ζ ε

     = ⋅ −   ⋅ ⋅     
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where, the softening parameter ζ, used to 
reproduce the compression strength in presence 
of a transversal tensile strain, is evaluated using 
the following equations: 
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Where ε1 and ε2 are the strains in the principal 
directions. The constitutive law for the tensile 
concrete is: 

cEσ ε= ⋅    or   
.0 4

cr
crf ε

σ
ε

 =  
 

   (6) 

depending on whether the principal tensile strain 
is less or more than the cracking strain εcr. 

The constitutive law for the reinforcement steel is 
assumed elastic - perfectly plastic. 

The material stiffness matrix is formed, in the 
principal reference system, based on the 
relationships shown. Then, this matrix must be 
rotated in the Cartesian reference system to allow 
the assessment of the stiffness matrix of the 
cracked finite element. For a more in-depth 
description of the nonlinear mechanical 
formulation of reinforced concrete, please refer to 
the previously cited literature papers. 

2.2 Mathematical formulation of 
degradation phenomena 

Degradation affects both the concrete and the 
steel and it is highly dependent on the processes 
by which the water and the potential aggressive 
agents (carbon dioxide, chlorides, sulfates, etc.) 
migrate from the external environment into the 
concrete mass. These processes are not 
instantaneous, they occur gradually over a period 
of time and are influenced by the characteristics 
of the ambience and by the characteristics of the 
materials. 
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The external surfaces of the R.C. elements placed 
outdoors are exposed to carbon dioxide present 
the atmosphere, which, interacting with calcium 
hydroxide of the concrete, gives rise to the 
carbonation.  The exposure conditions may be 
various, but the carbonation process must be 
considered always active on any sort of concrete 
surface in the air.    
Another source of damaging is the chloride 
penetration. Since 1960s, deicing salts have been 
used in order to make safer the runability of the 
main roadways during the cold weather. The 
washing and the percolation of the salted water 
feed the penetration of chlorides into the 
concrete mass, frequently fostered by the action 
of the freezing and thawing cycles. The chloride 
penetration may surround the whole exposed 
surfaces or may be localized around some 
particular sections, as, for instance, those in 
proximity of the ducts of the drainage system. 
Both these phenomena are influenced by the 
actual state of the concrete surface. A high 
porosity of the concrete, a low quality of the 
execution or unfavourable curing conditions 
accompanied by a wide initial microcracking, 
stress the propagation phenomena and accelerate 
the onset of the corrosion. The evolution of these 
aggressive agents inside the concrete volume can 
be analyzed through suitable computational 
models or by analytical equations, corroborated 
by wide comparisons with the results of 
experimental tests and of a posteriori controls on 
bridges in service. 
Being mainly interested in the analysis of the 
mechanical effects of the corrosion, to describe 
the propagation of the damage causes over time 
we have used, analytical equations, suitable to 
deal both with non-cracked and cracked concrete. 
The following two paragraphs discuss the 
formulations used to estimate the depth of 
carbonation and the critical chloride ion 
concentration at the rebar surface. A third 
paragraph will be dedicated to the description of 
the corrosion evolution model. 

2.2.1 Non-cracked concrete 

In the case that the concrete is not yet cracked, to 
model the depth of carbonation we used the of 
Tuutti’s model [10, 11], represented by Eq. 7: 

( )x t K t= ⋅      (7) 

Where K is the carbonation coefficient. Instead, 
the one-dimensional solution of Fick's second 
law, represented by Eq. 8 and 9 was used to 
model the chloride concentration present on 
the surface of the reinforements [12]. 

( ), 1
2S

xC x t C erf
d

  = ⋅ −   ⋅  
 (8) 

appd D t= ⋅    (9) 

Where Cs represents the surface concentration of 
chloride and Dapp is the apparent diffusion 
coefficient of the concrete mass. 

2.2.2 Cracked concrete 

If cracks appear in the concrete mass, the 
degradation process is accelerated. In order to 
consider this aspect, in the finite elements having 
a main tensile strain greater than the cracking 
strain, the following equations are considered in 
place of the previous ones. To calculate the depth 
of carbonation, the Vesikari equation is used [13]: 

( ) 450x t w t= ⋅ ⋅   (10) 

Where w crack width. While for the calculation of 
the chloride concentration on the rebar surface, 
the solution of Fick's second law is still used [12, 
13] but with an apparent coefficient that depends
on the crack width w and their spacing smq,
according to the formulation of Bulfiza [14]:

( ), 1
2S

xC x t C erf
d

  = ⋅ −   ⋅  
   (11) 

appd D t= ⋅  (12) 

app ncrk crk
m

wD D D
s θ

= + ⋅   (13) 

Where Dncrk is the diffusion coefficient of non-
cracked concrete and Dcrk is that of cracked 
concrete. 

2.2.3 Corrosion modeling 

When the depth of carbonation reaches the 
reinforcement or when the chloride concentration 
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on the surface of the reinforcement reaches a 
critical threshold, the so-called “corrosion 
initiation” period ends and the period called 
“propagation” begins, with corrosion of the steel 
bars.  
The main consequence of the steel corrosion is a 
reduction of the sectional area of the bars and, 
hence, of the bearing capacity of the 
reinforcement. 
Several models are presented in the RILEM Report 
14 [14]. The most used gives the effective area of 
reinforcement , reduced by corrosion, as follows: 

( )

2
0

0

2'
0

0

4

4

s

s
s

N D if t t
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N D n d t
if t t

π

π

 ⋅ ⋅
≤

= 
 ⋅ ⋅ − ⋅   >

   (14) 

where: 
- Ns is the number of reinforcing bars;  
- 0D is the initial diameter of the reinforcing 

bar; 
- ( )'d t   is the depth of corrosion;
- t0 is the time of the corrosion initiation; 
- n = (1, 2) is a coefficient which takes into

accounts the possibility of the attack coming
from one or two sides of the reinforcing bar.

At the time t, the diameter decrease of the 
corroded reinforcing bar ( )'d t , which appears in
Eq. (14), is estimated through the Faraday's law: 

( ) ( )0' 0.0116 corrd t i t t= ⋅ ⋅ −    (12) 

where: 
- icorr is the corrosion current per unit 

area; 
- t is the total time since the 

completion of the building. 
- 0.0116 is a conversion factor.

According to this formulation of the Faraday's law 
and in the case of the steel, to a corrosion current 
of 1 μA/cm2 it corresponds a diameter decrease of 
11.60 μm/year.  

3 Application 
The numerical formulation, briefly outlined in the 
previous section, is used to analyze the decrease 
in the bearing capacity of a DEB when it is 
subjected to degradation by carbonation and 
chloride [16, 17]. 
The impact of this degradation is evaluated 
through the reduction of reinforcement diameter 
and thus ultimate load throughout the years.  
Four DEB are investigated, with same geometry 
but different concrete strength and different 
cover thickness. Each nib model, called a B-
element, will be referred to as BX-Y, with X the 
concrete strength in [MPa] and Y the cover 
thickness in [mm]. The selected B-elements are : 

• B45-50 : this beam of C45/50 and 50 mm of
cover thickness;

• B35-55 : this beam of C35/45 and 55 mm of
cover thickness;

• B35-30 : this beam of C35/45 and 30 mm of
cover thickness;

• B35-05 : this beam of C35/45 and 5 mm of
cover thickness.

These B-elements, were selected to study the 
repercussions of not following the minimum cover 
thickness requirement provided by the Eurocode 
(B35-55 vs B35-30 and B35-05), the reduction in 
cover thickness that is allowed when using a 
higher concrete grade (B45-50 vs B35-55) and the 
consequences of only protecting the 
reinforcement with a particularly thin cover (B35-
05). 
Figure 4 shows the dimensions of the DEBs 
considered and the placement of the main 
reinforcement. This reinforcement was evaluated 
using a strut and tie method to have a failure load 
of about 1000 kN in the absence of environmental 
degradation. 

Each DEB was reinforced with 4D16 in horizontal 
direction (804 mm2), 2 vertical closed stirrups D20, 
spaced by 30 mm (1257 mm2), 5D16 in diagonal 
direction (1005mm2). The steel, considered for 
these reinforcements, has a yield strength of 500 
MPa and an ultimate strength of 650 MPa.  
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Figure 4. Geometric dimensions and positioning of 
the main reinforcement in the DEBs investigated 

An image of the finite element discretization of a 
DEB and the placement of the main reinforcement 
is shown in Figure 5. 

Figure 5. Discretization of a DEB in finite elements 

The structural behavior of each DEB has been 
investigated through 5 nonlinear analyses with 
increasing load until failure. The first analysis, 
carried out at initial time (without environmental 
degradation) shows a collapse load close to the 
load used in the design phase with the strut and 
tie method (between 900 and 1000 kN for all 
DEBs). The other analyses were performed by 
simulating environmental degradation caused by 
carbonation and chloride, with exposures of 20, 
40, 60, and 80 years. 

Figure 6 shows a crack pattern for one of the 
analyses performed, in a loading situation close to 
the collapse load.  

We can see the formation of a 45-degree crack 
region at the re-entrant corner of the DEB and an 
area of bending moment cracking to the right of it. 

Figure 6. Internal forces for the nib of a dapped-
end beam 

Figure 7 and Figure 8 show the decrease in 
collapse load over time for the four case studies 
considered. Figure 7 is for simulations with 
environmental degradation caused by a surface 
concentration of 0.2% chloride, while Figure 8 
considers a surface concentration of 1%. 

Figure 7. Reduction of the ultimate load in time 
with Cs = 0.2% 

Figure 8. Reduction of the ultimate load in time for 
with Cs = 1% 

4 Conclusions 
This research aims to analyze the collapse 
strength of DEBs subjected to environmental 
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degradation caused by carbonation and chloride 
ions. Four different DEBs are considered, having 
different concrete qualities and different concrete 
cover values. Each element is analyzed using a 
nonlinear finite element calculation code capable 
of taking into account the reduction of the steel 
section of the reinforcing bars in relation to the 
life time of the structure and the concentrations 
of degrading substances present in the 
environment. From the results of the numerical 
analysis, the following points can be highlighted: 

• The protective nature of a proper cover
thickness against the corrosion of the steel
reinforcement is demonstrated once again. The
comparison between the crack opening widths
of the elements also evokes the negative
influence of using a thicker cover on the
cracking.

• For Cs = 0.2% (Figure 7), there is a marked
difference between the B-elements throughout
the years, with again the thicker covers
retaining the highest final load-carrying
capacities. For Cs = 1% (Figure 8), the reduction
follows a similar slope for every element. Their
final load is almost identical apart from B45-50,
for which it is slightly higher. This suggests that
the cover thickness does not play much of a
protective role for such a high chloride surface
content.

• B35-30 and B35-05 have very similar
degradation rates, hinting at the fact that a
cover depth below a certain value does not
offer significant protection anymore. We can
note that their thicknesses are both well under
the minimal requirements of the Eurocode.

• If failure is deemed to happen as soon as the
load reduction reaches 40%, all elements reach
their ultimate state before 50 years for Cs = 1%.
For Cs = 0.2%, B45-50 and B35-55, possessing
the highest covers, attain roughly 40% of
reduction at 80 years, while the others fail
sooner.

• The re-entrant corner is critical for the
durability and load-carrying capacity of the nib
of the dapped-end beam. In the case of the
lower nib, water can penetrate inside the
major diagonal crack rapidly through gravity. If
the water is charged with chloride ions, the
degradation begins very quickly. Since the nib

is the part of the beam subjected to the 
highest shear stress, due to being at the 
support, it is crucial for the reinforcement to 
be able to sustain the loading applied on the 
structure for the entirety of the chosen 
working life. 

The results obtained are clearly subject to many 
limitations, as only a numerical analysis was 
performed. In particular, in addition to the usual 
limitations resulting from modeling the nonlinear 
behavior of reinforced concrete, other limitations 
are also present for modeling degradation 
parameters.  
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Abstract 
As a long-span network suspender arch bridge, the main girder of Qilu Yellow River Bridge was 
designed as steel-concrete composite structure, and the concrete deck was designed as replaceable 
components due to the possible severe local damage caused by the direct vehicle load. In this paper, 
different segmental replacement plans were put forward according to the structural characteristics, 
and an integral mixed finite element (FE) model was established based on the 420m main span in 
order to study the mechanical performance of this bridge in the process of deck replacement. The 
effect of variable replacement lengths and positions on the structural response, in both longitudinal 
and transverse directions was figured out. The analysis results show that all the deck replacement 
plans discussed in this paper are feasible, and different demolition methods affect the stress change 
amplitude of the structure in different way, of which the lateral change of replacement methods 
has a more obvious impact on the structure. 

Keywords: large-span network arch bridge; steel-concrete composite beam; segmental deck 
replacement; FE. 

1 Introduction 
For the steel-concrete composite structure, cracks 
are inevitable to occur on the concrete deck caused 
by directly vehicle load, especially for the negative 
bending moment area[1-3]. In contrast, the damage 
degree of steel beam which is not directly 
subjected to external force is lighter. So it is 
necessary to adopt appropriate repair strategies to 
prolong the service life of deck to be consistent 
with the life of steel beam. Compared with 
overhaul, replacement repair strategy has greater 

advantages in carbon emissions, energy 
consumption and cost at all stages of the bridge 
deck life cycle[4]. Therefore, it is a wise choice to 
design the concrete bridge deck as a replaceable 
structure in the composite beam considering the 
life-cycle economy of the bridge and the benefit of 
environmental protection[5]. 

Segmental replacement and whole-span 
replacement are two main forms of deck 
replacement according to the specific damage 
location and degree of concrete, of which 
segmental replacement is a more appropriate 
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choice the damage degree is relatively light and the 
damage position is relatively dispersed. In the 
process of segmental replacement, the removed 
deck is no longer bear force, the effects on the 
remaining structure will variable with the different 
positions of removal deck, which is worth 
studying[6]. In addition, whether it can be replaced 
safely under various possible working conditions, 
and whether there will be more unfavorable stress 
conditions in the replacement process, are also 
issues worthy of attention. Lee et al. studied the 
possible lateral buckling behavior of steel beam 
during the replacement of bridge deck[7]. 

In recent years, there have been many studies on 
the construction technology of bridge deck 
replacement in China and abroad[8-9], but there is a 
lack of research on structural stress change in the 
process of replacement. And more attentions are 
paid to girder bridges and parallel suspender arch 
bridges, but less to network suspender arch bridges. 
Therefore, this paper puts forward the segmental 
replacement deck plans of Qilu Yellow River Bridge, 
which is the largest network suspender arch bridge 
all over the world at present[10], and analyzes the 
structural response of the composite beam in 
different replacement schemes. 

2 Project summary 
The Qilu Yellow River Bridge is a five-span three-
arch network suspender arch bridge. The length of 

the main bridge is 1170m, and the span 
arrangement is (95m + 280m) + 420m + (280m + 
95m). Composite girder with orthotropic 
composite decks are adopted as main girder, 
welded steel box girders as arch ribs, network steel 
strand cable as hanger, tip-type thin-walled piers as 
sub structure, and drilled grouting piles as 
foundation under the rectangular pile cap. The 
overall layout of the main bridge is shown in Fig. 1. 

Since Qilu Yellow River Bridge is a three-span 
simply supported structure, and the span of side 
span is relatively small, the most unfavorable stress 
situation of bridge deck replacement mainly occurs 
in 420m main span, so this paper takes 420m main 
span as the research object. The main span steel 
arch rib is 69.5m high and the rise-span ratio is 1/6. 
Pentagon steel box section is adopted for arch ribs, 
which is 4.0m high, 3.5m wide, with transverse 
inclination angle of 3.0 degrees. The parallel 
spacing of the network hangers is 7m, 60 degrees 
inclining along the bridge. The bridge is totally 
60.7m wide, arranging bidirectional eight lanes, of 
which each side of the motor vehicle lane is 16.5m 
wide, the middle double-track rail transit is 10.5 m 
wide and the non-motorized lanes and sidewalks 
on the both sides are 3m and 1.75m wide 
respectively. The structure of 420m main span and 
the arrangement of transverse load are shown in 
Fig. 2 and Fig. 3 respectively. 

Figure 1. Layout of main bridge（unit: m） 

(a) The 420m main span（unit: m） 
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(b) Arrangement of transverse load（unit: m） 

Figure 2. Cross sections of main girder (mm)

The steel beam adopts flat steel box girder with 
Q345qE, which is 393m long and 4.0m high. The top 
plate of standard steel girder is 12mm thick in the 
lane area, 16mm in the rail transit area, and 20mm 
in the hanger area; the U ribs of the top plate are 
360 mm wide at the opening and 8 mm thick; and 
180mm×16mm plate ribs are adopted as stiffeners. 
There’re two webs in the steel girder, which is 3.82 
m high, 28mm thick in the ordinary section and 36 
mm in the anchor plate area. The bottom plate is 
12mm ~ 20mm thick, and the U rib adopted are 400 
mm wide at the opening and 6 mm thick. Every 

standard steel girder segment is 9m long, and 
there’s a diaphragm and lateral arm per 4.5m, and 
a vertical stiffener of web between each two 
diaphragms. The hollow diaphragm is made of truss 
structure with a thickness of 14 mm. The main 
beam section at the common section and 
diaphragm is shown in Fig. 3.   

The bridge deck adopts steel-concrete composite 
bridge deck, laying 12cm thick C50 concrete, and 
the laying width is 2×20.5 = 41m. 

(a) Common cross section

(b) Cross section of diaphragm

Figure 3. Deck cross section（unit: mm） 
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3 Segmental deck replacement plans 
Due to the randomicity of replacement position, it 
is hard to consider all possible replacement plans in 
the calculation and analysis process. So several key 
parts are selected to be replaced considering the 
structural characteristics and load forms, and 
corresponding analysis is conducted. 

The mid-span, 1/4 span and end are three 
considered replacement positions in longitudinal 
direction; inside 2 lanes, outside 2 lanes, inside 4 
lanes, outside 4 lanes, 4 lanes on one side and full 
width 8 lanes are six considered replacement 
methods in transverse direction; and 4.5m and 9m 
are two considered destruction lengths in 
longitudinal direction, which are close to the 
spacing of the suspender of 7 m, considering the 
deck replacement will affect the stress of the 
suspender. There are totally 36 segmental 
demolition conditions, as is shown in Fig. 4. 

4 Finite element model 
To compare the stress results of under different 
segmental deck replacement plans proposed, a 
three-dimensional FE model of the 420m main 
span is established by the ANSYS program, as 
shown in Fig. 5. In the FE model, the concrete deck 
is simulated by 95 solid element, the steel beam is 
simulated by 93 shell element, the suspender is 
simulated by 8 link element, the connection 
between the main beam and the arch ribs is 
simulated by 44 beam element, and the arch ribs 
are simulated by 188 beam element. In calculation, 
the birth-death element is applied to simulate the 
process that the concrete deck is removed. And in 
all working conditions, the deck is removed based 
on the stress state under the combined action of 
dead load and long-term live load after the bridge 
is opened to traffic. 

Figure 4. Local deck replacement positions（unit: m） 

Figure 5. The FE model 
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Table 1. Stress of steel girder in various local deck replacement conditions (unit: MPa) 

Case 
Demolition 

method 

Maximum stress  

of top flanges 
Maximum 

stress of webs 
Maximum stress  

of bottom flanges 
Tensile 
stress 

Compressive 
stress 

FC FT FC FT FC FT Amplitude change 

0 Completion state -43.6 162.6 -40.9 127.6 -18.4 172.2

1 Inside 2 lanes 
4.5m at end -47.2 169.8 -45.0 139.9 -31.2 189.5 17.3 12.8 

2 Inside 4 lanes 
4.5m at end -48.0 175.0 -45.4 146.5 -20.7 196.9 24.7 4.5 

3 Full width 8 lanes 
4.5m at end -52.7 191.1 -50.4 166.2 -22.8 221.3 49.1 9.5 

4 Outside 2 lanes 
4.5m at end -48.9 171.0 -55.7 143.3 -44.4 193.9 21.7 26.0 

5 Outside 4 lanes 
4.5m at end -48.3 175.6 -49.0 147.2 -20.5 196.5 24.3 8.1 

6 4 lanes on one side 
4.5m at end -52.5 178.9 -70.1 155.6 -57.4 211.3 39.1 29.2 

5 Comparison and analysis 
Among totally 36 local replacement conditions 
calculated, the stresses of steel girder in most 
unfavorable conditions of each transverse 
demolition methods are shown in Table 1. It can be 
seen from the table that for each transverse 
demolition method, the stress values always reach 
the maximum when removing the 4.5m concrete 
deck at end.  

The table shows that among the above six 
demolition cases, during the replacement process, 
the maximum tensile stress and compressive stress 
of the top flanges are 191.1MPa and -52.7MPa 
respectively; of webs are 166.2MPa and -70.1MPa 
respectively; and of bottom flanges are 221.3MPa 
and -44.4MPa respectively. The stresses of the 
steel beam are all within the allowable stress range 
of the design, which indicates that all the 
segmental concrete bridge deck replacement plans 
proposed in this paper are safe and feasible. 

5.1 Comparison of different horizontal 
demolition methods 

In order to figure out the influence on stress 
changes of the steel beam of transverse demolition 
methods, the varying normal stresses on the top 
steel flange and bottom steel flange along the 
longitudinal direction in above six cases are 
summarized as Fig. 6. Position A and C presents the 
junction between top flange and web, and position 
B and D presents the junction between bottom 
flange and web, of which position A and B are at 
the side dismantling deck, C and D at the side 
without dismantling deck. The x-axis presents the 
longitudinal direction of the bridge, and the 
position 0 presents the mid-span of the 420m main 
span. The longitudinal demolition position of 
concrete deck is always located on the positive x-
axis. 

It can be seen from Fig. 6 that the stresses value of 
the steel beam show some degree increase after 
removing segmental concrete deck in each case 
compared to completion stress state. The steel 
beam at the position of A and C is in the tensile 
state along the main span, the mid-span of the 
bridge bears relatively greater tensile stress in the 
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Figure 6. Stress change of steel girder in deck replacement (transverse condition) 

longitudinal direction, which is about 
3MPa~11MPa; and the maximum tensile stress 
appears in case 3 at the mid-span. Comparing the 
results in Fig. 6a and Fig. 6c, it can be seen that the 
stress values of position A and position C are almost 
the same in each case, and the difference is less 
than 1MPa. The steel beam at the position of B and 
D is in the compression state only within a small 
range of the end, and in the tensile state in other 
area, the 1/8 span of the bridge bears relatively 
greater tensile stress, which is 3MPa ~ 9.5MPa at 
position B and 2MPa~22MPa at position D; and the 
maximum tensile stress appears in case 3 for 
position B and in case 4 for position D. Comparing 
the results in Fig. 6b and Fig. 6d, it can be seen that 
the stress values at position B and D are quite 
different. This shows that the transverse 
demolition method has a greater influence on the 

stress of the junction of the bottom flange and the 
web, but less influence on the junction of top 
flange and the web. 

Comparing the results in case 1(removing inside 2 
lanes) and case 4(removing outside 2 lanes): the 
stress broken line at position of A, B and C in case 1 
and case 4 are close to that in case 4, but the stress 
broken line at position D in case 1 differs widely 
with that in case 4, which indicates that the change 
of removing inside or outside lanes has a greater 
influence on the stress of the junction of bottom 
flange and web on the side of removing deck. The 
maximum stress variation amplitude at position D 
is 7.0MPa removing inside two lanes, while it 
reaches 34.7MPa removing outside two lanes. So it 
can be draw that the steel beam will be in a more 
unfavorable status when removing the outside two 
lanes concrete deck.  
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Comparing the results in case 2(removing inside 4 
lanes), case 5(removing outside 4 lanes) and case 
6(removing 4 lanes on one side): the stress of the 
steel beam at B and C is greater when removing 4 
lanes symmetrically reaching the maximum value 
of 104.2MPa, while the stress at A and D is greater 
when removing 4 lanes on one side reaching the 
maximum value of 107.5MPa. Therefore, removing 
one side 4 lanes is a more unfavorable transverse 
method than removing 4 lanes symmetrically 
inside or outside. This may be due to the fact that 
the 4 lanes on the other side still bear the vehicle 
load after removing 4 lanes on one side, resulting 
in a large tensile stress at position D on the side 
removing deck. The stress change of the steel beam 
are not significantly different between two 
symmetrical removal method(case 2 and 5): the 
stress broken lines in the four figures are basically 
coincident; the stress at A and C is slightly larger 
when removing inside 4 lanes which is about 
21.5MPa~52.0MPa, while the stress at B and D is 
slightly larger when removing outside 4 lanes which 
is about -12.0MPa~104.0MPa, and the difference is 
less than 1MPa. This is because an additional 
bending moment is applied to the structure caused 
by the removal of vehicle load in the lanes 
removing deck. And the equivalent bending 
moment is greater when removing outside lanes, 
which lead to greater compressive stress at A and 
C and greater tensile stress at B and D in case 5. 

Comparing the results of case 1, 2, 4 and 5, it can 
be seen that the stress of steel beam is more 
unfavorable when removing inside 4 lanes 
symmetrically than removing inside 2 lanes on one 
side: the stress values are 21.5MPa~52MPa at A 
and C and -12MPa~104MPa at B and D when 
symmetrically removing inside 4 lanes, while the 
stress values are 20MPa~47MPa at A and C and -
10MPa~97MPa at B and D when removing only one 
side 2 lanes. This is because the additional bending 
moment caused by the vehicle load change is 
greater when removing 4 lanes than 2 lanes. 

While the stress of steel beam is more unfavorable 
when removing outside 2 lanes than removing 
outside 4 lanes symmetrically where the effect of 
partial load is greater than live load change, the 
stress of the steel beam at D is up to 130MPa due 
to the partial load acting on one side. 

Overall, removing full width 8 lanes and 4 lanes on 
one side are the most unfavorable transverse 
segmental demolition methods, under which the 
stress variation amplitude of the steel beam is 
almost 2~3 times that of the other methods. 
Removing the concrete deck symmetrically (inside 
4 lanes or outside 4 lanes) is a relatively better 
transverse method for segmental deck 
replacement. 

5.2 Comparison of different longitudinal 
demolition methods 

Table 1 shows that for each transverse demolition 
method, the stress value of the steel beam reaches 
the maximum when removing 4.5m deck at end. In 
order to figure out the influence on stress changes 
of the steel beam of longitudinal demolition 
methods, the varying normal stresses on the top 
steel flange and bottom steel flange along the 
longitudinal direction under different longitudinal 
demolition lengths and positions are summarized 
as Fig. 7. In this section, removing one side 4 lanes 
is the transverse demolition method applied in all 
cases. 

It can be seen from the figure that: the stress lines 
in Fig. 7a and 7c basically coincide, and Fig. 7b and 
7d basically coincide, which indicates that the 
stress value of the steel beam on the demolished 
side and the undemolished side is almost 
consistent at the same position; and the stress 
value of Fig. 7b and 7d is larger than Fig. 7a and 7c, 
which indicates that the stress status at the 
junction of bottom flange and web is more 
unfavorable than that of top flange and web.  

Comparing the calculated results of the steel beam 
removing the deck at the same position with the 
different length of 4.5m and 9m, it can be found 
that the change law of the six stress lines in each 
diagram are as follows: the two stress lines when 
removing the deck at the end, the two stress lines 
removing the deck at the 1/4 span and the two 
stress lines removing the deck at the mid-span are 
close to each other respectively. With that being 
that, the stress values of the four stress extraction 
points of the steel beam vary little with the removal 
longitudinal lengths. And the specific stress value is 
slightly greater with the 4.5m removal length than 
9m, the difference is less than 0.5MPa. This shows 
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Figure 7. Stress change of steel girder in deck replacement (longitudinal condition) 

that the longitudinal bridge demolition length 
change has little effect on the stress of the steel 
beam for segmental deck replacement, so the 

longitudinal demolition length 4.5m and 9m are 
both feasible in the actual replacement 
construction. 

Comparing the calculated results of the steel beam 
removing the deck with the same longitudinal 
length at the position of end, 1/4 span and mid-
span, it can be found that the stress values at the 
longitudinal bridge stress extraction points in all 
conditions have little difference except at the mid-
span position. The variation of stress amplitude 
removing the end deck is larger than removing 1/4 
span deck, and the variation of stress amplitude 
removing mid-span deck is the smallest, and the 
difference of the three is less than 0.5MPa 
successively. This indicates that the change of the 

longitudinal dismantled position has little influence 
on the stress change of the steel beam except the 
mid-span position. The stress of the steel beam at 
mid-span when removing the mid-span deck is 
different from that in other working conditions: the 
increase stress amplitude of the tensile stress of 
the steel beam at the junction of top flange and 
web is twice that in other working conditions, while 
the stress of the steel beam at the junction of 
bottom flange and web is lower than that in 
completion state. 
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In general, the change of the longitudinal removal 
method of different positions or lengths, has little 
influence on the stress of the steel beam. The 
longitudinal removal lengths of 4.5m and 9m are 
reasonable, and the bridge deck can be replaced 
safely in the possible segmental removal positions 
of the bridge in the longitudinal direction. 

6 Conclusions 
Different segmental deck replacement plans of 
420m main span of Qilu Yellow River Bridge are 
calculated and analyzed by FE program in this 
paper, and the following conclusions are obtained: 

(1) All the segmental replacement plans
proposed in this paper with different transverse 
methods and longitudinal positions and lengths are 
feasible, the concrete deck of the composite 
structure is safe enough to be removed, and the 
stress of the steel beam is within the allowable 
stress range of the design. 

(2) The dismantle positions lengths in
longitudinal direction have little influence on the 
stress status of steel beam, while the influence of 
the dismantle method in transverse direction is 
greater.  

(3) The most unfavorable segmental deck
replacement plans are removing full width 8 lanes 
and one side 4 lanes, whose stress variation 
amplitude of steel beam and concrete is 2-3 times 
that of other conditions.  

(4) Generally, the normal stress level of the
steel beam and concrete deck under the condition 
removing the outside deck is greater than 
removing the inside deck. And it is the optimal 
demolition method to remove the deck 
symmetrically. 
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Abstract 
The study on the risk of ship-bridge collision has always been a significant subject in academic 
research. However, the study of ship-bridge collision risk is rarely mentioned from the perspective 
of the bridge life-cycle. This paper proposes the concept of "bridge-ship common safety" based on 
the synergetic theory and constructs a high-level cooperative platform to solve the problem of 
bridge-ship collision. It was given in this article by analyzing the interaction relationship among 
subsystems of environment, ship, and bridge. In this paper, it proposed the analysis method of the 
ship-bridge collision risk based on synergetic theory with order parameters, including ship-bridge 
collision probability and collapse probability of bridge. Finally, the Lanjiang Xiangnv Bridge project 
as the case study is demonstrated. The risk of bridges is evaluated by utilizing order parameters and 
synergetic degrees. The result shows that the model can reflect the risk of ship-bridge collision 
properly, which achieves great scientific significance and academic value for enriching the theory in 
bridge-ship collision avoidance and implementing the concept of " bridge-ship common safety ". 

Keywords: ship-bridge collision; synergetic theory; bridge life-cycle; order parameters; rask. 

1 Introduction 

1.1 Research Background 

The Ministry of Transport's newly issued "Outline 
of Inland Waterway Shipping Development" which 
guides that we will basically build a modern and 
powerful inland waterway shipping system by 2035. 
According to incomplete statistics, by 2020, there 
will be about 2,600 bridges across the "two 
horizontal and one vertical, two networks and 
eighteen lines" of inland waterways in China, 
including the Qiongzhou Strait Project, the Yangtze 
River Estuary Crossing Project and the Pearl River 
Estuary Lingdingyang Project. Chinese President Xi 
Jinping pointed out that a modern and powerful 
country must possess a strong shipping industry. 

Although bridges have brought rapid development 
dividends to coastal transport and the economy, 
they have produced to some extent restricted 
water transport and brought certain safety risks to 
navigable ships and bridges themselves. The 
occurrence of ship collision has limited the 
development of China's shipping industry 

In order to investigate and manage the safety 
hazards of ship-bridges collisions comprehensively, 
the General Office of the Ministry of Transport and 
the Comprehensive Department of the State 
Railway Bureau issued the "Three-year Action Plan 
for the Implementation of the Management of 
Hidden Hazards of Ship Collisions on Bridges" to 
focus on the risk of ship collisions on bridges. This 
action has alleviated the current safety hazards 
partly, but it has cost a lot of financial resources. As 
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most bridges have been built for a long time, they 
were designed without taking into account the 
location and span of the bridge and the 
development of transport in the bridge area. The 
upgrading of waterways and the enlargement of 
vessels have created additional risks and hazards 
for existing bridges in navigable waters. 

1.2 Research Methodology 

Generally, three approaches can be used for ship-
bridge collision analysis, the first being 
experimental studies with real ships, and the full-
scale ship impact bridge tests were conducted by 
Consolazio et al. through barge impact 
experiments [1,2]. This type of method can directly 
obtain data on the impact loads of ships and 
structural damage of bridges. However, the 
available results are relatively limited by the 
experimental conditions and budget. 

The second type of research is numerical 
calculation. Sha et al. studied the response of 
bridge deck girders under the action of ship 
deckhouse collision through numerical simulation 
and evaluated the resistance of bridge main girders 
to ship superstructure collision [3]. In addition, 
they calculated the barge-quay impact force-time 
course and checked the reliability of the numerical 
model [4]. Fan et al. developed a high-resolution 
finite element model of the ship-soil interaction 
and discussed force-deformation relationships in 
detail [5]. Not only compared three reinforcement 
methods based on ultra-high performance fibre 
concrete [6], but also proposed a general analytical 
method for rapidly estimating the force-
deformation relationships of steel fender panels 
under various bow impacts [7]. Han F [8] used LS-
DYNA software to establish a basic simulation 
model to study the influence of impact speed, ship 
tonnage and other factors on the collision process. 

The third method is the empirical formula method. 
In 2000, Huang P et al. [9] obtained the ship 
collision probability of bridges by using a three-
parameter path integral from the distribution 
characteristics of ship trajectories in the straight 
channel. In 2003, Dai T [10] applied artificial neural 
network method to estimate the ship collision 
probability of the bridge. In 2007, Geng Bo [11] 
used a modified KUNZI model to give a correctional 

probability of vessel impact, by taking into account 
the ship yaw angle, track distribution, stopping 
distance and other factors. Researchers, mainly 
Professor Wang J, have done plenty of theoretical 
research on the design and general framework of 
ship collision prevention for bridges, which has 
contributed greatly to the introduction of 
guidelines in China [12]. 

In summary, a wealth of research has been 
conducted in the world on the issue of vessel 
impact against the bridge. However, the research is 
still based on the respective fields, and focus on the 
analysis of the mechanism of a particular situation. 
while the design, construction, and operation of 
bridges are an one thing, the risk of ship collision is 
also in a dynamic process. Therefore, we need to 
consider that problem through life-cycle of bridge. 

2 Bridge collision avoidance system 
based on synergistic theory 

2.1 Synergetic Theory 

The synergetic theory was founded by the famous 
physicist Haken, a professor at the Federal 
University of Stuttgart in Germany. It is based on 
systems theory, information theory, cybernetics, 
and mutation theory, and draws on the results of 
structural dissipation theory, using a combination 
of statistics and dynamics to explore the similarity 
of systems from disorder to order [13]. 

Traditional bridge design is usually considered in 
separated stages, focusing on cost and short-term 
performance, nevertheless neglecting the bridge as 
a navigational obstruction, which generates 
barriers to navigation in the bridge area. The design, 
construction, and operation of bridges should take 
into account the development of water traffic at all 
stages so that we can build a synergistic system of 
“bridge-ship common safety”.  

Based on the theoretical view of synergetic theory, 
it is believed that the collision problem between 
bridges and ships can be effectively solved in a new 
platform by collaborating with the three 
subsystems of the environment, ships and bridges, 
and configuring the collision prevention system of 
bridges from the three stages of bridge design, 
construction and operation. 
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Shen [14] et al. systematically analysed the 
definition and basic connotations of water 
resources allocation based on synergistic theory. 
Frangopol [15] et al. outlined the concept of life-
cycle management of bridge systems under 
uncertainty, which investigates the management 
of risk and sustainability of bridges under the 
impact of gradual and sudden deterioration. Li K 
[16] took the relevance of transport as well as
coordinated economic development as the
objective of his study, analysing the mechanism of
their interaction. Gao M [17] synergistic objectives
with the schedule, cost, and quality of the project,
explores the relationship between each other.
Previous research on synergy is mostly directed
towards resource allocation, economic cost
optimization, and synergistic relationship, but
there is little research on bridge engineering
project risks and control methods.

2.2 Bridge Collision Avoidance System 

The collision avoidance system for bridges in this 
paper is based on the synergetic theory, including 
the bridge collision avoidance system, the 
environment subsystem, the ship subsystem and 
the bridge subsystem. The bridge collision 
avoidance system is set up to reduce the risk of 
vessel impact. The bridge collision avoidance 
system is designed based on the other three 
subsystems, which not only ensure the safety of 
bridges and ships but also provide environmental 
protection for the rational use of natural resources 
in the waters of the bridge area. The environmental 
subsystem provides the basis for the design of the 
bridge, and the external system also influences the 
state of the environmental subsystem, which 
creates the necessary environmental resources for 
the navigation of ships and the construction of the 
bridge. The bridge subsystem is the main object of 
the bridge collision avoidance system protection. 
The performance of bridges is affected by external 
systems which gradually deteriorate. It’s significant 
for bridge subsystem to utilize environmental 
resources properly in its design, construction, and 
operation phase. The navigation safety of vessel is 
based on that. The ship subsystem needs to 
provide the necessary design basis for bridge in its 
life-cycle. The bridge collision avoidance system 
provides safety and development support to the 

other three subsystems. In contrast, the three 
subsystems are influenced by the external 
environment and provide real-time feedback to the 
bridge collision avoidance system. The interactions 
between them are shown in Figure 1. 

Figure 1. Interaction diagram of each system 
relationship 

2.2.1 Design phase of bridge 

The factors affecting bridge safety from the design 
phase of the bridge subsystem are analysed as 
follows. ① Meteorological and hydrological: The 
direction of the water flow in the channel affects 
the arrangement of the bridge axis. The weather 
conditions, as well as changes in historical 
maximum water levels, affect the dimension of 
navigation clearance. ②  The condition of the 
waterway: this is an important factor in 
determining the location and siting of the bridge. 
The navigation safety is established on those 
aspects including straightness of the channel, 
ample water depth, and stability of the riverbed. ③
Traffic conditions: the dimension of navigation 
clearance is affected by those factors including 
typical ship type, density of vessel traffic, and 
vessel trajectory. 

In the interaction process with other subsystems 
during design phase of bridge subsystem, it’s 
indispensable to take critical factors into 
comprehensive consideration. For bridges in 
design phase, ①  Consider whether the bridge 
location and bridge site is in synergy with the 
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environment: the bridge axis should be orthogonal 
to the mainstream direction of the water flow as 
far as possible. Preferred sites for bridges are those 
with straight waterways. The chosen river bed has 
sufficient water depth to provide better 
navigational conditions for ship navigation. ② 
Consider the bridge span, navigational clearance 
and environmental synergy: for severe weather 
conditions, the span clearance of the bridge must 
be increased or one hole crossed. The navigational 
clearances shall be designed to match the historical 
maximum water levels in the bridge area. The 
navigational clearances shall be compatible with 
historic high water level and height above water of 
unladen ships. Consider the impact of the growing 
trend of vessel traffic on the risk of bridge collision 
for at least in the next 30 years. The bridge span 
shall be synergistic with the typical vessel width, 
vessel traffic flow trajectory and traffic density. ③ 
Consider the bridge collision avoidance structure: 
the bridge piers of the navigable holes should be 
designed with the necessary collision avoidance 
facilities, which can withstand the energy of ship 
collision, determined according to the typical 
navigation ship. As shown in Figure 2. 

Figure 2. Bridge subsystem design phase 
interaction diagram 

2.2.2 Construction phase of bridge 

The factors affecting the safety of the bridge from 
the construction phase of the bridge are analyzed 
as follows. ① The construction of the bridge piers 
and foundations has caused a change in the original 
route of the navigation channel, interfering with 

the normal navigation of ships. ②A large number 
of engineering vessels traveling during the 
construction period. ③ The light source and noise 
from the construction site will interfere with the 
ship driver's judgment of the navigation. 

In the process of interaction with other systems 
during the construction phase. ①Optimizing the 
navigation routes reasonably for engineering 
vessels contributes to minimizing interference with 
normal navigation vessels. ②Consider the change 
of the original navigation route, which must be 
readjusted. ③  Considering the light source and 
noise at the construction site, such pollution near 
the navigable area must be reduced n. As shown in 
Figure 3. 

Figure 3. Bridge subsystem construction phase 
interaction diagram 

2.2.3 Operation phase of bridge 

The factors affecting the safety of the bridge from 
the operation phase are analyzed as follows. ① 
Changes in the water depth and current of the 
channel can bring the risk of yawing or overtopping 
the vessel. ②Irregularities in operation caused by 
human factors of navigable vessels can bring 
accident risks to bridges. ③The stability of the 
vessel equipment and structure can also increase 
the risk probability of bridge vessel collision. 

For the bridge in the operation process: ①The 
safety training of ship drivers should be 
strengthened to conquer the hidden danger of 
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human manipulation. ②The effectiveness of the 
ship's equipment should be checked regularly and 
the ship's collision avoidance structure should be 
adapted to the bridge type. ③ For those with 
hidden danger of ship deviation, electronic fence 
course deviation warning devices shall be arranged. 
If the ship has the potential of over-height, the 
bridge shall be equipped with the equivalent device 
of laser detection warning for over-height. As 
shown in Figure 4. 

Figure 4. Bridge subsystem operation phase 
interaction diagram 

3 Determination of order 
parameters 

This paper adopts the vessel-bridge collision 
probability and the probability of bridge collapse 
frequency as order parameters to get the risk of 
bridge collision and the bridge's crashworthiness. 

In order to determine the threshold values for the 
range of sequential parameters under the most 
unfavourable and ideal conditions, this paper 
determines the threshold values of sequential 
parameters for the three stages of bridge design, 
construction and operation from the perspective of 
acceptable levels of social risk. 

Social risk [18] refers to the relationship between 
the number of people who suffer from an accident 
and the frequency of accidents. This paper is in 
accordance with the formula proposed by the UK's 
CIRIA regarding the acceptable guidelines for the 
failure of social risk structures. 

410
ft s d

r

p K n
n

−

= (1) 

Where  ftp  is probability of failure over design life
years. dn  is design life years.  rn  is the number of 

people at risk events.  sK  take values according to 
table 1. 

Table 1. Table of values for sK

Situation Values 

Public assembly, dams 0.005 

Office, factory 0.05 

Bridges 0.5 

Towers 5 

Taking the design life of the bridge to be 100 years, 
the above formula gives a range of acceptable 
guidelines for the different stages of the bridge's 
risk as shown in table 2. 

Table 2. Table of values for sK

Phase Risk criteria 

Design 5×10-5～5×10-4 

Construction 5×10-3～5×10-2 

Operation 5×10-5～5×10-4 

At present, the most common models for 
calculating the probability of ship collision with 
bridge are the AASHTO code model in ship collision 
avoidance design, the Larsen (IABSE) model, the 
Eurocode model, the Kunz model, and the Wong 
Ping Ming straight road model, etc. The different 
models have different characteristics. Compared to 
the AASHTO model, which gives a target collapse 
frequency of 10-3 for general bridges and 10-4 for 
important bridges, the results calculated using the 
risk acceptance criteria proposed by CIRIA are 
within a reasonable range of values. 

It's a whole process in the bridge life-cycle. In the 
design phase of the bridge, the risk of ship collision 
is influenced by many factors such as bridge site 
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selection, bridge span length, etc. The initial risk 
state and the construction risk state of the 
numerical distribution obey some probability 
density function, which keeps changing with the 
variation of design. The risk state of the 
construction phase is influenced by the size of the 
bridge cofferdam and the number of piers in the 
water area accessible to the ship, etc. The bridge 
design also determines the risk of ship collision 
during the construction phase to a certain extent. 
The risk state of the bridge's operation phase is 
almost the same as the initial risk state, ignoring 
the development of ship traffic during the 
construction phase here. As time goes by, the risk 
of vessel ship collision is influenced by those factors 
including performance aging, variation of 
waterway traffic, etc. When the risk is close to the 
upper threshold, it requires us to take some 
mandatory measures to improve the anti-collision 
performance of bridge or reduce the ship collision 
probability of the pier. The risk change process is 
shown in Figure 5. 

Figure 5. Bridge ship collision risk diagram for 
different stages 

4 Calculation of ship collision risk for 
the whole life cycle of bridges 

4.1 Case Background 

In this paper, the risk calculation of ship collision 
bridge is carried out with the case of Lanjiang 
Xiangnv Bridge. Two options are proposed for 
different bridge types and economic budgets under 
the planning. 

Case 1: The bridge adopts continuous steel 
structure bridge with mixed beam. The length of 

the bridge is 1348.2m. The width is 31.5m. The 
whole bridge is 110+260+110m, and the 
intersection angle between the bridge axis and the 
center line of channel is about 6.1°. the aerial view 
of the bridge is shown in Figure 6. 

Figure 6. Bridge subsystem operation phase 
interaction diagram 

Case 2: The bridge adopts ground-anchored steel 
box girder suspension bridge, with a length of 
1348.2m, a width of 31.5m. the main tower height 
of 53.33m, and a span arrangement of 
150+480+150m. The aerial view of the bridge is 
shown in Figure 7. 

Figure 7. Bridge subsystem operation phase 
interaction diagram 

The bridge design phase is expected to have 10,000 
vessel through the bridge line position in 2021, 
where the number of upbound and downbound 
vessels is almost the same. During the operation 
and maintenance period of the bridge, considering 
the local economic development of Lanxi, it is 
expected to be 52,000 vessels in 2050, with 500t 
barges as the typical vessel type in 2021 and 1000t 
barges as the representative vessel type in 2050. 
The information of the vessel type is shown in table 
3. 
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Table 3. Navigable representative ship information 

Year
Barge

[ton] 
Length 
[meter] 

Width 
[meter] 

Volume 
[vessel] 

2021 500 50 10.8 10000 

2050 1000 67.5 10.8 52000 

The average number of navigable days in a year is 
345 days. The number of windy days is  13.5 days. 
The number of foggy days with visibility less than 
1000m is  9 days. Due to the different conditions of 
navigation between China and foreign countries, so 
the AASHTO model is modified [19,20]. 

Table 4. Modifying Factors 

Modified items Value 

Vessel type 0.04 

Upward and 
downward 1.90 

Winds 1.02 

Fog 2.01 

Cofferdams are required at the bridge piers during 
the bridge construction period. Considering the 
thin riverbed cover in the bridge area and the 
dense weathered rock layer underneath, the 
cofferdam size calculated in this paper is calculated 
according to the double-walled steel cofferdam 
[21]. The Specification for Collision Resistant 
Design of Highway Bridges (JTG/T 3360-02-2020), 
"Based on the consideration that the bridge has 
different collision resistance during the 
construction period and operation period, during 
the construction period, the bridge does not have 
the collision resistance required by the design", so 
the collision resistance of the bridge is neglected 
during the construction period. 

The probability of bridge collapse in the phase of 
design, construction, and operation is calculated 
for the existing 2 cases respectively, so as to 
analyze the risk of ship collision at different stages. 

Table 5. bridge collapse probability under different 
cases[times/year] 

Phase Case1 Case2 Negligible 
risk level 

Acceptable 
rise level 

Design 7.7×10-6 6.4×10-7 5×10-5 5×10-4 

Construction 2.8×10-2 1.7×10-3 5×10-3 5×10-2 

Operation 2.2×10-4 1.9×10-5 5×10-5 5×10-4 

4.2 Calculation of the Synergetic Degrees in 
the Subsystems 

The order degree in different phase reflects the 
order degree of the interaction between 
subsystem elements, which is calculated via the 
fuzzy mathematical method. The larger the value of 
the order parameter, the higher the order degree 
of the subsystem. By contrast, the smaller the 
order parameter is, the lower the order degree of 
the system. The older degree is calculated via 
formula (2). 

The synergetic degree of different cases is affected 
by the order degrees of the design, construction 
and operation subsystems, and the synergetic 
degree is calculated via formula (3)[22]. 

𝐹𝐹�𝑒𝑒𝑖𝑖𝑖𝑖� = �𝛼𝛼𝑖𝑖𝑖𝑖 − 𝑒𝑒𝑖𝑖𝑖𝑖�/�𝛼𝛼𝑖𝑖𝑖𝑖 − 𝛽𝛽𝑖𝑖𝑖𝑖� (2) 

⎩
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⎨
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⎧𝐷𝐷 = �  

𝑘𝑘

𝑖𝑖=1

𝛾𝛾𝑖𝑖𝑖𝑖𝐹𝐹 (𝑒𝑒𝑖𝑖𝑖𝑖)

𝛾𝛾𝑖𝑖 > 0

�  
𝑘𝑘

𝑖𝑖=1

𝛾𝛾𝑖𝑖 = 1

(3) 

Where 𝛼𝛼𝑖𝑖𝑖𝑖 and 𝛽𝛽𝑖𝑖𝑖𝑖  are the threshold values of the 
thi  case of the thj  phase. The larger the 𝐹𝐹�𝑒𝑒𝑖𝑖𝑖𝑖� 

value is, the greater its contribution to the order 
degree of its subsystem. The 𝛾𝛾𝑖𝑖  is the influencing 
weight coefficient of the order degree of the thj
phase. 

In this paper, it is considered that the reference 
values of both design and O&M of the bridge are 
equally important, and the construction phase of 
the bridge accounts for a smaller proportion of 
time and resources, so the impact weights of the 
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three phases of bridge design, construction and 
operation are taken as follows. γ1 = 0.4；γ2 =
0.2；γ3 = 0.4 . 

Figure 8. Comparison of the synergetic degrees of 
different cases 

The results in the graphs show that both cases 
meet the requirements of the acceptable risk level, 
with case2 having a significantly better order than 
case1. In order to ensure that the ship collision risk 
is within a certain acceptable range, we prepare to 
optimize case1 in its life-cycle. 

Different spans and different bridge types are 
adopted in the design phase of the bridge. Without 
changing the overall design idea and avoiding the 
initiative of higher construction cost, it is advisable 
to adjust the ship's route in the design phase and 
set navigation aids to correct the ship's track so 
that it passes through the central position of the 
navigable hole as much as possible. The bridge 
piers can be set as perpendicular to the 
intersection angle of the water flow as much as 
possible. 

As the risk state during the construction period is 
influenced by factors such as the size of the bridge 
cofferdam and the number of piers. The risk is also 
influenced by the construction process and the 
environmental changes such as the water level in 
the bridge area, while the design of the bridge 
determines to a certain extent the risk of ship 
collision during the construction period. It is 
suggested to improve the construction process and 
reduce the pollution of light source and noise at the 
construction site .Setting up navigational aids to 
ensure the safety of ship navigation. Organizing 
training for the staff on the ship to enhance the 
safety awareness and navigation skills, etc. 

At the initial stage of bridge operation, the risk of 
ship collision is less than 5 × 10-5 within the 
acceptable risk range. As time goes by, the risk of 
ship collision of the bridge gradually increases and 
approaches the upper limit of risk, it is appropriate 
to set up physical anti-collision facilities or active 
warning system of the bridge. 

The physical anti-collision facilities should match 
the bridge piers and navigable representative ship 
bow stiffness to achieve both absorbing enough 
energy and protecting the safety of ships and 
bridge piers. Meanwhile, the physical anti-collision 
facilities are not easy to crowd the navigable 
headroom. Otherwise, it will increase the 
probability of ship collision to some extent [23]. 
The passive anti-collision energy absorption 
efficiency can reach 40%, which greatly reduces the 
probability of ship collision failure of the bridge [24]. 
The active warning system should be timely and 
reliable, making full use of microwave radar and 
other potential sensing equipment to 
comprehensively locate the ships entering the 
channel. At the same time, for different kinds of 
ships through different warning ranges in the 
bridge area waters, different degrees of warning 
measures can be taken to avoid false alarms and 
missed alarms [25], which can significantly reduce 
the probability of ship collision. After optimization, 
the risk and its synergetic degrees are recalculated. 

Table 6. Ship collision risk before and after 
optimization in case 1[times/year] 

Phase Before After 

Design 7.7×10-6 6.4×10-7 

Construction 2.8×10-2 1.7×10-3 

Operation 2.2×10-4 1.9×10-5 
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Figure 9. Comparison of the synergetic degrees of 
the optimized case 

The optimized case is 0.29 and 2.86 higher 
compared with the original scheme. The synergetic 
degrees of case 1 is higher than that of case 2. In 
general, the construction cost of the bridge will 
gradually increase with the span of the bridge, 
whereas the risk of ship collision of the bridge 
shows a gradually decreasing trend. Both cases 
meet the safety requirements, but taking into 
account the budget of the bridge, the economic 
performance of the optimized case 1 is higher than 
that of case 2. 

5 Conclusions 
In this paper, the synergistic theory between ship, 
bridge, and environment among subsystems is 
systematically elucidated by applying the principle 
of synergy. The risk management measures for ship 
collision with bridges in different stages are given 
in above. From the perspective of social risk, the 
acceptance criteria are presented in the design, 
construction, and operation stages of bridge. The 
change process of ship collision risk in the whole 
life cycle of bridge is analyzed. The risk of ship 
collision at different stages of the bridge is 
calculated. The risk of bridge life-cycle is controlled 
based on synergetic degrees, so as to find a more 
reasonable way of bridge design, construction and 
operation. 

The results show that this study can appropriately 
reflect the ship collision risk during the whole life 
cycle of the bridge, which helps us understand the 
risk level of bridges and provide support for vessel 
impact of bridge life-cycle. It has broad application 
prospects in the field of ship-bridge safety based on 

the idea and framework system of life- cycle in the 
future. 
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Abstract 
The long-span bridges in coastal region of China exposed to the challenge of typhoon-induced 
flutter instability with the continuous increase the span length and flexibility of bridges. A Monte-
Carlo-technique-based framework to analyse the flutter fragility long-span bridges subjected to 
typhoon winds is developed. A 3D typhoon boundary layer wind field model and a geographically-
weighted-regression (GWR) -based stochastic track model are proposed to generate a large 
quantity of synthetic tracks around the bridge site before achieving the typhoon wind hazard 
curves at the height of the bridge deck. The flutter critical wind speed of the bridge is derived 
accounting for the structural modal and damping randomness as well as experiment-induced 
errors of aeroelastic flutter derivatives. The typhoon-induced flutter failure probabilities of the 
bridge are then predicted and compared with code-suggested target reliability indices.  

Keywords: typhoon; long-span bridge; flutter; fragility; geographically weighted regression; 
uncertainty; extreme wind speed; probability of failure; reliability index. 

1 Introduction 
The aerodynamic flutter instability issue of long-
span bridges has received intensive attention 
since the collapse of the 853.4 m-main-span Old 
Tacoma suspension bridge in 1940. As a divergent 
motion that would lead to catastrophic failure of 
the bridge, flutter is the top priority issue during 

the wind-resistant design process. Recently, the 
advanced high-strength materials, progressive 
technologies of construction and continuous 
improvements of design theory have allowed the 
main spans of bridges to be longer than 2 km or 
even reach 5 km to cross wide canyons, rivers and 
straits [1-2]. The risks of wind-induced aeroelastic 
instability for such extremely slender and flexible 
structures should be carefully evaluated, 
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especially for these that are exposed to a high 
chance of attacking by strong winds, e.g., typhoon. 

Many coastal regions around the world are 
planning to construct long-span bridges to link the 
islands and different economic zones for 
supporting the development of the local economy. 
Some of them are typhoon-prone regions, such 
the southeast coast of China, where is expected to 
experience 7-8 landed storms and 1-2 typhoon-
level storms (i.e., the 10-min maximum sustained 
surface wind speed Vmax>33 m/s as defined by the 
Japan Meteorological Agency) per year. As shown 
in Figure 1, a number of long-span bridges are 
constructed or under planning along the coastal 
region of China, inevitably suffering the threats of 
typhoon-induced flutter instability. 

Figure 1. Threats of typhoon-level storms on long-
span bridges along coastal regions of China 

Typhoon is a rapid-rotating and slow-moving 
storm system formed over warm oceans. Even 
though the Western Pacific Basin is vulnerable to 
typhoon genesis throughout the whole year and 
southeast coast of China is susceptible to typhoon 
effects, it is an event of small possibility for a 
specific coastal site that is swept by typhoons. The 
use of both observed typhoon and non-typhoon 
winds over past several decades could result in 
unrealistic predictions of the annual extreme wind 
speed. Typhoon wind samples recorded by 
meteorological stations are always insufficient and 
non-homogeneous. Some extreme winds are even 
failed to be captured due to the sensor damage in 
strong typhoon events. The code of ASCE/SEI 7-16 
[3] maps the extreme wind speed in the United
States with respect to non-typhoon and typhoon

winds using the observation samples and 
historical-track-driven Monte Carlo technique [4], 
respectively. Recent years, the continuously 
supplementary typhoon best track data in 
Western Pacific Basin enable the similar studies 
performed in coastal region of China, e.g., Li and 
Hong [5] and Fang et al. [6-7]. These pioneering 
works provide a more direct idea to facilitate the 
estimation of site-specific typhoon wind hazard 
using synthetic storms. 

Conventionally, the deterministic approach mainly 
concerns about whether the flutter critical wind 
speed of the bridge is enough higher than the 
extreme wind speed at the bridge site. The flutter 
threshold is customarily estimated through the 
wind tunnel test, numerical simulation, or 
theoretical solution. However, the input 
parameters or experimentally measured 
aerodynamic parameters are random in nature 
with uncertainties due to the information 
imperfection or environmental effects. Many 
studies therefore performed probabilistic analysis 
of flutter issue for long-span bridges [8-10]. To 
achieve a more accurate fragility curve in terms of 
flutter wind speed of a bridge structure, the 
uncertainty quantification of aeroelastic 
coefficients, i.e. flutter derivatives (FDs) as well as 
its propagation in probabilistic flutter solutions 
have received an intensive attention using 
interlaboratory experimental data or multi-
repetition wind tunnel test data. Multi-repetition 
data allow to involve the measurement- and 
identification- induced errors for a specific bridge 
girder and taken the intercorrelations between 
FDs into account [11]. These studies provide a 
basis to evaluate the flutter reliability of long-span 
bridges by comparing the probabilistic flutter 
solution with wind records at the bridge site. To 
authors’ knowledge, however, there is no 
research independently study the flutter reliability 
of long-span bridges under typhoon winds. 

This study presents a framework of typhoon-
induced flutter failure analysis for long-span 
bridges. The Lingdingyang suspension bridge with 
the main span of 1666 m in Shenzhong Link 
project as marked with number of 10 in Figure 1 is 
employed as a numerical example (113.7454°E, 
22.4852°N). To derive the flutter fragility curve in 
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terms of the critical wind speed, the mass and 
stiffness randomness of the bridge structure are 
first approximately described as the variation of 
the material density and modulus of elasticity, 
employed to achieve the probabilistic solutions of 
modal parameters using the stochastic finite 
element method. A literature survey for collecting 
the field-measured damping ratios of cable-
supported bridges is then performed to construct 
the probability density functions. Repeated wind 
tunnel tests on a reduced-scale rigid section 
model are conducted to quantify the 
identification-imperfection-induced randomness 
and measurement errors of FDs. These 
uncertainties are subsequently introduced into 
the 2D and 3D flutter analysis models to predict 
the probabilistic solutions of flutter threshold. 
Synthetic typhoons around the bridge site are 
generated to achieve the mean wind hazard curve 
at the height of the bridge deck. The directions of 
extreme winds and orientation of the bridge are 
compared before extracting the extreme wind 
components that orthotropic to the bridge axis to 
examine the most unfavourable case. Effects of 
the fluctuating component for typhoon winds are 
alternatively modelled as a random gust factor to 
calculate the extreme gust wind speed associated 
with any gust duration of interest. Flutter failure 
analysis is then formulated as a limit state 
function, say the difference between the flutter 
threshold and the extreme gust wind at the bridge 
site. The flutter failure probability is then 
determined utilizing the Monte Carlo technique 
and compared with the code-recommended 
target reliability to assess the flutter risk of the 
bridge. 

2 Typhoon wind hazard 

2.1 3D typhoon wind field model 

Wind speeds in the typhoon boundary layer are 
decomposed into radial and tangential winds as 𝑢𝑢 
and 𝑣𝑣, which are treated as the sum of gradient 
winds (𝑈𝑈𝑔𝑔 = 0,𝑉𝑉𝑔𝑔 ) and decay winds (𝑢𝑢𝑑𝑑 ,𝑣𝑣𝑑𝑑 ) 
caused by the frictional effects: 

𝑢𝑢 = 𝑢𝑢𝑑𝑑 (1) 

𝑣𝑣 = 𝑉𝑉𝑔𝑔 + 𝑣𝑣𝑑𝑑 (2) 

The gradient wind is solved as: 

𝑉𝑉𝑔𝑔 =
𝑉𝑉𝑇𝑇𝑇𝑇 − 𝑓𝑓𝑓𝑓

2
+ ��

𝑉𝑉𝑇𝑇𝑇𝑇 − 𝑓𝑓𝑓𝑓
2

�
2

+
𝑓𝑓
𝜌𝜌𝑔𝑔

𝜕𝜕𝑃𝑃𝑔𝑔
𝜕𝜕𝑓𝑓

(3) 

The decay winds in the boundary layer are 
expressed as: 

𝑢𝑢𝑑𝑑 = 𝑒𝑒−𝜆𝜆𝑧𝑧′𝜂𝜂[𝐷𝐷1𝑠𝑠𝑠𝑠𝑠𝑠(𝜆𝜆𝑧𝑧′) − 𝐷𝐷2𝑐𝑐𝑐𝑐𝑠𝑠(𝜆𝜆𝑧𝑧′)] (4)

𝑣𝑣𝑑𝑑 = 𝑒𝑒−𝜆𝜆𝑧𝑧′[𝐷𝐷1𝑐𝑐𝑐𝑐𝑠𝑠(𝜆𝜆𝑧𝑧′) + 𝐷𝐷2𝑠𝑠𝑠𝑠𝑠𝑠(𝜆𝜆𝑧𝑧′)] (5) 

𝜆𝜆 = �𝜉𝜉𝑔𝑔𝜉𝜉𝑎𝑎𝑔𝑔
4 √2𝐾𝐾�  (6) 

𝜂𝜂 = �𝜉𝜉𝑔𝑔 𝜉𝜉𝑎𝑎𝑔𝑔⁄  
(7) 

𝜉𝜉𝑔𝑔 = 2𝑉𝑉𝑔𝑔 𝑓𝑓⁄ + 𝑓𝑓 (8) 

𝜉𝜉𝑎𝑎𝑔𝑔 = 𝑉𝑉𝑔𝑔 𝑓𝑓⁄ + 𝑓𝑓 (9) 

in which K is the eddy viscosity determined from 
the local vertical deformation or shear absolute 
magnitude by considering mixing length 
hypothesis, 𝑉𝑉𝑇𝑇𝑇𝑇 = −𝑉𝑉𝑇𝑇 ∙ 𝑠𝑠𝑠𝑠𝑠𝑠(𝜃𝜃 − 𝜃𝜃𝑇𝑇) , 𝑉𝑉𝑇𝑇  is the 
translation speed  (𝑚𝑚 𝑠𝑠⁄ ) , 𝜃𝜃𝑇𝑇  and 𝜃𝜃  are the 
translation direction and the direction of interest 
(counterclockwise positive from the east, °), 𝑓𝑓 is 
the Coriolis force, 𝐾𝐾 is the turbulence exchange 
coefficient, 𝑃𝑃𝑔𝑔 (ℎ𝑃𝑃𝑃𝑃) is the pressure at gradient 
layer, which is determined by a height-resolving 
parametric typhoon pressure field model: 

𝑃𝑃𝑟𝑟𝑧𝑧 = �𝑃𝑃𝑐𝑐𝑐𝑐 + ∆𝑃𝑃𝑐𝑐 ∙ 𝑒𝑒𝑒𝑒𝑒𝑒 �−�
𝑅𝑅𝑚𝑚𝑎𝑎𝑚𝑚,𝑐𝑐

𝑓𝑓
�
𝐵𝐵𝑠𝑠
��

∙ �1 −
𝑔𝑔𝑔𝑔𝑧𝑧
𝑅𝑅𝑑𝑑𝜃𝜃𝑣𝑣

�
1
𝑘𝑘

(10) 

in which subscripts 𝑓𝑓, 𝑧𝑧 and 𝑠𝑠 denote values at the 
radius of 𝑓𝑓, height of 𝑧𝑧 and surface, respectively, 
𝑃𝑃𝑟𝑟𝑐𝑐 is the surface air pressure at radius of r from 

1807



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

the typhoon’s axis, 𝑃𝑃𝑐𝑐𝑐𝑐  is the central pressure, 
∆𝑃𝑃𝑐𝑐 = 𝑃𝑃𝑛𝑛𝑐𝑐 − 𝑃𝑃𝑐𝑐𝑐𝑐 is the central pressure difference, 
𝑅𝑅𝑚𝑚𝑎𝑎𝑚𝑚,𝑐𝑐 is the radius to maximum wind speed and 
𝐵𝐵𝑐𝑐 is the shape parameter of pressure profile, 𝑔𝑔 is 
the gravitational acceleration, 𝑅𝑅𝑑𝑑  is the specific 
gas constant of dry air, 𝜃𝜃𝑣𝑣 is the virtual potential 
temperature, 𝑧𝑧  is the elevation, 𝑔𝑔  is the ratio 
between the specific gas constant of moist air and 
specific heat at constant pressure. The typhoon 
wind field is solved in a cylindrical coordinate 
(𝑓𝑓,𝜃𝜃, 𝑧𝑧) , and the base of the computation 
domain 𝑧𝑧′ = 0 is set at ℎ + 𝑧𝑧10, in which 𝑧𝑧10 is 10 
m height above ℎ. 

2.2 GWR-based track model 

Geographically weighted regression (GWR) is a 
spatial data analysis technique that utilizes 
distance-weighted variables to model the local 
relationship between predictors and an outcome 
of interest. GWR utilizes the site-specific sub-
samples of data information from nearby 
observations to produce estimates, which enables 
the estimation of local parameters rather than the 
global parameters. It can capture the spatial 
heterogeneity by allowing the relationships 
between the inputs and outputs to vary by locality. 
If there are 𝑠𝑠 data points observed in the space 
that makes up an 𝑠𝑠 × 1  vector of dependent 
variable denoted 𝐘𝐘. A set of 𝑚𝑚  explanatory or 
independent variables 𝑋𝑋𝑘𝑘 , (𝑔𝑔 = 1,2,⋯ ,𝑚𝑚)  was 
assumed. And the location or position information 
of 𝑠𝑠 observations in a suitable coordinate system 
should be available. Then, the GWR model 
associated with point 𝑠𝑠 can be expressed as 

𝐖𝐖n×n𝐘𝐘n×1 = 𝐖𝐖n×n𝐗𝐗n×m𝛃𝛃m×1
+ 𝐖𝐖n×n𝛆𝛆n×1

(11) 

in which 𝐖𝐖 = 𝐝𝐝𝐝𝐝𝐝𝐝𝐝𝐝[𝑤𝑤1𝑖𝑖,𝑤𝑤2𝑖𝑖,⋯𝑤𝑤𝑛𝑛𝑖𝑖]  is an 𝑠𝑠 × 𝑠𝑠 
diagonal distance-weighted matrix, 𝐗𝐗 represents 𝑠𝑠 
observations of 𝑚𝑚  explanatory variables,  𝛃𝛃  are 
fitted 𝑚𝑚 parameters related to each explanatory 
variable, 𝛆𝛆 is an 𝑠𝑠 × 1 vector of the error term.  

Typhoon wind hazard in terms of the extreme 
wind speed is customarily estimated using 
stochastic simulation based on the progressive 
models of storm track, intensity as well as wind 

field parameters with the form of (Vickery et al., 
2010; Fang et al., 2020b, 2020c): 

∆𝑙𝑙𝑠𝑠𝑉𝑉𝑇𝑇 = 𝑣𝑣1 + 𝑣𝑣2𝑙𝑙𝑠𝑠𝑉𝑉𝑇𝑇,𝑖𝑖 + 𝑣𝑣3𝑙𝑙𝑠𝑠𝑉𝑉𝑇𝑇,𝑖𝑖−1

+ 𝑣𝑣4𝜃𝜃𝑇𝑇,𝑖𝑖 + 𝜀𝜀∆𝑙𝑙𝑛𝑛𝑙𝑙𝑇𝑇 (12) 

∆𝜃𝜃𝑇𝑇 = ℎ1 + ℎ2𝜃𝜃𝑇𝑇,𝑖𝑖 + ℎ3𝜃𝜃𝑇𝑇,𝑖𝑖−1

+ ℎ4𝑉𝑉𝑇𝑇,𝑖𝑖 + 𝜀𝜀∆𝑇𝑇𝑇𝑇

(13) 

ln 𝐼𝐼𝑖𝑖+1 = 𝑐𝑐1 + 𝑐𝑐2𝑙𝑙𝑠𝑠𝐼𝐼𝑖𝑖 + 𝑐𝑐3𝑙𝑙𝑠𝑠𝐼𝐼𝑖𝑖−1
+ 𝑐𝑐4𝑙𝑙𝑠𝑠𝐼𝐼𝑖𝑖−2 + 𝑐𝑐5𝑇𝑇𝑐𝑐,𝑖𝑖+1

+ 𝑐𝑐6(𝑇𝑇𝑐𝑐,𝑖𝑖+1 − 𝑇𝑇𝑐𝑐,𝑖𝑖) + 𝜀𝜀𝑙𝑙𝑛𝑛𝑙𝑙 

(14) 

𝑙𝑙𝑠𝑠𝑅𝑅𝑚𝑚𝑎𝑎𝑚𝑚,𝑐𝑐,𝑖𝑖+1 = 𝑓𝑓1 + 𝑓𝑓2𝑙𝑙𝑠𝑠𝑅𝑅𝑚𝑚𝑎𝑎𝑚𝑚,𝑐𝑐,𝑖𝑖

+ 𝑓𝑓3𝑙𝑙𝑠𝑠𝑅𝑅𝑚𝑚𝑎𝑎𝑚𝑚,𝑐𝑐,𝑖𝑖−1

+ 𝑓𝑓4∆𝑃𝑃𝑐𝑐,𝑖𝑖+1 + 𝜀𝜀𝑙𝑙𝑛𝑛𝑙𝑙𝑚𝑚𝑚𝑚𝑚𝑚,𝑠𝑠

(15) 

𝐵𝐵𝑐𝑐,𝑖𝑖+1 = 𝑏𝑏1 + 𝑏𝑏2�𝑅𝑅𝑚𝑚𝑎𝑎𝑚𝑚,𝑐𝑐,𝑖𝑖+1 + 𝑏𝑏3𝐵𝐵𝑐𝑐,𝑖𝑖

+ 𝑏𝑏4𝐵𝐵𝑐𝑐,𝑖𝑖−1 + 𝜀𝜀𝐵𝐵𝑠𝑠

(16) 

in which 𝑉𝑉𝑇𝑇  and 𝜃𝜃𝑇𝑇  are the storm’s translation 
speed and heading direction, 𝐼𝐼  is the relative 
intensity accounting for the sea surface 
remperature and air moisture (Darling, 1991), 
𝑅𝑅𝑚𝑚𝑎𝑎𝑚𝑚,𝑐𝑐  and 𝐵𝐵𝑐𝑐  are the storm size and shape 
parameters, say the radius to the maximum wind 
speed and the radial pressure profile parameter at 
surface level, 𝑇𝑇𝑐𝑐 is the sea surface temperature, 
∆𝑃𝑃𝑐𝑐  is the central pressure difference, 𝑣𝑣1~𝑣𝑣4 , 
ℎ1~ℎ4 , 𝑐𝑐1~𝑐𝑐6 , 𝑓𝑓1~𝑓𝑓4  and 𝑏𝑏1~𝑏𝑏4  are model 
coefficients, 𝜀𝜀 is the error term, 𝑠𝑠 − 2, 𝑠𝑠 − 1, 𝑠𝑠 and 
𝑠𝑠 + 1 represent the time steps. A large number of 
studies have been performed to estimate the 
typhoon-induced wind hazards in the coastal 
regions of the United States or China in past 
several decades. The model coefficients in Eqs. 
(12)~(16) are determined using the geographically 
weighted regression for the best track data 
archived by the Japan Meteorological Agency.  
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To assess the model performance, Figure 2 
compares the empirical cumulative density 
functions (CDFs) of five storm parameters using 
the kernel density estimation, say ∆𝑃𝑃𝑐𝑐 , 𝜃𝜃𝑇𝑇 , 𝑉𝑉𝑇𝑇 , 
𝑅𝑅𝑚𝑚𝑎𝑎𝑚𝑚,𝑐𝑐  and 𝐵𝐵𝑐𝑐  between real and 10,000-year 
modeled tracks within the circular domain. The 
area metric AM is utilized to describe the 
differences between real data and model results. 
AM is defined as the area between two probability 

distirbutions. In Figure 2, the area metrics for ∆𝑃𝑃𝑐𝑐, 
𝜃𝜃𝑇𝑇 , 𝑉𝑉𝑇𝑇 , 𝑅𝑅𝑚𝑚𝑎𝑎𝑚𝑚,𝑐𝑐  and 𝐵𝐵𝑐𝑐  are 3.03 hPa, 12.74°, 
0.26m/s, 16.41km and 0.12, respectively, which 
are sufficiently small to conclude that the 
parameter distributions of modeled tracks are 
consistent with real observations. All heading 
directions are set at the range of [0°, 360°) before 
genarating the empirical CDFs. 

Figure 2. Comparison of empirical CDFs for real and modelled parameters within the circular subregion 
centred in bridge site (10,000-year simulations) 

2.3 10-min mean wind hazard curve 

By substituting the synthetic track information 
into a height-resolving wind field model, the wind 
hazard curve in terms of the return period versus 
the annual maximum typhoon wind speed or the 
design wind speed (𝑉𝑉𝑑𝑑) at the height of the bridge 
deck is readily achieved, as shown in Figure 3. The 
height of the bridge deck is about 91.5 m above 
the water surface. The aerodynamic surface 
roughness length 𝑧𝑧0  is customarily prescribed 
based on the terrain exposure at the bridge site. 
Since the bridge in this study is over open water 
with the nearest distance to the land lager than 5 
km, two underlying roughness lengths 𝑧𝑧0 =
0.01 m  and 𝑧𝑧0 = 0.0002 m  are employed. 𝑧𝑧0 =
0.01 m  is the suggested roughness length by 
Chinese codes (JTG/T D60-01-2004; GB 50009-
2012) for open water exposure. 𝑧𝑧0 = 0.0002 m is 
recommended by Davenport et al. [12] and 
ASCE/SEI 7-16 loading code [3] for the open sea 
with fetch at least 5 km. Technically, the marine 
drag coefficient or roughness length is a function 
of wind speed as the effects of wind-driven waves. 
Some studies found that the drag coefficient 
increases first and then levels off or even 
decreases with the increase of wind speed. The 
maximum 𝑧𝑧0 is roughly equal to 0.0034 m if the 
model suggested by Vickery et al. [13] is employed. 

Accordingly, the real 𝑧𝑧0 should fall in the range of 
[0.0002 m, 0.01 m] for high wind conditions. 

Figure 3. Predicted typhoon design wind speed 
versus return period of the bridge site at height of 

bridge deck (z=91.5 m, CSM: Circular Subregion 
Method, FTM: Full Track Method) 

The wind hazard curves obtained by the circular 
subregion method (CSM) and full track method 
(FTM) are plotted together for comparison 
purpose. 105-year and 104-year simulations are 
performed for CSM and FTM, respectively. The 
radius of the circular subregion is set as 500 km, 
which is sufficiently large to achieve a convergent 
wind hazard curve as proved by Fang et al. [7]. As 
can be seen, the wind hazard curves obtained 
from FTM are consistent with that achieved by 
CSM for short return periods, i.e. less than 100 
years, showing the reliability and robustness of 
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the prediction results. However, the design wind 
speeds of FTM for longer return periods are 
significantly underestimated as compared to CSM. 
This is because the prediction of extreme wind 
speed associated with long return period, i.e. 
longer than 100 years requies more random 
samples for FTM. In Figure 10, FTM only conducts 
104-year simulations while CSM generates 105-
year samples. Hence, the predictions achieved by
CSM will be employed.

As shown in Figure 4, the curves of the probability 
of exceedance at any given 𝑇𝑇 years at the bridge 
site are plotted. As expected, the probability of 
exceedance of a specific wind speed event 
increase with 𝑇𝑇. The curves of the probability of 
exceedance are also constructed with respect to 
the maximum winds that are orthogonal to the 
bridge axis. Since the wind speed and direction at 
the bridge site vary with time as each typhoon 
storm approaches the brige, the maximum wind 
component normal to the bridge axis of each 
storm could be underestimated if the 
decompostion is directly applied to the maximum 
wind. Instead, the normal winds at every time 
steps of each storm are calculated before 
determining the largest normal wind speed. These 
largest normal winds of every storm are then 
employed to develop the curves of the probability 
of exceedance. Comparatively, the probability of 
exceedance for each wind speed is slightly smaller. 

a

b

Figure 4. Probability of exceedance at any given T 
years of maximum typhoon winds: (a) All winds; (b) 
Orthogonal to the bridge axis 

3  Fragility curve of flutter instability 
The self-excited force of a bridge deck that 
immersed in laminar oncoming winds was 
customarily modelled as the function of the mean 
wind speed U and a state-space representation of 
the vibration, i.e., displacements and velocities. At 
flutter onset, the motion of the bridge deck is 
assumed to be tiny and follow the harmonic 
vibration pattern. Then, the self-excited forces 
acting on a unit-length bridge section can be 
formulated as 

𝐅𝐅𝐬𝐬𝐬𝐬 = �
𝐿𝐿ℎ
𝐷𝐷𝑝𝑝
𝑀𝑀𝛼𝛼

� = 𝐂𝐂𝐬𝐬𝐬𝐬�̇�𝐗+ 𝐊𝐊𝐬𝐬𝐬𝐬𝐗𝐗
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(17) 

in which 𝐿𝐿ℎ, 𝐷𝐷𝑝𝑝 and 𝑀𝑀𝛼𝛼 are lift force, drag force 
and pitching moment, respectively, 𝐂𝐂𝐬𝐬𝐬𝐬  and 𝐊𝐊𝐬𝐬𝐬𝐬 
are aeroelastic damping and stiffness matrices, 
𝐗𝐗 = {ℎ,𝑒𝑒,𝛼𝛼}𝑇𝑇 is the displacement vector, ℎ is the 
vertical or heaving motion (positive when 
downward), 𝑒𝑒  is the lateral or sway motion 
(positive along the wind direction) and 𝛼𝛼  is 
torsional or pitching motion (positive when nose-
up), 𝜌𝜌 denotes the air density, 𝐵𝐵 is the deck width, 
𝐻𝐻𝑖𝑖∗ , 𝑃𝑃𝑖𝑖∗  and 𝐴𝐴𝑖𝑖∗  (𝑠𝑠 = 1~6)  are flutter derivatives 
(FDs), which are defined as the functions of the 
reduced frequency 𝐾𝐾 = 𝐵𝐵𝐵𝐵 𝑈𝑈⁄ , where 𝐵𝐵  is the 
angular frequency of the simple harmonic 
oscillation, the dot denotes derivative with 
respect to time. Then, the dynamic equilibrium of 
a bridge deck under self-excited forces is 
expressed as 

𝑴𝑴�̈�𝑿 + 𝑪𝑪𝟎𝟎�̇�𝑿+ 𝑲𝑲𝟎𝟎𝑿𝑿 = 𝑭𝑭𝒔𝒔𝒔𝒔 = 𝐵𝐵2𝑨𝑨𝑐𝑐𝑑𝑑𝑿𝑿 (18) 

in which 𝐌𝐌 = 𝑑𝑑𝑠𝑠𝑃𝑃𝑔𝑔�𝑚𝑚ℎ,𝑚𝑚𝑝𝑝, 𝐼𝐼𝑚𝑚� , 𝐂𝐂𝟎𝟎 =
𝑑𝑑𝑠𝑠𝑃𝑃𝑔𝑔�𝑐𝑐ℎ, 𝑐𝑐𝑝𝑝, 𝑐𝑐𝛼𝛼�  and 𝐊𝐊𝟎𝟎 = 𝑑𝑑𝑠𝑠𝑃𝑃𝑔𝑔�𝑔𝑔ℎ,𝑔𝑔𝑝𝑝,𝑔𝑔𝛼𝛼�  are 
diagonal matrices for generalized mass, damping, 
and stiffness of the bridge, respectively, 𝐀𝐀𝑐𝑐𝑑𝑑  is 
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assembled with the aerodynamic stiffness and 
damping terms in complex vector space。 

According to the dynamic equation of motion 
coupled with the self-excited forces of Eq. (18), 
the source of uncertainties regarding the bridge 
flutter instability are generally grouped into two 
categories. One of them is the mechanical 
characteristics of the bridge system in terms of 
modal and damping information. The other is the 
aerodynamic parameters or flutter derivatives.  

The probabilistic solutions of flutter critical wind 
speed are achieved accounting for the 
randomness of structural parameters and 
aerodynamic parameters using 2D SBSA and 3D 
multimode methods, respectively, as shown in 
Table 1. 10,000 simulations were performed for 
each case, which are considered to be sufficient to 
achieve a convergent estimation of flutter critical 
wind speed. As can be seen, the critical wind 
speeds 𝑉𝑉𝑐𝑐𝑟𝑟 obtained by SBSA are generally smaller 
than that of multimode solutions but have a 
slightly greater standard deviation. Interestingly, 
the standard deviation of the reduced wind speed 
calculated from SBSA is more than twice that of 
multimode results. It is noteworthy that 
difference of critical wind speed between 2D SBSA 
and 3D multimode methods depends on 
aerodynamic derivatives or the configuration of 
the bridge girder greatly. 

Table 1. Statistics of probabilistic flutter solutions 

Method 
𝑉𝑉𝑐𝑐𝑟𝑟  𝑉𝑉𝑐𝑐𝑟𝑟,𝑙𝑙 

𝜇𝜇 𝜎𝜎 CoV 𝜇𝜇 𝜎𝜎 CoV 
2D SBSA 95.97 5.49 0.06 13.31 0.93 0.07 

3D Multimode 99.01 5.29 0.05 12.92 0.40 0.03 

4 Flutter failure probability 
The flutter failure occurs when the real wind 
speed reaches or exceeds the critical wind speed 
of the bridge. It always believed that the flutter is 
driven by the negative aerodynamic damping due 
to the aeroelastic interaction between the 
structure and mean wind speed. Although the 
averaging time of 10 min or 1 hour is commonly 
employed in current building and structure codes 
to describe the variation of mean wind speed, the 
vibration frequency of flutter for the long-span 

bridge is usually slightly smaller than the 
frequency of the fundamental torsional mode, i.e., 
about 0.2Hz for the bridge studied in this study. 
The mean wind speed with a shorter duration 
could also excite the flutter vibration. A gust 
factor is therefore introduced to transfer the 10-
min wind speed to a relatively larger value with 
shorter duration. Accordingly, the limit state 
function of bridge flutter issue can be expressed 
as 

𝑍𝑍 = 𝑉𝑉𝑐𝑐𝑟𝑟 − 𝑉𝑉𝑑𝑑 ∙ 𝐺𝐺𝑢𝑢 (19) 

in which the probability distributions of 𝑉𝑉𝑐𝑐𝑟𝑟 , 𝑉𝑉𝑑𝑑 
and 𝐺𝐺𝑢𝑢 are obtained from previous sections.  

To determine the failure probability, the Monte 
Carlo simulation technique is adopted in this study. 
The inverse transform sampling based on the CDF 
of each parameter in Eq. (19) is employed to 
generate random samples. For each case, 108 
samples are generated. As shown in Table 3, the 
failure probability with respect to different 
combinations of flutter fragility curves and 
tropical cyclone wind hazard curves are calculated. 
Given the sample size, the estimation of failure 
probabilities of the order of 1E-7 and smaller is 
inaccurate. The exact solutions of the failure 
probability for those cases are omitted. However, 
the precision is sufficient for the comparison 
purpose as listed in Table 2. Several findings can 
be concluded as: 

(1) The largest failure probability occurs at the
case #1, i.e., the combination of the fragility
curves obtained from SBSA solutions and all winds
that do not consider the effects wind direction.
When 𝑧𝑧0 = 0.0002 𝑚𝑚 and gust duration is 3 s, the
flutter failure probabilities correspond to 𝑇𝑇 =
100 years and 𝑇𝑇 = 150 years are 8.4 × 10−3 and
1.3 × 10−2.

(2) For the same gust duration, the flutter failure
probabilities associated with 𝑧𝑧0 = 0.0002 𝑚𝑚  is
higher than that with 𝑧𝑧0 = 0.01 𝑚𝑚. For the same
𝑧𝑧0, the use of different gust durations results in
significant differences in failure probability.

(3) The use of 2D SBSA method for calculating the
flutter critical wind speed leads to larger failure
probability than that obtained by 3D multimode
method, suggesting the 2D SBSA method is
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conservative for the selected bridge in this study. 
If only the wind components that are 
perpendicular to the bridge orientation are 

considered, the flutter failure probability 
decreases remarkably. 

Table 2. Flutter failure probability 

Case 𝑇𝑇(year) 
𝑧𝑧0 = 0.01 m 𝑧𝑧0 = 0.0002 m 

𝜏𝜏 = 3s 𝜏𝜏 = 1min 𝜏𝜏 = 10min 𝜏𝜏 = 3s 𝜏𝜏 = 1min 𝜏𝜏 = 10min 
𝑃𝑃𝑓𝑓 𝛽𝛽 𝑃𝑃𝑓𝑓 𝛽𝛽 𝑃𝑃𝑓𝑓 𝛽𝛽 𝑃𝑃𝑓𝑓 𝛽𝛽 𝑃𝑃𝑓𝑓 𝛽𝛽 𝑃𝑃𝑓𝑓 𝛽𝛽 

#1 

1 6.9 × 10−6 4.3 < 10−7 >5.2 < 10−7 >5.2 6.9 × 10−5 3.8 3.6 × 10−6 4.5 < 10−7 >5.2
10 7.2 × 10−5 3.8 < 10−7 >5.2 < 10−7 >5.2 7.3 × 10−5 3.2 1.6 × 10−5 4.2 6.8 × 10−7 4.8 
50 4.2 × 10−4 3.3 1.6 × 10−7 5.1 < 10−7 >5.2 4.0 × 10−3 2.7 9.6 × 10−5 3.7 4.2 × 10−6 4.5 

100 9.3 × 10−4 3.1 2.0 × 10−7 5.1 < 10−7 >5.2 8.4 × 10−3 2.4 1.9 × 10−4 3.6 6.6 × 10−6 4.4 
150 1.4 × 10−3 3.0 3.4 × 10−7 5.0 < 10−7 >5.2 1.3 × 10−2 2.2 3.0 × 10−4 3.4 8.6 × 10−6 4.3 

#2 

1 5.2 × 10−7 4.9 < 10−7 >5.2 < 10−7 >5.2 3.0 × 10−6 4.5 < 10−7 >5.2 < 10−7 >5.2
10 6.5 × 10−6 4.4 < 10−7 >5.2 < 10−7 >5.2 4.9 × 10−5 3.9 6.4 × 10−7 4.8 < 10−7 >5.2
50 3.8 × 10−5 4.0 < 10−7 >5.2 < 10−7 >5.2 2.6 × 10−4 3.5 3.0 × 10−6 4.5 < 10−7 >5.2

100 8.2 × 10−5 3.8 < 10−7 >5.2 < 10−7 >5.2 5.7 × 10−4 3.3 5.1 × 10−6 4.4 < 10−7 >5.2
150 1.4 × 10−4 3.6 < 10−7 >5.2 < 10−7 >5.2 8.6 × 10−4 3.1 8.3 × 10−6 4.3 1.4 × 10−7 5.1 

#3 

1 7.8 × 10−7 4.8 < 10−7 >5.2 < 10−7 >5.2 1.4 × 10−5 4.2 3.4 × 10−7 5.0 < 10−7 >5.2
10 1.2 × 10−5 4.2 < 10−7 >5.2 < 10−7 >5.2 2.5 × 10−4 3.5 3.1 × 10−6 4.5 < 10−7 >5.2
50 9.0 × 10−5 3.7 < 10−7 >5.2 < 10−7 >5.2 1.4 × 10−3 3.0 1.5 × 10−5 4.2 5.8 × 10−7 4.9 

100 1.9 × 10−4 3.6 < 10−7 >5.2 < 10−7 >5.2 2.9 × 10−3 2.8 3.3 × 10−5 4.0 7.4 × 10−7 4.8 
150 3.1 × 10−4 3.4 < 10−7 >5.2 < 10−7 >5.2 4.5 × 10−3 2.6 4.6 × 10−5 3.9 8.2 × 10−7 4.8 

#4 

1 < 10−7 >5.2 < 10−7 >5.2 < 10−7 >5.2 8.0 × 10−7 4.8 < 10−7 >5.2 < 10−7 >5.2
10 1.0 × 10−6 4.8 < 10−7 >5.2 < 10−7 >5.2 1.3 × 10−5 4.2 < 10−7 >5.2 < 10−7 >5.2
50 5.3 × 10−5 4.4 < 10−7 >5.2 < 10−7 >5.2 6.4 × 10−5 3.8 3.4 × 10−7 5.0 < 10−7 >5.2

100 1.3 × 10−5 4.2 < 10−7 >5.2 < 10−7 >5.2 1.4 × 10−4 3.6 5.4 × 10−7 4.9 < 10−7 >5.2
150 2.0 × 10−5 4.1 < 10−7 >5.2 < 10−7 >5.2 2.1 × 10−4 3.5 8.2 × 10−7 4.8 < 10−7 >5.2

5 Conclusions 
In this study, a Monte-Carlo-simulation-based 
framework for analysing the typhoon -induced 
flutter failure reliability of long-span bridges that 
are located at typhoon-prone regions is developed. 
The proposed framework consists of the 
development of the flutter fragility curve in terms 
of the critical wind speed for the bridge, the 
typhoon wind hazard curve described with the 
probability of exceedance of mean wind speed in 
given any years and the gust factor probabilistic 
distributions accounting for the effects of wind 
gustiness. Uncertainties of bridge dynamic 
characteristics and errors in the measurements of 
aerodynamic parameters are quantified using the 
literature review and wind tunnel tests before 
they are propagated to the derivation of 
probabilistic solutions of flutter threshold. Both 
2D SBSA and 3D multimode approaches are 
employed to achieve the uncertainty propagation 
process, resulting a slight left-shifted PDF of 
flutter critical wind speed for 2D SBSA as 
compared to 3D multimode for the Lingdingyang 
bridge. 105-year extreme typhoon wind speed 

samples achieved by Monte Carlo technique are 
converted to the probability of exceedance in 
given any years of interest, which is capable of 
facilitating the performance-based investigation of 
wind-induced vibration for long-span bridges. 
Direct use of a height-resolving typhoon wind field 
in this study enables the wind hazard estimation 
at any height of interest, which is especially 
favourable for typhoon-wind-induced 
performance study of flexible bridges. The 
theoretical-model-derived probabilistic
distribution for gust factor allows the 
consideration of randomness of fluctuating 
components associated with different gust 
durations. 
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Abstract 
Near Samtse Dzongkhag in Bhutan, the country terrain is flat and hence the river ‘Dhamdum chu’ is 
very wide and remains dry during most of the time of the year. But during monsoon, rain water with 
melted ice from mountain, it becomes mighty. The bridge proposed over Dhamdum chu connecting 
the community residence to Samtse Industrial Park is a multiple span concrete bridge supported by 
solid concrete piers placed on open foundation. A very large span bridge was possible but not 
considered practical from the view point of economy and social aspect.  

This paper represents the output of non-linear analysis carried out during design of the bridge to 
ensure safety of the bridge Piers against damage by impact from flowing rock if any. Rock impact 
simulation of the bridge pier is done using Finite Element Code[1]. Continuous Surface Cap Model 
(CSCM) of concrete model is used to identify the possible damage of Pier concrete. Plastic kinematic 
model of steel is used to represent the reinforcing steel.  Two-way automatic surface to surface 
contact algorithm is employed between the rock and the static Pier. 

Keywords: impact simulation; concrete damage; CSCM model of concrete; cracking; failure criteria; 
LS DYNA. 

1. Introduction
The river at the bridge location becomes dry during 
winter but during monsoon it flows between the 
banks full but with shallow depth. The water 
sometime carries large tree logs and boulder from 
the mountain area. The purpose of this study to 

check the potential harms that the ‘flowing boulder’ 
may cause to the structural integrity of the Piers.  

No data available about the size of the boulder that 
may carry by the water. Following assumptions are 
made for the boulder and its probable strike 
velocity in discussion with the local people: 

• Boulder size – approximately 1.0m diameter
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• Maximum flowing velocity of the boulder –
2.50m/sec

• Striking angle – 00 (normal to the Pier)

Figure 1. Dhamdhum Bridge site terrain

Figure 2. Dhamdhum Bridge pier elevation 

1 Numerical model 

1.1 Concrete Model 

Different Concrete models are available for Impact 
simulation. Many are customized for specific use. 
One of the widely used Concrete model, 
Continuous Surface Cap Model [2, 3] is used in this 
simulation. 

1.1.1 Continuous Surface Cap Model (CSCM) 

This Concrete model was developed by Federal 
Highway Administration (FHWA) for use in roadside 
safety simulations such as Concrete bridge rails and 
portable barriers impacted by vehicles. 

This Concrete model is a cap model with a smooth 
or continuous intersection between the failure 
surface and hardening cap. The general 3D shape 
of the yield surface is shown in Figure 3 and yield 
surface in 2D in the meridional plane is shown in 
Figure 4. 
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Figure 3. General shape of the Concrete model 
yield surface in three dimensions [3] 

Figure 4. General shape of the Concrete model 
yield surface in two dimensions in the meridional 

plan [2,3] 

Concrete model yield surface is presented in terms 
of stress invariants [3]: 

𝐽𝐽1 = 3𝑃𝑃, 𝐽𝐽2′ =  
𝑆𝑆𝑖𝑖𝑖𝑖 𝑆𝑆𝑖𝑖𝑖𝑖

2
, 𝐽𝐽3′ =  

𝑆𝑆𝑖𝑖𝑖𝑖𝑆𝑆𝑖𝑖𝑖𝑖𝑆𝑆𝑖𝑖𝑖𝑖
3

  (1) 

Where, 𝐽𝐽1 stands for the first invariant of the stress 
tensor, 𝐽𝐽2  - second invariant of the 
stress deviator, 𝐽𝐽3  - third invariant of the stress 
deviator, 𝑆𝑆𝑖𝑖𝑖𝑖 - stress deviator, Р – pressure [2, 3]. 

This model assumes that the Concrete is 
homogenously mixed and properly compacted so 
that an isotropic elastic behavior can be assumed 
before cracking. Concrete’s tensile strength 𝑓𝑓𝑡𝑡 lies 
between 8 percent to 15 percent of unconfined 
compressive strength, 𝑓𝑓𝑐𝑐′. The ultimate strength of 

Concrete depends on both the pressure and shear 
stresses.  

Concrete softens to near zero strength in the 
tensile and low confining pressure regimes.  

Basic properties of the concrete considered are: 

28 days cylinder strength, f’c = 30 MPa [as 
per design requirements] 

Maximum aggregate size ≤ 20mm 

Spalling strain =0.006 
[Cover concrete ] 

Crushing strain =0.02 

[Core concrete ] 

This model is strength strain rate dependent. 
Validation of the concrete model by experiment 
was not possible. A mathematical simulation by 
single element was done to ascertain the behavior 
of the concrete. 

1.1.2 Concrete Cube 

A 150mm standard concrete Cube that is used in 
real life work as shown in Figure 5. 

Figure 5. Model of the Cube  

Concrete 28 days compressive strength, 

𝑓𝑓𝑐𝑐′ -30.00 MPa 

Unit weight of Concrete, 

 𝑤𝑤𝑐𝑐 -2500.00 kg/m3 

Modulus of elasticity, 

 𝐸𝐸𝑐𝑐 = 0.043(𝑤𝑤𝑐𝑐)1.5�𝑓𝑓𝑐𝑐′=29440.09 MPa 

From the above data, the failure strain is, 

𝜀𝜀 = 𝜎𝜎
𝐸𝐸

= 30
29440.09

= 0.00102  

1816



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Required vertical deformation of the cube to attain 
the strain of 0.00102 shall be 

∆= 0.00102 × 150 = 0.15285𝑚𝑚𝑚𝑚 

The Cube is modelled with a single solid element. 
The bottom nodes are supported as 

• One node is fixed against all translation;
• Other three nodes are restrained against

vertical translation only. This will allow the
cube to expand for Poisson’s effect.

• Equal downward displacement is applied to the 
four nodes at the top of the element

1.1.3 Load curve 

Load curve depends on the desired strain rate. To 
compress the Cube to failure strain, 0.15285mm 
downward displacement need to be provided.  

Vertical displacement of 1.0 mm was provided to 
capture the softening behavoir of the Concrete. 
This is equivalent to a strain of 0.00667. Thus 
resulting strain rate is 6.67E-03/s. 

1.1.4 Strain rate for different load 

 Strain rate has influence on concrete strength. For 
routine design work, the strain rate is not 
important. Different natural event results in 
different stain rate. A representative range of 
strain rate of different event is shown in Figure 6[4]. 

Figure 6. Anticipated strain rates for different 
types of load 

1.1.5 Strain rate independent Concrete model 

Strain rate independent stress strain curve for the 
simulation is produced in Figure 7. It can be seen 
that the Concrete reach its peak strength exactly at 
30 mPa as assumed. As no lateral confined pressure 
is modeled, Concrete softens near to zero strength. 
Strain at maximum stress is reported as 0.0011.  

Figure 7. Stress-Strain relation (strain rate 
independent Concrete model) 

1.1.6 Strain rate dependent Concrete model 

Stain rate independent stress strain curve for the 
simulation is produced in Figure 8. It can be seen 
that the Concrete reach its peak strength at 33.40 
MPa. The dynamic increase factor (DIF) for strain 
rate effect is 33.40

30
= 1.11 . Strain at maximum 

stress is reported as 0.0014. 

Figure 8. Stress-Strain relation (strain rate 
dependent Concrete model) 

1.2 Reinforcement 

Reinforcement steel in the Pier was modelled as 
‘kinematic plasticity model’ as 
MAT_PLASTIC_KINEMATIC [*MAT_003 of LS DYNA]. 
The following properties are considered: 

Yield strength, fy  = 500 MPa 

Unit weight, ω  = 7.85E-9 ton/mm3 

Poisson’s ratio, ν  = 0.3 

Elastic modulus, E = 2.00E+05 MPa 

Tangent modulus, ETAN = 1.00E+03 [0.5% 
of the E] 

Failure strain, ε = 0.12 
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The longitudinal reinforcement is considered as 
‘beam element’ and the ties in the Pier are 
considered as ‘truss element’. 

1.3 Soil 

Very small deformation of surrounding soil is 
assumed, as such soil modelled as elastic with 
following properties:  

Poisson’s ratio, ν  = 0.30 

Unit weight, ω  = 2.0E-9 ton/mm3 

Elastic modulus, E = 45.0 MPa 

1.3.1 Pier Model 

Figure 9. Reinforcement model of the Pier 

Basis physical properties of the Pier is as shown in 
Figure 9 and the mathematical model in Figure 10, 
Figure 11 & Figure 12. 

Load from the bridge superstructure on the Pier 
top was simulated by using a top layer with 
increased unit weight. 

Figure 10 Close up view of the Pier section showing 
Cover and Core concrete 

Figure 11 Full Pier model in Soil domain 

Figure 12 Full Pier model with hitting boulder 

1.4 Simulation Parameter 

Stress initialization for the pre-existing gravity load 
was done using implicit analysis of LS Dyna. Unit 
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used for numerical model is represented in Table 
1. 

Table 1 Used units 

MASS LENGTH TIME FORCE STRESS ENERGY 

ton mm s N MPa N-mm 

c.g. of the boulder placed at 550mm from the Pier
face. This results at striking distance of 50mm. It
takes 0.02s to strike the Pier at 2.5m/s velocity.
Simulation time estimated as 0.03s to capture post-
strike effects.

2 Analysis output 
The effect of impact of the flowing boulder to the 
Pier is not significant for a velocity of 2.5m/s. Only 
cover layer of Pier damage at the hit location. 
Damaged part is concentrated at the hitting zone 
only. Percentage of eroded cover volume of cover 
layer is very insignificant and shown in Figure 13. 

Figure 13 Eroded fraction volume 

Effective plastic strain of core concrete at hit zone 
reaches near to damage for a very small area and is 
shown in Figure 14. 

Figure 14 Effective plastic strain of core concrete 
at hit zone 

Figure 15 Energy balance of the impact 

Total energy balance of the impact is shown in 
Figure 15. Loss of small energy is seen due to 
spalling of cover concrete. 

Displacement of the Pier (monitored at the 
opposite of the impact node) is only 0.4mm and 
shown in Figure 16. 
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Figure 16 Displacement of the Pier in impact 
direction 

3 Conclusions 
Impact of the boulder as envisaged is very 
insignificant on the Pier. Damage is localized at the 
hit location and limited to cover zone of the 
concrete only. However, to minimize such damage, 
if any, the Piers are additionally protected by 
damping boulder around the Pier as shown below. 
No other Pier protection scheme is employed. 

The river become dry during the winter season. 
Protection as given or damage as simulated may be 
made good through a maintenance program for 
very long active life of the bridge. 
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Abstract 
Research on seismic-isolated bridges concerning potential pounding between adjacent units 
remains limited to date, especially for long-length girder bridge systems consisting of several long-
span girder bridges where the wave passage effect is of great significance. To investigate the effect 
of seismic isolation bearings on the potential pounding between adjacent girders considering the 
wave passage effect, a finite element model of a bridge system consisting of two box-girder bridges 
and one long-span hybrid truss-box girder bridge is developed. The results show that under uniform 
excitations the seismic isolation bearings can reduce the relative displacement at expansion joints 
and thus improve the performance against pounding. However, the wave passage effect can 
increase the deformation demands of the expansion joints and improve the probability of pounding 
even though seismic isolation bearings are used, especially for the low apparent wave velocities. 

Keywords: long-length girder bridge systems; long-span girder bridges; seismic isolation bearings; 
expansion joints; pounding; wave passage effect. 

1 Introduction 
For the conventional long-span continuous girder 
bridges with bearings, the prestressed concrete 
structure is often used for the superstructure. To 
date, the longest one for this type of bridge is the 
Varrod girder bridge with a span of 260 m in 
Kristiansand, Norway, built in 1994 [1]. Nowadays, 
the span capacity of the long-span continuous 
girder bridges with bearings is further increased by 
using hybrid structures, e.g. truss-box girder hybrid 
bridge, arch-beam hybrid bridge. Considering the 
importance of long-span bridges in a traffic net, 
post-earthquake functionality, as well as require a 

high cost for repairing, seismic isolation design 
rather than ductility design will be employed. To 
mitigate the seismic inertial force from girders to 
the piers, various isolation bearings have been 
developed to elongate the structural natural 
periods and reduce the force [2, 3]. Friction 
pendulum bearing (FPB) is one of the most popular 
isolation bearings for long-span girder bridges, due 
to its isolation period independent of 
superstructure mass, as well as outstanding re-
centering capacity and durability character [4]. 

For long-span bridges, the spatial variation in 
ground motions has a great effect on the seismic 
response of the bridge, especially the wave passage 
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effect which is caused by the limited propagation 
velocity of earthquake motions [5-7]. Based on a 
cable-stayed bridge with a main span of 1088 m 
and a total length of 2088 m, Guo et al. [8] 
performed a shake table test for a 1/35-scale 
bridge model in Tongji University, and the results 
showed that the displacement responses of towers 
and main deck, as well as variation of cable force, 
were significantly affected by the wave passage 
effect. Note that all these aforementioned 
investigations focus on the seismic response of the 
long-span bridge itself. However, for long-length 
bridge series with multiple units, limited 
investigations are reported concerning the 
potential influence of wave passage effect on 
adjacent units (e.g., damage of expansion joints 
and pounding between girders) to date. 

During earthquakes pounding might happen 
between adjacent bridge units and cause girder 
damage as in the case of the 2011 Christchurch 
Earthquake [9], which deteriorates the post-
earthquake functionality and delays the rescue 
operation, and lead to more life and financial loss. 
Therefore, the ratios of fundamental periods 
between two adjacent frames are constrained to 
avoid pounding in AASHTO Guide Specifications for 
LRFD Seismic Bridge Design (referred to as AASHTO 
Specification hereafter) [10]. This strategy is 
proposed since it is expected able to reduce the 
likelihood of out-of-phase response between the 
frames, and thus suppress the probability of 
pounding. However, Hao and Chouw [11] 
conducted numerical analysis for girder bridges 
and showed that the same fundamental period was 
not adequate to prevent pounding with 
consideration of the wave passage effect. Li et al. 
[12] performed a shake table test and proved that
the wave passage effect could increase the relative
displacement of adjacent girders and thus lead to
pounding. Additionally, the AASHTO Specification
mainly concentrates on ‘conventional’ bridges,
defined as ‘bridges have slab, beam, girder, box
girder, and truss superstructures; have pier-type or
pile-bent substructures; are founded on shallow- or
piled-footings or shafts.’. While for those long-span
and seismic-isolated bridges, few investigations
have been reported considering the wave passage
effect on potential pounding between adjacent
girders to date. Therefore, for the design of ‘un-

conventional’ bridges, the AASHTO Specification 
might still be referred to by engineers, which might 
lead to an inadequate design. 

This paper investigates the wave passage effect on 
the pounding problem of long-span hybrid truss-
girder bridges seismically isolated with FPB. Firstly, 
the effect of FPB on pounding between adjacent 
bridge units under uniform excitations is 
considered with nonlinear time history analysis 
procedures. Then the influence of the wave 
passage effect on pounding between adjacent 
bridge units is considered by comparing the results 
corresponding to uniform excitations and motions 
with a total of 10 apparent wave velocities (from 
200 m/s to 2000 m/s with an interval of 200 m/s).  

2 Bridge model and Ground motion 

2.1 Bridge model 

In this work, a cross-sea girder bridge system is 
selected as the research prototype, which is 
located in south China with Site Class III according 
to Chinese seismic codes [13]. This prototype is 
1545 m-long in total with three continuous girder 
bridges, as shown in Figure 1(a), and the lengths of 
the main, north approach, and south approach 
bridges are 685, 320, and 540 m, respectively. For 
the main bridge, a continuous hybrid steel truss-
box girder is used for the superstructure; for the 
north and south approach bridges, a steel girder 
with a uniform box section is used; the typical 
cross-sections of main and approach bridges are 
shown in Figure 1 (b). It also can be seen in this 
figure two single-column piers with a circular 
section are used for both approach bridges, and 
one single pier with variable hollow sections is 
employed for the main bridge. FPB is installed 
between the girder and pier to achieve seismic 
mitigation. FPB with two spherical surfaces is one 
popular type of seismic isolation device available in 
the commercial market; more details of this type of 
bearings, including configuration and constitutive 
relation, could be found in [24]. In this study, the 
seismic design deformation of Expansion joint 1 ~ 
Expansion joint 4 (abbreviated as EJ1 to EJ4 
hereafter, as shown in Figure 1(a)) is set as 0.4 m, 
0.24 m, 0.16 m, and 0.4 m, respectively, based on 
the deformation demands contributed by 
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earthquakes under uniform excitation according to 
the original design. Additionally, to clearly present 
the seismic isolation performance of FPB on the 
pounding response of the prototype bridge, a 
reference system is introduced as a comparison in 
this study. This system is identical to the prototype 

except that no isolation bearings are used and the 
bearings at Pier 1 ~ 3, Pier 6, and Pier 8 ~ 13 are 
fixed in the longitudinal direction for the north 
approach, main and south approach bridges, 
respectively, even under a rare earthquake.  

Figure 1. Layout and details of the complete bridge system 

The finite element model of the bridge system is 
built in Midas Civil software, as shown in Figure 2. 
The superstructures and piers are modeled by 2834 
elastic beam elements. Gap elements are adopted 
at EJ1 to EJ4 to incorporate the potential pounding 
that might happen between the adjacent girders, 
as well as between the girder and abutment, the 
corresponding compressive stiffnesses are set as 
the axial stiffness of girders as recommended in 
previous studies [15]. Elastoplastic springs with the 
stiffnesses calculated using the Caltrans guidelines 
[16] are used to simulate the behavior of

abutments. Link elements with constitutive 
relation in Figure 2 are employed to model the FPB. 
According to the Chinese bearing code, the values 
of friction coefficient (μ), yielding deformation (dy), 
and effective radius of two spherical surfaces (R) are 
set as 0.02, 0.0025 m, and 11.54 m, respectively. 
The foundations are modeled by linear rotational 
and translational springs, and the corresponding 
stiffnesses are computed using Chinese Guidelines 
for Seismic Design of Highway Bridges [13] with the 
consideration of the arrangement of piles and soil 
information at the bridge site. The finite element 
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model of the reference system is built based on 
that of the prototype system, while the FPBs are 

substituted by the bearings with the 
aforementioned constraint condition. 

Figure 2. Finite element model 

Modal analyses are performed for both bridge 
systems with and without FPBs, and the 
fundamental vibration periods of these two 
systems are listed in Table 1. The dynamic 
properties of the prototype bridge system are 
obtained by using the secant stiffness of FPB 
calculated by bearing design displacement. As 
shown in Table 1, When FPB is implemented, the 
corresponding periods are elongated for all bridge 
units, and the discrepancies between main and 
approach bridges are reduced, especially between 
the north approach and the main bridge. 

Table 1. Fundamental vibration periods [unit: s] 

Scenario 
North 

approach 
bridge 

Main 
bridge 

South 
approach 

bridge 
Prototype 5.92 5.02 5.78 
Reference 5.30 3.33 3.90 

2.2 Ground motion 

In this study, 10 actual ground motions (see in 
Table 2) are selected from the database of the 
Pacific Earthquake Engineering Research (PEER) 
Center. The corresponding acceleration spectra are 
plotted in Figure 3 with a damping ratio of 5%, in 
which the average spectrum is presented as well. 
During the following nonlinear time history analysis, 
the input peak ground accelerations (PGAs) of all 
motions are scaled to 0.4 g, representing the 
earthquake intensity specified for regions with high 

seismic hazard levels (e.g., southwest China). 
Additionally, for the wave passage effect, all these 
motions are considered to travel from north to 
south, which is demonstrated to lead to greater 
structural demands in preliminary analysis. 

Table 2. Selected ground motions 

No. Earthquake Year Magnitude PGA [g] 
1 Taiwan SMART1 1983 6.5 0.006 

2 Taiwan SMART2 1983 6.5 0.020 
3 Taiwan SMART3 1986 7.3 0.052 

4 Taiwan SMART4 1986 7.3 0.136 

5 Loma Prieta 1989 6.9 0.049 

6 Loma Prieta 1989 6.9 0.039 
7 Loma Prieta 1989 6.9 0.125 

8 Loma Prieta 1989 6.9 0.049 

9 Chi-Chi Taiwan 1999 7.6 0.104 

10 Borrego Mtn 1968 6.6 0.133 
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Figure 3. Response spectra of ground motions 
(PGA = 0.4 g, 𝜉𝜉= 5%) 

1824



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

3 Effect of FPBs under uniform 
excitation Headings 

Though this article mainly focuses on the 
occurrence and corresponding features of the 
pounding phenomenon, the effect of FPBs on the 
seismic responses of the bridge is briefly discussed 
first. Table 3 compares the average values of the 
maximum bending moment of Pier 6 and the 
maximum deformation of bearings at Pier 4 and 
Pier 6 for the main bridge with and without FPBs 
under selected ground motions. It can be seen that 
the seismic demands of the reference bridge 
decrease significantly due to the implementation 
of FPBs by comparison with the prototype bridge. 
Particularly the bending moment of pier 6, the 
reduction ratio is up to 70.6% since the 
superstructure is isolated by FPBs during 
earthquakes, and thus the inertia force transferred 
from the girder to the pier decreases. 

Table 3. Comparison of the demands between the 
reference and prototype bridges 

Parameters 
Reference 

bridge 
[× 105 kN·m] 

Prototype 
bridge 

[m] 

Reduction 
ratio 
[m] 

Bending 
moment of 

Pier 6 
16.1 4.74 70.6% 

Deformation 
of bearing at 

Pier 4 
0.385 0.219 43.1% 

Deformation 
of bearing at 

Pier 7 
0.397 0.224 43.6% 

The pounding forces time histories of gap elements 
(EJ1 to EJ4) of the prototype and reference bridge 
systems under uniform excitation are shown in 
Figure 4. In this figure, ‘iso’ means the prototype 
bridge system with FPBs, and ‘non’ means the 
reference bridge system without FPBs. To avoid 
data redundancy, only the results under No.3 to 
No.5 motions are presented. It can be seen that for 
the reference bridge system (non-isolation), 
pounding could occur under No.3 and No.5 ground 
motions, especially between the main and 

approach bridges (i.e., EJ2 and EJ3). Furthermore, 
it is worth noting that the peak values of pounding 
forces at EJ2 are always greater than those 
corresponding to EJ3. The reason might be that the 
discrepancy between the fundamental periods of 
the north approach (3.33s) and the main bridge 
(5.30s) is more pronounced than that between the 
south approach (3.90s) and the main bridge, and 
thus more significant pounding is expected at EJ2. 
While pounding is not observed under these 3 
ground motions for the prototype bridge system 
(isolation) because pounding force always remains 
zero throughout the duration of excitations. This 
phenomenon might be attributed to the fact that 
compared with the reference bridge system, the 
fundamental periods of the main, north approach, 
and south approach bridge are tuned into values 
with smaller discrepancies by FPBs, which are 5.02s, 
5.92s, and 5.78s, respectively, as shown in Table 1. 
Therefore, the different bridge units are expected 
to vibrate in phase and with a lower probability of 
pounding. 

Figure 5 compares the average deformation 
demands of EJ1 to EJ4 for the prototype and 
reference bridge systems under 10 ground motions, 
where the design deformation of expansion joints 
(i.e., ΔEJi, i = 1, 2, 3, and 4) are also presented with 
dashed lines for comparison. Note that when the 
average value exceeds the corresponding ΔEJi, it is 
marked as the ΔEJi value, since pounding is 
expected to happen in this situation leading to 
complete closure of expansion joints. It can be seen 
that pounding will happen at EJ1 to EJ3 for the 
reference bridge system. However, for the 
prototype bridge system with FPBs, the average 
deformation demands of EJ1 to EJ4 are 
substantially suppressed lower than the 
corresponding ΔEJi, which are 0.24 m, 0.13 m, 0.13 
m, and 0.22 m, respectively, and 40.0%, 45.8%, 
18.8%, and 45.0% less than the corresponding ΔEJi. 
This fact indicates that pounding is expected to be 
avoided in the prototype bridge system due to the 
implementation of FPBs. 
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Figure 4. Pounding force time histories of the prototype (isolated) and reference (non-isolated) bridge 
systems under No.3 to No.5 ground motions 
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Figure 5. Average deformation demands at each 
expansion joint for the prototype and reference 

bridge systems 

4 Influence of wave passage effect 
In this study, 10 apparent wave velocities ranging 
from 200 m/s to 2000 m/s with a uniform interval 
of 200 m/s are analyzed for discussion. Figure 6 
shows the average deformation demands at four 
expansion joints (EJ1 to EJ4) of the prototype 
bridge system for all the apparent wave velocities 
and uniform excitation (represented by ∞ m/s). 

The deformation demands in this figure show 
different trends with the increase of the apparent 
wave velocity for different expansion joints. For EJ1 
and EJ4, compared with uniform excitation the 
deformation demands are significantly affected by 
low wave velocities (200 m/s ~ 400 m/s) while 
remaining similar with the wave velocities from 600 
m/s to 2000 m/s. On the other hand, the wave 
passage effect presents a more obvious influence 
on EJ2 and EJ3, particularly at EJ3, pounding is 
caused by considering the wave passage effect with 
v ranging from 200 m/s to 1200 m/s; while the 
deformation demand at v = ∞ m/s is 0.127 m which 
20.6% less than the design deformation of EJ3 (ΔEJ3 
= 0.16 m). Moreover, it also can be seen that the 
wave passage effect with low wave velocities has a 
significant effect on EJ2. The deformation demands 
increase significantly at v = 200 m/s and 400m/s, 
representing that the probability of pounding 
increases. One of the possible explanations is that 
the low wave velocity will cause a larger 
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discrepancy between the vibration phases of 
adjacent units. Therefore, though the FPBs are 
used to mitigate the seismic responses and tune 
the dynamic characteristics of these bridges, the 
wave passage effect might lead to pounding 
between the adjacent girders. 
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Figure 6. Average deformation demands versus 
apparent wave velocity  

Table 4 lists the maximum and minimum 
average deformations of EJ1 ~ EJ4 when the wave 

passage effect is considered, where the 
corresponding v values are presented as well. 
These demands are compared with that of uniform 
excitation, and the corresponding discrepancies 
are calculated for illustration. As shown in this 
figure, the wave passage effect on expansion joints 
at abutments (i.e., EJ1 and EJ4) is not that 
substantial, and the variations of deformation 
responses remain within ±20% of that obtained 
from uniform excitation. The worst situation for EJ1 
and EJ4 both occurs with the lowest velocity 
considered (v = 200 m/s), with deformation 
increasing and decreasing by 15.35% and 18.44%, 
respectively. However, the expansion joints at 
transient piers (i.e., EJ2 and EJ3) are more 
significantly affected. For EJ2, when v = 200 m/s is 
considered, the deformation demand is increased 
by about 60% (from 0.127 m to 0.202 m), compared 
with the uniform input scenario. While for EJ3, 
even pounding is introduced for various velocities 
(200 ~ 1200 m/s), consistent with the results 
presented in Figure 10. 

Table 4. Comparison of deformation demands 

Location 
v = ∞ Maximum Discrepancy Minimum Discrepancy 

Deformation 
d [m] 

Deformation 
dmax [m] 

Velocity 
v [m/s] (dmax - d)/d Deformation 

dmin [m] 
Velocity 
v [m/s] (dmin - d)/d 

EJ1 0.241 0.278 200 15.4% 0.252 2000 4.45% 
EJ2 0.127 0.202 200 59.9% 0.102 1800 -19.8%
EJ3 0.127 Pounding 200 ~ 1200 -- 0.152 2000 19.8%
EJ4 0.217 0.22 1200 2.70% 0.177 200 -18.4%

5 Conclusions 
This paper investigates the potential pounding 
issue between adjacent girders for a long-length 
bridge system with seismic isolated bearings (FPBs) 
considering the wave passage effect. FPBs can 
effectively control the seismic responses of the 
girder bridges. The deformation demands of 
expansion joints are observed mainly dominated 
by the phase characteristics of adjacent bridge 
units. Thus FPBs can effectively reduce the 
pounding probability by tuning the responses 
history of adjacent bridge units in phase. The 
influence of the wave passage effect on pounding 
is significant for the seismic isolated bridge systems. 
Particularly, ground motions with low wave 

velocities are more devastating. The wave passage 
effect may lead to pounding between adjacent 
girders even the FPBs are used. Therefore, this 
effect should be carefully incorporated during the 
seismic design of long-length girder bridge systems 
consisting of long-span seismic isolated girder 
bridges as in the current study. 
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Abstract 
The widely applications of precast segmental bridge piers in high-seismicity areas are hindered for 
their insufficient capacities of energy dissipation. In this study, precast segmental piers’ seismic 
behaviours were investigated, focusing on the connection of “grouted sleeves/bonded tendons”. 
Four piers were cyclically loaded, of one cast-in-place pier, one precast segmental pier, and two 
prestressed precast segmental piers. Experimental results showed that bonded tendons apparently 
enhanced the pier’s lateral strength, ductility, energy dissipation capacity and reducing residual drift. 
Of particular, bonded tendons prevented the shear-induced slip between the shaft and footing 
segments. Furthermore, seismic vulnerability assessments of the bridge piers are obtained in terms 
of fragility curves. Residual drift is adopted to define the limit states. It is suggested that bonded 
tendons could significantly ameliorate the fragility curves of precast segmental piers. 

Keywords: precast segmental; cyclic; prestressed; pier. 

1 Introduction 
Precast segmental piers are gaining engineers’ 
favours due to strengths of accelerated 
construction, reduced traffic disturbance and 
enhanced quality control [1], compared to the cast-
in-place counterparts. From aspects of seismic 
design, dividing a pier into several segments could 
mitigate massive concrete spalling/crushing and 
excessive residual drift [2], and therewith, enhance 
the seismic resilience. However, it is acknowledged 
that this technique is hindered in high-seismicity 
regions, due to insufficient capacity of energy 
dissipation [3]. 

Balancing seismic resilience and energy dissipation 
is vital to accelerate precast segmental piers into 
high-seismicity areas. Over the past few years, 
researchers have proposed various connection 
types between segments, e.g., high-strength rebars 
[4], high-performance concrete [5] and 
prestressing tendons [6]. Among them, 
prestressing tendons, either unbonded or bonded, 
could rise the energy dissipation capacity and 
reduce the excessive residual drift to a remarkable 
level simultaneously. Although numerous 
experiments have been performed, it is still 
necessary to further explore the seismic 
behaviours of precast segmental piers, especially 
with the “grouted sleeves/bonded tendons” 
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connection, which is seldomly concerned by 
scholars, but the engineers’ choice. 

2 Experimental setup 

2.1 Specimen details 

Four piers were fabricated to experimentally verify 
the connection type of “grouted sleeves/bonded 
tendons” on a precast segmental pier’s seismic 
responses. Table 1 lists the details of these pier 
specimens, including one cast-in-place (CIP) pier, 
one precast reinforced segmental (PRS) pier with 
only “grouted sleeves” at the joint, and two 
prestressed precast segmental (PPS-1 and PPS-2) 
piers with the connection of “grouted 
sleeves/bonded tendons” at the joint. 

Table 1. Details of tested piers. 

Pier 
Concrete 

𝒇𝒇𝒄𝒄′
[MPa] 

Tendons 

Axial 
Load 
Radio 
[𝒇𝒇𝒄𝒄𝑨𝑨𝒄𝒄] 

Prestressing 
Level 

[𝒇𝒇𝒄𝒄𝑨𝑨𝒄𝒄] 

CIP 

33.9 

- 

6% 

- 
PRS - - 
PPS-

1 15.2 
Grade 
1860 

5% 

PPS-
2 10% 

Dimensions and reinforcing details are presented 
in Fig. 1. All piers owned a 0.7 × 0.7 × 0.6 m cap, a 
0.56 × 0.56 × 2.2 m shaft and a 1.5 × 0.9 × 0.6 m 
footing. Their shafts were reinforced with twelve 
16 mm-dia. HRB400 rebars, leading to the 
reinforcement ratio of 0.78%. Stirrups adopted the 
8 mm-dia. HPB300 hoops of 40 mm spacing, which 
resulted in 0.83% volumetric transverse 
reinforcement ratio within the plastic hinge zone. 
Four and eight 15.2 mm-dia. bonded prestressing 
tendons were placed along the centroid lines of 
piers PPS-1 and PPS-2, respectively. Lateral load 
was exerted at the middle of the 0.6 m-height cap 
beam. The height-to-width ratio was 2.6/0.56 = 
4.64>3, leading to the flexural-dominated failure 
mode. 

(a) pier CIP.

(b) pier PRS.

(c) pier PPS-1/PPS-2

Figure 1. Specimen configurations and cross-
sections (unit: mm). 
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2.2 Material properties 

The mean cylindrical compressive strength of 
concrete was 𝑓𝑓𝑐𝑐′ = 33.9 MPa, following the Chinese 
code (GB-50010 2010). Similarity, high-strength 
grout mortar inside the sleeves owned the 
cylindrical strength of 65.6 MPa. The yield strength 
of HRB400 rebar was measured as 𝑓𝑓𝑠𝑠𝑠𝑠 = 435 MPa, 
whereas its ultimate strength was 𝑓𝑓𝑠𝑠𝑠𝑠 = 600 MPa. 
Four grouted sleeve specimens were loaded to 
failure, and their failure exclusively occurred inside 
the rebars, rather than the debonding failure. 
Alongside, piers PPS-1 and PPS-2 respectively 
adopted four and eight Φs15.2 bonded tendons, 
which were post-tensioned to 920 MPa and 
grouted with the high-strength mortar. 

2.3 Loading scheme 

The test setup was shown in Figure 2. The four piers 
were fixed to the floor during cyclic loading. The 
axial load ratio was exclusively chosen as 0.06 𝑓𝑓𝑐𝑐′𝐴𝐴𝑐𝑐, 
with𝐴𝐴𝑐𝑐  the gross cross-sectional area. The axial 
load represented the self-weight of the bridge 
superstructure, and was exerted on the pier 
through tensioning two thread bars by hydraulic 
jacks. The pressure of hydraulic jacks was manually 
adjusted to remain constant so that the axial load 
did not vary significantly. For piers PPS-1 and PPS-
2, additional prestressing forces of 0.05 𝑓𝑓𝑐𝑐𝐴𝐴𝑐𝑐  and 
0.10𝑓𝑓𝑐𝑐𝐴𝐴𝑐𝑐 , respectively, were applied via bonded 
prestressed tendons. 

Figure 2. Schematic test setup 

The displacement was applied by scheduled 
protocol as shown in Figure 3. Displacement-
control loading scheme was adopted for the piers. 
The lateral displacement at each displacement 
level was repeated three times. 

Figure 3. loading scheme 

3 Experimental results and 
discussions 

3.1 Damage evolutions and failure patterns 

3.1.1 Pier CIP 

Pier CIP remained overall integrity until the lateral 
drift arrived at 𝛿𝛿  = 1.54% = 40 mm/2600 mm. 
Subsequently, concrete spalling was observed and 
the rebars were naked at the drift of 𝛿𝛿 = 3.27% (85 
mm). Finally, flexural rebars fractured at the drift of 
𝛿𝛿  = 3.85% (100 mm). Massive concrete spalling 
concentrated at the pier’s plastic hinge zone within 
the height of 0.35 m, accompanied by buckling of 
flexural rebars and fracture of stirrups, see Fig. 4. 

Fig. 4 Failure patterns of pier CIP at the lateral 
drift of 𝛿𝛿 = 4.23% (110 mm). 

3.1.2 Pier PRS 

The joint between the shaft and the footing of pier 
PRS opened slightly at the lateral peak drift of 𝛿𝛿 = 
0.38% (10 mm). This pier remained overall integrity 
until the drift of 𝛿𝛿  = 2.11% (55 mm). Massive 
concrete spalling was initiated at the drift of 𝛿𝛿  = 
3.08% (80 mm) and the flexural rebars fractured at 
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the drift of 𝛿𝛿 = 3.46% (90 mm). Different from pier 
CIP, the stirrups of pier PRS did not buckle or 
fracture due to the enhanced stiffness of the steel 
sleeves. Also. the buckling of the flexural rebars 
was circumvented. Concrete spalling concentrated 
within the height of the grouted sleeves (32 cm), 
see Fig. 5. Of particular, relative horizontal sliding 
between the shaft and the footing was apparent 
for pier PRS and arrived as much as 20 mm. 

Fig. 5 Failure patterns of pier PRS at the lateral 
drift of 𝛿𝛿 = 3.85% (100 mm). 

3.1.3 Pier PPS-1 and PPS-2 

Slight joint opening (<1mm) was observed by piers 
PPS-1 and PPS-2 at the lateral peak drifts of 𝛿𝛿  = 
0.77% (20 mm) and 𝛿𝛿  = 0.96% (25 mm), 
respectively. The two piers remained overall 
integrity until the drift of 𝛿𝛿  = 1.92% (50 mm). 
Massive concrete spalling was initiated at the drift 
of 𝛿𝛿 = 3.65% (95 mm) for pier PPS-1 and 3.85% (100 
mm), respectively. Pier PPS-1 witnessed the 
fracture of flexural rebars at the drift of 𝛿𝛿 = 5.38% 
(140 mm), without the fracture of any stirrups or 
the buckling of flexural rebars. Its concrete damage 
concentrated within the height of the grouted 
sleeves (32 cm, see Fig. 6). On the other aspect, pier 
PPS-2 witnessed the fracture of flexural rebars at 
the drift of 𝛿𝛿 = 6.35% (165 mm). It was worthy to 
mention that the height of concrete spalling 
extended far beyond the grouted sleeves and 
arrived at 0.65 m. Moreover, the buckling of 
flexural rebars was witnessed above the sleeves, 
see Fig. 7. Moreover, neither of the two piers 
showed the joint sliding between the shaft and the 
footing.  

Fig. 6 Failure patterns of pier PPS-1 at the lateral 
drift of 𝛿𝛿 = 5.38% (140 mm). 

Fig. 7 Failure patterns of pier PPS-2 at the lateral 
drift of 𝛿𝛿 = 6.54% (170 mm). 

3.2 Strength and ductility 

Fig. 8 and Fig. 9 respectively shows experimental 
hysteretic curves and skeleton curves of tested 
piers. Meanwhile, the strength and lateral drift 
corresponding to yield point, peak point and 
ultimate point are also summarized in Table 2. In 
this study, the yield point is defined as the 
intersection point of the line connecting origin and 
the point at the skeleton curve with 75% peak 
strength, and the horizontal line passing the peak 
point [7]. 

(a) pier CIP.
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(b) pier PRS.

(c) pier PPS-1.

(d) pier PPS-2.

Fig. 8 Experimental hysteretic curves of tested 
piers. 

Fig. 9 Skeleton curves of tested piers. 

Generally, pier PRS behaved very similar to pier CIP, 
in terms of yield strength (171.84 kN vs. 158.10 kN), 
peak strength (187.31 kN vs. 184.91 kN), and 
ultimate peak drift (97.47 mm vs. 105.18 mm). 
Comparatively, bonded tendons effectively 
enhanced both strength and ductility. Specifically, 
pier PPS-1 with 0.05 𝑓𝑓𝑐𝑐𝐴𝐴𝑐𝑐  prestressing forces 
increased the yield strength, peak strength, and 
ultimate lateral drift by 46.4%, 49.2%, and 34.9%, 
respectively, compared to the pier CIP. Additional 
0.10 𝑓𝑓𝑐𝑐𝐴𝐴𝑐𝑐  prestressing force for pier PPS-2 
witnessed more significant enhancements, namely 
69.9% in yield strength, 68.2% in peak strength, 
and 57.6% in ultimate lateral drift. 

Table 2. Comparisons of performance variables. 

Pier 

Yield point Peak point Failure point 

𝜹𝜹𝒚𝒚 

[%] 

𝑭𝑭𝒚𝒚 

[kN] 

𝜹𝜹𝒑𝒑 

[%] 

𝑭𝑭𝒑𝒑 

[kN] 

𝜹𝜹𝒖𝒖 

[%] 

𝑭𝑭𝒖𝒖 

[kN] 
CIP 0.8 158.1 2.8 184.9 4.1 147.9 
PRS 1.5 171.8 2.6 187.3 3.8 157.5 

PPS-1 1.2 231.9 2.9 275.3 5.4 220.7 
PPS-2 2.0 267.3 4.0 315.2 6.4 252.1 

4 Numerical model 

4.1 FE model description 

The fiber-based FE models was constructed relying 
on the OpenSees software [8], which provides 
plentiful material models and element types. 
Totally four element types are adopted for the 
tested piers (Fig. 10), as: 

 Type I: fiber beam-column elements for the
shaft.

 Type II: Truss elements for bonded prestressing
tendons.

 Type III: A zero-length rotational spring for the
bond-slip behavior between rebars and
concrete/grouted mortar.

 Type IV: A zero-length sliding spring for shear-
induced joint sliding between the shaft segment
and the footing.

It is highlighted that types II, III and IV elements are 
only adopted for piers PRS, PPS-1 and PPS-2. 
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Fig. 10 Fiber-based FE models for the piers. 

Type I element adopts “fiberSec” section, 
consisting of 320 fibers for core concrete, 80 fibers 
for cover concrete and 12 fibers for flexural rebars. 
“Concrete02” and “Steel02” models are assigned to 
concrete and rebar fibers, respectively. Linear truss 
element (type II) serves as for bonded tendons, of 
which the initial stress can be activated. A zero-
length rotational spring (type III) is deliberatively 
inserted between the shaft and the footing. The 
spring adopts the “SP01” model which is effective 
in describing the bond-slip behavior between 
flexural rebars and surrounding concrete/grouted 
mortar. 

Of particular, a zero-length sliding spring (type IV) 
is proposed for the first time, targeting at the 
shear-induced joint sliding between the shaft and 
the footing. It is enlightened from pier PRS, of 
which the sliding between the shaft segment and 
the footing reached as much as 20 mm. The sliding 
spring is not intended to simulate the flexural-
shear or shear behaviors of the shaft [9], due to the 
large height-to-width ratios of the piers. The cyclic 
dowel-friction effect is implemented in the sliding 
spring. 

4.2 Model validation 

Experimental and numerical hysteretic curves are 
compared in Fig. 11 for the four piers. It can be seen 
in Fig. 11a that the conventional fiber-based FE 
model without any special treatments can 
effectively describe the pier CIP’s cyclic behaviors. 
Moreover, Fig. 11b~11c also illustrate that the 
improved fiber-based model could yield agreed 

numerical hysteric curves with respect to the 
experimental ones. It is critical to mention that the 
incorporation of the cyclic dowel-friction effect in 
pier PRS give an accurate description of the 
apparent “pinching” effect, as shown in Fig. 18b. 
Otherwise, we may get the similar numerical curve 
in Fig. 18a for pier PRS which deviates from its real 
cyclic behaviors. 

(a) pier CIP.

(b) pier PRS.

(c) pier PPS-1.
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(d) pier PPS-2.

Fig. 11  Comparison of experimental and 
numerical hysteretic curves (replot). 

5 Seismic vulnerability assessment 

5.1 Fragility curve and limit state definition 

Seismic vulnerability assessment generally adopts 
fragility functions. Analytical fragility functions are 
derived using a probabilistic seismic demand model 
(PSDM). A “scaling” approach is used to develop 
the PSDM. In this study, only the bridge pier is 
considered for simplicity (REF). The author admits 
that for accurate seismic evaluation of a bridge 
system, the bridge system consisting of bearing, 
bridge deck, abutments, pier, foundation should be 
well modeled, rather than the solely bridge piers.  

The mean value of engineering demand parameter 
(EDP, 𝑆𝑆𝐷𝐷 ) is assumed to follows a lognormal 
probability distribution [9]: 

ln(𝑆𝑆𝐷𝐷) = ln(𝑎𝑎) + 𝑏𝑏ln(𝐼𝐼𝐼𝐼) (1) 

where 𝑎𝑎 and 𝑏𝑏 are the regression coefficients, and 
𝐼𝐼𝐼𝐼  is the intensity measurement. Incremental 
dynamic analyses (IDAs) are performed to access 
the unknown parameters. Peak ground 
acceleration (PGA) is selected as the 𝐼𝐼𝐼𝐼 to describe 
the ground motion, due to its efficiency, sufficiency, 
and computability. 

Four limit (damage) states (LS) are defined to 
quantitatively evaluate the damage status of each 
bridge pier – slight, moderate, extensive and 
complete, as shown in Table 4. In this study, the 
residual drift ratio 𝛿𝛿𝑟𝑟  after the ground motion 
serves as the EDPs for the fragility assessment [10]. 

5.2 Seismic vulnerability assessment 

All the ground motions are scaled to the identical 
PGA for the IDAs. Therewith, sufficient data 
corresponding to different intensity levels can be 
generated in PSDM. In this study, the fragility 
curves of the bridge piers are generated solely 
without consideration of other components, i.e., 
superstructure, bearing.  

Fig. 11 gives the fragility curves of the four piers 
with the residual drift as EDPs. Fig. 11 shows that 
pier CIP behaves the worst among the four piers 
due to its extensive residual drift ratio. Pier PRS is 
lesser vulnerable for: 1) precast segmental piers 
inherently exbibit lesser residual drift with respect 
to pier CIP; and 2) the smaller stiffness of pier PRS 
leads to lesser seismic force and therewith smaller 
residual drift ratio. Pier PPS-1 behaves better than 
pier PRS with limited improvements, indicating that 
bonded tendons of 5% 𝑓𝑓𝑐𝑐′𝐴𝐴𝑐𝑐  prestressing force 
would not affect a pier’s residual drift significantly. 
Nevertheless, bonded tendons of 10% 𝑓𝑓𝑐𝑐′𝐴𝐴𝑐𝑐 
prestressing force witnesses the apparent 
improvement of various damage statuses of pier 
PPS-2. 

(a) slight damage.

(b) moderate damage.
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(c) extensive damage.

(d) collapse.

Fig. 12 Fragility curves of the tested bridge piers 
associated with four damage states quantified by 

residual drift. 

6 Conclusions 
This study focuses on the effects of bonded 
prestressing tendons on the seismic behaviors of 
precast segmental piers. A reversed cyclic 
displacement-control load scheme was applied to 
four piers. Furthermore, the reliable FE model is 
firstly proposed accounting for shear-slip. Some of 
the main conclusions can be drawn as: 

1. When embedded in the shaft, the grouted
sleeves apparently altered the position of the
buckling of the flexural rebars. Caution should be
paid to the transverse reinforcement above the
sleeve.

2. The conventional precast segmental piers could
reduce the residual drift, to some extent, with
respect to their CIP counterparts. However, the
prestressing force gives the precast segmental
piers significant superiority in mitigating the
residual drift level.

3. The shear-induced sliding between the precast
shaft and the footing was observed in conventional
precast segmental piers without any prestressing
tendons. Moreover, the existing of prestressing
tendons could effectively suppress the joint sliding.
The shear-induced sliding is for the first time
accounted for in the fiber-based finite element
models, which could satisfactorily agree well with
the unique pinching behaviors of pier PRS.

4. Seismic vulnerability assessment is performed
which employs the displacement ductility and
residual drift ratio. It seems pier PPS-2 with
prestressing force of 0.1𝑓𝑓𝑐𝑐′𝐴𝐴𝑐𝑐 behave much better,
whereas smaller quantities of prestressing tendons
(0.05𝑓𝑓𝑐𝑐′𝐴𝐴𝑐𝑐) bring about limited improvements.

Further studies would concentrate on a real bridge 
system with prestressing-enhanced precast 
segmental piers and the whole-life cost-benefit 
study [11]. Potential benefits would be expected in 
terms of increased strength and ductility, reduced 
residual drift, and upscaled seismic resilience. 
Prestressing tendons seems an unavoidable choice 
for precast segmental piers served in high-
seismicity areas.  
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Abstract 
A powerful earthquake occurred in Maduo, Qinghai Province, China, on May 22, 2021. Bridges at 
the earthquake-stricken area were damaged or even collapsed. Post-earthquake field investigations 
of damaged bridges were conducted by the authors during May 28-30, 2021. This is a 
reconnaissance report on the damage to two typical girder bridges near the epicenter as well as 
possible damage mechanisms. It is found that the velocity pulse effect of near-fault ground motions 
could trigger excessive longitudinal displacements and severe pounding of superstructures of long 
multi-span girder bridges. Abutments could effectively reduce longitudinal seismic damage of short 
girder bridges through providing sufficient translational restraints.   

Keywords: Maduo earthquake; reconnaissance report; damage mechanism; girder bridge; velocity 
pulse effect; near-fault ground motion; abutment. 

1 Introduction 
An earthquake struck Maduo, Qinghai Province, 
China, at 2:04 am (local time) on May 22, 2021. 
According to China Earthquake Administration 
(CEA), the magnitude of the Maduo earthquake 
was 7.4. As the most powerful earthquake 
occurred in China since the 2008 Wenchuan 
earthquake, the Maduo earthquake caused 
damage and even collapse of several bridges near 
the epicenter, resulting in severe traffic disruptions. 

Post-event field investigations on damaged bridges 
are of great significance, through which 
damage/failure mechanisms of bridges under 
seismic loads can be obtained and lessons can be 

learned for seismic design of bridges in the future. 
the Maduo earthquake happened at high altitude 
cold areas. Seasonally frozen soils and liquefiable 
soils are detected near damaged bridges. It is 
important to investigate how bridges located in 
such complex geotechnical conditions behaved 
during the earthquake.  

A reconnaissance team jointly established by 
Institude of Engineering Mechanics of CEA, Tongji 
University and Qinghai Earthquake Agency visited 
the earthquake-stricken area during May 28~30, 
2021. In this paper, the damage to two 
representative girder bridges near the epicenter: 
Yematan Second Bridge and Heihezhong Bridge, 
are reported and discussed. 
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2 Outline of Maduo earthquake 
Maduo earthquake was induced by the rupture of 
the Kunlun-Jiangcuo fault [1]. Figure 1 shows 
locations of the epicenter, fault zones and 
investigated bridges. The epicenter locates at 
approximately 38 km away from the Maduo County 
at the depth of 17 km. The highway G0631 
generally runs from northeast to southwest and 
crosses many fault zones that trend east-west (E-
W). Two investigated bridges are quite close to 
each other and locate near fault zones about 28 km 
away from the epicenter. 

Figure 1. Locations of the epicenter, fault zone 
and two investigated bridges. 

The horizontal ground motions recorded at 
Dawutai station, the nearest station to the 
epicenter (175 km), are presented in Figure 2. 
Figure 3 shows the corresponding 5%-damped 
spectra acceleration (Sa). Significant velocity pulse 
is observed in the north-south (N-S) component of 
the recorded ground motion. Besides, compared to 
the E-W component, the N-S component is found 
with smaller peak ground acceleration (PGA) but 
larger spectra acceleration at periods beyond 1 s. 

3 Typical damage of bridges 

3.1 Yematan Second bridge 

Yematan Second Bridge consists of two separate 
bridge structures for bidirectional transportation: 
the upstream bridge is 880-m in length comprising  

eleven 4 × 20 m girder bridges and the 
downstream bridge is 900-m in length comprising 
nine 5×20 m girder bridges. Figure 4 illustrates 
typical bent of Yematan Second Bridge. Pre-
stressed concrete (PC) hollow slab-girder is 
connected to the continuous deck and simply 
supported by reinforced concrete (RC) two-column 

Figure 2. Ground motions recorded at Dawutai 
Station. 

Figure 3. 5%-damped acceleration spectra of 
ground motion records 

Figure 4. Yematan Second Bridge (Unit: cm) 
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bents with extended pile-shafts through 
elastomeric bearings.  The ground soil consists of 
loose to dense sandy soils, the upper layer of which 
are seasonally frozen.  

In the longitudinal (N-S) direction, different 
damage features were observed in girder bridges 
near the south end (south abutment) and north 
end (north abutment) of Yematan Second Bridge.  
Figure 5 shows the damage observed near the 
south abutment. It was seen that south ends of the 
upstream bridge girders were about to fall from the 
support (Figure 5(a)) while south ends of seven 
downstream bridge girders had fallen to the 
ground (Figure 5(b)). Bearings supporting these 
girders were moved out from their positions and 
fell to the ground (Figure 5(c)(d)). The gap width of 
expansion joints between the south abutment and 
girder in the upstream bridge and downstream 

bridge is up to 0.58 m and 1.03 m (Figure 5(e)(f)), 
respectively. Other components of girder bridges 
near the south abutment, e.g., pavement and 
substructures, kept almost intact. Clearly, Yematan 
Second Bridge suffered extremely large 
longitudinal (northward) displacements of bridge 
decks.    

Figure 6 shows the damage observed near the 
north abutment.  Seen from Figure 6 (a)(b), the 
deck displacement near the north abutment is 
much smaller than that near the south abutment. 
Additionally, it was found that from the north to 
south, deck displacements of girder bridges 
gradually increased.  Figure 6(c)(d) display the 
damage to pavement at the end of north abutment 
approach slabs. The extrusion deformation of the 
pavement was about 0.3 m, which was induced by 
collisions between the girder and north abutment. 

Figure 5. Damage observed in the longitudinal direction of girder bridges near the south abutment 

1840



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Such severe collisions also caused concrete 
cracking and spalling of the north abutment (Figure 
6(e)(f)). Besides, collisions occurred between 
adjacent girders bridges, leading to the closure of 
expansion joints and concrete cracking/spalling of 
pavement near them, as shown in Figure 6(g)(h). 

In the transverse (E-W) direction, side blocks were 
installed at both sides of girders to restrict their 

lateral translations. Figure 7 displays the post-
earthquake state of side blocks. Cracking and 
spalling of concrete implied that the side block 
worked during the earthquake. No other damage 
was found in this direction. Apparently, damage in 
the transverse direction was less severe than that 
in the longitudinal direction. 

Figure 6. Damage observed in the longitudinal direction of girder bridges near the north abutment 
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Figure 7. Damage to side blocks 

3.2 Heihezhong bridge 

Heihezhong Bridge located about 2 km away from 
Yematan Second Bridge. It also consists of two 
separate girder bridges for bidirectional traffic, 
both of which comprise three 20-m spans. The 
girder and bents of Heihezhong Bridge are similar 
to that of Yematan Second Bridge. However, high 
damping rubber bearings are adopted instead of 
regular elastomeric bearings that installed in 
Yematan Second Bridge.  

Figure 8 shows the post-earthquake state of 
Heihezhong Bridge. It was found that the bridge 
was still serviceable without collapse of spans and 
severe damage of bridge components. Figure 9 
displays damage observed in Heihezhong Bridge. 
Merely slight concrete cracks were found at 
expansion joints, abutments and side blocks 
induced by minor collisions occurred in the 
longitudinal and transverse direction. Bridge bents 
were almost intact.  In general, Heihezhong Bridge 
behaved satisfactorily during the earthquake. 

4. Discussions on failure mechanism
Severe damage of Yematan Second Bridge may be 
attributed to the velocity pulse effect of near-
ground motions, as observed in recorded ground 
motions presented in Figure 2. Specifically, velocity 
pulses may instantaneously produce significant 
southward ground displacements, leading to 
northward relative displacements of bridge girders. 
Figure 10 shows the post-event state of telegraph 

Figure 8. Post-earthquake state of Heihezhong 
Bridge 

Figure 9. Damage of Heihezhong Bridge 
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poles near Yematan Second Bridge. Tilted 
telegraph poles indicated significant permanent 
ground deformations, which generally resulted 
from much larger instantaneous ground 
deformations.  Due to translational restraints 
provided by north abutments, girders near north 
abutments suffered less displacements but more 
severe pounding damage. The displacements of 
girders near the south abutment were extremely 
large that completely exceeded the displacement 
capacity of bearings and the seat length of girders, 
resulting in unseating of girders. Compared to the 
downstream bridge, the upstream bridge is less 
damaged. Different magnitudes of damage 
between two bridges may be attributed to the 
difference of bridge deck length (i.e., 80 m vs. 100 
m) and difference of ground motion inputs due to
the local soil liquefaction, which was observed at
regions between the upstream bridge and
downstream bridge.

As for Heihezhong Bridge, the satisfying seismic 
performance should be attributed to the 
translational restraints provided by abutments 
rather than the isolation effect of high damping 
rubber bearings. More specifically, it was found 
that the gap width of expansion joints between 
abutments and girders were quite small. In this 
regard, the longitudinal behaviour of the short 
three-span bridge was similar to that of integral 
bridges, i.e., the superstructure basically kept 
synchronous movement with the ground. In other 
words, relative displacements of girders were 
negligible and contributions of isolation bearings 
were thus quite limited. When abutments and 
backfill can overcome the inertial force of the 
superstructure, the longitudinal seismic demands 
of bridges were very small.  

Additionally, it can be conducted from the damage 
of investigated bridges that for ground motions 
near bridge sites, the intensity of N-S (longitudinal) 
component was much higher than that of the E-S 
(transverse) component. 

5. Lessons learned from the post-
earthquake reconnaissance
The velocity pulse effect of near-fault ground 
motions is not considered in the current seismic 

design practice in China [2]. It has been reported in 
several studies [3-4] that velocity pulses would 
significantly increase permanent deformations of 
structures and the probability of collapse. The 
damage to Yematan Second Bridge provided solid 
evidence on adverse effects of velocity pulses, 
which should be carefully considered for seismic 
design of bridges within a certain range from active 
faults (e.g., 6 miles recommended by AASHTO [5]) 
in the future. Additionally, for near-fault long multi-
span bridges, unseating prevention practices 
should be employed, including providing sufficient 
seat length, connecting adjacent decks, connecting 
a deck and a substructure, strengthening anchor 
bolts of bearings, and so on. The collapse of 
Yematan Second Bridge could have possibly been 
prevented if unseating prevention devices were 
provided. Moreover, the longitudinal inertial force 
of the superstructure is commonly designed to be 
overcome by bridge bents [2].  However, the 
excellent seismic performance of Heihezhong 
Bridge indicates that impacts of abutments on 
longitudinal seismic demands should be 
incorporated, especially for girder bridges with 
limited span number and length.  

6. Conclusions
This paper reports the damage of Yemetan Second 
Bridge and Heihezhong Bridge during the Maduo 
earthquake. Main findings are summarized below: 

(1) Yematan Second Bridge suffered from excessive
longitudinal displacements of girders, which
resulted in collapse of spans and severe girder-
girder and girder-abutment collisions. Such
extremely large girder displacements may be
attributed to the significant ground deformations
induced by the velocity pulse effect of near-fault
ground motions.

Figure 10. Tilted telegraph poles near Yematan 
Second Bridge 
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(2) Heihezhong Bridge behaved satisfactorily
during the earthquake, which can be attributed to
the translational restraints provided by abutments.

(3) For seismic design of near-fault bridges in the
future, velocity pulses should be carefully
considered and unseating prevention
devices/practice should be employed, especially
for long multi-span girder bridges. Besides,
contributions of abutments in reducing
longitudinal seismic demands should be well
considered, especially for short girder bridges.

It should be noted that findings of this study are 
based on damage features of investigated bridges, 
ground motion records and authors’ engineering 
judgements. Rigorous numerical and experimental 
studies are required in the future to support these 
findings and further reveal the seismic behavior as 
well as failure mechanism of investigated bridges. 
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Abstract 
Foundation scour phenomenon is the result of the water current erosion, which could lead to the 
removal of streambed materials around the foundation of bridge pier or abutment. The structural 
damage caused by foundation scour usually has no obvious foreboding. It will easily lead to bridge 
collapse without early warning. Therefore, it is necessary to conduct the real-time monitoring of 
the foundation scour for bridges. This paper proposed an ultrasonic-based scour monitoring 
method for the bridge foundation. The local scour test model based on ultrasonic wave method is 
established by using the glass box in the laboratory. In the test, the possible scour pit is simulated 
by shaping the fine gravel in the glass box.  An acoustic detector made by our research group was 
used for signal transmitter and receiver in the test. In addition, the influence of different 
inclination angles of the scour pit on monitoring result is also investigated in this study. 

Keywords: bridge; foundation; scour; monitoring; ultrasonic wave. 

1 Introduction 
The bridge number of China is increasing day by 
day with our rapid economic development. 
Meanwhile, the corresponding number of bridge 
collapses is also increasing in past decades[1]. One 
of the main causes of bridge collapses or severe 
damages is the bridge foundation scouring. Liu et 
al. [2] have made the statistics on the bridge 
collapses due to flood scouring in China from 2007 
to 2015. Their research found that of the 44 
bridges damaged by flood-induced scouring, only 
two bridges were older than 50 years. In another 
words, when most of collapsed bridges lost their 
structural functions, they were far from reaching 
their design service life. Recently, Xiong et al. [3] 
summarized the existing research achievements 
and methods of hydraulic bridge failure and 
indicated that scour is the primary cause of 

hydraulic bridge failure, principally resulting in the 
failure of beam, truss, and arch bridges. The scour 
degree of the bridge is significantly correlated to 
service time, structural state, and annual mean 
runoff. In addition, the flood-Induced scouring 
was also deeded to be the main cause of bridge 
failure around the word[4-6]. 

In fact, the soil and riverbed around the bridge 
foundation will form a continuously developing 
scour pit under the action of flood scouring effect. 
It would further decrease the bearing capacity of 
the bridge foundation. Usually, the flood-induced 
scour failure mode of the bridge foundation is 
very sudden and so difficult to monitor in extreme 
flood event. In order to identify the actual scour 
depth in time during the bridge’s service life, it is 
necessary to assess and evaluate the bridge safety 
through in-time monitoring. Many scholars at 
home and abroad have studied the scour depth 
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monitoring methods of bridge foundation. Zhou et 
al. [7] applied the multi-beam detection system 
based on ultrasonic method to the scouring 
monitoring of the main tower pier foundation of 
Sutong Bridge. Forde et al. [8] used the 
geophysical methods to determine the riverbed 
profile under the river water. They obtained the 
shape of scouring pit below the riverbed water 
level. Lin et al. [9] developed an innovative bridge 
scour monitoring system using Fiber Bragg grating 
(FBG) sensors. Fisher et al [10] used the acoustic 
detector installed on the pier below the water 
level to establish a continuous riverbed profile 
through ultrasound to monitor the scouring depth 
over time.  In general, the ultrasonic wave method 
is deemed to be the current main methods of 
bridge scour monitoring. 

In this paper, the ultrasonic principle is applied to 
monitoring the local scour of bridge foundation. 
An acoustic detector made by our research group 
was used for signal transmitter and receiver in the 
test. Based on monitoring data, the influence of 
different inclination angles of the scour pit on 
monitoring result is investigated and analysed in 
this study. In addition, the peak value calculation 
method is proposed to reduce the error of the 
measurement results. 

2 Ultrasonic test principle 
The ultrasonic monitoring method is based on the 
principle of the pulse echo method. The ultrasonic 
sensor is used as the signal transmitter and 
receiver at the same time. The transmitter 
transmits a pulse signal, so that the ultrasonic 
signal propagates in the material, and is scattered 
or reflected by the interface or interior of the 
object, and the receiver receives the echo signal. 
As shown in Figure 1, the acoustic impedance of 
both sides of the boundary (water and soil) are 𝑍𝑍1 
and 𝑍𝑍2, respectively. According to the relationship 
between sound pressure and sound intensity, the 
expressions of sound intensity reflectivity R and 
transmittance T can be obtained as follows: 

𝑅𝑅 = �
Z2 − Z1
Z2 + Z1

�
2

(1) 

𝑇𝑇 =
4Z1Z2

(Z1 + Z2)2 (2) 

It can be seen from the above equation that the 
greater the difference in acoustic impedance 
between the two materials on both sides of the 
boundary, the greater the percentage of energy 
reflected at the interface.  According to research 
of Hamilton et al. [11], the acoustic impedance of 
sediments in different environments ranges from 
2 × 103MPa/s  to 4 × 103MPa/s  from sandy 
gravel to silty clay. But the corresponding acoustic 
impedance of water is 1.48 × 103MPa/s . 
Obviously, the difference in acoustic impedance 
between water and sediments will cause the 
ultrasonic wave to reflect significantly at their 
interface. The reflected wave is received by the 
receiving sensor and converted into an electrical 
signal, which is then amplified by the oscilloscope 
to the screen.  Figure 1 shows the basic principle 
of ultrasonic monitoring method. In Figure 1, 𝐷𝐷 is 
the horizontal distance of two transducers,  𝐻𝐻 is 
water depth from transducer to the riverbed 
(upper interface of soil or rock).  

𝐻𝐻 = 𝐿𝐿 𝑐𝑐𝑐𝑐𝑐𝑐 𝛼𝛼 = 𝐿𝐿 𝑐𝑐𝑐𝑐𝑐𝑐[𝑎𝑎𝑎𝑎𝑐𝑐𝑎𝑎𝑎𝑎𝑎𝑎(𝐷𝐷/2𝐿𝐿)]     (3) 

The distance of a round trip for the acoustic 
transiting can be calculated as： 

 2𝐿𝐿 = 𝑣𝑣𝑎𝑎           (4) 

Where 𝑣𝑣 is wave velocity, t  is the acoustic transit 
time. Normally, 𝐻𝐻 is far larger than 𝐷𝐷,  therefore, 
the location of the interface is the direct 
measurement of the scour depth, which can be 
obtained by multiplying the speed of the sound 
wave in water by one-half the time difference 
between the transmitted signal and the received 
signal, as follows: 

𝐻𝐻 ≈ 𝐿𝐿= 𝑡𝑡
2
𝑣𝑣    (5) 

Figure 1. Principle of ultrasonic monitoring method 
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3 Experiment process 
Because the propagation properties of ultrasonic 
wave on different interface inclination angles are 
different, it will bring errors to the monitoring 
results of ultrasonic monitoring. The scour depth 
of the bridge foundation monitored after the 
flood is not "real". In this section, the ultrasonic 
monitoring experiment is carried out in a glass box 
in the laboratory, in order to research the 
influence of the inclination angle on the test 
monitoring results.  

3.1 Test setup 

The propagation of ultrasonic wave between 
different media or materials will be affected by 
acoustic impedance. As mentioned previously, 
from gravel to clay, the acoustic impedance of 
sediments could increase from 2 × 103MPa/s to 
4 × 103MPa/s . It means that the acoustic 
intensity reflectivity at the interface between 
water and scouring pit is between 3% and 20%. In 
order to ensure the signal strength of the echo, 
the sound intensity reflectivity needs to be more 
than 15%. Under the condition of meeting the 
intensity of echo signal, this section designed the 
following experimental device. 

Figure 2.  Experimental setup 

As shown in Figure 2, a monitoring platform is 
built in a glass box with a size of 0.8m x 0.6m x 
0.4m. The right wall of the glass box can used to 
simulate the pile shaft or pier wall. The front wall 
of the glass box is provided with a transparent 
scale for convenient measurement, which is used 
to accurately read the specific data of the 
measuring point. The box is paved with clean 

gravel, and scouring pits with various inclined 
angles can be accumulated. 

Figure 3. Monitoring instrument 

The ultrasonic testing device mainly includes three 
parts. The first part is the acoustic detection 
instrument. Because the ultrasonic frequency has 
a great impact on the monitoring effect, the high-
frequency ultrasonic with high sensitivity, good 
accuracy and strong resolution is selected in this 
test. The monitoring instrument adopts the high-
frequency nonlinear acoustic detector developed 
by the research group, as shown in Figure 3(a). 
The excitation probe of the instrument can 
transmit ultrasonic signal and receive and display 
echo waveform. The second part is the ultrasonic 
transducer, which adopts the self transmitting and 
self receiving ultrasonic piezoelectric transducer 
that is independently developed by the research 
group, as shown in Figure 3(b). The third part is 
the fixed bench. The snap ring can be used to fix 
the ultrasonic probe to the bench. The snap ring is 
tied with a perpendicular calibrator to control the 
ultrasonic probe head to remain perpendicular to 
the water surface. The bottom of the bench can 
move back and forth, left and right, and the snap 
ring can move left and right, which is convenient 
for monitoring the measuring points required. 

3.2 Calibration of wave velocity 

When ultrasonic wave is used to determine the 
scouring depth, the accuracy of the results will be 
affected by the interface reflection effect and the 
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propagation speed of sound wave in water. Since 
the ultrasonic wave velocity is different in 
different water temperatures, in order to ensure 
more accurate monitoring results, it is necessary 
to determine the specific ultrasonic wave velocity 
under the test conditions. 

The determination test of wave velocity in water is 
carried out in the built glass box. Clean gravel with 
a thickness of 30cm is paved in the glass box to 
simulate the riverbed. The water level in the box is 
added to the height of 45.5cm. Fix the ultrasonic 
probe with snap ring and place it perpendicular to 
the water surface so that the probe head just goes 
below the water surface. It should be noted that 
the bubbles at the bottom of the probe should be 
cleaned in advance; otherwise the sensitivity of 
the instrument will be reduced.  

Figure 4. Wave velocity testing case 

After the fixed ultrasonic probe is connected to 
the acoustic instrument, the data acquisition of 
the measuring point can be started. As shown in 
Figure 4, the single mark point is pasted every 5cm, 
but the measuring point is taken every 10cm. 
Therefore, 7 measuring points in each row, and 
four rows are arranged along the width direction. 
There are 28 measuring points in total, and each 
measuring point is measured three times. After 
detection, the obtained echo waveform is first 
low-pass filtered and then processed and analyzed, 
so as to eliminate the waveform burr, make the 
waveform curve smoother and make the take-off 
point of echo easier to read. Then read the echo 
arrival time of each measuring point, and calculate 
the actual sound velocity combined with the 
measured distance. Finally, a statistical analysis 
was conducted to the wave velocities of 28 test 
points, as shown in Figure 5.  Obviously, the 
measured wave velocity in test follows the normal 
distribution with mean value is equal to 1458m/s. 

Therefore, 𝑣𝑣 = 1458m/s  is taken as the 
ultrasonic wave velocity in water under the test 
conditions in subsequent section. 

Figure 5. Statistic result of 28 test points 

3.3 Influence of inclination angles 

According to the ultrasonic test principle, if the 
incident sound wave is perpendicular to the 
interface boundary, the reflected sound wave will 
return to the probe in the opposite direction. 
Otherwise, the incident sound wave is inclined to 
the interface boundary, the reflected sound wave 
is reflected on the other side of the normal by the 
same degree as the angle between the incident 
sound wave and the interface normal.  Practically, 
the surface of the real riverbed is not an ideal 
plane, but an inclined undulating rough interface. 
It can be simplified as a plane with different 
inclination angles of each section. Therefore, this 
test will study the influence of inclination on the 
monitoring results by setting interfaces with 
different inclination angles. 

Firstly, the simulated scour pits with angles of 45° 
and 60° were built with clean gravel, as shown in 
Figure. 6. Then, starting from the right of the glass 
wall, the test point is set up every 5cm along two 
horizontal directions. Then, a total of 32 test 
points in 4 rows and 8 columns are set in the 45° 
test case (Figure 6(a)), and 40 test points in 4 rows 
and 10 columns are set in the 60° test case (Figure 
6(b)). Finally, the echo numbers of measuring 
points under 45° scouring pit interface and 60° 
scouring pit interface are processed and analyzed 
respectively. The water depth along the width 
direction at each test point is basically the same 
and the waveform data in the same column are 
also very similar. Therefore, only the six columns 
of waveform data in row 1 were measured and 
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analysed for two test cases. The test points are 
shown in Figure 6. 

Figure 6. Test cases with different dip angle 

The original waveforms obtained from the test are 
processed by low-pass filtering. The time-domain 
diagram of the experimental data for 6 selected 
test points from the simulated riverbed to the 
slope of the scouring pit are shown in Figure. 7 
and Figure. 8. In the gentle section, the bottom of 
the echo waveform first arrived at the measuring 
point is narrow, the number of wave packets of 
the waveform is small, and the attenuation is fast. 
The first echo of the test point on the inclined 
section is not as steep and narrow as the plane 
reflected wave. Its bottom is relatively wide, and 
the number of echo packets is relatively large. 
With the gradual increase of the depth of the 
measuring point, the peak with the highest peak 
will move backward, and the whole attenuation is 
slower than the plane reflected wave. 

The acoustic pulse produced by the ultrasonic 
sensor has good directivity. The emitted sound 
energy is mainly concentrated in the main beam, 
and the acoustic energy found in the side lobe of 
the sound field is very small. As shown in Figure 9, 
since almost only the main speckle area plays a 
key role in the echo in the whole acoustic speckle, 
only the main speckle area can be considered in 
echo analysis [12]. For the received sound wave 
reflected on the inclined plane, the number of 
wave packets will be more than that reflected on 
the flat plane. The designed test points were set 
on the central axis of the probe, where the echo 
signal strength will be higher, and the echo arrival 

time of the test point can be easily read in the 
waveform diagram. 

Figure 7. Time-domain diagram of the 
experimental data when 𝜃𝜃 = 45° 

Figure 8. Time-domain diagram of the 
experimental data when 𝜃𝜃 = 60° 
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Figure 9. Schematic diagram of interface acoustic 
speckle and main speckle for different cases 

Based on previous ultrasonic test principle, the 
test data is applied the determine the monitored 
water depths under two test cases (𝜃𝜃 = 45° and 
𝜃𝜃 = 60°). Figure 10 shows the relative error of 
ultrasonic test for 16 test point on inclined plane 
(see Figure 6) by comparing with the realistic 
water depths measured with the ruler. It can be 
seen the maximum relative error of the test point 
is close to 20%. In addition, with the decrease of 
the angle of cline plane, the relative error also 
decreases. To sum up, when the inclination angle 
of inclined plane is large, it will bring large error. 

Figure 10. Measurement error analysis 

3.4 Peak calculation method application 

The main speckle generated by the ultrasonic 
wave under the inclined interface is an ovoid 
shape, rather than a circle shape under the flat 
plane, as shown in Figure 9. Obviously, the greater 
the inclination, the longer the ovoid shape will be 
pulled. When the ultrasonic wave is incident on 
the inclined plane, point E in the speckle area is 
closest to the probe head (receiving transducer). 
Then it successively reaches various places in the 
speckle area along the direction of EF section (see 

Figure 9). Different from the flat plane, the 
maximum pressure point of the acoustic wave on 
the inclined scouring pit interface changes from P 
to S. Therefore, the acoustic pulse will reach the 
inclined plane for a period, and a series of acoustic 
pulses will be generated in the EP section. Since 
point S is the place with the largest sound 
pressure, the incident sound pressure should 
show a downward trend in the SP section. 
However, point P locates in the central axis, the 
downward trend is very slow, and the high-
frequency component of sound wave will increase 
rapidly at point P. Then, the rapid decrease of the 
incident sound pressure and the probe head 
gradually away from the place where the pulse is 
generated lead to the rapid decrease of the pulse 
in the PF section, and the echo also shows a 
downward trend. 

Figure 11. Schematic of peak calculation method 

In fact, point P is the realistic point needs to be 
monitored in ultrasonic test process. According to 
the above analysis, the superposition of pulses 
formed in EP section will make the echo rise all 
the time, but the echo after point P shows a 
downward trend. It means that the peak of the 
echo appears at point P. Therefore, when 
calculating the scour depth, the two in-phase 
points can be the peak point of transmitted pulse 
amplitude and the peak point of echo. The 
method for echo analysis was named “peak 
calculation method” [12]. Figure 11 shows the 
schematic diagram of this method. Based on the 
peak calculation method, the ultrasonic test data 
in the case of inclined plane can be modified and 
applied to determine the monitored water depths 
under two test cases (θ=45° and θ=60°). Figure 12 
shows the relative error of ultrasonic test for 16 
test point on inclined plane by comparing with the 
realistic water depths measured with the ruler. 
Although the error still increases with the increase 
of inclination angle, the relative errors in two test 
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cases are less than 5%, which is much less than 
that without using the peak calculation method 
(compared with Figure 9.). It should be noted that 
in actual conditions of underwater riverbed, the 
underwater surface is often rough, so part of the 
energy at different angles can also be returned to 
the transducer, and more echo signals will be 
displayed on the oscilloscope. Therefore, the 
above investigation shows that the peak 
calculation method can reduce the error and 
improve the accuracy of the monitoring results. 

Figure 12. Measurement error analysis based on 
the peak calculation method 

4 Conclusions 
This paper adopts the acoustic detector developed 
by research group for local scour monitoring of 
bridge foundation, and investigates the influence 
of different inclination angles of the scour pit on 
monitoring result. It is concluded that the first 
echo of the test point on the inclined section is 
not as steep and narrow as the plane reflected 
wave. With the gradual increase of the depth of 
the measuring point, the peak with the highest 
peak will move backward, and the whole 
attenuation is slower than the plane reflected 
wave. In addition, the peak calculation method 
can greatly reduce the error of the measurement 
results and enhance the monitoring accuracy. 
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Abstract 
In this paper, an inerter is incorporated into the conventional TMD system, and the performance of 
the novel inerter-based system, namely tuned mass damper inerter (TMDI), for the VIV mitigation 
of long-span bridges has been studied. A suspension bridge is taken as a numerical example to verify 
the performance of TMDI, and the optimal parameters of TMDI are determined by the genetic 
algorithm. A parametric analysis of the control effect of TMDI is conducted to investigate the 
influence of the mass ratio and inertance ratio of TMDI on its static deformation, control effect, 
stroke and control force. The results show that with the same mass ratio, TMDI is slightly less 
effective than TMD, but it can still significantly reduce the vibration amplitude of the bridge deck. 
The static deformation and stroke of TMDI are much smaller than that of TMD, which saves 
installation space and makes it more suitable for the vertical vibration control of long-span bridges. 

Keywords: long-span bridge; vortex-induced vibration; tuned mass damper inerter; vibration 
control. 

1 Introduction 
With the technical advancement of bridge 
construction, long-span bridges become more and 
more flexible, thus the abnormal vibration of 
bridges occurs frequently at low wind velocity. 
Vortex-induced vibration (VIV), a typical wind-
induced vibration, has a great influence on driving 
comfort and safety, and a lot of control schemes 
have been devoted to the problem. Tuned mass 
damper (TMD) is one of the most effective schemes 
and has been widely adopted in long-span bridges 
due to its reliability. However, the application of 
TMD on the vertical low-frequency VIV control of 
bridges is limited since the static deformation is 
excessive. 

Recently, a novel two-terminal device named 
inerter was applied to the vibration control of 
engineering structures. Smith [1] first proposed the 
concept of inerter in 2002. Ikago et al. [2] proposed 
a new seismic control device, tuned viscous mass 
damper (TVMD), and derived a closed-form 
optimum design for the TVMD vibration control 
system. Garrido et al. [3] proposed a rotational 
inertia double-tuned mass damper (RIDTMD) by 
replacing the viscous damper in conventional TMD 
with the TVMD. They demonstrated that RIDTMD 
is more effective at the same mass ratio, especially 
near the resonant frequency, and the suppression 
band is wider than TMD. Marian and Giaralis [4] 
introduced inerter into TMD to achieve enhanced 
performance in mitigating the response of the 
primary structure subjected to white noise 
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excitation. Giaralis and Pertrini [5,6] used TMDI to 
control the wind-induced vibration of tall buildings 
and considered the effect of inerter location. Their 
results indicated that TMDI can achieve the same 
control effect using a significantly smaller attached 
mass than TMD. Hu and Chen [7] compared the H∞ 
and H2 performance of six topologies of inerter-
based dynamic vibration absorbers (IDVAs). Xu et 
al. [8,9] used TMDI to mitigate the VIV of long-span 
bridges and studied the control performance and 
robustness of the TMDI system. Dai et al. [10] 
investigated the control effect of TMDI with various 
inerter locations for mitigating the VIV in long-span 
bridges.  

In this paper, TMDI is used to mitigate the VIV of 
the suspension bridge. The arrangement of this 
paper is as follows. In Section 2, the governing 
equations for the bridge-TMDI system subjected to 
the VIV are established. In Section 3, the optimal 
parameters of TMDI are determined by the genetic 
algorithm, and the influence of the mass ratio and 
inertance ratio of TMDI on its optimal parameters, 
control effect and static deformation is 
investigated. In Section 4, a suspension bridge is 
taken as a numerical example to verify the 
performance of TMDI, and the stroke of the mass 
block and control force of TMDI and TMD are 
compared in the time domain. Finally, Section 5 
summarizes the main conclusions of this work. 

2 Governing equations of the bridge-
TMDI system 

Figure 1. Bridge-TMDI system 

As shown in Figure 1, a TMDI is used to suppress 
the vibration of a bridge, and the equations of 
motion for the whole system are 

𝑚𝑚(𝑥𝑥) 
𝜕𝜕2𝑦𝑦
𝜕𝜕𝑡𝑡2

+ 𝑐𝑐(𝑥𝑥)
𝜕𝜕𝑦𝑦
𝜕𝜕𝑡𝑡

+
𝜕𝜕
𝜕𝜕𝑥𝑥2 �

𝐸𝐸𝐸𝐸(𝑥𝑥)
𝜕𝜕2𝑦𝑦
𝜕𝜕𝑥𝑥2�

 

= 𝑓𝑓(𝑥𝑥, 𝑡𝑡) −𝑚𝑚𝑡𝑡(�̈�𝑦𝑡𝑡 + �̈�𝑦) 

(1) 

𝑚𝑚𝑡𝑡(�̈�𝑦𝑡𝑡 + �̈�𝑦) + 𝑐𝑐𝑡𝑡�̇�𝑦𝑡𝑡 + 𝑘𝑘𝑡𝑡𝑦𝑦𝑡𝑡 + 𝑏𝑏�̈�𝑦𝑡𝑡 = 0 (2) 

where 𝑚𝑚, 𝑐𝑐  and 𝐸𝐸𝐸𝐸  are the mass per unit length, 
damping and flexural stiffness; 𝑦𝑦  is the 
displacement of the bridge deck; 𝑚𝑚𝑡𝑡, 𝑐𝑐𝑡𝑡 and 𝑘𝑘𝑡𝑡 are 
the mass, damping and stiffness of the TMDI; 𝑦𝑦𝑡𝑡 is 
the relative displacement between the TMDI and 
the bridge deck; 𝑓𝑓(𝑥𝑥, 𝑡𝑡) is the external force. 

Since the VIV in bridges is always dominated by a 
single mode, i.e., 𝑦𝑦 = 𝜙𝜙(𝑥𝑥)𝑞𝑞(𝑡𝑡), Eqns. (1) and (2) 
can be written in the modal coordinate as follows: 

�̈�𝑞1 + 2𝜉𝜉1𝜔𝜔1�̇�𝑞1 + 𝜔𝜔12𝑞𝑞1 + 𝜇𝜇(�̈�𝑞1 + �̈�𝑞2) =
𝐹𝐹(𝑡𝑡)
𝑚𝑚1

 (3) 

(1 + 𝛿𝛿)�̈�𝑞2 + 2(1 + 𝛿𝛿)𝜉𝜉2𝜔𝜔2�̇�𝑞2
+ (1 + 𝛿𝛿)𝜔𝜔2

2𝑞𝑞2 + �̈�𝑞1 = 0 (4)

where 𝜙𝜙 is the vertical mode shape of the deck; 𝑞𝑞1 
and 𝑞𝑞2 is the generalized coordinates of the deck 
and the TMDI, respectively; 𝑚𝑚1, 𝜉𝜉1 and 𝜔𝜔1 are the 
modal mass, damping ratio and frequency of the 
deck; 𝑚𝑚2  is the mass of the TMDI; 𝜉𝜉2 = 𝑐𝑐2/
(2(𝑚𝑚2 + 𝑏𝑏)𝜔𝜔2)  and 𝜔𝜔2 = �𝑘𝑘2/(𝑚𝑚2 + 𝑏𝑏)  are the 
damping ratio and frequency of the TMDI;  𝜇𝜇 =
𝑚𝑚2𝜙𝜙2(𝑥𝑥0)/𝑚𝑚1  denotes the mass ratio; 𝜙𝜙(𝑥𝑥0)  is 
the modal value of the deck at the TMDI position; 
𝛿𝛿 = 𝑏𝑏/𝑚𝑚2 denotes the inertance ratio. 

The semi-empirical nonlinear model proposed by 
Scanlan is used to simulate the vortex-induced 
force on the bridge deck. The nonlinear model is 
written as 

𝐹𝐹𝑣𝑣 =
1
2
𝜌𝜌𝑈𝑈2(2𝐵𝐵)�𝑌𝑌1(𝐾𝐾𝐿𝐿)�1 − 𝜀𝜀(𝐾𝐾𝐿𝐿)

𝑦𝑦2

𝐵𝐵2�
�̇�𝑦
𝑈𝑈

+ 𝑌𝑌2(𝐾𝐾𝐿𝐿)
𝑦𝑦
𝐵𝐵

+
1
2
𝐶𝐶𝐿𝐿(𝐾𝐾𝐿𝐿) sin(𝜔𝜔𝑡𝑡 + 𝜃𝜃)� (5) 

where 𝜌𝜌  is the air density; 𝑈𝑈  is the mean wind 
velocity; 𝐵𝐵  is the feature dimension of the 
structure; 𝐾𝐾𝐿𝐿 = 𝜔𝜔𝐵𝐵/𝑈𝑈  is the reduced frequency; 
𝑌𝑌1, 𝑌𝑌2 and 𝜀𝜀 are the aerodynamic parameters; 𝐶𝐶𝐿𝐿 is 
the lift coefficient; 𝜔𝜔  and 𝜃𝜃  are the vortex-
shedding frequency and the initial phase. 

In the lock-in region, the contribution of the 
harmonic force could be neglected, and at the 
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same time the 𝑌𝑌2  is approximately equal to zero 
[11]. Thus, Eqn. (3) can be expressed as 

�̈�𝑞1 + 2𝜉𝜉1𝜔𝜔1�̇�𝑞1 + 𝜔𝜔12𝑞𝑞1 + 𝜇𝜇(�̈�𝑞1 + �̈�𝑞2) 

=
𝜌𝜌𝑈𝑈𝐵𝐵𝑌𝑌1
𝑚𝑚1

(𝛼𝛼2 − 𝜀𝜀�̅�𝛼4𝑞𝑞12)�̇�𝑞1 
(6) 

where 𝛼𝛼2 = ∫ 𝜙𝜙2(𝑥𝑥)𝐿𝐿
0 d𝑥𝑥 ; 𝛼𝛼4 = ∫ 𝜙𝜙4(𝑥𝑥)𝐿𝐿

0 d𝑥𝑥 ; 𝜀𝜀̅ =
𝜀𝜀
𝐵𝐵2

. 

The bridge-TMDI system under the vortex-induced 
force can be assumed to be in a quasi-steady state 

𝑞𝑞1(𝑡𝑡) = 𝛬𝛬1𝑒𝑒𝑖𝑖𝑖𝑖𝑡𝑡 (7) 

𝑞𝑞2(𝑡𝑡) = 𝛬𝛬2 𝑒𝑒𝑖𝑖𝑖𝑖𝑡𝑡 (8) 

where 𝛬𝛬1  and 𝛬𝛬2  are the complex amplitudes of 
the deck and the TMDI. 

Substituting Eqns. (7) and (8) into Eqns. (4) and (6) 

𝛬𝛬2/𝛬𝛬1 = 𝜁𝜁 + 𝑖𝑖𝑖𝑖 (9) 

where 

𝜁𝜁 =
𝜆𝜆2(𝑓𝑓2 − 𝜆𝜆2)

(1 + 𝛿𝛿)[(𝑓𝑓2 − 𝜆𝜆2)2 + (2𝜉𝜉2𝑓𝑓𝜆𝜆)2]
(10) 

𝑖𝑖 =
−𝜆𝜆2(2𝜉𝜉2𝑓𝑓𝜆𝜆)

(1 + 𝛿𝛿)[(𝑓𝑓2 − 𝜆𝜆2)2 + (2𝜉𝜉2𝑓𝑓𝜆𝜆)2]
(11) 

where 𝑓𝑓 = 𝜔𝜔2/𝜔𝜔1  is the frequency ratio; 𝜆𝜆 = 𝜔𝜔/
𝜔𝜔1 is the forced frequency ratio. 

In this paper, the Krylov Bogoliubov method is used 
for analysis, then the amplitude can be written as 

𝑎𝑎 = 2�
𝛼𝛼2
𝜀𝜀�̅�𝛼4

�1 −
2𝑚𝑚1𝜔𝜔1(𝜉𝜉1 + 𝛽𝛽𝑒𝑒)

𝛼𝛼2𝜌𝜌𝑈𝑈𝐵𝐵𝑌𝑌1
 (12) 

where 𝛽𝛽𝑒𝑒 = −𝜇𝜇𝜆𝜆𝑖𝑖/2  is the equivalent damping 
ratio added to the bridge by TMDI. 

The equivalent damping ratio of the TMDI and the 
displacement ratio can be calculated according to 
Eqns. (13) and (14), as long as the mass ratio 𝜇𝜇, the 
inertance ratio 𝛿𝛿 , the frequency ratio 𝑓𝑓  and the 
damping ratio of the TMDI 𝜉𝜉2 are determined. 

𝛽𝛽𝑒𝑒 = −
𝜇𝜇𝜆𝜆𝑖𝑖

2
(13) 

𝐴𝐴𝑡𝑡𝑡𝑡 = �
𝑞𝑞2
𝑞𝑞1
�
max

= �𝜁𝜁2 + 𝑖𝑖2 (14) 

3 Parameter optimization and 
analysis of the TMDI system 

3.1 Performance of TMDI 

Since the closed-form solutions of TMD for damped 
primary structure can not be derived [12], 
numerical methods are generally used to solve 
such issues. In the present study, a genetic 
algorithm is adopted to determine the optimal 
parameters of TMDI for VIV suppression. 

For given mass ratio 𝜇𝜇  and inertance ratio 𝛿𝛿 , the 
optimization objective is to minimize the maximum 
magnitude of the dynamic amplification factor.  

min
𝑓𝑓,𝜉𝜉

max
𝜆𝜆

𝐷𝐷𝐴𝐴𝐹𝐹 (15) 

Since the damping ratio of a flexible structure is 
generally small, 𝜉𝜉𝑠𝑠 = 0.5% is taken in this paper. 
Figure 2 shows the optimum parameters and the 
control effect of TMDI. The dynamic amplification 
factor of the primary structure with/without 
control is depicted in Figure 3.  

It can be seen that the optimum frequency ratio 
increases and the optimum damping ratio 
decreases with the increase of the inertance ratio. 
For a particular mass ratio, the dynamic 
amplification slightly increases with the increase of 
the inertance ratio. This is because the introduction 
of the inerter prevents the motion of the mass 
block and the transfer of energy from the primary 
structure to the mass block. From another, 
although TMDI is slightly less effective than TMD, 
TMDI can significantly reduce the vibration of the 
primary structure if the inertance ratio is properly 
selected. As shown in Figure 2(d), similar to the 
conventional TMD system, the control effect is 
more excellent when the mass ratio is larger. 
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(a) optimum frequency ratio (b) optimum damping ratio

(c) optimum dynamic amplification factor (d) optimum dynamic amplification factor

Figure 2. Optimum design parameters and control effect of TMDI varying with 𝜇𝜇 and 𝛿𝛿 

3.2 Static deformation comparison of TMDI 
and TMD systems 

Long-span bridges generally adopt streamlined 
deck shapes, which makes the vertical installation 
space within the deck limited. Therefore, in the 
design of the TMD system, not only the control 
effect but also the static deformation of spring due 
to gravity should be considered. The static 
deformation of TMDI can be expressed as 

𝑥𝑥0𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇 =
𝑚𝑚𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑔𝑔
𝑘𝑘𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇

=
𝑔𝑔

(1 + 𝛿𝛿)𝜔𝜔𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇
2  (16) 

where 𝑚𝑚𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇 , 𝑘𝑘𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇  and 𝜔𝜔𝑇𝑇𝑇𝑇𝑇𝑇𝑇𝑇  are the mass, 
stiffness and frequency of TMDI, respectively; 𝑔𝑔 is 
the gravitational acceleration. 

According to Eqn. (16), the static deformation has 
no relation to the mass and is uniquely determined 
by the frequency of TMD/TMDI, which is close to 
the natural frequency of the bridge. Figure 4 shows 

the influence of the inertance ratio on the static 
deformation of spring. As shown, the static 
deformation of spring decreases significantly with 
the increase of the inertance ratio. For the long-
span suspension bridge with the vertical bending 
vibration frequency of 0.2815 Hz, the static 
deformation of TMD is 3.20 m with the optimum 
parameters, so the TMD (with 𝜇𝜇 = 0.01 ) cannot 
meet the installation space limitation. However, 
the static deformation of TMDI (with 𝜇𝜇 = 0.01 , 
𝛿𝛿 = 2 ) is 1.06 m, which greatly reduces the 
installation space. Thus, TMDI has broad 
application prospects in vertical low-frequency 
vibration control of long-span bridges. 

4 Numerical example 

4.1 Bridge model 

The numerical example of an 888 m suspension 
bridge called Humen Bridge, with a height of 3 m 
and width of 35.6 m section, is used to illustrate the 
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efficiency of TMDI in the VIV mitigation, as shown 
in Figure 5. The VIV occurred in the main girder of 
Humen Bridge, which seriously affected driving 
comfort and safety. The measured data show that 
the third-, fourth- and fifth-order vertical mode 
resonance of the bridge occurs [13]. Therefore, the 
appropriate control measures should be taken on 
the bridge to mitigate the VIV. The modal 
information of the bridge is calculated by ANSYS, as 
shown in Table 1. 

The aerodynamic parameters are identified using a 
method proposed by Scanlan based on the data 
from wind tunnel tests [14], 𝑌𝑌1 = 12.2339 , 𝜀𝜀 =
354.2585. Figure 6 shows the displacements of the 
main deck under the vortex-induced force at 
different initial displacements, reflecting the self-
limiting characteristics of VIV. It can be seen that 
the steady-state amplitudes of the main deck 
remain at 20 cm approximately, which is consistent 

with the wind tunnel test results, indicating that 
the aerodynamic parameter identification method 
is reliable. 

4.2 VIV analysis of suspension bridge-TMDI 

In this paper, TMDI is designed for the fourth-order 
vertical mode of the suspension bridge with 
generalized mass 𝑀𝑀𝑠𝑠 = 8883058 kg . The 
generalized mass of TMDI is 𝑀𝑀𝑡𝑡 = 88830.58 kg in 
total when the mass ratio is 𝜇𝜇 = 0.01, which can be 
expressed as 

𝜇𝜇 =
𝑀𝑀𝑡𝑡

𝑀𝑀𝑠𝑠
=
∑𝑚𝑚𝑡𝑡𝑖𝑖𝜙𝜙2(𝑥𝑥𝑖𝑖)

𝑀𝑀𝑠𝑠
 (17) 

Distributed TMDI is used to avoid excessive 
concentration of mass. As shown in Figure 7, 4 
uniform TMDIs are arranged at each extreme value 
of mode, which is approximately equal to 1, i.e., 
𝜙𝜙(𝑥𝑥) = 1, and a total of 16 TMDIs are on the whole 
bridge. Then, the actual mass of each TMDI is 𝑚𝑚𝑡𝑡 =
5552𝑘𝑘𝑔𝑔. The mass of TMD is the same as that of 
TMDI. Considering that the modal damping ratio of 
the suspension bridge 𝜉𝜉𝑠𝑠  is 0.5%, the optimum 
parameters of TMD/TMDI are calculated using the 
method mentioned in Section 3.1, as shown in 
Table 2.  

Figure 8(a, b) shows the equivalent damping ratio 
and the displacement ratio of TMDI with different 
mass ratios. As can be seen, all of these curves have 
peaks. This verifies that TMDI has an optimum 
frequency ratio, and the equivalent damping ratio 
is maximum when the optimum frequency of TMDI 
is obtained. The larger mass ratio makes the 
equivalent damping ratio larger but has little 
influence on the displacement ratio. 

Figure 8(c, d) shows the equivalent damping ratio 
and the displacement ratio of TMDI with different 
inertance ratios. The results show that both the 
equivalent damping ratio and the displacement 
ratio decrease with the increase of the inertance 
ratio. Moreover, the influence of the inertance 
ratio on the displacement ratio is significant. It 
should be noted that the control effect and the 
workspace of TMDI should be considered overall 
when choosing the inertance ratio in TMDI design. 

Figure 3. DAF curves of bridge deck (TMD: 𝜇𝜇 =
1%; TMDI: 𝜇𝜇 = 1%, 𝛿𝛿 = 2 ) 

Figure 4. Influence of 𝛿𝛿 on the static deformation 
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Figure 5. A suspension bridge 

Figure 6. The vortex-induced amplitude of the bridge in the lock-in region 

Table 1. Model information of the suspension bridge 

Order Calculated frequency 
[Hz] 

Measured frequency 
[Hz] Mode shape 

1 0.1318 0.1344 

2 0.1755 0.1705 

3 0.2369 0.2325 

4 0.2815 0.2768 

5 0.3816 0.3687 

Table 2. Optimum parameters of TMD/TMDI for the suspension bridge 

System Inertance
ratio 

optimum 
frequency ratio 

optimum 
damping ratio 

Stiffness 
[N/m] 

Damping 
[N·s/m] 

Static deformation 
[m] 

TMD 0 0.9894 0.0623 17002 1211 3.20 

TMDI 2 0.9930 0.0358 51379 2095 1.06 
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Figure 7. Fourth-order vertical mode shape and TMDIs placement positions 

(a) equivalent damping ratio when 𝛿𝛿 = 2 (b) displacement ratio when 𝛿𝛿 = 2

(c) equivalent damping ratio when 𝜇𝜇 = 0.01 (d) displacement ratio when 𝜇𝜇 = 0.01

Figure 8. Influence of 𝜇𝜇 and 𝛿𝛿 on the 𝛽𝛽𝑒𝑒 and 𝐴𝐴𝑡𝑡𝑡𝑡 

For a more in-depth analysis of the performance of 
TMDI, the fourth-order Runge-Kutta method is 
used to calculate the time-history response of the 
bridge at the lock-in region. Figure 9 shows the 
displacement of the bridge deck and the stroke of 
the mass block with TMD/TMDI control. Figure 10 
shows the control force of TMD/TMDI on the 
bridge deck. Obviously, the vortex-induced 
vibration of the bridge deck is suppressed rapidly 
with TMD/TMDI control. However, the vertical 
vibration of the deck with TMDI decays slower than 

that with TMD because the control force of TMDI is 
smaller. Although the TMDI system is slightly less 
effective than the TMD system, it can still dissipate 
the vibration energy in a relatively short time, 
indicating that the control effect of TMDI is 
acceptable. In addition, the mass block stroke of 
the TMDI is about 50% of that of TMD, and it is 
proved that TMDI can significantly reduce the 
stroke of the mass block and save the workspace in 
the box girder. 
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5 Conclusions 
In this paper, TMDI is applied to the VIV control of 
a long-span suspension bridge, and the superior 
performance of TMDI is proved. A genetic 
algorithm is used to determine the optimum 
parameters of TMDI for the damped primary 
structure. The influence of mass ratio and 
inertance ratio on optimum parameters, control 
effect and static deformation is investigated. A 
suspension bridge is taken as a numerical example 
to evaluate the performance of the TMDI. The 
stroke of the mass block and control force with 
TMD/TMDI are compared. Based on the study, the 
following conclusions can be obtained: 

(1) For a given mass ratio 𝜇𝜇 , a larger inertance
ratio 𝛿𝛿  results in a larger frequency ratio,
smaller damping ratio and less control effect,
which indicates that the extra inerter prevents

the transfer of energy from the primary 
structure to the mass block. 

(2) For the bridge-TMDI system under vortex-
induced force, the equivalent damping ratio
increases with the increase of the mass ratio or
with the decrease of the inertance ratio. The
displacement ratio decreases significantly with
the increase of the inertance ratio, but it is
almost unaffected by the mass ratio.

(3) TMDI can significantly reduce the vibration
amplitude of the bridge deck in a short time if
the inertance ratio is determined reasonably,
although the effectiveness of TMDI is less than
TMD. At the same time, the static deformation
and the stroke of the mass block are greatly
reduced, saving the installation space and
working space. Therefore, compared to
conventional TMD, TMDI is more suitable for
vertical low-frequency vibration of long-span
suspension bridges.

(a) Displacement of the deck equipped with TMD/TMDI (b) stroke of mass block

Figure 9. Control effect and stroke of the mass block of TMD/TMDI 

Figure 10. Control force of TMD/TMDI 
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Seismic Analysis of High-Speed Railway Irregular Bridge-Track System 
under Obliquely Incident Waves 
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Abstract 
This study mainly explores the influence of different seismic incident angles on the damage of 
irregular bridge track systems in complex topography regions. The seismic ground motions of the 
V-shaped canyon site were simulated through SH wave theoretical analysis. Nonlinear seismic
response analyses of irregular simply supported railway bridge–track systems were performed
under the different incident angles of seismic (0°~ 60°). The effects of different seismic incident
angles on the seismic response of the bridge-track system are analyzed. The results show that the
seismic displacement responses of piers top, transverse movable bearings, and fasteners are
significantly different under different seismic incident angles, and the unfavorable seismic incident
angle is 60°. Underestimate the maximum 37 % seismic displacement response of pier top,
transverse movable bearings, and fastener without considering the influence of incident angle.

Keywords: incident angle; topography effect; seismic damage; irregular bridge; asymmetric V-
shape; analytical solution; ballastless track. 

1 Introduction 
Railway bridges are inevitably built near 

faults along with high-speed railway extending to 
the western complex mountainous areas and 
high-intensity seismic regions in China. At this 
time, the ground motion input of the railway 
bridge cannot assume the vertical incident of 
ground motion as the far-field earthquake due to 
the existence of the incident angle [1, 2]. 
Moreover, different seismic incident angles in 
mountainous topography cause the spatial 
variability of ground motion, resulting in 
significant differences in ground motion input of 
different piers of railway bridges [2]. And then 
cause seismic damage of the bridge-track system 
is incorrectly evaluated and threatens the safety 
of train operation. 

There have been many studies on the 
influence of different seismic incident angles on 
the seismic damage of tunnels [1, 3, 4], dams [5-7], 
and highway bridges [8, 9]. The results show that 
the seismic response of the structure is 
underestimated without considering the seismic 
incident angle, and the damage underestimation 
range is about 30% - 200% due to different 
structural forms (bridge, tunnel and dam types, 
etc.) [2, 8, 10, 11]. However, the influence of the 
spatial variability of ground motion caused by the 
incident angle of ground motion on the seismic 
damage of railway bridges in mountainous areas 
with track structures is the insufficient study [2, 
12], which causes incorrect assessment of the 
seismic damage of railway bridges and threaten 
the safety of train operation. Therefore, the 
seismic ground motions of the V-shaped canyon 
site were simulated through SH wave theoretical 
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analysis with 12 earthquake records selected from 
the Pacific Earthquake Engineering Research 
Center (PEER) Strong Ground Motion Database 
matching the site condition of the bridge. 
Nonlinear seismic response analyses of an existing 
11-span irregular simply supported railway
bridge–track system were performed under the
different incident angles of seismic (0°~ 60°). The
effects of different seismic incident angles on
seismic damage of piers top, bearings, fasteners,
and rails are mainly explored.

2 Modeling of a detailed high-speed 
bridge–track system 

2.1 General information of high-speed 
bridge–track system 

The railway simply-supported girder bridge is 
located on the V-shaped canyon section in a 

western mountainous area of China. The depth of 
the V-shaped canyon is 81.3 m, and the bridge is 
composed of 11-span simply supported girders, 
with a total length of 357.5 m, as shown in Figure 
1(a). The single-span length of the girder is 32.4 m. 
The arrangement of bearings is given in Figure 
1(b), with 4 bearings on each pier including the 
longitudinal movable bearing, the transverse 
movable bearing, the bidirectional movable 
bearing, and the fixed bearing. The track structure 
on the bridge is a CRTS-I double-block ballastless 
track, which is mainly composed of groove, 
geotextile, rails, fasteners, track plates, and base 
plates, as shown in Figure 1(c). The main function 
of the groove is to limit the displacement of the 
track structure.  

A1 A2
P1

P2

P3

P4 P5
P6

P7
P8

P9
P10Girder

Pier

(a) 

(c) 

50m 50m357.5m

81
.3

m

Bidirectional 
moveable 
bearing

Longitudinal
moveable 
bearing

Fixed 
bearing

Transverse 
moveable 
bearing

(b)

Rail and fasterner
Track plate

Base plate and girder

Center line
CRTS-Ⅰ ballastless track

Groove

x

y

z

Figure 1. Layout of 11-span simply supported bridge–track system in the high-speed railway 

2.2 Finite element model of the high-speed 
bridge–track system 

In this study, a finite element model of the 
bridge–track system is established using the 
OpenSees. The mechanical diagram is shown in 

Figure 2. The main girder, track plate, and base 
plate are assumed to be elastic and the specific 
values of their properties are shown in Table 1. 
The bearing, fastener, geotextile and groove are 
simulated by nonlinear element (zero-length unit), 
as shown in Figure 2. 

Table 1. Parameters of each component 

Component Elastic modulus Shear modulus Tensile stress Area Iz 
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(Mpa) (Mpa) (Mpa) (mm2) (mm4) 

Girder 3.55×104 1.48×104 2.64 8.72×106 8.61×1013 

Base plate 3.40×104 1.42×104 2.39 5.22×105 3.66×1011 

Track plate 3.40×104 1.42×104 2.39 4.75×105 2.47×1011 

Iz is the moment of inertia of Z-axis. 
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plate

E
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Figure 2 Mechanical diagram of the bridge–track system 

3 Analytical simulation of seismic 
wave propagation in V-shaped 
canyon  

The intensity of selected ground motions is scaled 
to the seismic fortification intensity of the HSR 
bridge, corresponding to 8-degree design 
earthquake with the PGA of 0.3g (0.1g for 
frequent earthquake) [13]. The site is located on 
the medium hard soil associated with the shear 
velocity of 250 -500 m/s, represented as the 
characteristic period of 0.4 s in the design 
spectrum. In this study, 12 ground motion records 
from the PEER Strong Ground Motion Database 
[14] are selected. The mean spectra acceleration
(Sa) of selected ground motions is in basic
agreement with the design Sa, as shown in Figure
3.
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Figure 3 Design spectrum and spectra of the 
selected 12 records 

The theoretical analytical solution method is used 
to solve the seismic wave field to obtain the 
transverse non-uniform seismic input at the 
bottom of the pier under different incident angles. 
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The regional division idea is used to divide the V-
shaped canyon into two parts, as shown in Figure 
4[15]. The origin of global coordinate systems 
(𝑥𝑥,𝑦𝑦) and (𝑟𝑟,𝜃𝜃) is set at the center of the canyon 
top, while the origin of local coordinate systems 
(𝑥𝑥1,𝑦𝑦1) and (𝑟𝑟1,𝜃𝜃1) is at the canyon bottom. The 
model medium is assumed to be elastic, isotropic, 
and homogeneous, in which only scattered sites 
exist in region ②, and there are both scattered 
and free sites in region ①. 𝛼𝛼 is the incident angle 
of the SH wave, a is the half-width of the canyon, 
d is the depth of the canyon, and 𝑐𝑐 = 400 m/s is 
the velocity of the shear wave. 

SH

y

x

rθθe

x1

r1θ1
y1

a

d

2

1

α β1
β2

re

Figure 4 Geometric layout of the V-shaped canyon 

Region ① and region ② should satisfy the wave 
equation: 

∇2𝑢𝑢𝑗𝑗 + 𝑘𝑘2𝑢𝑢𝑗𝑗 = 0, 𝑗𝑗 = 1,2 (1) 

where ∇2  is the two-dimensional Laplacian 
operator; 𝑘𝑘 = 𝜔𝜔/𝑐𝑐  is the shear wavenumber, 
and 𝜔𝜔 is circular frequency; uj is the displacement 
of region j, where j = 1 and 2, representing the 
total displacement sites in regions 1 and 2, 
respectively. 

The displacement and stress continuity conditions 
of region ① and region ② and the condition of 
zero stress on the surface of the canyon should 
satisfy: 

𝜏𝜏𝜃𝜃𝜃𝜃1 =
𝜇𝜇
𝑟𝑟
𝜕𝜕𝑢𝑢1(𝑟𝑟,𝜃𝜃)

𝜕𝜕𝜃𝜃
= 0,𝜃𝜃 = ±

𝜋𝜋
2

, 𝑟𝑟 > 𝑎𝑎 (2) 

𝜏𝜏𝜃𝜃1𝜃𝜃
2 =

𝜇𝜇
𝑟𝑟1
𝜕𝜕𝑢𝑢2(𝑟𝑟1,𝜃𝜃1)

𝜕𝜕𝜃𝜃1
= 0,𝜃𝜃1 = −𝛽𝛽1,𝛽𝛽2 (3) 

where 𝜏𝜏𝜃𝜃𝜃𝜃1  and 𝜏𝜏𝜃𝜃1𝜃𝜃
2  are the stress on the 

horizontal ground surface and the canyon surface, 

respectively.  𝛽𝛽1 and 𝛽𝛽2  are angels as shown in 
Figure 4. 

Finally, the displacement magnification of each 
region can be calculated according to Eqns (4-5). 
For details refer to reference [15]: 

𝑢𝑢1(𝑟𝑟,𝜃𝜃) = 𝑢𝑢f(𝑟𝑟,𝜃𝜃) + 𝑢𝑢s0(𝑟𝑟, 𝜃𝜃) + 𝑢𝑢s1(𝑟𝑟, 𝜃𝜃) (4) 

𝑢𝑢2(𝑟𝑟,𝜃𝜃)

= �
𝐶𝐶𝑛𝑛

𝐽𝐽𝑛𝑛𝑛𝑛′ (𝑘𝑘𝑎𝑎�) � 𝐽𝐽𝑛𝑛𝑛𝑛+𝑚𝑚(𝑘𝑘𝑟𝑟)𝑇𝑇𝑛𝑛,𝑚𝑚
𝐶𝐶 cos[(𝑛𝑛𝑛𝑛 +𝑚𝑚)𝜃𝜃]

∞

𝑚𝑚=−∞

∞

𝑛𝑛=0

−�
𝐶𝐶𝑛𝑛

𝐽𝐽𝑛𝑛𝑛𝑛′ (𝑘𝑘𝑎𝑎�) � 𝐽𝐽𝑛𝑛𝑛𝑛+𝑚𝑚(𝑘𝑘𝑟𝑟)𝑇𝑇𝑛𝑛,𝑚𝑚
𝑆𝑆 sin[(𝑛𝑛𝑛𝑛 +𝑚𝑚)𝜃𝜃]

∞

𝑚𝑚=−∞

∞

𝑛𝑛=0

 
(5) 

Taking the asymmetric shallow V-shaped site in 
Figure 1 as an example, the incident angles of 
ground motion are 0°, 30°, and 60°. Eqns (4-5) can 
be used to obtain the non-uniform seismic 
excitation at the bottom of the pier under 
different incident angles considering the 
topographic effect with the selected 12 actual 
ground motions as the input. Figure 5 gives the 
comparison of the seismic amplification 
coefficient of the pier bottom under different 
incident angles. It can be seen that there are some 
differences in the seismic magnification of the pier 
bottom under different seismic incident angles 
due to the influence of the topography effect. The 
topographic magnification of the seismic wave 
incident side (A1 - P4) of the asymmetric V-shaped 
site is significantly larger than that of the back 
wave side (P5 - A2) at the incident angle of 60°. 
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Figure 5 Seismic amplification of pier bottom 
under different incident angles 
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4 Influence of seismic incident angle 
on damage of bridge-track system 

4.1 Displacements of the bridge pier top 
and bearing 

Figure 6 and Figure 7 give the mean transverse 
peak displacement of pier top and transverse 
movable bearing under different incident angles. 
It can be seen that there are great differences in 
the transverse displacement of pier top and 
transverse movable bearing under different 
incident angles. The transverse displacement of 
pier top and transverse movable bearing also 
gradually increases with the increase of incident 
angle on the seismic wave incident side. The 
transverse displacement of the P4 pier top 
increases by 42 mm and 36 mm respectively 
compared with 0°and 30°, especially under 60° 
design earthquake. Therefore, the transverse 
displacement response of P4 pier under 0° and 30° 
of the incident are underestimated by 31 % and 
22 %, respectively, compared with those at 60°. 
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Figure 6 Mean transverse peak displacement 
responses of pier tops under different incident 

angles 
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Figure 7 Mean transverse peak displacement 
responses of transverse movable bearings under 

different incident angles 
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4.2 Fastener displacement 

Figure 8 shows the mean transverse peak 
displacement of fasteners at girder ends under 
different incident angles. It can be seen that 
different incident angles have a great influence on 
the displacement of fasteners at girder ends. The 
maximum displacement of the fastener is 7.4 mm 
at 60°. Similarly, the displacement response of the 
fastener at the P5 pier position at 0° and 30° of 
the incident are underestimated by 37 % and 27 %, 
respectively, relative to the incident angle of 60°. 
These results show that the influence of seismic 
incident angle should be considered in the seismic 
response analysis of railway bridges in complex 
mountainous areas. 
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Figure 8 Mean transverse peak displacement 
responses of fasteners at girder ends under 

different incident angles 

4.3 Rail transverse residual deformation 

Figure 9 shows the comparison of rail transverse 
residual deformation at different incident angles. 
It can be seen that the rail transverse residual 
deformation difference is obvious under different 
incident angles. The maximum deformation value 
of rail residual is at 60°. It can also be found that 
the residual deformation of rail is not obvious in 
the middle area of the girder, but there is obvious 
deformation at the end of the girder. 

deformation zone

(a) frequent earthquake
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deformation zone

(b) design earthquake

Figure 9 Transverse residual deformation of rails under different incident angles 

5 Conclusions 
This paper studies the influence of different 
incident angles on the seismic response of 
irregular railway bridge-track systems. The main 
conclusions are as follows: 

(1) The topographic magnification of the
seismic wave incident side (A1 - P4) of the
asymmetric V-shaped site is significantly larger
than that of the back wave side (P5 - A2) at the
incident angle of 60°.

(2) The maximum 37 % seismic displacement
response of pier top, transverse movable bearings,
and fasteners are underestimated without
considering the influence of incident angle. The
influence of seismic incident angle should be
considered in the seismic response analysis of
railway bridges in complex mountainous areas.
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Abstract 
Under strong excitations, such as earthquake, the effect of the geometric nonlinearity of the 
suspension bridge is significant. Traditional train-bridge interaction analysis method usually cannot 
simultaneously consider both geometric nonlinearity and spatial wheel-rail contact. In this paper, 
an ANSYS-MATLAB co-simulation method is proposed to analyze the dynamic responses of the 
train-suspension bridge system under earthquake excitation. The two software platforms are 
coupled through the interaction between track and bridge, and then the dynamic response of the 
whole vehicle bridge coupling system is solved. the dynamic response of the train-bridge system of 
a railway suspension bridge under the action of an earthquake is analysed, taking into account the 
effect of peak ground acceleration and characteristic period on the geometric nonlinearity of the 
bridge and the safety of trains running on the bridge. 

Keywords: long span railway suspension bridge; co-simulation method; geometric nonlinearity; 
spatial rolling wheel-rail contact; seismic; running safety. 

1 Introduction 
With the development of high-speed railway 
construction, the demand for the construction of 
long-span railway bridges will increase day by day. 
Suspension bridges have become one of the 
structural forms considered for long-span railway 
bridges due to their stronger spanning capacity, 
more flexible side span layout and cost 
advantages[1], Due to the frequent occurrence of 
earthquake disasters in my country, the 
earthquake has a significant impact on the 
dynamic response of bridges and the safety of 
vehicles on the bridge[2], Therefore, studying the 
dynamic response of suspension bridges under 
earthquake action and the safety of trains on the 
bridge has important reference significance for 
engineering design. 

Most of the completed suspension bridges are 
highway suspension bridges, therefore, there are 
not many studies on the safety of trains on railway 
suspension bridges under earthquakes. 

Lei Hujun et al [3] used the virtual beam method 
to establish a bridge model and carried out a 
study on the safety of a kilometre-class high-
speed railway suspension bridge under 
earthquake action based on a self-programmed 
train-track-bridge-earthquake analysis system 
program; Xiao et al [4] used the modified 
Lagrangian equation and the principle of virtual 
work to establish the nonlinear equations of 
motion of the vehicle-cable system in incremental 
form and, on the basis of the implicit Wilson-theta 
method Seung et al [5] proposed a new iterative 
solution algorithm based on the Newmark mean 
acceleration algorithm and the Newton-Raphson 
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iteration for the nonlinear time-time analysis of 
suspension bridges under geometrically nonlinear 
and material nonlinear seismic effects. The 
dynamic response of suspension bridges in span 
under seismic action was analysed. 

Due to the unique cable and cable structure of 
suspension bridges and their own high flexibility 
and low damping characteristics, the geometric 
non-linearity of suspension bridges under seismic 
action is significant [4, 6], especially under 
extreme loads such as earthquakes, the geometric 
non-linear characteristics of railway suspension 
bridges such as large displacements and large 
rotations are more dramatic and require iterative 
solutions [7]. Also seismic excitation can cause 
non-linear spatial wheel-rail contact, which needs 
to be simulated using a spatial rolling wheel-rail 
contact model in traffic safety analysis. In these 
studies, the non-linear behaviour of bridges under 
seismic excitation is generally not considered, or 
only the seismic response of the bridge structure 
is considered, or a simplified wheel-rail contact 
model is used to reduce the modelling and 
computational effort [4]. The reason for this is 
that while finite element software can model 
complex suspension bridges and consider their 
geometric non-linearity under seismic excitation, 
it is often difficult to model complex spatial wheel-
rail contact. While it is possible to model spatial 
rolling wheel-rail contact through self-
programming, it is difficult to consider the 
geometric non-linear behaviour of complex spatial 
bridge models, but the geometric non-linearity of 
the structure is important to the coupled vibration 
of the bridge, especially for large span, light 
weight bridges [8]. 

In this paper, a joint ANSYS-MATLAB simulation 
method [9] is used to address the above-
mentioned challenges. Taking into account the 
geometrical non-linearity of the bridge, this paper 
analyses the safety of train traffic on railway 
suspension bridges under seismic action, 
considering the effects of peak ground vibration 
acceleration and characteristic period on the 
geometrical non-linearity of the bridge as well as 
the safety of train traffic on the bridge. 

2 Train-track-bridge coupling system 
model 

This paper builds a 31-degree of freedom vehicle 
model based on multi-rigid body dynamics, 
considering the sink, nod, traverse, roll and rocker 
degrees of freedom of the vehicle body and front 
and rear bogies, considering the sink, traverse, roll 
and rocker degrees of freedom of each of the four 
wheel pairs, while treating each vehicle time as 
independent of each other and not considering 
the interaction between vehicles. 

Figure 1. Vehicle model: (a) Side view; (b) Front 
view; (c) Top view; (d) Coordinate system 

Using D'Alembert's principle, the equation of 
motion for a 31-degree-of-freedom vertical 
vehicle can be expressed as: 

𝑀𝑀𝑣𝑣�̈�𝑋𝑣𝑣 + 𝐶𝐶𝑣𝑣�̇�𝑋𝑣𝑣 + 𝐾𝐾𝑣𝑣𝑋𝑋𝑣𝑣 = 𝐹𝐹𝑣𝑣 (1) 

The bridge and track are modelled using the finite 
element method and the dynamic equations of 
the track system based on the direct stiffness 
method are established as: 

𝑀𝑀𝑡𝑡�̈�𝑋𝑡𝑡 + 𝐶𝐶𝑡𝑡�̇�𝑋𝑡𝑡 + 𝐾𝐾𝑡𝑡𝑋𝑋𝑡𝑡 = 𝐹𝐹Γ + 𝐹𝐹𝑤𝑤𝑤𝑤 (2) 

Similarly, the structural dynamic equations of the 
bridge are: 

𝑀𝑀𝑏𝑏�̈�𝑋𝑏𝑏 + 𝐶𝐶𝑏𝑏�̇�𝑋𝑏𝑏 + 𝐾𝐾𝑏𝑏𝑋𝑋𝑏𝑏 = 𝐹𝐹𝑏𝑏𝑡𝑡 + 𝐹𝐹𝐸𝐸𝐸𝐸 (3) 

In the above equation: 𝑀𝑀, 𝐾𝐾 and 𝐶𝐶 correspond to 
the overall mass, stiffness and damping matrices 
respectively, X, �̇�𝑋, �̈�𝑋  are the displacement, 
velocity and acceleration vectors respectively, the 
subscripts v, t and b represent the vehicle 
subsystem, the track subsystem and the bridge 
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subsystem respectively, 𝐹𝐹𝑣𝑣  is the force vector, 
including the train self-weight load and the wheel-
rail force load vector, 𝐹𝐹Γ and 𝐹𝐹wr are the track-
bridge interaction force and the wheel-rail 
interaction force vector respectively, 𝐹𝐹𝑏𝑏𝑡𝑡  is the 
track-bridge interaction force vector, and 𝐹𝐹𝐸𝐸𝐸𝐸 is 
the seismic force. 

The vehicle subsystem and the track-bridge 
subsystem form an overall time-varying system 
through the wheel-rail force coupling, and the 
wheel-rail force is obtained by calculating the 
geometric contact relationship between wheels 
and rails. In this paper, the spatial rolling wheel-
rail contact model [10], is used to determine the 
relative positions of wheel tread and rail surface 
by the spatial trace method, and the elastic 
contact between wheel-rail and wheel-rail 
detachment is described by the geometric 
relationship, and then the lateral creep slip effect 
of wheel-rail is considered by Kalker linear theory 
[11] , and then the Johnson-Vermeulen theory [12]
is used for the nonlinear correction of wheel-rail
creep slip force . The wheel-rail spatial contact
geometry relationship is shown in figure 2:

Figure 2. Schematic diagram of the geometric 
relationship between the wheel and rail in space 

further explanation of the remaining parameters 
can be found in the literature [13]. 

3 Co-simulation method of train-
track-bridge coupled system 

the co-simulation method proposed by Zhihui Zhu 
and Wei Gong [14] is used to solve the vibration 
response of the suspension bridge subsystem. 
ANSYS and TRBF [15] software realize the coupling 
solution between subsystems through real-time 

data exchange, and the dynamic response of the 
bridge traveling under seismic dynamics is thus 
calculated by considering the nonlinear behavior 
of the suspension bridge. 

Figure 3. Schematic of the calculation flow within 
a single large time step ΔT 

The method is described and validated in detail in 
the literature [14] and will not be repeated here. 

4 Analysis of large span railway 
suspension bridges under seismic 
action 

According to the findings of the article [9], the 
effect of the time-varying characteristics of the 
bridge stiffness matrix of large-span suspension 
bridges is not significant when only dynamic traffic 
loads are considered. Therefore, this paper further 
carries out a joint simulation method to 
investigate the effect of considering geometric 
non-linearity on the traffic safety of large-span 
railway suspension bridges under seismic action. 

4.1 Engineering background 

The main girder of a suspension bridge is a top-
bearing steel truss of span (110+660+98) m with 
three continuous single span suspension. The 
stiffened girders are of Warren type steel truss 
structure with a main truss height of 12m, truss 
width of 22m and standard inter-section length of 
12.2m. 

4.1.1 Model parameters and dynamic 
properties 

The general-purpose finite element software 
ANSYS was used to build the suspension bridge-
track model, and the accuracy of the model was 
verified by comparing with the literature [15]. 
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Figure 4. Ballast track-suspension bridge space 
finite element model 

4.2 Working conditions 

4.2.1 Selection of ground shaking time intervals 

According to the "New Lijiang to Shangri-La 
Railway Key Project Site Seismic Safety Evaluation 
Report" (August 2011) and the "Code for Seismic 

Design of Railway Engineering", the design peak 
ground vibration acceleration of the bridge is 0.2g, 
and the seismic design idea of three-stage 
prevention is adopted, using the El Centro wave 
representing the vibration characteristics of Class 
II site soil as the seismic excitation, and adjusting 
the peak horizontal seismic acceleration The peak 
horizontal seismic accelerations were adjusted to 
0.07g, 0.2g and 0.38g. 

4.2.2 Earthquake characteristic period 

In this paper, three typical seismic waves 
representing different site soil vibration 
characteristics are selected as input excitations: 
San Fernando wave, El Centro wave and Tianjin 
wave, representing Site Soil Category 1, Site Soil 
Category 2 and Site Soil Category 3-4 respectively. 
Figure 5 shows the acceleration power spectra for 
each of the three types of seismic waves. 

(a) SF horizontal power spectrum
(b) El Centro horizontal power

spectrum 

(c) Tianjing horizontal power

spectrum 

(d) SF vertical power spectrum
(e) El Centro vertical power

spectrum 
(f) Tianjing vertical power spectrum

Figure 5. Three types of seismic wave frequency analysis 
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4.2.3 Ground vibration combination 

For large-span suspension bridges, the vibration in 
all directions is highly coupled, and a reasonable 
seismic excitation input mode is crucial to the 
correctness of the bridge seismic analysis results. 
At present, the railway codes in China have not 
made clear provisions for the three-way seismic 
combination mode for very large span bridges. 
Referring to similar studies [16], the seismic 
combination mode for Hutong cable-stayed 
bridges in this paper is as follows. 

𝐸𝐸 = 𝐸𝐸𝑥𝑥 + 𝐸𝐸𝑦𝑦 + 0.5𝐸𝐸𝑧𝑧 (6) 

4.3 Analysis of results 

In this paper, 8 CRH2; train formation (2 × (moving 
car +trailer +trailer +moving car)), track 
unevenness using the German low interference 
spectrum, vehicle speed to take the design speed 
of 120km/h for the vehicle-track-bridge coupling 
system power calculation. Relevant working 
conditions are set as shown in Table 1. 

Table 1. Working conditions setting table 

Cases Seismic wave types Peak Earthquake 
Acceleration[g] 

Whether to consider 
the initial geometric 

stiffness 

Whether to 
perform stiffness 

matrix update 
1 El Centro wave 0.07 Yes Yes 
2 El Centro wave 0.2 Yes Yes 
3 El Centro wave 0.38 Yes Yes 
4 SF wave 0.2 Yes Yes 
5 Tianjin wave 0.2 Yes Yes 
6 No earthquakes / Yes Yes 
7 El Centro wave 0.07 Yes No 
8 El Centro wave 0.2 Yes No 
9 El Centro wave 0.38 Yes No 

10 SF wave 0.2 Yes No 
11 Tianjin wave 0.2 Yes No 
12 No earthquakes / Yes No 

4.3.1 Analysis of the dynamic response of the 
coupled axle system by the peak 
acceleration of the earthquake 

This section compares the results of the three 
types of peak ground shaking calculations for El 
centro seismic waves and adjusts the ground 
shaking PGA to 0.07 g, 0.2 g and 0.38 g. Due to 
space limitations, the exact comparison of the 
calculated wheel-track forces is mainly given 
below, while the rest of the results are given in 
the form of mean error ε𝑎𝑎 and peak error ε𝑝𝑝. 

As can be seen from the results, the vertical 
wheel-track force does not change significantly 
with increasing PGA, but only slightly increases 
locally, while the transverse wheel-track force 
increases significantly with increasing PGA, with 
the most significant error reaching more than 50% 
in the local surge area, which is analysed as a 

result of extreme conditions where the bridge 
geometry non-linearity exacerbates the wheel-
edge contact and thus significantly changes the 
transverse wheel-track force, affecting the The 
reason for this is that in extreme cases the bridge 
geometry non-linearity exacerbates the wheel 
edge contact and thus significantly changes the 
transverse wheel-track forces, affecting the safety 
of the bridge. At the same time, the geometric 
non-linearity has an impact on both the vehicle 
system and the bridge system to a certain extent. 

In order to quantify the effect of geometric 
nonlinearity on the dynamic response of the 
vehicle-axle system, mean error ε𝑎𝑎and peak error 
ε𝑝𝑝,the mean error ε𝑎𝑎 is determined by equation(7), 
hich represents the ratio of the area A1𝑖𝑖 enclosed 
by the time course curve between the control 
condition and the test condition to the area A1 
enclosed by the time course curve and the time 
axis of the control condition.  
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(a) PGA=0.07g (b) PGA=0.2g (c) PGA=0.38g

Figure 6. First wheel to pendant wheel track force 

(a) PGA=0.07g (b) PGA=0.2g (c) PGA=0.38g

Figure 7. First wheel to transverse wheel track force 

ε𝑎𝑎 =
A1𝑖𝑖
A1

× 100% (7) 

A1𝑖𝑖 can be calculated by the following equation： 

A1𝑖𝑖

= � �
1
2
�
𝛿𝛿𝑗𝑗 �𝑥𝑥𝑗𝑗1 − 𝑥𝑥𝑗𝑗𝑖𝑖� + �𝑥𝑥𝑗𝑗+11 − 𝑥𝑥𝑗𝑗+1𝑖𝑖 �

2
∆𝑡𝑡

𝑁𝑁

𝑗𝑗=𝑀𝑀

 (8) 

where 𝑥𝑥𝑗𝑗1 and 𝑥𝑥𝑗𝑗𝑖𝑖  denote the response values of 
control and Case 𝑖𝑖𝑡𝑡ℎ at the 𝑗𝑗th time step, and 𝑥𝑥𝑗𝑗+11  
and 𝑥𝑥𝑗𝑗+1𝑖𝑖  are the response values at the 𝑗𝑗𝑡𝑡ℎ + 1st 
time step; M and N denote the first and last time 
steps of the time period of interest, and 𝛿𝛿𝑗𝑗  
denotes whether Case 1 and Case 𝑖𝑖 intersect in 
the range of time 𝑗𝑗∆𝑡𝑡 to (𝑗𝑗 + 1)∆𝑡𝑡, and if they 
do, 𝛿𝛿𝑗𝑗 = 1, otherwise 𝛿𝛿𝑗𝑗 = 0.It should be noted 
that for the case of inconsistent number of data 
points before the working condition due to 
different time integration steps, the 

corresponding data points are obtained by linear 
interpolation of the working condition as shown in 
equation(8). 

a1

a2

a3

ε= (a1+a2)/(a1+a3)× 100%

Time

R
es

po
ns

e

linear interpolating

Δt 

ΔT 

Case 1
Case i

Figure 8. Graphical representation of the mean 
error calculation 

The maximum error ε𝑝𝑝  is expressed as a 
percentage of the peak error from the time course 
of the results of the working conditions, which can 
be expressed as： 
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ε𝑝𝑝 =
|max(𝐗𝐗𝑖𝑖) −max(𝐗𝐗1)|

max(𝐗𝐗1) × 100% (9) 

Where 𝐗𝐗1  and 𝐗𝐗𝑖𝑖  denote the resultant time 
vectors of the working conditions. 

the mean error and the maximum error are 
plotted as line graphs, as shown in Figure 9 and 
Figure 10, from Figure 9, it can be seen that some 
indicators increase with the increase of the peak 
acceleration of ground shaking. This indicates that 
the geometric nonlinear changes caused by the 
increase of seismic acceleration have significant 
effects on the above indicators; however, the 
increase of the vertical wheel-track force is not 
significant, which indicates that the effects of 
seismic load on the geometric nonlinearities of the 
bridge structure have less effects on the vertical 
wheel-track force; the rest of the indicators, such 

as the span of the bridge and the lateral and 
vertical wheel-track force of the car body, have 
less effects on the geometric nonlinearities of the 
bridge structure. The remaining indicators, such as 
the bridge span and the transverse and vertical 
displacements of the car body, do not show 
significant increases, indicating that the above 
indicators are not sensitive to the changes in 
bridge geometric nonlinearity caused by the peak 
acceleration of ground shaking, but their values 
range from 20% to 50%, indicating that the 
geometric nonlinearity of the bridge structure still 
has a large impact on these indicators. From 
Figure 10, it can be seen that all the indicators 
increase to a certain extent with the increase of 
the peak ground shaking, except for the 
transverse wheel-track force, which has a 
significant peak for the El-centro seismic wave 
condition.

Figure 9. Considering the 𝜀𝜀𝑎𝑎 of peak seismic 
acceleration 

Figure 10. Considering the ε_p of peak seismic 
acceleration 

Note: In the figure, FV indicates vertical wheel-track force, FH indicates lateral wheel-track force, AVH 
indicates vehicle lateral acceleration, AVV indicates vehicle vertical acceleration, DBV indicates bridge 
vertical displacement in span, DBH indicates bridge lateral displacement in span, ABV indicates bridge 
vertical acceleration in span, ABH indicates bridge lateral acceleration in span. 

4.3.2 Analysis of seismic characteristic period 
on the dynamic response of the axle 
coupling system 

In this section, the SF, EL and Tianjin PGAs 
corresponding to Class I, II and III site soils are 
amplitude adjusted to 0.2g of the design ground 
shaking respectively, and the dynamic response of 
the vehicle-large span suspension bridge system is 
calculated for different seismic principal 

frequencies. Due to the limitation of space, only 
the peak and mean errors are shown here. 

From Figure 11, it can be seen that the effect of 
earthquake induced geometric non-linearity on 
the bridge has a small effect on the vertical wheel-
track forces, while it has a large effect on the 
lateral wheel-track forces, with the geometric 
non-linearity having a significant effect on the 
lateral wheel-track forces at different principal 
frequencies of ground shaking excitation, with the 
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mean error exceeding 50%. For the dynamic 
response of the bridge structure, the 
displacement values are more sensitive to the 
geometric non-linearity than the acceleration 
values, and the displacement and acceleration 
responses also show a greater effect in the 
transverse than in the vertical direction, so it can 
be concluded that the effect of seismic action on 
the geometric non-linearity of the bridge is mainly 
in the transverse direction, and the effect on 
displacement is greater than that on acceleration. 
For the dynamic response of the vehicle, the 

vertical wheel-track force is mainly controlled by 
the train load itself and is less sensitive to the 
earthquake, while the horizontal wheel-track 
force is significantly influenced by the geometric 
non-linearity brought about by the earthquake 
load; both the vertical and horizontal acceleration 
of the vehicle body receive greater influence, and 
the sensitivity of the above indicators to the 
geometric non-linearity of the bridge is overall 
greater in the horizontal than in the vertical 
direction.

Figure 11. Considering the 𝜀𝜀𝑎𝑎 of the main frequency 
of the earthquake 

Figure 12. Considering the 𝜀𝜀𝑝𝑝 of the main frequency 
of the earthquake 

5 Conclusion 
In this paper, based on the ANSYS-MATLAB co-
simulation method, the effects of peak ground 
vibration acceleration and characteristic period on 
the dynamic response of large-span railroad 
suspension bridges and the safety of traffic are 
investigated, taking into account the geometric 
nonlinearity of the whole bridge process. In this 
paper, the following conclusions are drawn in the 
process of conducting the study. 

(1) Seismic loading has a significant effect on the
geometric nonlinearity of large-span railroad
suspension bridges, and the geometric
nonlinearity of the bridge increases with the
increase of PGA; when the main frequency of
ground shaking is close to the fundamental
frequency of the bridge, it will excite a greater
structural dynamic response of the bridge, and at
the same time will increase the geometric
nonlinearity of the bridge and have a certain
impact on the safety of trains on the bridge.
Therefore, the time-varying characteristics of the
structural stiffness matrix need to be considered

in the analysis of the dynamic time response of 
large-span suspension bridges under strong 
earthquake excitation, and the matrix should be 
updated during the calculation. 

(2) Under the earthquake, the sensitivity of the
axle system indicators to the geometric
nonlinearity of the bridge is overall greater in the
horizontal than in the vertical direction, and the
dynamic response indicators of the axle system
are considered to be controlled by the train load
in the vertical direction and by the seismic load in
the horizontal direction.

(3) For large span railroad suspension bridges, the
effect of bridge geometric nonlinearity caused by
earthquakes has a certain influence on the
dynamic response of vehicles and wheel-rail
forces, especially in extreme cases, due to wheel
edge contact, the effect of bridge geometric
nonlinearity may significantly change the
transverse wheel-rail forces, and then affect the
safety of traffic on the bridge.
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Abstract 
Double-deck curved girder bridges are frequently used to satisfy the demands of traffic lines to 
accomplish quick ascents. However, damage to this type of bridge has a significant impact on the 
entire transportation network. Therefore, it is necessary to study the seismic fragility of this type 
of bridge. The seismic demand model and the multidimensional seismic fragility model of a 
double-deck curved girder bridge are established using the artificial neural network and the Lasso-
logistic regression method. The following conclusions are drawn: 1) The gap value has a significant 
impact on the fragility of the bearing and limit device. 2) The impact of the friction coefficient of 
bearing and concrete strength on component fragility reduces as the damage level increases. 3) 
The ground motion intensity is the most important factor in pier damage. 

Keywords: Double-deck curved girder bridge; fragility; artificial neural network; Lasso-logistic 
regression. 

1 Introduction 
Seismic fragility quantifies the seismic 
performance of a structure using the probability 
method and describes the relationship between 
the ground motion intensity and the degree of 
structural damage [1], which promotes the 
development of performance-based seismic 
concepts and serves as an important research 
means for uncertainty transmission. The fragility 
curve is the primary indicator of seismic fragility. 
Hwang et al. [2] introduced in detail the 
systematic analysis method of fragility curve of 

reinforced concrete structures under earthquakes, 
and drew the fragility curve of a concrete 
continuous beam bridge on an expressway in the 
Middle East of the United States. Moschonas et al. 
[3] established the seismic fragility curve of a
typical bridge on modern Greek expressways,
considering the uncertainties of bridge structures
such as pier type, beam, connection mode
between pier and beam, and the surrounding
conditions of abutment. Borzi et al. [4] established
the comprehensive database of seismic fragility of
existing highway bridges in Italy and developed
the analysis and evaluation program of fragility
curve.

1878



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Seismic fragility is usually obtained by "empirical 
method", "expert method" and "analysis method". 
The empirical method must rely on abundant 
earthquake damage data, which is difficult to 
popularize. The expert method mainly depends on 
the judgment of experts, which is subjective and 
incomplete. In the absence of data, the analytical 
approach has become the main alternative, 
although it is time-consuming and inefficient [5]. 

With the advent of machine learning, some 
scholars have used this technology for structural 
analysis and assessment. Mitropoulou et al. [6] 
used a neural network to predict the reaction of 
three-dimensional reinforced concrete building 
structures and discovered that this technique can 
significantly reduce the computation effort in 
fragility assessments. Erazo et al. [7] proposed 
using the Bayesian algorithm to estimate the 
seismic time-history response and engineering 
demands of structures. Mangalathu et al. [8] used 
the random forest algorithm to quickly assess the 
damage state of two-span box girder bridges in 
California, with an accuracy in the range of 73–
82%. Wang et al. [9] discussed the shortcomings 
of the existing performance-based probabilistic 
seismic design and assessment methods and the 
general idea of seismic design and assessment of 
medium- and small-span highway bridges in China 
based on machine learning methods. The above 
research demonstrates that machine learning 
approaches can improve the generation efficiency 
of seismic fragility, but it is still in the exploratory 
stage. 

When constructing a traffic network in cities or 
locations with complicated topography, it is usual 
to encounter that the height difference between 
roads is rather considerable, resulting in 
insufficient extension length. Multi-deck curved 
beam bridges are frequently constructed to satisfy 
the requirements of traffic lines. However, once 
the bridges are damaged, it will have a great 
impact on the whole traffic network. Therefore, a 
study on the seismic fragility of the bridge type is 
required.  The artificial neural network (ANN) and 
Lasso-logistic regression (LLR) techniques are 
introduced to establish a multi-dimensional 
seismic demand model and seismic fragility model 
for a double-deck curved girder bridge. The Latin 

hypercube sampling (LHS) method [10] is used to 
evaluate the uncertainty factors of the bridge. The 
purpose of this study is to increase understanding 
of the damage mechanism of the bridge and to 
provide a theoretical reference and calculation 
foundation for the seismic design and evaluation 
of the bridge. 

2 Research framework 

2.1 Demand estimation based on ANN 

An ANN, which includes the input, hidden, and 
output layers, may complete the nonlinear 
mapping between input and output variables 
(Figure 1). The input layer of ANN does not 
process the data but is only responsible for 
information transmission, while the output layer 
only uses the activation function for data 
processing. ANN can have multiple hidden layers, 
which are used to analyze and transmit data. 

Figure 1. ANN 

The steps of using the ANN to build the demand 
model for a double-deck curved girder bridge are 
as follows: 1) The uncertain parameters related to 
ground motion intensity (IM) and component 
properties are determined (Table 1), and the input 
samples are obtained by LHS simulation method. 2) 
The spatial finite element model is established 
according to the sample values of the uncertain 
parameters, and the nonlinear dynamic analyses 
are used to obtain the response values. 3) The 
input parameter X of ANN is the uncertain 
parameters, while the output parameter D is the 
response variables acquired from the finite 
element analyses. 4) The sample data obtained by 
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finite element analyses is randomly divided into a 
training set (80%) and a test set (20%). 5) To 
construct a demand model based on ANN, the 

network is trained, tested, and verified using 
training data in order to determine the network 
optimal parameters. 

Table 1. Probabilistic models of the uncertain parameters 

Parameter Typea Meanb Stdc 

Concrete compressive strength, fc (MPa) N 36.05 5.62 

Rebar yield strength, fy (MPa) LN 6.12 0.07 

Coefficient of friction of bearing, μ N 0.04 0.01 

Tangential gap of limit device, GapT (mm) LN 3.82 0.26 

Radial gap of limit device, GapR (mm) LN 3.24 0.10 

Peak ground acceleration, PGA (g) LN -1.16 0.67 
aLN = logarithmic normal distribution, N = normal distribution; bMean = logarithmic mean (LN) or mean 
(N); cStd = logarithmic standard deviation (LN) or standard deviation (N). 

2.2 Capacity estimation based on 
probabilistic model of limit states 

The component capacity value of a double-deck 
curved girder bridge is collected using the LHS 
technique, which is based on the corresponding 
limit state probability model. The deformation of 
the bearing and its limiting device, as well as the 
curvature ductility of the pier, are used as capacity 
evaluation parameters in this paper. The reason is 

that the bearing and its limiting device are weak 
links in the seismic performance of the bridge 
structure system [11], and insufficient ductility of 
the pier will lead to its failure during an 
earthquake. According to the recommendations of 
Mangalathu and the actual size of components 
[12], the statistical characteristic parameters of 
pier curvature ductility (μφ), bearing (δb) and limit 
device (δg) deformation are shown in Table 2. 

Table 2. Limit state probability model of different components 

Component Type 

Slight damage 
(LSPM1) 

Moderate damage 
(LSPM2) 

Extensive damage 
(LSPM3) 

Complete damage 
(LSPM4) 

Log-
mean Log-std Log-

mean Log-std Log-
mean Log-std Log-

mean Log-std 

μφ LN -0.06 0.34 0.62 0.18 2.26 0.04 3.04 0.02 

δb (mm) LN 3.18 0.34 4.62 0.09 - - - - 

δg (mm) LN 3.18 0.34 4.84 0.07 - - - - 
LN = logarithmic normal distribution; Log-mean = logarithmic mean, and Log-std = logarithmic standard 
deviation 

2.3 Fragility analysis based on LLR 

The logistic regression model can perform 
nonlinear mapping, and the output value is in the 
range of (0, 1), which is suitable for the calculation 
of damage probability. Variable screening may be 

achieved by incorporating Lasso theory into classic 
logistic regression in order to minimize error and 
eliminate multicollinearity [13]. 

A binary vector with just 0 or 1 shows whether a 
given damage limit condition has been achieved 
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or not by comparing the demand and capacity 
values. LLR determines the multidimensional 
fragility function of the mth component using the 
uncertain parameters as the input parameters and 
the binary vector as the marker vector: 

𝑃𝑃𝑚𝑚|IM,𝑥𝑥1,𝑥𝑥2,…,𝑥𝑥𝑛𝑛

=
𝑒𝑒𝑘𝑘𝑚𝑚,0+𝑘𝑘𝑚𝑚,IM 𝑙𝑙𝑙𝑙(IM)+∑ 𝑘𝑘𝑚𝑚,𝑗𝑗 𝑙𝑙𝑙𝑙�𝑥𝑥𝑗𝑗�𝑛𝑛

𝑗𝑗=1

1 + 𝑒𝑒𝑘𝑘𝑚𝑚,0+𝑘𝑘𝑚𝑚,IM 𝑙𝑙𝑙𝑙(IM)+∑ 𝑘𝑘𝑚𝑚,𝑗𝑗 𝑙𝑙𝑙𝑙�𝑥𝑥𝑗𝑗�𝑛𝑛
𝑗𝑗=1

(1) 

where 𝑘𝑘𝑚𝑚,0 , 𝑘𝑘𝑚𝑚,IM and 𝑘𝑘𝑚𝑚,𝑗𝑗 (𝑗𝑗 =  1,⋯ ,𝑛𝑛)  are 
logarithmic regression coefficients of the mth 
component. The one-dimensional fragility curve of 
single parameter IM of the double-deck curved 
girder bridge can be obtained by multiple integrals 
of input parameters. 

3 Double-deck curved girder bridge 
model 

Figure 2. Finite element model 

In this paper, the segment between piers P30–P33 
of a double-deck curved steel-box girder bridge 
with a span of 3 × 25m is selected as the research 

object, and its spatial dynamic finite element 
analysis model is established (Figure 2). The beam 
is simulated by elastic beam–column element. The 
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pier is a double-deck frame, and the longitudinal 
reinforcement ratios of the upper and lower pier 
columns are 1.340% and 1.034%, respectively. The 
nonlinear fiber beam–column element is used to 
simulate its elastoplastic behavior, which is 
determined by the nonlinear stress–strain 
relationship of fiber materials [14] [15]. Two 
spherical steel bearings are set under the beam of 
each floor, which are simulated by zero-length 
elements with bilinear stiffness [16]. In addition, 
shear bolts made of steel plates are set at the 
bearing centerline of each layer of the beam as 
the limiting device. Two gap elements in parallel 
between the beam and the substructure are set to 
simulate the bidirectional collision effect of the 
limit device. The bridge site is a class I1 site. The 
probability distribution of PGA is obtained 
according to the seismic risk analysis [5], and the 
PGA value is sampled. According to the sampling 
PGA value, the 100 ground motion records are 
selected from the PEER database (Figure 3), and 
simultaneously input into the sample models 
along the direction of U1 and U2 (Figure 2). 

4 A multidimensional seismic 
fragility model of double-deck 
curved girder bridge is established 
based on ANN and LLR 

Figure 3. Ground motion records 

4.1 Fragility curve 

The demand and capacity models are used to 
calculate component demand and capacity, and 
LLR is used to build a multidimensional seismic 
fragility model of the double-deck curved girder 
bridge. Because of the energy dissipation effect of 
the bearing and limit device, Figure 4(a) shows 
that the likelihood of pier damage is slightly lower 
than that of bearing and limit device damage. 
Figure 4(b) and Figure 4(c) show that when PGA = 
0.1 g, the probability of slight damage to bearing 
and limit devices reaches 80%, but the probability 
of greater damage under an earthquake is low. 
When the probability of minor damage to the pier 
is 50%, the PGA is 0.3 g. Furthermore, the LSPM4 
probability of the pier is less than 5%, and the 
curve does not alter appreciably as PGA increases. 

4.2 Parameter sensitivity analysis of 
fragility 

The sensitivity of fragility to input parameters is 
measured by the regression coefficient of each 
damage state of the double-deck curved girder 
bridge. Under the states of slight damage and 
medium damage, the clearance parameter of the 
limit device is the most sensitive parameter, 
followed by the ground motion intensity (Figure 
5(a) and Figure 5(b)). The increasing gap of the 
limit device decreases the failure risk of the pier. 
This result can be explained by the fact that 
increasing the gap increases the deformable range 
of bearing, which can provide more energy 
dissipation and less energy sent to the pier. The 
most sensitive parameter impacting pier ductility 
at increasing damage states is PGA, whereas other 
factors have negligible effect (Figure 5(c) and 
Figure 5(d)). Before the pier entirely fails, the yield 
strength of the reinforcement is critical. 

5 Conclusions 
1) Based on ANN technology, the seismic demand
model of a double-deck curved girder bridge has
been established, which can directly estimate the
demand values of components according to the
input parameters.
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Figure 4. Seismic fragility curve of components: (a) pier; (b) bearing; (c) limit device 

Figure 5. Relative importance of input parameters under various damage limit states: (a) LSPM1; (b) LSPM2; 
(c) LSPM3; (d) LSPM4
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2) The LLR approach is used to build a
multidimensional seismic fragility model for the
bearing, limit device, and pier of a double-deck
curved girder bridge. The probability of slight
damage to bearing and limit devices exceeds 80%
when ground motion intensity is low, although the
probability of greater damage under an
earthquake is minimal. Furthermore, the energy
dissipation of the bearing minimizes the
deterioration process of the pier, reducing the
likelihood of extensive damage.

3) Compared with other parameters, the gap of
the limit device has the greatest effect on the
fragility of the bearing and limit device. The
impact of the friction coefficient of bearing and
concrete strength on component fragility reduces
as the damage level increases. Meanwhile, ground
motion strength is the most important factor in
pier damage.
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Abstract 
Long-span suspension bridges are vulnerable to vortex-induced vibrations (VIVs), e.g., the Humen 
Bridge and the Xihoumen Bridge in China. This study focuses on a novel strategy by using damped 
outriggers to control rotations of bridge deck at the junction points between the girder and a bridge 
tower or pier. A simplified model of a suspension bridge with damped outriggers is used for damping 
analysis. Considering practical parameter ranges, the maximal damping ratio provided by one 
damped outrigger to a specific mode is about 1.0%. Influences of bridge boundary conditions, 
installation position of damped outriggers, and interaction between multiple damped outriggers are 
studied. When multiple damped outriggers are installed, the damping effects of multiple modes can 
be further improved. It is shown that damped outriggers are effective in suppressing multimode 
vibrations of long-span suspension bridges. 

Keywords: Damping; suspension bridge; damped outrigger; vortex-induced vibration; complex 
modal analysis. 

1 Introduction 
In the last decades, with the increase of bridge span, 
the stiffness of the bridge becomes lower. 
Meanwhile, the frequency and damping decrease, 
which makes the bridge easier to vibrate under the 
action of wind and vehicles [1], particularly the 
vortex-induced vibrations (VIVs). The vibrations 
could threaten the experience of bridge users, and 
may even endanger the safety of the bridge 
structure. Vibration mitigation remains a 
challenging issue for long-span bridges. 

At present, vibration control methods for long-
span bridges mainly include aerodynamic 
treatments, mechanical devices, and structural 

countermeasures [2]. The commonly used 
mechanical devices include direct energy 
dissipation dampers and tuned mass dampers 
(TMD). TMD can be connected to a structure at an 
arbitrary position to control the absolute 
displacement [3]. However, it can only be 
optimized to a certain vibration mode. Compared 
with a TMD, direct energy dissipation dampers 
need to be installed between two points with large 
relative displacements of the structure to achieve 
vibration mitigation and energy consumption. The 
dampers for controlling the vibration of the main 
girder have been considered between the tower 
and the girder beam [4]. It is noted that the vertical 
relative displacements of the bridges at the 
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damper installation positions are usually small, and 
the damping improvements can be limited. 

Recently, a novel strategy of installing damped 
outriggers has been proposed [5][6]. The damped 
outriggers aim at vibration mitigation of main 
girder rotation, which are applicable regardless 
whether there are vertical bearings between the 
bridge girder and the tower. Following the 
development in [5][6], this study focuses on the 
damping effect of installation damped outriggers 
on a suspension bridge and performs parametric 
analysis using an analytical model. 

The remainder of this paper is as follows: Section 2 
presents the concept of damped outriggers 
installed at long-span bridges. Subsequently, a 
simplified model is proposed in Section 3 to 
calculate the damping and frequency variations 
provided by damped outriggers. Section 4 analyses 
damping effect and influence factors of damped 
outriggers. Finally, Section 5 concludes the paper. 

2 Concept of Damped Outrigger 
Damped outrigger is firstly proposed [7] for 
vibration mitigation in high-rise buildings. The 
stiffness outrigger is connected between the core 
tube of the building and the perimeter columns to 
transfer the rotation of core tube into linear 
displacement. The vertically series connected 
dampers are used for energy dissipation. 

Figure 1. The concept of damped outrigger on the 
bridge. 

The concept of damped outriggers for large-span 
bridges has been proposed in Refs. [5][6] as shown 
in Figure 1. Damped outrigger on the bridge is 
composed of the outriggers directly connected to 
the main girders and the horizontal dampers at the 

end. The other end of the damper is connected to 
the cross beam or transverse support of the bridge 
towers/piers. The function of outrigger is to 
convert the rotation of bridge girders at the tower-
girder junction point to translational displacements. 
Subsequently, the dampers at the end of outriggers 
are used for vibration mitigation and energy 
dissipation. The provided rotational damping is a 
multiplication of force arm (the length of outrigger) 
and the damping coefficient of the damper. 
Therefore, with the same rotational damping effect, 
the longer the length of outriggers, the smaller the 
damping coefficients of the dampers are required, 
and vice versa. 

3 Analytical Modelling 

3.1 Model Formulation 

To demonstrate damping effects of the proposed 
damped outriggers in Figure 1 on long-span bridges, 
suspension bridges which are particularly 
vulnerable to VIVs are considered. A simplified 
model is used in this study [5]. As shown in Figure 
2, a suspension bridge with a main span and a side 
span is considered. The main cables and the main 
girder are modeled as a tensioned beam 
considering the horizontal tension (𝑇𝑇) in the main 
cables and the bending stiffness of the main girder 
(𝐸𝐸𝐸𝐸). The length of the tensioned beam (𝐿𝐿) is the 
total length of the bridge main span and side span 
(with a length of 𝑙𝑙1). The beam is simply supported 
at its two ends, and an intermediate support is 
considered at the tower between the two spans. 
Three moments are applied at the two ends and 
the intermediate support, respectively, to consider 
possible installation of the damped outriggers and 
the boundary conditions. Considering free 
vibrations of the beam, the three moments are 
denoted by 𝑀𝑀1𝑒𝑒i𝜔𝜔𝜔𝜔 , 𝑀𝑀2𝑒𝑒i𝜔𝜔𝜔𝜔  and 𝑀𝑀0𝑒𝑒i𝜔𝜔𝜔𝜔 , 
respectively, with 𝑡𝑡  = time variable, i = √−1 and 
𝜔𝜔  = system circular frequency, and the vertical 
supporting force is denoted by 𝑉𝑉0𝑒𝑒i𝜔𝜔𝜔𝜔 . Note that 
similar but simpler systems have been studied in 
the literature in the context of cable vibration 
mitigation [8]. 

3.2 Frequencies and Damping Analyses 

For dynamic analyses of the tensioned beam in 
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Figure 2. A tensioned beam model to simulate a suspension bridge with damped outriggers. 

Figure 2, the analytical formulation based on 
dynamic stiffness method [9] is followed. The 
conveniently normalized model allows efficient 
parametric analyses with the intermediate damped 
outrigger at an arbitrary location. 

3.2.1 Dynamic stiffness method 

For modelling a tensioned beam, a dimensionless 
parameter representing the relative importance of 
its axial stiffness to its bending stiffness is defined 

𝛾𝛾 = �𝑇𝑇𝐿𝐿
2

𝐸𝐸𝐸𝐸
. (1) 

Note that 𝛾𝛾 → 0  represents for a beam without 
tension while 𝛾𝛾 → ∞ corresponds to a taut string 
without bending stiffness. 

The damped frequency (𝜔𝜔 ) can be normalized 
according to two frequencies in the limiting cases, 
as 

𝜔𝜔� =
𝜔𝜔
𝜔𝜔01𝑠𝑠

=
𝜔𝜔𝐿𝐿
𝜋𝜋
�
𝑚𝑚
𝑇𝑇

,𝜔𝜔� =
𝜔𝜔
𝜔𝜔01𝑏𝑏

=
𝜔𝜔
𝜋𝜋2

�𝑚𝑚𝐿𝐿
4

𝐸𝐸𝐸𝐸
. (2) 

In the preceding expressions, 𝜔𝜔01
𝑠𝑠 = 𝜋𝜋�𝑇𝑇/𝑚𝑚/𝐿𝐿 is 

the circular frequency of the first mode of a taut 
string with length 𝐿𝐿, tension 𝑇𝑇, distributed mass 𝑚𝑚 
and no attachment; 𝜔𝜔01

𝑏𝑏 = 𝜋𝜋2�𝐸𝐸𝐸𝐸/𝑚𝑚/𝐿𝐿2 
corresponds to the first circular frequency of a 
Bernoulli beam with bending stiffness 𝐸𝐸𝐸𝐸 , total 
length 𝐿𝐿, and mass per unit length 𝑚𝑚 in the case of 
pinned-pinned supports. Note that 𝜔𝜔01

𝑠𝑠 = 𝜔𝜔01
𝑏𝑏  𝛾𝛾/𝜋𝜋 

and 𝜔𝜔� =  𝜋𝜋 𝜔𝜔�/ 𝛾𝛾. 

For a general beam element indexed by 𝑗𝑗 and with 
a length of 𝑙𝑙𝑗𝑗 , dimensionless length is defined as 
𝜇𝜇𝑗𝑗 = 𝑙𝑙𝑗𝑗/𝐿𝐿 . The vibration displacements and 
rotations at its two ends are related to the 
corresponding shear forces and moments at the 
ends by [9] 

𝐸𝐸𝐸𝐸
𝐿𝐿3

⎣
⎢
⎢
⎢
⎢
⎡ 𝑘𝑘11

𝑒𝑒𝑗𝑗 𝑘𝑘12
𝑒𝑒𝑗𝑗

𝑘𝑘12
𝑒𝑒𝑗𝑗 𝑘𝑘22

𝑒𝑒𝑗𝑗
𝑘𝑘13
𝑒𝑒𝑗𝑗 𝑘𝑘14

𝑒𝑒𝑗𝑗

−𝑘𝑘14
𝑒𝑒𝑗𝑗 𝑘𝑘24

𝑒𝑒𝑗𝑗

𝑘𝑘13
𝑒𝑒𝑗𝑗 −𝑘𝑘14

𝑒𝑒𝑗𝑗

𝑘𝑘14
𝑒𝑒𝑗𝑗 𝑘𝑘24

𝑒𝑒𝑗𝑗
𝑘𝑘11
𝑒𝑒𝑗𝑗 −𝑘𝑘12

𝑒𝑒𝑗𝑗

−𝑘𝑘12
𝑒𝑒𝑗𝑗 𝑘𝑘22

𝑒𝑒𝑗𝑗 ⎦
⎥
⎥
⎥
⎥
⎤

⎩
⎪
⎨

⎪
⎧
𝛼𝛼𝑙𝑙

𝜃𝜃𝑙𝑙𝐿𝐿

𝛼𝛼𝑟𝑟

𝜃𝜃𝑟𝑟𝐿𝐿⎭
⎪
⎬

⎪
⎫

=

⎩
⎪
⎨

⎪
⎧

𝑉𝑉𝑙𝑙

𝑀𝑀𝑙𝑙/𝐿𝐿

𝑉𝑉𝑟𝑟

𝑀𝑀𝑟𝑟/𝐿𝐿⎭
⎪
⎬

⎪
⎫

. (3) 

In Eqn. (3), 𝛼𝛼 , 𝜃𝜃 , 𝑉𝑉 , and 𝑀𝑀 denote the lateral 
displacement, rotation, shear force and moment, 
respectively. And the subscript 𝑙𝑙 or 𝑟𝑟 indicates the 
left or right end of the element. Note that the time 
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dependence has been eliminated from the 
equation. In the left-hand side of the equation, the 
element-wise dynamic stiffness matrix has a 
dimension of 4 × 4, where 𝑘𝑘𝑒𝑒 denotes a coefficient. 
The superscript 𝑗𝑗  indicates the element number, 
and its subscript defines its location in the element-
wise dynamic stiffness matrix. The dynamic 
stiffness matrix of a tensioned beam segment with 
normalized parameters. As the coefficients in Eqn. 
(3) have been defined and given in [9]. It will not be
expressed in this paper due to the length limitation.

3.2.2 Frequency equation 

The tensioned beam in Figure 2 is divided by the 
intermediate support into two segments, 
respectively with a length of 𝑙𝑙1 and 𝐿𝐿 − 𝑙𝑙𝑗𝑗. Denote 
the displacement at intermediate damped 
outrigger by 𝛼𝛼0𝑒𝑒i𝜔𝜔𝜔𝜔, and the three rotations at the 
left end, the intermediate damped outrigger, and 
the right end by𝜃𝜃1𝑒𝑒i𝜔𝜔𝜔𝜔, 𝜃𝜃0𝑒𝑒i𝜔𝜔𝜔𝜔, and 𝜃𝜃2𝑒𝑒i𝜔𝜔𝜔𝜔 in free 
vibration analysis. The assemblage of the 
contributions from the two beam segments 
associated with these four degrees of freedom 
leads to Eqn. (4). 

𝐸𝐸𝐸𝐸
𝐿𝐿3

⎣
⎢
⎢
⎢
⎡𝑘𝑘11

𝑒𝑒1 + 𝑘𝑘12𝑒𝑒2 + 𝜅𝜅 −𝑘𝑘12𝑒𝑒1+𝑘𝑘12𝑒𝑒2

−𝑘𝑘12𝑒𝑒1+𝑘𝑘12𝑒𝑒2 𝑘𝑘22𝑒𝑒1 + 𝑘𝑘22𝑒𝑒2 + 𝜏𝜏0
−𝑘𝑘14𝑒𝑒1 𝑘𝑘14𝑒𝑒2

𝑘𝑘24𝑒𝑒1 𝑘𝑘24𝑒𝑒2

−𝑘𝑘14𝑒𝑒1 −𝑘𝑘24𝑒𝑒1

𝑘𝑘14𝑒𝑒2 𝑘𝑘24𝑒𝑒2
𝑘𝑘22𝑒𝑒1 + 𝜏𝜏1 0

0 𝑘𝑘22𝑒𝑒2 + 𝜏𝜏2⎦
⎥
⎥
⎥
⎤

⎩
⎪
⎨

⎪
⎧
𝛼𝛼0
𝜃𝜃0𝐿𝐿

𝜃𝜃1𝐿𝐿
𝜃𝜃2𝐿𝐿⎭

⎪
⎬

⎪
⎫

=

⎩
⎪
⎨

⎪
⎧

0
0
0
0⎭
⎪
⎬

⎪
⎫

. (4) 

In the frequency domain, the following relations 
are defined 

𝑀𝑀𝑗𝑗/𝐿𝐿 =
𝐸𝐸𝐸𝐸
𝐿𝐿3
𝜏𝜏𝑗𝑗𝜃𝜃𝑗𝑗𝐿𝐿 ⇒ 𝜏𝜏𝑗𝑗 =

𝐿𝐿2

𝐸𝐸𝐸𝐸
𝑀𝑀𝑗𝑗
𝜃𝜃𝑗𝑗𝐿𝐿

, (5) 

𝑉𝑉0 =
𝐸𝐸𝐸𝐸
𝐿𝐿3
𝜅𝜅𝛼𝛼0 ⇒ 𝜅𝜅 =

𝐿𝐿3

𝐸𝐸𝐸𝐸
𝑉𝑉0
𝛼𝛼0

, (6) 

where 𝑗𝑗 = 1,2,𝑜𝑜.  In Eqn. (5-6), 𝜅𝜅  denotes 
normalized dynamic stiffness of the vertical 
support at intermediate damped outrigger, and 𝜏𝜏𝑗𝑗 
is normalized dynamic rotational stiffness of the 
end constraint or damped outriggers. 

The determinant of the coefficient matrix in Eqn. (4) 
gives the system frequency equation. Furthermore, 
frequencies of the beam with damped outriggers 
can then be solved [8][9][10]. In this study, the 
argument principal method proposed in [11] is 
used. Subsequently, modal damping ratios, 𝜁𝜁𝑛𝑛 with 
𝑛𝑛 = mode index, are estimated from the complex 
frequencies by 

𝜁𝜁𝑛𝑛 =
𝔍𝔍(𝜔𝜔�𝑛𝑛)
|𝜔𝜔�𝑛𝑛| =

𝔍𝔍(𝜔𝜔�𝑛𝑛)
|𝜔𝜔�𝑛𝑛| , (7) 

where 𝔍𝔍( ) and | | denote the imaginary part and 
modulus of a complex-valued number. 
Correspondingly, complex mode shapes can also be 
obtained. 

3.3 Modelling Damped Outriggers, Vertical 
Supports and Boundary Constraints 

In this study, viscous dampers and the flexibility of 
the outriggers are considered, i.e., the damped 
outrigger is analyzed using a Maxwell model, as 
shown Figure 2. The viscous coefficient of the 
damper is denoted by 𝑐𝑐0  and the stiffness 
coefficient of the outrigger is denoted by 𝑘𝑘0. The 
vertical distance of the damping force away from 
the beam is denoted by 𝑟𝑟0. The amplitude of the 
moment generated by the damped outrigger is 
thus represented by 

𝑀𝑀0 = 𝑟𝑟0𝑘𝑘0(𝑈𝑈0 − 𝑈𝑈0𝑑𝑑) = 𝑟𝑟0𝑐𝑐0𝑖𝑖𝜔𝜔𝑈𝑈0𝑑𝑑 , (8) 

where 𝑈𝑈0  is the total horizontal deformation 
amplitude of the outrigger at the position where 
the damper is installed and 𝑈𝑈0𝑑𝑑  denotes the 
amplitude of the damper deformation. Note that 
𝑈𝑈0 = 𝑟𝑟0𝜃𝜃0. Using the second relation in Eqn. (8), 
one finds 
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𝑈𝑈0𝑑𝑑 =
𝑘𝑘0𝑟𝑟0/𝐿𝐿

𝑘𝑘0 + 𝑖𝑖𝑐𝑐0𝜔𝜔
𝜃𝜃0𝐿𝐿. (9) 

From Eqn. (5), one finds 

𝜏𝜏0 =
𝐿𝐿2

𝐸𝐸𝐸𝐸
𝑀𝑀0

𝜃𝜃0𝐿𝐿
=
𝐿𝐿2

𝐸𝐸𝐸𝐸
𝑖𝑖𝜔𝜔𝑐𝑐0𝑘𝑘0𝑟𝑟02/𝐿𝐿
𝑘𝑘0 + 𝑖𝑖𝑐𝑐0𝜔𝜔

=
𝑖𝑖𝜋𝜋2𝜔𝜔��̃�𝑐0𝑘𝑘�0
𝑘𝑘�0 + 𝑖𝑖�̃�𝑐0𝜋𝜋2𝜔𝜔�

=
𝑖𝑖�̂�𝑐0𝑘𝑘�0𝜋𝜋𝛾𝛾2𝜔𝜔�
𝑘𝑘�0 + 𝑖𝑖�̂�𝑐0𝜋𝜋𝜔𝜔�

,
(10) 

where the dimensionless outrigger parameters are 
defined as 

𝑘𝑘�0 =
𝑘𝑘0𝐿𝐿𝑟𝑟02

𝐸𝐸𝐸𝐸 , �̃�𝑐0 =
𝑐𝑐0𝑟𝑟02

𝐿𝐿√𝑚𝑚𝐸𝐸𝐸𝐸
, 

𝑘𝑘�0 =
𝑘𝑘0𝑟𝑟02

𝑇𝑇𝐿𝐿 , �̂�𝑐0 =
𝑐𝑐0𝑟𝑟02

𝐿𝐿2√𝑇𝑇𝑚𝑚
. 

(11) 

When the bridge has both a main span and side 
spans, the Kelvin-Voigt model is used to consider 
possible vertical support and dampers between the 
tower and the girder. The stiffness and damper 
coefficients are denoted by 𝑘𝑘𝑣𝑣 and 𝑐𝑐𝑣𝑣, respectively. 
The vertical force 𝑉𝑉0 is then expressed as 

𝑉𝑉0 = (𝑘𝑘𝑣𝑣 + 𝑖𝑖𝑐𝑐𝑣𝑣𝜔𝜔)𝛼𝛼0. (12) 

Using Eqn. (6), one finds 

𝜅𝜅 =
𝑘𝑘𝑣𝑣𝐿𝐿3

𝐸𝐸𝐸𝐸 +
𝑖𝑖𝑐𝑐𝑣𝑣𝜔𝜔𝐿𝐿3

𝐸𝐸𝐸𝐸 = 𝑘𝑘�𝑣𝑣 + 𝑖𝑖�̃�𝑐𝑣𝑣𝜋𝜋𝜔𝜔�𝛾𝛾

= 𝑘𝑘�𝑣𝑣 + 𝑖𝑖�̂�𝑐𝑣𝑣𝜋𝜋𝜔𝜔�𝛾𝛾2, 
(13) 

with the dimensionless stiffness and damper 
coefficients defined as 

𝑘𝑘�𝑣𝑣 =
𝑘𝑘𝑣𝑣𝐿𝐿3

𝐸𝐸𝐸𝐸 , �̃�𝑐𝑣𝑣 =
𝑐𝑐𝑣𝑣𝐿𝐿
√𝐸𝐸𝐸𝐸𝑚𝑚

= 𝛾𝛾�̂�𝑐𝑣𝑣, �̂�𝑐𝑣𝑣 =
𝑐𝑐𝑣𝑣
√𝑇𝑇𝑚𝑚

. (14) 

The two parameters 𝜏𝜏1  and 𝜏𝜏2  can be used to 
model the rotational constraints at the beam ends, 
and thus the moments owing to the end springs can 
be represented in the frequency domain by 

𝑀𝑀𝑗𝑗 = 𝑘𝑘𝑗𝑗𝜃𝜃𝑗𝑗, 𝜏𝜏𝑗𝑗 =
𝑘𝑘𝑗𝑗𝐿𝐿
𝐸𝐸𝐸𝐸

, 𝑗𝑗 = 1,2, (15) 

where 𝜏𝜏1  and 𝜏𝜏2  represent dimensionless 
rotational spring coefficients at the beam ends. 
Furthermore, one can use the derived model to 
consider the beam installed with multiple damped 

outriggers, e. g., one at an intermediate position, as 
Eqn. (10), and two respectively at the ends, 

𝜏𝜏𝑗𝑗 =
𝐿𝐿2

𝐸𝐸𝐸𝐸
𝑀𝑀𝑗𝑗
𝜃𝜃𝑗𝑗𝐿𝐿

=
𝑖𝑖𝜋𝜋2𝜔𝜔��̃�𝑐0𝑗𝑗𝑘𝑘�0𝑗𝑗
𝑘𝑘�0𝑗𝑗 + 𝑖𝑖�̃�𝑐0𝑗𝑗𝜋𝜋2𝜔𝜔�

=
𝑖𝑖�̂�𝑐0𝑗𝑗𝑘𝑘�0𝑗𝑗𝜋𝜋𝛾𝛾2𝜔𝜔�
𝑘𝑘�0𝑗𝑗 + 𝑖𝑖�̂�𝑐0𝑗𝑗𝜋𝜋𝜔𝜔�

, 

 𝑗𝑗 = 1,2, 

(16) 

where 𝑘𝑘�0𝑗𝑗 , 𝑘𝑘�0𝑗𝑗  , and �̃�𝑐0𝑗𝑗  , �̂�𝑐0𝑗𝑗  are normalized 
stiffness and damper coefficients of the damped 
outriggers installed at the beam ends. Their 
definitions are similar as given in Eqn. (11). With 
the expressions of 𝜅𝜅, 𝜏𝜏0, 𝜏𝜏1 and 𝜏𝜏2 substituted into 
Eqn. (4-6), the frequency, damping and mode 
shapes of the tensioned beam can then be 
analyzed. 

4 Damping Analyses Using the 
Simplified Model 

In this section, the first eight modes of a tensioned 
beam are considered in damping analyses. 

For parametric study, Table 1 lists values of 𝛾𝛾 
computed using Eqn. (1). It is seen that 𝛾𝛾 is in the 
range of 30 to 80. Therefore, in the following 
analyses, 𝛾𝛾 = 50 is adopted in most of the cases of 
the following study and the influence of 𝛾𝛾  is 
discussed in [5]. 

Table 1. Relative stiffness 𝛾𝛾 of typical suspension 
bridges [5] 

No. Suspension Bridges 𝜸𝜸 

1 The Xihoumen Bridge 77.14 

2 The Runyang Yangtze River Bridge 37.35 

3 The Great Belt Bridge 63.56 

4 The Jiangyin Yangtze River Bridge 71.32 

5 The Faith Sultan Mehamet Bridge 34.81 

6 The Yangsigang Yangtze River Bridge 74.72 

4.1 One Damped Outrigger 

Figure 3 shows that when the damped outrigger is 
installed at an end of the tensioned beam (𝜇𝜇1 = 0) 
and when 𝛾𝛾 = 50 with a damped outrigger 𝑘𝑘�0 =
104 . Figure 3(a) represents frequency loci with 
respect to increasing damper coefficient �̃�𝑐0, where 
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the circles denote the origins ( �̃�𝑐0 = 0 ) and the 
crosses denote the terminals ( �̃�𝑐0 = ∞ ) of the 
frequency loci, while Figure 3(b) is damping curve. 
The maximal supplemental damping for single 
mode is approximately 1.0% respectively for the 
first eight modes. Such amount of damping is large 
as compared to the inherent damping of long-span 
bridges. For higher modes, the maximal damping 
ratios are slightly increased, while the optimal 
damper coefficients �̃�𝑐0

𝑜𝑜𝑜𝑜𝜔𝜔  are decreased with 
respect to increasing mode number. In this case, 
when the design target is set to increase the lower 
bound of the damping ratios of the first eight 
modes, the optimal damper coefficient is around 
�̃�𝑐0
𝑜𝑜𝑜𝑜𝜔𝜔 = 0.12  and all the eight modes have 

supplemental damping larger than 0.6%, as 
indicated by the intersection point (nonzero 
damping) of the damping curves of the first and 
eighth modes in Figure 3(b). 

Figure 3. Complex frequencies and damping 
effects of a tensioned beam 

4.1.1 Influence of boundary conditions 

For a suspension bridge with several spans, the 
bridge girder is continuous at the tower locations 
and there are no vertical bearings installed 
between the girder and the tower in many cases, 

e.g., the Xihoumen Bridge [12], the so-called
floating system. In this case, the system can be
modeled as a tensioned beam with an intermediate
vertical support which simulates the supporting
effect of the towers. When the damped outrigger
is installed between the tower and the bridge
girder, the vertical supporting effect needs to be
assessed. For this purpose, a damped outrigger is
considered to be installed at 𝜇𝜇1 = 0.26, referring
to the span arrangement of the Xihoumen
Bridge[12], and a vertical spring with varied
coefficient 𝜅𝜅 is studied.

Figure 4. Influence of vertical constraint at an 
intermediate position 

Figure 4 shows the maximal damping variations 
with respect to the increasing supporting stiffness 
and variations of the corresponding optimal 
damper coefficients when 𝛾𝛾 = 50, 𝜇𝜇1 = 0.26 and 
𝑘𝑘�0 = 104. Figure 4(a) represents maximal damping 
versus supporting stiffness while Figure 4(b) 
denotes optimal damper coefficient versus 
supporting stiffness. Due to the installation 
location of the damped outrigger, the damping 
ratios of the second and six modes of the beam are 
relatively small when the supporting stiffness is 
small. When the supporting stiffness 𝜅𝜅  is larger 
than 105, the maximal damping ratios of the first 
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eight modes are changed considerably. And when 
𝜅𝜅 > 107, the damping ratios of all the modes are 
almost unchanged as 𝜅𝜅 further increases. 

Figure 4(a) depicts that when the supporting effect 
of the tower is considered, the damped outrigger 
installed between the tower and the girder can still 
supply relatively large damping to several modes, 
e.g., the first eight modes except for the fourth and
the eighth modes. The low damping ratios of the
fourth and eighth modes are attributed to the fact
that the damped outrigger is close to a position
where the rotation amplitude of the vibration
modes are small. Generally speaking, for a
suspension bridge with a floating system, the
supplemental damping depends on the supporting
effect of the tower while most modes can attain
quite large damping.

Furthermore, the effects of rotational constraints 
on the damping effect of damped outriggers 
installed near beam ends are also evaluated. 

Figure 5. Influence of rotational constraint at the 
beam end 

Consider 𝛾𝛾 = 50  and the damped outrigger is 
installed at 𝜇𝜇1 = 0.005 . A rotational spring with 
dimensionless coefficient 𝜏𝜏1  is considered at the 
end close to the damped outrigger with 𝑘𝑘�0 = 104, 
as depicted in Figure 5. Figure 5(a) shows the 

maximal damping versus rotational stiffness 𝜏𝜏1and 
Figure 5(b) is optimal damper coefficient versus 
rotational stiffness 𝜏𝜏1 . With the dimensionless 
coefficient increasing from 1 to 105 , supplement 
damping of all the eight modes first decreases 
slowly when  𝜏𝜏1 < 10 , then decreases quickly 
when  𝜏𝜏1 increases from 10 to 1000, and eventually 
almost unchanged for further increase of 𝜏𝜏1 when  
𝜏𝜏1 > 1000 . Apparently, the rotational constraint 
on the beam end where the damped outrigger is 
installed reduces the rotation amplitude, hence 
decreasing the supplement damping for all the 
modes. Correspondingly, the optimal damper 
coefficient is increased along with increasing  𝜏𝜏1. 

4.1.2 Influence of outrigger location 

In practical design, the damped outrigger may not 
be able to exactly installed at the end of the bridge 
girder. Hence, the effect of damped outrigger 
position is investigated in this part. 

The damped outrigger position is varied from 𝜇𝜇1 =
0 to 𝜇𝜇1 = 0.5. Consider 𝛾𝛾 = 50 and 𝑘𝑘�0 = 104. For 
each position, the maximal damping and optimal 
damper coefficients of first four modes are 
analyzed. Figure 6(a) shows variations of the 
maximal damping ratios with respect to damped 
outrigger location. It is seen that for each mode the 
damping ratio is increased to a maximum when 𝜇𝜇1 
is increasing from zero and then decreased to zero 
when the damped outrigger location approaches 
the first antinode (where the rotation is constantly 
zero during beam vibrations) of the corresponding 
mode shape of the tensioned beam without any 
attachments [5]. When the damped outrigger 
moves further towards the beam mid-point, the 
maximal damping first increases and attains to 
maximum at a node of the corresponding mode 
shape, and then decreases to zero when 
approaches the next antinode of the same mode 
shape. The evolution of the maximal damping 
between two adjacent antinodes is similar for each 
mode. Hence, only the damping variations for the 
first four modes are shown in Figure 6(a). Figure 6(b) 
shows the variations of optimal damper 
coefficients versus damped outrigger location. The 
optimal coefficients increase considerably when 𝜇𝜇1 
increases from zero and then decrease slightly 
when the damped outrigger approaches an 
antinode. When the damped outrigger moves 
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towards the beam mid-point and between two 
adjacent antinodes of the mode shape, the optimal 
coefficient first increases and then decreases. Note 
that when the damped outrigger is at an antinode 
of the mode shape, the optimal damper coefficient 
is undefined as the damping is zero regardless of 
the damper coefficient. 

Figure 6. Influence of outrigger location on maxi- 
mal damping and the corresponding optimal 

damper coefficients 

Furthermore, the influences of outrigger stiffness 
and 𝛾𝛾  have been discussed in previous study [5], 
which will not be expanded in this paper. 

4.2 Two Damped Outriggers 

The case of two damped outriggers installed 
respectively at an intermediate position and the 
right end respectively is discussed here. Assume 
𝜇𝜇1 = 0.26 and 𝑘𝑘�𝑣𝑣 = 107 to model the supporting 
effect of bridge tower. The parameters of the 
damped outriggers are denoted by �̃�𝑐0, 𝑘𝑘�0 and �̃�𝑐02, 
𝑘𝑘�02  respectively. Again, 𝑘𝑘�0 = 𝑘𝑘�02 = 104 . The 
damping ratios of the 1st, 8th, 3rd and 4th modes 
are plotted in Figure 7 with respect to varying 
damping coefficients �̃�𝑐0 and �̃�𝑐02. In this case, it is 
seen that for the 1st mode shown in Figure 7(a), the 
combined damping is approximately the sum of 

each damped outrigger installed independently. 
However, for the other modes, an interaction 
between the two damped outriggers is clearly seen. 
For the Figure 7(b) which represents  the damping 
ratio of 8th mode, the maximal damping effect is 
much larger than the sum of the two damped 
outriggers when installed independently and the 
optimal damping coefficients are changed. For the 
3rd and 4th modes, the interaction is even more 
significant, as seen in Figure 7(c) and Figure 7(d). 
Therefore, it is required to optimize the parameters 
of the two damped outriggers simultaneously to 
obtain the optimal damping effects accurately.  

Figure 7. Damping effects of one end damped out-
rigger and one intermediate damped outrigger. 

When installing more damped outriggers, e.g., two 
damped outriggers at the girder ends and one 
intermediate damped outrigger, it is expected to 
have the damping further increased, but the 
parameters of the damping system need to be 
optimized considering all the damped outriggers 
simultaneously [6]. The method is similar but 
required further investigation. 

5 Conclusions 
In this paper, a novel vibration mitigation method 
for long-span cable-supported bridges are 
considered, which uses damped outriggers 
installed between the bridge girders and towers to 
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control the rotations of main girders. Based on 
analytical studies using a simplified model to 
simulate a suspension bridge with damped 
outriggers, the damping effects and influence 
factors of the first eight vertical modes are 
analyzed, and the conclusions are drawn as follows. 

(1) When one damped outrigger is installed at the
bridge, it can provide damping ratio over 1%
for each single mode. However, for multiple
modes vibration control, it cannot achieve the
optimal damping coefficient of damped
outrigger for each mode synchronously. Hence,
single damped outrigger can provide damping
ratio over 0.6% for each mode with optimal
damper coefficients. Furthermore, the
maximal damping effect is also related to the
boundary condition, outrigger location and
other influential factors. The influence
between these factors is discussed in detail.

(2) When multiple damped outriggers are installed 
at different locations for a suspension bridge,
two damped outriggers installed at an
intermediate position and the right end
respectively are considered. The damping ratio
for single mode can achieve more than 1.8%,
which is effective in vibration mitigation.
However, the damping coefficients and other
parameters of multiple damped outriggers are
also required to be optimized simultaneously,
which can be investigated in future.
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Abstract 
This paper investigated the thermomechanical performance of a simply-supported steel girder 
bridge above a tanker fire by coupling the computational fluid dynamics (CFD) method and finite 
element method (FEM). Numerical results show that the presented method was able to replicate 
the inhomogeneous thermomechanical response of box bridges exposed to real fires. The girder 
failed due to the buckling of a central diaphragm after the ignition of the investigated tanker fire in 
no more than 10 min. The framework presented in this study is programmatic and friendly to 
researchers and can be applied to estimate bridges in different fire conditions. 

Keywords: steel bridge; fire; thermomechanical performance; CFD; FEM. 

1 Introduction 
Fire-induced damages to bridges appear as an 
increasing concern as more bridges fail due to 
vehicle fires [1-3]. The fire threat to bridges can 
worsen along with the prominent development of 
transport of inflammable products. By reducing 
the material strength dramatically, fires can result 
in partial or total collapses of bridges. Famous 
examples include MacArthur Maze, the I-65 
overpass, and the more recent railway bridge in 
Tempe town in the USA. 

Exposed to fires, steel bridges deflect seriously 
and can reach the ultimate state at high 

temperatures. Previous studies simplified the fire 
condition as the temperatures increased over time 
for building structures, such as the ISO834 curve 
and ASTM119 fire. However, bridge fires usually 
have no air limitations. Therefore, adopting 
prescriptive curves for bridges can underestimate 
surrounding temperatures and make the safety 
estimation unconvinced. 

Comparatively, coupling the computational fluid 
dynamics (CFD) model of the fire scenario and the 
finite element (FE) model of the exposed 
structural portion can provide a more realistic 
insight into the thermomechanical behavior of the 
bridges in fire conditions [4]. However, the 
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behavior of steel box girders in fire conditions has 
not been investigated in this realistic way. The 
fire-driven heat flow can be very complex when 
confined to the crisscross plates of the main girder. 
Simplifying the fire environment as temperature 
curves can introduce significant deviations to the 
numerical prediction of the thermomechanical 
response of exposed bridges. 

This paper investigated the performance of a 
simply-supported steel bridge subjected to an 
under-deck tanker fire using the coupled CFD-FE 
method. The CFD fire model was developed in a 
fire dynamics platform, then the thermal 
boundary information was extracted, and lastly, 
the thermomechanical performance of the 
exposed bridge was analyzed through a 
sequentially coupled FE simulation. 

2 Methodology 
Simulating the performance of a structure 
subjected to fire usually has three steps. The first 
is to determine the temperature field surrounding 
exposed components. The second is to perform a 
thermal analysis to obtain the inside temperature 
propagation. The last is the structural simulation 
to evaluate the mechanical behavior. 

The CFD approach is an advanced tool to 
reproduce the fire scenario, providing a more 
accurate temperature distribution for following FE 
simulations. One of the effective CFD software is 
Fire Dynamics Simulator (FDS). It is a large-eddy 
simulation (LES) based code designed to model 
the fire-driven fluid flow by solving the Navier-
Stokes equations numerically. The goal of the LES 
is to evolve the cell mean values of mass, 
momentum, and energy explicitly while 
accounting for the effects that subgrid transport 
and chemistry have on the mean fields. More 
mathematical models are demonstrated in [5]. 

Validated by various experiments, FDS can predict 
fire-related quantities, such as the gas-phase 
temperature field, heat flux, and smoke 
movement [6]. FDS was thereby adopted in this 
study to reproduce the fire environment in the 
first step as described above. However, the 
general method of transferring heat fluxes from 
the fire model is very complex because numerous 

vector quantities are required. Wickström et al. [7] 
proposed an easier method to transport the 
results from the fire model to the FE model than 
using heat fluxes. That is to assume a perfectly 
insulated surface overlaid on fire-exposed 
surfaces and calculate the heat flux by using the 
hypothetical surface temperature, the adiabatic 
surface temperature, 𝑇𝑇𝐴𝐴𝐴𝐴𝐴𝐴 , and heat transfer 
coefficient, ℎ: 

�̇�𝑞𝑡𝑡𝑡𝑡𝑡𝑡′′ = 𝜀𝜀𝜀𝜀 �(𝑇𝑇𝐴𝐴𝐴𝐴𝐴𝐴)4 − �𝑇𝑇𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠�
4�

+ ℎ�𝑇𝑇𝐴𝐴𝐴𝐴𝐴𝐴 − 𝑇𝑇𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠�

where 𝜀𝜀  is the surface emissivity, 𝜀𝜀  the Stefan-
Boltzmann constant, ℎ  the convective heat 
transfer coefficient, and 𝑇𝑇𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠  the surface 
temperature. It shows that the heat fluxes 
imposed on surfaces can be determined by a 
single quantity 𝑇𝑇𝐴𝐴𝐴𝐴𝐴𝐴, which can be measured by 
using plate thermometers in experiments. Before 
the FDS simulation, measuring devices were 
arranged at the centroids of the elements adopted 
for discretizing these panels. For each element, 
the simulation process yields the 𝑇𝑇𝐴𝐴𝐴𝐴𝐴𝐴  and ℎ , 
providing the thermal boundary for following FE 
calculations. 

To determine the response of the exposed bridge, 
a sequentially coupled thermomechanical FE 
simulation was carried out, considering the 
thermal exposure extracted from the FDS process. 
The temperature field was calculated first and 
then applied as the body load to the structural 
model transferred from the thermal model. Note 
that FDS can also calculate the surface 
temperature using the 1D heat transfer model, 
neglecting the in-plane heat conduction. This can 
introduce a considerable inaccuracy compared 
with the real 3D thermal propagation. The 
presented coupled CFD-FE methodology can more 
precisely consider the heat flow and the 3D 
thermal conduction and radiation. More details of 
the numerical framework and its experimental 
validation can be found in [8]. 

3 Engineering Background 

3.1 Prototype bridge 

The investigated prototype bridge is shown in 
Figure 1. It is a steel box beam bridge simply 
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supported with a span of 66.65 m and a length of 
67.85 m. The bridge is symmetrical both 
longitudinally and laterally. It spans a two-way six-
lane highway with a clearance of 8.911 m from the 
deck bottom to highway pavement. The cross-
section of the bridge girder has two hollow thin-
walled boxes, each of which is composed of one 
2.3-m-wide floor, two 3.32-m-high webs, and six 
longitudinal stiffeners. In the lateral direction, the 
girder boxes are jointed through four types of 
diaphragms, namely, S, C, T, and D, which are 
shown in Figure 1(b). The composed deck is 10.8 
m wide and 3.32 m deep. In the longitudinal 
direction, the roof is 18 or 20 or 30 mm thick, the 
floor is 30 or 35 or 40 mm thick, and the web is 16 
or 18 mm thick. All of these panels and stiffeners 
are made of Q345 steel. On each end, the deck is 
supported by a twin-limb pier through two 
bearings. 

3.2 Fire scenario and loading condition 

Surrounding the prototype bridge, numerous 
plants are producing inflammable chemicals. 
Potential fires can be triggered by the frequent 
transport of these products. This study considered 
a tanker fire that occurred beneath the bridge. 

The fire source was assumed as 2.8 m (x) × 8 m (y) 
× 2 m (z) in dimensions, located centrally in the 
longitudinal axis and 2 m east of the longitudinal-
vertical symmetry plane. The fire surface was 6.9 
m below the bottom girder surface. 

Spontaneous fire combustion usually contains 
three stages: the growth stage, steady stage, and 
decay stage. The heat release rate per unit area 
(HRRPUA) can be adopted to quantify the fire 
intensity. Existing studies on fire impacts to 
bridges evaluated the HRRPUA ranging from 1600 
to 3290 kW/m2. This study considered an HRRPUA 
of 2400 kW/m2. The maximum heat release rate 
(HRR) of the tanker fire was 53.76 MW. The fire 
was assumed to sustain for 60 min until it was 
extinguished by firefighting forces. 

When the bridge is exposed to fire, the 
combustion soot will be notable, and the vehicles 
in the vicinity will dodge. If there are sporadic cars 
on the bridge, the load can also be neglected due 
to the less importance of the living load, which has 
been demonstrated in [9]. Thereby only the self-
weight of the main girder and bridge facilities was 
considered. 

Figure 1. Structural profile of bridge girder: (a) elevation view of main plates; (b) section view of diaphragms 
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4 Fire-Thermomechanical Response 

4.1 Fire behavior 

The combustion process considering the gas flow 
influenced by obstructions was simulated by 
developing an FDS fire model, as shown in Figure 2. 
The computational space for simulation was 
defined as 74.4 m (x) × 16 m (y) × 18 m (z). The 
domain was discretized by 2,678,400 cubic cells 
with a 0.2 m side length, which was determined 
by the user manual of FDS [9]. Concrete piers 
were modeled as solid obstructions, and steel 
girders were considered thin-walled panels 
assigned with thermal material property varying 
with temperatures as specified in Eurocode 3. The 
bottom edge of the computational domain was 
modeled as a concrete floor whose temperature 

remained constant at 20 ℃, and other space 
edges were passively opened to the surrounding 
environment. The open boundary is where fluid is 
allowed to flow into or out of the computational 
domain depending on the local pressure gradient. 
The boundary condition for the pressure depends 
on whether the local flow is incoming or outgoing. 

As shown in Figure 2, the 53.76-MW fire source 
engendered a flame reaching the girder floor. Due 
to the 2-m eastern deviation of the fire, the flame 
engulfed the east box of the girder. The geometry 
of the bridge deck is overlaid by the transient 𝑇𝑇𝐴𝐴𝐴𝐴𝐴𝐴, 
and the results of piers and cap beams were not 
recorded to save the time cost in the extracting 
process for boundary results. The flame geometry 
and 𝑇𝑇𝐴𝐴𝐴𝐴𝐴𝐴 distribution oscillated drastically due to 
the fire-driven plume and remained at a dynamic 
steady state after the fire became stable. 

Figure 2. FDS model and fire behavior 

Figure 3 presents the time-averaged gas 
temperature from the sectional view (x = 0). Due 
to the upward fire-driven flow, the gas 
temperature in the vicinity of the midspan is very 
inhomogeneous, verifying that the temperature 
curves based on layered temperature models are 
not suitable for box bridges. The maximum gas 
temperature was around 1060 ℃ at the bottom 
surface of the east box above the fire. A portion of 
the hot gas flowed out of the space enclosed by 
the roof and two central webs, introducing 
exposure to the east flange. The gas in the east 
box had a higher temperature than that in the 
west box. The inside temperature elevation was 
attributed to the radiation from the hotter webs 
and floors. 

4.2 Thermal response 

The thermomechanical FE model was developed 
in the ANSYS platform based on the designed 
profiles to find the fire-induced performance of 
the bridge girder. Main structural panels in the 
bridge girder were considered, including roofs, 
floors, diaphragms, webs, and longitudinal 
stiffeners. The uniform element size of 0.6 m was 
used to discretize all plates. The heat transfer, 
including convection and radiation, was analyzed 
using the 3-dimensional layered element type 
SHELL131 with in-plane and through-thickness 
thermal conduction capability. On both sides of 
each SHELL131 element, surface effect elements 
(SURF152) were overlaid to consider the effect of 
both radiation and convection between exposed 
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surfaces and their proximities. The developed FE 
model had 25,520 shell elements and 51,040 
surface elements in total. The temperature- 
dependent material property specified in 
Eurocode 3 [10] was adopted for the steel panels 
because its applicability has been validated by 
numerous experimental and numerical studies. 

Figure 3. Gas temperature (sectional view) 

The adiabatic surface temperature, 𝑇𝑇𝐴𝐴𝐴𝐴𝐴𝐴, and heat 
transfer coefficient, ℎ , calculated by the FDS 
simulation, was applied as the boundary of the 
thermal FE model and were assigned to the extra 
nodes and applied on the surface elements, 
respectively. To determine the fire-induced 
response of the girder, a sequential coupled 
thermomechanical simulation was performed. The 
60-min thermal simulation was carried out
considering a maximum and minimum time step
of 1 s and 10 s, respectively. Newton–Raphson
solution method is applied to reach convergence
at each iteration within a time step, and
nonlinearities of material and geometry were
considered. However, the structural simulation
did not converge at 535 s using the minimum time
step of 0.005 s.

Figure 4 shows the temperature distribution of 
main plates at the failure moment. The portion 
over the fire source was remarkably affected in its 
temperature, and the parts on two ends were not 
thermally influenced. Because of the isolation of 
floors, the temperature of the roof in two girder 
boxes was mainly affected by radiation and was 
not increased obviously. However, the 

temperature of the central roof was dramatically 
elevated because it was directly exposed to the 
fire. The lateral deviation of the fire source 
enhanced the temperature of the east flange 
compared to the west flange. Each box contains 
two webs. The four webs in the girder we denoted 
as web 1 to web 4 from west to east. The tanker 
fire almost unaffected the westmost web because 
the flame was confined to the domain enclosed by 
two central webs. Exposed directly to the flame, 
the west web of the east box had the most 
significant temperature increment in its bottom 
part up to 579 ℃. The temperature at the central 
portion of the eastmost and west webs was also 
raised by around 360 ℃ due to conduction and 
convection. Compared to web 4, web 2 had a 
broader influenced district because the former 
was directly exposed to flame and the heat flow 
overflowed whereas the latter was heated by the 
hot gas gathered in the enclosures between two 
central webs. Regarding the floor, the east one 
also received the most exposure and had a higher 
temperature, up to 481 ℃. The temperature of 
the west floor was not obviously affected by the 
fire source. 

4.3 Structural response 

The developed structural FE model was obtained 
based on the thermal FE model described above 
by removing surface effect elements and 
transferring the element type from thermal 
element to structural element. The structural 
model had the same discretization as the thermal 
FE model. At the north end of the bridge, the deck 
bottom was constrained in its vertical and 
longitudinal directions, and only the vertical 
degrees of freedom were restricted at the south 
end. The constrained locations were these nodes 
of the girder floor supported by bearings. To 
ensure the structural determination in the lateral 
direction, one node at the north bearing was 
laterally constrained. The spatially and temporally 
resolved temperature response was applied to the 
structural FE model as body loads for the 
structural simulation. The mechanical property of 
deck material at high temperatures was adopted 
from the Eurocode 3. 
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Figure 4. Isotherm of main plates at failure 

Figure 5 shows the stress distribution for the main 
plates of the girder at failure. The fire source 
increased the stress in a considerable portion of 
the girder. The high-stress district is the plates 
enclosing seven central chambers, including the 
roof and two central webs. The roof stress was 
increased significantly up to 227 MPa. The two 
central webs, webs 2 and 3, were directly exposed 
to heat flows and had higher stresses at the 
districts connecting other plates, reaching up to 
262 MPa and 236 MPa, respectively. The other 
two side webs had a lower stress elevation mainly 

due to the expansion of neighboring panels. 
Regarding the floor, the stress at the welding 
district of the inner east floor edge and the closest 
diaphragm to fire was elevated to 202 MPa. 
Comparatively, the east floor had a global stress 
elevation of up to over 100 MPa. The difference in 
the stress enhancement of the girder floor was 
mainly due to the east floor was influenced 
partially by the fire, whereas the stress in the west 
floor was interpreted as the fire-induced response 
of the global girder. 

Figure 5. Mises stress of main plates at failure 
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Figure 6 shows the fire-induced deformation of 
the roof, including five longitudinal paths and one 
lateral path. The longitudinal paths included the 
longitudinal roof centerline and the top edges of 
four webs, and the lateral path was the lateral 
roof centerline. Note that the shape only 
represents the fire-induced deformation. Due to 
the fire-induced high temperature, the centerline 
of the girder roof deformed up to 9.0 mm 
downward and 1.8 mm upward. The wavy 
configuration was mainly caused by the thermal 
expansion obstructed by diaphragms. 

In each box, the two webs had a close 
deformation. The two boxes deformed by around 

4.0 mm and 4.6 mm, respectively. It means the 
two boxes behaved separately and integrally 
under the eccentric fire load due to the 
considerable bending and torsional stiffnesses of 
the box configuration. Because the fire source 
deviated to the east, the east box was exposed to 
more heat and deformed more significantly. The 
sectional view shows that the global girder twisted 
and rotated towards the fire due to the eccentric 
temperature propagation. Through the calculation 
based on the top edges of the central two webs, 
the section rotated 0.1163° subjected to the 
eastern deviated tanker fire. 

Figure 6. Roof deformation at failure 

International standards have some specifications 
for defining the failure criteria of fire-exposed 
beam structures. For instance, BS 476-10: 2009 
stipulates a vertical deformation of L⁄20 and a 
limiting rate of deflection of L2 / 9000d over 1 min, 
which means a beam subjected to fire can be 
considered as failed when any of the two 
indicators is reached. However, none of these 
specified criteria was satisfied in this studied case 
at the moment that the FE simulation did not 
converge at 535 s. These prescriptive criteria were 
proposed for ensuring the safety of testing 
facilities and are usually applicable when 
simulations can converge or experimental 
specimens can survive, leaving a decision space 
for engineers. In this case, the bridge can only 
sustain 535 s in the investigated 53.76-MW tanker 
fire. 

The failure model is displayed in Figure 7 with the 
roof being hidden. It is shown that the girder 
failed due to the out-of-plane buckling of the 
diaphragm closest to the fire source. The 
diaphragms closest to the fire source had the 
highest response at 694 ℃, which is significantly 
higher than the temperature of the main panels, 
which peaked at 579 ℃ . This is because 
diaphragms received two-side exposures, whereas 
other panels were exposed to hot gases only on 
one side. Subjected to the serious expansion 
confined by central two webs, the diaphragms 
closest to the fire buckled out of the plane. 

5 Conclusions 
This paper presents a numerical investigation to 
capture the thermomechanical response of a 
simply-supported steel bridge in fires by coupling 
the CFD fire model and FE model of the bridge. A 
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hypothetical under-deck tanker fire with a 
maximum power of 53.76 MW at midspan 
dramatically impacted the bridge. The 
temperatures of exposed panels, especially 
diaphragms and welding portions between webs, 
floors, and diaphragms, were increased 
significantly. As a result, a considerable portion of 
plates was elevated in their stress. In addition, the 
2-m lateral eastern deviation of the fire source
forced the girder to deform and rotate towards
the fire source. The girder failed after less than 10
min due to the out-of-plane buckling of the
central diaphragm.

Figure 7. Failure model of girder (roof is hidden) 

Compared to existing works, this study introduced 
a programmatic framework to transfer the 
boundary information from the CFD-based fire 
model to the thermomechanical FE model, 
avoiding adopting less accurate temperature 
curves and simplifying the fire environment as 
spatially-uniform temperature distribution. The 
fire-induced gradient thermomechanical response 
of the bridge girder was reproduced using the 
coupled CFD-FE simulation. The presented study 
was carried out using a programmatic process and 
can be extended to other bridges in fire conditions. 
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Abstract 
Suspended footbridges are set apart by being much more lightweight and slender compared to 
conventional highway bridges. For this reason, the stiffness and damping of the bridge system are 
significantly lower, causing an outsized influence of wind load. Therefore, a precise evaluation must 
be performed to secure the wind stability of the suspended footbridge. However, design 
specifications are not documented, and reported studies are insufficient. In this study, a 
conventional 2-DOF section model test was conducted to estimate the flutter wind velocity of the 
suspended footbridge and observe the flutter behavior. Frequency domain step-by-step flutter 
analysis was performed to identify the flutter generation mechanism of examined suspended 
footbridge. It was deduced that the decrease of torsional damping due to the torsional-driven 
vertical vibration and coupled aeroelastic force induced the torsional flutter. 

Keywords: suspended footbridge; flutter stability; section model test; aeroelastic flutter analysis; 
flutter behavior. 

1 Introduction 
Suspended footbridges are gaining interest 
worldwide with rising demand for their 
construction. In particular, the title for the longest 
suspended footbridge is in fierce competition to 
promote local tourism. The suspended footbridge 
is a highly flexible structure because the deck 
contributes little to the rigidity of the structural 
system, and the main cable supports the entire 
bridge. As an indicator of flexibility, the aspect ratio, 
the main span length/width ratio, can be used [1]. 
The 516 Arouca Bridge of Portugal, the world’s 
longest suspended footbridge built in 2020, is 

516.5 m long and 2.1 m wide, with an aspect ratio 
of 246 [2]. It is significantly higher than the aspect 
ratio of 45 of the world’s longest suspension bridge 
span of the 1915 Çanakkale Bridge. It can be seen 
that the suspended footbridge is a much more 
flexible structure than the conventional highway 
bridge. The slenderness and lightweight 
characteristics of suspended footbridges cause the 
vibration response induced by dynamic loads to 
occur relatively larger than highway bridges [3-5]. 
In particular, flutter instability is an important 
structural problem that must be resolved at the 
design stage due to suspended footbridges being 
mainly installed in mountainous or coastal terrain 
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[6, 7]. Unlike highway bridges, suspended 
footbridges have limited options in viable cross-
section shapes, and it is difficult to apply additional 
aerodynamic vibration control devices such as 
fairings, flaps, and stabilizers. Therefore, a strict 
evaluation of wind resistance is required. However, 
the specifications on design and installation are not 
documented, and the reported precedent studies 
are still insufficient. In this study, the conventional 
2 degree-of-freedom (DOF) section model test and 
the aeroelastic flutter analysis, which are currently 
used in evaluating the wind stability of the highway 
bridges, are conducted. Based on the test and 
analysis results, the flutter behavior and 
generation mechanism of the examined suspended 
footbridge were identified. 

2 Wind tunnel test of bridge section 
model 

2.1 Examined bridge 

The examined bridge is a suspended footbridge 
with a span length of 303 m, a width of 1,85 m, and 
an aspect ratio of 164 connecting the two coastal 
cliffs. The suspended footbridge is supported by 
short steel pillars attached to the ground on both 
sides. Decks and frames are hung by two main 
cables and ten eccentric sub-cables installed along 
the span, and the spacing of the cables is kept 
constant across the entire bridge (Figure 1). Since 
the flutter wind velocity is sensitive to the porosity 
of the bottom plate, in this study, the bottom plate 
was purposefully closed for the wind tunnel test to 
study the flutter instability of the suspended 
footbridge in-depth. 

Figure 1. Cross-section of examined suspended 
footbridge (unit: m) 

2.2 Experimental setup for section model 
test 

Aerodynamic sectional model tests were 
performed in an open-circuit Eiffel-type wind 
tunnel at Seoul National University, South Korea. 
The test section of the wind tunnel had a width of 
1 m, a height of 1,5 m, and a length of 6 m. The 
required details of the bridge deck were simulated 
to satisfy the similitude law. The length scale of the 
tested section model is 1/12. Correspondingly, the 
section model had a width of 0,154 m, a height of 
0,15 m, and a length of 0,9 m. The main bodies of 
the section model were made from balsa wood. 
The spacing and thickness of equivalent converted 
handrails were adopted to maintain the air 
permeability of the grating. The model was 
elastically suspended using four pairs of linear 
springs and a special bracket that could simulate 2 
DOF motions. The wind velocity was monitored 
using a pitot tube. The displacement responses of 
the model were measured using four laser 
displacement sensors arranged outside the wind 
tunnel. The sampling frequency of the sensors was 
set to 500 Hz for a sampling period of 60 s. The 
section model installed in the wind tunnel test 
section is shown in Figure 2. The dynamic 
parameters of the model system used in the 
section model test are listed in Table 1.
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Table 1. Dynamic parameters for section model test 

Name Prototype Target value Experimental value Difference 
Width 4,450 m 0,371 m 0,371 m 0,00 % 
Mass 0,524 t/m 3,640 kg/m 3,642 kg/m 0,06 % 
Mass moment of inertia 1,027 tm2/m 0,050 kgm2/m 0,048 kgm2/m -3,28 % 
𝒇𝒇𝒗𝒗𝒗𝒗𝒗𝒗. 0,283 Hz 1,885 Hz 1,885 Hz 0,00 % 
𝒇𝒇𝒕𝒕𝒕𝒕𝒗𝒗.  0,446 Hz 2,971 Hz 3,077 Hz 3,57 % 

Frequency ratio �= 𝒇𝒇𝒕𝒕𝒕𝒕𝒗𝒗. 
𝒇𝒇𝒗𝒗𝒗𝒗𝒗𝒗.

� 1,576 1,576 1,633 3,57 % 

𝝃𝝃𝒗𝒗𝒗𝒗𝒗𝒗. 0,250 % 
𝝃𝝃𝒕𝒕𝒕𝒕𝒗𝒗.  0,175 % 

Figure 2. Section model in the wind tunnel 

2.3 Extraction of flutter derivatives 

Flutter derivatives were extracted by the force 
vibration wind tunnel test. Aeroelastic flutter 
analysis utilized these flutter derivatives to identify 
the flutter generation mechanism observed in the 
section model test. The flutter derivatives can be 
defined as shown in Eqns. (1,2) [8]:  

𝐿𝐿𝑠𝑠𝑠𝑠 =
1
2
𝜌𝜌𝑈𝑈2𝐵𝐵 �𝑘𝑘𝐻𝐻1∗

ℎ̇
𝑈𝑈

+ 𝑘𝑘𝐻𝐻2∗
𝐵𝐵�̇�𝛼
𝑈𝑈

+ 𝑘𝑘2𝐻𝐻3∗𝛼𝛼 + 𝑘𝑘2𝐻𝐻4∗
ℎ
𝐵𝐵�

 
(1) 

𝑀𝑀𝑠𝑠𝑠𝑠 =
1
2
𝜌𝜌𝑈𝑈2𝐵𝐵2 �𝑘𝑘𝐴𝐴1∗

ℎ̇
𝑈𝑈

+ 𝑘𝑘𝐴𝐴2∗
𝐵𝐵�̇�𝛼
𝑈𝑈

+ 𝑘𝑘2𝐴𝐴3∗𝛼𝛼 + 𝑘𝑘2𝐴𝐴4∗
ℎ
𝐵𝐵�

 
(2) 

where 𝑈𝑈  is mean wind velocity; 𝜌𝜌  is air density; 
𝐵𝐵(= 2𝑏𝑏)  is bridge deck width; 𝑘𝑘(= 𝐵𝐵𝐵𝐵/𝑈𝑈)  is 
reduced circular frequency; 𝐵𝐵 is circular frequency; 

𝐿𝐿𝑠𝑠𝑠𝑠  and 𝑀𝑀𝑠𝑠𝑠𝑠  are the self-excited lift force and 
pitching moment, respectively; Hi

* and Ai
* (i = 1, ..., 

4) are flutter derivatives.

The 1DOF vertical/torsional forced vibration tests 
were performed with a corresponding vibration 
amplitude of 10 mm and 0,6°, respectively, for a 
wind attack angle of 0°. The estimated flutter 
derivatives are presented in Figure 3. 

Figure 3. Flutter derivatives: (a) 𝐻𝐻∗; (b) 𝐴𝐴∗ 
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3 Wind stability evaluation 

3.1 Section model test results 

The section model test was performed at a wind 
attack angle of 0° under uniform flow conditions. 
The maximum vertical and torsional vibration 
responses converted into the prototype scale are 
presented in Figure 4. The vibration responses 
increased gradually to wind velocities of 15,0 m/s. 
Finally, the vibration amplitude diverged at a wind 
velocity of 16,4 m/s. It is noteworthy that the 
coupled flutter phenomenon was observed when 
the vertical and torsional vibration responses 
increased simultaneously. 

Furthermore, the torsional-vertical coupled flutter 
motion in which the rotation center moves 
windward was observed, as shown in Figure 5. 
Similar cases have been reported in recent studies 
evaluating the wind stability of highway bridges [9-
11]. This flutter behavior can be caused by 
torsional-driven vertical vibration due to the 
coupled aeroelastic force and the vertical-torsional 
phase difference close to π [12]. 

3.2 Aeroelastic flutter analysis 

Revised step-by-step analysis (RSBSA) [13] was 
performed to identify the coupled flutter 
generation mechanism. Figure 6 shows the flutter 
analysis results for the vertical and torsional target 
mode of the 2-DOF section model test. The wind 
velocity in which the torsional damping decreased 
to negative was 16,9 m/s, similar to the wind tunnel 
test results. In addition, RSBSA can confirm the 
effects of each flutter derivative on system 
damping, as shown in Figure 7. According to the 
compared system damping components, the 
negative damping effect is continuously added by 
A1

* and H3
* at all wind velocities. In other words, 

torsional-driven vertical vibration by a coupled 
aeroelastic force occurred first, which in turn 
affected the torsional damping. In this process, the 
influence of indirect flutter derivatives A1

* and H3
* 

were dominant. Therefore, the influence of the 
coupled aeroelastic force caused by torsional-
driven vertical vibration is nonnegligible for the 
flutter stability of the suspended footbridge, and 
in-depth consideration of countermeasures is 
needed. 

Figure 4. Section model test results 

Figure 5. Flutter motion in section model test 

Figure 6. System damping of each DOF (RSBSA) 
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Figure 7. Effects of various aeroelastic derivatives 
on torsional DOF (RSBSA) 

4 Conclusions 
(1) The flutter motion in which the rotation center

moves to the windward direction by coupled
aeroelastic force and vertical-torsional phase
difference was observed when flutter occurred
in the section model test of the examined
suspended footbridge. These were similar to
the coupled flutter generation process
reported in the preceding studies for highway
bridges.

(2) Based on the aeroelastic flutter analysis results,
the flutter generation mechanism of the
suspended footbridge could be accurately
explained. The indirect flutter derivatives A1

*

and H3
* terms continuously added a negative

damping effect throughout all wind velocities.
The torsional-driven vertical vibration from
coupled aeroelastic forces affected the
torsional damping. As a result, the torsional
damping was reduced to negative, and flutter
occurred.

(3) For the design and evaluation of the wind
stability of the suspended footbridge, it is
important to secure torsional stiffness and
vertical damping, and thorough examination
and consideration are required.
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Abstract 
In this study, a firewall was proposed as such countermeasure against the risk of vehicle fires on a 
suspension bridge, and the effect of the firewall was investigated by CFD analyses considering the 
proposed firewall. CFD analyses results, it is observed that temperatures exceeding the regulation 
of PTI standards (300℃) occur in the tanker fire scenario. Thus, countermeasures are required in 
this case. Therefore, analyses of the cases with firewall were performed, and it was confirmed that 
installing a firewall reduces the maximum temperature of the cable. Finally, the optimal dimensions 
of the firewall were suggested through a parametric study of a series of CFD analyses. In the future, 
if additional CFD analyses for various scenarios and assessment of wind stability considering the 
firewall installation are performed, it is expected that the cable members of the actual cable-
supported bridges can effectively be protected from vehicle fire. 

Keywords: firewall; suspension bridge; vehicle fire; fire test; heat transfer analysis; CFD analysis. 

1 Introduction 
Until recently, fire accidents on bridges have been 
occurring frequently worldwide. Vehicle fires affect 
bridges, the consequent damage is serious, and 
large fires can lead to the bridge collapsing [1]. 
With the development of construction technology 
and the high strength of materials, bridge spans are 
increasing, and numerous suspension bridges are 
in operation around the world. Figure 1 show the 
case of a fire accident that occurred in The New 
Little Belt Bridge in Denmark in 2013. If a vehicle 
fire occurs on a suspension bridge, damage to the 
main member may occur and cause the bridge to 
collapse. If the suspension bridge collapse, it can 
cause enormous human casualties and economic 
loss, so fire protection countermeasures are 
needed. However, fire accidents such as vehicle 
fires on the suspension bridge are currently not 
sufficiently protected. Therefore, in this study, a 
firewall system was proposed to protect the main 

members of the bridge from vehicle fires occurring 
in the suspension bridge, and the installation effect 
of the firewall was analyzed by CFD analyses 
considering the proposed firewall.  

Figure 1. Fire accident on suspension bridge

2 Firewall system proposal 
Fire tests and heat transfer analyses were 
conducted to investigate the fire resistance 
performance of the proposed firewall system. 
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2.1 Firewall materials and cases 

Tentative materials of a firewall for a suspension 
bridge were selected considering the weight, 
constructability, and fire resistance performance. 
The selected materials are FP-steel board and CRC 
board for exterior materials and mineral wool and 
aerogel insulation for interior materials, as shown 
in Figure 2 and Figure 3. Table 1 summarizes the 
thermal properties of the selected materials. A 
total of 8 firewall candidate specifications were set 
according to the combination of materials as 
shown in Figure 4. The size of the fabricated 
firewall is 1,200mm(W)×2,000mm(H), and the total 
thickness ranges from 100 to 120mm, depending 
on the quantity of the cover plates on each side.

Figure 2. Fireproof boards of firewall 

Figure 3. Insulators of firewall 

Table 1. Thermal properties of firewall materials

Thermal 
conductivity 

(W/m·℃) 

Specific heat 
(J/kg·℃) 

FP-steel board 0.129 771 

CRC board 0.188 - 

Mineral wool 0.034 753 

Aerogel 0.020 2,300 

Figure 4. Firewall section configurations 

2.2 Fire test 

2.2.1 Fire test overview 

The fire test was conducted to evaluate the fire 
resistance performance of the proposed firewall. 
The firewall specimens were heated for a total of 2 
hours according to the Korean Standard, KS F 2257 
[2]. In addition, thermocouples were installed on 
the unheated surface to measure the temperature 
and check whether the average temperature of the 
unheated surface exceeds 140℃, which is the fire 
resistance performance evaluation criteria.

2.2.2 Fire test results 

As a result of the fire tests, it was observed that the 
CRC board used as the exterior material of Case A 
and Case B was damaged to expose the internal 
insulator. Also, the aerogel insulator used as 
interior material of Case F, Case G, and Case H 
ignited during the tests. Figure 5 shows the results 
of Case B and Case H as examples of the material 
problems identified from the fire tests.

On the contrary, no serious damage was observed 
in Case C, Case D, and Case E, which are composed 
of FP-steel board and mineral wool insulator, as 
shown in Figure 6. In addition, it was confirmed 
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that the average temperature of the unheated side 
was 96.2℃, 86.2℃, and 65.5℃, respectively, and 
all of them were less than 140℃.

From these results, it is decided to utilize FP-steel 
board and mineral wool as the composition 
material of the firewall. The number of FP-steel 
boards on each side was determined after 
performing the heat transfer analyses. 

Figure 5. Material problems observed in fire tests 

Figure 6. The firewall composed of FP-steel board 
and mineral wool, before and after the experiment 

2.3 Heat transfer analysis 

2.3.1 Heat transfer analysis overview 

Heat transfer analyses were performed using 
ABAQUS standard v2021 [3] only for Case C, Case D, 
and Case E, which are the main results of the fire 
test. The firewalls were modeled using 8-node solid 
elements, and the elements size was 10mm in 
width and length, and 5mm in thickness. The total 
number of elements was 480,000. The thermal 
properties of the firewall materials were applied to 
the numerical model, and the analyses were 
performed under the same conditions as the 
experimental fire test. Figure 7 shows the 
numerical model of the heat transfer analyses.

Figure 7. Heat transfer analysis model overview

Figure 8. Heat transfer analysis results 
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2.3.2 Heat transfer analysis results 

As a result of heat transfer analysis, as shown in 
Figure 8, the average temperatures of the 
unheated side of Case C, Case D, and Case E were 
calculated as 235℃, 127℃, and 61℃, respectively. 
Therefore, it is confirmed that the fire resistance 
performance is satisfied in Case D and Case E. 
Considering the fire resistance performance and 
economic feasibility, Case D was chosen as the 
most reasonable configuration.  

2.4 Firewall system proposal 

After comprehensive review of both results of the 
fire test and heat transfer analysis, this study 
proposed Case D configuration as a firewall to 
protect cables, the main member of the suspension 
bridge, from vehicle fires as shown in Figure 9.

Figure 9. Proposed section configuration 

3 Firewall installation effect 
CFD analyses using FDS [4] were performed to 
analyze the effect of reducing the temperature 
generated on the cable from the vehicle fire by 
installing the proposed firewall on the suspension 

bridge. Also, the optimal dimension of the firewall 
was determined considering control temperature 
of 300℃ which is suggested by the PTI regulation 
[5].  

3.1 Target bridge and fire vulnerable 
location 

Figure 10 shows the target bridge and fire 
vulnerable location selected to analyze the firewall 
installation effect and determine the optimal size 
of the firewall. The target bridge is a suspension 
bridge with a total length of 2,260m. The selected 
fire vulnerable location is near the tie-down cable, 
which is structurally important and closely 
disposed to the vehicle lanes.

3.2 Fire scenario 

Determining the intensity of the fire load based on 
various, appropriate fire scenarios is a crucial task 
for fire analysis.  As shown in Figure 11, in this study, 
the fire intensity for vehicle fire was defined by 
considering the tanker fire with the highest fire 
intensity among the vehicle fire intensity models 
proposed by Chung et al. [6] which are suitable for 
use in an open environment such as a suspension 
bridge. In addition, to simulate a realistic vehicle 
fire, the average size of the actual tankers 
8.74m(L)×2.50m(W) was considered.

Wind speed and direction were calculated as 
3.6m/s (non-exceedance probability of 50 percent) 
of the west wind (Lateral direction of the bridge) by 
analyzing average wind speed per hour data 
(2019.01.01~2019.12.31) in the region where the 
target bridge is located.

Figure 10. Target bridge and fire vulnerable location (unit: m)
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Figure 11. Fire intensity model by vehicle type [6]

3.3 CFD analysis 

3.3.1 CFD analysis overview 

The model for analyzing the installation effect of 
the firewall is shown in Figure 12, and it is divided 
into two models according to the presence or 
absence of a firewall. The FDS model was 
constructed considering the location where the tie-
down cable was installed. The size of the element 
was 0.1m×0.1m×0.1m in the region where the tie-
down cable is located, 0.5m×0.5m×0.5m in the 
region where the vehicle fire is located, and 
1.0m×1.0m×1.0m in other areas. The total number 
of elements is 328,258. The vehicle fire was 
longitudinally located so that the center of the 
vehicle fire coincides with the center of the tie-
down cable, and it was laterally located on the 
shoulder. Also, the thermal properties of the cable 
according to the temperature change, specified in 
the EUROCODE 3 [7], were applied. The 
temperatures of various heights of the tie-down 
cable were calculated and compared with the 
control temperature of 300℃ suggested by PTI. 
The CFD analysis cases is listed in Table 2 based on 
the previously defined fire scenario. 

3.3.2 CFD analysis results 

The installation effect of the firewall was analyzed 
by investigating the cable temperature with 
firewalls of varying height and length, and the 
optimal dimension of the firewall was determined.

Figure 13 shows the CFD analyses results according 
to the varying height of the firewall. As shown in 
the figure, when there is no firewall or the height 

of the firewall is 1.0m, continuous contact between 
a certain section of the cable and the flame is 
observed. However, as the height of the firewall 
increased, the firewall blocks the contact between 
the cable and the flame. In addition, as shown in 
Figure 14, it was confirmed that the temperature 
less than 300℃ is achieved when the height of the 
firewall is taller than or equal to 1.5m. Therefore, 
the optimal height of the firewall was determined 
to be 1.5m for the tanker fire considered in this 
study. 

Based on the previously determined optimal height 
of the firewall, the effect of the varying longitudinal 
length of the firewall was analyzed (Figure 15). To 
focus on the flame contact and prevention of flame 
spread, the analysis was conducted with the shape 
of the flame, not the temperature contour. As a 
result, when the length of the firewall is 5m, the 
flame spreads around both edges of the firewall 
and contacts the cable. However, when the length 
of the firewall is equal to or longer than 6m, it was 
confirmed that the flame did not contact the cable 
because the spread of the flame was effectively 
prevented by the firewall. 

Figure 12. FDS model 
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Table 2. CFD analysis cases

Case ID 
Firewall 

Wind 
(m/s) Height 

(m) 
Length 

(m) 

T_N/A_W - - 3.6m/s 

T_H1.0×L8.75_W 1.0 8.75 3.6m/s 

T_H1.5×L8.75_W 1.5 8.75 3.6m/s 

T_H2.0×L8.75_W 2.0 8.75 3.6m/s 

T_H1.5×L5.00_W 1.5 5.00 3.6m/s 

T_H1.5×L6.00_W 1.5 6.00 3.6m/s 

T_H1.5×L7.00_W 1.5 7.00 3.6m/s 

T_H1.5×L8.00_W 1.5 8.00 3.6m/s 

3.3.3 CFD analysis results 

The installation effect of the firewall was analyzed 
by investigating the cable temperature with 
firewalls of varying height and length, and the 
optimal dimension of the firewall was determined.

Figure 13 shows the CFD analyses results according 
to the varying height of the firewall. As shown in 
the figure, when there is no firewall or the height 
of the firewall is 1.0m, continuous contact between 
a certain section of the cable and the flame is 
observed. However, as the height of the firewall 
increased, the firewall blocks the contact between 
the cable and the flame. In addition, as shown in 
Figure 14, it was confirmed that the temperature 
less than 300℃ is achieved when the height of the 
firewall is taller than or equal to 1.5m. Therefore, 
the optimal height of the firewall was close to be 
1.5m for the tanker fire considered in this study. 

Based on the previously determined optimal height 
of the firewall, the effect of the varying longitudinal 
length of the firewall was analyzed (Figure 15). To 
focus on the flame contact and prevention of flame 
spread, the analysis was conducted with the shape 
of the flame, not the temperature contour. As a 
result, when the length of the firewall is 5m, the 
flame spreads around both edges of the firewall 

and contacts the cable. However, when the length 
of the firewall is equal to or longer than 6m, it was 
confirmed that the flame did not contact the cable 
because the spread of the flame was effectively 
prevented by the firewall. 

Figure 13. Effect of firewall height (temperature 
contour) 

Figure 14. Effect of firewall height (temperature-
time curve) 
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Figure 15. Effect of firewall length (flame shape) 

Figure 2. Effect of firewall length (temperature-
time curve) 

In addition, as shown in Figure 16, when the length 
of the firewall is 5m, the maximum temperature 
generated in the cable reaches 313℃, and the 
maximum temperature decreases as the length of 

the firewall increases. Therefore, the optimal 
length of the firewall was close to be 6.0m for the 
tanker fire considering the control temperature of 
300℃.

4 Conclusions 
In this study, a firewall system was proposed to 
protect cables of the suspension bridge from 
vehicle fires occurring in a suspension bridge, and a 
series of CFD analyses was performed to analyze 
the effect of the proposed firewall. The main 
conclusions drawn are as follows.

To propose a firewall system, the weight, 
constructability, and fire resistance performance 
were considered for the selection of materials, and 
the tentative material combinations of the firewall 
were listed. Fire tests and heat transfer analyses 
were performed to determine the optimal section 
configuration that satisfies the regulation of fire 
resistance performance specified in KS F 2257 
(average temperature of the unheated side should 
be less than 140℃). As a result of the fire tests, it 
was observed that the CRC board and the aerogel 
insulator were damaged and ignited during the fire 
tests. Based on the results of the fire tests, heat 
transfer analyses were performed only for Case C, 
Case D, and Case E, which have sections with FP-
steel board and mineral wool. As a result, the fire 
resistance performance of the Case C did not meet 
the criteria. Therefore, by comparing and analyzing 
the results of the fire tests and heat transfer 
analyses, the optimal section configuration was 
determined as Case D.

To analyze the effect of the proposed firewall, a fire 
vulnerable location of the target bridge was 
selected, and a fire scenario was set. The tanker fire 
intensity model suitable for use in an open 
environment, such as a suspension bridge, was 
used, and the wind speed and direction suitable for 
the location of the target bridge were considered. 
Also, the CFD analysis results were reviewed based 
on the control temperature of 300℃ suggested in 
the PTI standard. As a result of the CFD analyses, 
maximum cable temperature of 411.5℃ is 
calculated when firewall is not installed. When a 
firewall of 1.0m height is installed, maximum cable 
temperature of 328.5℃, which also exceeds the 
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control temperature, is calculated. However, 
results that satisfy the PTI standard are achieved 
when the height of the firewall is equal to or taller 
than 1.5m. Also, decreasing tendency of the cable 
temperature due to increasing height of the 
firewall was confirmed. A series of CFD analyses 
was performed considering the varying length of 
the firewall, and it was confirmed that the 
temperature decrease effect appeared from 6m 
length of the firewall. Therefore, at the location 
where the tie-down cable is installed, under the 
conditions set in this study, the optimal dimensions 
of the firewall are close to be 1.5m in height and 
6.0m in length.

From the above results, if additional CFD analyses 
for various scenarios and assessment of wind 
stability considering the firewall installation are 
performed, it is expected that the cable members 
of the actual cable-supported bridges can 
effectively be protected from vehicle fire. In 
addition, it is considered that it is necessary to 
conduct a fire risk analysis together and review it 
under more reasonable conditions. 
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Abstract 
In order to study the lateral torsional buckling (LTB) law of steel I-beams within preflexed beams in 
pre-bending stage, the traditional Rayleigh Ritz method was applied, and the modified Rayleigh Ritz 
method was proposed by considering the restraint effects caused by lateral braces. A large number 
of finite element models were established  by ABAQUS. The theoretical and simulation results show 
that the modified Rayleigh Ritz method proposed in this paper can reduce the maximum relative 
error of traditional Rayleigh Ritz method by about 13%. The  effects of different parameters on the 
LTB of steel I-beams were obtained through parameter analysis. The study in this paper can provide 
reference value for the analysis of LTB of steel I- beams and the parameter selection of preflexed 
beams in pre-bending stage. 

Keywords: lateral torsional buckling; steel I-beam; lateral brace; modified Rayleigh-Ritz method. 

1 Introduction 
In recent years, with the application of preflexed 
beam in traffic engineering, the technical standard 
for preflexed composite beam bridges (CJJ/T 276-
2018) issued in 2018 summarized the relevant 
construction technology of preflexed composite 
beam: Firstly, prepare a curved steel I-beam, and 
pour the first stage concrete after the steel I-beam 
is subjected to pre-bending loads. Secondly, 

remove the pre-bending loads, and the pre-
compressive stress is applied to the first stage 
concrete which is in the tension zone. Finally, the 
second stage concrete is poured to form the 
preflexed composite beam [1-2]. 

The steel I-beam in preflexed composite beam 
usually adopts two concentrated loads in pre-
bending stage [3-5]. In pre-bending stage, the 
lateral torsional buckling of steel I-beam is easy to 
occur. Therefore, it is necessary to arrange lateral 
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braces to prevent the occurrence of lateral 
instability [6-7]. 

There are few studies on LTB of steel I-beams at 
home and abroad. Wang et al. [8] proposed the 
critical moment equations of simply supported I-
beam under lateral loads by using Galerkin 
weighted residual method. Zhang [9] solved the 
LTB theory of steel I-beam under equal end 
moment. Ozbasaran et al. [10] analyzed the LTB of 
cantilevered steel I-beam, obtained the closed 
solution and gave the corresponding calculation 
program. Nguyen et al. [11-12] solved the problem 
of steel I-beam with different number of lateral 
braces, and the effects of different numbers of 
lateral braces on LTB of steel I-beams were 
analyzed. Based on different heights of steel I-
beam and the degree of monosymmetry, 
Mohamadi et al. [13] studied the LTB critical 
moment. Dux et al. [14] studied the LTB of steel I-
beam with symmetry cable during hoisting. 
Tankova et al. [15] studied the LTB of steel I-beam 
with wedge-shaped webs and obtained the 
solution method. 

There are few studies on steel I-beams subjected to 
variable position double concentrated loads, and 
there are few studies on the accurate solution of 
the LTB critical moment. 

In this paper, based on the loading conditions of 
steel I-beams in pre-bending stage, the LTB critical 
moments of steel I-beams under movable 
concentrated loads and with different numbers of 
lateral braces were solved. Considering the 
restraint effects of beam segments caused by 
different numbers of lateral braces, the modified 
solution of Rayleigh Ritz method was proposed. 
The study in this paper can provide reference value 
for the design scheme of lateral braces of steel I-
beam in pre-bending stage. 

2 Theoretical Solution Based on the 
Traditional Rayleigh-Ritz Method 

Shown as Fig. 1, two simply supported steel I-
beams are subjected to two movable concentrated 
loads without brace and with n lateral braces. The 
location of both of the concentrated loads are 
assumed at the distance of ml / from the beam 
ends, where l is the whole length of the steel I-

beam, and the value of loading location parameter
m can be optional, which denotes the loading 
location of concentrated loads. 

 In Fig. 2(a), it is assumed that x , y and z axes 
denote strong axis, weak axis, and longitudinal axis 
of the steel I-beam, respectively. The u , v , and w
are designated for corresponding deformation of x ,
y and z , respectively. The letter R , symbol ϕ , 

point O and  point S represent the stiffness of 
lateral braces, the rotation angle of cross section, 
the centroid of cross section and the stands for the 
shear center of cross section, respectively. 

(a) Steel I-beam without brace

(b) Steel I-beam with n lateral braces

Figure 1.  Calculation models of steel I-beams 

a) Definition of section axes  b) LTB of cross section

(c) Dimensions of cross section

Figure. 2 Cross section of the steel I-beam 

In this study, the Rayleigh-Ritz method is used and 
the solution is derived based on the following 
assumptions: (a) the deformation of the member is 
small; (b) the contour of the cross section is rigid; 
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(c) the elastic torsional braces are all set to
centroidal axis;  (d) the deformation in-plane can
be ignored;  (e) the material of the structure
follows Hook’ law; (f) the stiffness of the lateral
braces R are all larger than or equal to bracing
stiffness requirement TR .

Based on the assumptions, the potential energy 
stored in steel I-beams without brace and with n
lateral braces shown in Fig. 1(a) and Fig. 1(b) can be 
written as follows, respectively: 

( )

( )

2 2 2
0 w t y0

2 2 2 2
n w t y0

1
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2
1 1U =
2 2
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y x x
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∫

∑∫
          (1) 

Where E denotes the Young’s modulus; yI denotes 
the moment of inertia about weak axis; wI denotes 
the warping constant; G denotes the shear 
modulus; tI denotes the torsional constant; yβ

denotes the monosymmetric property; xM denotes 
the moment about strong axis of steel I-beams 

induced by concentrated load; iϕ ( 1,2,3......i n= ) 
denotes the twisting angle of cross section at 
lateral bracing points. 

The energy increased by concentrated loads is: 

( )
2

21 1 1= /
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m

ϕ ϕ −  Ω − −        

         

(2) 

Where P denotes the movable concentrated load;
a denotes the distance of loading point above
shear center. 

Thus the total energy equations are obtained as 
follows form the sum of the above energy Eqs. (1) 
and (2): 
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n n

=U +
=U +

Π Ω
Π Ω

                         

  (3) 

                                              Where 0Π and nΠ are the total energy of steel I-
beams without brace and with n lateral braces, 
respectively. 

Based on the theory of material mechanics [16], 
the following Equilibrium differential equation 
about the steel I-beam is obtained: 

-y xEI u M ϕ′′ =             (4)                           

For I-beams subjected to concentrated loads 
shown as Fig. 1(a) and Fig. 1(b), the functions about

xM are expressed as: 
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For a simply supported steel I-beam, there exists no 
torque, deflection, and bending moment at both 
beam ends. As a result, the boundary conditions 
are considered as follows: 

( ) ( ) ( ) ( ) ( ) ( ) ( ) ( ) 00000000 ==′′=′′=′′==== lwvuwvu ϕϕ     (6)

When no brace exists, the buckling model is a 
symmetric half-sine-wave, when the bracing 
stiffness is larger than the bracing stiffness 
requirement TR , it will buckle in 1+n model [17], so 
the twisting angleϕ is assumed as follows which 
satisfies the above boundary conditions: 
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Where ( )0 zϕ and ( )n zϕ denote twisting angle of the
steel I-beam without brace and with n lateral 
braces, respectively; C is the deformation 
coefficient of the steel I-beam deformed as the sine 
half-wave curve. 

Substituting Eqs. (1), (2), (4), (5) and (7) into Eq. (3) 
yields the following equations: 
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Where )/sin(0 mk π= , )]/)1sin[( mnkn π+= . 

According to the potential energy principle and the 
elastic stability theory of structure [17], the 
following equation is given as: 
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Substituting Eq. (8) and lmMP /= into Eq. (9) leads 
to: 
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Where cr,0M and ncr,M represent the LTB critical 
moment of steel I-beams subjected to two movable 
concentrated loads without brace and with n
lateral braces, respectively. And the functions of 
the parameters are expressed as follows: 
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3 Modification of the Traditional 
Rayleigh-Ritz Method 

As is known,  the derivation of the above equations 
of steel I-beam with n lateral braces are based on 
the assumption that the out-of-plane deformation 
distributes as the equal amplitude between the 
length of every brace [18]. However, in pre-
bending stage, as the steel I-beam are subjected to 
two concentrated loads, the distribution of the out-
of-plane deformation is unequal due to the 
influence of bending moment distribution, which is 
shown in Table 1. In Table 1, nu and nju represent 
the out-of-plane deformation of every steel I-beam 
segment distributed by n lateral braces under 
assumed and actual condition, respectively. Under 
actual condition, it is obvious that the out-of-plane 
deformation in the area of mid-span is larger than 
that of the beam ends.  

Table 1. Comparison of out-of-plane deformation 
between assumed and actual condition 

The 
number 

of 
lateral 
braces 

Out-of-plane deformation 

Assumed 
condition Actual condition 

1n =  

 2n =  

3n =  

4n =  

The larger the out-of-plane deformation of the 
adjacent beam segments is, the greater the 
constraint effects, which results that the LTB 
critical moment ncr,M (Eq. 10b) derived as the 
assumed condition is larger than the actual LTB 
critical moment of steel I-beams in pre-bending 
stage, and this result is disadvantageous to the 
stability of steel I-beams in pre-bending stage. 

For a simply supported steel I-beam subjected to 
pure bending moment without brace, the LTB 
critical moment  is provided as [19]: 

22
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          (11) 

Where bβ is recommended by SSRC [20] as the 
following equation: 

max
b
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  (12) 

Where maxM is the maximum absolute moment 
value of the unbraced beam segment; AM , BM ,

CM are the absolute values of moment at quarter, 
center, and three-quarter point, respectively 
(shown as Fig. 3).  
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Figure 3. Quadrant moment diagram 

As for Eq. (11), bl is the length of unbraced beam 
segment; crM is the LTB critical moment of the 
unbraced beam segment which only considers the 
effect of pure bending, but ignores the constraint 
effect of adjacent beam segments due to the 
reason that there exists no lateral brace for the 
steel I-beam in the process of calculation. As a 
result, the provided LTB critical moment crM (Eq. 11) 
is smaller than the actual LTB critical moment of 
steel I-beams in pre-bending stage. 

Compared with the actual LTB critical moment in 
pre-bending stage, the proposed LTB critical 
moment ncr,M derived form Eq. (10b) is larger, while 
the provided LTB moment crM derived form Eq. (11) 
is smaller. In order to obtain the LTB critical 
moment of steel I-beams in pre-bending stage 
accurately, the modified combination coefficient

b1 βχα qp += was proposed, and five different 
combinations of modified coefficients about p and
q were analyzed based on seven cross section 
types  shown in Table 2, and the relative errors of 
LTB critical moment between the results of 
theoretical calculation and FEA are shown in Tables 
3(a), 3(b) and 3(c). 

Table 2. Cross section types of steel I-beams 

Cross 
section 
types 

l
[m
] 

h
[mm

] 

1 2f fb b=

[mm] 

wt
[m
m] 

1 2f ft t=

[mm] 

A 20 600 350 15 20 
B 25 700 400 18 22 
C 30 900 560 22 28 
D 35 1000 630 25 32 

E 40 1200 750 30 38 

F 45 1500 950 38 50 

G 50 1700 1000 48 60 

As shown in Table 2, Q345 was selected for all steel 
I-beams, the length of the steel I-beams were
selected based on the specification that the
maximum span of a single preflexed beam should
not exceed 50m [16], and the other dimensions of
cross sections were all selected according to the
AISC specification to prevent local buckling [14].

Table 3(a). Relative errors of LTB critical moment (%) 

Combination 
of 

modified 
coefficients 

Cross section 
type A 

Cross section type 
B 

1n = 2n = 3n =  1n =  2n =  3n =  

1 b0.3 0.7χ β+  0.17  -
8.28  -2.51  -0.01  -8.67  -3.25

1 b0.4 0.6χ β+  0.21  -
6.27  -0.26  0.04  -6.67  -1.01

1 b0.5 0.5χ β+  0.26  -
4.27  2.00  0.08  -4.68  1.23

1 b0.6 0.4χ β+  0.29  -
2.27  4.26  0.12  -2.68  3.47

1 b0.7 0.3χ β+  0.34  -
0.26  6.52  0.16  -0.69  5.70

Table 3(b). Relative errors of LTB critical moment 
(%) 

Combination 
of 

modified 
coefficients 

Cross section 
type C 

Cross section type 
D 

1n = 2n =  3n =  1n =  2n =  3n =  

1 b0.3 0.7χ β+  0.47  -8.75  -3.20  0.54  -8.86  -3.51

1 b0.4 0.6χ β+  0.51  -6.76  -0.96  0.59  -6.87  -1.28

1 b0.5 0.5χ β+  0.55  -4.77  1.28 0.63  -4.87  0.96

1 b0.6 0.4χ β+  0.60  -2.78  3.53 0.67  -2.89  3.19

1 b0.7 0.3χ β+  0.64  -0.79  5.76 0.71  -0.90  5.42

It can be seen from Tables 3(a), 3(b) and 3(c) that 
when the number of lateral brace is constant, the 
relative errors produced by different combinations 
of modified coefficients show an increasing or 
decreasing trend.  

Table 3(c). Relative errors of LTB critical moment (%) 

Combina
tion of 

Cross 
section 

type E 

Cross 
section 

type F 

Cross 
section 

type G 
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modified 
coefficie

nts 
n=
1 

n=
2 

n=
3 

n=
1 

n=
2 

n=
3 

n=
1 

n=
2 

n=
3 

1 b0.3 0.7χ β+  0.9
6 

-
8.
74 

-
3.4
5 

1.
36 

-
8.
37 

-
2.5
8 

1.2
4 

-
8.5
6 

-
3.3
4 

1 b0.4 0.6χ β+  1.0
1 

-
6.
75 

-
1.2
1 

1.
4 

-
6.
37 

-
0.3
2 

1.2
8 

-
6.5
6 

-
1.1 

1 b0.5 0.5χ β+ 1.0
5 

-
4.
76 

1.0
2 

1.
45 

-
4.
37 

1.9
3 

1.3
2 

-
4.5
6 

1.1
4 

1 b0.6 0.4χ β+ 1.0
9 

-
2.
77 

3.2
6 

1.
49 

-
2.
37 

4.1
8 

1.3
4 

-
2.0
3 

3.3
7 

1 b0.7 0.3χ β+  
1.1
3 

-
0.
78 

5.4
9 

1.
53 

-
0.
37 

6.4
4 

1.4
1 

-
1.2
7 

5.6
1 

According to the comprehensive relative errors of 
all cross section types from A to G, when the 
coefficient combination is 1 b0.6 0.4χ β+ , the 
standard deviation is 1.184, which is the smallest of 
all the modified coefficient combinations. 
Additionally, the relative errors of 1 b0.6 0.4χ β+ are 
all less than 5%, which meet the calculation 
requirement of steel I-beams for the usage of 
preflexed beams (CJJ/T 276-2018, 2018). Therefore, 
the 1 b0.6 0.4χ β+ is chose as the optimal modified 
coefficient combination in this study. 

As a result, the optimal combination coefficientα , 
shown as Eq. (13), is proposed to describe the 
constraint effect of beam segments, which can 
minimize the relative errors of LTB critical 
moments of steel I-beams between assumed and 
actual condition to the greatest extent: 

1 b=0.6 +0.4α χ β            (13) 

Replacing 1χ withα for the LTB critical moment ncr,M ,
then Eq. (10b) is amended as: 

( )
( )22 2

2 tw
cr,n 2 3 y 2 3 y2 22

w

1
1

1
y

y

EI l n GII
M a a

I EIl n

π
α χ χ β χ χ β

π

  +  ′    = − + + − + + +      +    

  (14) 

Where ncr,M ′ represents the modified LTB critical 
moment of steel I-beam with n lateral braces, and 
subjected to two movable concentrated loads in 
pre-bending stage. Thus the bracing stiffness 
requirement TR is presented by: 

( )2 2
cr,n cr,0

T 2
b

-

y

M M l
R

nEIβ

′
=   (15) 

4 Parameter analysis 
4.1  FEA Parameters 

In this study, considerable number of finite 
element models were created by ABAQUS 2017. 
Shown as Fig. 1, shell element was used as the part 
of steel I-beams, and S4R element type was 
adopted for mesh generation.  

Figure 4. Finite element model of the steel I-beam 

4.2  Case Parameters 

The dimensions of steel I-beams with symmetric 
sections are shown in Table 2. The length of steel I-
beams with monosymmetric cross sections are 
25m, the thickness of the top and bottom flange 
are 35mm, the thickness of web is 18mm, and the 
width of bottom flange is fixed at 400mm. The 
monosymmetric cross sections are vary with the 
value of the degree of monosymmetry ρ  

 
xI

I top=ρ  (16) 

Where topI and xI represent the moment of inertia 
of the top flange and the whole cross section of 
steel I-beams about strong axis, respectively. The 
shape of cross sections changed with ρ are shown 
in Table 4. 

Table 4. The shape of cross sections change with ρ  

The value of
ρ  

0.2 0.3 0.4 0.5 0.6 0.7 0.8 

The shape of  
cross sections 

5 Verification and parameter study 
5.1   Verification of Proposed Solution 

5.1.1   LTB Critical Moments of Steel I-beams with 
Symmetric Cross Sections 

In this section, a comparative analysis between the 
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traditional and modified Rayleigh-Ritz method was 
conducted in order to verify the proposed solution, 
the number of lateral braces was set varied from 0 
to 3, the most commonly used and studied high-
span ratio 03.0=λ and loading location parameter

4=m was set. 

As shown in Table 5 ,  for all selected cross section 
types from A to G in Table 2, when there exists no 
lateral brace or only one lateral brace is arranged, 
the relative errors between theoretical calculation 
and FEA are less than 2%. However, when the 
lateral bracing number increases, the theoretical 
results calculated by traditional Rayleigh-Ritz 
method (Eq. 10b) are larger than the results of FEA, 
especially for 3=n , the relative errors of all cross 
section types are larger than 10%. As a contrast, 
the results of modified Rayleigh-Ritz method (Eq. 
14) are close to that simulated by FEA no matter
how many lateral braces exist, when 3=n , the
relative errors are reduced by about 9% for all cross 
section types.

It can be seen that the relative errors of modified 
Rayleigh-Ritz method are all less than 5%, which 
meet the calculation requirement of the standard 
(CJJ/T 276-2018, 2018), and which is accurate for 
predicting LTB critical moment of steel I-beams 
with symmetric cross sections in pre-bending stage. 

Table 5. LTB critical moments of steel I-beams 
with symmetric cross sections 

Cross 
section  

types 

n 
Eq. (10a,b) 

[ mkN ⋅ ] 

Eq. (14) 

[ mkN ⋅ ] 

FEA 

[ mkN ⋅ ] 

Relative error 
between Eq. (10a, 

b) and FEA (%)

Relative error  

after 
modification 

[%] 

A 0 368.2 - 375.4 -1.92 - 

A 1 1091.0 1089.1 1085.9 0.47 0.29 

A 2 2603.0 2405.8 2461.6 5.74 -2.27 

A 3 4619.8 4251.7 4078.1 13.28 4.26 

B 0 482.3 - 490.7 -1.71 - 

B 1 1391.4 1389.1 1387.4 0.29 0.12 

B 2 3263.1 3015.9 3099.1 5.29 -2.68 

B 3 5746.5 5288.7 5111.5 12.42 3.47 

C 0 1260.9 - 1271.2 -0.81 - 

C 1 3931.0 3924.5 3901.0 0.77 0.60 

C 2 9683.9 8929.4 9184.5 5.44 -2.78 

C 3 17365.3 15981.9 15437.2 12.49 3.53 

D 0 1766.6 - 1755.0 0.66 - 

D 1 5370.0 5361.1 5325.4 0.84 0.67 

D 2 13082.1 12026.5 12383.8 5.64 -2.89 

D 3 23249.5 21397.3 20735.3 12.13 3.19 

E 0 3122.1 - 3122.5 -0.01 - 

E 1 9673.0 9656.9 9552.8 1.26 1.09 

E 2 23742.6 21897.8 22521.1 5.42 -2.77 

E 3 42525.4 39137.6 37903.0 12.20 3.26 

F 0 7666.7 - 7615.0 0.68 - 

F 1 24591.6 24550.7 24191.1 1.66 1.49 

F 2 61340.0 56693.5 58069.7 5.63 -2.37 

F 3 110919.3 102082.7 97982.8 13.20 4.18 

G 0 11142.3 - 11073.8 0.62 - 

G 1 33677.4 33621.1 33168.9 1.53 1.34 

G 2 81334.2 75173.9 77153.1 5.42 -2.03 

G 3 145118 133556.6 129201.
5 12.32 3.37 

5.1.2   LTB Critical Moments of Steel I-beams with 
Monosymmetric Cross Sections 

 Shown as Fig. 5(a), Fig. 5(b), Fig. 5(c), and Fig. 5(d), 
the LTB critical moments of steel I-beams with 
monosymmetric cross sections were analyzed to 
verify the modified Rayleigh-Ritz method. 

It can be seen from Fig. 5(a)  that as ρ varied from 
0.2 to 0.8, when no lateral brace exists, the 
traditional Rayleigh-Ritz method (Eq. 10a) and the 
FEA are in good agreement. When there exists one 
lateral brace, shown as the detailed structure 
diagram of Fig. 5(b), the results of Rayleigh-Ritz 
method after modification (Eq. 14) are closer to 
FEA than that before modification (Eq. 10b). As can 
be seen form Fig. 5(c) and Fig. 5(d), when there 
exist more than two lateral braces, the difference 
values between Eq. (10b) and FEA become large 
with the increase of the value of ρ and the lateral 
bracing number, when 3=n and 8.0=ρ , the 
relative error is about 11.29%. 

As is shown, the modified Eq.(14) is always well 
matched with the FEA as ρ varied from 0.2 to 0.8 
and n varied from 0 to 3. When 3=n and 8.0=ρ , 
the relative error is reduced by 9.87%, about 1.42%. 
As a result, the modified Rayleigh-Ritz method has 
better accuracy than the traditional Rayleigh-Ritz 
method for predicting LTB critical moment of steel 
I-beams in pre-bending stage.
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(a) LTB critical moments of steel I-beams without
lateral brace 

(b) LTB critical moments of steel I-beams

with one lateral brace 

(c) LTB critical moments of steel I-beams

with two lateral braces 

(d) LTB critical moments of steel I-beams
with three lateral braces

Figure 5. Comparison of LTB critical moments 
with different numbers of lateral braces 

5.2   Effects of Loading Location Parameter 

According to the analysis, it is found that the 

variation of LTB critical moments with different 
loading location parameters were similar for 
different values of ρ . As a result, LTB critical 
moments with the cross section of 5.0=ρ were 
selected as shown in Fig. 6. 

I

Figure 6. Effects of different loading location 
parameters on LTB critical moment 

Fig. 6 indicates that when 1=n , the relative errors 
between traditional Rayleigh-Ritz method (Eq. 10b) 
and FEA are small, and the curves in Fig. 6 basically 
coincide. When 2=n , the relative errors are larger 
than that of 1=n , as 3=m , the relative error is 
13.78%, and as 5=m , the relative error is 4.01%, 
while the relative errors between modified 
Rayleigh-Ritz method (Eq. 14) and FEA are 3.15% 
and -0.91%, respectively, the maximum relative 
error is reduced by 10.63%. When 3=n , the 
relative error before modification is the largest as

3=m , about 15.38%, and the smallest as 5=m , 
about 9.02%, while the relative errors after 
modification are 4.27% and 2.92% at 3=m and

5=m , respectively. The maximum relative error is 
reduced by 9.4%. 

6 Conclusions 
(1)The relative differences produced by traditional
Rayleigh Ritz method increase with the increase of
the number of lateral braces, the decrease of the
loading location parameters and the degree of
monosymmetry. (2)The modified Rayleigh Ritz
method proposed in this paper can accurately solve 
the LTB problem of steel I-beam under different
parameters, and has good accuracy and
applicability. (3)Through parameters analysis, the
effects of different parameters on LTB of steel I-
beam were obtained, which can provide reference
value for the design and parameter selection of
preflexed beam. (4)The study in this paper can
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provide reference value for improving the 
theoretical analysis of LTB of steel I-beams in pre-
bending stage. 
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Abstract 
The bearing capacity of the anchorage zone is involved in prestressed structures, which is a problem 
for the local compression zone. This paper used ABAQUS software to simulate the local compression 
of reactive powder concrete (RPC) under various conditions, according to RPC's deformation 
characteristics and mechanical properties. The damage parameters are filled in according to the 
constitutive model. The specimens with the duct have been simulated with different bearing plate 
lengths, stirrup spacing, and various reinforcement ratios and were studied. The load-displacement 
curves and ultimate bearing capacity were obtained. The summary and analysis showed that the 
stirrup spacing could provide a beneficial behavior in controlling the cracks. Moreover, the steel 
stirrup reinforcement can dissipate the energy in the specimen, and the RPC specimen's local 
compression bearing capacity is improved by increasing the bearing plate's length. 

Keywords: reactive powder concrete (RPC); ABAQUS; bearing capacity. 

1 Introduction 
Reactive powder concrete (RPC) is a unique type of 
ultra-high-performance cement-based material 
with remarkable toughness, super-high 
compressive strength, and good durability. The 
combination of prestressed and reactive powder 
concert structures has become a research priority 
to meet the building's steady transition to super 
high-rise and large-span structures. 

These structures not only have the strength and 
seismic performance of the prestressed concrete 
structures, but they also have the properties of RPC, 
such as high durability and high ductility, high 
tensile and compressive strength, and high 
toughness [1, 2]. Furthermore, post-tensioning can 
be an elegant assembly method for constructions 
built of pre-cast prestressed components. As a 
result, the subject of how to design safe end blocks 

for post-tensioning tendons is essential. Therefore, 
exploring the anchorage zone of prestressed RPC is 
significant. The behavior of steel fiber post-
tensioned anchorage zones by enhancing the 
fiber's tensile strength with ducts, reinforced by 
the orthogonal ties, and high-strength steel spirals 
has been investigated by Wei et al. [3-5]. Li et al. [6] 
studied RPC members' prestressed anchorage zone 
under various curing conditions and steel fiber 
ratios. The test results showed that steam curing 
increases the local bearing capacity of RPC 
members. Compared to natural curing, results 
showed that the bearing capacity gradually 
decreased when the steel fiber ratio exceeded 3%. 
A recent study was conducted to validate the 
possibility of extrapolating design specifications for 
concrete strengths between 80 to 120 Mpa; results 
showed that high concrete strength could decrease 
the stress under the concentrated load to a rate 
corresponding to the starting of the first cracks on 
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the prisms' sides [7]. Ay et al. [8] conducted six test 
series to investigate the bearing capacity of steel 
fiber cement-based composites (SFCBC) under a 
strip load; the tests were designed to show the 
concrete industry that which SFCBC could be used 
in place of reinforced concrete (RC). Ibell and 
Burgoyne [9] conducted various experiments 
under different strip loading. The amount and 
spacing of steel reinforcing changed over time. 
Results indicated that distributing such steel at 
depths greater than those currently utilized could 
reduce this congestion while causing a slight loss of 
anchorage capacity. 

According to previous studies, RC's reinforcement 
ratio and spacing for post-tensioned anchorage 
zones can impact the bearing capacity. However, 
the influence of replacing RC with RPC has not yet 
formed an established understanding, and limited 
studies are available. Therefore, it is necessary to 
investigate the ratio and spacing of steel 
reinforcement of RPC for post-tensioned 
anchorage zones, which could provide a higher 
bearing capacity and provide references for the 
structural performance evaluation of the ratio and 
spacing of steel reinforcing of RPC under high loads. 

In this paper, a simulation under experiments 
foundations is conducted using the finite element 
method (ABAQUS) to study the influence of the 
reinforcement ratio, spacing of steel reinforcing of 
RPC, and the local area aspect. 

2 Specimen design and properties 

2.1 Specimen design 

Based on experimental data in the literature [5], 
specimen SCR1 has been used as a foundation to 
build a finite element model (FEM) of local 
compression, and a parametric analysis has been 
conducted. 12 specimens were modeled; all the 
specimens in this simulation are prisms with an 
aspect ratio of 2.0 and a size of 200 mm × 200 mm 
× 400 mm. A duct is located in the center of the 
specimen section, with a diameter of 50 mm. Table 
1 shows the basic parameters of the specimens; 
Figure 1. shows the geometric dimensions of the 
specimen. 

Table 1. Parameters of the specimens 

No. 𝒂𝒂/mm 𝒔𝒔/mm 𝑷𝑷𝒗𝒗% 
SR 0 100 0 0 

SR (1-7) 100 (20-80) (13.7-3.9) 
SR (8-11) (80-140) 60 4.55 

Note: 𝑎𝑎 is the side length of the bearing plate, 𝑠𝑠 is 
the stirrup spacing, 𝑃𝑃𝑣𝑣 Is the reinforcement ratio. 

The main variables were the bearing plate length 
which are 80 mm,100 mm, 120 mm, and 140 mm, 
respectively. The 12 specimens have various 
reinforcement ratios ranging from 0% to 13,7%, 
and the spacing of the stirrups varied from 20 to 80 
mm. 

Figure 1. Dimensions of specimens 

2.2 Concrete material properties 

As the stress increases in the compressive region, 
the plastic deformation of the concrete material 
increases, and when the compressive strength is 
exceeded, it is crushed. It cannot bear any more 
compressive stress. Also, when a tensile force is 
applied, a crack occurs when tensile stress more 
significant than the tensile strength is applied in the 
tensile region. In general, since concrete is 
relatively sensitive to tensile behavior rather than 
compressive behavior, it is necessary to define the 
stress-strain relationship on the compression side.  

Therefore, the concrete damaged plasticity model 
provided by ABAQUS was applied in this study. 
Compared to other models, this model is suitable 
for modeling the inelastic behavior of concrete 
subjected to multiaxial stress and has the 
advantage of reflecting compression fracture of 
concrete by adopting the theory of compressive 
plasticity. The concrete damaged plasticity model 
applies the non-associated flow rule, and the flow 
potential defines the yield surface as a function of 
the dilation angle and the shape factor (𝑘𝑘𝑐𝑐) in the 
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case of concrete is 0,667 (=2/3). In this study, the 
expansion angle (ψ) of concrete was 35°, and the 
mechanical properties of RPC are shown in Table 2. 

Table 2. Mechanical properties of RPC 

Properties Unit Values 
Density Kg/m3 23,1 
σ𝑝𝑝𝑝𝑝𝑐𝑐  Pa 135,5 × 106 
ε𝑝𝑝𝑝𝑝𝑐𝑐  Pa 3560 
σ𝑝𝑝𝑝𝑝𝑡𝑡  Pa 9,7 × 106 
ε𝑝𝑝𝑝𝑝𝑡𝑡  Pa 256 

Youngs 
Modulus Pa 37890 × 106 

Poisson's Ratio 𝑣𝑣 0,19 

2.3 Steel material properties 

Unlike concrete, steel can be defined through a 
single stress-strain relationship defining the 
material's properties. It can be assumed to have 
the same stress-strain curve in the compressive 
and tensile regions. Therefore, this paper considers 
numerical stability and computational efficiency 
when changing the material properties due to 
stress changes. 

FEM analysis was performed by defining the 
material's behavior as an ideal-plastic model, as 
shown in Figure 2. The elastic modulus (𝐸𝐸𝑠𝑠 ) and 
Poisson's ratio (𝑢𝑢𝑠𝑠 ) and density of the steel are 
defined as 200 × 106  Pa, 0.3 and 7800 kg/m3, 
respectively. 
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102
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Figure 2. Uniaxial stress-strain relation of steel. 

3 FEM analysis 
This paper performed a 3D nonlinear FEM analysis 
using ABAQUS, a commercial FEM analysis program. 
The model used for the analysis consists of two 
main parts: the steel plate and the rest of the load 
transfer test body, the concrete part. The 

fundamental analysis shape was based on the test 
specimen. 

In addition, the following items were applied to 
construct an element network suitable for defining 
nodes and elements. For steel plate and concrete 
block, 8-node solid elements were used, and truss 
elements were used for stirrup reinforcement. In 
addition, to apply the boundary conditions and 
load conditions to match the actual structure and 
physical behavior, the lower end of the specimen 
was set as non-displacement in the longitudinal 
direction. In addition, the load acting on the test 
specimen is modeled using displacement by 
forming a load band on the upper surface of the 
anchorage similar to the test and increasing it 
linearly until the anchorage reaches the ultimate 
state.  

Assuming that the contact problem between 
anchorage and concrete and stirrup and concrete is 
wholly attached, compared to the behavior of the 
actual specimen, it is likely to appear more 
significant than the stiffness. Therefore, a friction 
coefficient (0.47) was applied between the 
anchorage and concrete according to the study 
results of Baltay et al. [10] In the vertical and 
horizontal directions, assuming a surface-to-
surface contact using the interaction option of 
ABAQUS. Also, in the case of those stirrups, it was 
modeled as embedded inside the concrete element 
using the embedded region option. 

3.1 Model building 

It can be seen in Figures 3 and 4 that the concrete 
and reinforced stirrup were modeled. An array of 
60 mm controls the spacing of stirrups, is 
embedded in the concrete specimen, and the 
reference point RP-1 is set at the top of the 
specimen for displacement loading; the bottom is 
set to reference point RP-2 to restrain the 
movement of the specimen. 

Figure 3. concrete model. 
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Figure 4. steel model. 

According to the failure mode in the actual test, the 
model selected, S (Von Mises), U (Displacement), 
and stress-strain curves of concrete and steel 
stirrup were used to verify it. It can be seen from 
the contour plot map in Figure 5 that the concrete 
block stress near the local compression pad is 
relatively large. 

Figure 5. Concert contour plot map 

Figure 6. Steel contour plot map. 

The stress contour plot map of the steel stirrup is 
shown in Figure 6. The steel stirrup's color shows 
that the stress and strain of the steel stirrup are the 
largest at the compression end. In the actual test, 
measuring points were also added to the steel 
stirrup, and the tensile strain of the steel near the 
top was the largest, so the overall stress was more 
consistent with the actual test. It can be seen that 
the stress of the steel stirrup is evenly distributed 
with the height. In order to save materials, future 
design ideas can make the steel stirrup near the top 
use higher-grade steel and the bottom use lower-

grade steel, giving full play to the mechanical 
properties of steel. 

Figure 7. SCR1 U contour plot map. 

As shown in Figure 7, the difference between the 
trend of the deformation, displacement, and the 
contour plot map under compression for the 
specimen with and without indirect reinforcement 
is that the overall deformation of the concrete is 
more significant, indicating that the indirect 
reinforcement makes the overall ductility of the 
specimen better. It is manifested as wedge split 
failure; the partial pressure part is concave, the 
lateral expansion occurs around the cube, and the 
deformation amount of the concrete at the bottom 
is tiny.  

3.2 FEM verification 

As shown in Figure 8, through experimentation and 
FEM, the bearing capacity value obtained through 
the FEM specimen was similar to the experimental 
value. It can be seen that it is approximately 2% 
larger than the value of the bearing capacity. That 
means the restraining effect caused by the 
transverse reinforcing stirrups is inaccurate. It is 
judged to be slightly more reflected than the 
original behavior.  

However, since the slope and overall behavior of 
the load-displacement curve obtained from 
experiments and FEM are similar, the structure's 
stiffness is adequately reflected in the FEM analysis. 
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Figure 8. The load-displacement curve of the load 
transfer test and FEM results 

4 Parametric analysis 

4.1 Stirrup spacing effects 

After verifying the model accuracy, a parametric 
analysis is obtained by changing the ratio and 
spacing of the reinforcement stirrup. Figure 9 
compares the bearing capacity-displacement 
curves of all specimens. 
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Figure 9. Bearing Capacity vs. Displacement in 
terms of stirrups spacing 

Figure 10. The Stress contour plot map of 20 mm 
and 50 mm space stirrup 

It can be seen from Figures 9 and 10 that with the 
shortening of the distance between the 
reinforcement stirrups, the ultimate stress 
increased significantly, and the ultimate strain also 
increased, which is different from changing the 
steel fiber ratio, indicating that the shortening of 
steel stirrup can significantly increase the ultimate 
tensile strain of concrete. Therefore, concrete 
failure is delayed; it also demonstrates more 
remarkable plasticity. 

In order to more intuitively analyzes the 
improvement of the local compressive bearing 
capacity of the steel stirrup, the SCR0 with the 
same constitutive model as the SRC1 was used as 
the control specimen without indirect 
reinforcement. The relevant parameters and 
variables of the specimen can be summarized in 
the following table 3, where 𝑃𝑃𝑢𝑢𝐿𝐿  is the bearing 
capacity, and,𝑃𝑃𝑢𝑢,𝐽𝐽

𝐿𝐿  Is the bearing capacity provided 
by the indirect steel stirrups. 

Table 3. Simulation results of different stirrups 
spacing 

𝒔𝒔 𝑷𝑷𝒗𝒗/% 𝑷𝑷𝒖𝒖𝑳𝑳 × 𝟏𝟏𝟏𝟏𝟑𝟑/N 𝑷𝑷𝒖𝒖,𝑱𝑱
𝑳𝑳 × 𝟏𝟏𝟏𝟏𝟑𝟑 /N 

0 0 1697 0 
20 13,65 1973 275 
30 9,1 1953 256 
40 6,83 1920 222 
50 5,46 1889 191 
60 4,55 1868 171 
70 3,9 1850 153 
80 3,41 1836 138 

As shown in Table 3, the maximum and the 
minimum bearing capacity observed for the 
specimens with and without reinforcement were 
1973 × 103 N and 1836 × 103 N, respectively. In 
contrast, the specimens with 20 mm stirrup spacing 
were approximately 1,02% and 7% higher than 
those with a stirrup spacing of 30 mm and 80 mm, 
respectively. Indicating that the bearing capacity of 
the specimens increased with the reduction of the 
stirrup spacing. 

For the same specimen without reinforcement, the 
bearing capacity was lower than the other 
specimens with reinforcement due to the 
advantage of stirp, which can contribute to 
dissipating the energy among the specimen. In 
contrast, the bearing capacity for specimens with a 
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stirrup spacing of 20 mm and 80 mm was 
approximately 7.6% and 14% higher than the 
specimen without reinforcement, respectively. 
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Figure 11. Bearing capacity vs. stirrup spacing. 

It can be seen from Figure 11 that the improvement 
of local bearing capacity provided by the indirect 
steel stirrup increased linearly with the shortening 
of the indirect steel stirrup spacing. This shows that 
the increase of the steel stirrup spacing in the local 
compression for RPC exists in a linear relationship. 
It can be seen from this that the mechanism of RPC 
local compression and the ultimate bearing 
capacity is restricted by its cracking to the failure 
stage and Continue to provide tensile stress, so the 
shorter the spacing of the steel stirrup, the shorter 
the distance from the crack to the RPC between the 
adjacent stirrups, so the bearing capacity will 
increase. On the contrary, if the spacing is too large, 
the middle concrete crack may not be able to 
transmit the force to the steel stirrup, failing. The 
stirrup spacing from the top to the middle of the 
concrete can be densified, and the bottom spacing 
can be slightly increased to achieve the best 
utilization. 

4.2 Bearing plate length 

The bearing plate length will affect the local 
compression and force process, whether the initial 
formation and distribution of cracks, specimen 
shape during failure, or compression. Therefore, 
the local compression area ratio 𝐴𝐴𝑏𝑏/𝐴𝐴𝑙𝑙  It is 
selected as one of the simulation parameters. The 
thickness of the bearing plate length is selected as 
20 mm, and various length dimensions. Figures 12 
and 13 show the compersion of all specimens' 
bearing capacity-displacement curves.  
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Figure 12. Bearing Capacity vs. Displacement in 
terms of Bearing plate length 
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Figure 13. Bearing capacity vs. bearing plate 
length. 

Table 4. Simulation results of different stirrup 
spacing. 

Bearing Plate 
length/mm Bearing Capacity× 𝟏𝟏𝟏𝟏𝟑𝟑/N 

80 1534 
100 1868 
120 2536 
140 3175 

As shown in Table 4, the maximum and the 
minimum bearing capacity observed for the 
specimen with bearing plate lengths of 140 mm 
and 80 mm were  3175 ×103 N and 1534 ×103 N, 
respectively. In contrast, the specimens with 140 
mm bearing plate width were approximately 20% 
and 52% higher than those with bearing plate 
lengths of 120 mm and 80 mm, respectively. 
Indicating that the bearing plate length significantly 
increases the RPC specimen's local compression 
bearing capacity, a linear relationship exists 
between RPC's local compressive bearing capacity 
and the bearing plate length. 
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5 Conclusions and discussion 
(1) The difference between the trend of the

deformation, displacement, and the contour
plot map under compression to the specimen
with and without indirect reinforcement is
that the overall deformation of the concrete is
more significant, indicating that the indirect
reinforcement makes the overall ductility of
the specimen better. It is manifested as wedge
split failure; the partial pressure part is
concave, the lateral expansion occurs around
the cube, and the deformation amount of the
concrete at the bottom is tiny.

(2) It can be seen from the results that the
mechanism of RPC local compression and the
ultimate bearing capacity is restricted by its
cracking to the failure stage and continue to
provide tensile stress, so the shorter the
spacing of the steel stirrup, the shorter the
distance from the crack to the RPC between
the adjacent stirrups, so the bearing capacity
will increase. On the contrary, if the spacing is
too large, the middle concrete crack may not
be able to transmit the force to the steel
stirrup, failing. The stirrup spacing from the
top to the middle of the concrete can be
densified, and the bottom spacing can be
slightly increased to achieve the best
utilization.

(3) The result shows that the bearing plate length
significantly increases the RPC specimen's
local compression bearing capacity; there is
also a linear relationship between RPC's local
compressive bearing capacity and the bearing
plate length.

Acknowledgments 

This research was funded by the Project of Science 
and Technology Commission of Shanghai 
Municipality (Grant No. 20dz1202003). 

Author Contribution 

Moneef Mohamed Elobaid Musa conceived the 
research, designed the research model, and wrote 
the manuscript. Xiong Xueyu supervised and edited 
the paper. All authors read and approved the 
manuscript. 

6 References 
[1] Richard, P. and M.H. Cheyrezy, RPCs with

high ductility and 200-800 MPa compressive
strength. Special Publication, 1994. 144: p.
507-518.

[2] Bonneau, O., et al., MECHANICAL
PROPERTIES AND DURABILITY OF TWO
INDUSTRIAL RPCS. ACI Materials Journal,
1997. 94: p. 286-290.

[3] Wei, Z., H. Hu, and W. Zheng, Bearing
capacity of RPC reinforced by steel fibers.
Construction and Building Materials, 2013.
48: p. 1179-1186.

[4] Wei, Z., H. Haibo, and Z. Wenzhong, Bearing
capacity of RPC reinforced by high-strength
steel spirals. Chinese Journal of Civil
Engineering, 2014. 47(08): p. 63-72(in
Chinese).

[5] Wei, Z., Z. Wenzhong, and H. Haibo, Bearing
capacity of RPC reinforced by orthogonal.
Journal of Building Structures, 2013. 34(11):
p. 141-150(in Chinese).

[6] Lifeng, L., et al., Local compressive bearing
capacity of RPC under different curing
conditions. Journal of Chang'an University
(Natural Science Edition), 2018. 38(02): p.
50-61(in Chinese).

[7] Bonneau, O., et al., MECHANICAL
PROPERTIES AND DURABILITY OF TWO
INDUSTRIAL RPCS. ACI Materials Journal,
1997. 94: p. 286-290.

[8] Ay, B. and Lufti, Steel fibrous cement-based
composites. Royal Institute of Technology,
Stockholm, Sweden, 2004.

[9] Ibell, TJ and C.J. Burgoyne, Experimental
investigation of the behavior of anchorage
zones. Magazine of Concrete Research, 1993.
45(165): p. 281-291.

1932



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Analytical Study on the Effect of the Condition of Cable Members on 
the Structural Safety of a Long-Span Suspension Bridge 

Takao Kaneda, Noriyasu Arima 
Honshu-Shikoku Bridge Expressway Co. Ltd, (HSBE), Kobe, Japan 

Contact:takao-kaneda@jb-honshi.co.jp 

Abstract 
We have studied on an evaluation method to assess the structural soundness of the long-span 
suspension bridges taking into account of the condition of the suspender ropes, such as the break 
of the suspender rope. 

This paper reports that an analytical study for Innoshima Bridge which is a long-span suspension 
bridge with a central span length of 770m, focusing on the effects of the modelling of the entire 
bridge model, the condition of cable members, and the analysis method.  

Keywords: long-span suspension bridge; finite displacement analysis; break of suspender rope. 

1 Introduction 
In Japan, since 2014, regular inspections of road 
assets such as bridges and tunnels are carried out 
every five years through close visual inspection [1]. 
However, there are some problems such as budget 
and personnel shortages for the close visual 
inspection for all the structural members of the 
highway bridges. Furthermore, the soundness and 
the progress of deterioration of the bridges are not 
completely grasped only by the close visual 
inspections [2]. The trend can be seen particularly 
in cable supported bridges which are composed of 
many structural members of the same functions 
and the members that are not easy to see in close 
proximity, and the optimization of the periodic 
inspections is required. 

In recent years, small suspension bridges in Japan 
and abroad have been aging, and there have been 
cases of accidents and failures such as cable rope, 
hanger rod, and strand breakage due to corrosion 
damage and bridge collapse accidents due to cable 
breakage, for example [3]. 

Therefore, it is important to optimize the 
inspection of suspension bridges, i.e., to rationalize 
and improve the reliability, in order to maintain 
them in the future. 

The changes in the condition of the cable members 
may include cross-sectional reduction, rupture, 
and creep due to corrosion and other factors. 

These studies on state changes include: a study of 
center stays, which are assumed to rupture during 
earthquakes in design [4], and a recent analytical 
study that clarified changes in stress state and 
vibration characteristics by analysis that takes into 
account creep phenomena in cables, which greatly 
affects deformation in small- and medium-scale 
non-reinforced suspension bridges [5]. 

However, it is considered insufficient to evaluate 
the effects of changes in the condition of the cable 
members on the function of the bridge. 

In light of this situation, this paper focuses on long-
span suspension bridges, which are representative 
of suspension bridges, and discusses analytical 
methods to be applied to evaluate the effects of 

1933



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

the condition of bridge components on the 
function of the bridge, with the aim of preparing 
materials that contribute to the optimization of 
inspections. 

In particular, in order to find a method to evaluate 
the effect of the condition of the suspender ropes 
on the structural safety of bridges under constant 
load, structural analyses are conducted using the 
analytical model, the condition of the cable 
members, and the analytical theory as parameters, 
and the effect of different analytical modelling and 
theories on the response output of the bridge is 
discussed and useful analytical methods for 
inspection are examined.  

2 Target bridge 
The Innoshima Bridge which was built in 1983, is a 
3-span, 2-hinge, rigid truss girder suspension
bridge with a center span of 770m, side spans of
250m, and a bridge length of 1270m, as shown in
Table 1 and Figure 1.

2.1 Cable 

The main cables are 618mm in diameter and are 
spaced 26m apart along the stiffening girders, one 
on each side. Cable bands are attached to the main 
cable at intervals of approximately 10m. Two 
54mm diameter suspender ropes saddled to each 
cable band support the stiffening girders. A center 
steel rope is installed in the center of the span to 
restrain wind and earthquake induced 
displacement of the stiffening girders. 

2.2 Rigid girders 

A stiffening girder directly supports vertical loads 
such as those of automobiles and horizontal loads 
such as those of wind, and is composed of a steel 
slab-based floor assembly, main structure, main 
transverse truss, and transverse structure. Most of 
the weight of the stiffening girder is transferred to 
the main cable via the suspender rope. 

At both ends of the stiffening girders, there are 
tower links that transmit vertical loads to the 
towers and end links that transmit vertical loads to 
the anchorage (hereinafter referred to as "link 
shoes") and wind shoes that transmit horizontal 
loads perpendicular to the bridge axis to the tower 

or anchorage. The link shoes constrain vertical 
movement and are free to move along the bridge 
axis and rotate in the vertical direction. 

Wind shoes constrain movement perpendicular to 
the bridge axis and are free to move along the 
bridge axis and rotate horizontally. 

2.3 Main tower 

The tower body supporting the cable is a truss type 
consisting of two tower pillars, diagonal members, 
and horizontal members at a height of 
approximately 145m above sea level. The load of 
the main cable is transmitted from the top saddle 
of the tower through the tower pillars to the 
foundation.  

2.4 Anchorage 

Anchorage, which is a direct foundation, anchors 
the main cable and can be roughly classified into 
anchor frames and concrete blocks.  

Bridge name Innoshima Bridge 

Bridge type 3-span 2-hinged rigid truss girder
suspension bridge 

Bridge length 1270m 
Branch layout 250m+770m+250m 

Main tower Tower height 136m 
Floor slab 

format Steel floor slab 

Main cable 2pcs, 618mm 
(P.W.S. 127 x 91 pcs) 

Suspender 
rope 

968 pcs 
(121 rated points x 4 pcs x 2 sides) 

3 Analysis model 
In order to conduct a structural analysis to calculate 
the response values of the bridge due to changes in 
the condition of the cable members, such as the 
rupture of a suspender rope, we decided to use the 
simplified and detailed models shown in 3.1 as 
whole-system models to check for the effects of 
plasticization of the members and the effects of the 
rupture of cable members. The modelling of each 
member is shown in Table 2. 

Table 1. Outline of Innoshima Bridge 
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3.1 Modelling of the bridge 

3.1.1 Simplified model 

The simplified model is a fishbone model in which 
the stiffening girder is modelled by a single linear 
beam element (Figure 1). Link shoes, etc. were 
modelled in the same way as in the detailed model. 

3.1.2 Detailed model 

The detailed model is based on the three-
dimensional framework model created in the 
seismic performance verification work, and the 
main tower and truss girder sections are modelled 
with nonlinear fiber elements to evaluate the 
plasticization of the cable members after state 
changes. 

3.1.3 Validation of the analytical model 

Focusing on the tension of the cable members, the 
analytical model was validated using a finite 
displacement analytical model and applied mutatis 
mutandis in the micro displacement analysis. 

3.2 Modelling of Cable Members 

3.2.1 Cable member specifications 

Both the main cable and suspender rope are steel 
wire with a minimum tensile strength of 1570 

N/mm2. The stress-strain relationship of a 
simplified model suspender rope considering 
nonlinearity is set as shown in Figure 3.   

3.2.2 Modelling of suspender ropes 

(a) Simplified model

The model is made with truss elements, and 
nonlinearity is taken into account such as non-
resistance in compression, and second-order 
stiffness in tension, which decreases after yielding. 
In order to represent the breakage of the 
suspender rope, a one-strand model with three 
elements including dummy elements that can

Material modelling remarks 
Main 

trusses BAR Element Modeled with a 
single truss girder 

Main 
cables 

RDD element 
(axial force 

member 
element) 

Modeling between 
suspender ropes with 

a single element 

Suspender 
ropes 

RDD element 
(axial force 

member 
element) 

Four cables 
modeled as one  
Modeled with 

one vertical cable 

Item Simplified model Detailed model 
Program SeanFEM 

Analysis 
model 

3D framework 
(Modeled the 

truss as a single 
beam 

3D framework 
(Modeled all 

components of 
the truss) 

Main cables Linear cable 
elements 

Linear cable 
elements 

Suspender 
ropes 

Nonlinear cable 
elements 

Linear cable 
elements 

Truss 
girders 

Linear beam 
elements 

(Modeled as a 
single beam) 

Nonlinear fiber 
elements 

Road 
girders 

Linear beam 
elements 

Main 
towers 

Linear beam 
elements 

Nonlinear fiber 
elements 

Top saddles Linear spring 
elements 

Linear spring 
elements 

Centre 
stays - Non-resistive

spring elements

Anchorage rigid body 
elements 

Linear beam 
elements 

Footing rigid body 
elements 

rigid body 
elements 

Rigid 
members 

rigid body 
elements 

rigid body 
elements 

Road girder 
bearings - Linear spring

elements

windshields Linear spring 
elements 

Nonlinear 
spring elements 

end 
stoppers - Collision spring

elements 
linkages Truss elements Truss elements 

Foundation-
Ground 
springs 

S-R spring(rigid) S-R spring(rigid)

Table 2. Analysis Models 

Figure 1. Simple analysis model 
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consider the breakage above and below the 
member (Figure 4). 

(b) Detailed model

It is a finely divided linear cable element (Figure 5). 
The members originally have material nonlinearity, 
such as plasticization against tensile yielding due to 
non-resistance pressure, but because the detailed 
model was complex, the analysis have not 
converged with a model that took material 
nonlinearity into account.  

3.2.3 Modelling of main cables 

(a) Simplified model

A linear cable element with three segments 
between suspender ropes was used to account for 
the effect of sag. The material nonlinearity of the 
main cable was not considered in this study. 

(b) Detailed model

As in the simplified model, linear cable elements 
were used. The material nonlinearity of the 
suspender ropes, as well as of the suspender ropes, 
is a material nonlinearity such as non-resistance to 
compressive forces and plasticity to tensile yielding, 
and in order to consider the tensile nonlinearity, it 
is necessary to use truss elements instead of cable 
elements. In the case where the structural analysis 
focused on suspender rope rupture, the response 
of the main cable is insensitive and does not cause 
a tensile-yielding response. 

3.3 Condition of cable components 

3.3.1 Suspender ropes 

The condition of the suspender rope is represented 

by the three cases shown in Table 3. 

The conditions assumed in maintenance and 
management include cross-sectional reduction and 
rupture due to corrosion. From the perspective of 
understanding the effect of suspender ropes on the 
structural safety of bridges, we focused on the 
condition in which the member itself is eliminated, 
i.e., ruptured.

The effect of suspender rope rupture should also 
be considered with or without impact force. Here, 
the following three cases are considered: 

convergence calculation of the balanced state after 
suspender rope removal (case 1), loading of 
tension T in the opposite direction (case 2), and 
loading of twice the tension 2T in the opposite 
direction (case 3).  

4 Structural analysis 
SeanFEM, which can take into account the 
redistribution of cross-sectional forces after 
suspender rope rupture, was used for the analysis. 

A structural analysis was then performed to 
investigate the effect of the change in condition of 
the cable members, i.e., suspender rope rupture 
and cross-sectional reduction of the main cables, 
on the behavior of the bridge. 

4.1 Loading 

The dead load D + the live load L was assumed, and 
the live load was the B live load specified in Part [6]. 
The influence lines focused on each cable were  

Figure 4. Modelling of suspender rope 
(Simplified model)  

Figure 5. Modelling of suspender rope 
(detailed model)  

Dummy element (rigid)

Dummy element (rupture)

Nonlinear truss elements

Reproduces fracture by
axial stiffness

Dummy element (rigid)

linear cable element

Dummy element (rupture)
Reproduces fracture by
axial stiffness

Figure 3. Nonlinearity of suspender rope 
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obtained using a simplified model. Since the 
analytical model is symmetrical in the direction of 
the bridge axis and perpendicular to the bridge axis 
except for the modelling of the anchorage area, the 
influence line was calculated focusing on the cable 
on the L side (left side when viewed from the 
starting point) between A1 and the center of the 
central span. 

4.2 Determination of the target cables 

The suspender rope tension under dead load in the 
single-break case using the detailed model was 
similar for all suspender ropes, but the tension 
under live load tended to be as follows. 

・Tension near the anchorage is the largest

・Tension near the main tower is relatively small.

・Tension in other positions is about the same

The suspender ropes of interest were No.17, No.41, 
and No.61 shown in Table 4, taking into account the 
differences in tension, location, and shape of the 
influence line.  

4.3 Single break of suspender rope 

In order to consider the effect of the suspension 
bridge on structural safety, the analysis results for 
the three cases of single rupture shown in Figure 6 
and Table 5 are outlined, focusing on the responses 
of the suspender ropes, stiffening girders, which 
are the main members of the bridge.  

Since there was no significant difference in the 
number of single breaks depending on the location 
of the break, we will summarize the case of 
suspender rope No. 17. 

4.3.1 Tension of main cable 

A single suspender rope break had little effect on 
the main cable tension at the location of the 
broken suspender rope. No differences are 
observed among the analytical models or theories. 

4.3.2 Tension of suspender rope 

The results of the finite displacement analysis for 
the simplified model and the yield and breaking 
tensions of the suspender rope are shown in Figure 
7. The tension of the suspender rope changed only
in the vicinity of No. 17, where it was broken.

As with the main cables, this trend did not differ 
among the different analytical models and theories. 

The tension of the suspender rope has a sufficient 
margin against the yield and breaking tensions of 
the suspender rope. 

Figure 8 shows the ratio of response values after 
break to D+L for a total of 10 grid, two each before 
and after No. 17, and the R side (marked with a 
triangle in Figure 8) on the opposite side of the 
same grid point. The analysis cases are the results
of micro displacement and finite displacement 
analysis on the simplified model and the results of 
finite displacement analysis on the detailed model. 

Table 3. Assumed condition of suspender rope 

No. Condition of
the suspender rope Analysis Method remarks

1 Broken (removed) Convergence Calculation
of Balancing States

Exact reproduction of the state in which
the suspender rope is lost due to rupture, etc.

2 Broken (removed) Load  tension (T)
in the reverse direction

Exact reproduction of the state in which
the suspender rope is lost due to rupture, etc.

3 Broken (removed) Load twice the tension (2T)
in the reverse direction

Simplified reproduction of
ruptured impact effects.

 Table 4. Assumed suspender rope break 

Cable position Viewpoint Grid No. 
Center of the side span to main tower 

located in the side span 
Focus on long cables 
between side span 17 

Main tower to center of main span  
located in the main span 

Focus on cables of average length 
in the main span 41 

Center of the main span Focus on the short cable  
in the main span 61 
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The adjacent suspender ropes (Nos. 16 and 18) on 
the same L side as the broken suspender rope 
(circled in Figure 8) have higher tension. 

However, this trend is different for analysis 
theories, and in the simplified model, the micro 
displacement analysis shows a larger change in 
response than the finite displacement analysis. 

Two next to the broken suspender ropes (Nos. 15 
and 19), the simplified model showed a difference 
in trend between the different analysis theories. In 
the micro displacement analysis, the tension of the 
suspender rope changed to the side of decreasing, 
whereas in the finite displacement analysis, the 
tension of the suspender rope changed to the side 

of increasing. The degree of displacement was 
greater in the micro displacement analysis. 

There was almost no change in the tension of the 
suspender rope on the R side opposite to any of the 
same girder points, suggesting that no girder 
rotation occurred in the case of a single suspender 
rope breakage. 

Finally, the differences in Table 3 depending on the 
state of the suspender rope are not seen in the
simplified model, but in the detailed model, the 
generated tension tends to be larger when the 
suspender rope is in case 3. 

Table 5. Analysis case of suspender rope breaks 

Analyses model Ruptured cable Live load Geometric Non-linear or not 

Simplified model 3cases(17,41,61) 
D, D+L 

Micro displacement 

Finite displacement 

Detailed model 3cases(17,41,61) Finite displacement 

Figure 6. Assumed suspender rope break 

Figure 7. Suspender rope tension (simplified model, finite displacement analysis, cable number 17 breaks) 
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4.3.3 Displacement of stiffening girders 

Figure 9 shows the response displacement of the 
stiffening girder after the No. 17 rupture to D+L at 
the whole bridge. The analysis case is the same as 
in Figure 8. 

Vertical displacement tends to be larger in the 
micro displacement analysis than in the finite 
displacement analysis for the simplified model, 
although the overall distribution of vertical 
displacement is the same and the vertical 
displacement changes little due to fracture. This is 
thought to be because the finite displacement 
analysis suppresses the displacement of the 
stiffening girder by varying the tension to resist the 
deformation of the girder in accordance with the 
direction of deformation of the girder.  

Overall, the bridge axial displacements tended to 
be larger for the micro displacement analysis than 
for the finite displacement analysis. This may be 
due to the fact that the bridge axis direction of the 
stiffening girders is restrained by the link shoes. 
The link shoes increase their resistance in the 
bridge axial direction in response to displacement 
in the bridge axial direction, and initially have no 
resistance in the bridge axial direction. 

Therefore, the micro displacement analysis, which 
cannot account for the increase in resistance in
response to displacement, would have resulted in 
large displacements in the direction of the bridge 
axis. The finite displacement analysis showed a 
slight change in the suspender rope condition case 
3, but it was not significant. 

Figure 9. Displacement of stiffening girder of the bridge (Cable number 17 breaks) 

Figure 8. Ratio of suspender rope tension (Cable number 17 breaks) 
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Displacement in the direction perpendicular to the 
bridge axis occurred in different directions at the 
center of the central span, but the order of 
displacement was generally similar and did not 
differ depending on the analytical model and 
theory. 

On the other hand, the side radii with broken 
suspender ropes showed different trends 
depending on the analytical model and theory. 
However, when expressed as a ratio, the change is 
large relative to the D+L state, but the small 
absolute value of the displacement suggests that 
the slight change is significant. 

4.4 Considerations 

In the suspender rope break analysis, the change in 
response is larger for the simplified model and 
micro displacement analysis when focusing on the 
tension of the adjacent suspender ropes at the 
break position. 

Two next to the broken suspender ropes, the 
tension of the suspender rope changed to the side 
of decreasing in the micro displacement analysis of 
the simplified model, while the finite displacement 
analysis showed the opposite trend of increasing 
the tension of the suspender rope, and the degree 
of change was greater in the micro displacement 
analysis. 

For the stiffening girders, vertical displacement and 
displacement in the direction of the bridge axis are 
also large in the micro-displacement analysis of the 
simplified model. 

From the above, it was found that in the structural 
analysis for evaluating the effect of the condition of 
the cable members of a long suspension bridge on 
the structural safety of the bridge, differences in 
the analytical theory cause differences in the 
response of the suspender ropes and stiffening 
girders in particular. 

From the viewpoint of the structural safety of the 
Innoshima Bridge, it was found that a single 
suspender rope failure had almost no effect on the 
main members. 

This result is considered to be a finding that can 
lead to rationalization of suspender rope 
inspections. 

5 Conclusion 
A structural analysis was conducted on a long 
suspension bridge to study the methodology for 
evaluating the effects of suspender rope break on 
the structural safety of the bridge, using the 
analytical model, the condition of the cable 
members, and the analytical theory as parameters. 

Although this paper only introduces a part of the 
study situation, it is a study with few precedents, 
and we believe it will serve as a reference for future 
studies. 
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Abstract 
The cosine function and two modulation functions are separately selected to generate the time-
varying mean wind and fluctuating wind speed, and their effects on nonlinear buffeting responses 
of a super long-span suspension bridge were investigated in this paper. Firstly, two non-stationary 
wind speeds models were validated by the classical power spectrum density, and could effectively 
simulate the non-stationary characteristics. Secondly, the time histories and RMS values of three 
displacement responses of the bridge deck under two non-stationary wind speeds with three 
different values of 𝛾𝛾 and 𝜃𝜃 were compared, respectively. Results show that the torsional and lateral 
displacement responses under the non-uniform modulation function are larger than those under 
the uniform modulation function. Moreover, the RMS values in three displacement responses of the 
deck gradually become larger with the increase of 𝛾𝛾 or the decrease of 𝜃𝜃. 

Keywords: Super long-span suspension bridge; time-varying mean wind; uniform modulation 
function; non-uniform modulation function; non-stationary wind speed; buffeting responses. 

1 Introduction 
Super long-span suspension bridges are highly 
susceptible to wind loads owing to structural 
flexibility and low stiffness[1]. The strong typhoon 
disease frequently occurred in China in recent 
years, for example, the 16 level typhoon events of 
Pigeon in 2017 and Lekima in 2019. As 
a  prominent characteristic of strong typhoon, the 
non-stationary wind speed has great effect on the 
wind-induced vibration behaviours of super long-
span suspension bridges, especial for the buffeting 
response which could lead to the comfortability of 
passengers and structural fatigue damage of 

bridges [2-3]. In order to accurately predict the 
buffeting performance, it is necessary to basically 
study the influence of non-stationary wind on the 
nonlinear buffeting responses of a super long-span 
suspension bridge. 

The non-stationary wind speed was generally 
divided into the time-varying mean wind speed and 
fluctuating wind speed. Recently, some scholars 
studied the influence of time-varying mean wind 
speed and fluctuating wind speed on buffeting 
performance of long-span suspension bridges. 
Based on the measured typhoon data, Xu et al [4] 
extracted the time-varying mean wind speed from 
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the Typhoon Victor data in the Tsing Ma suspension 
Bridge using the empirical mode decomposition. 
He et al [5] extracted the time-varying mean wind 
speed by using wavelet transform and proposed 
the wavelet-based nonstationary wind speed 
model is more reasonable. Zhao et al [6] examined 
the wind characteristics over water terrain at single 
point from four typhoons when their outer regions 
passed the bridge. Some expert assumed the time-
varying mean wind speed of the typhoon to a 
special function. Liu et al [7] adopted cubic spline 
function to simulate the time-varying average wind 
speed of hurricane and derived the nonuniformly 
modulated evolutionary power spectrum. Bao et al 
[8]proposed the time-frequency interpolation
scheme to conduct two rounds of spline
interpolation, and the proposed method reflects
the target spectrum very well. Federica et al [9]
consequences of the adoption of different
weighting functions on the harmonic content and
statistical properties of turbulence. The cosine
function is often used to assumed the time-varying
mean wind speed in the absence of measured wind
speed data, but the roles of coefficients in the
cosine function should be further identified.

On the other hand, based on the Priestly’s 
evolutionary spectral theory, Hu et al [10] 
proposed a non-stationary typhoon wind model 
which includes mainly time-varying mean wind 
speed evolutionary power spectral density function, 
and predicted the typhoon-induced non-stationary 
buffeting response of bridges located in a complex 
terrain. Li et al[11] proposed a spectral-
representation-based technique  which consists of 
locating and expanding the time and frequency non 
separable part of the decomposed 
evolutionary power spectral density function by 
mean of Taylor series expansion. Huang et al[12]  
proposed a conditional simulation method for 
multivariate nonstationary typhoon winds with 
time-varying coherences for long-span bridges. 
However, the effect of uniform  and non-
uniform modulation function in the 
fluctuating wind speed simulation are not clear. 

In order to identify the effect of the time-varying 
mean wind and modulation functions, the cosine 
function and four uniform  and non-
uniform modulation functions are selected to 

establish the ideal non-stationary wind model, and 
nonlinear buffeting responses of a super long-span 
suspension bridge with a main span of 1756m 
under the non-stationary wind was investigated in 
this paper. Firstly, twenty different combination 
cases of two important parameters (i.e. the values 
of changes from 0.08 to 0.22, and the values of θ
changes from 0.0007 to 0.0019), two 
uniform modulation functions and two non-
uniform modulation functions are selected, their 
time-varying non-stationary wind speeds at the 
bridge site were generated based on the improved 
harmonic synthesis method and then were 
validated by the typical spectrums. Secondly, based 
on the nonlinear aerodynamic force models of the 
twin-box girder, the buffeting responses of a three-
dimensional suspension bridge were solved under 
the above twenty cases of non-stationary wind 
speeds. The time histories and time-frequency 
power spectrums of 3D displacement responses 
along the main span were finally compared, 
respectively. The present study could contribute to 
further understand buffeting performance of long-
span bridges under strong typhoon. 

2 Non-stationary wind models 

2.1 A suspension bridge 

As shown in Figure 1, the span arrange of a super 
long-span suspension bridge is 580+1756+630 m, 
which is designed in the Ningbo city in Zehjiang 
province, China. Two side towers are reinforced 
concrete structures with an overall height of 247.5 
m and the longitudinal distance between two 
adjacent suspenders is 18 m with the sag-to-span 
ratio of 1/9.5 for the cable. The structural 
parameters of the bridge with a twin-box girder are 
given Table 1. 

Figure 1. the evaluation of the bridge (unit: m) 

Table 1. Structural parameters of twin-box girder 
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length 
M/kg/

m 

inertia 
Im

/ 
kg·m2/
m 

ncy fh 
/Hz 

ncy ft 
/Hz 

41.7 3.5 3.27e4 5.69e6  0.0895 0.221 

The reference height and the corresponding 
average wind speed at the bridge site is defined as 
Zref =10m and U�𝑟𝑟𝑟𝑟𝑟𝑟=44.3m/s, respectively. It is also 
assumed that 𝑧𝑧0 =0.01 and α=0.12 since the bridge 
site belongs to the B type terrain. Thus, the 
reference mean wind velocity at the height of the 
main span with z=70m is U�𝑟𝑟𝑟𝑟𝑟𝑟,𝑖𝑖 = U�𝑟𝑟𝑟𝑟𝑟𝑟( zi

zref
)α 

=44.3× (70
10

)0.14=58.7m/s. 

2.2 non-stationary wind models 

The non-stationary wind speed is the sum of the 
mean wind speed and fluctuating wind speed, in 
which the time-varying mean wind was assumed to 
a cosine function in the non-stationary wind model 
(NSWM)[13], which was expressed in the Eqn.(1): 

𝑈𝑈�   = 𝑈𝑈′[1 + 𝛾𝛾cos (𝜃𝜃𝜃𝜃)]      (1) 

Where, 𝑈𝑈�  is the mean wind speed at the bridge 
deck, 𝑈𝑈′  is the mean wind speed at the 
reference height, 𝛾𝛾 and 𝜃𝜃 are the  
feature parameters of the cosine function. 

Based on the Priestly’s evolutionary spectral 
theory[9], a uniform modulation function and a 
non-uniform modulation function  were selected 
to simulate the fluctuating wind speeds in the non-
stationary wind model, which was expressed in the 
Eqn.(2-4): 

The express of a uniform modulation function[14] 
in Model 1: 

( ) ( ) ( )
( ) ( )
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0.25
 (2) 

The express of a non-
uniform modulation function[12] in Model 2: 

( ) ( )
( )

2
5/62

1066.67, ,
1 70.8 50 / 3

S t f A t f
f

=
 + 

(3)

( ) ( )2 0.9, =0.5exp 0.001 500 0.5A t f t f − − +   (4)

Where, the 𝛼𝛼and 𝛽𝛽 are the  feature parameters of 
the equation (3), which are defined as the 200 and 
18000, respectively. z is the height of the deck and 
f is the frequency. 

Based on the combination of Weighted Amplitude 
Wave Superposition (WAWS) and inverse FFT 
technique [2], the multi-variable non-stationary 
stochastic wind fields of incoming turbulence flows 
at the bridge site are generated with the 
combination of the time-varying mean wind speed 
and fluctuating wind speed. The Kaimal spectrum 
and Panofsky spectrum are adopted as the along-
wind and vertical fluctuation wind spectrum, 
respectively. Fourteen points along the bridge deck 
was used to simulate the wind field with the 
interval of 117m. The time step and total time of 
the simulation wind field are 0.1s and 900s, 
respectively. As the examples of 𝛾𝛾and 𝜃𝜃 are 0.15 
and 0.0013, the time histories of vertical and 
along-wind speeds at the midspan of four non-
stationary wind models are illustrated in Figure 2 
and Figure 3, respectively.  
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Figure 2. Time histories of two non-stationary 
wind speed models at the midspan: (a-b) vertical 

and along-wind wind speed of Model 1; (c-d) 
vertical and along-wind wind speed of Model 2 

2.3 Wind speed models validation 

As described in the Figure 3, the power spectrum 
density (PSD) of the simulated non-stationary wind 
speeds without and with the evolution spectrum, 
are compared with the classical power spectrums 
(e.g. the Pansofsky spectrum in vertical direction 
and the Kaimal spectrum in along-wind direction).It 
can be seen that the high frequency parts of the 
simulation spectrum are close to the classical 
spectrum and the low frequency parts of the 
simulation spectrum are slight higher than those of 
the classical spectrum. As the examples of Model 1 
and Model2, these non-stationary wind speeds 
models could effectively simulate the non-
stationary characteristics, regardless of the 
horizontal and vertical wind speed.

Figure 3. Comparison between the PSD of 
calculated wind speeds and the typical PSD: (a-

b)the vertical and along-wind PSD of Model 1; (c-
d)the vertical and along-wind PSD of Model 2 
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3 Wind-induced responses under 
various NSWM 

Three different values of 𝛾𝛾 (e.g. 𝛾𝛾= 0.08, 0.15 and 
0.22) and 𝜃𝜃 (e.g. 𝜃𝜃= 0.007, 0.0013 and 0.0019) are 
assumed to study the influence of time-varying 
mean wind speed on wind-induced responses of 
the bridge are calculated, respectively. 

3.1 nonlinear aerodynamic force model 

Based on the nonlinear aerodynamic force model 
(NAFM), the parameters of the NAFM for the twin-
box girder are identified, including the coefficients 
of static force, self-excited force, and the buffeting 
force [2]. A three-dimensional nonlinear finite 
element model of the super long-span suspension 
bridge incorporated with the NAFM under various 
non-stationary wind speeds were developed using 
self-developed C# program with 853 elements in 
total, as shown in Figure 4. 

Figure 4. Nonlinear finite model of the bridge 

3.2 Wind-induced response under various 
time varying mean wind speeds 

The time histories of three displacement responses 
(e.g. torsional displacement, vertical displacement 
and lateral displacement) at the mid-span of the 
bridge under Model 1 and Model 2 are compared 
in Figure 5 and Figure 6, respectively. The torsional 
displacements of the Model 1 and Model 2 change 
from -1.5° to 0.5°, and the torsional displacement 
of the Model 1 is smaller than that of Model 2. The 
vertical relative displacements of the Model 1 and 
Model 2 range from -0.4 to 0.4, and their lateral 
displacements belong to 0 to 0.2.  Furthermore, the 
time-frequency power spectrums of the torsional 
and vertical displacements for the Model 1 and 
Model 2 are illustrated in Figure 7. It should be 
noted that most of the vibrational energy are 
concentrated in low frequency range, and there are 

some fluctuations of vibrational energy in time axis 
for the vertical displacements. 

Figure 5. Time histories of the displacement 
responses at the mid-span of Model 1: (a) 

torsional displacement; (b) vertical 
displacement; (c) lateral displacement 

Figure 6. Time histories of the displacement 
responses at the mid-span of Model 2: (a) 

torsional displacement; (b) vertical displacement; 
(c) lateral displacement
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Figure 7. Spectrum of displacement responses: (a-
b) torsional and vertical spectrum of Model 1; (c-

d) torsional and vertical spectrum of Model 2 
In addition, the RMS values of three displacement 
responses along the deck of the bridge under 
Model 1 with different values of 𝛾𝛾  and 𝜃𝜃  are 
compared in Figure 8, respectively. The motion 
configurations of the torsional and lateral 
displacement are the symmetrical semicircle 
oscillation, while the vertical displacement are 
close to the symmetrical bow-shape oscillation. All 

of the RMS values in three displacement responses 
under Model 1 gradually increase with the increase 
of 𝛾𝛾 , whereas the RMS values in three 
displacement responses gradually increase with 
the decrease of 𝜃𝜃, especial for the 𝜃𝜃=0.0019. 
Meanwhile, the RMS values of three displacement 
responses along the deck of the bridge under 
Model 2 with different values of 𝛾𝛾  and 𝜃𝜃 are also 
compared in Figure 9, respectively. The vertical 
displacements are also the symmetrical bow-shape 
oscillation, which are slight smaller than those 
corresponding displacement of the Model 2. 
However, the torsional and lateral displacement of 
the Model 2 are obviously larger than those of 
Model 1, which also present the symmetrical 
semicircle oscillation.  With the increase of 𝛾𝛾 , or 
the decrease of 𝜃𝜃 , the RMS values in three 
displacement responses under Model 1 gradually 
become larger. Therefore, the maximum torsional 
and lateral displacement of the deck occurred at 
the mid-span, while the maximum vertical 
displacement appear at the 1/4L.  The torsional and 
lateral displacement responses under the non-
uniform modulation function are larger than those 
under the uniform modulation function, which is 
opposite to the vertical displacement. The RMS 
values in three displacement responses of the 
deck gradually increase with the increase of 𝛾𝛾 due 
to the larger of mean wind speed. The RMS values 
in three displacement responses increase with the 
decrease of 𝜃𝜃, since these values of 𝜃𝜃 are located 
at the negative phase stage. 
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Figure 8. RMS of displacement responses in the 
bridge deck of Model 1: (a) torsional 

displacement;(b) vertical displacement; (c) 
lateral displacement

Figure 9. RMS of displacement responses in the 
bridge deck of Model 2: (a) torsional 

displacement;(b) vertical displacement; (c) 
lateral displacement

4 Conclusions 
This study systematically investigated the 
nonlinear wind-induced vibrations of a long-span 
closed-box girder suspension bridge under two ns 
on-stationary wind speed models with different 

parameters in a time-varying mean wind speed. 
The major conclusions are as follows: 

(1) Two non-stationary wind speeds models could
effectively simulate the non-stationary
characteristics, after the comparison of the
simulated and classical power spectrum density.

(2) Both the torsional and lateral displacement
responses under the non-
uniform modulation function are larger than those
under the uniform modulation function.

(3) With the increase of 𝛾𝛾, or the decrease of 𝜃𝜃, the
RMS values in three displacement responses of the
deck gradually become larger. The influence of
on the time-varying mean winds is more significant
than that ofθ.
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Abstract 
In this paper, an improved connection design of the precast bridge column is proposed, including 
new design of grouted corrugated steel duct and a shallow recess pocket at the top of footing 
connection for the assembly of precast concrete bridge columns, which has a good seismic 
performance, durability and facilitate constructability. The improved grouted corrugated steel duct 
which can increase the bonding mechanism and facilitate constructability expected to perform 
better than conventional corrugated galvanized steel ducts used for post-tensioning applications. 
Finite element analysis is then conducted. It is found that the confining effect (support and friction 
force) provided by recess sidewall keeps the connection in good integrity. It also prevents early 
deformation and early development of transverse cracks along the connection interface, which 
further avoids the damage concentration at connection joint, transfers the plastic hinge region. 

Keywords: prefabricated concrete bridge column; grouted corrugated duct connections; seismic 
performance; quasi-static cyclic test; finite element analysis. 

1 Introduction 
Precast bridge has attracted increasing attentions 
in the past decades, due to the fast construction 
speed, slight traffic interruption, high structural 
robustness, minor environmental impact, and low 
cost [1]. The majority of the research activities has 
focused on low seismic regions [2, 3], while studies 
on the seismic performance at medium-to-high 
seismic regions are limited.  

The grouted ducts and sleeve couplers are 
favorable choices due to the construction 

convenience and low cost. Grouted corrugated 
duct connection (GCDC) are used for the 
connections of column-cap and column-footing, 
and the performance (grout strength, embedded 
length and duct properties) is promising [4, 5]. 
Good strength and displacement capacity are 
found in the substructures with GCDC [1, 6-9]. It 
was reported that structures with these types of 
connections and the corresponding cast-in-place 
(CIP) benchmarks showed equivalent strength but 
lower displacement capacity [6, 10-13], which can 
be improved by allowing debonding of reinforcing 
bars [14]. 
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This study aims to validate the design of the new 
GCDC for the potential application to the precast 
bridges of the urban viaducts in Shanghai, China. 
The quasi-static cyclic test investigates the general 
seismic performance of the precast column 
structure with GCDC, by comparing with the cast-
in-place (CIP) benchmark. Finite element models 
(FEMs) are then created for numerical analysis. 

2 Experimental study 

2.1 Test design 

The new GCDC design is given in Figure 1, and it is 
made of 2 mm thick Q235 structure steel plate and 
cold-formed into the corrugated duct. The ultimate 
strength of the steel was 375 MPa, and the yield 
strength was 235 MPa. Young’s modulus and 
Poisson’s ratio of the sections were 200 GPa and 
0.3, respectively. In addition, the same steel plate 
is then attached to the bottom of the duct in order 
to prevent the intrusion of concrete during the 
casting process of concrete. 

Figure 1. The improved GCDC design 

For the 1/3-scale column specimens, the design of 
the two column specimens are given in Figure 2, 
and both specimens share identical dimensions 
and reinforcement arrangement, except for the 
connection of the precast specimen. The columns 
are of circular cross-section, with the diameter of 
500 mm and the height of 2700 mm. To facilitate 
the test, a 900×500×400 mm cuboid column cap is 
added for mounting of the actuator. The footing 
has the dimension of 1600×1600×600 mm, which is 
mounted directly to the floor with four 100 mm 
diameter threaded bars. The precast column is 
embedded with the GCDCs in the footing, and a 20 

mm gap is reserved for grouting of the high 
strength mortar. A shallow pocket (50 mm) is 
created within the footing. In terms in of the GCDC, 
the diameter is adjusted to 60 mm to fit the D14 
rebars.  

Figure 2. Design of the column specimen 

For the pullout test setup, each specimen is fixed to 
the floor by the steel beams anchored on both 
sides. The rebar is directly mounted to the actuator, 
and the actuator (MTS 793) possesses a load 
capacity of 1500 kN with the travel distance of ±250 
mm. In term of the column specimens, they are
subjected to quasi-static unidirectional cyclic
loading. The same actuator is used for the cyclic
tests, and a hydraulic jack is implemented on the
top surface of the specimen, applying constant
vertical load of 370 kN to simulate the weight of the 
superstructure. The specimens are tested with a
pre-defined loading protocol as shown in Figure 3.

Figure 3. Quasi-static cyclic loading 

2.2 Test result 

As shown in Figure 4, each damage stage is 
presented for illustration of the CIP column 
specimen. When the displacement reading from 
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the actuator reaches 10 mm, a single small crack is 
present within 0.1 mm wide. Then, yielding of 
longitudinal rebars has been reached, indicating 
the start of stage 2. Stage 3 occurs when the lateral 
displacement reaches 40 mm, where the column 
enters inelastic behavior. At stage 4, the lateral 
displacement of 80 mm incurs the initiation of 
spalling of cover concrete, and the main crack 
becomes permanent and 3.5 mm wide. 15% 
reduction of the column strength indicates the 
presence of stage 5, and the lateral displacement is 
approximately 120 mm. Buckling and fracture of 
rebars, along with core concrete crush, terminate 
the test for the CIP column (140 mm). 

(a) Stage 1

(b) Stage 2 (c) Stage 3

(d) Stage 4

(e) Stage 5

Figure 4. Damage progression of the CIP column 

Damage progression of the precast column (Figure 
5) is similar to that of the CIP column with minor
differences. Stage 1 occurs at the same lateral
displacement level of 10 mm, with two cracks less
than 0.1 mm wide. Stage 2 is earlier in this case (20
mm), where more cracks are developed. Stage 3,
however, happens later than the CIP column, which 
is 60 mm. Stage 4 is at 80 mm displacement level,
which retains the same damage condition as the
CIP column. Finally, the precast column is able to
travel 20 mm (140 mm) more to reach stage 5,
when it encounters a 15% reduction of the lateral
strength. The test is stopped at 160 mm, when
rebars are buckled and fractured.
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(a) Stage 1

(b) Stage 2 (c) Stage 3

(d) Stage 4

(e) Stage 5

Figure 5. Damage progression of the precast 
column 

The hysteretic behaviors are given in Figure 6 for 
the two column specimens, and they are generally 
close to each other. Direct comparison of the 
extracted backbone curves is also shown in Figure 
7, the two curves are almost identical within the 
elastic stage. In the inelastic range, the precast 
column possesses a higher positive but lower 
negative resisting force than the CIP column. 
However, if the absolute difference is considered 
between the positive and negative peak forces, the 
values of both specimens are only off by 1.5%. 

(a) CIP column

(b) Precast column

Figure 6. Hysteretic behaviors of the two column 
specimens 
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Figure 7. Comparison of the backbone curves 

3 Finite element analysis 
3D solid finite element models are created using 
ANSYS to ensure the effectiveness of simulating the 
(1) crushing and cracking behavior of concrete and
(2) mechanical behavior of the recess. Here,
monotonic pushover loading is applied to the finite
element model instead of cyclic loading, due to the
reason that solid finite element models can hardly
converge under cyclic loading in this case
(especially with crushing and cracking simulation),
and therefore monotonic pushover is currently the
only choice to conduct the following parametric
study to balance computational feasibility and
analytical accuracy.

The material property of concrete is defined 
according to Mander ’ s concrete stress-strain 
model as shown in Figure 8(a) ， with key 
parameters obtained from sample tests. Axial yield 
and ultimate strength of longitudinal bars are 550.5 
MPa and 684.4 MPa, and the constitutive relation 
is modified based on ideal elastoplastic model, as 
shown in Figure 8(b). It is determined by iterative 
adjustment under three conditions: (1) the 
numerical force-displacement monotonic loading 
curve agrees with backbone curve of the test result, 
especially the same slope of descending region; (2) 
at the ultimate displacement of 160 mm, the stress 
of the outmost tensional longitudinal rebar 
reduces to zero (fracture); and (3) such definition 
of the constitutive model agrees with the low-cycle 
fatigue of longitudinal rebars. 

(a) concrete and mortar

(b) rebar

Figure 8. Stress-strain relation used in the FE 
model 

 The precast specimen is with the improved 
GCD connection between precast column and 
footing. There exists a 20 mm thick mortar as 
bonding material. The finite element model is 
shown in Figure 9. Mesh size in the model is 50 mm, 
while the thickness of the grouted duct is 2 mm. 
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Figure 9. Numerical model of test specimen 

Force-displacement curves are compared in Figure 
10. Prior to yielding, the numerical model is with
slightly lower stiffness, and maximum difference of
strength is 8.69% at 20 mm. The specimen reaches
the peak load of 77.4 kN, while the numerical
model is 78.5 kN, which is off by 1.4%. At 65 mm, a
minor hardening appears in the model curve, which
is contributed by core concrete material element.
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Figure 10. Force-displacement curve of PMR and 
the backbone curve in the test 

The contour plots of principal compressive stress 
and concrete cracking and crushing are shown in 
Figure 11. The compressive region is mainly 
concentrated at longitudinal reinforcement and 
the recess from far side of applied load. The cracks 
are developed along the height of 1.8 m above the 
footing. This is consistent with the visible cracks in 
test specimen. 

Figure 11. Principal compressive stress 

As given in Figure 12, crushing regions of 
precast model and CIP form a rectangular shape 
with wider distribution area. The inclined cracks 
start to be formed at the neutral axis, then 
extended to both sides. Inclined cracks and 
transverse cracks together define the plastic hinge 
region, while vertical cracks lead to spalling. The 
inclined cracks of both models are more likely to 
start from the end of horizontal cracks at a certain 
height above the column bottom instead of 
bottommost, which ensures more uniform 
development of transverse cracks along the pier 
column and plastic deformation to appear at the 
later stage. 

(a) Precast model
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(b) CIP model

Figure 12 Crushing diagram 

4 Conclusions 
Based on the comparison of the two column 
specimens under the cyclic tests, the design of a 50 
mm deep pocket within the footing of the precast 
column can form an effective confinement of the 
column. Good agreement of the hysteretic loops 
and extracted backbone curves also confirms that 
the CIP and precast columns are of similar 
characteristics. Based on numerical study, the 
precast pier with recess (grouted ducts in the 
footing) can reach an equivalent seismic 
performance to cast-in-place pier, due to the 
constraint of joint deformation by the extra 
support and friction force from the rim. The shear 
resistance of connection joint does not decrease 
rapidly with loading, reducing the inclined cracks at 
column bottom. This ensures a well-distributed 
transverse and inclined cracks development at the 
plastic hinge region. 
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Abstract 
As the high-speed railway emerges in Eurasia, a comprehensive understanding of the 

aerodynamic problems – particularly extreme wind events – is vital to the success of the safety, 
operational efficiency, and transportation industry. Such knowledge of the effect of extreme wind 
on the train and bridge system has been hindered by a lack of available field test data. In light of 
limited field measured data to arrive at a consensus on quantifying key parameters characterizing 
the non-stationarity winds, accuracy associated with wind velocities is carried out using wind tunnel 
experimental approaches in this study. Compared with atmospheric boundary layer winds, which 
are customarily treated as stationary, winds associated with gust-fronts originating from a 
thunderstorm/downburst/tornado exhibit rapid changes during a short period which changes in 
direction may accompany. To realistically capture the characteristics of gust-front winds and their 
attendant load effect, a new gust-wind generator was presented, built in the CSU wind tunnel. 
Under a condition of the combined operation between a gust-wind generator and wind tunnel, the 
gust-front wind characteristics and effects on the train-bridge system were analyzed. 

Keywords: high-speed railway; train-viaduct system; gust wind;  wind tunnel test; aerodynamics 

1 Introduction 
Over the past 20 years, China’s high-speed 

railways have grown from 0 to more than 40,000 
kilometers[1]. A high-speed expansion of railway 
construction in and around cities has made this 
development trend even more evident in recent 
years. The geography and climate are vital 
environmental factors that must be considered for 
the intensive exploitation of railway transport, and 
the developing trend puts a high demand on design 
and research in the railway field. Especially climate 
change poses multiple threats to the railway, one 
of the effects of climate change the worldwide is 

that there will be more extreme weather. In 
addition, the expanding railway network is a 
consequence of the need to pursue speed and 
convenience; therefore, train shuttles through 
various terrain scenes have become widespread. 
Hence, the main issue is the environmental effects 
of extreme climate and geography on railway 
aerodynamic behavior. These increases in 
extremes are significant from the perspective of 
the train–bridge system because of the complexity 
have to face. First, the viaducts have majorities in 
both the railway and transportation network, and 
the situation has been particularly noticeable in 
China. It means the risk of a train running on the 
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bridge is much higher and the severity of the loss is 
also much higher than when the accident of train 
derailed occurred. Because the train and bridge at 
this point are at a certain height above the surface, 
strong winds can blow without obstruction. 
Secondly, the bridge is a long-span, flexible 
structure, because of its sensitivity to wind, its 
stability under wind has become a key factor in 
design and construction. Thrid, multi-body 
structure, fluid-structure interactions and the 
nature of wind are mainly reflected in the problems 
of the train-bridge system.  

Physical modeling for aerodynamic problems 
is distinguished by two types of similarity 
requirements: (1) criteria for the simulation of 
natural wind characteristics and (2) criteria for 
similarity of wind effects, for which quantification 
is required [2]. Both aspects must be addressed in 
railway aerodynamics practice or research. For 
similarity considerations in the boundary-layer 
wind tunnel, the inspection analysis applied to the 
equations expressing basic conservation laws 
applicable to the lower atmosphere yields a 
significant set of criteria for simulating natural wind 
in the ABL, except for thunderstorms, downbursts, 
tornadoes, and eyewall regions of hurricanes [3]. 
Generally, wind tunnel tests can be performed in a 
turbulent or uniform wind field. Different wind 
profiles have been generated using various 
experimental sets of wedge interference in a wind 
tunnel to simulate the ABL. In addition, spire, fence, 
and roughness elements have been used to 
simulate the wind environment of a specific 
location. However, these studies focused on 
straight wind and constant wind speeds, and 
several issues still need to be addressed in a 
complex wind environment, as mentioned above. 
The three “nons” namely non-stationarity, non-
Gaussianity, and non-linearity are typical features 
in these environments and are prevalent in gust 
fronts, vortical and convective systems, rolls, 
mesoscale features, and intermittent turbulence 
[4]. In the face of these challenges, compared with 
other structures, HST and bridge systems exposed 
to these winds pose additional challenges as their 
performance becomes more sensitive to their 
dynamics, thus necessitating new tools and 
perspectives beyond customary analysis and 
modeling norms. To address these issues, some 

new wind tunnels have emerged with added 
features, such as passive or active wind farm 
systems and simulators with vortical flows [5-7]. 
These new wind tunnels have enabled many efforts 
and contributions toward understanding and 
solving aerodynamic problems. [8] indicated that 
these wind conditions are significantly different 
from traditional boundary-layer flows; new-
generation wind tunnels need to focus on this 
fundamental issue. However, there are still blind 
spots and fuzzy regions, such as the design of the 
similarity relationship and the primary compromise, 
the complexity and particularity of the wind–train–
bridge system demand more in-depth exploration 
to face challenges in unknown environments.  

Gust encounters are among the most critical 
load cases for HSTs and can be experienced by 
long-span bridges during their service life. 
Increasing the aspect ratio of modern HSTs and 
reducing their weight generally results in an 
increased sensitivity of the train to overturning, 
and the aerodynamic behavior of the bridge is 
affected by gust loads [9]. To simplify the 
development of these methods, many 
computational techniques and theoretical 
deductions of different fidelity levels have been 
developed to evaluate the structural responses to 
gust effects [10-11]. Researchers have been 
developing solutions to reduce structural stresses 
caused by gust encounters at the simulation level 
in the laboratory using either passive or active 
methods. Nonetheless, the unsteady nature of a 
gust flow and strong coupling between the 
resulting aerodynamic loads and structural 
deformations, along with the complications of the 
train and bridge system, hinder the modeling of a 
permanent dynamic response. Hence, practical and 
rational experimental simulation technology is 
necessary, and the design of a new device to 
produce high resolution and high stabilization of 
the wind field has become the key technology used 
in wind tunnels. Therefore, a new gust-wind 
generator was developed in the wind tunnel at 
Central South University (CSU) to understand the 
nature of gust wind further and evaluate their 
effect on the train-bridge system. Based on the 
system and train-bridge system, a series of 
experiments was carried out, through the analysis 
of the causes of phenomena and proposed some 
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suggestions to protect the running safety of the 
train further. 

2 Wind tunnel 
The CSU wind tunnel was carefully designed to 

be energy-saving and a well-tried type, thus 
adopting a closed-loop[12]. The wind tunnel was 
built by railway works and installed in the National 
Engineering Laboratory for Construction 
Technology of High-Speed Railway at CSU and is 
believed to be the only railway-owned wind tunnel 
in China in regular use, as illustrated in Figure. 1.  

Figure. 1 Wind tunnel at Central South University 

The CSU wind tunnel consists of two test 
sections in which the model is maintained, 
contraction and settling sections before the high-
speed test section and a diffuser before the low-
speed test section. A fan is located after the 
diffuser to create the wind. The wind tunnel is 
equipped with an array of six large fans (3 × 2) that 
push air to the left side of the tunnel (purple area). 
The pushed air passes through turning vanes and 
then through a contraction zone to streamline the 
flow at a relatively large test section (12 × 3.5 m). A 
square section with dimensions of 3 × 3 m is 
located on the right, followed by a diffuser zone 
with varying dimensions, as depicted in Figure. 1. 
To meet the demand for high-speed railway 
applications, the highest wind speed is close to 
90 m/s in the square section, called the high-speed 
section. The high experimental wind speed and the 
cross-test section of the CSU wind tunnel are 
suitable for improving and rebuilding new 
experimental technology and facilities relative to 
their diameter for efficient use in railroad train 
testing. In recent work for generating natural 
boundary-layer winds, the CSU wind tunnel 
technology system comprised (i) diversified 
combinations of the spire-slat grid and (ii) several 

staggered roughness blocks of various sizes 
distributed based on the experimental objective. If 
required, the moving train rigs and transient flow 
generating system would be added to the current 
boundary layer of the CSU wind tunnel to simulate 
the moving train on the infrastructure and gust 
fronts separately or in combinations. The location 
of the transient flow generating system was 
selected to be in the square section marked as the 
high-speed section in Figure. 1.  

3 Transient flow generating system 
Compared with boundary-layer winds generally 

regarded as stationary, gust-front winds exhibit 
distinct non-stationarity, that is, rapid wind speed 
changes during a short time interval. Therefore, the 
stationary wind model typically used in boundary-
layer winds may not be valid for gust-front winds 
described in terms of time-varying parameters [13]. 
With the traditional setup of conventional (straight) 
wind tunnels, the task of replicating non-stationary 
phenomena to analyze the flow field and resulting 
flow forces on a train–bridge system cannot be 
easily accomplished. The conventional boundary-
layer wind tunnel cannot generate extreme wind 
fields. A transient gust flow generating system was 
installed in the high-speed section to provide 
reinvented versions of the oncoming flow, such as 
gust-front wind. As shown in Figure. 2, the system 
comprises a square frame with a cross-section that 
is 450 mm deep (i.e., dimensions are parallel to the 
flow). A “steering linkage system” mechanism 
transforms the rotation imparted by the motor into 
a vertical translating motion of 10 equally spaced 
100 mm flat plates (blades) on the side near the 
wind tunnel wall. These blades occupy the space 
inside the cross-section and rotate in unison. The 
flow can continue downstream, mostly 
uninterrupted when the blades are parallel to the 
wind tunnel floor; it may be blocked when the 
blades are perpendicular (vertically orientated), 
and it may be redirected at an angle when the 
blades are slightly rotated. 

As depicted in Figure. 3, the blades' swing speed, 
angle, and frequency can be controlled by setting 
the control parameters in the control system. The 
redirection of the flow leads to an initial uniform 
flow oscillating up and down and produces an 
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expected non-stationary flow. To accomplish this, 
the blades of the flow generator, starting from an 
initial position with a “closed state” 90º angle of 
attack, are rapidly angled downward to an “open 
state” (i.e., counter-clockwise in Figure. 2). The 
transience of the flow (and thus the non-
stationarity of the “mean”-wind velocity) is 
mimicked by returning the blades to their original 
position and returning the flow to its most 
uninterrupted state. These actions produce a signal 
marked by periods of sudden temporal changes in 
the wind velocity. Owing to the servo motor 
features, blades can be successfully operated at a 
maximum initial value, corresponding to the 
configuration wherein the blades are parallel to the 
floor with the device in its “open state.” Moreover, 
the system supports the usage of the generator in 
this configuration, enabling the blades to 
reciprocate to swing up and down.  

Figure. 2 Design sketch of transient flow 
generating system 

Figure.3 The software interface of the control 
system 

4 Experimental set-up 

Figure.4  Wind tunnel layout and gust-wind 
generator 

In the experiment conducted in the National 
Engineering Laboratory for Construction 
Technology of High-Speed Railway at the railway 
campus of Central South University, the gust-wind 
generator was positioned within the high-speed 
section of the wind tunnel, as shown in Figure.4. 
Blades installed on the gust-wind generator were 
able to rotate through a full 90o, with 0o 
corresponding to the flat plate horizontal to the 
approaching flow and  90o corresponding to the flat 
plate perpendicular to the oncoming flow, 
imposing up to 40% blockage of the initial flow 
region.  

In addition, a CRH380 high-speed train and 
simply-supported box-girder were selected to 
evaluate the wind effect on the train-bridge system. 
As displayed in Figure.5, the train was fixed to the 
viaduct and placed 3.5m behind the transient flow 
generating system.  
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Traverse System
(Moveable)
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Figure.5   A CRH380 high-speed train on the 
viaduct 

5 Simulation of a sudden change of 
wind velocity 
The average speed of wind mutation is one of 

the characteristics of gust wind, and the average 
wind velocities undergo at least two changes in a 
short period. In order to highlight this characteristic 
of gust wind, the status of wind speeds before and 
after changes are defined as 1U  and 2U , and a 
time of radical changes in wind velocities is 
expressed as t∆ , as shown in Figure.6. To generate 
the sudden-change airflow, the wind tunnel was 
first started up until the wind velocity 1U  reached 
the stable state, after that, the wind velocity will be 
changed 2U  in the shortest period t∆  until it 
reached the stable state again. The process of the 
wind speed is obtained as the following 
formula[14]： 

2 1U Ua
t
−

=
∆

 (1) 

Figure.6  A sudden change of wind velocity 

During the experiment, instantaneous 
velocities within the airflow were measured using 
a Cobra probe (Turbulent Flow Instrumentation), a 
four-pressure-hole probe with a high-frequency 
response capable of measuring airflow velocities in 
the wind tunnel. The Cobra probe was placed 
downstream of the wind tunnel and behind the 
gust-wind generator to contribute to the 
development of oncoming flow. Figure.7 shows the 
sample decomposition of 2 sample wind speed 
records simulated by the gust-wind generator. As 

the figure shows, the wind velocity accelerated 
from 4.51m/s to 14.23m/s and when an action 
potential is initiated, these blades go from their 
closed state to their open state. The airflow can 
pass through in an instant and the accelerating 
time t∆  were defined as 0.43s, and the
corresponding acceleration was 22.6 m/s2. 
Meanwhile, the gust-wind generator can 
negatively control operation, as shown in Figure 7, 
the wind velocity decelerated from 12.28m/s to 
1.76 m/s and when an action potential is initiated 
these blades go from their open state to their 
closed state. The airflow stopped in an instant and 
the decelerating time t∆  were defined as 0.21s,
and the corresponding acceleration was 50.12 m/s2. 

Figure.7 wind speed time series sample 

6 Wind effect on the train-bridge 
system 

During the experiment, the train-bridge system 
model was placed into the testified step airflow 
(like the wind speed history as shown in Figure.7 ), 
and then various aerodynamic parameters were 
observed and collected. The surface pressure 
measurements on the train were conducted using 
a high-frequency pressure scanning valve 
(ZOC33/64PxX2) manufactured by Scannivalve. The 
experiment results showed that the side force 
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coefficient of the structural surface appeared to be 
the peak value during the open state of the blades. 
Taking the rotation angle 0o as an example, as 
shown in Figure.8, the peak value of the side force 
coefficient of the whole structure was 1.21, which 
means that the side force coefficient in the across-
wind direction of structures under the acting of 
sudden-change airflow is much higher than that of 
structures under the acting of stable airflow. 

The other experimental case showed that 
peak values of the side force coefficient of the train 
increased as the acceleration increased. The peak 
value of the side force coefficient of the train 
appeared during the accelerating process. 

Figure.8  The side force coefficient of the train 

7 Conclusion 
 A new gust-wind generator at the Central 

South University (CSU) wind tunnel is utilized to 
simulate non-stationary wind. The system is 
worked through an optimization control technique 
and a previously obtained method to identify blade 
rotations leading to the target wind speed time 
history. The current study simulated two kinds of 
step flow employing the gust-wind generator and 
evaluated their effect on the train-bridge system. 
The system is also capable of generating applicable 

transient nature of wind speed. The next step, the 
gust-wind generator is launching projects on other 
non-stationary winds (e.g., downburst) and 
investigating the effect on the structures. 
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Abstract 
To investigate the numerical simulation for the nonlinear flexural behavior of pretensioned void slab 
beams, the three-dimensional finite element models (FEM) of the existing pretensioned void slabs 
were established and verified through tests. Firstly, based on the concrete constitutive laws in 
Chinese code and EN 1992-1, the damage factors in concrete damaged plasticity (CDP) models 
derived from energy equivalent model were incorporated. Meanwhile, the constitutive models of 
reinforcement and prestressing tendons were calibrated in accordance with the yield strength and 
tensile strength data obtained from the tests. Then, the flexural loading history of the beams were 
numerically analyzed, and the simulation outcomes were compared with the test results. Finally, 
the impact of constitutive laws and the damage factors on the calculation accuracy and efficiency 
of numerical simulation analysis were studied.  

Keywords: concrete structure; pretensioned void slab; flexural behaviour; nonlinear analysis; 
concrete damaged plasticity; test verification. 

1 Introduction 
Pretensioned void slab has been widely adopted in 
highway and municipal bridges because of its low 
deck height, cost effective and convenient 
construction. It can offer a depth-to-span ratio as 
low as 1/20. However, the de facto overloading in 
many road traffic network may render the slab 
decks into cracking or even nonlinear response to 
some extent [1]. Accordingly, effective and 
accurate nonlinear analysis of void slab should be 
further developed for the whole loading history. 

Extensive research efforts have been made to 
study the nonlinear behavior of concrete slabs 
using finite element analysis method. Azizian et al 
[2] investigated punching shear in solid and void
slabs, and established their nonlinear finite
element models (FEM) validated based on a

comparison with experimental specimens under 
static loading to predict their punching response. 
Attia et al [3] studied the flexural behavior of a new 
one-way concrete slab system, and adopted the 
finite element analysis model to predict the 
nonlinear structural behavior of the slab strip. 
Khouzani et al [4] studied the bending behavior of 
a new biaxial voided slab system proposed, and 
compared the moment capacity results of 
numerical simulations with the results through 
various concrete codes. Nguyen et al [5] conducted 
shear tests of precast, prestressed concrete hollow 
core slabs. Also, Finite element models considering 
concrete damaged plasticity were developed to 
simulate the web-shear responses of slabs and 
study the influence of design variables on web-
shear behavior of slabs numerically. 
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The present study came from a research program 
on evaluating the structural bearing capacity of 
some void slabs demolished from Beijing-Shanghai 
(G2) Expressway in Yangzhou Section. Both the 
experimental tests and numerical simulations were 
needed to verify their nonlinear bahavior.  

During demolishing the void slab deck, it was found 
that interface between the CIP surfacing and the 
top of the void slabs were tightly bonded. To 
investigate the degree of bondage, the specimens 
with and without the CIP surfacing were prepared 
and tested. The experimental results revealed the 
effect of the CIP surfacing on the flexural capacity 
of the void slabs, and presented the nonlinear 
behavior of the slabs after cracking from a macro 
perspective to flexural capacity failure. 

Furthermore, the corresponding numerical 
simulations for nonlinear flexural analysis 
considering the constitutive laws in Chinese code 
and EN 1992-1 were conducted respectively, and 
their accuracy was validated by the load-deflection 
curve obtained from the tests. The simulations 
verified the impact of the CIP surfacing. And, the 
results of finite element models in simulating the 
nonlinear behavior of flexural members further 
discussed the impact of various constitutive laws 
and the damage factors on the calculation accuracy 
and efficiency. 

2 Experimental study 

2.1 Test Specimens and Set-up 

In this study, flexural tests of a number of 
pretensioned void slabs with a span length of 10 m, 
disassembled from a highway rehabilitation project, 
were conducted. The void slab specimens with and 
without the CIP surfacing were selected. A test 
specimen and set-up are shown in Figure 1. 

a). Specimens of pretensioned void slabs 

0,75 m

Middle- span

0,75 m

Distributive 
girder

Displacement sensors are 
installed under the middle-span. 

Concentrated 
load 

Concentrated 
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b). Flexural test set-up 

Figure 1. Test specimens and set-up 

2.2 Test Results 

The curves describing the load versus deflection 
behavior of typical void slabs with and without the 
CIP surfacing obtained from the experimental tests 
are plotted in Figure 2 and Figure 3 respectively. 

Figure 2. Load-deflection curve in middle-span of 
the slab with CIP surfacing 
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Figure 3. Load- deflection curve in middle-span of 
the slab without CIP surfacing 

Based on the results from Figure 2 and Figure 3, the 
mid-span deflection was 51 mm and 173 mm for 
the tested slab with and without CIP surfacing 
when the applied load was 300 kN, revealing that 
the CIP surfacing can obviously improve the flexural 
capacity of the void slab. 

Besides, it can be seen that the deflection in 
middle-span developing with the increase of the 
applied load can be divided into four stages. In the 
earlier working stage, the slabs were in the elastic 
stage and the deflection increased linearly with the 
increasing load. When the applied load of the slabs 
with and without CIP surfacing reached 165 kN and 
90 kN respectively, the slabs began to enter the 
working stage with cracks. With the applied load 
increasing beyond 206 kN and 132 kN, the crack 
width enlarged rapidly. After the load reached 379 
kN and 282 kN respectively, the reinforcement 
entered the yield stage, and the deflection 
increased rapidly while the load increased quite 
slowly. Finally, the slabs destroyed with the applied 
load reaching 411 kN and 305 kN respectively. 

3 Modeling method for PC slabs 
According to the design information of the tested 
pretensioned void slabs, C40 concrete, Aj12.70 
steel strand, A8 and B12 reinforcement were used 
for the pretensioned void slabs. 

Based on the material properties testing, both the 
constitutive models of reinforcement and 
prestressing tendons were calibrated according to 
the yield strength and tensile strength data 
obtained from the tests. To evaluate the impact of 
various constitutive laws on the numerical 

simulation analysis, constitutive laws of concrete in 
Chinese code and EN 1992-1 were introduced. The 
configuration for all the parts assembling for the 
pretensioned void slabs is shown in Figure 4. 

Concrete void slab

Prestressing 
tendon

Stirrup reinforcement
Longitudinal reinforcement

Figure 4. Modeling of the pretensioned void slab 

3.1 Concrete constitutive laws 

3.1.1 Chinese code 

The constitutive law of concrete is formulated by 
the nonlinear stress-strain relation, as suggested by 
Code for design of structures in China [6]. The 
stress-strain relations and damage evolution versus 
strain can be written as： 

𝜎𝜎𝑣𝑣𝑣𝑣𝑣𝑣 = (1 − 𝑑𝑑𝑣𝑣𝑣𝑣𝑣𝑣)𝐸𝐸𝑐𝑐ε𝑣𝑣𝑣𝑣𝑣𝑣 (1) 

Where subscript 𝑣𝑣𝑣𝑣𝑣𝑣 can be either 𝑐𝑐 or 𝑡𝑡, denoting 
the compressive or tensile state, respectively. 𝐸𝐸𝑐𝑐 
represents the elastic modulus of concrete 
material; 𝜎𝜎 and ε represent the uniaxial stress and 
strain respectively; 𝑑𝑑𝑣𝑣𝑣𝑣𝑣𝑣  represents the scalar 
damage variable that contributes to degradation of 
elastic modulus and behaves as a monotonically 
increasing function of strain.  

The damage variable used for compression 
members can be given as： 

𝑑𝑑𝑐𝑐 = �
1 −

𝜌𝜌𝑐𝑐𝑛𝑛
𝑛𝑛 − 1 + 𝜒𝜒𝑛𝑛

𝜒𝜒 ≤ 1

1 −
𝜌𝜌𝑐𝑐

𝛼𝛼𝑐𝑐(𝜒𝜒 − 1)2 + 𝜒𝜒
𝜒𝜒 > 1

(2) 

Where 𝛼𝛼𝑐𝑐  is a parameter that features the 
descending branch of the envelop curve. 
Specifically, 𝜌𝜌𝑐𝑐 ,𝑛𝑛  and 𝜒𝜒  in Eqn. (2) can be 
respectively expressed as:  

𝜌𝜌𝑐𝑐 =
𝑓𝑓𝑐𝑐,𝑣𝑣

𝐸𝐸𝑐𝑐𝜀𝜀𝑐𝑐,𝑣𝑣
(3) 
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𝑛𝑛 =
𝐸𝐸𝑐𝑐𝜀𝜀𝑐𝑐,𝑣𝑣

𝐸𝐸𝑐𝑐𝜀𝜀𝑐𝑐,𝑣𝑣 − 𝑓𝑓𝑐𝑐,𝑣𝑣

(4) 

𝜒𝜒 =
𝜀𝜀𝑐𝑐
𝜀𝜀𝑐𝑐,𝑣𝑣

(5) 

Where  𝑓𝑓𝑐𝑐,𝑣𝑣  is the representative compressive 
strength; 𝜀𝜀𝑐𝑐  and 𝜀𝜀𝑐𝑐,𝑣𝑣  are the uniaxial compressive 
strain and the peak compressive strain 
corresponding to 𝑓𝑓𝑐𝑐,𝑣𝑣 respectively. 
Based on the property of C40 concrete and 
constitutive laws in Chinese code, the compressive 
stress-strain relation curve is plotted in Figure 5. 

Figure 5. The compressive stress-strain relation 
When adopted on tension members, the damage 
variable can be written as： 

𝑑𝑑𝑡𝑡 = �
1 − 𝜌𝜌𝑡𝑡(1.2− 0.2 ∙ 𝜒𝜒5) 𝜒𝜒 ≤ 1

1 −
𝜌𝜌𝑡𝑡

𝛼𝛼𝑡𝑡(𝜒𝜒 − 1)1.7 + 𝜒𝜒
𝜒𝜒 > 1 (6) 

Where 𝛼𝛼𝑡𝑡  is a parameter that features the 
descending branch of the envelop curve. 
And, 𝜌𝜌𝑡𝑡 , and 𝜒𝜒 in Eq.(6) can be respectively written 
as:  

𝜌𝜌𝑡𝑡 =
𝑓𝑓𝑡𝑡,𝑣𝑣

𝐸𝐸𝑐𝑐𝜀𝜀𝑡𝑡,𝑣𝑣
(7) 

𝜒𝜒 =
𝜀𝜀𝑡𝑡
𝜀𝜀𝑡𝑡,𝑣𝑣

(8) 

Where  𝑓𝑓𝑡𝑡,𝑣𝑣  is the representative tensile strength;  
𝜀𝜀𝑡𝑡  and 𝜀𝜀𝑡𝑡,𝑣𝑣  are the uniaxial tensile strain and the 
peak tensile strain corresponding to 𝑓𝑓𝑡𝑡,𝑣𝑣 
respectively. 
Figure 6 shows the tensile stress-strain relation 
considering the property of C40 concrete. 

Figure 6. The tensile stress-strain relation 

3.1.2 EN 1992-1 

According to the stress-strain relation for nonlinear 
structural analysis, as recommended by EN 1992-1 
in Europe [7], the relation between compressive 
stress and shortening strain for short term uniaxial 
loading can be described as: 

𝜎𝜎𝑐𝑐
𝑓𝑓𝑐𝑐𝑐𝑐

=
𝑘𝑘𝑘𝑘 − 𝑘𝑘2

1 + (𝑘𝑘 − 2)𝑘𝑘
 (9) 

Where  𝑘𝑘 = 1.05𝐸𝐸𝑐𝑐𝑐𝑐 ∙ |𝜀𝜀𝑐𝑐1| 𝑓𝑓𝑐𝑐𝑐𝑐⁄ ; 𝑘𝑘 = 𝜀𝜀𝑐𝑐 𝜀𝜀𝑐𝑐1⁄ ; 𝜀𝜀𝑐𝑐1 
is the strain at peak stress referring to EN 1992-1.  

The compressive stress-strain relation curve 
referring to EN 1992-1 is shown in Figure 7. 

Figure 7. The compressive stress-strain relation 
referring to EN 1992-1 

As is not given clearly in EN 1992-1, the relation 
between tensile stress and shortening strain for 
nonlinear structural analysis will not considered in 
the analysis of the CDP model when creating the 
finite element models. 
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3.1.3 Damage factor in CDP analysis 

Constitutive laws with coupled plasticity and 
damage have been proved to be able to describe 
the main characteristics of concrete nonlinear 
behavior in a robust manner [8]. When using 
ABAQUS to predict the nonlinear behavior of 
concrete structures, damage factors calculated by 
the energy equivalent model can well describe the 
brittleness through the tensile process of concrete 
structures and show reasonable velocity of 
concrete damage developing when incorporated in 
the concrete constitutive model [9]. The energy 
equivalent model can be written as [10]: 

𝑑𝑑𝑘𝑘 = 1 − �
𝜎𝜎𝑘𝑘
𝐸𝐸𝑐𝑐𝜀𝜀𝑘𝑘

(10) 

Where subscript 𝑘𝑘 can be either 𝑐𝑐 or 𝑡𝑡, denoting 
the compression or tension. 

4 Numerical simulation 

4.1 Finite Element Modeling 

The three-dimensional solid finite element models 
using ABAQUS software were established. The 
configurations of the void slabs with and without 
CIP surfacing are illustrated in Figure 8. 

Concentrated vertical load 
are applied at the pads

Translations in x, y and z directions 
are restricted.

Translations in x and z directions 
are restricted.

The CIP surfacing part when considered
is bonded on the top of the slab model.

Figure 8. Finite element model of pretensioned void slabs 

4.2 Evaluation of flexural performance 

The finite element models were validated 
experimentally and used to carry out the 
investigation on the nonlinear flexural behavior of 
pretensioned void slabs. Constitutive laws of 
concrete referring to Chinese Code for design of 
structures and EN 1992-1 were adopted to the 
numerical simulation analysis. Besides, the 
constitutive models of reinforcement and 
prestressing tendons were calibrated according to 
the yield strength and tensile strength data 
obtained from the experiments. 

Moreover, to evaluate the damage factors on the 
nonlinear flexural behavior of pretensioned void 
slabs, the simulations considering constitutive laws 
with coupled damage factors and without damage 
factors were compared against the experimental 
tests. The load-deflection curves in middle-span of 

the specimens obtained by finite element analysis 
using constitutive laws in Chinese code and EN 
1992-1 are plotted in Figure 9 and Figure 10 
respectively. 
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0 50 100 150 200 250 300 350
0

50

100

150

200

250

300

350

Ap
pl

ie
d 

lo
ad

 (k
N

)

Deflection (mm)

 Experimental test
 FEM with damage factor
 FEM without damage factor

1968



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

b). The void slab with the CIP surfacing 

Figure 9. Comparison of load- deflection curves 
between FEM (Chinese code) and tests 

a). The void slab without the CIP surfacing 

b). The void slab with the CIP surfacing 

Figure 10. Comparison of load- deflection curves 
between FEM (EN 1992-1) and tests 

As shown in Figure 9 and Figure 10, it can be 
observed that the deflection obtained from 
numerical analysis can perform the same 
developing trend with the increasing load as the 
experimental results. Meanwhile, the ultimate 
flexural capacity obtained from simulations shows 
low difference from the experiments, which 
illustrates the applicability and accuracy of the 
finite element models. Furthermore, it can be 
noted that the damage factors in the CDP models 
derived from energy equivalent model can better 
simulate the nonlinear flexural behavior of 
pretensioned void slabs.  

Based on the peak loads obtained from the tests 
and simulations, the results of the ultimate flexural 
capacity of void slabs were calculated and listed in 
Table 1. 

Table 1. The ultimate flexural capacity of pretensioned void slabs (unit: 𝑘𝑘𝑁𝑁𝑁𝑁) 

Type of void slab Experimental test 

EN 1992-1 Chinese code 

Without damage 
factor 

With damage 
factor 

Without damage 
factor 

With damage 
factor 

With the CIP 
surfacing 843 918 845 855 836 

Without the CIP 
surfacing 625 703 668 668 648 

From Table 1, the results of flexural capacity 
calculated from numerical simulations have a 
difference of less than 13% from the experimental 
tests. while the difference will not exceed 7% 

when the damage factors in the CDP models are 
incorporated in the concrete constitutive models. 
Thus, the damage factor can help effectively 

0 50 100 150 200 250
0

50
100

150
200

250
300

350
400

450

Ap
pl

ie
d 

lo
ad

 (k
N

)

Deflection (mm)

 Experimental test
 FEM with damage factor
 FEM without damage factor

0 50 100 150 200 250 300
0

50

100

150

200

250

300

350

Ap
pl

ie
d 

lo
ad

 (k
N

)

Deflection (mm)

 Experimental test
 FEM with damage factor
 FEM without damage factor

0 50 100 150 200 250
0

50
100

150
200

250
300

350
400

450

Ap
pl

ie
d 

lo
ad

 (k
N

)

Deflection (mm)

 Experimental test
 FEM with damage factor
 FEM without damage factor

19391969



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

improve the accuracy of the simulation results of 
nonlinear flexural behavior of concrete structures. 

Compared with EN 1992-1, the numerical 
simulations using constitutive model referring to 
Chinese code work better in nonlinear analysis. 
The phenomenon may derive from the lack of 
relation between tensile stress and shortening 
strain in nonlinear structural analysis from EN 
1992-1. Moreover, by contrast with the 
constitutive models without the adoption of 
damage factors, though nonlinear flexural 
simulation using damage factors will show lower 
operation efficiency in a certain extent, it can 
obviously improve the accuracy of the results. 

5 Conclusions 
(1) The cast-in-place surfacing contributes
significantly on the flexural capacity of the void slab, 
which was verified by both tests and numerical
simulations, and behaved almost as an integral part 
of the void slab deck during the loading history.
(2) The constitutive law adopted in finite
element method from either Chinese code or EN
1992-1 works good in numerical simulation of
nonlinear flexural behaviour of pretensioned void
slabs.
(3) The damage factors in concrete damaged
plasticity models can help improve the accuracy of
nonlinear simulation, and obviously decrease the
difference between the calculation results and the
tests.
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Abstract 
The frost uplift of pile foundation or other rod-shaped structures along with the frost heave of 
foundation soil, is a kind of frost damage widely existing in cold region engineering. These 
damages have always been the main problems of railway and highway subgrade, and they are 
controllable factors affecting the technical indexes of subgrade in cold regions. This paper explores 
the evolution law, cause, characteristics, and influence factors of frost heave and uplift of pile-soil 
system during the freezing process. The interaction between pile and soil and the mechanism of 
frost heave and uplift are revealed. With the analyses on distribution at pile-soil interface and 
influencing factors of freezing strength, the distribution law of freezing strength at pile-soil 
interface is clarified. Based on the previous experimental methods of frost heaving force and 
uplifting force, this paper discusses the problems and limitations using current methods. 

Keywords: frost heave; frost uplift; freezing strength; permafrost. 

0   Introduction 
Permafrost is a special type of geology, usually 
defined as rocks and soils that are below zero 
degrees Celsius and contain ice. According to the 
length and continuity of its freezing period, frozen 
soil is divided into three types: permafrost, 
seasonal permafrost, and short-term permafrost. 

Foundation freezing is a common engineering 
disease in permafrost region and seasonal frozen 
region. The uneven uplift of piles caused by 
freezing causes the superstructure to tilt or 
collapse, resulting in serious consequences. At 
least more than half of the piles of canal buildings, 
small and medium-sized Bridges and culverts in 

Heilongjiang Province suffer from frost pulling, 
and the amount of pile pulling can even reach tens 
of centimeters per year[1]. In terms of transmission 
lines, 56 piles on Fengyi Line and Fengda Line, 
which were put into operation in 1999, were 
pulled up and could not be used[2].Numerous 
examples show that this is an urgent problem to 
be solved. 

It is the primary condition for scientific prevention 
and control of frost heaving and frost pulling 
disease to explore the characteristics and 
influencing factors of pile and soil system in 
freezing process. This article through studies the 
freezing process under different influencing 
factors of pile soil interface frozen force 
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distribution and evolution law of proven pile in 
the process of freezing frost heave the evolution 
law of frost heaving and frost heave of soil 
deformation regularity of the internal relation and 
influence between factors, reveal the interaction 
of piles and soil frost heave and frost heaving 
mechanism, discussed the existing measuring 
methods and the problems and limitations. 

1 Frost heave and stress of soil 

1.1 Frost heaving phenomenon and 
mechanism 

1.1.1 Frost heaving phenomenon 

Under the condition of continuous negative 
temperature, the water in soil freezes gradually, 
and various kinds of ice media such as ice lens and 
polycrystalline ice crystals are formed along the 
decreasing direction of temperature, which causes 
the relative displacement of soil particles. Soil 
frost heave is mainly characterized by soil particle 
volume expansion and uneven surface uplift, 
which will lead to frost heave hills, ridges and 
other special landforms. 

1.1.2 Harm of frost heave 

The deformation and crack of railway and highway 
pavement caused by uneven frost heave of 
roadbed directly affect the flatness of pavement, 
and the concrete structure and rigid pavement are 
the most serious.Most of the cracks caused by 
frost heave present longitudinal faults, which 
destroy the pavement structure layer and even 
lead to road breakage. 

Small and medium-sized bridge piers are lifted due 
to frost heave, which causes the bridge pile to be 
pulled out and the bridge deck to be uneven. 
Some will produce horizontal cracks in the 
abutment, and serious ones will cause the 
abutment to collapse.In the investigation of some 
highway Bridges in Heilongjiang Province and 
eastern Inner Mongolia, the Highway Planning and 
Design Institute of Ministry of Transport and other 
units found that more than 40 Bridges suffered 
from frost heaving of different degrees, with the 
maximum frost heaving of nearly 2m and the 
maximum annual average frost heaving of 22cm[3]. 

In civil and industrial construction, tilt, crack, 
deformation and other phenomena caused by 
frost heave are also common. 

220kV power transmission lines in Daqing region 
in northeast China and Hailaer-Yakeshi in Inner 
Mongolia[4], collapse of tower and pole caused by 
frost heave had happened for many times. 

This shows that the frost heave causes great 
losses to the national economy, which not only 
reduces the service life of engineering structures 
and reduces the carrying capacity, but also 
increases a lot of costs and wastes a lot of 
resources. 

1.2 Mechanical characteristics of soil frost 
heave 

There are three kinds of frost heaving forces, 
tangential frost heaving force 𝜎𝜎𝜏𝜏 , normal frost 
heaving force 𝜎𝜎no  and horizontal frost heaving 
force 𝜎𝜎ℎ𝑜𝑜 , whose unit is N/mm2, as shown in 
Figure. 1 

Figure 1. Frost heaving force of central pile in 
frozen soil 

1.2.1 Tangential frost heave force 

According to some statistics in China, tangential 
frost heaving force usually appears five to ten 
days after the surface frost heaving phenomenon. 

Kim, etc.[5] explained the generation mechanism of 
tangential frost heaving force. Frost heave in the 
process of pile foundation and soil consolidation, 
inflation has led to the relative sliding between 
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soil and pile side caused the tangential force is the 
tangential frost heaving force. 

Many scholars have studied the distribution of 
tangential frost heave force.Several scholars have 
given reference values of tangential frost heaving 
force[6-9].Liu Hongxu used layered foundation 
theory, combined with spatial semi-infinite 
deformation theory to calculate, and verified by 
the observation results of frozen soil station, and 
obtained the distribution of tangential frost 
heaving force along the frozen depth [10-11] Zhou 
Changqing[6] made a long-term observation of clay 
frost heaving in Longfeng area of Daqing, and 
observed and summarized the development law 
of tangential frost heaving force. Tong 
Changjiang[19] carried out in-situ tests on the 
tangential frost heaving force along the lateral 
side of the foundation in the qinghai-Tibet Plateau. 

Their study confirmed that the tangential frost 
heaving force distributed unevenly along the 
vertical height of foundation side during the whole 
freezing process[39-40]. When tangential frost 
heaving force is formed, the main peak value 
moves downward with the deepening of the front 
and decreases near the surface, and the frost 
heaving force relaxes. Its peak appeared in two-
thirds of the maximum frozen depth range, with 
the development of the freeze, tangential frost 
heaving force gradually relaxed, lead to value 
decreases. It can be explained from the 
perspective of cooling and contraction of 
foundation soil and the occurrence of tensile 
stress: as the frozen soil first freezes and expands, 
then cools and contracts, tensile stress and cracks 
appear in the later stage, resulting in greatly 
reduced freezing strength and tangential frost 
heaving force [11]. 

1.2.2 Normal frost heave force 

The normal frost heaving force is perpendicular to 
the frozen front and base.It only came to the fore 
in the 1850s. В.О.Орнов[12] measured the normal 
frost heaving force directly for the first time in a 
field test site in 1958. Many scholars at home and 
abroad have put forward various calculation 
methods of normal frost heaving force[13-18]. 

The normal frost heaving force appears a little 
later than the soil frost heaving and increases with 

the development of frost heaving. The measured 
data of Tong Changjiang[19] shows that there is no 
freezing phenomenon when the soil surface has 
stable negative temperature, the normal frost 
heave force appears after a period of stable 
freezing, and the soil frost heave and the normal 
frost heave force decrease simultaneously. 

From the beginning of stable freezing, when the 
freezing depth reaches 5-10cm, the frost heaving 
force begins to be affected by the normal frost 
heaving force, but it shows a slight delay because 
the normal frost heaving force generated first 
needs to balance the initial stress.With the 
deepening of freezing depth, the normal frost 
heaving force increases continuously. When the 
freezing depth reaches 1/3 to 2/3 of its maximum 
value, the normal frost heaving force increases 
rapidly correspondingly. Since then, the normal 
frost heaving force on the ground and foundation 
increases with the increase of freezing depth, but 
the increase decreases gradually. 

1.2.3 Horizontal frost heave force 

Horizontal frost heaving force can cause many 
kinds of freezing damage, and many kinds of 
buildings such as retaining wall, tunnel and 
foundation will appear cracks and inclines under 
its action. It is of great value for the stability of 
various facilities in engineering to know its 
distribution law and numerical value. 

The horizontal frost heaving force is caused by the 
change of hydrogeological conditions and heat 
balance state of the engineering building, which is 
subjected to the bidirectional freezing of surface 
and side. Ding Jingkang, Lou Anjin[13] used layered 
model retaining wall to measure the horizontal 
frost heaving force, and found that the horizontal 
frost heaving force of the soil filling behind the 
retaining wall in the freezing process was the 
cause of their deformation and even failure. 

1.3 Freezing strength 

Freezing strength refers to the interface ultimate 
shear strength between frozen soil and base 
surface, and is the limit value of tangential frost 
heaving force[20], the pile pressing method is 
usually used. It is an important index for analyzing 
frost heaving and frost pulling. 
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There are many factors affecting freezing strength, 
among which temperature, water content and 
basic materials are the most relevant By 
comparing the study of Wang Renhe[19] with the 
experimental study of the Third Survey and Design 
Institute of Railways[21], it is found that the 
variation of freezing strength with freezing depth 
is almost consistent with tangential frost heaving 
force. Luan Hong[22], Liu Hongli[23], Shi Quanbin[24] 
and other scholars studied the influence of 
temperature on freezing strength by model test, 
self-made test device and numerical simulation 
system developed by piling method, and found 
that with the rise of temperature, the freezing 
strength between pile and frozen soil gradually 
decreased. Sun Zhaohui[25] conducted direct shear 
test with orthogonal experimental scheme, and 
obtained the relationship between freezing 
strength and initial water content of the interface 
between silty clay and concrete: freezing strength 
will increase linearly with the increase of water 
content. 

1.4 Influence factors of soil frost heave 

Moisture, temperature, mineral composition of 
soil and different kinds of soil have great influence 
on frost heave. In the code for design of building 
Foundation (GB50007-2011)[26], the category of 
frost heaving can be judged by the natural water 
content before freezing, the category of soil and 
the grade of frost heaving. 

1.4.1 Influence of soil moisture on frost heave 

The initial frost heave moisture content refers to 
the soil moisture content when the frost heave 
coefficient 𝜂𝜂 is equal to zero under stable negative 
temperature conditions. In the absence of other 
water supply, the frost heaving coefficient 
increases with water content and finally tends to 
be stable. Chen Xiaobo[15] showed that for the 
same soil sample, initial frost heave water content 
increased with the increase of freezing rate. Tong 
Changjiang concluded[19] that for fine-grained soil 
in a closed system, when the dry density of soil is 
1.5-1.6g/cm3, and the water content reaches the 
initial frost heaving water content, the frost 
heaving coefficient 𝜂𝜂 increases with the water 
content and finally tends to be stable. Cheng 
Peifeng and Lin Hong[27] also found the same rule 

by conducting corresponding enclosed single-
factor frost heaving test on subgrade clay in 
seasonal freezing region. 

1.4.2 Influence of temperature on frost heave 

The process of soil freezing is closely related to 
temperature change. In general, in a closed 
system, with the decrease of soil temperature, the 
water content decreases, the ice content 
increases, the freezing rate accelerates, and the 
frost heave coefficient increases. When the 
negative temperature is constant, the content of 
unfrozen water is also constant, in this time frozen 
soil frost heave depends on the temperature[14]. 

After collating data from Lanzhou Institute of 
Glaciology and Geocryology, Chinese Academy of 
Sciences, Tong Changjiang[19] found that the 
relationship between the frost heaving coefficient 
𝜂𝜂  and temperature can be divided into three 
sections. The first one is acute growth section: 
when the temperature ranges from 0℃ to 3℃, 
frost heaving develops rapidly with the decrease 
of temperature. At this stage, the unfrozen water 
decreases rapidly and the frost heaving amount is 
70% ~ 80% of the maximum value.The second one 
is slow growth section: In the range of -3℃ to -7℃, 
the increase of frost heaving coefficient gradually 
slows down with the decrease of temperature, 
and it is in a transitional stage. The loss of 
unfrozen water becomes slow and the frost heave 
is 15 to 20 percent of the maximum. The third one 
is relatively stable stage: temperature -7℃ to -
10℃  below, the decrease of unfrozen water 
becomes quite slow, the frost heaving coefficient 
hardly increases, and the amount of frost heaving 
is very small. 

1.4.3 Influence of soil quality on frost heave 

The influence of soil quality on frost heave is 
mainly manifested in soil particle size and mineral 
composition. 

The frost heave of soils with different particle 
sizes becomes more and more intense as the soil 
particles become thinner, and the frost heave 
gradually improves when clay particles are the 
main component. Through the experiment, Taber 
and Beskow [16-17] found that the precipitation 
phenomenon was very weak when the particle 
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size was 0,07mm and significant when the particle 
size was between 0,01-0,06mm. Li Jianyu[28]found 
that the frost heaving phenomenon was 
significant in silt and weak in clay by comparing 
the frost heaving coefficients. 

As for the mineral composition, Ducker[18] 
conducted experiments on several clays and found 
that when the ratio of quartz powder and 
bentonite was 9:1, the exchange ions had a 
significant effect on water migration and frost 
heaving strength. Endel[18] believed that mineral 
composition and exchange base played a key role 
in the frost heave process of clay. Grim[18] found 
that mineral composition had a great influence on 
the frost heave of clay.For montmorillonite, the 
adsorbed water layer is very thick, so the water 
migration during freezing is very weak. Kaolinite, 
on the other hand, has low binding water content, 
small active surface and low ion exchange. He 
ranked the influence of clay minerals on frost 
heave, which were kaolinite, illite and 
montmorillonite. 

2 Characteristics of freezing pull and 
stress of 2 piles 

2.1 Freezing pull phenomenon 

Under wet, cold and low temperature conditions, 
the water in the soil forms vertical crystallization, 
and the crystallization develops gradually. The 
frozen layer of topsoil and pile foundation lifts, 
resulting in vertical displacement on the whole. 
This phenomenon is called freeze-pulling 
phenomenon. 

The amount of freeze-out increases with the 
deepening of the freezing depth, and reaches the 
extreme value when it approaches the maximum 
freezing depth. It also has the characteristics of 
non-uniformity and accumulation year by year, so 
the elevation of pile top increases with the use 
time after freeze-pulling, as shown in Figure 2. 
Some of them may even reach more than ten 
centimeters per year, which seriously affects the 
safety of engineering buildings. Therefore, once 
frozen, it is necessary to deal with it in time. 

2.2 Stress characteristics of pile-soil system 
during freezing extraction 

When tangential frost heaving force is greater 
than the sum of external load, foundation gravity 
and friction resistance, uplift begins to occur, as 
shown in Figure. 2. 

Figure 2. Schematic diagram of freezing extraction 

Therefore, the tangential frost heaving force must 
satisfy the following formula in order to prevent 
the building from freezing heave: 

 𝜎𝜎𝜏𝜏 𝑆𝑆 ≤ 𝑃𝑃 + 𝐺𝐺 + 𝑓𝑓 𝑝𝑝 𝑆𝑆 1 (1) 

Type in the 

𝑃𝑃 -- External load; 𝐺𝐺-- Foundation weight; 

𝑓𝑓 𝑝𝑝-- Ultimate friction between foundation and 
unfrozen soil; 

𝑆𝑆-- Surface area of foundation side in permafrost; 

𝑆𝑆 1-- Surface area of foundation side in non-frozen 
soil layer; 

𝜎𝜎𝜏𝜏-- Unit tangential frost heave force. 

According to the formula, the force causing frost 
heave is mainly tangential frost heave force acting 
on the foundation side.From the perspective of 
the mechanism of tangential frost heaving force, it 
is necessary to cause the pile foundation to freeze 
heave. After the cement between the pile 
foundation and soil, tangential frost heaving force 
can overcome the dead weight, external load and 
ultimate friction of the pile foundation and the 
building structure on the pile foundation, and 
then rise continuously with the soil layer frost 
heaving. 
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2.3 Factors influencing freezing extraction 

The key of freeze-heave is caused by tangential 
freeze-heave force, which mainly refers to the 
tangential freeze-heave force acting on the 
structural surface due to the mutual constraint 
between engineering structure and foundation 
soil.Therefore, the factors affecting tangential 
frost heaving force, such as particle size, water 
content and roughness, are all important factors 
affecting the situation of frost heave. 

The size of grain directly affects the size of 
freezing pull force.Some scholars point out 
that[19]When other objective conditions are the 
same, the freezing pulling force of coarse sand, 
medium sand and clay is very small. Only subclay 
and subsandy soil with particle size range of 
0,005-0,05mm have the largest value. Tangential 
frost heave of coarse-grained soil is increased 
when more silt particles are mixed into the soil. 

Data from Lanzhou Institute of Glaciology and 
Geociology, Chinese Academy of Sciences[19] show 
that when water content exceeds the critical frost 
heaving water content, the relationship between 
freeze-pulling force and water content in soil is 
roughly parabolic, which can be divided into linear 
growth, gradually decreasing and linear stability. 
Zhai lian[29] simulated the amount of freeze-uplift 
of lakeside pile foundation under different water 
layer thicknesses, and found that it decreased 
with the increase of water layer thickness, and 
when the aquifer thickness reached 0,75m, the 
amount of freeze-uplift decreased to zero and 
almost remained unchanged. 

Ge Honglin[30] used COMOSL software for 
simulation and shallow burial method for test, 
laying polyurethane insulation board, and found 
that the longer the laying length, the smaller the 
amount of freezing. This indicates that 
temperature has an effect on freeze-pulling. In the 
actual situation, temperature field, moisture field 
and stress field often affect the freezing pull 
situation together. Zhai Lian[29] combined the 
indoor and outdoor experimental results, adopted 
the constitutive relation of elastic-viscoplastic 
creep, and used ANSYS finite element software to 
establish a three-field coupling model for 
numerical simulation of saturated frozen soil. The 
actual temperature field is very complex, and the 

cooling and heating processes in the numerical 
simulation are set as monotone changes instead. 
Based on the theory of hydrothermal coupling, Xin 
WenShao[31] established the governing equations 
of temperature field, water field and their relation 
equations, and then established the numerical 
model of hydrothermal coupling. It is found that 
with the decrease of test temperature, the ice 
content of foundation soil increases gradually, 
which leads to the increase of freezing 
displacement and frost heave displacement of 
foundation soil. 

Wang Haihang[32] introduced the concept of 
"degree of expansion" and improved the 
traditional roughness algorithm. He also carried 
out freezing pulling tests on piles with different 
roughness, groove depth and number of grooves. 
He found that for the piles with the same 
structure, the greater the roughness, the greater 
the freezing pull force. For piles with side grooves, 
the deeper the groove is, the greater the freezing 
pulling force is. 

2.4 Measurement of freezing pull force 

The mechanism of freeze-drawing force is 
complex. At present, the commonly used 
measurement methods include strain gauge 
method, reaction frame method and drawing test 
method[20]. 

2.4.1 Strain gauge method 

In recent years, some scholars[33-34] proposed to 
use strain gauge method to test the distribution of 
freeze-uplift force along pile body. They pasted 
strain gauges on the pile body to test the strain of 
the pile body under the condition of frost heaving, 
and the tangential frost heaving force was 
calculated from the corresponding stress values 
on the two adjacent strain gauges. Shuai Jun[35] 
and Lu Jianfei[36] used this method to study the 
distribution of freeze-pulling force of piles of 
different materials with freezing depth at different 
freezing temperatures. 

Strain gauge method is widely used in engineering 
test because of its simple operation, simple and 
easy to obtain experimental materials and wide 
deformation range .However, strain gauge is very 
sensitive to temperature, and it is an indirect 
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method to measure freezing pull force through 
pile strain, so there is some error. In addition, only 
one strain can be measured by this method, which 
is very unfavorable to the exploration of the 
whole freezing pulling force. 

2.4.2 Reaction frame method 

The reaction frame method is to measure the 
freeze-drawing force by the dynamometer 
installed on the reaction frame and then divide it 
by the surface area of pile side within the freezing 
depth to get the stress. When the buried depth of 
foundation is less than the freezing depth, the 
frost heave force measured by the reaction frame 
method also includes the influence of the normal 
frost heave force acting on the foundation. 
However, in order to limit the freeze-pulling of 
pile caused by normal frost heaving force, the 
buried depth of foundation is usually greater than 
the frozen depth. In addition, the value measured 
by the reaction frame method also includes the 
friction force of pile side, so there is a certain 
error. 

2.4.3 Drawing test method 

The freeze-drawing test equates the freeze-
drawing force with the dynamic friction force in 
the process of pile drawing. By pulling out or 
inserting the pile buried in the soil, the freeze-
drawing force can be obtained by measuring the 
dynamic friction force between pile and soil. The 
value measured by this method is the maximum 
tangential frost heaving force, so it is often used 
to determine the freezing strength. Wu Zi wang[37], 
Zhang Jinsheng[38] used this method to measure 
the freezing pulling force between piles and soil. 

3  Conclusions and prospects 
The previous paper summarizes the existing 
experimental studies on frost heaving and frost 
pulling. Predecessors have carried out various and 
multi-angle studies on the influencing factors of 
frost heaving and frost pulling, and have basically 
mastered the basic law of the development of 
frost heaving and frost pulling.However, there are 
still deficiencies in the following aspects: 

(1) There are a lot of analyses on single influencing
factors of freeze-pulling force, but few on the

coupling effect of stress field, water field and 
temperature field, which is usually closer to the 
actual situation of production and life. Follow-up 
work should strengthen the research in this area. 

(2) There are limitations in the existing devices for
measuring freeze-drawing force, which cannot
meet the requirements of unidirectional freezing
required by the test. The reaction frame method
and the drawing test method can only measure
the average value of freezing strength, but the
freezing pulling force is not evenly distributed
along the pile. The strain gauge method indirectly
tests the freeze-drawing force through the pile
strain, and the strain gauge itself is sensitive to
temperature. Therefore, it is necessary to improve
the existing testing technology and verify its
accuracy, and then carry out the test of freeze-pull
force distribution of the pile-soil system to explore
the mechanism of freeze-heave and freeze-pull.

(3) When conducting numerical simulation, the
calculated value of temperature always deviates
from the real situation, and methods should be
adopted to minimize the error. The application
conditions of the theoretical prediction model of
soil frost heave are too strict and the calculation
methods are too complicated. So far, no
recognized practical engineering algorithm has
been formed, and some algorithms are even
based on the assumption that the frost heave
force is known. Therefore, the theoretical
calculation method of frost heave force cannot be
used in engineering design. It is necessary to
strengthen the research on the prediction model
of freezing pull force.
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Abstract 
To reach an accurate calculation of the effect of composite girder bridges under extreme 
temperature gradient action, long-term temperature measurements and finite element 
simulations were performed on a composite girder segment in Huangnan Prefecture, Qinghai 
Province for more than one year. By setting the maximum thermal self-stress and secondary stress 
as indexes and considering different sunshine conditions between interior and exterior girders 
webs of composite girder bridges, 3 temperature gradient patterns were established for multi-
girder bridges. Based on the long-term historical meteorological data collected from 839 weather 
stations in China, a “layer-by-layer drawing method” was put forward to the isoline map of 
extreme temperature gradient values. Compared with the current specification, the temperature 
action values provided are more suitable for the Limit State Design Method. 

Keywords: bridge engineering; extreme temperature action; steel-concrete composite girder 
bridge; regional difference; isoline map. 

1 Introduction 
Bridge structures are subjected to temperature 
actions caused by solar radiation, annual 
temperature variations, daily temperature 
variations in a complex operating environment. 
Temperature gradient is one important 
temperature action generating high thermal 
stresses, further causing concrete cracking and 
seriously affecting the operational safety and 
durability of bridges [1-2]. In recent years, at an 
average altitude of 5,000 m above sea level, 

approximately 125 km of the Qinghai-Tibet 
Highway has been constructed in the form of 
composite girders [3]. The effects of extreme 
temperature actions on bridges will be even more 
severe in these high-solar radiation areas. 

Early scholars usually assumed a vertically linear 
temperature distribution along the bridge girder. 
Later scholars have proposed different non-linear 
temperature gradient patterns for concrete box 
girders, including the 5 times parabolic pattern 
firstly proposed by Priestley [4], the double folded 
pattern of the American AASHTO Code [5] and the 
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Chinese Highway Code [6], and the exponential 
pattern of the Chinese Railway Code [7]. Steel-
concrete composite girder bridges consist of two 
materials, steel and concrete, with very different 
thermal conductivity. Temperature distributions 
of composite girder bridges under solar radiation 
are more non-linear than that of concrete bridges 
[8-9]. Thus, the temperature action pattern 
proposed for concrete bridges is not applicable for 
composite girders bridges. The Eurocode [10] 
gives temperature gradient patterns and values 
for steel-concrete composite girder bridges, but 
the applicability to the Chinese environment 
remains to be investigated due to the differences 
in climatic conditions. 

In addition, due to the significant differences in 
climatic and environmental factors in different 
regions, there is also significant geographical 
variability in the temperature action of bridges. A 
uniform value of temperature action is used for 
bridge design can obviously result in conservative 
or unsafe calculations. Lee [11], Potgieter and 
Gamble [12] have analysed the regional 
differences of temperature actions of concrete 
bridges in the United States, and found that the 
differences can reach above 15 °C in different 
regions. The effect of geographical variation is 
considered by most national codes for uniform 
temperature action in the form of zonal map. 
However, for temperature gradient action, only 
the AASHTO Code takes values based on the zonal 
map based on different level of solar radiation 
intensity. In addition, in order to meet the needs 
of the Probabilistic Limit State Design Method in 
current design codes, the value of the 
temperature gradient needs to take the statistical 
significance of probability into account. The 
provisions of value-taking method in most codes 
are insufficient. 

In this paper, based on long-term temperature 
tests and numerical simulations of the composite 
girder segmental model, a vertical temperature 
gradient pattern system for composite girder 
bridges is proposed and the corresponding 
extreme temperature values in statistic are 
calculated based on a super-threshold model. By 
using historical meteorological data from 839 
meteorological stations in China, the isoline maps 

of temperature gradient actions of composite 
girder bridges are drawn, which are suitable for 
the climatic and environmental characteristics of 
China. All these efforts can provide the basis for 
the accurate value of extreme temperature action 
for composite girder bridges.  

2 Long-term temperature testing 

2.1 Testing segment design 

A I shaped steel-concrete composite girder 
segment with a length of 3 metres was designed 
and constructed for a long-term temperature 
testing in Huangnan Tibetan Autonomous 
Prefecture of Qinghai, China. The specific 
dimensions and testing section are shown in 
Figure 1. The segment was placed in a north-south 
direction with the webs facing east and west on 
both sides, respectively, as shown in Figure 2. 

Figure 1. I-shaped steel-concrete girder segment 
(Unit: mm) 

Figure 2. Photograph of testing segment 

2.2 Sensors Arrangement 

Figure 3 shows the measured section was 
arranged with 13 points inside the concrete slab 
and 6 points attached on the surface of steel 
girder. DS18B20 digital temperature sensors with 
a range from -55 °C to 125 °C and an accuracy of 
±0.5 °C were used to measure the structural 
temperature. In addition, a small mobile weather 
station was set up at the test site to collect 
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meteorological parameters including atmospheric 
temperature and humidity, wind speed and solar 
radiation intensity simultaneously. 

Figure 3. Temperature Sensors Arrangement (Unit: 
mm) 

3 Temperature field simulation 

3.1 Heat transfer and boundary conditions 

In the open-air environment, the heat exchange 
between the bridge and the environment mainly 
consists of solar radiation, convective heat 
transfer and radiative heat transfer, as shown in 
Figure 4. Therefore, the heat flow intensity q of 
any surface is 

𝑞𝑞 = 𝑞𝑞𝑠𝑠 + 𝑞𝑞𝑐𝑐 + 𝑞𝑞𝑟𝑟      (1) 

where, qs, qc and qr are the heat flow intensities of 
solar radiation, convective heat transfer and 
radiative heat transfer respectively. 

Figure 4. Heat exchange of bridge segment 

The Hottel model [13], a clear-sky solar radiation 
model, is widely used in numerical simulations of 
the bridge temperature fields, in which the actual 
absorbed solar radiation intensity qs of an 
arbitrary sloping surface can be calculated by  

𝑞𝑞𝑠𝑠 = 𝛼𝛼𝐼𝐼0sin (ℎ)[𝜏𝜏𝑏𝑏𝑅𝑅𝑏𝑏 + 𝜏𝜏𝑑𝑑𝑅𝑅𝑑𝑑 + 𝜉𝜉𝑅𝑅𝜌𝜌(𝜏𝜏𝑏𝑏 + 𝜏𝜏𝑑𝑑)]  (2) 

where, α is solar radiation absorptivity of bridge 
surface; I0 is the solar constant; h is the solar 
altitude angle; ξ is the ground reflectance, 0.2 for 
normal ground; Rb, Rd, Rρ are correction factors. 

Webs are generally shaded by the cantilevered 
flange under sunlight as shown in Figure 5, and 
the shadow area can not receive direct solar 
radiations. The height of the shadow area can be 
calculated by 

𝑙𝑙𝑠𝑠 = 𝑙𝑙𝑐𝑐
tanℎ

cos 𝑆𝑆tan ℎ+cos (𝛾𝛾𝑛𝑛−𝛾𝛾𝑠𝑠)sin 𝑆𝑆
 (3) 

where, S is the surface slope, γn and γs are the 
solar azimuth and surface azimuth. 

The heat flow intensity of convection qc between 
the surface and the surrounding environment is [2] 

𝑞𝑞𝑐𝑐 = ℎ𝑐𝑐(𝑇𝑇 − 𝑇𝑇𝑎𝑎)           (4) 

where, T, Ta are the surface temperature and air 
temperature respectively, hc is the convective 
heat transfer coefficient. 

The heat flow intensity of radiative heat exchange 
qr between the surface and the surrounding 
environment is [2] 

𝑞𝑞𝑟𝑟 = 𝜀𝜀𝐶𝐶0[(273 + 𝑇𝑇)4 − (273 + 𝑇𝑇𝑎𝑎)4]      (5) 

where, ε is the surface radiation coefficient; C0 is 
the Stephen Boltzmann constant, 5.67×10-8 
W/(m2·K4). 

Figure 5. Web shadow height under sunlight 

3.2 Finite element model (FEM) 

Program ABAQUS 6.14 was used to build the FEM 
of the testing composite girder segment. Both the 
concrete slab and the steel girder were simulated 
using DC2D4 element and the interfaces were 
simulated by "Tie" connection to ensure 
continuous heat flow and temperature at the 
interfaces. The method in literature [14] was used 
to achieve an efficient and automatic calculation 
of the daylight shading of the girder web in long-
term simulation. Table 1 shows the thermal 
parameters of steel and concrete in the segment. 
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Figure 6. Finite element model 

Table 1. Thermal properties of steel and concrete 

Characteristics Steel Concrete 
Density ρ [kg/m3] 7850 2300 

Specific heat capacity c [J/(kg·°C)] 460 900 
Conductivity λ [W/(m·°C)] 55 3 

Solar radiation absorptivity α 0.5 0.4 
Radiation coefficient ε 0.8 0.85 

3.3 Calculation results 

The shading effect of the segment on 10:00, 1 
August, 2017 is shown in Figure 7. It can be seen 
that the simulation result and the shading 
distribution obtained from the 3D rendering 
matches well, verifying the reliability of the long-
term daylight shading identification. 

Figure 7. Shadow recognition validation of the web 
(10:00, 1 August, 2017) 

The temperature time variations of the measured 
and simulation results at typical measurement 
points, IAC5 and IAS5, were compared in Figure 8. 
Figure shows same trend and close values in the 
measured and simulation results, and the daily 
and annual extremes occur at the same period. 
Thus, the simulation method of temperature field 
can be considered accurate. 
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Figure 8. Temperature variation validation 

4 Vertical temperature gradient 
patterns 

4.1 Temperature effects indexes 

Vertical temperature gradients mainly produce 
vertical deformation (or vertical bending moment) 
and thermal self-stress in the bridge structures. 
The former effect is caused by the vertical linear 
temperature Tv and the latter effect is mainly 
caused by the residual temperature distribution Tr 
[15]. Therefore, the proposed vertical 
temperature gradient pattern is considered 
reasonable when it can well envelop the effects of 
temperature effects index Tv and Tr during the 
long-term operation of bridges. 

4.2 Vertical temperature gradient patterns 

The testing segment is smaller in size than the real 
bridge and the webs were exposed to solar 
radiation in both the morning and afternoon, 
which was different from the daylight boundary 
conditions of the real bridge. Thus, a FEM of 
composite girder bridge with 3 main girders was 
developed. The concrete slab thickness is 0.3 m 
and the steel girder height is 1.5 m, similar with 
the ordinary short and medium span bridges. 
Calculations were carried out for the east-west 
and the north-south direction of the girder 
respectively. According to different solar 
boundary conditions, the calculated composite 
girder section can be divided into five types: 
middle girder, east girder, west girder, south 
girder and north girder. 
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By comparisons, among all the 5 type girders, the 
middle and south girders have the most 
unfavourable temperature effects indexes. The 
corresponding vertical temperature distributions 
of the middle girder and south girder were shown 
in Figure 9. 
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Figure 9. Typical vertical temperature distribution

Conventionally, the temperature gradient patterns 
produced during the day and night are referred to 
heating pattern and cooling pattern. According to 
the vertical temperature distributions, 3 typical 
temperature gradient patterns were proposed for 
multi-girder composite girder bridges, Heating 
pattern 1, Heating pattern 2 and Cooling Pattern, 
as shown in as shown in Figure 10.  

Heating Pattern 1 has a form of a 3 times curve at 
top and a broken line at bottom, and is applicable 
to the case where the sunlight shines directly on 
the top surface of composite girders. Heating 
Pattern 2 has a form of 3 broken lines, and is 
applicable to the case that the heating of the 
lower and middle parts of the steel girders is 
caused by rising temperatures in the middle or 
north girders and by solar radiation in the east, 
west and south girders. Cooling Pattern also has a 
form of 3 broken lines. The expressions for the 3 
vertical temperature gradient patterns are given 
in equations (6) to (8). 

Heating Pattern 1: 

𝑇𝑇(𝑧𝑧) =

⎩
⎪
⎨

⎪
⎧𝛥𝛥𝑇𝑇ℎ1−1 �1 − 𝑧𝑧

0.6
�
3

,     0 ≤ 𝑧𝑧 ≤ 0.6
0, 0.6 < 𝑧𝑧 ≤ ℎ − 0.3
𝛥𝛥𝑇𝑇ℎ1−1 �1 − ℎ−𝑧𝑧

0.3
� ,     ℎ − 0.3 < 𝑧𝑧 ≤ ℎ

        (6) 

Heating Pattern 2: 

𝑇𝑇(𝑧𝑧) =

⎩
⎪
⎨

⎪
⎧𝛥𝛥𝑇𝑇ℎ2−1 �1 − 𝑧𝑧

0.6ℎ𝑐𝑐
� ,       0 ≤ 𝑧𝑧 ≤ 0.6ℎ𝑐𝑐

𝛥𝛥𝑇𝑇ℎ2−2 �1 − ℎ𝑐𝑐+ℎℎ2−2−𝑧𝑧
0.4ℎ𝑐𝑐+ℎℎ2−2

� , 0.6ℎ𝑐𝑐 < 𝑧𝑧 ≤ ℎ𝑐𝑐 + ℎℎ2−2

𝛥𝛥𝑇𝑇ℎ2−2, ℎ𝑐𝑐 + ℎh2-2 < 𝑧𝑧 ≤ ℎ

(7) 

Cooling Pattern: 

𝑇𝑇(𝑧𝑧) =

⎩
⎪
⎨

⎪
⎧𝛥𝛥𝑇𝑇𝑐𝑐−1 �1 − 𝑧𝑧

0.5ℎ𝑐𝑐
� ,          0 ≤ 𝑧𝑧 ≤ 0.5ℎ𝑐𝑐

𝛥𝛥𝑇𝑇𝑐𝑐−2 �1 − ℎ𝑐𝑐+0.2−𝑧𝑧
ℎ𝑐𝑐+0.2−0.5ℎ𝑐𝑐

� ,  0.5ℎ𝑐𝑐 < 𝑧𝑧 ≤ ℎ𝑐𝑐 + 0.2

𝛥𝛥𝑇𝑇𝑐𝑐−2, ℎ𝑐𝑐 + 0.2 < 𝑧𝑧 ≤ ℎ

  (8) 

(a) Heating Pattern 1       (b) Heating Pattern (c) Cooling Pattern

Figure 10. Vertical temperature gradient patterns 

4.3 Representative values of temperature 
gradient 

The extreme value analysis method based on 
probability statistics is generally used to 

determine the representative values of 
temperature gradient. As such, a large amount of 
sample data is needed. For this reason, historical 
meteorological data including total daily solar 
radiation, daily maximum and minimum air 
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temperature, and daily mean wind speed for 23 
years from 1993 to 2015 were obtained from Xi'an 
meteorological station. Base on these historical 
meteorological data, long-term temperature field 
calculations were performed to extract data to 
obtain a sample of long-term daily extremes of 
each temperature gradient. The 4% of the 
maximum data were taken for super-threshold 
model analysis using Generalized Pareto 
distribution [16]. Taking ΔTh1-1 as an example, the 
sample data of daily extreme values of 23 years 
are given in Figure 11, and the sample threshold is 
taken as u=14.873 °C. 

1993 1995 1997 1999 2001 2003 2005 2007 2009 2011 2013 2015
0
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16

24
u=14.873 ℃

ΔT
h1

-1
/ ℃

Figure 11. Sample of ΔTh1-1 in Heating Pattern 1 

The parameter estimates of GP distribution for 
each temperature gradient can be obtained 

through the distribution fitting analysis, as shown 
in Table 2. The validity of the modeling of some 
GP distributions is further illustrated in Figure 12. 
On this basis, the representative values (TRV-50) of 
ΔTh1-1, ΔTh1-2, ΔTh2-1, ΔTh2-2-MG, ΔTh2-2-SG, ΔTc-1 and 
ΔTc-2 for composite girder bridge in Xi'an with 50-
year return period can be calculated as 21.92 °C, 
4.05 °C, 6.34 °C, 6.28 °C, 14.82 °C, -3.79 °C and -
9.64 °C respectively, which are more unfavourable 
than the extreme values of 23-year finite element 
calculation data TFEM-23. 

(a) ΔTh1-1 (b) ΔTh1-2

Figure 12. Verification of GP Distribution fittings 

Table 2. GP distribution parameters and representative values of each temperature gradient 

Temperature gradient 
GP distribution parameters TFEM-23

[°C] 
TRV-50 
[°C] Type k σ u 

Heating pattern 1 
ΔTh1-1 Type III -0.129 1.194 14.873 21.01 21.92 

ΔTh1-2 Type III -0.091 0.232 2.800 3.93 4.05 

Heating pattern 2 

ΔTh2-1 Type III -0.421 0.880 4.376 6.29 6.34 

ΔTh2-2-MG Type III -0.025 0.480 2.739 6.12 6.28 

ΔTh2-2-SG Type III -0.296 1.829 9.524 14.42 14.82 

Cooling pattern 
ΔTc-1 Type III -0.044 0.250 2.359 -3.48 -3.79

ΔTc-2 Type III -0.122 0.611 6.870 -9.62 -9.64

5 Isoline maps of temperature 
gradients 

5.1 Method 

Average 23-year historical meteorological data 
were collected from 839 meteorological stations 
in China [17]. According to the functions of the 
stations, regions of China can be divided into 
three categories. Category 1: radiation stations 
with complete and accurate historical 
meteorological data including solar radiation, air 
temperature and weed speed data (91). Category 
2: conventional stations with accurate air 
temperature and wind speed data and empirical 

solar radiation data (748). Category 3: blank 
regions with no direct historical meteorological 
data on the map.  

Based on these three regions, a 'layer-by-layer' 
method of isoline mapping of representative 
values of bridge temperature gradient (50-year 
return period) is proposed. In this method, the 
temperature gradient in Category 1 and Category 
2 were calculated by long-term simulation with 
historical meteorological data and extreme 
analysis with GP distribution. For the temperature 
gradient in Category 3, Tension Spline in software 
ArcGIS 10.2 was used to carry out spatial 
interpolation calculations to supplement the 
temperature gradients. Based on the temperature 
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gradient results of the 3 categories, the isoline 
map of each temperature gradient pattern can be 
drawn. All the representative values of 
temperature gradient in the map were calculated 
with a 50-year Return Period. 

5.2 Isoline maps 

5.2.1 Heating Pattern 1 

Figure 13 shows the isoline maps of ΔTh1-1 and 
ΔTh1-2 for Heating Pattern 1, where the values of 
ΔTh1-1 range from 11.69 °C to 29.57 °C, and ΔTh1-2 
range from 2.21 °C to 6.92 °C, with regional 
differences of 17.88 °C and 4.71 °C respectively. In 
the isoline map, ΔTh1-1 has the largest values in the 
Tibetan Plateau where sunshine is extremely 
intensive, and the smaller values in the lower 
altitude areas of Central, Eastern and Southern 
China. It can be seen that the larger temperature 
gradient at higher altitude regions and smaller 
temperature gradient at lower altitude regions. 

(a) ΔTh1-1

(b) ΔTh1-2

Figure 13. Isoline Maps of Heating Pattern 1 

The positive temperature gradient pattern 
provided in the Chinese Specification is similar to 
the Heating Pattern 1. It reflects that the basic 

distribution of the vertical temperature gradient 
of the composite girder bridges under solar 
radiation on top surface. However, no 
temperature difference was shown at the bottom 
the of the girder. Obviously, the use of uniform 
values in the specification is unfavourable for the 
temperature effect calculation of composite girder 
bridges in the Tibetan plateau region. 

5.2.2 Heating Pattern 2 

Figure 14 shows the isoline maps of the Heating 
Pattern 2. The values of ΔTh2-1, ΔTh2-2-MG and ΔTh2-2-

SG range from 4.16 °C to 11.09 °C, 1.38 °C to 
10.89 °C, and 3.03 °C to 30.92 °C, with regional 
differences of 6.93 °C, 9.51 °C and 27.89 °C 
respectively. In particular, ΔTh2-2-SG of side girder is 
caused by the direct exposure of the winter 
sunshine to the steel web, and has therefore 
larger values that generally exceed 22 °C in 
regions with lower solar altitude, such as Xinjiang 
region, Northeast China and Tibetan Plateau. 

(a) ΔTh2-1

(b) ΔTh2-2-MG
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(c) ΔTh2-2-SG

Figure 14. Isoline Maps of Heating Pattern 2 

5.2.3 Cooling Pattern 

Figure 15 shows the isoline maps of temperature 
gradients in Cooling Pattern. ΔTc-1 and ΔTc-2 have 
values ranging from -7.99 °C to -2.13 °C and -
16.36 °C to -5.34 °C, with a regional difference of 
5.86 °C and 11.02 °C, respectively. The values are 
larger in the western region with much stronger 
solar radiation and larger daily air temperature 
difference, and smaller in the southeastern region 
with smaller daily air temperature difference. 

(a) ΔTc-1

(b) ΔTc-2

Figure 15. Isoline Maps of Cooling Pattern 

6 Conclusions 
(1) A system of vertical temperature gradient
patterns was developed for side and middle
girders of composite girder bridges, including
Heating Pattern 1 characterized by warming at the
top of the concrete slab and the bottom of the
steel girder, Heating Pattern 2 characterized by
warming at the top of the concrete slab and
warming at the top of the steel girders, and
Cooling Pattern characterized by cooling at the
top of the concrete slab and cooling of the steel
girders as a whole.

(2) A statistical method was proposed to calculate
the extreme temperature gradient of the
composite girder bridges based on super-
threshold model and 23 years of historical
meteorological data. The statistically extreme
values of temperature gradients in each pattern
were calculated with a 50-year return period.
These extreme temperature values meet the basic
statistical requirements of the limit state design
method better than the values in current
specification which do not have clear probability
statistical significance.

(3) Compared with the zoning map with 4 values
of temperature gradient in AASHTO, the isoline
maps provided in this paper take into account the
regional difference of temperature gradient with
higher data resolution. The isoline maps can be
used in the refined design and thermal calculation
of composite girder bridges.
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Abstract 
The fatigue life of concrete is affected by many interwoven factors whose effect is nonlinear. 
Because of its unique self-learning ability and strong generalization capability, a neural network 
model is proposed to predict concrete behavior in tensile fatigue. Firstly, the average relative impact 
value was constructed to analyze the importance of parameters affecting fatigue life, such as the 
maximum stress level Smax, stress ratio R, failure probability P, and static strength f. Then, using the 
backpropagation neural network improved by Bayesian regularization, S-N curves were obtained for 
the combinations of R=0,1, 0,2, 0,5; f=5, 6, 7MPa; P=5%, 50%, 95%. Finally, the tensile fatigue results 
obtained from different testing conditions were compared for compatibility. Besides utilizing the 
valuable fatigue test data scattered in the literature, insights gained from this work could provide a 
reference for subsequent fatigue test program design and fatigue evaluation. 

Keywords: concrete; fatigue life prediction; neural networks; Bayesian regularization. 

1 Introduction 
As a complex multi-phase composite material, 
concrete exhibits significant discreteness in fatigue 
life [1]. Moreover, since the mapping relationship 
between fatigue life and its influencing factors is 
nonlinear, fatigue life estimation has become the 
emphasis of concrete fatigue research [2]. The 
conventional method of analyzing fatigue life fits 
fatigue test data to a specific function relationship. 
The parameters considered in the fatigue life 
equations initially contained only the stress level S. 
Later, the stress ratio R, the loading frequency n, 
and the failure probability P were gradually 
integrated for practical applications. Despite their 
extensiveness and complexity, the proposed 
equations cannot be applied to all fatigue analyses 
and are difficult to ensure accuracy [3]. 

The artificial neural network, which is 
automatically approximated from the training data 
[4], does not need to make assumptions about the 
function form. It is feasible to improve the 
applicability and prediction accuracy of multi-
parameter fitting of fatigue life. Lu and Song [5] 
used four factors of Smax, R, n, and P to train the 
backpropagation neural network (BPNN) and 
realized the fatigue life prediction of concrete. Xiao 
et al. [6] developed a portable fatigue life 
prediction model, using R and Smax as input, with 
engineering application value. Abambres and 
Lantsoght [7] used the minimum stress level Smin, 
the geometric mean of fatigue life, and the 
concrete compressive strength as inputs. They 
obtained the Smax as output for structural design 
and evaluation purposes. Statistically, the 
proposed model predicts more accurately than the 
code equations. 
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However, these studies lacked mathematical 
analysis on selecting input parameters, nor is there 
a consensus on the key parameters. Secondly, the 
data for training and prediction were usually from 
the same set of experiments, and the 
generalization capability was not fully reflected. 
Previous studies focused on fatigue under a 
particular loading condition; the relationship 
between concrete fatigue lives under different 
stress states has not been thoroughly investigated. 

Therefore, this paper uses MATLAB to construct a 
Bayesian regularized backpropagation neural 
network (BR-BPNN). The average relative impact 
value (ARIV) is proposed as a quantitative index to 
evaluate the influence of various parameters 
related to fatigue life. Based on the data from 
literature [8-11], the optimal BR-BPNN of flexural 
fatigue is first obtained and then applied to predict 
flexural fatigue lives under various parameters. 
Finally, to investigate whether a significant 
discrepancy exists between fatigue properties 
under different loading conditions [12], the fatigue 
life of plain concrete in splitting tension, axial 
tension, and flexure loading is analyzed through 
the BR-BPNN. 

2 Method Description 

2.1 Basic Principle of BPNN 

This paper discusses the performance of 3-layer 
BPNN, which can complete the infinite 
approximation to any continuous function. The 
topological structure is shown in Figure 1. ix  , ko  
represents i-th input and k-th output, respectively.

ijw   is the weight from an i-th node in the input 

layer to a j-th node in the hidden layer; jb is the bias 
of the j-th neuron, and ( )ϕ    represents the 
activation function. The input and output of each 
neuron are 

1 2[ , ,... ]jV v v v=  and 
1 2[ , ,... ]jh h h=H , 

respectively, where
1

I

j ij i j
i

v w h b
=

= +∑ , I is the
number of neurons, ( )j jh vϕ= . Suppose that the 
target output of the n-th training sample is 

1 2[ , ,... ]n n knT t t t
→

= , the loss function is measured by 
mean square error (MSE): 

2

1 1

1 ( )
2

N K

D kn kn
n k

E t o
N = =

= −∑∑ , the weights and bias are 

revised through the backpropagation of errors until 
the loss function is minimized through

DE
w w

w
η
∂

= −
∂  and DEb b

b
η
∂

= −
∂ , where η is the 

learning rate of backpropagation [13]. 
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Figure 1. Topological structure of BPNN 

Theoretically, the classical BPNN can achieve 
arbitrary fitting accuracy. However, the model 
could produce a poor mapping effect on non-
training samples when the number of training 
samples is limited and the number of hidden layer 
nodes is vast. This phenomenon is called 
"overfitting"; the model exhibits high training 
accuracy but low prediction accuracy. Therefore, 
achieving a good generalization capability of the 
BPNN is an essential research issue. 

2.2 Method of Bayesian Regularization 

A network with a smaller weight or bias can obtain 
a smoother response, and regularization is to use 
this feature to improve the generalization 
capability of the BPNN effectively, adding a penalty 
term to the target problem to limit its complexity. 
The L2 penalty term related to the weight is 
generally added to the loss function [14] in the 
form of ridge regression. 

The improved loss function is shown in Eqn. (1). 

2 2

1 1 1
( ) ( )

2 2

N K M

D w kn kn
n k m

E w E E t o w
N M
β αβ α

= = =

= + = − +∑∑ ∑    (1)

where α and β are the regularization parameters,

wE  is the penalty term of the loss function, and M 
is the number of weights. 

The modified formula of weight calculation after 
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regularization is shown in Eqn. (2). When updating 
the gradient to realize weight decay, the weight is 
multiplied by a constant coefficient less than 1. 

) (1 ) DEE ww w w
w w

η ηα ηβ
∂∂

= − = − −
∂ ∂
（     (2) 

α  , β   dramatically affects the distribution of 
weights and bias. This paper uses the Bayesian 
computing framework to adaptively modify the α  
and β  . The Bayesian method assumes that the 
likelihood function and prior probability satisfy the 
Gaussian distribution. Based on maximizing 
posterior probability, the L-M algorithm is used to 
solve the minimum of the loss function ( )optE w  . 
Then the regularization parameters are further 
adjusted with the same idea through the Hessian 
matrix H   at the minimum point optw   to re-verify 
the accuracy of the loss function. 

The following equations are obtained from the 
Bayesian method, where γ  is the number of valid 
parameters that reduce the performance function 
in the network. 

2 ( )opt
w optE w
γα = ,

2 ( )opt
d opt

N
E w

γβ −
=   (3) 

12 ( ( ))optM tr wγ α −= − H    (4) 

2 2( ) ( )D opt w optE w E wβ α= ∇ + ∇H       (5) 

3 Construction of BR-BPNN 

3.1 Data Preprocessing 

A dataset containing 273 data points is obtained 
from concrete flexural fatigue experiments in the 
literature [8-11]. The data in the literature [8-10] 
are randomly divided in a ratio of 8:2, obtaining 170 
training data points and 43 test data points to 
guarantee the network accuracy. The remaining 60 
data points in the literature [11] are reserved to 
verify the generalization ability further. 

In order to improve the convergence rate of the 
network and avoid deviation adjustment of weight 
caused by dimensional differences [15], the 
normalization method is used for data 
preprocessing. The scale transformation of original 
data is conducted according to Eqn. (6), where x
and y are the data before and after normalization; 

maxy  , miny   is the maximum and minimum of 
normalized boundary, respectively; maxx  , minx   is 
the maximum and minimum of input before 
normalization, respectively. 

− × −
= +

−
max min min

min
max min

( ) ( )
( )

y y x x
y y

x x
         (6) 

For practical use of the predicted results, the 
output from the simulation needs to be returned to 
its original order of magnitude. The anti-
normalization is performed according to Eqn. (7). 

− × −
= +

−
min max min

min
max min

( ) ( )
( )

y y x x
x x

y y
           (7) 

3.2 Selection of Function 

The prediction effect of BPNN depends on the 
selection of various functions. The activation 
function that must be continuously differentiable 
plays a nonlinear transformation role in the input 
and output [16], transforming the input of an 
infinite field into an output within a specified range. 

The learning function returns the correction value 
of the weight and bias of each layer, considering the 
minimization of local errors. The training function 
realizes the output of the training network and 
records and calls the learning function during the 
training process to correct the weight and bias. The 
training is terminated when the number of 
iterations or the calculation error of the 
performance function satisfies the preset value, 
considering the minimization of the global error. 
The training function TRAINBR realizes the Bayesian 
algorithm in MATLAB. 

This paper exhaustively conducts a combined trial 
of various functions. The optimal combination of 
the activation function and the learning function is 
selected based on the minimum MSE of the training 
result. The influence of the training parameters on 
the results is shown in Figure 2. 
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Figure 2. Influence of neural network parameters 
on training results 

Notes: 1~10 represents the combination number. The 
legend describes the combination mode according to 
activation function (the first for hidden layer, the second 
for output layer) + learning function. TANSIG is the 
hyperbolic tangent function; LOGSIG is the Sigmoid 
function; POSLIN is the positive linear function; PURELIN 
is the linear transfer function. LEARNGDM is the gradient 
descent momentum learning function; LEARNGD is the 
gradient descent learning function. 

It can be seen from Figure 2 that the NO.5 network 
structure (LOGSIG+TANSIG+LEARNGDM) has the 
lowest error performance with an MSE of 0,00024 
and a maximum relative error of 7,89%. The final 
function combination is shown in Table 1.

Table 1. Selection of BPNN functions 

Activation Function 
Learning Function Training Function Performance Function 

Hidden Layer Output Layer 

LOGSIG TANSIG LEARNGDM TRAINBR MSE 

3.3 Determination of the Neurons 

The fatigue life N is used in the output layer to 
reflect the fatigue performance of concrete. 

The correlation between output and input 
significantly affects the training quality of the 
network [17]. In fatigue experiments, the 
recordable parameters could include R, Smax, P, f, 
water-cement ratio W/C, sand-cement ratio S/C, 
and gravel-cement ratio G/C, where a coupling 
effect exists among them. In order to avoid the 
complexity of the model induced by noise 
parameters, ARIV is used to determine the 
influence of input neurons on output neurons, 
whose symbol represents the relevant direction, 
and the absolute value represents the relative 
importance of the influence. 

Firstly, the original training sample, including I input 
parameters, is increased or reduced by 10% to 
derive two new data sets, 1 11 12 1{ , ,... }iX X X X=  and 

2 21 22 2{ , ,... }iX X X X=  , where 1iX   and 2iX

represents the data set formed by increasing or 
decreasing 10% of the i-th input variable, 
respectively. Then the network trained by the 
original training sample predicts the new data set, 

and the corresponding prediction results are 
output 1 11 12 1{ , ,... }iO O O O=   and 2 21 22 2{ , ,... }iO O O O=  . 
The ratio of the difference between 1O and 2O  to 
the original output is defined as the relative impact 
value (RIV) generated by changing that variable to 
output. RIV is finally averaged over the number of 
samples to obtain the ARIV for each input 
parameter, as shown in Eqns. (8-9). 

1 2O O
RIV

O
−

=      (8) 

( )ARIV avg RIV=       (9) 

In order to obtain the influence effect of each 
variable, this paper analyzes the changes of the 
ARIV after ten times of random network training, as 
shown in Figure 3. 
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Figure 3. ARIV under10 random training networks 

It can be seen from Figure 3 that the correlations 
reflected by ARIV of the R, Smax, P, and f are 
relatively consistent. While R, P, and f are 
proportional to fatigue life, Smax is inversely 
proportional to fatigue life. The most considerable 
absolute value of the ARIV of the Smax indicates that 
its effect is the most significant. 

The randomness of the initial weight and bias 
results in different prediction effects after multiple 
network training [18], so the ARIV is not constant. 
The ARIV of W/C, S/C, and G/C fails to show a 
consistent correlation, thus regarded as noise 
parameters. Therefore, the input layer nodes 
comprise four parameters: Smax, R, P, and f. 

A theoretical or analytical formula to determine the 
optimal number of hidden layer nodes has not yet 
been proposed. By trial and error, this paper finds 
out the optimal node number from the range of 
values suggested by an empirical equation, as 
shown in Eqn. (10): 

λ= + +m i k        (10) 

where i is the number of nodes in the input layer, k 
is the number of nodes in the output layer, λ  is a 
constant between 1 and 10. 

Ten networks are constructed according to the 
range of the number of nodes determined by Eqn. 
(10). The correlation coefficients of network 
training and generalization under ten network 
structures are shown in Figure 4. 
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Figure 4. Correlation coefficients under different 
network structures 

Figure 4 shows that the correlation coefficient of 
the dataset for network training is 0,9959 (left axis), 
and the others for generalization is 0,9931 (right 
axis) when the number of hidden layer nodes is 9, 
both of which show a strong correlation. This paper 
thus constructs the final network with nine hidden 
nodes with high correlation coefficients in the 
training and generalization stages. 

3.4 Generalization Effect of Network 

Fatigue life for tests conducted in the literature [11] 
is predicted by the final BR-BPNN constructed in 
Section 3.3, and the generalization effect is shown 
in Figure 5. 
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Figure 5. Generalization effect of BR-BPNN 

It can be seen that the prediction is very close to 
the target curve, the MSE between the target value 
and the prediction is 0,0482, and the correlation 
coefficient R is 0,9931. Therefore, the BR-BPNN 
model provides reliable generalization capability 
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for the following application of S-N curve prediction. 

Besides the preliminary analysis in Section 3.3 for 
the correlation relationship between the input 
parameters and fatigue life, the final BR-BPNN is 
used to re-analyze the ARIV of Smax, R, P, and f. 
Because the neural network weight matrix can 
evaluate the relative importance of each input to 
the output [19], this paper also utilizes the weight 
division equation [3], as shown in Eqn. (11) to 
evaluate the degree of influence. 

1 1

1 1 1

(( / ) )

(( / ) )

h i

i h i

N N
ih ih ho
jm km mn

m k
jn N N N

ih ih ho
jm km mn

k m k

w w w
I

w w w

= =

= = =

×
=

  × 
  

∑ ∑

∑ ∑ ∑
 （11） 

In this equation, njI is the influence weight of the j-

th input parameter on the n-th output node. iN  ,

hN  is the number of input and hidden layer nodes, 
respectively; ihw  , how   is the connection weights 
from the input layer to the hidden layer and from 
the hidden layer to the output layer, respectively. 

On the one hand, it reveals the importance of the 
input; on the other hand, it is compared with the 
ARIV to verify the correctness of the final BR-BPNN. 
The ARIV and Garson's weight analysis results are 
shown in Table 2. 

Table 2. Comparison of importance analysis 

Parameter 
Importance Analysis Value 

ARIV Garson’s Weight Equation 
R 0,143181 0,265446 

Smax -0,87112 0,500588 
P 0,12152 0,127565 
f 0,115507 0,106401 

Table 2 indicates that both methods show a 
consistent result; the Smax has the most significant 
influence on fatigue life, followed by R, P, and f. It 
proves that the final BR-BPNN constructed is 
reasonable, and the ARIV is a viable index for 
judging the correlation and relative importance of 
input parameters to output. 

4 S-N Curves Predicted by BR-BPNN 
Based on experimental results, the conventional 
research on flexural fatigue of concrete is to fit 
maximum stress level versus fatigue life equation 

according to a failure probability of about 50%. The 
experimental data and S-N curves from various 
literature are shown in Figure 6. 
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Figure 6. Test data and S-N curve from literature 

Because fatigue tests are generally time-consuming 
and expensive, the number of specimens in 
individual literature is limited, as shown in Figure 6. 
Therefore, it is desirable to combine them to obtain 
more accurate concrete fatigue life prediction 
under various stress states and guarantee rates. 

This paper utilizes the generalization capability of 
BR-BPNN to predict concrete fatigue life in different 
states by giving different values of Smax, R, P, and f. 
In theory, the possible combinations of parameters 
are infinite. For practical demonstration, 
considering the characteristics of the input data for 
network training, the following text only shows the 
generalization effect when R=0,1, 0,2, 0,5; f=5, 6, 
7MPa; P=5%, 50%, 95% for concrete flexural fatigue. 

4.1  S-N Curve under 50% Guarantee Rate 

Figure 7 shows the S-N curves predicted by the BR-
BPNN under the 50% guarantee rate for various 
combinations of f and R. Besides the generalization 
curves, experimental data points from literature 
are also shown in the figure, and different pieces of 
literature are distinguished by shape. At a specified 
f, to facilitate comparison between the 
generalization curve and the experimental data, 
both the data points and curves under the same R 
are assigned with a unified color, black for R=0,1, 
magenta for R=0,2, and red for R=0,5. 
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Figure 7. S-N curve under 50% guarantee rate 
predicted by BR-BPNN 

Conforming to the conclusions of Section 3.3, 
Figure 7 shows the relationship between fatigue life 
and its affecting factors vividly. It can be seen that 
the S-N curves generally agree well with the 
corresponding reference data. As S decreases, the 
fatigue life increases, although the relationship is 
not linear. Moreover, the fatigue life increases with 
an increase of R and f. Because few data points 
were available for R=0,5 in the network training 
dataset, the generalization effect of the S-N curve 
with R=0,5 is less satisfactory than that of R=0,1. 

4.2 Probability Distribution of Fatigue Life 

By changing P in BR-BPNN, reliability analysis could 
be conducted to evaluate the failure probability of 
concrete specimens under fatigue load. The S-N 
curve under the P of 5%, 50%, and 95% generalized 
by BR-BPNN is shown in Figure 8. Similarly, the data 
points and prediction curves under the same P are 
assigned with a unified color, black for P=50%, 
magenta for P=5%, and red for P=95%. 

This section discusses the probability distribution 
of concrete flexural fatigue life. It can be seen from 
Figure 8 that the P of 5% curve represents a lower 
limit of fatigue life and the P of 95% curve is an 
upper limit of the fatigue life. The generalization 
capability of the network for the fatigue life 
probability analysis is optimal for f=5MPa. When 
f=6MPa, the fatigue life probability analysis at 
R=0,1 and 0,5 can be achieved. For f=7MPa, a 
satisfactory analysis can be obtained only at R=0,1. 

As seen from the S-N curves, the predicted results 
are consistent with corresponding reference data 
when a strong correlation exists, which provides a 
comprehensive method to establish the 
probabilistic fatigue life curves from existing data.
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Figure 8. Probabilistic S-N curves predicted by BR-BPNN 

5 Mutual Prediction of Flexural and 
Tensile Fatigue 

Zhao et al. concluded that there were no significant 
discrepancies in fatigue properties for high-
strength concrete under splitting tension, axial 
tension, and flexure [12]. To verify if the conclusion 
also applies to regular grade concrete, BR-BPNN is 

used to mutually predict flexure, splitting tension, 
and axial tension of fatigue life. A total of 90 sets of 
experimental data are collected from concrete 
tensile fatigue life literature [20-23]. 

It should be noted that the axial/splitting tensile 
strength of concrete is less than the flexural 
strength. Since the model is only valid within the 
range of the input parameters, extrapolation 
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beyond these ranges cannot be performed [7]. 
Suppose the static strength is considered an input 
parameter while training the network. In that case, 
it is foreseeable that the generalization effect of the 
network cannot be guaranteed due to the 
significant difference between the tensile strengths 
of different stress states. This section thus utilizes 
the three parameters of R, Smax, and P as input to 
construct a revised BR-BPNN. Due to the reduction 
of input parameters, the number of hidden nodes 
can be appropriately increased to improve the 
network complexity and ensure training accuracy. 
When 20 nodes in the hidden layer are selected 
through trial, the revised BR-BPNN provides a good 
prediction effect, as shown in Figure 9 and 10. 
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Figure 9. Prediction of tensile fatigue based on 
flexural fatigue network 

Figure 9 shows that the network based on flexural 
fatigue data approximates the fatigue life in the 
splitting state very well, and the correlation 
coefficient can reach 0,972. However, good 
feedback is obtained only in part of the data range 
for fatigue life prediction under axial tension. This 
range covers data points with Smin of 0,1 and 0,15, 
and Smax of 0,75~0,85, in which the correlation 
coefficient is 0,901. 
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Figure 10. Prediction of flexural fatigue based on 
tensile fatigue network 

Figure 10 shows that the network trained based on 
axial tension fatigue data has a good prediction 
effect on the flexural fatigue life. The overall 
correlation coefficient between the prediction and 
experimental results is 0,913. 

In this section, a revised BR-BPNN is constructed to 
mutually predict the tensile and flexural fatigue 
data under certain circumstances. It verifies that a 
similar trend exists for fatigue lives between 
different tensile stress states; thus, to some extent, 
the experimental results of splitting tension, axial 
tension, and flexure could be combined in future 
analysis. 

6 Conclusions 
Considering fatigue life of concrete is affected by 
loading and material properties that are 
nonlinearly interwoven, this paper utilizes BR-
BPNN to predict concrete fatigue life under 
different conditions and draws the following 
conclusions: 

(1) The ARIV approximates the internal logical
relationship of each parameter through a non-
explicit algorithm and can analyze multiple
parameters directly without a given function,
resulting in an objective evaluation of the relative
importance of the parameters. Smax has the most
significant impact on concrete fatigue life among
the seven parameters considered, followed by R, P,
and f. The influence of various mix ratios is
overshadowed by f; therefore, these mix design
parameters are considered noise.
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(2) The obtained optimal BR-BPNN is reliable in
predicting the concrete flexural fatigue life. The
correlation coefficient in the stage of training
reaches 0,9959. When verifying the generalization
capability of the network, it still shows a strong
correlation of 0,9931, indicating that the network
has high accuracy in both the training and
generalization stages.

(3) The BR-BPNN can predict concrete fatigue life
for any acceptable level of failure probability. The S-
N curves under the 5% and 95% failure probability
could be practically taken as the lower and upper
bound limits of concrete flexural fatigue life. They
provide a reference range of expectations when
evaluating the fatigue performance of concrete
subjected to fatigue loading.

(4) This paper verifies the compatibility of tensile
fatigue tests on plain concrete under different
stress states. The prediction of axial/splitting
tensile fatigue life from a neural network based on
a flexural tensile fatigue dataset shows applicability
for all splitting tensile fatigue data and axial tensile
fatigue data with Smin of 0,1 and 0,15 and Smax

between 0,75 and 0,85. On the contrary, the overall 
correlation coefficient between the predicted
results and the experimental values reaches 0,901
when predicting flexural fatigue life from the other
two modes of tensile fatigue dataset.
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Abstract 
Based on the extended finite element method (XFEM), finite element model of a typical steel bridge 
deck was established to analyze the fatigue crack propagation of diaphragm cutout detail. It was 
considered the parameters of welding residual stress, vehicle load and initial crack in the fatigue 
mechanism analysis. Residual tensile stress in the cutout edge of the diaphragm of two types of 
cutout was calculated. Cutout with higher residual tensile stress provided the welding residual stress 
field for calculation of fatigue crack propagation. Under coupling action of vehicle load and welding 
residual field, the fatigue crack in diaphragm cutout edge was mixed mode crack of Modes I, II, 
dominated by Mode I. 

Keywords: steel deck; welding residual stress; fatigue crack; crack growth simulation; XFEM. 

1 Introduction 
Steel bridge deck has been widely used due to its 
characters of high capacity, light weight, and fast 
fabrication [1]. However, fatigue damage is found 
in welded connections of steel bridge decks due to 
long-term traffic load, residual tensile stress, and 
environmental corrosion [2, 3]. Fatigue cracks 
appearing in weld connections will further expand 
as time goes by, which seriously threatens the safe 
operation of the bridge.  

Cut holes are placed in the diaphragms of modern 
steel decks, so that the U-ribs pass through the 
diaphragm continuously and the fatigue stress at 
the connection between the longitudinal ribs and 
the diaphragm can be significantly reduced. 
However, the cut hole reduces the stiffness of the 
diaphragm. Under the out-of-plane stress and in-
plane stress, the stress concentrating at the edge 
of the cutout is large, plus influenced by factors 

such as the welding residual stress and initial crack. 
More research is need to investigate the fatigue 
performance at diaphragm cutout.    

Extensive fatigue test of this detail has been carried 
out. For example, Haibach performed fatigue tests 
on the fatigue strength of various types of cutout 
and applied a new type of cutout[4]. Fryba et al. 
carried out tests on the type of cutout for open rib 
diaphragms and suggested that circular and apple 
shape cutouts should be used in OSD [5]. Wang et 
al. studied the influence of the shapes of cutout 
and geometry on the stress distribution at cutouts 
by static test and finite element analysis of a full-
scale steel bridge [6]. The results showed that the 
stress distribution of the Haibach and circular 
shape cutouts were rational. Wang et al. carried 
out full-scale fatigue tests for OSD. The result 
showed that due to the welding residual stress, 
cracks were found in the compressive zone, which 
indicates that welding residual stress plays an 
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important role in the analysis of fatigue details of 
the OSD [7, 8]. Meanwhile, with the deepening of 
research on fatigue mechanism and fracture 
mechanics, more efficient and economical 
numerical method based on extended finite 
element method has been widely used in steel 
bridge fatigue research. Wang et al. realized 
numerical simulation of fatigue crack propagation 
in typical fatigue details of steel bridge deck. 
Fatigue crack propagation characteristics, residual 
stress distribution and effect on crack initiation and 
propagation were discussed [9]. Fisher et al. 
analyzed the rib-to-diaphragm detail based on 
fracture mechanics by numerical fracture 
mechanics simulation. The results were coincident 
well with the experiment [10]. 

In this paper, the numerical fracture mechanics 
model of the fatigue crack of diaphragm cutout 
detail was established based on the extended finite 
element method to study the mode of crack and 
the stress intensity factor at the crack tip. A local 
rib-to-diaphragm finite element model was 
established to calculate the welding residual stress 
field. With introducing the welding residual stress 
field, numerical simulation was carried out to 
research the coupling propagation of typical 
fatigue crack in diaphragm cutout detail. 

2 Finite element model 
The finite element model of a 17m cable-stayed 
bridge main girder segment was established. Figure 
1(a) shows the cross section of the main girder 
which is mainly made of Q345 steel and Figure 1(b) 
shows the two types of cutouts, cutout A and 
cutout B in the diaphragm. Cutout A is inverted 
trapezoidal shape cutout. Cutout B is circular shape 
cutout. The box girder has a depth of 3500mm and 
a width of 37100mm. The geometrical dimension 
of the longitudinal U-shape stiffener rib is 
300mm×280mm×8mm with a spacing of 600mm. 
The thickness of deck, web and diaphragm are 
14mm, 10mm, 10mm respectively. And the 
diaphragm spacing is 3750mm.  

(a) 

(b) 

Figure 1. Construction of orthotropic steel deck 

As shown in Figure 2, the cross-scale numerical 
model was built. Steel box girder segment using 
S4R elements and solid sub models using C3D8R 
elements adopt shell-solid coupling constraints. 
The translation in the z direction was restricted at 
the anchorage zones of the stay cable, and the 
translation in the three directions were restricted 
at both ends of the segment in order to simulate 
the real stress condition of the main girder of the 
cable-stayed bridge.  

In addition, the solid sub-model with the same 
geometry and element shapes was used as the 
welding model to simulate the welding process and 
calculate crack propagation characteristic.  

Figure 2. Finite element model 

3 Analysis of welding residual stress 
The thermal-stress sequence coupling method was 
used to simulate the welding residual stress of the 
details at the weld joint connecting longitudinal rib 
and diaphragm. Taking “cutout A” as an example, 
the dimensions of the solid sub-model as shown in 
Figure 3 were determined to simulate the whole 
welding process. 
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Figure 3. Solid sub-model 

3.1 Temperature field analysis 

The birth-death element method was used to 
simulate the process of weld formation. Elements 
of the weld area was refined, which means that the 
element size of the area near the diaphragm cutout 
detail was controlled to 0,5mm and the element 
size in the thickness direction of the diaphragm 
gradually transitions from 0,5 to 2 mm. The size can 
be appropriately increased for areas away from the 
weld. The thermal analysis and structural analysis 
used DC3D8 elements and C3D8R elements, 
respectively. The thermo-dynamic parameters for 
calculating residual stress are shown in Figure 4[11]. 

Figure 4. Material properties of Q345 

The double ellipsoid heat source model was used. 
Figure 5 shows that the shape of the molten pool 
and the size of the weld during the welding process 
are relatively close, indicating that the parameters 
used in this paper are reasonable. 

Figure 5. The shape of molten pool (unit: °C) 

The U-rib and the diaphragm were connected by 
double-sided penetration fillet welds which started 
from the weld toe at the cutout. The numerical 
simulation was divided into two stages. Firstly, one 
side of the diaphragm was welded. Then the other 
side of the diaphragm was welded after cooling. 
The welding speed is 4 mm/s and the cooling time 
is 7200s. The initial ambient temperature is 
assumed to be 20°C. 

3.2 Residual stress analysis 

Boundary conditions shown in Figure 3 were 
applied to ensure that the structure did not have 
rigid body displacement during the structural 
analysis. But the boundary conditions cannot 
constrain the free deformation during the welding 
process.  

Figure 6. Mises stress contour plot (Cutout A) 

Figure 7. Mises stress contour plot (Cutout B) 

The Von mises stress during welding at different 
time is shown in the Figure 6 and Figure 7. During 
the welding process, the stress at the molten weld 
was small, but the von mises stress around the 
weld pool was close to the yield stress of the Q345 
steel. When the cooling completed, there was a 
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large welding residual stress near the entire 
welding area. 

The edges of cutout A and B were selected as paths 
to analyze principal tensile stress along the edge of 
the cutout as shown in Figure 8. P1 is located on 
the side welded first, and P1’ is located on the side 
welded later. For the inverted trapezoidal cutout, 
the principal tensile stress along the edge of cutout 
reached 250MPa at about 10mm from the weld toe. 
While for the circular cutout, the principal tensile 
stress at 10mm from the weld toe was about 
200MPa. Therefore, the “cutout A” was selected to 
study the mechanism of crack propagation in this 
paper. 

(a) Cutout A

(b) Cutout B

Figure 8. principal tensile stress distribution of 
cutout edge 

4 Stress intensity factor analysis 
There are three modes of macro crack 
corresponding to three modes loading in fracture 
mechanic: opening mode (Mode1), sliding or in-
plane mode (Mode2), and out-of-plane or tearing 
mode (Mode3). Model 1 crack is the most common 
and dangerous failure mode. However, mixed-
mode cracks are often occurred in practical 
engineering project. Therefore, it should be 
simplified according to the force state. The stress 
intensity factor K was introduced to characterize 
the strength of elastic stress field at the crack tip. A 
quarter ellipse was used to simulate the initial 
crack, with a size of a0/2c0=0,5/2mm, where a0 and 
c0 are length of major and minor axe respectively. 
The crack would propagate when the magnitude of 
the stress intensity factor ∆𝐾𝐾 is greater than the 
threshold  ∆𝐾𝐾𝑡𝑡ℎ.  Fatigue crack propagation 
threshold of 63MPa·mm0,5 in BS7910 was adopted 
in this paper. 

As shown in Figure 9, the fatigue load model III in 
the Chinese design code[12] was used as the 
loading model, The single axel load is 120kN. And 
the wheel landing area is 200mm×600mm. 
Considering that the loading area is spreading 
along 45 degrees spread angle in the 70mm thick 
asphalt pavement, the loading area was 
determined as 340mm×740mm. 

Figure 9. fatigue load model 

As shown in Figure 10 and Figure 11, transverse 
load cases (TLC1~TLC8) were set with a step of 
150mm by defining moving load loading surfaces, 
and 50 longitudinal load cases were set with a step 
of 150 mm through the load subroutine. 
Considering the influence of the residual stress 
calculated previously, the stress intensity factor of 
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the detail under the coupling of vehicle load, dead 
load and residual stress was calculated. 

TLC8

TLC1

Figure10. Transverse load case 

3750 3750

120kN 120kN

LLC1Longitudinal moving direction

Figure 11. Transverse load case 

The stress intensity factor of the crack tip in 
diaphragm cutout detail under the coupling of 
fatigue vehicle load, dead load and residual stress 
is shown in Figure 12. The values of 𝐾𝐾𝐼𝐼 are positive 
and ∆𝐾𝐾 is 69,24 MPa·mm0,5, indicating that there 
is strong crack extension force in the diaphragm 
cutout detail. 

Figure 12. KI influence lines of cracks 

in diaphragm cutout edge 

5 The Analysis of crack propagation 
The extended finite element method (XFEM)is an 
effective method for discontinuity which can 
efficiently simulate damage and crack growth 
without re-division of elements. Enriched function 
is introduced into the displacement mode of the 
classical finite element method to determine the 
discontinuous displacement. And the level set 
method is used to describe the discontinuous 
interface[13, 14]. 

The Paris law presented in Eq. (1) has been widely 
used for fatigue life assessment based on fracture 
mechanics[15]. It can better reflect the crack 
propagation of the details of welded steel 
structures. 

𝑑𝑑𝑑𝑑
𝑑𝑑𝑑𝑑

= 𝐶𝐶∆𝐾𝐾𝑚𝑚    (1) 

where a is the length of crack, N is the number of 
cycles, ∆𝐾𝐾 is amplitude of stress intensity factor; 
C and m are the material constants.  

Mixed initial cracking criterion shown in Eq. (2) is 
suitable for mixed-mode fracture in engineering 
application[16]. 

� ∆𝐾𝐾𝐼𝐼
∆𝐾𝐾𝑡𝑡ℎ

�
2

+ 1,9 �∆𝐾𝐾𝐼𝐼𝐼𝐼
∆𝐾𝐾𝑡𝑡ℎ

�
2

+ 2,1 �∆𝐾𝐾𝐼𝐼𝐼𝐼𝐼𝐼
∆𝐾𝐾𝑡𝑡ℎ

�
2

= 1,0  (2)

where ∆𝐾𝐾𝐼𝐼, ∆𝐾𝐾𝐼𝐼𝐼𝐼 and ∆𝐾𝐾𝐼𝐼𝐼𝐼𝐼𝐼 means the amplitude 
of stress intensity factor of mode I, II and III cracks, 
respectively. The mixed-mode fracture criterion 
expressed in the form of the energy release rate in 
Eq. (4) can be obtained though the relationship 
between energy release rate G and stress intensity 
factor K in Eq. (3)  

𝐺𝐺𝐼𝐼 = �

𝐾𝐾𝐼𝐼2

𝐸𝐸
  (plan stress)

�1−𝜐𝜐2�𝐾𝐾𝐼𝐼2

𝐸𝐸
 (plan strain)

      (3) 

𝐺𝐺𝐼𝐼
𝐺𝐺𝑡𝑡ℎ

+ 1,9 𝐺𝐺𝐼𝐼𝐼𝐼
𝐺𝐺𝑡𝑡ℎ

+ 2,1 𝐺𝐺𝐼𝐼𝐼𝐼𝐼𝐼
𝐺𝐺𝑡𝑡ℎ

= 1,0  (4) 

Figure 13. Fatigue crack propagation 
in diaphragm cutout detail 
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Figure 14 The cumulative strain energy release 
rate of crack model  

0 2 4 6 8 10
0

20

40

60

80

100

St
ra

in
 e

ne
rg

y 
re

le
as

e 
ra

te
 (N

/m
m

)

Cycles (106)

 Crack Mode II
 Crack Mode III

Figure 15 The cumulative strain energy release 
rate of crack mode II and mode III 

The crack propagation at the details of diaphragm 
cutout is shown in Figure 13. The welding residual 
stress field investigated previously was taken into 
account to more accurately simulate the real 
mechanical behavior of the deck. 

The cumulative strain energy release rate GI, GII and 
GIII reached 2838,14N/mm, 96,20 N/mm, and 72,48 
N/mm, respectively, as shown in Figures 14 and 15. 
It can be concluded that the crack was mainly crack 
of Model I. Crack of Mode III had a slight effect on 
crack propagation. Crack of Mode II can be 
neglected. Consequently, fatigue crack in cutout 
detail is mixed mode crack of Modes I and III, 
dominated by Mode I.                                      

6 Conclusions 
The residual stress at edge of cutouts was 
investigated by welding numerical model. And the 

behavior of fatigue propagation of diaphragm 
cutout detail under welding residual stress, vehicle 
load and dead load was analyzed. The following 
conclusions can be drawn: 

1. There is a large residual stress at the diaphragm 
cutout detail. Different types of cutouts will
affect the distribution of residual stress. And
the residual stress on the edge of inverted
trapezoidal cutout is close to the yield stress of
steel Q345

2. The stress state of the diaphragm cutout is
mainly in tension and the amplitude of the SIF
is larger than the threshold. The effect of
residual stress cannot be ignored when
analyzing fatigue crack propagation

3. Fatigue cracks in diaphragm cutout detail are
mixed mode cracks of Modes I and III,
dominated by Mode I.
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Abstract 

It is difficult to precisely predict the fatigue life of orthotropic decks due to random initial defects 
and high-cycle loading conditions. Two typical fatigue failures occurr in orthotropic steel decks, 
which hinder both the capacity and the efficient life of modern steel bridges. The Type 1 crack is 
along the super-long weld joints between the cover plate and U-shaped rib, while Type 2 crack 
develop within the diaphragm adjacent to the fillet joints. While both cracks originate and develop 
from weld toes, and the Type 2 crack usually develop along the near-horizontal direction. Among 
the many factors contributing to the failure, the notch type, notch size, vehicle loads uncertainties 
related to positions, magnitudes and frequency were uncertain. Thus, it is reasonable to apply 
different strategies to achieve more resilient orthotropic decks. It is recommended new weld 
improvement has to be introduced to mitigate initial notch for type Ⅰ details, and structural 
flexibility has to be selected to improve the fatigue performance for type Ⅱ detail. 

Keywords: Orthotropic steel deck; Diaphragm; Fatigue Crack; life prediction; Resilient; 

1 Introduction 
The effective operation period of several details is 
far below the expected within design documents 
and specific codes (Miki, 2007; Conor,2012; Jong, 
2007). The widely deteriorate due to fatigue cracks 
not only limit the loading capacity of structures, but 
also require unreasonably high budgets. Many 
researches have been proposed various solution 
trying to mitigate the problem. it seems that the 
fundamental question remains open: how to meet 

the traffic loading demand and the durable fatigue 
resistance within the orthotropic steel decks.  

The fatigue failure originates as a result of both 
cycled loadings and initial damage at joints. On the 
one hand, the orthotropic decks were fabricated 
with super long welds, which results in uncertain 
distributed micro damage and types, on the other 
hand, the vehicle loading position, amplitude and 
frequency are all uncertain. Therefore, it is an even 
difficult task to predict and manage OSD's working 
life.  
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Through the years of reflection on engineering 
practice, the authors present suggestions for the 
typical fatigue failures in orthotropic steel decks.  

New simplified analysis methods are proposed to 
help clarify the concept of fatigue design of 
orthotropic steel decks. The overall objective is to 
establish a logical equation of estimating nominal 
stresses in the engineering practices. 

Further, it has been widely accepted that the cover 
plate and U-rib can be connected using part 
penetration fillet welds due to the limited size of 
the closed stiffeners. However, this may create 
micro crack-like defects at the root of the 
unpenetrated side and therefore decrease the 
resistance of the bridge deck. Recently, it is 
demonstrated that a newly developed structural 
weld details with double side SAW can improved 
greatly the fatigue performance of the longitudinal 
weld joint between cover plate and ribs. 

2 The longitudinal fatigue cracks 
A lot of orthotropic steel decks around the globe 
have fatigue cracks that developed in a very early 
operation period, among which the longitudinal 
weld joints between cover deck and U-rib were the 
most susceptible to fail and large number of cracks 
can be developed with random length and 
locations. The early damage not only hinder the 
operational performance of those key bridges, but 
also require high budget for retrofit which are, 
unfortunately, not a convenient solution.  

For the most of recently build long span cable 
supported bridge with orthotropic steel decks, it 
was found cracks emerges about 7 to 10 years after 
open. The statistics suggest fundamental factors of 
its fatigue should be reflect in depth. 

(a) 

(b) 

Figure 1. Typical longitudinal cracks in deck plate 

2.1 Structural performance 

The design of the deck plate makes it less resistant 
stiffness due to its low thickness (14 to 18 mm 
generally) and its separated longitudinal ribs. This 
implies significant deformations can developed in 
the transverse direction.  

Under these circumstances, fatigue cracks were 
driven by the cycled transverse stress induced by 
some randomly running vehicles. Basically, this has 
been defined as system Ⅲ of the orthotropic steel 
decks, and can naturally be treated as loading 
factor of the longitudinal fatigue cracks.  

2.2 Welding procedure and quality 

The heating process during welding changes the 
micro grain structure of base metal a lot, therefore 
decrease its mechanical performances locally. The 
welding also creates uncertain defects (porosity, 
under cut, lack of fusion) and material 
discontinuities (including mechanical, chemical, 
metallically and geometrical ones).  Although the 
defects can be limited by quality measures, those 
intrinsic discontinuities cannot mitigate completely. 

In fracture mechanics approaches, the geometrical 
defects are crack-like notches and the most critical 
factor for fatigue. Most fatigue failures were 
originated from micro welding defects. 

Generally, the fatigue resistance of welding joints 
is not correlated with weld size and material 
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strength (up to 𝑓𝑓𝑦𝑦 ≤ 960 MPa) except the welding 
induced damage.  

Due to the limit of space inside the U-rib, the code 
requires single side partial joint penetration which, 
therefore, is not the optimal weld details.  

As a design reference, the unpenetrated part is 
defined as defect in double-sided partial 
penetrated joints. Fatigue strength can be reduced 
by factor 𝑅𝑅pjp  (ANSI/AISC 360-10). Meantime, 
AASHTO/AWS D1.5M/D1.5 suggest that all corner 
and T-joints to have reinforcing fillets to improve 
the stress flow and to mitigate the unfavorable 
stress concentrations. 

2.3 Engineering critical length 

Fatigue cracks can propagate slowly with semi 
elliptical shape. The critical length of failure is 
defined as:  

• Weld toe – originated cracks are those which
has total length > 20 mm or the depth reach
the full thickness of deck plate

• Weld root – originated crack that penetrate
the full height of welds or the full thickness of
deck plate.

For those cross-depth cracks, the length is around 
3 times the plate thickness. 

3 Solution for longitudinal cracks 
Optimal details and quality controls of fabrication 
are keys to the successful fabrication of durable 
welded structure. It is critical to design and 
mitigate defect as directly as possible.  

A full penetrate weld without groove for rib joints 
can be achieved using two-sided SAW with less 
filler metal. New-developed mini-robot running 
inside the U-rib can penetrate the inside. A sample 
was shown in Figure 1. 

Figure 2. New weld joints with two-sided SAW 

The fatigue resistance was tested by three group of 
models. The main results of the 3-point bending 
fatigue test are gathered in Table 1, for each 
specimen group. It can be concluded that fatigue 
life was improved remarkably. The detail category 
of new joints is about 96 MPa.  

Table 1. Fatigue endurance cycles subjected to 
𝛥𝛥𝛥𝛥 = 150 MPa 

Type 1 
[cycle] 

2 
[cycle] 

3 
[cycle] 

Single-side 
75% PJP 58,754 321,289 94,785 

Two-side 
50% PJP 173,165 832,920 386,018 

Full Penetrate 
Weld 5,019,712 5,012,355 5,036,982 

Other structural measures improve the fatigue 
performance to a marginal extent, such as increase 
the thickness of cover plate, weld size, etc. The 
effect of plate thickness on endured fatigue life was 
shown in Figure 2.  
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Figure 3.  Effect of plate thickness on endured 
number of cycles (Hirt,1982; reprint by Radaj) 

Further, post-weld treatments can be efficient 
tools of enhancing the local fatigue performance.  

4 Fatigue cracks in diaphragm 
It is well known that the connections of longitudinal 
ribs and transverse diaphragm plates in orthotropic 
steel decks have poorer fatigue resistance than the 
previous type of longitudinal joints. Fatigue cracks 
can propagate in three patterns in adjacent zone of 
the connection (de Jong, 2006), which cannot easy 
to predict. However, it is crucial to examine the 
behaviour and loading effects within the 
intersections. 

Figure 4. Typical transverse cracks in diaphragm 

4.1 In-plane behaviour 

The complex three-dimensional behaviour can be 
simplified as a in-plane verification. Unfortunately, 

the nominal stresses cannot be calculated due to 
geometrical stress concentration.  

The in-plane bearing capacity of the plate panel 
between two webs of the rib was shown in Figure 
4. The effective flange is assumed as 𝐴𝐴, and it has
section properties:

𝐼𝐼 = 2 𝐴𝐴 × �
𝐻𝐻
2
�
2

, 𝑆𝑆 = 𝐴𝐴 × �
𝐻𝐻
2
� 

Section ①-① has a inertia moment of 

𝐼𝐼𝑤𝑤 = 𝑏𝑏3 𝑡𝑡𝑤𝑤 / 12 

For the web panel as  Figure 4 (b), the overall shear 
in the diaphragm is  

𝑄𝑄 =
𝑀𝑀𝑗𝑗 −𝑀𝑀𝑖𝑖

𝑎𝑎

𝑇𝑇 =  
𝑄𝑄
𝐴𝐴𝑤𝑤

⋅   𝑡𝑡𝑤𝑤 ⋅  𝑎𝑎 =
𝑎𝑎
𝐻𝐻

 𝑄𝑄 

And the bending moment within ①-① is 

𝑀𝑀 = 𝑇𝑇 ⋅  ℎ =
𝑎𝑎 ℎ
𝐻𝐻

 𝑄𝑄 

With the internal forces above, stress can be 
calculated. The nominal stress in section ①-① are  

Shear stress 

𝜏𝜏𝑚𝑚 =
1.5𝑇𝑇
𝑏𝑏𝑡𝑡𝑤𝑤

Normal stress 

𝛥𝛥𝑇𝑇 =
𝑀𝑀
𝐼𝐼𝑤𝑤
⋅
𝑏𝑏
2

 =
6𝑎𝑎ℎ
𝑏𝑏2𝐻𝐻𝑡𝑡𝑤𝑤

𝑄𝑄,   𝛥𝛥𝑅𝑅 =
𝑅𝑅
𝑏𝑏𝑡𝑡𝑤𝑤

𝛥𝛥𝑚𝑚𝑚𝑚𝑚𝑚 = 𝛥𝛥𝑇𝑇 + 𝛥𝛥𝑅𝑅 =
1
𝑏𝑏𝑡𝑡𝑤𝑤

��
6𝑎𝑎ℎ
𝑏𝑏
�𝑄𝑄 − 𝑅𝑅� 

It is always the case that  ℎ/𝑏𝑏 ≈ 1 , when the 
following condition can be met,  

𝑄𝑄 >
𝑅𝑅

6𝑎𝑎
The maximum normal stress is tension. 

𝛥𝛥𝑚𝑚𝑚𝑚𝑚𝑚 > 0 
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(a) 

(b) 

Figure 5.  Analysis of web panel between ribs 

4.2 Out-of-plane distortion at the cut-outs 

The stiffened cover plate behaves like multi span 
continuous structure that supported rigidly by 
diaphragms. The diaphragm bearing not only the 
vertical shear force but also the rotational bending 
moments, which is shown in Figure 5. In the (b), the 
brown area in diaphragm is mainly develop 
bending . 

(a) 

(b) 

Figure 6. Longitudinal continuous deck and 

Assume that the deck deforms with following curve 

𝑦𝑦 = 𝑓𝑓 sin
𝜋𝜋𝜋𝜋
𝑑𝑑

Then the following quantities can be obtained: 

- Rotation angle at the diaphragm

𝜃𝜃0 =
𝜋𝜋𝑓𝑓
𝑑𝑑

cos
𝜋𝜋 ⋅ 0
𝑑𝑑

=
𝜋𝜋𝑓𝑓
𝑑𝑑

- Bending moment at diaphragm

𝑀𝑀0 =
𝑘𝑘𝑘𝑘𝐼𝐼𝜃𝜃
ℎ1

The coefficient 𝑘𝑘 takes the value 4~6. 

It can be concluded that the induced bending 
moment in diaphragm is related to the deflection 
of deck under moving load, and the relative out-of-
plane stiffness of the diaphragm panel.  

The bearing plate panel is shown in Figure 5 (b), and 
the bending stress at section ①-① is  

𝛥𝛥𝐴𝐴  =
1
2
𝑘𝑘𝑘𝑘𝜃𝜃 �

𝑡𝑡
ℎ1
� 

Further, it demonstrates that the bending stress at 
the cut-out edge is linearly proportion with the 
thickness of diaphragm, while inversely 
proportional to the height of cut-out.  

Combine both the in-plane and out-of-plane stress, 
one has the total nominal stress  

𝛥𝛥𝐸𝐸 = 𝛥𝛥max + 𝛥𝛥A 

It has been observed that moving vehicle can 
deform the stiffened deck as well as the diaphragm 

2010



IABSE CongressNanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

(Conor,2000). Although detailed Finite Element 
analysis confirm the test results, a simplified 
intuitive method may help to achieve improved 
fatigue design of diaphragms.  

5  Design life based on equal damage 
Orthotropic steel decks are design to operate not 
less than 100 years. Accordingly, the durability 
should be granted that tolerable fatigue cracks 
require no retrofit. Using the Fracture mechanics 
approach, fatigue life can be calculated using stress 
intensity amplitude Δ𝐾𝐾 and initial defect length  𝑎𝑎0. 

𝑁𝑁 = �
(Δ𝐾𝐾)𝑛𝑛

𝐶𝐶
𝑑𝑑𝑎𝑎

𝑚𝑚1

𝑚𝑚0

 

Due to the mechanical behaviours of different sub-
systems. The transverse system III suffers far more 
loading cycles than the longitudinal system under 
same traffic volume. A reasonable design 
philosophy should be established that the fatigue 
life of orthotropic deck governed by the same crack 
lengths in both direction, which is  

𝑎𝑎Ⅰ = 𝑎𝑎Ⅲ 

This means that the orthotropic steel deck have to 
be designed with different fatigue life for these two 
types of weld joints.  

𝑁𝑁Ⅰ ≪ 𝑁𝑁Ⅲ 

(a) 

(b) 

Figure 7. Design methodology of Unify damage 
with different fatigue life 

6 Conclusions 
In this report, we propose a new weld detail for rib 
joint which mitigate negative crack-like notches as 
much as possible. Simplified analysis procedures 
were presented to help design the diaphragm 
detail intuitively. The application of equal damage 
principle is also discussed for longitudinal and 
transverse system of orthotropic steel deck.  

7 References 
[1] Miki C, Konishi T. Retrofit Engineering for

steel bridge structures in Japan. InIABSE
Symposium: Improving Infrastructure
Worldwide, Weimar, Germany, 19-21
September 2007 2007 (pp. 14-19).

[2] Connor RJ. Manual for design, construction,
and maintenance of orthotropic steel deck
bridges. United States. Federal Highway
Administration; 2012.

[3] Hirt MA. Application of fracture mechanics
to the determination of the fatigue
behaviour of welded structures. Bauing,
1982,57:95-101.

[4] De Jong, Foppe Bouk Peter. Renovation
techniques for fatigue cracked orthotropic
steel bridge decks. (2007).

[5] Connor RJ, Fisher JW. In-service response of
an orthotropic steel deck compared with
design assumptions. Transportation research
record. 2000;1696(1):100-8.

2011



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Parameter Analysis on Double-side Welded Connection of Orthotropic 
Steel Decks Based on Structural Stress 

Kai Sun, Xu Jiang 
Department of Bridge Engineering, Tongji University, Shanghai 200092, China 

Wei Wu 

Tongji Architectural Design (Group) Co. Ltd, Shanghai 200092, China 

Xuhong Qia 
Department of Structural Engineering, Tongji University, Shanghai 200092, China 

Contact: jiangxu@tongji.edu.cn 

Abstract 
Rib-to-deck welded connections of orthotropic steel decks(OSD’s) are prone to fatigue problems 
and the new type of double-side welded connection is applied for optimization. To further reveal 
transformation mechanism of fatigue mode, the geometrical parameters of double-side welded 
connection are analysed based on structural stress method. The results show that, compared with 
other parameters, the thickness of deck brings the greatest impact on the structural stress at the 
concerned position, but does not change the fatigue failure mode. The fatigue mode of double-side 
welded connection is related to both internal and external weld size, and the external weld size 
should be controlled within a certain range relatively. For the basic structure analyzed, when the 
external weld size is 4mm, 6mm, 8mm and 10mm, the internal weld size shall not be less than 
1.5mm, 1.5mm, 3mm and 4.5mm respectively. 

Keywords: OSD’s; structural stress; double-side welded connection; parameter analysis. 

1 Introduction 
OSD’s are mainly composed of deck, longitudinal 
ribs and transverse ribs (transverse partition), and 
the longitudinal and transverse stiffening ribs are 
welded on the lower surface of the deck cover to 
form a structure to bear the wheel load together[1,2]. 
Compared with traditional bridge deck, OSD’s could 
make better use of the mechanical properties of the 

material, has the advantages of light weight and 
high strength, wide range of application, easy 
construction, etc. and is widely used in large span 
bridges. The structural system and the forming 
method contribute a lot to outstandingly 
advantageous of OSD’s, but at the same time the 
construction is complex, with many welds and 
fatigue cracking problems[3-4]. According to research 
based on 7000 OSD’s with closed longitudinal rib in 
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two representative express ways in Tokyo, rib-to-
deck welded connections are prone to fatigue 
problem, accounting for as much as 31.5% of all the 
cases. Improving weld geometry, preventing 
sudden changes in stiffness and controlling initial 
weld defects are crucial to improving the fatigue 
performance of steel bridges. For rib-to-deck details, 
the new type of double-side welded connection can 
change the dominant fatigue failure mode from 
fatigue cracks sprouting on inner weld root of the 
deck to outer weld toe and adapt to industrial 
processing[5-7], which is highly promising for 
engineering applications. 

The new type of double-side welded connection 
adds a weld on the inner side of the U rib on the 
basis of the traditional single-side welded 
connection. Since Masahiro et al. [10] first introduced 
the double-sided welding process into the rib-to-
deck connections of OSD’s, a series of advances 
have been made in this field: through finite element 
models, the effectiveness of double-side welded 
connections in improving fatigue resistance has 
been verified using the hot spot stress method, the 
structural stress method and the notched stress 
method[6,9-11]. Further, there are several researches 
reveals the fatigue crack propagation characteristics 
of double-side welded connection by means of 
linear elastic fracture mechanics[12]. In recent years, 
China has successfully completed the full-automatic 
production line applied to U-rib internal welding, 
which has been successfully applied to the 
construction of bridges such as Shishou Yangtze 
River Bridge and Zhuangkou Changjiang River 
Highway Bridge[13]. In terms of fatigue stress analysis, 
the hot spot stress method is unable to obtain 
fatigue stresses at the weld root position due to the 
constructional characteristics of double-side 
welded connection. Compared to other evaluation 
methods, the structural stress method has been 
widely used in industries such as pressure vessels 
and rail transportation equipment[14-17], and its 
effectiveness has been widely verified. In recent 
years, structural stress has been used in the field of 
steel bridges[18].  

Although a series of progress has been made in the 
previous research, very few research focused on the 
design theory of double-side welded connection 
and transformation mechanism of fatigue mode. 

Most of the current research has concentrated on 
the qualitative analysis of parameters and the fact 
that double-side welded connections could change 
the dominant fatigue failure mode, but less on the 
critical conditions of the parameters by which the 
transformation occurs. This research establishes a 
coupled solid-shell basic model containing seven U-
ribs through ABAQUS, and compares the fatigue 
performance of double-sided welds with single-
sided welds based on equivalent structural stress. 
Then single-parameter analysis of the key 
parameters is carried out, including deck thickness, 
outer weld size, inner weld size, penetration rate 
and cross partition spacing on the basis of the basic 
model. Besides, further analysis is performed for 
proper weld size setting, supplementing the analysis 
of the double-side weld parameters as well as the 
migration of the dominant fatigue failure mode. 

2 FE Model 
A coupled solid-shell model was established by 
ABAQUS as basic model for finite element 
simulation, where individual parameters could be 
further changed for parametric analysis. As shown 
in Fig.1, the coupled solid-shell model contains four 
diaphragms in longitudinal direction, with adjacent 
diaphragms space 3m apart and a length of 10m in 
total. The transverse direction includes seven U-ribs 
with a total length of 4.2m. The solid part is located 
in the middle of the model, with a longitudinal 
length of 1m and a transverse coverage of 3 U-ribs. 
Referring to specifications and the current situation 
of engineering applications, the basic model is 
selected as the deck thickness 18mm, U-rib 
thickness 8mm, outer weld size H1D1 is 8mm, inner 
weld size H2, D2 is 6mm, and the penetration rate P 
is 80%. 

As shown in Fig.2, following boundary conditions 
are initially selected: 1. Constrain the displacement 
of the transverse boundary nodes of diaphragm and 
deck in the x-direction to simulate the constraint 
effect of the diaphragm and the deck on the model 
in the transverse direction (x-direction). 2. Constrain 
the displacement of the bottom node of the 
diaphragm in the y-direction to simulate the 
constraint effect of the steel box beam on the model 
in the vertical direction (y-direction). 3. The 
longitudinal (z-direction) restraint of the model by 
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the steel box beam is simulated by constraining the 
translational degrees of freedom in the direction of 
the nodes at both ends. Shell-solid coupling is used 
to connect the solid and the shell parts. 

The fatigue load model III of the Specifications for 
Design of Highway Steel Bridge is selected for the  

Fig. 1. Coupled solid-shell model containing seven U-ribs Fig. 2. Loads and boundary conditions 

standard fatigue vehicle, with a vehicle weight of 
480 kN, an axle weight of 120 kN and a single wheel 
load of 60 kN. The influence lines of the OSD’s are 
short in both the longitudinal and transverse 
directions, and the superimposed effect on the 
same details of interest is not obvious under the 
effect of multiple vehicles. Thus, only the first half 
of the fatigue load model III was considered in the 
calculation model, as shown in Fig.3. The model was 
loaded transversely near the longitudinal center to 
obtain the most unfavorable load location, whose 
coordinate is 950mm.  

To obtain the equivalent structural stress at the 
position of interest, it is necessary to move the load 
in the longitudinal direction at the most unfavorable 
load position and its adjacent positions, and record 
the stress at each step. As shown in Fig.4, five lanes 
are selected according to the most unfavorable 
position of transverse stress, with an interval of 
0.1m between lanes, i.e. five interpolation points, 
and the load moves along each lane in turn. 
Longitudinal vehicle lanes from one end of the 
middle section of the model extended to the other 
end, take 112 interpolation points, interpolation 
points between 0.05m. Based on the interpolation 
of 560 points of data, the corresponding fatigue 

stress amplitude can be obtained, and the vehicle 
load specifically achieved through the DLOAD 
subroutine.  

Fig. 5(a) shows the mesh of the shell part, where 
near the fatigue detail of interest uses a longitudinal 
4mm mesh,and the grid size at the location away 
from the detail of interest is increased to 50mm, 
leaving a certain transition interval between the two. 
The solid model uses a 1mm to 10mm mesh 
transition, as shown in Fig. 5(b). Integrating the 
results of the sensitivity analysis and the calculation 
efficiency of the model, the deck is divided into 4 
grids vertically and the longitudinal mesh size of the 
local model is 4 mm.  

The stress distribution along the thickness direction 
on the weld section is highly nonlinear due to the 
notch stress. Although it is difficult to directly solve 
this nonlinear stress distribution theoretically or 
numerically, it can be decomposed into structural 
stress satisfying equilibrium conditions and self-
equilibrium notch stress[19-20], as shown in Fig. 6. 
Assuming that the far-field external force of the 
welded connection has both tensile and bending 
membrane stress on the section, the sum of 
membrane stress σ𝑚𝑚  and bending stress σ𝑏𝑏  is 
balanced with the external force. After the deck 

Fig. 3 Fatigue load model III  Fig.4 Loading condition 
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(a) Shell part    （b）Solid part 

Fig.5 Mesh of the FEM 

Fig.6 Illustration of the structural stress as the sum of membrane and shell bending stress 

thickness is defined, the membrane stress uniformly 
distributed in the section can be calculated 
according to the following formula:  

/2

/2

1 ( )
t

m x y
t

y dy f
t

σ σ
−

= =∫ (1) 

The bending stress generated in the section can be 
calculated according to the following formula: 

/2

2 2
/2

66 ( )
t

x
b x

t

my y dy
t t

σ σ
−

= =∫ (2) 

Due to the balance between the defined structural 
stress and external force, the structural stress is the 
sum of membrane stress and bending stress. 

It can be seen from Eq.3 that the linear force F must 
be calculated first when calculating the structural 
𝑓𝑓𝑦𝑦 and linear moment 𝑚𝑚𝑥𝑥. Linear force and linear 
moment refer to the force and moment per unit 
length of welding line, as shown in Figure 7. During 
the finite element calculation, the distributed load 
on the edge of the element should be transformed 
into the node. The structural stress method uses the 
node to strive for the line force and line moment, 

and transforms the node force and moment 
obtained by the finite element into the line force 
and line moment.  

2

6y x
s m b

f m
t t

σ σ σ= + = + (3) 

When a section of the weld is divided into n units, 
the nodes are numbered from 1 to n, and the 
distance between the nodes on the weld line is 𝑙𝑙1 
to 𝑙𝑙𝑛𝑛−1. According to the equilibrium equation of 
force, the correspondence between the nodal force 
𝐹𝐹𝑦𝑦𝑛𝑛  and the line force 𝑓𝑓𝑦𝑦𝑛𝑛  can be obtained as 
shown in Eq.4, and the nodal moment 𝑀𝑀𝑥𝑥  is 
expressed in the same way as the line force 𝑚𝑚𝑥𝑥.  

Fig.7 Line force and line moment 
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1 2 1 2{ , } { , }T T
y y yn y y ynF F F L f f f=  (4) 

The matrix L in Eq.4 relates only to the node 
distances and is defined as the cell length 
equivalence matrix: 
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When there are n nodes at the same cell thickness t, 
the structural stress σ𝑛𝑛 at each node, as well as the 
forces 𝐹𝐹𝑦𝑦𝑛𝑛  and moments 𝑀𝑀𝑥𝑥𝑛𝑛  at each node can 
be expressed in matrix form as Eq.6-9, where m𝑠𝑠𝑠𝑠 
is 3.6, 𝑓𝑓𝑚𝑚 is 1,  t𝑠𝑠𝑠𝑠 equals to deck thickness D and 
becomes constant value 16 when D < 16mm. 
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3 FEM results 
Fig.8 shows the key parameters and their selection 
range. The thickness range of the deck is 14 ~ 28mm, 
with 2mm change in each stage before 20mm and 
4mm change in each stage after 20mm. At present, 
the U-rib of domestic bridge deck is usually 8mm, 
so the thickness of U-rib is not taken as a parameter 
variable. The selection range of outer weld toe 

Fig.8 Key parameters 

dimensions D1 and H1 is 4 ~ 10mm, the selection 
range of inner weld toe H2 and D2 is 2 ~ 7mm, and 
the change of each level is 1mm. The spacing 
between diaphragms is 2.75 ~ 3.25m, with a change 
of 0.25m at each stage. Results show that 
diaphragm spacing and penetration rat could affect 
the fatigue performance of the double-side welded 
connection details to some extent but are not the 
main cause. Thus, further discussion mainly focuses 
on other parameters 

3.1 Comparison between single-side and 
double-side welded connection 

Based on the basic model, the fatigue 
characteristics of single-side welded connection and 
double-side welded connection are compared, the 
former one cancels the inner weld on the basis of 
the latter one. Through structural stress method, 
the position of the root and toe of the single-sided 
welding and the root and toe of the inner and outer 
welds of the double-sided welding are analysed, and 
the results are shown in Fig.9. 

Compared with single-side welded connection, the 
fatigue damage mode of double-side welded 
connection is changed, and the most unfavorable 
position is shifted from the original single-sided 
weld root to the outer weld toe. After the 
introduction of the inner weld, the stress magnitude 
of the equivalent structural stress at the toe of the 
outer weld rises, though the rise is relatively small, 
while the stress magnitude of the equivalent 
structural stress at the root of the original single-
sided weld decreases significantly. For the double-
side welded connection, whether it is the inner or 
outer weld, the most unfavorable position is the 
weld toe, and the equivalent structural stress 
magnitude at the weld root is significantly lower 
than that at the toe. Thus, the application of double- 
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Fig.9 Comparison of single-side and double-side 
welded connection 

Fig.10 Parameter analysis of deck thickness 

side welded connection can change the fatigue 
damage mode of orthotropic steel deck, and 
improve the fatigue resistance of the structure to a 
certain extent.  

3.2 Thickness of deck 

As shown in Fig.10, with the increase of the 
thickness of the deck, the equivalent structural 
stress of the details Z1 to Z4 shows a decreasing 
trend, and the decreasing range slows down 
gradually. Compared with the weld root, the 
equivalent structural stress at the weld toe is 
significantly higher than that at the weld root, but 
the difference diminishing with the increase of deck 
thickness. For OSD’s with double-side welded 
connection, the equivalent structural stress at the 
weld root of the deck is greatly reduced, and the 
most unfavorable position is the weld toe. At the 
same time, the equivalent structural stress at the 
outer weld toe is slightly higher than that at the 
inner weld toe, which becomes the most 
unfavorable position. Through the structural details 
of double-sided welding, the fatigue failure mode of 
the deck changes, the outer weld toe becomes the 
most unfavorable position, and the position of the 
weld root of the deck could exempt from being used 
as the control part of fatigue cracking.  

The calculation results show that as the thickness of 
deck increases, the stiffness of the deck increases 
significantly, reducing the effect of out-of-plane 
deformation and resulting in a significant reduction 
in the structural stress values at the welded part of 
the deck. Compared to other construction 
parameters, the effect of the deck thickness on the 
structural stresses is the most obvious. However, 
when the thickness of the deck is too large, the 
amount of steel used increases considerably and the 
corresponding thickness of the U-rib etc. need to be 
changed accordingly, which is less economical. 

3.3 External weld size 

The equivalent structural stress results under 
different external weld size are shown in Fig.11. 
With the increase of the external weld size, the 
equivalent structural stress amplitude at detail Z4 of 
the weld in the deck increases continuously, while 
the structural stress amplitude at detail Z2 ~ Z4 
decreases relatively. The equivalent structural 
stress amplitude at the weld toe is significantly 
higher than that at the weld root. When the external 
weld size D1H1 is small, the equivalent structural 
stress amplitude at Z1 is higher than that at Z4. With 
the increase of the external weld size, the difference 
between them gradually decreases. When D1H1 is 
around 10mm, the structural stress amplitude at Z4 
begins to be greater than that at Z1, becoming the 
most unfavorable position, and the cracking mode 
of orthotropic steel bridge deck changes. It can be 
seen that increasing the size of the outer weld will 
increase the structural stress amplitude of the outer 
weld root, the inner weld toe and the weld root. 
When the size of the outer weld increases to a 
certain extent, the most unfavorable position will be 
converted from the outer weld toe to the inner weld 
toe. 

The fatigue failure mode of double-side welded 
connection is related to both the internal and 
external weld size, and the external weld size should 
be controlled within a certain range. Large external 
weld size will make the double-side welded 
connection fail to convert the failure mode. For the 
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Fig.11 Parameter analysis of external weld size 

Fig.12 Parameter analysis of inner weld toe 

basic structure studied, the critical size is about 
10mm. 

3.4 Inner weld size 

The equivalent structural stress results under 
different inner weld size are shown in Fig.12. With 
the increase of inner weld size D2H2, the equivalent 
structural stress amplitude at detail Z1 shows an 
upward trend, while the equivalent structural stress 
amplitude at details Z2- Z4 continue to decrease. 
Compared with the details Z1 and Z2 of the outer 
weld, the details Z3 and Z4 of the inner weld are 
more sensitive to the size of the inner weld, and the 
change rate is significantly higher than that of the 
outer weld. When the size of D2H2 is about 3mm, 
the structural stress amplitude at Z4 and Z1 is 
similar, and the failure mode conversion occurs. The 
equivalent structural stress amplitude at the weld 
toe is significantly higher than that at the weld root. 
When other conditions remain unchanged, 
increasing the size of the inner weld will reduce the 
stress at the root of the inner and outer weld and 
the toe of the inner weld. When the size of the inner 
weld increases to a certain extent, the most 
unfavorable position of the roof weld will be 
converted from the toe of the outer weld to the toe 
of the inner weld. 

The inner weld can reduce the structural stress at 
the toe of the original single face weld, and the 
degree of reduction is directly proportional to the 
size of the inner weld. For the basic structure 
studied, the critical size is about 3mm. 

3.5 Weld size setting 

Based on the basic parameter analysis of deck 
thickness, internal and external weld size, 
penetration rate and diaphragm spacing, it can be 
seen that deck thickness and weld sizes have an 
evident impact on structural stress at the concerned 
position. The thickness of the deck has the greatest 
influence on structural stress, however, it will not 
change the fatigue failure mode. When the 
difference between the size of inner weld and the 
outer weld is too large, the fatigue failure mode will 
change. Based on the basic structure, the effects of 
different internal and external weld sizes on the 
fatigue performance of the details are studied to 
further determine the reasonable size of the weld. 
4mm, 6mm,8mm and 10mm for D1H1 and 1.5-5mm 
for D2H2 are selected respectively, taking the 
fatigue performance of double-side welded 
connection into account. 

As shown in Fig.13, similar to the results of basic 
parameter analysis, when the outer weld size D1H1 
is certain, with the increase of the inner weld size, 
the equivalent structural stress at Z1 shows an 
upward trend, but the range is relatively small, 
while the equivalent structural stress at Z2, Z3 and 
Z4 decreases significantly. The equivalent structural 
stress at Z1 is greatly affected by the external weld 
size D1H1 and declines with the increase of it, which 
is the main reason affecting the fatigue failure mode. 
When D1H1 is 4mm or 6mm, and D2H2 is 1.5mm, 
the equivalent structural stress at Z1 is still less than 
that at Z2, it can be considered that the change of 
fatigue failure mode will not occur, and the fatigue 
failure mode is the fatigue failure at outer weld toe. 
When D1H1 is 8mm, the fatigue failure mode 
transforms when D2H2 is about 3mm; When D1H1 
is 10mm, the fatigue failure mode changes when 
D2H2 is around 4.5mm. 

Thus, when the outer weld size D1H1 is less than 
6mm, the fatigue failure mode will not change in the 
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(a) D1H1-4mm (b) D1H1-6mm

(c) D1H1-10mm (d) D1H1-10mm

Fig.13 Critical conditions under different D1H1 

studied parameter range. Considering the double-
side welded structure, the inner weld size shall not 
be too small, thus there is a threshold 1.5mm in this 
research. When the external weld size D1H1 is 
higher than 6mm, the internal weld size D2H2 is not 
less than 3mm; and when the external weld size 
D1H1 should higher than 10mm, the internal weld 
size D2H2 should be not less than 4.5mm. 

4 Conclusion 
In this paper, a coupled shell-solid model with seven 
U-ribs is established through ABAQUS, the
concerned parts are finely simulated by shell to solid 
coupling method and DLOAD loading subroutine is
compiled to realize the moving loading of fatigue
vehicles. The fatigue characteristics of double-side
welded connection and single-side welded
connection are compared based on structural stress
method, and key parameters are analyzed. The
main conclusions are as follows:

(1) After introducing the inner weld, the equivalent
structural stress amplitude at the root of the original 
single-side welded connection decreases
significantly. The application of double-side welded
connection can change the fatigue failure mode of
OSD’s, and improve the fatigue resistance of the
structure to a certain extent.

(2) Compared with other parameters, the deck
thickness possesses the greatest influence on the
equivalent structural stress at the concerned
position, but it will not change the fatigue failure
mode. With the increase of the thickness of the deck 
of the bridge deck, the equivalent structural stress
of positions Z1 to Z4 show a decreasing trend, and
the decreasing range slows down gradually.

(3) The fatigue failure mode of a double-side welded 
connection is related to both the inner and outer
weld sizes and the outer weld size should be
controlled to a certain extent. The larger the outer
weld size, the more difficult to change the fatigue
failure mode. For the basic model, the critical size of
the outer weld is around 10mm, while the critical
size of inner weld is about 3mm.

(4) For 18mm thick deck, when the external weld
size is 4mm, 6mm, 8mm and 10mm, the internal
weld size shall not be less than 1.5mm, 1.5mm,
3mm and 4.5mm respectively.
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Abstract 
In order to investigate the fatigue crack propagation characteristic of the rib-to-deck joint consider-
ing welding residual stress, the finite element model of the orthotropic steel bridge deck was estab-
lished for the typical box girder of a cable-stayed bridge. Considering the effect coupled with the 
residual stress field, the initial crack and the fatigue load, the fatigue crack propagation at the rib-
to-deck joint was simulated based upon the extended finite element method (XFEM). The simulation 
result of the residual stress shows that there is a large residual tensile stress in the welding area of 
the rib-to-deck detail, and the peak value of the Von-Mises stress at the rib-to-deck joint close to 
the yield stress of Q345 material. The results of fatigue crack propagation behaviour display that the 
fatigue crack at the weld toe is led by mode I, which could keep in the plane during the crack prop-
agation. And the fatigue crack at the weld root is mix mode I-III crack led by mode I, which cannot 
keep in the plane during the crack propagation, but slightly deflection. 

Keywords: orthotropic steel bridge deck; rib to deck weld joint; numerical fracture simulation; XFEM; 
welding residual stress; fatigue crack. 

1 Introduction 
The orthotropic steel bridge deck is widespread ap-
plied in the large and medium span municipal and 
highway bridge construction due to its convenient 
construction, excellent mechanical properties, light 
weight, and beautiful appearance[1]. However, the 
fatigue problems of orthotropic steel bridge deck 
are remarkable[2,3],due to wheel load, many weld 
joints and several initial cracks[4]. Moreover, fa-
tigue cracks are prone to be growth at the weld 
joint of rib to deck, and difficult to be detected. And 
the crack has propagated a large length when it 
comes to be found. It has been one of the compli-
cated cracking modes in the structure of the ortho-
tropic steel bridge deck. Therefore, it is significant 

to research the fatigue problems at the welding 
joint of rib-to-deck. 

Fatigue tests were widely applied in the research of 
steel bridge fatigue problems and anti-fatigue de-
sign[5,6]. However, anti-fatigue design and steel 
bridge maintenance cannot be suited by Fatigue 
tests research due to its need of large man power 
and material resources. Hence, numerical simula-
tion based on fracture mechanics theory was ap-
plied in the fatigue research gradually. Zhu[7] made 
the 2D fatigue crack propagation simulation at U-
rib to deck joint of the Orthotropic Steel Bridge 
Deck. Liu[8] established the 3D finite element 
model of rib to deck of orthotropic steel bridge 
deck, and researched the fatigue crack propagation 
characters of this detail. The element near crack 
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propagation path calculated by regular finite ele-
ment method (FEM) must be remeshed. Therefore, 
XFEM begun to be applied in the crack propagation 
analysis. Bergara[9] simulated the fatigue crack 
propagation of four-point bending beams with 
semi-elliptical cracks used the extended finite ele-
ment method. Wang [2] established steel bridge fi-
nite element model to simulate fatigue crack prop-
agation and evaluated the reinforcement effect. 
Wang[10] made fatigue performance evaluation 
and cold reinforcement for old steel bridges by 
XFEM. Live load was considered only in many re-
search and weld residual stress was neglected. 
Some researchers[6] found that some details 
cracked under pressure-pressure cyclic stress be-
cause of large weld residual stress. Wei[11] simu-
lated the welding temperature field and residual 
stress field used finite element thermal-mechanical 
coupling analysis technology, and the distribution 
of welding residual stress field between U rib and 
plate of orthotropic steel bridge deck was obtained. 
Wang[12,13] made the simulation of crack propa-
gation under muti-stress-field effect-based frac-
ture mechanic and evaluated cold reinforcement.  

The typical orthotropic steel bridge deck was taken 
as the research object, 3D FEM model was estab-
lished in this paper, and the weld residual stress at 
rib to deck detail was calculated. Crack propagation 
was simulated at rib to deck detail based XFEM, and 
the crack propagation performance was analyzed 
considering the coupling effect of residual stress 
field, initial crack of small size and fatigue load. 

2 Engineering background and finite 
element model 

A cable-stayed bridge steel box girder was taken as 
the engineering background. The height of this 
girder is 3,5m, the width of transverse direction is 
37,2m. Q345qD was used in this steel bridge. Or-
thotropic steel bridge deck was applied in the box 
girder. As shown in Figure 1, the thickness of deck 
is 14mm; the longitudinal stiffener ribs adopt 
closed trapezoidal cross section with the section 
parameters of 300 mm × 280 mm × 8 mm and cen-
ter distance of 600 mm. This steel box girder is a 
fully welded structure, and the partial penetration 

fillet weld joints were used in of rib-to-deck details. 

Figure 1 Structural dimensions of steel bridge deck 
(Unit: mm) 

The muti-scale cable-stayed bridge finite element 
model was established. This model was mixed with 
truss elements, beam elements, shell elements and 
solid elements. The key position containing fatigue 
crack was simulated by solid elements. This part 
was embedded in the segment established by shell 
elements, the longitude length of this segment was 
32m. Main girders and tower were used in beam 
elements, and cables were used in truss element 
which were tied with shell elements as shown in 
Figure 2. 

Figure 2 Whole bridge finite element model 

3 Numerical simulation of residual 
stress 

The influence of residual stress on fatigue perfor-
mance at joint details cannot be neglected. Some 
researches by relevant scholars show that there ex-
ists large residual stress in rib-to deck details[6]. 
This paper established the rib-to-deck fatigue de-
tail finite element model for thermal analysis. And 
this laid the foundation for propagation simulation 
under multi-field stress coupling crack. 
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3.1 Finite element model 

Three-dimensional finite element model of thermal 
analysis was established to simulate the welding 
Process of joint of rib-to-deck. The joint of rib-to-
deck finite element model was shown in Figure 3. 
The horizontal dimension of deck is 300mm and the 
longitudinal dimension of deck is 200mm. 80 per-
centage Partial penetration fillet weld joint was ap-
plied in the rib-to-deck joint. Properties of steel 
materials refer to existing research results[14]. 

Figure 3 Finite element model of rib-to-deck joint 

3.2 Analysis of welding temperature field 

The welding process simulation is divided into two 
steps by thermal-stress sequential coupling 
method. In the first step, a thermal analysis model 
was established to simulate the arc heat transfer-
ring to the weld joint. In the second step, residual 
stress was calculated based the thermal analysis to 
simulate welding thermal stress. And the thermo-
physical and thermodynamic parameters of Q345 
are shown in Figure 4. 
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Figure 4 Material properties of Q345 

The initial environmental temperature was set to 
20 °C, the absolute zero was – 273,15 °C, and the 
Stefan-Boltzmann constant was 5,67 × 10−8W ∙
m−2 ∙ K−4. CO2 gas-shielded welding is adopted in rib-
to-deck welding.  

In order to realize the dynamic simulation of tem-
perature filed, double ellipsoidal heat source 
model was adopted[15], and Fortran language was 
used to compile program to apply moving heat 
source load. The heat source parameters could be 
inputted like: thermal energy, moving speed, and 
time. The thermal parameters can be seen at Table 
1. 

Table 1 Parameters of weld heat source model 

parameters value unit 
melting width  10 mm 
penetration depth 18 mm 
Front axle length  3 mm 
back axle length 5 mm 
coefficient  𝑓𝑓𝑓𝑓 0,6 
coefficient  𝑓𝑓𝑟𝑟 1,4 
Welding speed 5 mm/s 
Voltage 35 V 
Current 350 A 
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In the welding process, electric energy was con-
verted into heat energy Q by arc, and the heat 
would be transferred to base metal and welding 
materials The local temperature of the weld joint 
raised rapidly to the melting point 1400 ℃ of the 
welding material. The section temperature field 
distribution during the welding process was shown 
in Figure 5. In the figure, the temperature of the 
grey part was higher than 1400 °C, and the grey 
part will melt during the welding process. The con-
tour of the molten pool was slightly larger than the 
weld shape. 

Figure 5 Temperature field distribution in welding 
process of the rib-to-deck joint (unit: °C) 

3.3 Welding residual stress analysis 

Welding residual stress could be calculated by ther-
mal-stress coupling based welding thermal field. 
Welding material and welding base metal was ex-
pansion and then shrinking because of tempera-
ture variation. Welding residual stress was gener-
ated caused by deformation restrained. Von Mises 
stress values around the welding joint were large, 
and the largest value of Mises stress was close to 
345MPa which was the yield stress of Q345 mate-
rial ass shown in Figure 6. 

Figure 6 Mises stress cloud after welding (Unit: Pa) 

1 / 2 section of welding part was selected, the hor-
izontal and longitudinal residual stress distribution 

curve of deck and rib along the plate thickness di-
rection was drawn as shown in the Figure 7. The 
horizonal and longitudinal residual stress values of 
the deck changed violently within the transverse 
range of about 80mm at the weld joint. The maxi-
mum of horizonal stress was 160MPa and the max-
imum of longitudinal stress exceeded 345MPa. The 
fatigue crack of the welding joint detail between 
the rib and the deck was generally initiated at the 
weld root or weld toe of the deck, and was propa-
gated along the thickness direction of the deck. Af-
ter penetrating the top plate, it propagated along 
the weld direction. Therefore, the horizonal resid-
ual stress of the deck has a great impact on the fa-
tigue performance of the detail. 

Figure 7 Residual stress distribution at deck 

4 Static Numerical Analysis of Fa-
tigue Crack References considering 
residual stress 

4.1 Typical fatigue cracks in rib-to-deck de-
tail 

There exist two typical fatigue cracks in the rib-to-
deck detail which are cracks initiated on welding 
toe of deck, and cracks initialed on welding root of 
deck, as shown in Figure 8. Semi-elliptical shape 
was applied in this paper simulated the initial fa-
tigue crack. The crack size is 𝑎𝑎0/𝑐𝑐0 = 0,5/1mm, 
where 𝑎𝑎0 is the length of ellipse semi-minor axis, 
and 𝑐𝑐0 is the length of elliptic long half axis. 
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Figure 8 Typical fatigue cracks in the rib-to-deck 
detail 

4.2 Mobile loading condition 

Fatigue load model III in the specifications for de-
sign of highway steel bridge[16] was applied as the 
loading vehicle, and the axle load and distribution 
were shown in Figure 9. 
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Figure 9 Fatigue load model III（Unit: m） 

Fatigue load position could be changed by applying 
Fortran programming. Longitudinal moving loading 

Figure 10 (a) Horizontal loading position (b)Longitude loading position 

of fatigue loading vehicle was carried out in the nu-
merical simulation, and axle load was converted to 
equivalent surface load. Single wheel loading area 
was 0,12m2 and the single wheel equivalent sur-
face load was 0,5MPa. 9 longitude vehicle lanes per 
150mm were set as shown in Figure 10(a), and they 
were named as HLC1 to HLC9 respectively Three 
vehicle velocities were set per lane. They were 
150mm/s, 50mm/s and 10mm/s at far from crack 
regions, transition regions and concerning regions 
respectively as shown in Figure 10(b). 

4.3 Analysis of stress intensity factor con-
sidering residual stress 

After considering residual stress, fracture mechan-
ics FEM analysis of 2 typical cracks in the rib-to-
deck detail was set by fatigue loading vehicle. And 
stress intensity factor at crack tips were calculated 
under Interaction Integral Method. Stress intensity 
factors of mode I, mode II and mode III crack were 
calculated by software of FEM. The stress intensity 

factors analysis of mode I crack named 𝐾𝐾I was ap-
plied in this paper, because mode I crack was the 
main type of crack at the initial stage of crack prop-
agation. Linear Elastic Fracture Mechanics Stress 
Intensity Factor Criterion Δ𝐾𝐾 ≥ Δ𝐾𝐾𝑡𝑡h  was applied 
as the initial crack propagation criterion. If stress 
intensity factor amplitude Δ𝐾𝐾  at crack tip was 
larger than Δ𝐾𝐾𝑡𝑡h, the crack would grow. 

The initial typical crack shape of rib-to-deck detail 
at deck side weld root and weld toe was ellipse. Its 
short side was along the thickness direction of deck. 
deck side weld root and deck side weld toe. 𝐾𝐾I  

influence lines along the thickness direction of deck 
at deck side weld root and deck side weld toe under 
coupling stress of welding residual stress and fa-
tigue vehicle load were shown in Figure 11(a) and 
Figure 11(b)respectively. Stress intensity factor am-
plitudes Δ𝐾𝐾  at two position were all the largest 
when wheels were Directly above the crack. 
Fatigue crack propagation threshold Δ𝐾𝐾𝑡𝑡h in weld 
influenical zone was63MP𝑎𝑎 ∙ mm0,5recommanded 
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in BS7910[17]. The stress intensity factor 
amplitudes were 94,4MP𝑎𝑎 ∙ mm0,5 and 73,8MP𝑎𝑎 ∙
mm0,5  respectively at weld toe and weld root. 
Therefore, fatigue crack driving force was enough 
at deck side weld toe and weld root considering 
effect of coupling fatigue vehicle load and residual 
stress. 

0 2000 4000 6000 8000 10000 12000 14000 16000

20

40

60

80

St
re

ss
 in

te
ns

ity
 fa

ct
or

 (U
ni

t:M
Pa

/m
m

0.
5 )

Position of front wheel(Unit:mm)

 HLC1
 HLC2
 HLC3
 HLC4
 HLC5
 HLC6
 HLC7
 HLC8
 HLC9

0 2000 4000 6000 8000 10000 12000 14000 16000

20

40

60

80

St
re

ss
 in

te
ns

ity
 fa

ct
or

 (U
ni

t:M
Pa

/m
m

0.
5 )

Position of front wheel(Unit:mm)

 HLC1
 HLC2
 HLC3
 HLC4
 HLC5
 HLC6
 HLC7
 HLC8
 HLC9

 (a) 

0 2000 4000 6000 8000 10000 12000 14000 16000
20

40

60

80

100

120

140

St
re

ss
 in

te
ns

ity
 fa

ct
or

 (U
ni

t:M
Pa

/m
m

0.
5 )

Position of front wheel(Unit:mm)

 HLC1
 HLC2
 HLC3
 HLC4
 HLC5
 HLC6
 HLC7
 HLC8
 HLC9

0 2000 4000 6000 8000 10000 12000 14000 16000
20

40

60

80

100

120

140

St
re

ss
 in

te
ns

ity
 fa

ct
or

 (U
ni

t:M
Pa

/m
m

0.
5 )

Position of front wheel(Unit:mm)

 HLC1
 HLC2
 HLC3
 HLC4
 HLC5
 HLC6
 HLC7
 HLC8
 HLC9

      (b) 

Figure 11 (a) SIF at weld root (b) SIF at weld toe 

5 The Analysis of crack dynamic prop-
agation  
Extend finite element method was applied as the 
calculation tool, and crack dynamic propagation 
was accomplished based linear elastic fracture me-
chanics theory. 

There are three fracture modes of metal, and two 
or three mix fracture mode are common in real en-
gineering. Therefore, it is necessary to apply frac-
ture criterion considering three fracture mode. 
Mixed-mode fracture criterion is indicated in 
Zhao’s achievement[18], which is expressed as: 

 �𝛥𝛥𝐾𝐾𝐼𝐼
𝛥𝛥𝐾𝐾th

�
2

+ 1,9 �𝛥𝛥𝐾𝐾II
𝛥𝛥𝐾𝐾th

�
2

+ 2,1 �𝛥𝛥𝐾𝐾III
𝛥𝛥𝐾𝐾th

�
2

= 1,0     (1) 

where 𝛥𝛥𝐾𝐾𝐼𝐼, 𝛥𝛥𝐾𝐾II and 𝛥𝛥𝐾𝐾III stand for the SIF ampli-
tudes of Mode I, II and III cracks, respectively.  

According to the relationship between energy re-
lease rate G and stress intensity factor K, mixed-
mode fracture criteria can be expressed in the form 
of energy release rate: 

𝐺𝐺𝐼𝐼
𝐺𝐺th

+ 1,9 𝐺𝐺II
𝐺𝐺th

+ 2,1 𝐺𝐺III
𝐺𝐺th

= 1.0   (2) 

where GI, GII and GIII stand for the strain energy 
release rate of Mode I, II and III cracks; Gth= the 
threshold of energy release rate. the relationship of 
the strain release rate G and the stress intensity 
factor K is shown in Eq (3). 

𝐺𝐺𝐼𝐼 = �
𝐾𝐾𝐼𝐼
2

𝐸𝐸
   (Plane stress)

�1−𝜈𝜈2�𝐾𝐾𝐼𝐼
2

𝐸𝐸
   (Plane strain)

 (3)   

where E = the elastic modulus of the material; ν = 
the Poisson's ratio. 

Based on fracture mechanics, Paris formula for the 
expression of crack propagation is presented in Eq. 
(5)[19]. 

𝑑𝑑𝑑𝑑
𝑑𝑑𝑑𝑑

= 𝐶𝐶 ⋅ 𝛥𝛥𝐾𝐾𝑚𝑚      (4) 

where C, m are material constants; a = crack 
length; N = loading cycles. When simulating fa-
tigue crack propagation under iterative action of 
cyclic loading, the Paris formula in this paper was 
expressed as following: 

𝑑𝑑𝑑𝑑
𝑑𝑑𝑑𝑑

= 𝑐𝑐1Δ𝐺𝐺𝑐𝑐2         (5) 

where c1, c2 are material parameters; ΔG = strain 
energy release rate amplitude. And the strain en-
ergy release rate is calculated using virtual crack 
closure method (VCCT). If Gth<ΔG (Gth=the thresh-
old value of energy release rate), the crack began 
to grow. And the number of loading cycle could be 
calculated by Eq(5).  

At the same time, the discontinuity part was de-
scribed by the level set method, which was inde-
pendent of the finite element mesh, and thus the 
remeshing was avoided. 

5.1 Crack propagation simulation at weld toe 

Initial crack size of rib-to-deck joint weld toe was 
set as a0/2c0=0,5mm/2mm. The propagation be-
havior of crack planes at deck weld toe was dis-
played in Figure 12. The crack propagated along the 
weld direction. And the crack size propagated to 

2026



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

a/2c=4mm/12mm after 3 million cyclic loading. The 
long and short axial ratio of semi-elliptic cracks, 
a/2c, therefore continued to change in its propaga-
tion process, but semi-elliptical shape was gener-
ally unchanged. The crack in the propagation direc-
tion kept in the plane. 

Figure 12 Fatigue crack propagation in weld toe of 
deck plate: (a) initial stage; (c) 1,5 million cycles; 

(c) 2 million cycles; (d) 3,2 million cycles.

The cumulative strain energy release rate GI, GII, 
and GIII was shown in Figure 13. At the propagation 
process, GI reached to 58 N /mm, GII, and GIII 
reached to 4,0 N/mm and 4,8 N/mm respectively. 
This was shown that the influence of mode II and III 
cracks was little in the crack propagation, and fa-
tigue crack mode was always led by mode I. 

0 50 100 150 200 250 300

10

20

30

40

50

60

St
ra

in
 e

ne
rg

y 
re

le
as

e 
ra

te
(N

/m
m

)

Cycle number (104)

 Crack of Mode I
 Crack of Mode II
 Crack of Mode III

0 50 100 150 200 250 300

10

20

30

40

50

60

St
ra

in
 e

ne
rg

y 
re

le
as

e 
ra

te
(N

/m
m

)

Cycle number (104)

 Crack of Mode I
 Crack of Mode II
 Crack of Mode III

Figure 13 The cumulative strain energy release 
rate of cracks propagation in weld toe of deck  

5.2 Crack propagation simulation at weld 
root 

Initial crack size of rib-to-deck joint weld root was 
set as a0/2c0=0.5mm/2mm. The propagation be-
haviour of crack planes in deck weld toe was shown 
in Figure 12. The crack propagated along the weld 
direction, and the crack in rib weld toe grew to 
a/2c=4mm/12mm after 3 million cyclic loading. The 

crack in the propagation direction did not keep in 
the plane, but slightly deflection. 

Figure 14 Fatigue crack propagation in weld toe of 
deck plate: (a) initial stage; (c) 1,5 million cycles; 

(c) 2 million cycles; (d) 3,2 million cycles.

The cumulative strain energy release rate GI, GII, 
and GIII was shown in Figure 15. At the propagation 
process, GI reached to 114,5 N/mm, GII, and GIII 
reached to 22,3 N/mm and 7,9 N/mm respectively. 
This was shown that the mode III cracks in the crack 
propagation cannot be neglected, and fatigue crack 
mode has been changed to I- III mix-mode crack 
from main I mode crack. 
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Figure 15 The cumulative strain energy release 
rate of cracks propagation in weld root of deck 

6 Calculation 
Numerical models were built to simulate the weld-
ing process of fatigue vulnerable details. In this pa-
per. The properties analysis of fatigue crack propa-
gation properties considering the residual welding 
stress was set. 

1. The welding process analysis was shown that
there existed large residual stress at rib-to-deck de-
tail. Von-Mises residual stress reached to the men-
tal yield stress of Q345. Hence, the residual stress
of rib-to-deck detail could not be neglected.
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2. fatigue load mode III in the specifications for de-
sign of highway steel bridge was used as the fatigue 
loading vehicle under 9 transverse working condi-
tions. The stress intensity factor amplitude reached 
to the threshold of crack growth considering resid-
ual stress.

3. The crack at the joint toe of the rib-to-deck was
led by mode I, while the influence of mode II and
mode III was little. And the crack will keep in plane
at the crack propagation. The crack at the joint root
of the rib-to-deck was mix mode I-III crack led by
mode I. Due to the existence of mode III, the prop-
agation can not be maintained in the plane, but
would deflect slightly. Therefore, the influence of
mode III crack can not be ignored in the crack prop-
agation analysis.
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Abstract 
After the extreme weather events of 2015 and 2017 in the north of Chile involving heavy rain and 
debris flood, the Ministry of Public Works launched a Risk assessment program on road 
infrastructure in order to reduce the risk and provide a list of structures in the national network that 
could be affected by natural hazards. From 2015 to 2019, GRDR methodology was proposed 
considering the identification of the damage index (vulnerability) and the frequent natural and 
made-man hazard (debris flood, flood, fire, among other) applied on tunnels, bridges and other road 
structures. The GRDR was applied as complement of the current inspections and studies of 
probabilistic method to identify the hazards. From 2019 a collaboration between MOP and Pontificia 
Universidad Católica de Valparaíso updated the GRDR methodology including automatization of the 
acquisition data, review of the algorithm of weight and the study of specific natural hazards. Within 
this framework, it was determined that the Valparaíso Region of Chile would be the pilot plan in 
order to apply and calibrate the updated GRDR. This paper presents the results of the application 
and calibration of the GRDR on two critical roads of Valparaíso Region. An analysis of the inspection 
using UAV, Thermal camera, GRDR platform among other is carried out. The results of the 
methodology implemented on Las Palmas Tunnel, Pudehue Bridge (Road Bridge converted from 
railway structure) and structures in Quebrada Alvarado (gorges) are presented. Also, final comments 
to improve the GRDR are carried out. 

Keywords: bridge; tunnels; inspection; climate change. 

1 Introduction 
At present, there are around 7,000 bridges in Chile 
and over 85,000 km of routes providing continuity 
to the roadway network. Due to the geography of 
the country, any collapse in the road network 

connectivity results in a critical situation affecting 
the commercial system, the social and human 
development if towns become cut off. 

Hence, a system monitoring the actual condition of 
the structures is of the essence to provide an early 
response (maintenance), and also to be aware of 
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the possible threats to which structures are 
exposed due to natural hazards (earthquakes, fires, 
etc.), considering the climate change. 

In this regard, Pontificia Universidad Católica de 
Valparaíso (PUCV) and the Ministry of Public Works 
(MOP), have worked on a road infrastructure asset 
management project aimed at 'developing a 
monitoring and early warning system of resilient 
fixed connectivity infrastructure adaptable to 
climate change' [3][4][6] by applying a dynamic 
algorithm and using the present MOP’s 
infrastructure management. The algorithm 
calculates the index to prioritize the risk response 
which is related to the potential vulnerability, thus 
allowing to take mitigation or prevention measures. 

This work consisted of gathering data on seismic 
monitoring, structural pathologies (detected 
during visual inspection), and non-destructive 
assays, which allowed us to have structure 
vulnerability and threat parameters. 

The methodology of Disaster Risk Managements at 
a Regional Level (GRDR) has been determined by 
The South American Council of Infrastructure and 
Planning (COSIPLAN), which is part of the Union of 
South American Nations UNASUR [5]. 

This methodology involves implementing technical 
data sheets in the structural inspections (bridges, 
roadways, etc.), to obtain the damage and 
vulnerability indexes [1] to take the pertinent 
action steps [2],[6]. 

The methodology is divided into two stages. 

– Stage A: Risk Assessment.

– Stage B: Mitigation Measures.

Stage A consists of four steps.

– Phase 1: “Identification of the defective
component of materials under operating loads
(damage index.)”.

– Phase 2: “Analysis of the pathology on the basis
of the concept of the overall structure under
service load (the concepts of vulnerability –
redundancy) and the analysis of the effects of
locating the structural damage”.

– Phase 3: “The result of phase 2 is analyzed on the
basis of one extreme event at a time (earthquake
or tsunami)”.

– Phase 4: “The structure is analyzed on the basis
of extreme load combinations (e.g., earthquake
and tsunami)”.

Stage A comprises micro- and macrostructural 
examinations. 

– Microstructural examination: it comprises phase
1 and 2 in order to identify any structural pathology,
and level of deterioration, which depends on the
description of the pathology. Survey sheets
(manual) are used to check the severity of the
pathology of the structure to reduce the
subjectivity of the expert professional in charge of
this task, where severity is classified into slight,
moderate, severe or extensive, into four levels: 1,
2, 3, 4, respectively [4].

– Macrostructural examination: it comprises phase
3 and 4 in order to identify the potential threats to
the structure, such as earthquake, fire, tsunami,
etc., which are related to the location of the
structure. Consequently, besides inspecting the
structure, the inspector will consider the
conditions surrounding it.

In order to obtain the threat index using the sheets, 
first, the threat must be identified, then historical 
events related to this threat must be examined, the 
characteristics of the study area must be gathered, 
the meteorological conditions must be identified 
and, finally, this particular threat must be assessed. 
This, in accordance with categorization, 
parameters and measurement criteria, will yield an 
index related to a description indicating no 
exposure, low exposure, medium exposure and 
high exposure, levels of which are 0, 1, 2, 3, 
respectively [4]. 

This paper presents the analysis of case studies 
used for the transfer of GRDR methodology, 
focused on aspects such as vulnerabilities and/or 
threats, applied to the damage assessment 
(vulnerabilities) that might affect the road network, 
from the CORFO project to the MOP.  

Likewise, aspects to implement a proposal for the 
maintenance of bridges in Chile through the 
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continuous monitoring of structures are 
established.  

Also, the scope of this study comprises: 

• Review, study and analysis of the background
information provided by the principal and
obtained by the MOP.

• Visual inspection and the application of the
method to the road network under study, by
identifying the structural and non-structural
pathologies and the corresponding threats.

• Indexes assessment on phases 1, 2 and 3,
applying the GRDR methodology.

2 General Activities 

2.1 TOOLS AND WORK TEAMS 

In order to collect data in a proper manner, for each 
visit, the qualified professionals should attend and 
tools should be set, namely: 

• Bridges and roads Survey Sheet of G.R.D.R

• Threat Sheets of G.R.D.R in software.

• Team of professionals with different profiles.

• Drone equipment, thermal camera and lidar.

2.2 SURVEY PROTOCOL 

The survey protocol consists of the following stages: 

• Providing the surveyors with tablets containing
all the sheets required and the description of
each structure.

• Informing the time frame to collect the data
and take pictures.

• Performing a photographic record of the
survey. Implementing and using the support
technological equipment (drone, Lidar)

• Filling in the sheets in situ and at the studies
office.

• Meeting with the work team to discuss about
the sheets used and the threads that had not
been considered but that were found.

2.3 PROFESSIONAL TEAM WHO WILL 
CONDUCT THE SURVEY 

In order to conduct a proper survey in situ it is of 
the essence to have a professional team with the 
required capabilities to face the structures 
established in the pilot plan. For this reason, this 
pilot plan should consist of: 

• Professionals (surveyors) of the MOP

• Professors of the Pontificia Universidad
Católica De Valparaíso

Figure 1. Tablet-based inspection. 

3 Case Study 1: Small structures 

The stretches to be surveyed are: Stretch 1, Area: 
Til Til Slope / Quebrada Alvarado (V Region). 
Including area of Lo Castro 2 Bridge in Los Maqui 
Estuary. 

The structures to be surveyed are: 

• Lo Castro 2 Bridge
• Related strcutures

The total length is approx. 0.0108 km, Lo Castro 2 
Bridge area. 

Stretch 2, Area: Los Maqui Estuary / Quebrada 
Alvarado (V Region). Includes area of Las Rosas 
Bridge in Los Maqui Estuary. 

The structures to be surveyed are: 

• Las Rosas Bridge.
• Related structures

The total length is approx. 0.011 km, Las Rosas 
Bridge area. 
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Stretch 3, Area: Los Maqui Estuary / Quebrada 
Alvarado (V Region). Includes area at La Aguada 
Bridge in Los Maqui Estuary. 

The structures to be surveyed are: 

• La Aguada Bridge.
• Related structures

The total length is approx. 0.011 km, La Aguada 
Bridge area. 

From the three stretches, Stretch 1 is presented 
here, as it was observed that all the bridges 
analyzed in this route are under landslide, forest 
fire, flood and earthquake hazard. 

3.1 DESCRIPTION OF STRETCH 1 

The main structure is Lo Castro 2 Bridge, opened in 
2020. 

To date, the bridge is open with no restrictions. 

3.1.1 DESCRIPTION OF THE STRUCTURE 

The bridge has a total length of 10.8 m and is made 
up by 2 side stretches of 6 m each. It has two lanes 
in opposite directions, and a pedestrian sidewalk 1 
m wide. The structure’s total width is 7.8 m. 

The infrastructure is made up just by two 
reinforced concrete abutments, which is consistent 
with the type of solid wall structure, type 
foundation of which is unknown. The front wall can 
be observed in both abutments.  

Figure 2. View of the abutment –Lo Castro 2 
Bridge. 

Figure 3.  Front view of the abutment –Lo Castro 2 
Bridge. 

The bridge deck is made up by just one reinforced 
concrete slab 45 cm wide, which is supported by 
both abutments.  

Figure 4. View underneath the deck. 

4 CASE STUDY 2: Bridge and Tunnel 
The route to be surveyed includes the Regional 
Limit – Pedegua area, route E-37-D.  

The structures to be surveyed are: 

• Pedegua Bridge
• Las Palmas Tunnel
• Related structures

The total length is approx. 1.265 km, at the 
Pedegua Bridge and Las Palmas Tunnel area, route 
Illapel- Tilama. 
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4.1 Pedegua Bridge 

According to the available background information, 
Pedegua Bridge was built in 2000. To date, this 
bridge is open and with no restrictions. 

4.1.1 DESCRIPTION OF THE STRUCTURE 

The total length of the bridge is 285.4 m and is 
made up by a carriageway 3.2 m wide and two 
sidewalks 0.37 m wide each, which is equivalent to 
3.94 m. It was originally used as a railway bridge, 
but then as a roadway bridge. Also, some of the 
spans of the truss bridge collapsed, turning it into a 
bridge with a steel girders system. 

This is a six-span infrastructure with five piers, and 
reinforced concrete elements, foundation system 
of which is unknown.  

The piers are made up by solid reinforced concrete 
walls with articulated supports securing the steel 
girders.  

Figure 5. Pedegua Bridge piles. 

It is worth noting that there is no information of the 
abutments in the blueprints. 

The bridge’s deck is made up by a reinforced 
concrete slab 27 cm thick and has two steel girders 
which have crosswise horizontal and vertical 
bracings of the same material and simple 
stiffeners.  

The deck’s platform is made up by a lane of 3.2 m 
wide and has transversal pumping both sides. 

There are metal guardrails to both sides of the deck. 

4.1.2 PATHOLOGIES OBSERVED AND SEVERITY 
LEVELS 

Figure 6. Loss of the protective treatment and 
guardrails oxidized. 

The road safety system is made up by metal 
guardrails anchored to the cantilever. The 
condition of the elements is altered since a high 
percentage of the guardrails are corroded.  

The structure is made up by five piers, which have 
evidence of having been tampered with by third 
parties and abundant organic material at the base, 
so we can state that there is lack of maintenance. 
Likewise, there are pathologies such as corrosion, 
efflorescence, cracks and moisture given the 
environment surrounding the structure.  

Figure 7. Structure piles - 1. 

Regarding the two longitudinal steel girders of the 
structure, both are corroded at different levels and 
have a critical severity level in the entire structure. 
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Figure 8. Longitudinal steel girder – Corrosion that 
has been classified as critical. 

On the entire reinforced concrete cantilever 
efflorescence stains are observed and can be 
classified as critical. It has a reinforced concrete 
slab which has slight transversal cracks, moisture 
and pathologies that can be related to the possible 
efflorescence in different parts. 

Figure 9. Slab - Fissures 

Regarding the drainage system, some weep holes 
with efflorescence around them are observed, 
which might indicate deterioration and that they 
do not fulfill their function. 

Figure 10. Weep holes – loss of material 

4.2 Las Palmas Tunnel 

According the background information, the tunnel 
was built in 1910. It has no load restriction, only 
passage restriction since it has only one lane in 
opposite directions 

4.2.1 DESCRIPTION OF THE STRUCTURE 

This is a horseshoe-shaped tunnel with a total 
length of 980[m], a working width of 3.4[m] and a 
vertical clearance gauge of 5.0[m]. Las Palmas 
Tunnel has only one lane, in opposite directions 
and a small one-sided drain gutter. 

The structure is made up by a horseshoe segment 
tunnel concrete material and masonry.  

Figure 10. Access Portal 
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Figure 11 Transversal segment 

The specific characteristics of the material used in 
the tunnel are unknown. 

4.2.2 PATHOLOGIES OBSERVED AND SEVERITY 
LEVELS 

In accordance with the information reviewed at the 
studies office and the visual inspections, the 
following is a summary of the works carried out to 
the bridge by different entities: 

Longitudinal and transversal fissures and cracks 
sealed with patches in the reinforced concrete 
pavement. 

No convergence problems are observed. 

The problem of road safety is highlighted, although 
there are informative and restrictive signals and 
traffic lights, without important deficiencies. 

The horizontal signage inside the structure is made 
up by dividing lines and raised reflective markings 
by the sides. Regarding the former, they are slightly 
blurred. 

The surface of the structure made up by concrete 
pavement has several pathologies. A slight 
contamination by oils and waxes is observed, as 
well as severe cracks and slightly worn patches on 
cracks.  

Regarding the arch structure at the beginning of 
the tunnel and the general inner lining of masonry 
a transversal wear and tear is observed, both in the 
inner and external area, with different types of 
severities, from slight to critical, depending on the 
area that is being assessed. Also, moisture and 

efflorescence stains, at different severity levels, are 
observed. 

Figure 12. Inner lining of the tunnel 

Regarding the drainage system, there is a concrete 
pipe at the entrance of the tunnel from Valparaíso 
Region, which evidences a severe garbage, plant 
and material accumulation which, in the case of 
rainfall or possible flood, might negatively affect 
the area due to obstructions, making it hard for the 
water to drain outside the structure.  

 Likewise, at the time of the survey, a boulder was 
obstructing the gutter in the tunnel used to drain 
the water that might accumulate. 

By applying the GRDR methodology to the three 
type of structures, we can draw the following 
conclusions regarding the implementation of 
indexes of performance. This is a relevant 
information that should be considered in each 
survey. 

Phases 1 and 2 require: 

Conduct the inspections in great detail and order, 
both regarding the photograph records of the 
entire structure (together with the use of the tablet 
and software) as well as the storage, so as to have 
accuracy of all the aspects observed in situ at the 
time of working at the study office. The use of Twin 
Model is an option. It has also been observed that 
pathologies are due to the service life of all the 
structures, including pathologies in design and in 
building processes, such as lost formworks, poor 
concrete integrity, excessively long weep holes, 
and also the damage due to ageing of the structure. 
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Phase 3 

Regarding the identification sheet, more 
background information on basic services, 
equipment and in situ revision of non-identified 
natural or man hazards is required. 

Regarding the Landslide Sheet, information and 
indexes on the soil composition (type of soil, 
mechanical properties–Cohesion, angle of friction, 
deformation, compressive strength, granulometry, 
Atterberg limits, moisture content, permeability) 
are required. Determine the type of slope, slope 
height, distance from the slope to the studied 
structure, review the type of cover, the quality of 
the artificial slope, determine degree of exposition, 
determine the phreatic level. 

Regarding the flood sheet, information on external 
exposition (presence of drinking water pipes or 
waste water pipes and their condition) is required.  

Finally, the Earthquake Information Sheet, analysis 
on the proximity to faults, topographic 
amplification and seismic classification of the soil 
should be conducted. 

5 Final Comments 
The successful GRDR methodology has been 
applied to three different types of structures, 
namely, small structures, bridges and tunnels, 
which has allowed the integral review of the 
network system regarding both vulnerability 
(structural and functional performance index), as 
well as threats/hazards. 

It is worth mentioning that an important amount of 
information is required to apply the GRDR 
methodology. Even so, this allows to have a 
significant detail of the present condition of each of 
the structures analyzed, for which reason its 
correct application and development should be 
scheduled in advance and within reasonable 
deadlines.  

Consequently, at present, by previously training 
professionals, a transfer program to the MOP, Chile, 
is developed.   

Finally, the implementation of monitoring 
platforms and instrumentation both structural as 
well as free field that will allow render more 
information to set the performance and hazard 

indexes are proposed as future lines of 
investigation. 
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Abstract: 
In order to study the effect of environmental variables on the chloride concentration on the concrete 
surface under the action of drying and wetting cycles. Firstly, the influence of environmental 
variables such as monthly average temperature, monthly sunshine duration, and monthly rainfall on 
the dry-wet time ratio in Haikou and Wenchang was analyzed, and the dry-wet cycle mechanism of 
the Puqian Bridge was established. Then, according to the dry-wetting cycle mechanism, the 
influence of multiple factors on the distribution of chloride concentration on the surface was 
discussed, and a model of the chloride concentration distribution on the surface of unsaturated 
concrete under the action of multiple factors was established. Finally, the distribution model is 
compared with the experimental data in the literature to verify the rationality of the distribution 
model. 

Keywords: environmental variables; concrete; surface chloride concentration; dry-wet time ratio. 

1 Introduction 

During the service period of seaside concrete 
structures, the corrosion of steel bars, concrete 
cracks and other durability deterioration 
phenomena occur. The main reason for this 
phenomenon is the penetration of chloride ions, 
which causes passivation of steel bars and leads to 
corrosion of steel bars [1].  

Since the chloride concentration gradient between 
the concrete surface and the interior is the main 
driving force for the transfer of chloride ions from 
the externally exposed environment to the interior 
of the concrete. Therefore, it is great significance to 

study the chloride concentration model of coastal 
concrete surface. Yang et al. [2] established a multi-
factor model of chloride concentration on concrete 
surfaces in oceanic atmospheric regions based on 
two-stage multiple linear regression analysis. 
Akiyama et al. [3] established an empirical model for 
the distribution of chloride concentration on the 
concrete surface under multi-factor conditions 
based on field data. For the seaside concrete 
structure in the gradual wave area, due to the 
characteristics of alternating dry and wet in the 
gradual wave area, it naturally becomes the most 
serious area of harmful medium erosion, which 
seriously threatens the safety of the structure. 
Therefore, it is necessary to analyze the distribution 
law of chloride concentration on the surface of 
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concrete structures under the condition of 
alternating dry and wet environment. At present, 
the determination of the dry-wet alternation time 
ratio of seaside concrete structures was based on a 
shorter time [4], or less factors are considered [5]. 
The established dry-wet alternation time ratio 
model needs to be discussed. The alternation time 
ratio is the key to study the distribution of chloride 
concentration on the surface.  

In this paper, the Puqian Bridge is taken as an 
example to analyze the influence of temperature, 
sunshine time, and other environmental variables 
on the dry-wet time ratio of the Puqian Bridge in 
Haikou and Wenchang for many years, and 
establishes the dry-wet cycle mechanism of Puqian 
Bridge. Then, considering the key factors such as 
temperature, relative humidity and dry-wet time 
ratio, a multi-factor model of chloride concentration 
on the surface under the condition of alternating dry 
and wet conditions was constructed. Finally, the 
chloride concentration on the surface of the bridge 
before paving is predicted. 

2 Establish a dry-wet time ratio 

The environmental variables such as monthly 
average temperature, monthly relative humidity, 
monthly wind speed, monthly rainfall and monthly 
sunshine duration in Wenchang and Haikou from 
January 1981 to December 2020 were calculated. 
The monthly rainfall and the monthly rainfall time 
are used as the basis to analyze the distribution 
characteristics of the drying and wetting time of the 
concrete surface of the Puqian Bridge. 

2.1 Distribution of environmental variables 
in Haikou and Wenchang 

Figure 1 describes the monthly average temperature, 
monthly relative humidity, monthly average wind 
speed, monthly rainfall and monthly sunshine time 
distribution in Haikou and Wenchang. It can be 
indicated from Figure 1 that there were small 

differences in monthly relative humidity, monthly 
average temperature and monthly sunshine time 
between Haikou and Wenchang, while there were 
big differences in monthly rainfall and monthly 
average wind speed. 

a)Monthly rainfall(mm)

b)Monthly relative humidity

c)Monthly average temperature(℃)
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d)Monthly average wind speed(m/s)

e)Monthly sunshine time

Figure1 Monthly distribution of environmental 
variables in Haikou and Wenchang 

2.2 The SPEI value to characterize wet and 
dry state 

For the dry and wet state, the standardized 
precipitation evaporation index (SPEI) is often used 
to characterize the surface dry and wet changes. 
This index has the characteristics of simple 
calculation and wide application range [6,7]. This 
study mainly analyzes the SPEI of one month time 
scale, because the drought index of one month time 
scale can clearly reflect the subtle changes of 
drought and flood [8]. The SPEI index is divided into 
drought frequency and drought degree according to 
Table 1. 

Table 1 The SPEI drought grading and cumulative 
probability 

Extreme 
drought 

Moderate 
drought 

Mild 
drought 

Normal 

SPEI <-2 <-1 <-0.5 -0.5~0.5
Cumulative 

probability/% 
2.28 15.87 30.87 50

According to the calculation method of SPEI in 
references [7,8], combined with monthly 
precipitation, monthly average temperature and 
monthly sunshine hours in Haikou and Wenchang in 
Figure 2, the SPEI and cumulative probability of 
Haikou and Wenchang in each month can be 
obtained as shown in Table 2. 

Table 2 The SPEI drought grading and cumulative 
probability 

Month 

Haikou Wenchang 

SPEI 
Cumulative 

probability/% 
SPEI 

Cumulative 
probability /% 

1 -0.70 75.88 -0.11 54.27 
2 -0.07 52.63 -0.04 51.66 
3 -0.13 55.07 -0.08 53.14 
4 -0.07 52.60 -0.03 51.33 
5 -0.02 50.95 -0.01 50.52 
6 -0.02 50.64 -0.03 51.07 
7 -0.03 50.95 -0.05 51.82 
8 -0.01 50.57 -0.01 50.37 
9 -0.01 50.39 -0.01 50.23 

10 -0.02 50.63 -0.01 50.23 
11 -0.06 52.35 -0.03 51.05 
12 -0.19 57.64 -0.05 51.89 

As can be seen from the data in Table 2, except for 
Haikou, which was mildly dry in January, other data 
showed that SPEI was normal. For the regions and 
months with normal humidity index, the increase of 
precipitation is accompanied by the increase of SPEI 
index. It shows that temperature did not play a big 
role in the aridification of the region, and the slight 
increase in precipitation offset the increase in 
evapotranspiration brought about by the increase in 
temperature. 

2.3 Distribution of infiltration time in each 
month for many years 

The wet-dry ratio can be analyzed by using the 
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wetting time [9]. According to the data of the China 
Meteorological Data Network (January 2011 to 
December 2020), the distribution of infiltration time 
in Haikou for many years and each month can be 
obtained, as shown in Figure 3. As shown in Figure 
2, the rainfall time from May to October is longer, 
more than 300h. According to the sunshine time, 
monthly rainfall time and SPEI value, the dry-wet 
time ratio in Haikou is 3.5:1~1:1. Since Haikou is 
mildly dry in January, the corresponding dry-wet 
ratio should be appropriately increased. 

Figure 2 Distribution of infiltration time in Haikou 
for many years and months. 

The distribution of the dry-wet ratio in each month 
in Haikou after adjustment is shown in Figure 3. It 
can be seen from the above content that the climate 
and environment of Wenchang and Haikou are 
relatively similar. Except for January, which is 3:1, 
the time distribution of other dry-wet ratios is 
consistent with that of Haikou. In this study, the dry-
wet ratio of Haikou was used as the dry-wet time 
ratio of Puqian Bridge. 

Figure 3 Distribution of dry-wet ratio in Haikou for 

many years. 

3 Distribution model of surface 

chloride concentration 

In addition to wind, coast distance, water-to-binder 
ratio, and exposure time [2], chloride ions in the 
marine atmosphere are also affected by the 
following environmental factors [10,11]. The 
environmental factors that affect the transport of 
marine chloride ions in the atmosphere mainly 
include environmental variables such as 
temperature (T), humidity (Th), and dry-wet time 
ratio (dw) Therefore, in order to comprehensively 
consider the above main factors and the influence 
of cementitious materials, the multivariate 
calculation model of chloride ion concentration C' 
on unsaturated concrete surface is expressed by 
multivariate function C'=C'(T,Th,dw). 

3.1 Temperature 

The increase of temperature accelerates the 
evaporation of water in the specimen, thus making 
chloride ion deposit on the concrete surface [2]. 
According to the research [12], the change of 
temperature has a great influence on the chloride 
ion concentration accumulation on the concrete 
surface. Therefore, this study combined the field 
natural exposure experiment data of [12-14] to 
analyze the effect of temperature (T) on the chloride 
concentration on the concrete surface. 

Figure 4 Effect of temperature on chloride 
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concentration of concrete surface 

According to Figure 4, the relationship between the 
temperature T and the chloride concentration on 
the concrete surface can be described as an 
exponential formula. 

𝐶𝐶′(𝑇𝑇,𝑇𝑇ℎ,𝑑𝑑𝑑𝑑) = 𝐶𝐶1′(𝑇𝑇ℎ,𝑑𝑑𝑑𝑑) · 𝑒𝑒𝛽𝛽𝑇𝑇·𝑇𝑇 (1) 

where C’ (T, Th, dw) is the surface chloride 
concentration of concrete considering multiple 
factors. T is the ambient temperature. Th is the 
ambient humidity. dw is the dry-to-wet ratio. 
C’1(T,Th,dw) is a comprehensive reflection of the 
influence of humidity, dry-wet time ratio and 
concrete strength grade on the chloride ion 
concentration on the concrete surface. βT is a fitting 
parameter describing the influence of temperature. 

3.2 Relative humidity 

The coastal cities in southern my country have 
abundant rainfall, and most coastal areas have 
frequent and long-lasting rainfall, resulting in high 
temperature and high humidity conditions in the 
atmospheric region [15]. The humid external 
environment is easy to create conditions for the 
diffusion of chloride ions in the concrete, and the 
erosion state is more severe. In this paper, combined 
with the field natural exposure test data of [15,16], 
the influence of relative humidity (Th) on the 
chloride concentration on the concrete surface can 
be analyzed. 

Figure 5 Influence of external relative humidity on 
chloride concentration on concrete surface 

According to Figure 5, the functional relationship 
between relative humidity and chloride 
concentration on the concrete surface is obtained. 

𝐶𝐶′(𝑇𝑇,𝑇𝑇ℎ,𝑑𝑑𝑑𝑑) = 𝐶𝐶2′(𝑇𝑇,𝑑𝑑𝑑𝑑) · sin (𝑎𝑎𝑇𝑇ℎ + 𝑏𝑏) (2) 

where C2’(T,dw) is a comprehensive reflection of the 
relative humidity on the chloride ion concentration 
on the concrete surface. a and b are the humidity 
influence coefficient. 

3.3 Dry-wet time ratio 

It can be seen from the above research that the dry-
wet time ratio has a great influence on the 
accumulation of chloride ions on the concrete 
surface. Combined with the experimental data of 
the literature [5, 17], the influence of the dry-wet 
time ratio (dw) on the chloride concentration on the 
concrete surface can be analyzed. 

Figure 6 Effect of dry-wet time ratio on chloride 
concentration on concrete surface 

According to Figure 6, the functional relationship 
between dry-wet time ratio and chloride 
concentration on concrete surface is obtained. 

𝐶𝐶′(𝑇𝑇,𝑇𝑇ℎ,𝑑𝑑𝑑𝑑) = 𝐶𝐶3′(𝑇𝑇,𝑇𝑇ℎ) · 𝑑𝑑𝑑𝑑𝛽𝛽𝑑𝑑𝑑𝑑 (3) 

where C3’(T,Th) is a comprehensive reflection of the 
influence of the dry-wet time ratio on the chloride 
concentration on the concrete surface. βdw is a 
fitting parameter describing the influence of the 
dry-wet time ratio. 
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3.4 Multi-factor model of chloride 
concentration on unsaturated concrete 
surface 

In this study, based on the literature [2], a multi-
factor model of chloride concentration on the 
surface of unsaturated concrete was obtained, 
which was described by Eq (4). 

𝐶𝐶′ = 𝐾𝐾𝑒𝑒0.0842𝑇𝑇 sin(1.582𝑇𝑇ℎ + 1.051)𝑑𝑑𝑑𝑑0.352 (4) 

where K is a fitting parameter considering the 
distance from the coast, wind speed, water-binder 
ratio, cementitious materials and exposure time, 
which is expressed by Eq (5). 

𝐾𝐾 = 𝐴𝐴𝑐𝑐 · 𝑣𝑣0.83 · 𝑅𝑅𝑊𝑊/𝐵𝐵 · (1 − 𝑒𝑒−1.81𝑡𝑡) (5) 

where Ac is the correction factor for the type of 
cementitious material. According to reference [2] 
and the above research content, the Ac value of 
ordinary concrete is 0.91, v is the average wind 
speed, RW/B is the water-binder ratio, and t is the 
exposure time. 

3.5 Verification of the model 

In order to study the applicability of the surface 
chloride concentration model, the experiment 
values of chloride concentration at stations 1, 2, 3, 
5, 8, 10, 12, 16, 18 and 20 of Puqian Bridge in July, 
2010 were compared and analyzed [18]. The 
concrete used for the pier is mainly C40 grade, and 
the suggested water-binder ratio is 0.4. The 
influence of concrete deterioration and other 
factors is not considered in the calculated value of 
the model. The comparative analysis of the 
experimental value and the model calculated value 
is shown in Figure 7. 

Figure 7 The comparison between the experimental 
value in the literature [18] and the model value in 

this study 

As indicated in Figure 6, the model values are in 
good agreement with the experiment values, which 
verifies the applicability of this research model. 

4 Conclusions 

Through statistics of environmental variables such 
as monthly rainfall, monthly average temperature, 
monthly relative humidity, monthly average wind 
speed and monthly sunshine time in Wenchang and 
Haikou from January 1981 to December 2020. Using 
the standardized precipitation evaporation index to 
analyze the dry and wet conditions of Haikou and 
Wenchang in each month, a dry and wet alternation 
mechanism was established. Considering the 
influence of key factors such as temperature, 
humidity, water-binder ratio, and dry-wet time ratio, 
a model for the distribution of chloride ion 
concentration on the surface of concrete under the 
condition of dry-wet alternation was constructed 
under multi-factor conditions. The experimental 
value and the calculated value of the station near 
the Puqian Bridge are used for comparative analysis. 

(1) January was mildly dry in Haikou, normal in
other months, and normal in all months in
Wenchang. According to the monthly rainfall time
distribution, the dry and wet time distribution of
Haikou and Wenchang is established.

(2) A model for the distribution of chloride
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concentration on the surface of unsaturated 
concrete considering multiple factors was 
constructed, and the experimental value in the 
literature was compared with the model value to 
verify the applicability of the model. 
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Abstract 
3D printing technology has the sustainable advantages of saving formwork, labor and time, reducing 
pollution and so on, so it is gradually applied to the field of bridge engineering. In order to explore 
the advantages and potential of 3D printing technology in carbon reduction, this paper makes a 
comparative analysis on the carbon emission of 3D printing and cast-in-situ construction in the 
materialization stage of complex shaped pier. The results show that the carbon emission in the 
materialization stage mainly comes from the production stage of building materials, and the 
proportion of carbon emission in the construction stage and transportation stage is very small; The 
combination of 3D printing shell and cast-in-situ construction has less carbon emission than using 
one of the construction methods alone; Compared with traditional construction, the application of 
3D printing technology reduces the carbon emission of this example by more than 20%.  

Keywords: 3D printing concrete; carbon emissions; formwork; materialization stage. 

1 Introduction 
In recent years, the application of concrete 3D 
printing technology in the field of civil engineering 
has developed rapidly[1]. Its highly automated 
characteristics improve productivity and 
construction accuracy, reduce construction safety 
risks and reduce environmental pollution[2]. This 
paper lists the world-famous 3D printed bridge 
engineering examples, and introduces their 
respective characteristics and innovations. 3D 
printing technology can produce complex modeling 
structures that are difficult to complete in 
traditional construction in a short time. Therefore, 
in order to explore the distribution characteristics 
of carbon emissions of 3D printing special-shaped 
concrete structures and the advantages of carbon 
reduction compared with traditional construction 
methods, this paper divides a designing bridge 

construction scheme into the following three types: 
1. 3D printing scheme for full section of pier
structure (hereinafter referred to as 3D printing
scheme), that is, the reinforcement is erected
manually, and the concrete section is made by 3D
printer; 2. 3D printing + traditional construction
scheme (hereinafter referred to as mixed scheme),
that is, after 3D printing the concrete shell, pour
concrete inside; 3. The traditional cast-in-situ
construction scheme (referred to as the traditional
scheme) is to erect the concrete construction
formwork and place the reinforcement before
pouring the concrete. The research route of this
paper is as follows: 1.  The topology optimization of
the bridge substructure is carried out by using the
finite element analysis software ANSYS Workbench;
2. Use BIM software Rhino to process the boundary 
of the rough model after topology optimization; 3.
Carry out static and dynamic checking calculation,
and count the quantities after ensuring the safety

2046

mailto:1184025877@qq.com


IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

of the completed bridge; 4. Finally, the carbon 
emission in the process of concrete pier 
construction is calculated by using the emission 
factor method of life cycle assessment (LCA), and 
the carbon emission of each construction scheme 
is compared and analyzed. 

2 3D printed bridge engineering 
example 

The Spanish footbridge Alcobendas bridge, as 
shown in Figure 1, was built in December 2016. It is 
12m long and 1.75m wide. It is the first bridge in 
the world to use 3D printed concrete technology to 
precast components. Eight reinforced concrete 
segments were prefabricated by 3D printing and 
hoisted as a whole. The strength of the 3D printing 
concrete material reached 25MPa and the 
topology of bridge deck and railing is optimized. 

Figure 1 Alcobendas pedestrian bridge in Spain 

A 3D printed concrete bicycle bridge was built in 
Gemert town in the Netherlands on October 17, 
2017. As shown in Figure 2, the bridge has a span 
of 6.5m, a width of 3.5m and a height of 0.9m[3]. 
The bridge is preprinted with 8 sections along the 
longitudinal direction by the factory, tensioned 
with external prestressed tendons to form a whole, 
and then transported to the site for hoisting and 
forming. 

Figure 2 Gemert bicycle bridge in the Netherlands 

On January 12, 2019, an arched 3D printed 
concrete pedestrian bridge was completed in 
Shanghai. As shown in Figure 3, it has a total length 
of 26.3m, a width of 3.6m and a spacing of 14.4m 
between arch feet. Polyethylene fiber reinforced 
concrete composite material with compressive 

strength of about 65Mpa is adopted, which is 
divided into three parts: arch, breast board and 
bridge deck. 

Figure 3 3D printed concrete pedestrian bridge in 
Shanghai 

On October 13, 2019, the concrete 3D printed 
Bridge with the longest span, total length and 
largest scale in the world was completed in Hebei, 
China. As shown in Figure 4, the bridge is 28.1m 
long and the net span is 17.94m. The construction 
method of factory segmented printing and 
prefabrication and on-site assembly and special 
cement-based fiber toughened composites were 
adopted. 

Figure 4 Hebei 3D printed "Zhaozhou Bridge" 

From the above practical engineering cases, it can 
be seen that the application of 3D printing 
technology of concrete bridges is becoming more 
and more mature, and it is generally constructed by 
prefabrication and assembly. 

3 Design of 3D printing pedestrian 
bridge 

In this paper, the main beam is designed to be 
made of reinforced concrete with the span 
designed as 30m + 30m + 30m = 90m.The width of 
the bridge deck is designed to be 4 ~ 5.5m. The 
reinforced concrete pier is constructed by 3D 
printing technology. The main beam adopts steel 
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structure, and the materials of bridge deck and 
breast board adopt tempered glass. In order to 
reduce the dead weight and improve the utilization 
rate of building materials, the pier is topologically 
optimized to further determine the section form 
and draw up the detailed structure size, as shown 
in Figure 5. 

(a) Finite element model before optimization

(b) Finite element model after optimization

Figure 5 structural topology optimization

Considering the aesthetic, construction and 
mechanical characteristics and other factors, the 
boundary and section of the topology optimization 
results are further treated, as shown in Figure 6, 
including the upper steel structure and the lower 
concrete pier structure. 

Figure 6 effect drawing of simplified model of 
pedestrian bridge (size: mm) 

The internal reinforcement of different parts of the 
special-shaped pier bears different tension, 
compression, bending and torsion conditions. The 
pier components are reinforced according to the 
provisions of the specification on the maximum 
and minimum reinforcement ratio, and the 

reinforcement methods of each scheme are the 
same, as shown in Figure 7. 

Figure 7 Schematic diagram 

4 Finite element mechanical 
checking calculation 

The models of the three schemes are only different 
in the materials used in the concrete section, and 
the other parts are the same. The overall one-time 
bridge model is established for stress analysis, and 
the numerical simulation results under the most 
unfavorable load combination of each scheme are 
obtained. Some of the results are shown in Fig. 8. 

(a) Maximum principal stress of Pier (unit: Pa)

(b) Total deformation (unit: m)

(c) Third order vibration mode

Figure 8 some finite element results 

Through finite element calculation, the completed 
bridge of each construction scheme meets the 
requirements of static safety and dynamic 
applicability. 

5 Carbon emission calculation 
The stage division in this paper does not include the 
operation stage and demolition stage, but only the 
materialization stage, that is, the material 
production stage, transportation stage and 
construction stage. The boundary and scope of 
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carbon emission calculation include the extraction 
and processing of building raw materials, the 
production of building components, the road 
transportation of building materials and the 
operation of the construction site.. 

5.1 Calculation method of carbon emission 

In this paper, the emission factor method in LCA is 
selected as the carbon emission calculation 
method[4]. The core idea of this method is to 
multiply the activity data of carbon emission 
sources and the corresponding carbon emission 
factors to obtain the carbon emission. The carbon 
emission factor is defined by IPCC as the 
greenhouse gas emission generated by the direct 
energy consumption per unit consumption or the 
indirect energy consumption in the product 
production process[5].  

5.2 Carbon emission factors 

This paper selects representative carbon emission 
factors of materials, machinery, energy and 
artificial from relevant research or standards at 
home and abroad, as shown in Table 1.  

Table 1. Carbon emission 
factors[7][8][9][10][11][12][13][14][15]

Name Unit 
Carbon 

emission factor 
(kgco2e / unit) 

Water t 0.21 

Sand t 6.6 

Crushed stone t 4.4 

Wood t 178 

Ordinary silica 
cement t 795 

3D printed 
concrete m3 382.16 

C40 concrete m3 410 

Glued plate t 487 

Power MWh 644.73 

Heavy diesel 
truck t· km 0.166 

Concrete mixer machine-team 52 

3D printing 
device machine-team 247.3 

5.3 Carbon emission calculation formula 

The materialization stage in the life cycle includes 
three stages: production, transportation and 
construction of building materials. Therefore, all 
calculation formulas are shown in Eqns. (1-4). CP, CT 
and CC are the carbon emissions in the production 
stage of building materials, transportation stage 
and construction stage respectively 

𝐶𝐶 = 𝐶𝐶𝑝𝑝 + 𝐶𝐶𝑡𝑡 + 𝐶𝐶𝑐𝑐 (1) 

𝐶𝐶𝑝𝑝 = �𝑚𝑚𝑖𝑖 ∗ 𝑛𝑛𝑖𝑖

𝑎𝑎

𝑖𝑖=1

 (2) 

𝐶𝐶𝑡𝑡 = �𝑞𝑞𝑓𝑓

𝑏𝑏

𝑓𝑓=1

�d𝑖𝑖

𝑎𝑎

𝑖𝑖=1

𝑚𝑚𝑖𝑖 (3) 

𝐶𝐶𝑐𝑐 = �𝑝𝑝𝑗𝑗

𝑘𝑘

�̇�𝑗=1

𝑟𝑟𝑗𝑗 + 𝑥𝑥 ∗ 𝑡𝑡 ∗ 𝑤𝑤 (4) 

a is the type of material, mi and ni are the 
consumption (t) and carbon emission factor 
(kgCO2e / t) of the i-th material respectively; 

b is the type of vehicle, di is the average distance 
(km) from the i-th material to the construction site, 
and qf is the carbon emission factor (kgCO2e / t · km) 
of type f vehicles for highway or railway 
transportation; 

k is the type of construction machinery, pj is the 
number of shifts of construction machinery j 
(set · shift), rj is the carbon emission factor of 
construction machinery j (kgCO2e / shift), x is the 
number of labor (person time), t is the total length 
of man hours (hours), and w is the carbon emission 
factor of man day workload (kgCO2e / man · hour). 
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5.4 Carbon emission in production stage 

According to the volume of bridge pier components 
in the model, the concrete quantities can be 
obtained, as shown in Table 2. 

Table 2. Concrete quantities of special-shaped pier 

Programme 
3D 

printing 
scheme 

Mixed 
scheme 

Traditonal 
scheme 

3D printed 
concrete 

(m3) 
346 186.2 0 

C40 concrete 
(m3) 0 157.1 344 

Formwork 
(m3) 0 0 28.73 

According to the material consumption and the 
corresponding carbon emission factor, the carbon 
emission in the material production stage can be 
obtained, as shown in Figure 9. 

Figure 9 carbon emissions from the production of 
special-shaped piers 

5.5 Carbon emissions during transportation 

It is assumed that the transport vehicles are 
transported with the maximum load capacity, and 
the statistics of transport vehicles are only based 
on the actual weight without considering the gap 
of precast components. The transportation mode, 
transportation weight and distance of building 
materials and components are determined 

according to the <<calculation standard of building 
carbon emission>> GBT 51366-2019. The 
transportation quantities of each scheme are 
shown in Table 3. From this, the carbon emissions 
in the transportation stage of materials of the three 
schemes are calculated as shown in Figure 10. 

Table 3. Transportation materials, mode, weight 
and distance of the three schemes 

Programme Weight 
(t) 

Distance 
(km) Method 

Formwork 
(traditional 

scheme) 
17.24 34.03 road 

transport 

Concrete (3D 
printing 
scheme) 

770.20 14.81 
46t heavy 

diesel 
truck 

Concrete 
(mixed 

scheme) 
791.52 14.81 

46t heavy 
diesel 
truck 

Concrete 
(traditional 

scheme) 
825.6 14.81 

46t heavy 
diesel 
truck 

Figure 10 carbon emissions during transportation 

According to the consumption of labor, materials 
and machine shifts in the construction quota and 
budget quota, the required man days, power 
consumption of construction machinery and 
number of machine shifts of printing equipment of 
each scheme are calculated as shown in Table 4. 
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Table 4. Construction quantities of each scheme 

Programme 
3D 

printing 
scheme 

Mixed 
scheme 

Traditonal 
scheme 

Workday 768 759 860 

Power 
consumption 

(kW / h) 
5145 3698 2304 

Printing 
equipment 

(shift) 
49 26 0 

Since only the traditional scheme has formwork 
works, and the pier shape is complex and multiple 
piers are constructed at the same time, the 
turnover of formwork is not considered, but the 
material recovery and loss are considered. The 
formwork quantities of the traditional scheme are 
shown in Table 5. 

Table 5. Formwork quantities of traditional 
scheme 

Programme Quantities 

Labor (man days) 484.43 

Steel support and accessories (kg) 950.10 

Split bolt (kg) 303.45 

Plate brace (m3) 7.66 

Woodworking circular saw machine 
(shift) 0.88 

The total amount of carbon emission in the 
construction stage of the three schemes is 
calculated, as shown in Figure 11. 

Comprehensively considering the material 
production stage, transportation stage and 
construction stage during bridge construction, the 
carbon emissions of the pedestrian bridges of the 
three schemes in their materialization stage can be 
obtained, as shown in Figure 12. 

Figure 11 carbon emission during construction 
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Figure 12 total carbon emission in bridge 
materialization stage 

6 Discussions 
At present, 3D printing structure still lacks relevant 
standards, which limits the large-scale application 
of 3D printing technology in civil engineering. In 
order to maximize the safety, most of the existing 
3D printed concrete structures adopt reinforced 
concrete structures strengthened by traditional 
construction methods, such as beam and slab 
structures for bending resistance, and adopt high-
performance cement-based materials without 
considering the environmental impact, which 
undoubtedly increases the burden of 
environmental carbon emission. 

Due to the lack of relevant data, this paper 
estimates the parameters of printing equipment in 
3D printing construction, including printing rate 
and power consumption, and empirically takes the 
energy and resources consumed in bridge 
construction according to relevant standards. In 
order to further improve the accuracy of carbon 
emission calculation results, it is best to combine 
with the actual bill of quantities. 

The calculation of carbon emissions in this paper is 
based on the carbon emission coefficient method 
in LCA. However, due to the differences in 
calculation methods, geographical locations, 
materials and other reasons, there are differences 
in the carbon emission factors provided in relevant 
literature or standards at home and abroad. In the 
future, it is still necessary to further improve the 
carbon emission factor database and list data. 

7 Conclusions 
The results show that the carbon emission of the 
pedestrian bridge in the materialization stage of 
the mixed scheme is the smallest, which is 2.58% 
and 23.23% lower than that of the 3D printing 
scheme and the traditional scheme respectively. 
Compared with the 3D printing scheme, the mixed 
scheme uses some ordinary concrete instead of 3D 
printing concrete. Although the transportation 
weight is relatively larger and the carbon emission 
factor of concrete materials is greater, the 
characteristics of printing time and high 

construction efficiency of the mixed scheme make 
up for the deficiencies in materials, so its carbon 
emission in the construction stage is lower, so it has 
certain advantages in carbon emission in the 
materialization stage. Compared with the 
traditional scheme, the mixed scheme uses 3D 
printing technology to manufacture the shell to 
form a permanent formwork, which saves a lot of 
formwork materials. Although the energy 
consumption of 3D printer is a problem, the impact 
of the construction stage is much smaller than that 
of the material production stage during the bridge 
construction period, so the mixed scheme still has 
great advantages in carbon emission. In addition, 
the carbon emission in the materialization stage of 
3D printing scheme is about 21.19% lower than 
that in the traditional scheme, indicating that 3D 
printing technology will indeed reduce the carbon 
emission caused by building construction to a 
certain extent. 
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Abstract 
Port City Colombo developed by CHEC Port City Colombo (Pvt) Ltd through China Harbour Engineering 
Company (CHEC) is a pristine city development in Colombo, Sri Lanka, spanning 269 hectares. Port City 
Colombo, built as an extension of Sri Lanka’s vibrant capital city Colombo, once completed, would be South 
Asia’s premiere residential, retail and business destination.  

Atkins, a member of the SNC Lavalin Group, was appointed by CHEC Port City Colombo (Private) Limited to 
provide Consultancy Services for the design of all Infrastructure and Landscape works, public realm and 
associated infrastructure in Colombo Port City. This paper discusses the design criteria of the marina cable 
stayed foot bridge (FB01) in depth including the construction stage and service stage analysis and design 
checks.  

Keywords: fixed arch bridge; cable stay; pedestrian footbridge; steel orthotropic deck; long span; 
tuned mass dampers; cable tuning analysis.  

1 Introduction 
The approved masterplan of Colombo Port City 
Project requires a very attractive pedestrian 
footbridge near the mouth of the canal entering 
the Port city.  This is depicted in Fig-1.  

Fig 1: Master plan of Port City Colombo 

2054

mailto:Bharathkumar.A@atkinsglobal.com
mailto:Tiju.Zachariah@atkinsglobal.com
mailto:Chris.Hendy@atkinsglobal.com


IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

The aesthetic parameters of the foot bridge 
includes an in plan curved deck with a radius of 
120m, spanning 137m between the abutments, 
and supported by an inclined steel tubular arch and 
stay cable supports.  

This paper discusses in detail the various options 
that were considered to meet the aesthetic 
requirements, the design criteria considered, 
including the construction stage analysis and few 
challenges involved. The paper also gives an insight 
into the mathematical model developed to 
understand the dynamic behaviour of the bridge 
and inspecting the bridge for (i) any pedestrian 
induced deck excitation (ii) susceptibility of the 
footbridge to any wind induced excitation. The use 
of tuned mass dampers for eliminating residual 
deck excitation, if any, is also studied. Further, the 
paper highlights the choice of cable supports and 
the importance of cable tuning analysis for the 
construction sequencing used for this foot bridge. 
The article concludes with the learning experience 
of the design and construction teams during the 
design and construction phase of the footbridge. 
Few site photographs showing construction stages 
of the footbridge are depicted in Fig-2.  

Fig 2: Construction Photos of FB01 bridge 

2 Concept Design 
The design intend in the masterplan needed 
several options to be studied as this bridge was 
strategically proposed to be located at the “mouth” 
of the canal and was meant to be used for several 
occasions including lighting shows during Sri 
Lanka’s national day celebrations.  

With the above requirements in mind, it was 
agreed that the basic form of the bridge required a 
deck curved in plan, supported by cables 
connected to a steel arch leaning backwards. Few 
other option studies conducted along with the 
finalised option are described below.  

2.1 Option Studies 

The options study for the bridge included a 
footbridge, with 

1. In plan curved orthotopic deck supported by
cables connected to a leaning single pylon as
depicted in Fig 3.

2. Curved orthotropic steel deck supported by a
twin pylon and cable stay support arrangement
as depicted in Fig 4.

3. Fixed double arch with stay cables supporting
curved deck as shown in Fig 5. Alternate forms of 
the arch support studied in this sub option
included (i) a 3-dimensional space framed arch
and (ii) a tubular section with varying diameter
of both arches as depicted in Fig 5.

Fig 3: Option Study – Single Pylon Cable stayed 

Fig 4: Option Study – Twin Pylon Cable stayed 

Fig 5: Option Study – Twin Pylon Cable stayed 
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2.2 Final structural form. 

The option with a single backward leaning arch was 
concluded as the one providing better structural 
efficiency with optimal material usage, easier to 
fabricate and assemble at site.  Most importantly, 
it does not require any support inside the creek. Fig 
6, 7 and 8 shows the final form of the bridge.   

Fig 6: Plan of Bridge 

Fig 7: Elevation of bridge 

Fig 8: Typical cross section of Bridge 

3 Detail Design 

3.1 Foundation and Substructure 

The geometry of the deck curved in plan with an 
offset / eccentricity with respect to the line of 
abutment supports, as large as 18m, posed a 
unique challenge for designing the huge out of 
balance moments to be restrained at the supports. 

To counter this problem, the arch was inclined at 
an angle of 15 degrees about the vertical axis, 
leaning away from the deck which resulted in the 
countering the moments in opposite direction. It 
was also advantageous to make the steel 
orthotropic deck integral with the abutments to 
limit the effects of thermal expansion and 
contraction as well as to satisfy the dynamic 
characteristics of the entire structural system for 
both wind and pedestrian induced effects. 

Fig 9 depicts the plan view of the abutment 
structure. The size of the abutment is 6m (width) x 
9m (length) x 4.5m (depth) and are supported on 
pile foundation. The orientation of the abutment 
and pile foundation were chosen such that it 
reduced the secondary moments generated from 
eccentricity for thrusting actions from the arch and 
deck.  

The rigid support arrangement provided a robust 
mechanism for the transfer of relatively huge axial 
thrust forces generated from arch and deck.  

The geotechnical interpretative report mentions 
soil layer classifications as follows. 

• Reclaimed soil fill
• Very loose silty sand
• Stiff Sandy clay
• Highly weathered Gneiss
• Moderately weathered Gneiss

As the site was on reclaimed land, foundations had 
to be deep with 1.2m diameter piles anchored into 
the medium weathered Gneiss rock.  

The length of the pile foundation was about 17m 
with maximum pile capacities of 7250 kN 
calculated, considering end bearing capacity and 
shaft friction capacity contribution for the portion 
of the pile socketed inside the rock strata.   

Pile capacities were calculated based on the 
following equations with a factor of safety of 3.  

Shaft resistance in rock socket: 

Base resistance in rock socket: 

where, 
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Qs = Friction capacity, kN 

Qb = Base capacity, kN 

fs = Ultimate unit shaft resistance, kPa 

qb = Ultimate unit base resistance, kPa 

d = diameter of pile, m  

Ls = length of the pile, m 

Srilanka Bridge design manual, along with British 
standards were used for design of piles.  

Fig 9: Plan showing bridge abutment and 
foundations 

3.2 Orthotropic Deck Design 

The Deck is curved in plan with a radius of 120m. In 
addition to this, a vertical profile of radius 110m 
radius was required to facilitate adequate vertical 
clearances for vessel movement underneath the 
bridge. The Deck cross section varies from 0.8m at 
centre to 2.0m at support section.  

The deck was cast into abutment with steel integral 
connections and reinforced concrete launcher, 
which connects the steel arch with fixed end 
condition to the abutment. 

Since the deck was supported only by cables on the 
inner side, as shown in Fig 10, the geometry of the 
deck needed careful consideration with regards to 

the location of its shear centre and line of forces 
from cable.  

Fig 10: Typical Cross section of bridge 

The plan curvature of the deck provided torsional 
rigidity and stiffness to lateral bending about 
longitudinal bridge axis.  

The deck steel sections were verified for 
(i)combined bending and shear representing
bending action and (ii)combined axial and bending
for axial compression forces as per clause 9.9.3,
9.9.4 and 10.6.2 as per BS 5400-3. Plate sections
were also checked for yielding criterion of
combined effects as per the equation given below
and limited to yield stress of the material.

where, 

σ1, σ2 are principal stresses in two planes 

τ shear stress  

σyw yield stress of material  

γm , γf3 partial safety factors  

A detailed Finite Element Model was developed in 
Lusas software, representing each element of the 
deck such as top flange, bottom flange, stiffeners, 
top diaphragm, and end plates, and was verified for 
Von Moises stress verifications.   
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Fig 11: Lusas Model- FB01 bridge 

Fig 12: Finite Element Model-deck of bridge 

The steel decks were made integral with the 
abutments to provide rigid supports, this was 
achieved by providing end plate, anchor plates and 
stiffeners connections which transferred the 
tensile force from top flange to reinforcement 
slotted in the holes of anchor plates, the forces 
from reinforcement transferred to concrete 
through shear transfer, Fig 13 depicts the above-
mentioned arrangement.  

Fig 13: Deck Integral Connection- Cross section 

The cable connection points on the deck were 
chosen at a constant spacing of 5m along the length 
of the bridge. Due to plan curvature of deck and the 
backward inclination of the arch, the angle of 
inclination of each cable at its connection points 
also varies, resulting in varying forces to be 
considered for the connection designs.  

3.3 Arch 

Arch height from springing to crown is 25m with 
inclination of 15 deg leaning away from the deck 
which gives a lateral offset of 6.9m at the crown. 

Some of the critical design considerations for cable 
stay bridges, such as this bridge, includes the 
following: 

• cross section to provide maximum lateral
stiffness to support deck

• minimal resistance to wind induced
excitations

• angle of the cables connecting the deck
(refer Fig 8)

• buildability of the arch structure in terms
of shape, optimised segment length, ease
of fabrication etc.

The diameter of the steel tubular arch section 
varied from 3.0m at the springing support to 2.0m 
at the crown as shown in Fig 14. The arch was split 
into 13 segments to limit segment weight to 75 
tons to facilitate ease of fabrication, segment 
transportation and assembly at site.  

Fig 14: Arch- Elevation- Half view 

Fig 15: Arch- Cross section at diaphragm 

The connection of the fixed arch with the concrete 
launcher and substructure were achieved by post 
tensioning system comprising of 24 bars of 75mm 
diameter Macalloy 1030 bars. 

Reinforced concrete launchers, as depicted in Fig 
16, were provided for the supports and were 
designed considering the large axial thrust and 
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bursting forces developed from the arch on the 
reinforced launcher.   

The arch sections were also verified for 
(i)combined bending and shear along with
(ii)combined axial and bending as per clause 10.6.1,
9.9.1, 9.9.2 and 10.6.2 as per BS 5400-3 with
corresponding buckling factors. Plate sections were 
also checked for yielding criterion of combined
effects as per the equations provided in section 3.2
and limited to yield stress of the material.

where, 

Pmax, Mx, max & My, max are maximum axial loads and 
bending moments corresponding direction. 

PD, MDxc & MDyc are maximum axial and bending 
moments capacities corresponding direction. 

Fig 16: Cross section through concrete launcher 

3.4 Cable Stay 

Cable stay system comprises of OVM parallel wire 
strands with socket, connecting sleeve and forks at 
the ends as shown in Fig 17.  

The fork socket with pin at ends is provided to 
connect the cable to the deck and arch ends. The 
connection is made using a gusset plate which is 
connected to the top of the deck and arch 
diaphragms. The connecting sleeve helps to 
connect the cable to the fork socket and also in 
adjusting the tolerance of cable lengths during the 
construction stage.  

The cables were designed for SLS, ULS and Fatigue 
limit states. In general, the stresses in the cable 
would be limited based on the fatigue design 
requirements. The cables are designed in such a 
way so as to take into consideration any accidental 
snapping and the temporary redistribution of the 
forces to the adjacent cable stays.   

Additionally, each cable was provided with 
Stockbridge damper to mitigate any wind induced 
vibrations of the cable.  

Fig 17: Cross section through concrete launcher 

3.5 Material Specification and 
Maintenance 

As the bridge was in the coastal region and over the 
sea water, careful considerations had to be made 
in the choice of the material used for the bridge’s 
components.  

The substructure and foundation were provided 
with M40 grade concrete with adequate cover to 
the reinforcements along with protective coating 
over the finished concrete surfaces as well as to the 
exposed surfaces of the steel superstructure deck 
and arch. 

Weathering steel was extensively used with 
additional allowance for corrosion effects during 
the service life of the foot bridge.   

The inside of the arch section is made accessible 
with access openings closer to the springing 
location of the arch so that maintenance and 
inspection can be easily carried out.  

Both the Arch and deck were provided with 
drainage holes inside so that any condensation or 
leakage of rainwater inside the deck could be 
drained out easily. 
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3.6 Buckling Analysis. 

The slenderness for arch buckling analysis was 
carried out in Lusas to find global buckling mode 
shape of the structure.  

All the loads were lumped into a single load and 
observations were made over first 100 modes for 
the global buckling mode, which had first arch 
buckling mode with single curvature as shown in 
Fig 17.  

Fig 18: Global buckling mode from Lusas 

Results from the buckling analysis revealed that the 
critical buckling factor is about 30, thus indicating 
adequate margin of safety for buckling in arches. 
The results from lusas was also compared with 
manual calculations using Euler buckling formulas 
and was found to be comparable with the detailed 
analytical model.   

3.7 Dynamic Analysis 

The slender form of the bridge necessitated 
complete dynamic analysis to be carried out, both 
pedestrian dynamics and aerodynamics checks. 
Mitigation measures were provided by specifying 
tuned mass dampers (TMD) on the deck.  

Using Finite Element model in Lusas, Natural 
frequency of the bridge was verified and found to 
be having the first mode of vibration in the vertical 
direction with a frequency of 0.85Hz single 
curvature between supports- vertical mode, 
1.82Hz double curvature between supports- 
vertical mode and 2.88Hz single curvature in 
middle third portion only- vertical mode, which 
were less than the frequency of 5Hz specified in 
Eurocodes. The potential modes of deck and arch 
system are shown in Figures 19, 20 and 21 
respectively.  

Pedestrian induced dynamic checks were also 
studied in detail for walking, jogging and crowd 
loading as per BS EN 1991-2 using Finite element 

analysis. Accelerations of the bridge were verified 
using Lusas and Dynamassit software. Sample 
accelerations for the bridge for crowd loading is 
shown below in Fig 22. As per clause BS EN 1991-2 
and NA 2.44 accelerations limited to 1m/sec2.   

The deck accelerations were close to limiting values 
and hence as a precautionary measure, tuned mass 
dampers were specified for different potential 
modes of vibration with parameters specified in Fig 
19,20 & 21 which were beneficial for wind 
excitations as well.  

Fig 19: Mode 1 with NF 0.853 Hz 

Fig 20: Mode 2 with NF 1.822 Hz 
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Fig 21: Mode 4 with NF 2.788 Hz 

Fig 22: Acceleration graphs for Mode 1 

Tunes mass damper were chosen with different 
weights and damping ratios to give a effective 
damping ratio for the structure, different 
combinations were verified and the one which 
gives the better behaviour and least accelerations 
were chosen.  

Aerodynamic checks were carried out using British 
Standard BD49/01. The aerodynamic susceptibility 
factor Pb was checked as per clause 2.1 for the 
applicability of bridge for wind excitations and 
further verifications.  

where,  

ρ is the density of air  

b is the overall width of the bridge deck  

m is the mass per unit length of the bridge 

Vr is the hourly mean wind speed 

L is the length of the relevant maximum span of 
the bridge  

fB is the natural frequency in bending 

The bridge decks susceptibility to vortex excitations, 
galloping and stall flutter were checked as per 
clause 2.2.1, 3.1, 2.1.2 and 2.1.3 in detail and found 
to be within acceptable limits specified in code.  

Critical speed for Vortex excitation is calculated 
using following equations as provided in clause 
2.1.1.2 of BD49/01. 

Vcr = 6.5 fd 

where,  

f natural frequency of corresponding mode 

d depth of the bridge deck 

Critical speed for galloping and stall flutter to be 
calculated as per equations given below 

(a) Vertical motion

(b) Torsional mode

Critical wind speed for stall flutter is given by 

where,  

fB natural frequency in bending mode  

fT natural frequency in torsional mode 

d4 depth of the bridge deck 

b width of the bridge deck 

3.8 Construction Stage Analysis 

A detailed construction stage analysis was carried 
out based on inputs from the construction team. 
The initial design assumption was to tension the 
cables after the arch was lowered from the trestle 
support.  A detailed cable tuning analysis in Lusas 
software was carried out to arrive at the cable 
forces in each cable stay for different cable 
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sequencing and achieving deck at proposed 
finished level.  

However, further discussions with the construction 
team on the feasibility to construct on site required 
the following sequencing.  

• Arch and deck segments to be erected on the
trestle supports with pre-cambering

• Once the arch and deck splicing were completed, 
the cables from arch were connected to deck
and provided with minimum preloads /
tensioning to ensure no slack.

• The deck and arch were lowered gradually and
simultaneously to provide tensing in the cables
by self-weight of the structure.

The construction sequence as seen in Fig 23 
dictated the design of cables and deck structure.  

Fig 23: Construction sequence 

4 Conclusion 
This paper describes the evolution of the foot 
bridge design from concept design stage to 
construction stage. A discussion of the analysis and 
design of the chosen structural form is presented in 
this paper. This paper also details the importance 
of choosing the apt structural form, choice of 
suitable materials, importance of detailing for ease 
of fabrication and assembly at site etc. Critical 
design checks such as that for wind and pedestrian 
induced vibrations and the associated mitigation 
measures are also presented. The construction of 
Marina Cable Stayed footbridge bridge is 
completed at site and will soon be opened for 
public.  This footbridge brings to light the harmony 
between the bridge’s intended purpose, the 
aesthetic requirements and the optimal use of 
material, making it a construction marvel.
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Abstract 
Zhangjinggao Yangtze River Bridge, located in Jiangsu Province, China, will be the longest 
suspension bridge in the world. Taking the landscape design process of Zhangjinggao Yangtze River 
Bridge as an example, this paper discusses the landscape design principles and methods of the 
long-span bridge, along with how to combine the regional cultural elements with the bridge 
structure, therefore create an identifiable and iconic bridge architectural landscape. This paper 
puts forward an effective idea and method for the engineering aesthetic design and cultural 
connotation expression of long-span Bridges.  

Keywords: long-span bridge; bridge landscape; bridge culture; Zhangjinggao Yangtze River Bridge. 

1 Introduction 
Bridge is one of the most important symbols of 
national and regional economic development. 
With the expansion of human economic activities 
and the continuous strengthening of ties, bridges 
become more and more closely related to 
people's life as well. 

In China, the design of long-span bridges does not 
pay enough attention to the expression of culture 
and art. 

The landscape design of Zhangjinggao Yangtze 
River Bridge discusses the significance and 

practical methods of cultural expression for long-
span bridges. 

2 General Instructions 
Because of the special status of long-span bridges, 
they often become one of the most prominent 
buildings in the environment. The aesthetic 
expression and cultural expression of long-span 
bridge engineering have also become an 
important component in the structural design of 
long-span bridges. Proper way to better combine 
bridge culture and bridge structure has also 
become a new problem faced by bridge engineers. 
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2.1 Cultural Connotation and Symbolic 
Significance of Bridge 

In Chinese minds, bridges have rich cultural 
connotation and symbolic significance, such as 
friendship, communication and connections. From 
small bridges which were built in the past that 
cross streams to  long bridges nowadays that cross 
the sea, the scale and technology of bridge 
construction are constantly improving, meanwhile 
the symbolic significance of bridge engineering is 
changing. 

In Chinese traditional culture, bridges are not only 
transportation facilities that cross obstacles, but 
also the beautiful scenery written by poets, the 
childhood memory in the hearts of wandering 
men, and the virtue of giving back to their 
hometown. Bridge looks like a flying rainbow 
hanging on the moon and every step of bridge 
which has carving beam and jade masonry 
condense the beautiful hopes and infinite reverie 
of the Chinese people. [1] 

Since the beginning of 21th century, with Chinese 
economic take-off and cultural rejuvenation, there 
has been a richer connotation in China's bridge 
culture. More and more super bridge project not 
only provided a strong infrastructure guarantee 
for the national economic development, but also 
built monuments deep in the hearts of the 
Chinese people, witnessing the magnificent 
rejuvenation of the nation. It is the economic 
artery between the north and the south of the 
river, the blood ties on both sides of the strait, 
and the era symbol of national rejuvenation. 

2.2 Methods and Principles of Cultural 
Expression of Long-span Bridges 

2.2.1 Structure is the Main Body of Long-span 
Bridge Landscape 

Super long-span bridge is not only the pearl on the 
crown of bridge engineering, but also an 
important display platform for the development 
of bridge construction technology worldwide. The 
construction of each bridge has condensed the 
wisdom and efforts of countless bridge builders, 
and has become the focus of all sectors of society. 

Because the structure of long-span bridges has 
advanced technology and rationality in form, the 
structure of long-span bridges has become the 
focus of attention. It has the characteristics of 
outstanding image, stable structure form, and 
clear logic. Landscape construction of the bridge 
should take the structure as the main body, and 
then carry out artistic processing and cultural 
expression under the logic of structure. 

Thus, the cultural and artistic shaping of structural 
components should become the focus of 
landscape construction and cultural expression of 
long-span bridges.  

2.2.2 Use Concise Composition 

Long-span bridge structures are normally high and 
majestic, with huge volume, which are suitable for 
long-distance appreciation in large-scale scenes. 
Pure decorative components should be avoided, 
because too many decorative components are not 
suitable for maintenance, and it is difficult to 
appreciate the details from a long distance. 
Cumbersome and complex decorative 
components will also break the continuity and 
integrity of structural components, further more 
reduce the sense of strength and logic of bridge 
structure as the main body of landscape. 

The use of simple and abstract lines can be more 
aesthetic vitality and appeal, giving unlimited 
imagination space for people. Therefore, the 
landscape construction of long-span bridges 
should adopt simple and smooth lines to 
strengthen the sense of power and logic of the 
bridge structure, improve the visual beauty and 
the expressiveness of the bridge. 

2.2.3 Culture and Recognition 

Culture is the common belief and spiritual wealth 
formed by the people of a country or region in 
their long-term life practice. It is also the 
precipitation of humanities and history which can 
cause people's emotional resonance. According to 
the research, culture is an important influencing 
factor in human aesthetics. Therefore, the in-
depth research and understanding of culture is 
conducive to the aesthetic expression and 
landscape construction of bridge architecture. 
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Because the visual subject of long-span bridge is 
the structure itself, it is in a prominent symbolic 
position in the environment. In order to avoid the 
same form appearance of bridges with similar 
structures, the combination of regional cultural 
element symbols and bridge structure aesthetics 
can well improve the recognition of bridge 
structure, create a more representative and 
unique bridge landscape, and make the bridge 
become a regional cultural symbol. 

2.3 Overview of Zhangjinggao Yangtze 
River Bridge 

Zhangjinggao Yangtze River Bridge is an 
expressway bridge group linking Zhangjiagang City 
of Suzhou, Jingjiang City of Taizhou, and Rugao 
City of Nantong in Jiangsu Province. It starts from 
Zhangjiagang City in the north, continuously spans 

the main and auxiliary channels of the Yangtze 
River through Minzhu sand dike in the South and 
Rugao City in the south. 

Zhanggao corridor is located at the junction of 
Xichangtai, (Shanghai) Sutong metropolitan area 
and the economic development belt along the 
river. It plays an important role in accelerating the 
integration of the project area "one river, two 
banks and three cities" (Jingjiang, Rugao and 
Zhangjiagang) into the economic circle of the 
Yangtze River Delta urban agglomeration. 

The designed main span of Zhangjinggao Yangtze 
River Bridge is 2300m. After completion, it will 
become the largest suspension bridge in the world 
and the most representative and influential 
artificial building in the Yangtze River Delta. 

Figure 1. Bird's eye rendering of Zhangjinggao Yangtze River Bridge 

2.4 Landscape and Cultural Analysis 

2.4.1 Integrated Development Strategy of 
Yangtze River Delta 

The "Regional Integration Development of the 
Yangtze River Delta" has become a national 
strategy nowadays. The integrated development 
of the Yangtze River Delta will further promote 
the high-quality development of the national 
economy and enhance the economic vitality of the 
Yangtze River Delta. 

The construction of the bridge will provide a 
strong traffic guarantee for the integrated 
development of the Yangtze River Delta, become 
an important milestone in the integrated 
development process of the Yangtze River Delta, 
and will also witness the prosperity and future of 
the Yangtze River Delta. 

At the same time, the construction of 
Zhangjinggao Yangtze River Bridge will also 
become an important architectural landscape on 
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the Yangtze River and an image card of the three 
cities. Therefore, the construction goal of the 
project also puts forward higher requirements for 
the landscape of the bridge which needs to 
integrate regional culture and landscape elements 
and become a part of the cultural tourism 
resources of the three cities. 

2.4.2 Culture in the Lower Reaches and the 
South of the Yangtze River 

The Yangtze River Delta where the bridge is 
located is the core area of the middle and lower 
reaches of the Yangtze River and Jiangnan culture, 
with distinctive cultural characteristics and rich 
cultural resources. 

Since ancient times, Jiangnan has been prosperous 
in economy and rich in talents. It takes the 
tenderness and delicacy of water as the cultural 
source and the delicacy and flexibility as the 
cultural characteristics. At the same time, it also 
has the struggling spirit with hard work. In history, 
a large number of writers, scholars and beauties 
have emerged in Jiangnan, leaving countless 
historical sites and moving stories. 

Zhangjiagang, Jingjiang and Rugao are adjacent to 
the Yangtze River. As cities along the river and an 
important part of Jiangnan culture, their unique 
geographical environment, history, humanities 
and natural resources provide poetic cultural 
background and rich materials for the cultural 
expression of the bridge. 

2.4.3 Environmental Analysis 

The coastline of the bridge site is located near 
Minzhusha. After crossing Jiajiang River, there is 
port, wharf, factory and a large area of planting 
farmland. The environmental characteristics of the 
bridge site are the combination of port wharf and 
ecological agricultural landscape. The surrounding 
vision is broad. The bridge has a prominent and 
obvious landscape status in the environment and 
will become the visual focus and landmark 
building in the region. 

2.5 Landscape Design of Zhangjinggao 
Yangtze River Bridge 

2.5.1 Design Theme 

The span layout of Zhangjinggao Yangtze River 
Bridge ranks first in the world. It is located in 
Jiangsu Province, the core of the Yangtze River 
Delta with the most developed economy and 
culture in China. It is an important part of the 
national Yangtze River Delta integration strategic 
construction project. Therefore, the overall design 
of the landscape shape of the Zhangjinggao 
Yangtze River Bridge takes "join hands in the 
Yangtze River Delta, building a new Jiangsu" as the 
theme, the Yangtze River Delta integration as the 
background of the times, the development of the 
world and the future as the intention, China's 
Jiangnan culture as the performance, to create a 
cultural and unique world-class bridge landscape. 

Figure 2. Rendering of Zhangjinggao Yangtze River 
Bridge 

2.5.2 Cultural Expression of upper cross beam 

First, the representative regional cultural 
elements are extracted and symbolic visual images 
are integrated for abstract processing and 
expression. 

Inspired by the geographical features of the 
Yangtze River Delta Plain, the upper cross beam 
on the bridge tower consist of two intersecting 
triangles, with a diamond-shaped pattern in the 
middle similar to the window texture commonly 
found in houses in the region. 

The size of the middle of the upper beam is small, 
and the size of the two ends connected to the 
bridge tower is large, which is in line with the 
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principle of structural stress, and the regional 
culture and structural force are well integrated. 

The shape of the upper beam has a high degree of 
recognition and cultural connotation, and the two 
intersecting triangles also symbolize hand in hand, 
implying good wishes for the common 
development of the Yangtze River Delta, China 
and the world. 

Figure 3. Idea map of upper cross beam 

2.5.3 Cultural Expression of middle cross beam 

The Jiangnan culture, represented by the softness 
and delicacy of water, is one of the most 
representative cultures in the Yangtze River Delta. 

The beams in the bridge tower take the Jiangsu 
water rhyme as the intention, and use the curved 
contour to form a thick shape with thin ends in 
the middle, and add curved line decoration to 
outline the soft beauty of the water. It fits the 
force principle of the middle cross beam. 

Figure 4. Jiangnan Water Village 

Figure 5. Design of bridge tower 

The upper beam with the theme of "Hand in Hand 
with the Yangtze River Delta", the middle beam 
with the theme of water rhyme Jiangsu, and the 
bridge tower beam shape of the Changjiang Bridge 
combine culture and bridge structure well, outline 
the beautiful shape of the bridge with abstract 
and concise lines, and express people's good 
wishes for the bridge and unlimited imagination 
for the future. 
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Figure 6. 2 Renderings of Zhangjinggao Yangtze 
River Bridge 

3 Conclusions 

3.1.1 Significance of Cultural Expression 

As an important structure in the area, long-span 
bridge plays an obvious symbolic role. Integrating 
cultural and artistic elements into the design of 
the bridge will help to improve the landscape and 
landmark of the bridge. Meanwhile, cultural 
expression will help people to have emotional 
resonance with the bridge, therefore the people 
can better participate in the aesthetic activities of 
the bridge and produce better marginal effects. 

3.1.2 Methods and Principles of Cultural 
Expression 

The principle of cultural expression should take 
the structure as the main body of expression and 
use simple design language to combine the 
cultural connotation with the bridge structure to 
create a bridge landscape with regional 
characteristics and high recognition. 

The landscape modelling design of Zhangjinggao 
Yangtze River Bridge well integrates the regional 
culture and bridge structure, and expresses the 
unique shape and far-reaching symbolic 
significance of the bridge with simple geometric 
lines. It will become a beautiful scenery on the 
Yangtze River and a new milestone in the history 
of bridges in the world. 

4 References 
[1] Dingjianming. The Spanning Landscape.

Nanjing: Southeast University Press; 2021.
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Compassion: Essence of Beauty from Triunity of Bridge-CAD 

Zhibo Teng 

Shanghai Tonghao Civil Engineering Consulting Co., Ltd., Shanghai 

Abstract 

In the research process of bridge-CAD, through the analysis of the results from penman’s new concept for 

bridge triunity, it is concluded that the essence of beauty is compassion originally being “karun!a” in Sanskrit, 

and this conclusion is primarily verified. This study is of positive significance to the cultural self-confidence of 

Chinese nation.  

key words: bridge-CAD; triunity; essence of beauty; compassion; cultural self-confidence 

1 Introduction 

In his conclusion on the nature of beauty, "beauty is 

difficult", the Aesthetics of Bridge Design [1] states 

the condition of Socrates' judgment on the nature 

of beauty 2400+ years ago: "This beauty itself, when 

added to anything, makes that thing beautiful". 

2 The Trinity of Bridge CAD: The 

nature of beauty is compassion 

In his "Ten Books on Architecture" [2], Vitruvius 

pointed out the three attributes of architecture: 

solid, useful, beautiful. As a kind of architecture, the 

Department of Bridge Engineering of Tongji 

University is a trinity of the School of Civil 

Engineering, the School of Transportation 

Engineering, and the School of Architecture and 

Urban Planning, and it is quite trinitarian. 

In order to analyze the trinity of bridge CAD and 

based on the overpass as the main bridge type, I 

proposed a new concept: ぁ =Wichtigkeit 

(Shape/Function)=Vitruvian3/(Vitruvian2, 

Vitruvian1), the parameter ぁ  is the ratio of the 

importance of the bridge components or even the 

shape of its collection compared to its function ∈ 

[0 ,1], Vitruvian3|2|1 corresponds in turn to the 

3rd|2|1 attributes of the building, i.e., aesthetics, 

suitability, and robustness. Take the prestressed 

concrete box girder as an example, the ぁ values of 

the prestressing bundles outside the box, inside the 

box and inside the ribs are about 1, 0.5 and 0. Then 

take the Beijing Xizhimen Interchange as an 

example, it has a large functional defect in traffic 

engineering, so it can be seen that its Vitruvian2 is 

not valid, i.e. Vitruvian2=0. 

If any one of the Vitruvian1|2 properties does not 

hold, the Vitruvian3 property is meaningless, i.e., ぁ 

= ∞  = x/0 = Vitruvian3/(Vitruvian2, Vitruvian1). 

According to Koo's words, "the whole life of Chinese 

people is an emotional life", and the West believes 

that 'love' is the highest emotional state, so we 

might as well emotionalize the 3 attributes of 

architecture: solidity, applicability, and beauty, and 

based on what Venerable Hong Yi said "Love is 

compassion". The author believes that: the nature 

of beauty is also compassion, compassion in line 
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with the above Socrates on the nature of beauty to 

determine the conditions. 

3 Proof: Compassion 

The word "compassion" is mentioned in the TV 

forum program "Buddhism and Science" [3], which 

is subtitled in English: benevolence and mercy. The 

Bible contains the word "mercy" in more than 10 

places. 

(I) Buddhist texts

The phrase "the nature of beauty is compassion" is 

synonymous with the Buddha's own words in the 

book "The White Cloud of the Way of Life" [4]: "The 

only beauty that does not fade away and produce 

affliction is the heart that is compassionate and 

liberated." The original English version of this book, 

Old Path White Clouds [5], has the source of the 

chapter in which it is found: five Buddhist texts, 

whose abbreviations are: S. 47, 1; Tsa 622; 

Mahaparinibbana Sutta (D.16); Vin. Mv Kh. 6; Jivaka 

Sutta (M. 55). 

At present, the author has not been able to find out 

whether the above-mentioned words of the Buddha 

himself exist in these five Buddhist texts, or even 

whether they have any synonyms. In the Old Path 

White Clouds, the word "compassion" corresponds 

to the English word: compassion. 

( II ) Big data falsification 

The word "fading" in the above-mentioned words of 

the Buddha himself means that a certain kind of 

creature is most beautiful in the youthful stage of 

adolescence, when it goes through the stages of 

birth, infancy, adolescence, youth, adulthood, old 

age, and death. Since the phrase "...... is the most 

beautiful stage in comparison", there must be a lot 

of information that can be digitized implicitly or 

explicitly in these stages of life for aesthetic 

comparison. As for how to digitally collect 

information for aesthetic analysis of the whole life 

cycle stages of a certain type of organism, it is a 

tactical rather than a strategic issue. 

The author focuses more on certain types of 

structures, such as bridges. From its creation to its 

complete extinction, the author compares the 

digital information collection for aesthetic analysis 

in each stage of its life cycle, especially in the design 

stage. Although the thinking about non-structural 

objects mentioned in the previous paragraph could 

have enriched the thinking about structural objects. 

Even for the digital information collection and 

comparison at the design stage, it is advisable to 

first collect relevant information from similar 

structures that have been built or even faded but 

documented and build a database for comparison. 

The function of the relevant database is to store the 

collected information for analysis and comparison. 

In the above two paragraphs, we have established 

that "the only beauty that does not fade away or 

cause distress is compassion and a liberated mind" 

by using the method of "falsification" through big 

data. Or "The nature of beauty is compassion. At 

present, this big data falsification process is still in 

the stage of preparation. 

4 Conclusion 

This paper will be no less important than Galileo's 

experiment of the Leaning Tower of Pisa, which 

swept away Aristotle's doctrine that "the speed of 

falling objects is proportional to their weight", and 

the exploration of the nature of beauty in this paper 

is of positive significance to uphold the cultural self-

confidence of the Chinese nation itself, as well as to 

promote the development of the aesthetics of 

Chinese bridge design. It also has positive 

implications for the vision of "exploring the essence 

of architecture" [6] proposed by Academician He 

Jingtang at Tongji University Museum in April of the 

previous year. 
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In addition, if you are interested in the practical 

engineering application of the Trinity parameter ぁ 

of bridge CAD in the aesthetic creation of urban 

bridges [7], please visit: 

www.doctorbridge.com/PuTiVei 
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Application And Innovation of High-Strength Concrete in High-Rise 
Building Structures 

Cong-zhen Xiao, Jian-hui Li, Yin-bin Li, Yue Wei, Chao Sun 
China Academy of Building Research, Beijing, China 
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Abstract 
In the process of popularization and application of high-strength materials, it is often difficult to 
design their strength and ductility. Starting from the seismic design of complex high-rise building 
structures, this paper proposes a performance-based design method based on the predetermined 
yield mode, which can comprehensively consider the strength and ductility of structural members. 
On the basis of this seismic design method, a high-strength concrete high-rise energy dissipation 
structural system and a high-performance assembled high-rise building structural system are 
proposed that can give full play to the strength of high-strength materials and the ductility of 
energy dissipation members. The research results can provide technical support for the 
application of high-strength concrete in high-rise building structures.  

Keywords: high-strength concrete; high-rise building; strength; ductility; predetermined yield 
mode; application; innovation 

1 Performance-Based Design 
Method Based on Predetermined 
Yield Mode 

1.1 Design Process 

The basic process of the seismic-performance-
based design method based on predetermined 
yield mode is shown in Figure 1.  

Considering that the “three-level” fortification 
target is the most basic requirement of structural 
seismic design in China, the predetermined yield 
mode should also be based on the minimum 
standard. 

1.2 Advantages of the Method 

The seismic-performance-based design method 
based on predetermined yield mode has the 
following advantages:(1) The failure sequence of 
the structure is gradually controlled. At the same  

Figure 1. Seismic design method based on 
predetermined yield mode 

time, the design process is simpler and more 
reasonable, and complex internal force 
adjustment is avoided. (2) The obtained stiffness 
reduction coefficient of structural members can 
reflect the real stress state of the structure. (3) 

Start

Elastic analysis under 
frequent earthquake

Elastic design of members under 
frequent earthquake(Internal force 

adjustment is not considered)

Predetermination of yield mode 
under middle earthquake

Calculation of stiffness reduction 
coefficient of members allowed to 

yield under middle earthquake

Response spectrum analysis 
under middle earthquake

Reinforcement design and constructional measures 
of members of which the performance objective is 

predetermined under middle earthquake

End

Predetermination of yield mode 
under rare earthquake

Calculation of stiffness reduction 
coefficient of members allowed to 

yield under rare earthquake

Response spectrum analysis under 
rare earthquake

Reinforcement design and 
constructional measures of 

members of which the performance 
objective is predetermined under 

rare earthquake

End
If seismic performance under 
rare earthquake is required

Design stage of frequent earthquake

Design stage of middle earthquake

Design stage of rare earthquake
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The analysis of the overall structure is convenient 
to understand and apply. 

2 High-Strength Concrete and High-
Rise Energy Dissipation Structure 
System 

In this paper, a steel-frame reinforced concrete 
core tube model of regular and symmetrical 
layout was established and three different energy 
dissipation schemes are analysed for comparison. 
The plane of the model is shown in Figure 2. 

Figure 2 Schematic diagram of the model 

The calculation results of the structure are shown 
in Table 1. 

Table 1 Main results of three schemes 

Initial 
structure 

Energy dissipation structure 
Scheme A Scheme C 

Maximum story drift 
angle 1/120 1/127 1/133 

Ratio(%) 100 94 90 

Base shear(kN) 1.23×105 1.23×105 1.13×105 

Ratio(%) 100 100 92 

The energy dissipation scheme can provide 
additional damping ratio for structures, reducing 
the seismic action, reducing the structural 
deformation and the overall damage of the 
structures, and improve the seismic performance 
of the whole structure. 

3 High-Performance Assembled 
High-Rise Building Structural 
Systems 

The high-performance assembled frame structure 
systems proposed in this paper are composed of 
normal concrete precast beams (or prestressed 
technology), high-strength concrete precast 
columns, joints having large deformation capacity, 

energy dissipation systems and floor systems as 
shown in Figure 3. 

Figure 3 High-performance assembled frame 
structure system 

4 Conclusion 
The performance-based design method based on 
predetermined yield mode can realize the seismic 
design of complex high-rise buildings and improve 
the structural safety margin. 

The overall seismic performance of C100 high-
strength concrete high-rise energy dissipation 
structures is obviously improved, but it is prone to 
damage in the connection between the damper 
and the main structure. 

The high-performance assembled frame structure 
system proposed in this paper can make full use of 
the respective advantages of high-strength 
materials and energy dissipation technology to 
form assembled high-rise building structures with 
high seismic safety. 
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Long Span Structure Design of Beijing Daxing International Airport 
Terminal Building 
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Deng 
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Abstract 
Beijing Daxing International Airport Terminal has been named as the top of the New Seven Wonders 
by the Guardian. The 8 C-shaped columns in the central area of the terminal are organically 
combined with the roof structure to achieve the amazingly architectural effect. The new base and 
interlayer combined seismic isolation system is proposed to build the world's largest seismic-
isolation building which also becomes a new benchmark of isolated structure. This terminal is the 
first completed project in the world that integrated high-speed rail transit and terminal, and 
vibration caused by high-speed trains is also controlled to an acceptable level. 

Keywords: long-span structure design; parametric surface forming; seismic isolation; base-
interlayer isolation; C-shaped column; progressive collapse; vibration control. 

1 Introduction 
Beijing Daxing International Airport Terminal 
(BDIAT) is located in the Daxing District of Beijing. 
The terminal is 996m long from north to south and 
1144m wide from east to west.  

Figure 1 Aerial View of the Terminal Building 

The floor area of this terminal is around 800,000m2 
with a direct roof projection area of 350,000m2. It 
is the world’s largest airport terminal and has been 

named as the top of the New Seven Wonders by 
the Guardian. BDIAT is the first completed project 
in the world that integrated high-speed rail transit 
and terminal. 

2 Free-formed surface space steel 
structure supported by C-shaped 
columns 

The roof of the terminal is an irregular free-formed 
surface. A set of multi-disciplines fully-parametric 
curved surface forming system which integrates 
roofing, skylight, curtain wall, and steel structure 
has been developed to solve the difficulty of 
forming and position roof steel structure primary 
control grids on the curved surface. In the central 
area of the terminal, 6 groups of C-shaped columns 
with centrifugal openings and the roof of the 
central zone create an arch-shell structure, which 
offers a 180-meter-diameter column-free space 
and realizes a perfect integration of architecture 
and structure. The combined supporting system 
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formed by C-shaped columns and supporting cores 
provides excellent stability to the roof steel 
structure. 

3 Seismic-isolation for planer 
structure with enormous 
dimension 

The new base and interlayer combined isolation 
system is adopted in the central zone of BDIAT, 
which is the largest seismic-isolation system in the 
world. The 1152 seismic isolation bearings and 160 
sets of dampers composed in the system 
significantly reduce the effect of earthquakes, 
which ensure the safety of the structure during 
severe earthquakes action, and maintain airport 
function during maximum considered earthquakes. 
With benefit from the application of isolation 
technology, the structural thermal effects are also 
effectively reduced. This makes the realization of 
no expansion joints for a concrete floor slab with 
area of 180,000m2. 

Figure 2. Isolation Bearing Arrangement 

4 High-speed Railway Passing 
Through Terminal at High Speed 

BDIAT is a pivotal transportation hub project of the 
Beijing-Tianjin-Hebei Integration Plan. The high-
speed railway and subway are fully implanted into 
the terminal building. There are three lines under 
the terminal, the Beijing-Xiong'an Intercity Railway, 
the Daxing Airport Express and the Lang-Zhuo 
Intercity Railway, all include the trunk line. The 
operation of high-speed train has a complex impact 
on the vibration and noise of the terminal. 
Therefore, based on the train-induced vibration 
simulation, train-induced wind pressure time-

history analysis and aerodynamic noise simulation 
for the train passing through, an integrated 
solution for vibration analysis and control is 
proposed to solve the terminal structural vibration 
and noise problem caused by high-speed train 
passing. 

5 Conclusions 
A series key technologies are proposed including 
supporting system mainly composed of C-shaped 
columns, seismic-isolation system of a planer 
structure with enormous dimensions and vibration 
control technique for high-speed railway passing 
through the terminal. These techniques have 
solved critical technical problems in the 
construction of BDIAT. 
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Xiong'an Railway Station: A Supersized Railway Station in High 
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Abstract 
Xiong'an Railway Station is the super-large elevated railway station located in the high seismic 
intensity zone. The reinforced concrete frame structural system is adopted for the rail-bearing 
floor and the lower floors, while the steel structural system is adopted for the large span roof. H-
shaped steel frame beams are adopted for the elevated waiting hall, while double flange H-shaped 
steel beams are adopted in the area of great forces. Plane trusses are arranged bi-directionally 
between the frame beams to facilitate the laying and maintenance of equipment pipelines. The 
main span of the elevated waiting hall is 78m, and the variable-height box beams are adopted. The 
platform canopies are supported by special shaped steel pipe columns, and the roof frame beams 
are connected to the top of columns through spherical bearings. Structural innovations have been 
carried out in terms of semi-embedded column bases, stepped wall thickness steel pipe columns 
with special section shape, large-span stiffened thin-walled box beams, and bi-direction large 
displacement bearings.  

Keywords: high speed railway; railway station; SRC Frame; large span steel structure. 

1 Main structure 
The rail-bearing floor is 606m long from north to 
south and 307.5m long from east to west. The 
main structure below rails adopts the reinforced 
concrete frame structure system, the standard 
column grid size of railway station is 20~23m × 
24m, and the maximum column spacing along the 
rail direction is 30m. SRC columns with cross-
section size of 2.7m×2.7m are adopted in order to 
improve the seismic performance of the rail-
bearing floor. The SRC beams are adopted for the 
frame and rail bearing beams, the cross-section 
size of rail bearing beams along the rail direction is 

1200mm×2400mm, and the cross-section size of 
rail bearing beams perpendicular to the rail 
direction is 1400mm×3000mm. 

Fig.1  Xiong'an Railway Station 
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2 Fair Faced Concrete Frame 
Fair faced concrete beams and columns are 
adopted on a large scale below the rail-bearing 
floor. The arc cutting angle of SRC column changes 
gradually from the top to bottom, and a groove 
with the width of 200 mm and depth of 50 mm is 
set on the surface of column. Horizontal and 
vertical arc-shaped haunches are set at the ends 
of the SRC beams. The width of each side of the 
horizontal haunches is 350mm, and the maximum 
vertical haunch is 3050mm. The groove at the 
bottom of the beam is smoothly connected with 
the groove of the SRC column, and the column 
shrinks at the top. The beam and column are 
integrated, which greatly enhances the experience 
of passengers in the waiting space. 

Fig.2  The completed fair faced concrete structure 
of the ground waiting hall 

3 Stiffened Thin-walled Box Beams 
Stiffened thin-walled box beams are adopted in 
the middle of the span, in order to induce the self-
weight of structure and save steel consumption. 
By setting trapezoidal longitudinal stiffeners, 
transverse stiffeners and gusset plates on the web 
of thin-walled box beams, the local stability and 
seismic performance are improved, and it is 
convenient for fabrication and construction. 
Compared with the ordinary box beam with web 
width thickness ratio meeting the limit value of 
the specification, the stiffened thin-walled box-
shaped beam has the same deformation capacity, 
and can save 20% - 30% of steel. The stiffened 

thin-walled box beams are adopted in the mid-
span part of the 78m-span arched beams. 

Fig.3  The stiffened thin-walled box beam 

4 Conclusions 
(1) Through the design of the corners and surface
grooves of the SRC columns and bottom grooves
of the SRC beams of the rail-bearing floor, the
beautiful architectural effect of fair faced concrete
structure is realized.

(2) The stiffened thin-walled box beams are
adopted for the 78m long-span box girders of the
elevated waiting hall roof. By setting trapezoidal
longitudinal stiffeners, transverse stiffeners and
gusset plates on the web of thin-walled box
beams, the local stability and seismic performance
are significantly improved.
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Abstract 
In order to control the spread of the COVID-19 epidemic across the country, China has used all 
available resources to build infectious disease hospitals in various ways. These hospitals include 
three modes and adapt to different disease levels: temporary emergency hospitals; makeshift 
hospitals by transforming public buildings; and existing general wards transformed into infectious 
wards. Through the practice of several projects, on the basis of the original standard system, China 
urgently issued a series of relevant standards and guidelines to guide the construction of temporary 
hospitals. As one of the earliest cases of temporary emergency infectious disease hospital, the 
Thunder God Mountain Hospital adopted a prefabricated modular design concept in plan design, 
plane design and component design, and also combined the application of Building Information 
Modeling (BIM) and Computational Fluid Dynamics (CFD) technology. Based on industrialized 
module processing and manufacturing, combined with an efficient on-site construction 
management system, the problem was solved of completing the construction in a very short time, 
which played a key role in controlling the epidemic situation. 

Keywords: Thunder God Mountain Hospital; rapid design; standard production; prefabricated 
construction; construction management. 

1 Construction Concept of 
Emergency Hospitals 

With the spread of COVID-19, a large number of 
emergency hospitals have been built, transformed 
or expanded all over the country. These hospitals 
can basically be divided into three categories: 
temporary emergency hospitals; makeshift 
hospitals; and the transformation of existing 
hospital wards.   

2 Relevant Design Guidelines and 
Standards 

The existing national standard system for infectious 
diseases hospitals in China, which includes 

standards for the construction of medical facilities 
and technical standards for prefabricated buildings, 
is relatively complete. In the process, some new 
standards and guidelines on emergency hospitals 
and makeshift hospitals were formulated on the 
basis of the existing standard system. Prefabricated 
light steel structures are suitable for temporary 
emergency hospitals, which make full use of the 
standardization, modularization and integration of 
prefabricated buildings, and this met the 
requirements for rapid construction in an 
emergency perfectly. 
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3 Design and Construction of the 
Thunder God Mountain 
Hospital 

Thunder God Mountain Hospital is located in the 
south of a downtown area and in a downwind 
position of the city in winter. The site is flat and the 
ground is hardened, making it suitable for a 
temporary construction. The construction land of 
the Thunder God Mountain Hospital covers an area 
of 220,000 m2 and includes eastern and western 
blocks, with a total building area of 79,000 m2. The 
ward module is the major functional area of the 
isolation area. On the basis of modular design, 
different parts and components are produced in a 
standard manner. The units of container houses 
are composed of modular floors, roofs and 
wallboards. Rapid construction[1] requires two key 
factors, one is the coordination of design and 
construction, and  the other is construction  
management and resource allocation, which can be 
divided into the following five points: The 
integrative project management concept; different 
design processes seamlessly and coordinate with 
the construction;  A well-adapted and flexible 
structural system; On-site design and effective 
communication are also indispensable; Quality and 
safety. The five following difficulties have to be 
overcome: a detailed implementation plan; On-site 
personnel should be arranged at any time to 
enhance quality management; sufficient 
construction technicians; Subcontractors; a well- 
functioning allocation department. 

Although the importance of industrialization and 
assembly of building modules is relatively high, the 
integration between buildings and mechanical 
electrical plumbing equipment still depends on 
field installation, and the workload is quite heavy.  
During construction of the Thunder God Mountain 
Hospital, BIM technology and digital simulation 
prefabricated construction technology were 
adopted.[2] CFD simulation technology was carried 
out during the design process. The analysis of air 
distribution in the negative pressure ward aimed to 
find the best scheme for air supply and exhaust, 
thereby facilitating rapid circulation and exhaust of 
contaminated air, and reducing the risk of cross-
infection in the ward. 

4 Conclusions 
In the battle against the COVID-19 epidemic, 
temporary emergency hospitals and makeshift 
hospitals have made great contributions. The rapid 
construction of temporary emergency hospitals 
benefits from the design concept of modular and 
prefabricated construction, the collaborative 
management and resources integration capability 
of construction management, and the rapid 
development of China’s modern building industry 
system. The modular and prefabricated 
construction system has irreplaceable application 
value and enormous space for development. In 
future, various modules will be developed to satisfy 
the different   functional demands of medical 
facilities, and the integration of electrical and 
mechanical equipment will also be improved. In the 
meantime, the experience of makeshift hospital 
con- version is a reminder that the design of public 
buildings should not satisfy only the requirements 
of normal use, but also meet the demands of 
epidemic periods and maintain sufficient measures 
for emergencies. 
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Abstract 
The Chongming comprehensive training hall adopts a single-layer aluminum alloy spherical shell 
structure with a rise span ratio of 1 / 9, which is a small rise span ratio structure. Through the 
selection of structural system, this paper introduces the composition of single-layer reticulated shell 
structure, the relationship between structure and architectural modeling, indoor space and 
architectural lighting. Combined with the small rise span ratio structure, the elastic and elastic-
plastic ultimate bearing capacity of aluminum alloy reticulated shell is studied. It is suggested that 
only the elastic-plastic ultimate bearing capacity of aluminum alloy reticulated shell should be 
checked, and the ultimate load factor should be 2.0. The failure mode and ultimate shear capacity 
of the joints are obtained by shear capacity test.  

Keywords: single layer aluminum alloy spherical shell; small rise span ratio; elastoplastic ultimate 
bearing capacity; plate joint; shear capacity. 

Introduction 
The Shanghai Chongming Sports Training Bases is 
located in Chenjia Town, Chongming District. For 
the comprehensive training stadium, its roof 
adopts a 5m rise spherical shell structure with 
aluminum and steel. The roof size is 45m x 48m 
with a rise span ratio between 1/9 to 1/10, which is 
close to the preferable arch axis. For the 
natatorium, its roof adopts a single-layer 4.5m rise 
cylindrical shell structure with aluminum. The size 
of the roof is 45m x 48m with 1/9 rise-span ratio. 
The single-layer reticulated aluminum alloy shell 

structure is adopted for all roofs. (Fig.1 and Fig.2). 

Figure 1. Building dimensions 
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Figure 2. Structural system 

The Study of the Stability Bearing 
Capacity of Single Layer 
Reticulated Aluminum Alloy Shell 

The geometric non-linear and the material non-
linear during the ultimate elastoplastic bearing 
capacity analysis. The conformable imperfection 
mode method is used in the same time, applying an 
initial imperfection of 1/300 of the span. Based on 
this analysis, the structure obtains the ultimate 
bearing capacity when the load factor reaches 2.79. 
Then the bearing capacity decreases, meaning the 
ultimate elastic-plastic bearing capacity of the 
structure is sensitive to the initial imperfection. The 
structure starts buckling symmetrically along the 
diagonal of the roof when it comes to the ultimate 
state. 

Figure 3.  Comparison of load-displacement curves 
of elastic and elastoplastic ultimate bearing 

capacity 

Based on the comparison of the load-displacement 
curve between the elastic and elastoplastic analysis, 
their ultimate bearing capacity are close for 

aluminum alloy reticulated shell structure. As a 
result, it is suggested to consider the elastoplastic 
ultimate bearing capacity only with load factor 
bigger than 2.0. 

The Study of Joint Form and Shear 
Test 

The plate joint is used in this project. It connects 
two plates on both side by a stainless steel bolt. 
However, the shear force cannot be transferred 
since there is no connection plate between the two 
plates. A shear test is conducted to check the shear 
bearing capacity of the plate joint. (Fig.4) 

   Figure 4. Joint form of aluminum alloy structure 

The loading could be applied slowly after it reached 
about 250kN. But the plastic deformation of the 
joint plate developed rapidly and obviously. When 
the ultimate load was applied, there were two 
cracks appeared on each side inside the joint plate 
near the bolt holes. The joint plate was close to the 
tearing state, and the web of the aluminum 
member buckled.  

Figure 5. Failure mode of joint 

Since the structure was symmetrical and the load 
was applied anti-symmetrically, the curve 
corresponding to the test point was also anti-
symmetrical. Along with the increase of load 
applied, the stiffness of the joint decreased, and 
the gradient of the curve lowered. 
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Figure 6. Load displacement curve of specimen 
under shear force 

According to the test results, the ultimate shear 
capacity of the joint is 250kN. The maximum shear 
force at joint of the single layer reticulated shell 
structure is 60kN, so the joint shear bearing 
capacity is enough to keep it safe. 

Conclusions 
It is suggested to analysis the elastoplastic ultimate 
bearing capacity only, since the elasticity modulus 
of the aluminum alloy is relatively low and its 
ultimate bearing capacity of elastic and 
elastoplastic are close. It is proved that the joint 
plate has a certain shear capacity by conducting the 
shear test. Its shear capacity is safe enough to bear 
the maximum shear in this project. 
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Abstract 
As one of the largest fair-faced concrete structures in China, the Jingang Cultural Center includes 
many complex-shaped fair-faced concrete structures. This study focuses on the structural 
characteristics of Jingang Cultural Center. Aiming at the representative components, such as a 
deepening design, mushroom body structure, ridge eave structure, and arch-shell structure, a series 
of measures are studied, and a series of methods are proposed to improve the forming quality of 
fair-faced concrete with complex-shaped structures and enhance the feasibility and economy of 
fair-faced concrete in complex-shaped structures. 

Keywords: fair-faced concrete; complex special-shaped; deepening design; structural construction; 
construction simulation. 

1 Introduction 

Figure 1. The figure of Jingang Cultural Center 

Jingang Cultural Center includes a large area 
covered by a special-shaped fair-faced concrete 
structure and a long large-span cantilever structure. 

The maximum cantilever length is 8–10 m. The 
representative structures are mainly divided into 
35 mushroom bodies with different shapes and no 
repeatability, 3,080 m of oblique-plane curved 
hollow prismatic eaves, and a landing arch-shell 
structure.  

2 Deepening design of fair-faced 
crack-segmentation 

Through the application of building information 
modelling (BIM) technology (Figure 2), the integrity, 
feasibility, economy, aesthetics, and correlation 
with the surrounding structure of the special-
shaped fair-faced structure are multi-
dimensionally considered, and a set of fair-faced 
crack-segmentation design standards are 
formulated. 
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Figure 2. BIM model for an irregular fair-faced 
concrete structure 

3 Deepening design of surface 
expansion 

According to the characteristics of irregular 
surfaces, based on the problem of how to expand a 
complex irregular surface into an effective plane 
and reduce the subsequent repair and adjustment, 
surface-expansion deepening design technology 
based on Pro-E software (Figure 3) was developed. 
The blanking size and shape are determined 
intuitively and accurately, and the accuracy of the 
surface structure is ensured. 

Figure 3. Three-dimensional panel size converted 
to plane size 

4 Segment construction of structure 
The horizontal structure of the upper part of the 
mushroom body intersects horizontally, the 
reinforcement is dense, and the components are 
eccentric. To ensure the water effect at the bottom, 
the horizontal construction joint is set (Figure 4) 
and segmented pouring is adopted. The procedure 
of segmented pouring consists of two steps. First, 
when the reinforced steel binding of the upper 
expansion section is completed, the structure 
beneath the eaves will be poured. Then, the 

reinforced steel binding of adjacent floor beams 
will begin, so that the upper expansion section and 
adjacent floors can be poured simultaneously. 
Based on the established working conditions, 
ANSYS finite-element analysis and simulation 
(Figure 5) are used to analyse the minimum 
strength of the concrete poured first. The finite 
element simulation includes the structure finite-
element model, the load-bearing member, shape-
shift model, tensile and compressive stress analysis, 
and the structure-shift model.  

Figure 4. Structure segment construction 

Figure 5. Structure segment construction finite-
element simulation 

5 Conclusions 
The construction of Jingang Cultural Center demon
strates that it is feasible to apply fair-faced concret
e to complex special-shaped structures, and that h
igh-quality molding is feasible as well. The applicat
ion of finite-element analysis can simulate the stre
ss and strain of special-shaped structures, to lay a 
theoretical foundation for the construction of such
structures.  
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Abstract 
The main bridge of the Pingnan Third Bridge is a half-through concrete-filled steel tubular (CFST) 
arch bridge with a world-largest effective span of 560 m. Due to the significant breakthrough in span 
and the adverse environmental features of construction site, many technological difficulties were 
encountered in construction of the Pingnan Third Bridge. Accordingly, systematic innovative 
technologies on design, construction, material and management of large-span CFST arch bridges 
were proposed, and fairly remarkable technological and economic benefits were achieved in this 
bridge. Meanwhile, considering the proposed technologies have solved several key general 
bottlenecks of extra-large arch bridges, especially CFST arch bridges, the technologies can also be 
good references for other similar bridges in the future. 

Keywords: the Pingnan Third Bridge; CFST arch bridges; innovative technologies; design; 
construction; material; management. 

1 Introduction 
The main bridge of the Pingnan Third Bridge is a 
half-through concrete-filled steel tubular (CFST) 
arch bridge with an effective span of 560 m. The 
bridge ranks first in the world in the main span 
length. It started construction on August 7, 2018, 
and was completed on December 28, 2020. 

Figure 1. Photo of the completed Pingnan Third 
Bridge 

2 Design and construction 

2.1  The background 

The main span of the bridge was supposed to 
exceed 500 m according to the local conditions. 
Among the proposed bridge types, the 
construction cost of a CFST arch bridge was 
estimated to be 16% and 6% lower while the 
stiffness was 6 times and 1.5 times higher than a 
suspension bridge and a cable-stayed bridge. 
Moreover, an annual maintenance cost over RMB 
one million yuan would be saved. Thus, a CFST arch 
bridge was finally selected. 

2.2 Bridge design 

The main arch of the bridge is composed of two 
parallel arch ribs, with the effective span, rise-span 
ratio and arch axis coefficient being 560 meters, 
1/4 and 1.5. A four-tube truss section is adopted for 
each rib, with the radial height at the arch foot 
section, the radial height at mid-span section and 
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width being 17.0 m, 8.5 m, and 4.2 m. The chord 
tubes are 1.4 m in diameter and are filled with 
concrete with the strength grade of C70 according 
to the Chinese standard.  

The traffic support beam is a composite structure 
with a steel lattice beam overlapped by a steel-
concrete composite deck. The suspenders are 
wholly-extruded steel strand cables. The 
abutments are gravity-type anti-thrust structures. 

2.3 Bridge construction 

The construction of the superstructure followed 
the guidelines of factory manufacturing, waterway 
transportation and on-site installation. The factory 
manufacturing rate of the superstructure reached 
85% and no formwork was used. 

2.4 Construction management 

During the construction of the bridge, over ten 
modern intelligent technologies were used to 
realize the real-time, all-weather and multi-
dimensional monitoring of the quality, safety, 
progress and cost of the project. 

3 Pivotal innovations in technology 

3.1 Innovation in a non-rock, thrust-
resistant foundation 

The bridge is located in mild rolling terrain where 
the northern abutment stands on a thick layer of 
pebbles.  

Accordingly, the superstructure weight was 
reduced and the rise-span ratio was increased to 
reduce the vertical force and horizontal thrust on 
the foundation. The action point of the resultant 
vertical force was also adjusted to increase the 
foundation stress uniformity. Meanwhile, a novel 
composite foundation of “a diaphragm wall 
encapsulating a grouted pebble layer” was adopted. 
To be specific, a diaphragm wall was built on the 
bed rock first, and then the pebble layer inside the 
wall was reinforced by grouting. 

3.2 Innovation in active tower 
displacement control 

Considering the conventional tower displacement 
control methods indicate high cost and low 
accuracy, an intelligent displacement control 
method was developed. An active force was 
imposed on the wind cables to counter balance the 
horizontal force of the integrated tower caused by 
the suspension cables. The BDS was used to have a 
real-time monitoring of the tower displacement. 
An intelligent jack was used to actively adjust the 
cable force whenever necessary.  

3.3 Innovation in one-time tensioning and 
loosening of buckle cables 

The traditional cable tensioning method generally 
involves multi-time force adjustments and non-
uniform tension between cables. A one-time cable 
tensioning method was thus invented based on the 
influence matrix theory and the principle of 
“optimal process and controllable result” [1]. 

Also, a fast loosening technique was developed 
based on the influence matrix theory. It removed 
the buckle cables alternately from the arch foot to 
L/4 and from L/4 to the arch crown.  

3.4 Innovation in in-tube concrete rheology 
regulation and shrinkage compensation 

To regulate the rheological property of the in-tube 
concrete, a new type of high robustness 
polycarboxylate water reducer was developed. 
Meanwhile, a composite expansion agent which 
can flexibly compensate different types and sizes of 
shrinkage was invented to compensate the 
shrinkage effect, resulting in a whole-time non-
shrinkage of the in-tube concrete [2]. 

4 Conclusions 
Benefited from the proposed innovative 
technologies, the Pingnan Third Bridge has been 
successfully constructed. Specifically, during the 
28-month construction period, no construction
accident occurred and the excellent construction
quality was achieved. The total construction cost
and average construction cost per square meter
were RMB 573 million yuan and 18,152 yuan
respectively, which are lower than the budget.
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Abstract 
Based on the design and construction of the second Yangtze river bridge in Wuhu (hereinafter 
referred to as Wuhu Second Bridge), this article introduces the structure system of the full-floating 
cable-stayed bridge with four cable planes, single-column tower and separated steel box girders. A 
series of innovative structural measures have been taken to improve the safety and economy of 
the bridge, such as the looping stayed cable anchorage system, the diagonal damping constraint 
system, and the externally prestressed segmental assembled box girder used in the approach 
bridge. In addition, the finite element analysis software was used to study and analyse the 
mechanical characteristics of the bridge. The reliability of the structural anchorage system and 
damping constraint system was verified either.  

Keywords: looping stayed cable anchorage system; diagonal damping constraint system; 
externally prestressed segmental assembled box girder; finite element analysis; symmetric 
cantilevered assembly. 

1 Structural Design 
The main bridge of Wuhu Second Bridge has a 
total length of 1622m. The span layout of the 
bridge is (100+308+806+308+100) m. It is a full 
floating cable-stayed bridge. There is no vertical 
support at the junction of tower and girder. Two-
way sliding bearings are only set at side piers and 
transition piers. The bridge tower is of single-
column type, and the main girder is flat steel 
boxes. 

1.1 Looping Stayed Cable Anchorage 
System 

The looping stayed cable anchorage system is an 
anchoring method of "surrounding on the tower 
and anchoring on the bridge deck", that is, the 
two ends of each stayed cable are anchored in the 
same direction on the bridge deck after turning 
around the bridge tower, see Figure. 1. Different 
from direct anchoring, this method gives full play 
to the compressive properties of concrete 
structures by converting the tensile force of the 
stayed cables to the bridge tower into radial 
pressure. It not only makes the bridge tower 
"slender", but also presses it stronger, thereby 
avoiding the formation of cracks in the bridge 
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tower. The saddle is like a prestressed corrugated 
pipe, cables can easily pass through.1 

Figure 1. Looping stayed cable anchorage system 

1.2 Diagonal Damping Constraint System 

Since Wuhu Second Bridge is a full-floating 
structure ， the "diagonal damping constraint 
system" as shown in Figure.2 is proposed to 
simplify the structure. The damper provides both 
longitudinal and horizontal constraints to the main 
girder, which reduces the number of viscous 
dampers and the cost of seismic response 
control.2 

Figure 2. Diagonal damping constraint system 

2 Case Study of Wuhu Second Bridge 

2.1 Analysis of Overall Structure 
Performance 

Comparison of the stress calculation results of 
steel box girder with double-cable plane and four-
cable plane is shown in Table 1. 

Table 1. Stress calculation results of steel box 
girder 

Longit
udinal 
stress 

Transver
se stress 

Axial 
stress 

of 
cross 
beam 

Shear 
stress 
of top 
plate 

Principal 
stress 

double-
cable 

-100
MPa

104 
MPa 

93 
MPa 

20 
MPa 

143 
MPa 

plane 
four-
cable 
plane 

-106
MPa

45 
MPa 

40 
MPa 

5 
MPa 

112 
MPa 

2.2 Mechanical Property of Cable-Tower 
Anchorage Structure 

The calculation and analysis results show that the 
concrete in contact between the tower and the 
inner side of the saddle bears the radial pressure 
directly, and the pressure is transmitted to the 
concrete within 3 times the width of the saddle. 
The stress spreads uniformly outside this range. 
The anchoring method is reliable and the load 
transfer is reasonable. 3 

3 Conclusions 
A variety of problems have restricted the 
breakthrough of the span length of cable-stayed 
bridges. Through the application of innovative 
technologies such as the looping stayed cable 
anchorage system and diagonal damping 
constraint system, Wuhu Second Bridge solved the 
problem of the bridge tower’s durability and 
greatly reduced the cost of seismic control of long-
span cable-stayed bridges. The reliability of the 
anchorage system and damping constraint system 
is verified by the accurate finite element analysis. 
The approach bridge of Wuhu Second Bridge 
adopts externally prestressed segmental box 
girder, which effectively lightens the whole bridge 
weight and realizes rapid standardized 
construction. Wuhu Second Bridge has been in 
operation since 2017, it provides an excellent 
example for the design and construction of full-
floating large-span cable-stayed bridges. 
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Abstract 
The main bridge of Nanjing Jiangxinzhou Yangtze River Bridge is in the form of a cable-stayed bridge 
with three towers and two main spans, with a total length of 1796m and a main span of 600m. The 
towers and main beams are all composite structures, which is the first all-steel-concrete composite 
cable-stayed bridge in the world. The bridge originally develops the steel shell-concrete composite 
tower, investigates coarse aggregate reactive powder concrete (CA-RPC), and applies it to the main 
girder to form a lightweight and high-performance beam. Numerous technologies have been 
achieved in new materials, new structures, new processes, and many other aspects. The unique 
structural concept has significantly increased the factory manufacturing speed, which not only 
reduces the work and labour cost 25% but also reduces the amount and loss of materials during 
construction, which has made contributions to the development of cable-stayed bridges.  

Keywords: cable-stayed bridge; steel shell-concrete composite structure tower; steel-CA-RPC 
composite beam; bridge design; construction technology. 

1 Introduction 
Nanjing Jiangxinzhou Yangtze River Bridge is the 
world's first cable-stayed bridge with a steel-
concrete composite structure for its towers and 
beams. It originally applied the steel shell-concrete 
composite structure tower, which effectively 

improves the structural performance, durability, 
and industrialization degree of the tower 
manufacturing. Meanwhile, CA-RPC has been 
developed and applied to the main girder of the 
bridge to form a lightweight and high- 
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Fig. 1 Main bridge of Nanjing Jiangxinzhou 
Yangtze River Bridge 

performance steel-concrete composite beam. It 
also provides new ideas for the construction of 
cable-stayed bridges. 

2 Overall Structural Design 
Conception 

The three-tower cable-stayed bridge type has been 
finally selected with the span layout of 
80+218+2×600+218+80=1796m. In order to obtain 
higher longitudinal stiffness of the cable tower and 
reduce the structural load response, the diamond-
shaped towers are opened longitudinally and an 
effective main girder restraint system is arranged 
in the middle tower, which can avoid the complex 
internal force of tower structure, and effectively 
improved the overall structural stiffness at 
meantime.  

Ultra-high-performance cement-based materials 
with high elastic modulus, low total shrinkage, low 
creep, excellent flexural and tensile properties CA-
RPC has been investigated and used. It is more 
suitable for combining with steel structure, forming 
a light self-weight steel-coarse aggregate reactive 
powder concrete composite beam with high 
bearing capacity, excellent structural performance, 
which can provide the steel-concrete composite 
beam with greater spanning capabilities and wider 
applicability. 

Considering the structural characteristics of the 
three-tower cable-stayed bridge, the main girder 
support system is arranged as follows: ①
Longitudinal and vertical bearings and horizontal 
wind-resistant bearings are equipped at the middle 
tower to restrain the corresponding displacement; 
②Vertical bearings and horizontal wind-resistant
bearings are arranged at the side tower, and
longitudinal limit devices are installed; ③ Vertical
bearings, horizontal wind-resistant bearings，and

longitudinal E-type dynamic energy dissipation 
devices are arranged at assistant piers; ④ Vertical 
bearings and horizontal wind-resistant bearings are 
arranged at transition piers. 

3 Steel shell-concrete composite 
cable tower structure 

The composite towers inherit the advantages of 
steel towers and concrete towers and make up for 
their shortcomings. In addition to excellent bearing 
capacity and structural ductility, the towers also 
have the advantages of convenient on-site 
construction, low human labor requirement, and 
excellent durability. Based on the superior 
structural performance, the lateral width of the 
tower column at the main beam of the horizontal 
single-column tower is only 4.6m～5.8m, which 
can meet the requirements of structural strength 
and stability, significantly reducing the scale of 
materials. The towers adopt a factory-based and 
assembly-based construction method, on-site 
construction efficiency increased by more than 
40%, and the labor input on site was reduced by 
70%. The level of industrialized bridge construction 
is improved and good economic and social benefits 
are achieved. 

Fig. 2 steel shell-concrete composite cable towers 
segmental structure 

4 Steel-coarse aggregate reactive 
powder concrete composite beam 
structure 

The latest invented cement-based material named 
Coarse Aggregate Reactive Powder Concrete(CA-
RPC), is featured with high compressive strength, 
high elastic modulus, low total shrinkage, low creep, 
excellent flexural and tensile properties. It can be 
obtained through conventional curing. The overall 
structural performance of the main girder is 
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Abstract 
Qingshan Yangtze River Bridge is a cable-stayed bridge with a main span of 938 m, which is the fifth 
largest cable-stayed bridge in the world. In order to cope with challenges such as long span, wide 
bridge deck and heavy load, the girder of the main span adopts integral steel box girders, while the 
side span adopts steel box-concrete composite girders. The interface of the two types of structure 
is located on the middle span, 18 m to the bridge tower. The main girder is 4.5 m in height and 48 
m in width. The main tower is an A-shaped concrete tower with a height of 279.5 m. The stay cables 
are arranged in a fan shape. The main girder section near the tower is supported by No.0 cable 
instead of a lower beam to achieve an optimum architectural effect. The foundation of the main 
tower adopts a rotary bored concrete pile. The bridge adopts a fully floating structure system. A 
restraint system of viscous damper + limit block is adopted in the longitudinal direction, while a 
system of separated c-section steel dampers with shear clip tenon + vibration reduction and wind 
resistant supports are adopted as horizontal restraints. 

Keywords: cable stayed bridge; steel box girder& steel box composite girder; main tower in a-shape; 
pile cap in dumbbell-shape; entirely floating system. 

1 Overview 
Qingshan Yangtze River Bridge is located in the 
northeast of Wuhan. The structure type of the 938 
m span cable-stayed bridge has a double-tower and 
a double-cable plane, and is ranked fifth among the 
cable-stayed bridges already built in the world. The 
span arrangement of the main bridge is 
100+102+148+938+102+100=1638m. The main 
girder adopts an integral steel box and steel box 
combined beam. The stay cables are arranged as a 
fan. The bridge tower adopts an “A”-shaped 

concrete tower without a lower beam. The layout 
of the bridge facade is as Fig.1:  

Fig. 1: Elevation of the main bridge (unit: m） 
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2 Structure Design of the Bridge 
The bridge deck is arranged with eight lanes in both 
directions, and emergency parking strips with a 
width of 3.25m are set on both sides. 

The height of the main girder in the middle span is 
4.5m, and the width of the cross-section is 48m, 
and 4 webs are arranged longitudinally. 
Orthotropic steel plates are applied on the top 
surface of the steel main girder (range of driveway) 
and bottom plate, and the stiffener is U ribs. The 
space between the diaphragm is 2.5m, the truss 
structure is adopted, the middle chamber of 
crossbeam web is hollow, with truss. The side 
chamber is solid abdomen type, and the 
corresponding bridge deck thickness is 18mm and 
16mm respectively, in order to deal with different 
load stresses generated by the freight vehicles (in a 
range of 12.3m on the side of the deck) and cars (in 
a range of 17.1m in the middle of the deck). At the 
same time, for the u-rib of the bridge deck, the 
double-sided welding technology is adopted to 
further alleviate the stress distribution of the local 
parts, which is trying to overcome the cracking and 
pavement diseases caused by the fatigue stress of 
the steel deck system. Standard cross-sectional 
arrangement of the main girder is as Fig.2: 

Fig. 2: Cross section of the main girder 

 at the main span (units: cm) 

3 Construction of the Main Bridge 

The steel girder segments were manufactured in a 
factory and transported by ship to the bridge site, 
and then lifted to the correct position by a crane.  

The composite girders of the side spans were lifted 
from the main tower side by a floating crane, and 
then pushed to the side spans on the scaffolds by a 
jacking device. Then the line-type was adjusted, 
followed by the installation of a partitioned precast 
concrete bridge deck, and finally the steel girders 
were combined with the concrete deck to form a 
whole through girder launching and falling and wet 
joint as Fig.3. This part of the work was carried out 
at the same time as the construction of the main 
tower being finished before the main tower caps 
had been completed.  

The steel box girder at the middle span was 
installed by a crane on the girder using the 
cantilever method. After the installation of the side 
span combined beam was completed, the 
segments were lifted by the bridge deck crane from 
the water, and constructed by section from the 
main tower to the direction of the middle span 
synchronously from the two main towers, until the 
whole bridge was closed.  

The total construction period was 48 months. The 
project was successfully completed four months 
ahead of schedule, reflecting the rationality of the 
design. 

Fig. 3. Photo of the construction site 

 Qingshan Yangtze River Bridge 
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significantly improved, and at the same time, the 
structural self-weight can be reduced by over 30%. 
The lightweight and high-performance steel-
concrete composite girder body systematically 
reduces the investment in the project and 
improves the structural durability. To make the 
mass-produced CA-RPC bridge deck components 
homogeneous and reliable, based on the material 
characteristics, the world's first CNC automated 
deck manufacturing production line was developed, 
realizing the production of coarse aggregate 
reactive powder concrete bridge decks. The 
automation and intelligence of the stacking 
industry of steel and concrete components have 
significantly improved construction quality and 
production efficiency. 

Fig. 3 Steel-CA-RPC composite girder segment 

5 Conclusions 
Nanjing Jiangxinzhou Yangtze River Bridge is the 
first cable-stayed bridge that use steel-concrete 
composite structure in both cable tower and main 
girder in the world. Two new structures, steel shell-
concrete composite tower and steel-coarse 
aggregate reactive powder concrete composite 
beam, were developed in construction. The 
application indicates that: 

(1) The steel shell-concrete composite tower not
only inherits the advantages of factory
manufacturing, modular installation of steel cable
tower, and high rigidity and strong bearing capacity 
of concrete cable tower but also makes the
structural performance more excellent and the
cost in engineering materials is effectively reduced.
The steel shell is not only a component of the
stressed structure but also a template for
construction, which eliminates the complicated
and labour-intensive processes such as the
erection of concrete towers and the binding of
steel bars. It also increases the factory-based rate
of tower construction and realizes rapid
construction.

(2) Compared with traditional steel-concrete
composite beams, steel-coarse aggregate reactive
powder concrete composite beams have lighter
self-weight, lower shrinkage and creep stress,
higher cracking resistance, and structural
performance. The steel-concrete composite beam
cable-stayed bridge provides a new type of main
beam structure for the development of larger span
bridges.

(3) Steel shell-concrete composite towers and
steel-coarse aggregate reactive powder concrete
composite beams are suitable for factory
manufacture, which is beneficial to improve
production efficiency and quality, shorten the
construction period, reduce equipment occupancy
of test pieces, and greatly reduce bridge site
manual input and equipment occupancy time, and
save construction cost..
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Abstract 
The main navigable bridge is a three-tower steel box girder cable-stayed bridge with a span of 
78+187+2×550+187+78 m. The design reference wind speed is 42.3m/s. The main navigation span 
can navigate 100,000-ton ships. In order to improve the overall stiffness of the bridge under 
unbalanced live loads, some measures are studied, such as the restraint conditions, the stiffness of 
the tower, the stiffness of the beam, the number of stay cables in the side and central tower, and 
so on. Through the wind tunnel test research, the control measures for the buffeting performance 
of the double cantilever are clarified. According to the IABSE vessel collision model, the vessel 
collision force is determined. A double-layer collision protection structure is used to protect the 
bridge and reduce vessel collision damage. In order to improve the structural durability, high-
performance epoxy steel bars are used in the splash zone. The cable-anchor beams of the towers 
are made of weathering steel. Maintenance vehicles are installed in the main beam which is 1.63 
km. Through the above measures, the structural performance is guaranteed.  

Keywords: three-tower cable-stayed bridge; overall stiffness; buffeting performance of double-
cantilever state; double layer collision protection structure; structural durability. 

1 Introduction 
The Main Passageway of Ningbo-Zhoushan Port 
(the “Main Passageway” hereafter) is located at the 
Zhoushan Islands in northeast Zhejiang Province, 
China. The Main Passageway has a design speed of 
100 km/h, a standard subgrade width of 26.0 m, 
and a total length of 25.659 km (which covers an 
overwater length of 16.734 km and is configured 
with an overwater interchange). The total 
investment in the project is CNY 12.28 billion 
(approximately EUR 1.59 billion). 

Due to the constraints on the construction project, 
the main navigable bridge was designed as a three-
tower cable-stayed bridge with two main spans of 
550 m, as shown in Figure 1. The design of the 
bridge needed to resolve the following key 
problems: 

(1) Measures for ensuring the overall structural
stiffness
(2) Wind-resistance performance in the maximum
double-cantilever state during construction
(3) Vessel collision design of the structure
(4) Structural durability design
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Figure 1. Photo of the completed main navigable bridge 

2 Key techniques for improving the 
overall structural stiffness 

Table 1 shows the major measures adopted. 

Table 1 Measures for improving the overall 
structural stiffness 

Serial 
no. Measure Description 

1-1 Increasing the
stiffness of the 
towers 

Cross-sectional area at the bottom of the 
central tower: 9.5×13.5 

1-2 Cross-sectional area at the bottom of the 
side towers: 9.5×11.5 

2 

Adjusting the 
constraint 
between the 
main girder and 
central tower 

Constraining the longitudinal-horizontal 
displacement of the main girder at the 
central tower 

3 
Increasing the 
height of the 
steel-box girder 

Height of main girder: 3.5 m; height-to-
span ratio: 1/157 

4 

Adjusting the 
ratio between the 
number of cables 
mounted on the 
side and central 
towers 

Ratio between the numbers of cables 
mounted on the side and central 
towers:17/15 

5 
Increasing the 
height of the 
towers 

Elevation of the top of side and central 
towers: +188m; ratio between above-
main-girder tower height and span: 
1/4.23 

6 

Adjusting the 
ratio between the 
side and central 
spans 

Ratio between side and central spans = 
0.482 

7 Adding auxiliary 
piers Added one auxiliary pier 

3 Conclusions 
(1) The deflection-to-span ratio after stacking the
positive and negative deflections is 1/414,
satisfying the requirement that the deflection-to-
span ratio 1/400[1].

(2) In order to control the buffeting effect in the
maximum double-cantilever state of the central
tower, strengthening the temporary constraint
between the central tower and main girder and
adding brackets to constrain the rotational and
longitudinal displacement of the main girder during 
construction

(3) According to the IABSE vessel collision model,
the vessel collision force is determined. A double-
layer collision protection structure is used to
protect the bridge and reduce vessel collision
damage.

(4) In order to improve the structural durability,
high-performance epoxy steel bars are used in the
splash zone. The cable-anchor beams of the towers
are made of weathering steel. Maintenance
vehicles are installed in the main beam which is
1.63 km.

4 References 
[1] JTG/T 3365-01. Specifications for design of

highway cable-stayed bridge; 2020.

2095



IABSE Congress Nanjing 2022 
Bridges and Structures: Connection, Integration and Harmonisation 

Key Construction Techniques of East Tower and Anchorage of 
Lingdingyang Bridge in Shenzhong Link 

Hong Zhang, Hang Yuan, Hehui Zheng 
CCCC Second Harbour Engineering Co., Ltd., Wuhan 430040, China;  
Key Laboratory of Large-span Bridge Construction Technology, Wuhan 430040, China; 
CCCC Highway Bridge National Engineering Research Centre Co. Ltd, Beijing 100088, China. 

Contact:459883413@qq.com 

Abstract 
Lingdingyang Bridge of Shenzhong Link is a three-span suspension bridge with a full floating system 
of 580 + 1666 + 580. In view of the complex construction conditions of the bridge site, the 
construction scheme of island cofferdam was proposed for the east anchorage, and the flexible 
combined island cofferdam structure of ' lock steel pipe pile + I-shaped sheet pile + parallel steel 
wire rope ' was innovatively adopted to transform the offshore construction into land construction. 
For the east cable tower, the flexible manufacturing production line of steel mesh was developed, 
and the integrated intelligent tower building equipment suitable for ultra-high concrete cable tower 
was developed, forming the industrial construction technology of ultra-high cable tower based on 
reinforced bar product and intelligent tower building. The key construction technology of anchorage 
and tower solves the construction problem of super long-span suspension bridge in offshore sea, 
and improves the intelligent and industrial construction level of ultra-high tower engineering.  

Keywords: suspension bridge, sea anchorage, island cofferdam, ultra-high tower, industrial 
construction. 

1 Introduction 
The Shenzhong Link Project is a world-class sea-
crossing cluster project connecting Shenzhen City 
and Zhongshan City in Guangdong Province, which 
is a super large-scale integration of ‘bridge, island, 
tunnel and underground interworking’. The total 
length of the Shenzhong Link project is 24 km, of 
which the sea-crossing section is 22.4 km. The two-
way eight-lane highway standard is adopted, and 
the design speed is 100 km/h. The island tunnel 
project and the bridge project from Shenzhen to 
Zhongshan are in turn. The Lingdingyang Bridge, as 
the key control project in the bridge project, 
crosses the Shenzhong Link and adopts the 
structural form of a three-span full floating system 

suspension bridge with 580 + 1666 + 580, as shown 
in Figurer 1. 

The east anchorage of Lingdingyang Bridge is a 
gravity anchorage in the sea. The foundation 
adopts the ‘8’shaped diaphragm wall structure 
(107.1m in length, 65m in width and 1.5m in 
thickness). The concrete pouring amount of the 
anchorage is 34.3t, and the structure is huge. It is 
in the broad sea area and adjacent to the 100,000 - 
ton Lingdingyang waterway. The bottom of the 
anchorage foundation is mostly flow plastic and 
soft plastic silt, and the silt layer is thick and the 
lateral stability is extremely poor. In addition, the 
typhoons are frequent in the region, and the water 
operation time is long and the safety risk is high.
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Figure 1 layout Plane of Lingdingyang Bridge in Shenzhong Link (unit: mm) 

The tower column of Lingdingyang Bridge is a 
portal structure with a height of 270m, and the 
steel structure with a height of 7.5m is adopted by 
the top of tower crown. The whole tower limb is set 
up with three cross beams, namely, the upper, 
middle, and lower beams. The tower column 
adopts a hollow octagonal, and the section size 
gradually changes from the maximum 13m × 16m 
to 7.55m × 12m. The construction of cable tower 
column is divided into 48 sections, and the 
standard section is divided into 4.5m and 6 m 
according to the height, and the slope changes at 
79m. The ultra-high cable tower is in high 
temperature, high humidity, and high salt 
environment, so the requirements for the quality 
of concrete column are higher. The three-
dimensional sign of the tower and anchorage 
shows that Figurer 2 and. Figurer 3. 

Figure 2 
Lingdingyang 
Bridge tower 

(unit: cm) 

Figure 3 Structure diagram of 
the Lingdingyang Bridge 

anchors (unit: cm) 

2 Construction of the east anchorage 
artificial island 

In order to reduce the construction difficulty and 
safety risks of large-scale offshore anchorage, and 
transform offshore construction into land 
construction, the flexible composite cofferdam 

structure system of 'locking steel pipe pile + I-
shaped sheet pile + parallel steel wire rope' is 
innovatively proposed for the eastern anchorage of 
Lingdingyang Bridge. Based on this system, the key 
technologies for rapid island construction are 
formed1,2,3. For rapid island construction, firstly 
carry out foundation treatment in the construction 
area, inserting plastic drainage boards, and 
construct a combined structural cofferdam after 
foundation treatment is completed to form a 
circular cofferdam with a diameter of 150m. 
Conclusions. 

3 Conclusion 
The construction site is far from the land and the 
construction process typhoon is frequent. The 
construction organization is difficult to construct in 
the marine environment and high safety risks. The 
flexible combination containment structure of 
locking steel pipe piles and plate piles and parallel 
wire ropes is proposed, which forms the key 
technology of rapid island construction. It solves 
the problem of construction of super-sized 
anchorage in the sea, forms the construction 
condition of land area in the sea, and reduces the 
construction safety risk. The steel mesh flexible 
production line was developed, and the key 
technologies of ultra-high tower reinforced parts 
were formed. It has developed integrated 
intelligent building tower equipment, achieving 
high tower construction plant conditions, 
effectively guaranteeing concrete quality and 
operation safety under vicious ocean environment, 
and enhances tower construction efficiency to 
1.2m/d. At present, the Lingdingyang Bridge tower 
and anchorage are about to complete the 
construction, is expected to start construction of 
the superstructure in January 2021, which is 
expected to be completed in June 2023. 
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Abstract 

Cables in cable-stayed bridges become super long, exceeding 600 m in the case of the Changtai 
Bridge which is under construction. Owing to their low inherent damping, cable are subjected 
various types of vibrations. A combination of aerodynamic treatments and supplemental 
mechanical dampers is required to suppressing such vibrations. However, providing sufficient 
damping to all the modes subjected to vibrations is still a challenge issue. This study presents full-
scale measurement and field tests results of cable inherent damping and damper efficiency. 
Theoretical developments on multimode damping analysis of a cable with distributed dampers at 
different locations and cable networks formed by using cross-ties interconnecting neighboring 
cables are discussed. Practical measures, including by adding inerter, negative stiffness devices, 
and by installing both internal and external dampers for enhancing multimode damping are 
investigated.  

Keywords: cable vibration control; multimode damping; negative stiffness device; vortex-induced 
high-mode vibration. 

Figure 1. Graphical abstract 
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1 Cable vibration and control 

Cables in cable-supported bridges are known to 
subjected to problematic vibrations [1], including 
wind-rain vibrations, vortex-induced vibrations 
and galloping and so on. Among the vibrations, 
wind-rain vibrations can occur to cable modes 
with frequency in 1.0-3.0 Hz and vortex-induced 
vibrations can happen to high-order modes with a 
frequency higher than 10 Hz. For suppressing such 
vibrations, a combination of aerodynamic and 
mechanical measures is required. With the cable 
length further increased, exceeding 600 m for the 
case of the Changtai Bridge, cable fundamental 
frequency is further reduced and hence there are 
more modes can be involved in wind-rain 
vibrations. Besides, the restriction on damper 
location and increase of cable sag further limit the 
supplemental damper provided by dampers. In 
this context, this study provides a summary of 
recent studies by the authors towards multimode 
damping enhancement of long cables.   

2 Cable inherent damping and 
damper efficiency 

Cable inherent damping and damper efficiency are 
obtained from full-scale experiments and field 
tests, to guide the design objectives and damper 
performance improvement. During the last two 
decades, full-scale experiments on prototype 
cables over 200 m long and field tests on existing 
cable-stayed bridge in China.  

3 Theoretical developments 

Several models including three-element Maxwell 
model and fractional derivative model have been 
investigated. The accuracy of the predicted 
damping has been largely increased.  

For discussing damping of distributed dampers on 
a cable, a general theoretical model of a cable 
with damping with two damping forces at 
arbitrary locations has been established. Typical 
combinations of dampers have been investigated 
for multimode cable damping effect.  

A general numerical model for cables with near-
anchorage dampers and interconnected cross-ties 
has been proposed for damping and responses 
analyses. Experimental studies on full-scale cable 
networks have been carried out for validation.  

4 Multimode damping enhancements 
and applications 

Inerters and negative stiffness devices have been 
proposed to improve cable damper performance. 
Theoretical studies of the configuration of inerter-
damper devices and comparative studies of those 
devices in multimode cable vibration control have 
been performed. Experimental study on typical 
devices has been also conducted.  

For an existing cable-stayed bridge, an HDR 
dampers installed at the end of guide pipe beside 
of the external damper to suppress the high-mode 
cables when only the external damper is installed. 
Field tests have been performed to investigate the 
internal damper on the external damper. Long-
term monitoring has validated the effectiveness of 
the internal damper on mitigating high-mode 
cable vibrations. 

The theoretical and technological developments 
have been applied in cable vibration control 
design for typical cable-stayed bridges, including 
the Rod El Farag bridge in Egypt, the Sutong 
Bridge and the Changtai Bridge and so on.  

5 Conclusions 

This study summarizes the theoretical and 
technological developments for multimode 
vibration suppression of long cables. Those 
advancements have been illustrated by 
applications to several iconic bridges. 
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Abstract 
Carbon fiber reinforced polymer (CFRP) materials have the advantages of a high strength/weight 
ratio, corrosion resistance. Bridge construction with CFRP cable rather than steel cables has a wider 
span, better load capacity, and longer life span. Due to the anisotropy of the CFRP materials, 
achieving effective anchorage for CFRP cables is challenging. To address this problem, a self-
anchored integrated CFRP cable has been proposed. Recently, the novel cable was adopted in a 
truss bridge in Shanghai. The utilization of the novel cable contributed to rapid construction and 
ensure structure safety, which is quite attractive for future bridge construction. 

Keywords: carbon fiber reinforced polymer (CFRP); cable; anchorage; engineering application, truss 
bridge. 

1 Introduction 
Carbon fiber reinforced polymer (CFRP) 
materials have the advantages of a high 
strength/weight ratio, corrosion resistance. 
Therefore, the CFRP cable has good 
mechanical performance, durability and ease 
of transportation and construction. Bridge 
construction with CFRP cable rather than steel 
cables has a wider span, better load capacity, 
and longer life span. Due to the anisotropy of 
the CFRP materials, achieving effective 
anchorage for CFRP cables is challenging. 
Various CFRP cables with different 
configurations have been proposed in recent 
years [1-3]. To achieve more effective anchorage, 
a self-anchored integrated CFRP cable (as 
shown in Fig.1) was proposed and studied by 
the authors [4,5]. In the manufacturing process, 

the carbon fiber prepregs were wound 
continuously on steel shafts at both ends, 
forming a ring-shaped member similar to a 
conveyor belt. This paper introduces the first 
engineering application of the novel cables in 
bridge engineering, which has achieved rapid 
construction and installation with better 
performance. 

Fig.1 Conceptual diagram of self-anchored 
integrated CFRP cable 
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2 Project overview 
The project bridge is located in Shanghai and is 
mainly used to transport industrial products. The 
bridge span is 30 m, the height is 4.5 m, and the 
bridge width is 4.0 m. The main body of the bridge 
is a steel truss bridge (as shown in Fig.2). The top 
chords, bottom chords, vertical structs are steel I-
beams and the diagonal members are replaced by 
the CFRP cables. 

Fig.2 Truss bridge with CFRP cable (Integral hoisting) 

The CFRP cables adopted in this project have a 
length of 4.3 m (between the centers of the steel 
ring at two ends) and a cross-section of 115 mm×22 
mm. The total amount of carbon fiber prepregs is
approximately of 28 kg and the ultimate strength
exceeds 4550 kN.

3 Structural Analysis 

Fig.3 Calculation diagram 

A comparative structural analysis between the 
truss bridge with steel or CFRP members was 
developed by spatial finite element analysis (The 
steel members are made of HW100 I-beams). The 
calculated load includes dead load, temperature 
load, live load, etc. The load value is determined 
according to the actual engineering situation, and 
the load combination is selected according to the 
Chinese code [6]. The main structural model is 
shown in Fig.3 (no horizontal bracing shown). 

Under fundamental combination, the steel 
members in the truss bridge with CFRP cables are 
at a lower stress state than those in the steel bridge 

(Maximum compressive stress: 47.6 MPa<48.3 
MPa; Maximum tensile stress: 44.5 MPa<45.2 
MPa). And the safety coefficient of the CFRP 
diagonal members is much larger (11.39>1.37).  

The stiffness of CFRP cables is lower than that of 
steel members. Therefore, under characteristic 
combination, the deflection of the bridge of CFRP 
cables is slightly larger (10.8 mm >10.1 mm). 
Despite this, the bridge can still meet the deflection 
demands. 

The natural frequencies of the two bridges were 
also calculated and the first vertical frequencies are 
9.8 Hz (steel) and 10.0 Hz (CFRP), respectively.  

In conclusion, the bridge with CFRP cables has 
similar stiffness to a whole steel bridge and a larger 
safety margin. 

4 Conclusions 
(1) The self-anchored integrated CFRP cable

achieves effective anchorage and has the
advantages of high strength, low weight, ease
of transportation and construction, etc.

(2) The truss bridge with CFRP cable has high
safety margin and good structural stiffness.,
which is a successful engineering exampling for
replacing traditional structural members by
novel CFRP members.
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Abstract 
Laminated elastomeric bearings are broadly used in large bridges for adjusting the deformation and 
ensuring the safety of the bridge structure. Interestingly, the bridge bearing’s deformation contains 
rich information that reflects the complex load conditions of the bridge structure. Nevertheless, the 
structural health monitoring (SHM) of the bridge bearings has not been carried out effectively due 
to the special characteristics of bridge bearings’ deformation, including the large range and the 
existence of varied forms. Along these lines, a novel conductive polymer composite-based flexible 
strain sensor was fabricated by employing a facile solution-blending method. More specifically, the 
proposed strain sensor was composed of thermoplastic polyurethane (TPU), multiwall carbon 
nanotubes (MCNTs), and silane coupling agent KH550. The utilization of the KH550 not only 
promoted the dispersion of MCNTs within the TPU matrix but also enhanced the interfacial bonding 
between the MCNTs and the TPU matrix, resulting in the large strain range (~150%) of the silanized 
MCNT/TPU strain sensor. More specifically, the silanized strain sensor with 3.0 wt% MCNTs 
demonstrated extraordinary linearity, promising gauge factor (~ 8.12), and great durability under 
the enforcement of a tensile strain up to the value of 150% through the application of consecutive 
stretch–release tests. On top of that, the compressive bending sensing tests proved the stable and 
repeatable bending sensing capability of the proposed silanized strain sensor. Moreover, the 
silanized strain sensor could effectively monitor the shear and the compressive deformation of the 
laminated elastomeric bridge bearings. This work provides a new way for fabricating flexible strain 
sensors with enhanced strain range, which validates the feasibility of the strain sensor for 
monitoring the bearing’s deformation and provides an experimental basis for developing the SHM 
of the laminated elastomeric bridge bearings. 

Keywords: laminated elastomeric bridge bearings, bearing’s deformation, structural health 
monitoring, flexible strain sensor, thermoplastic polyurethane, multiwall carbon nanotubes, silane 
coupling agent 

1 Introduction 
Bridge structural health monitoring (SHM) plays a 
vital role in ensuring both the health and the safety 
of long-span bridges[1] [2] . Under this perspective, 

it leverages modern sensing and signal processing 
techniques to detect structural damage and at the 
same time evaluate the trend of structural 
performance degradation. In this work, we 
introduced a highly facile, flexible and stable CPC 
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strain sensor with superior stretching- and 
bending-sensitive properties. More specifically, the 
sensitive strain sensor that is consisted of MCNTs, 
TPU and KH550 was fabricated through the 
application of the solution-blending method. 
Additionally, the MCNTs promoted the formation 
of the stable conductive network with low 
nanofiller content and lead thus to the generation 
of a relatively high gauge factor within the TPU 
matrix. The underlying percolation phenomenon 
was also systematically studied by measuring the 
electrical conductivity of the silanized MCNT/TPU 
strain sensor by varying the active content of the 
MCNT wt% at room temperature. Moreover, the 
strain sensor was applied for in-situ monitoring the 
cyclic shear and compression deformation of the 
laminated elastomeric bearings effectively. Based 
on this research, improved bridge SHM on the 
laminated elastomeric bearings could be achieved. 

2 Deformation of laminated 
elastomeric bearings 

The laminated elastomeric bearings absorb part of 
the seismic energy through their own shear 
deformation, as the long-span bridge is subjected 
to a sudden earthquake event. The theoretical 
relationship between the shear strain of the 
bearing and the tensile strain on the lateral surface 
of bearing must be determined for obtaining the 
sensing range of the strain sensor in the application. 

3 Experimental section 
As is demonstrated in Fig. 8a, a dumbbell-shaped 
strain sensor (50 mm long, 4 mm wide and 1 mm 
thick) was employed for the stretch, and the 
bending sensitivity tests. The conductive silver 
paste was painted on both ends of the rectangular 
sensing part, while the distance was 15 mm 
between both painted ends.  

Figure 1. Schematic diagram of the specimen 

4 Results and discussion 
Stretch/release and bent/release tests under the 
application of consecutive cyclic loads were 
performed for investigating both the tensile and 
bending sensing performance. On top of that, the 
impact of KH550 on the cycle sensing stability was 
thoroughly explored to verify the 150% strain 
sensing range under the enforcement of the 
external cyclic mechanical stimuli. Based on this 
research, improved bridge SHM on the laminated 
elastomeric bearings could be achieved. 

5 Conclusions 
(1) The strain sensor was fully characterized by

employing the SEM and FT-IR spectra
techniques. The MCNTs were uniformly
distributed in the TPU matrix, while the silane
coupling agent KH550 was grafted onto the
MCNTs/TPU. The extracted outcomes
indicated that the followed manufacturing
process of the strain sensor was impeccable.

(2) The 3.0 wt% silanized MCNT/TPU strain sensor 
was selected for monitoring the deformation
of the bridge laminated elastomeric bearings.
The acquired results indicated that the
monitored deformation was extremely close
to that recorded by the displacement meter.
As a result, the silanized MCNT/TPU strain
sensor has huge potential in developing SHM
of laminated elastomeric bridge bearings.
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Planning, Design and Construction of Cable Stayed Bridge on river 
Zuari in the State of Goa, India 
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Abstract 
National Highway 66 (NH 66) runs North-South in the state of Goa and is the lifeline of the state. 
Around the centre of this highway, river Zuari runs East-West and needs to be bridged to connect 
North and South. The existing bridge is 2 lanes and under repair and rehabilitation for the last 2 
decades and has severely reduced load carrying capacity thereby creating a long detour for heavy 
vehicles to traverse North-South. Besides, the local traffic of light vehicles has also increased 
substantially over the last 2 decades rendering this location critical for passage of traffic. There is 
therefore, a perennial traffic bottleneck at this location.  

1 Introduction 
The demand for a wide new bridge has been there 
for quite some time and proposals for the new 
bridge have been tried earlier. Since Goa is a small 
and eco-sensitive state, the location of the new 
bridge has to be such that it creates minimum 
damage to environment. Thus, large scale diversion 
for a new alignment is not considered desirable and 
the challenge therefore was to find a new 
alignment as close as possible to the existing 
alignment creating minimal environmental damage 
and minimizing land acquisition. Further, the 
planning, design and construction has to be such 
that traffic on the bridge and in the navigational 
channels is not to be disturbed till the new bridge 
is opened to traffic after which the existing bridge 
could be closed to traffic and used for other 
purposes.  

2 Details 
[1] The bridge is an 8-lane wide cable stayed

structure. It has 2 independent
superstructures and has a configuration of

140 m. + 360 m. + 140 m. spans giving a total 
length. The superstructure is composite type 
– steel beams with concrete deck.

[2] Large diameter 2000 mms. pile foundations
have been used and massive pile caps
supporting not just the 2 superstructures but 
also a tower with revolving restaurants and
viewing gallery is proposed.

[3] The bridge is in a eco sensitive zone and built
over a navigational channel necessitating the 
large span. An existing bridge parallel to the
alignment is also being maintained, although,
with load restrictions, allowing only light
vehicles.

3 Conclusions 
This paper discusses in details the challenges faced 
during the entire process from planning, design, 
and construction. 

4 References 
Detail project report submitted by TPF 
Engineering Pvt Ltd. In 2014-15.  
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Study of Aerodynamic Performance on Concrete Deck Section in 
Stayed Cable Bridge 

Tzyy Wooi Teh, Chun Kiat Lim, Wei Cheng Seah 
H&T Consulting Engineers Sdn Bhd, Malaysia 

Contact: ttw@hntconsultgroup.com 

Abstract 
In this study, concrete deck section design is required for a harped shape type stayed cable bridge 
with total span of 800m with span configuration 200m-400m-200m located at open terrain crossing 
Sarawak River, East Malaysia. Desktop study are performed on two different type of concrete deck 
section i.e. monobox section and ladder deck section on their dynamic stability with respect to two 
mechanisms of divergent amplitude response, galloping and flutter in a stayed cable bridge. From 
wind climate study of site, the design wind speed for 120 years return period is 40m/s and the 
aerodynamic stability wind speed at deck level is 52.5m/s. The results show that monobox section 
is more stable with respect to aerodynamic torsional responses and is selected for deck section for 
the stayed cable bridge. Section model wind tunnel test was carried out on the selected monobox 
section, the results show that the section has good flutter and galloping stabilities up to the design 
wind speed. 

Keywords: concrete deck section; aerodynamic; flutter and galloping. 

1 Introduction 
The cable-stayed bridge has been recognized as a 
very cost efficient and competitive design for 
bridges of span ranging from 200m to 800m. Based 
on the fast development of high-strength materials, 
new cable stays systems and new construction 
technologies, the trend of longer span length is 
quite remarkable in the design of cable-stayed 
bridge. The long span bridges which are flexible 
structures are more susceptible to the wind effects 
and the aerodynamic stability are often one of the 
governing criteria in the design.  

The cross section of the bridge deck is an important 
parameter that affects the aerodynamic 
characteristics of the long-span cable stayed bridge. 
An assessment on the significance of wind effects 
to the deck section is conducted for a 3 spans cable 
stayed bridge consists of a 400m main span and 

200m back spans. The deck width is approximately 
23m. The aerodynamic stability of the long-span 
cable stayed bridge of different types of deck 
section is reviewed.  

2 Assessment Methodology for 
Desktop Study 

Wind climate study referred to records of extreme 
wind speeds of recent 30 years from Jabatan 
Meteorological Station of Malaysia (Cawangan 
Sarawak) near the bridge site, the design wind 
speed for 120 years return period is 40m/s. The 
aerodynamic stability design wind speed at deck 
level is approximately 52.5 m/s, which has been 
derived in accordance with the methodology 
provided in BS EN 1991-1-4:2005 and BD 37/01.  

Two options of the bridge deck are considered in 
this study, which is monobox type and ladder deck 
type shown in Figure 1. The bridge model is 
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established and analyzed with midas Civil software 
to obtain the dynamic properties.  

Monobox Deck Option 

Ladder Deck Option 

Figure 1: Bridge Deck Options 

The analysis of structural dynamic properties is 
conducted to obtain the structural frequency 
distribution and vibration mode. The mode shapes 
for pure deck vertical and torsional modes are 
reviewed. 

Table 1. Structural and dynamic properties for 
both deck options 

Ladder Deck Monobox 
Deck Mass 
[kg/m] 66,000 56,600 

Primary Vertical 
Frequency [Hz] 0.25 0.39 

Primary Torsion 
Frequency [Hz] 0.4 0.82 

The frequency ratio between the modes for ladder 
deck and monobox that have been identified to 
have significant deck motions in torsion and 
vertical bending is 1.6 and 2.1 respectively. This 
value is relatively high and would have a beneficial 
effect on the critical wind speeds for the onset of 
flutter. Since monobox is more aerodynamically 
stable, the section is chosen for further assessment 
with section model wind tunnel test. 

3 Section Model Wind Tunnel Test 
The section model wind tunnel test for monobox is 
carried out with the objective of verifying the 
bridge deck through measurement of the 
susceptibility to flutter, vortex shedding excitation 
and buffeting. This paper is focus on the testing to 
find critical wind speeds of flutter stability at 
different wind incident angles through the section 

model testing. The section models of in-service 
stage with the dynamic parameters from desktop 
study were tested with attack angle from -5° to 5° 
with an increment of 2.5° under smooth oncoming 
flow. 

Figure 2: Vertical and Torsional RMS Response 

The RMS value of vortex-induced vibration versus 
wind speeds for in-service stage is shown in Fig. 2. 
From the tests results, the monobox section shows 
no signs of flutter instability at 0°, ±2.5° and ±5° 
attack angles up to a wind speed of 120m/s. The 
critical flutter wind speed is higher than flutter 
checking wind speed of 52.5 m/s. 

4 Conclusions 
The assessment of the aerodynamic stability of two 
different arrangements of the bridge deck has 
shown that the ladder deck option may have the 
potential to experience divergent instabilities 
within the design wind speed range compared to 
monobox section. Based on the analysis of the 
structural and dynamic properties of both options, 
the desktop study indicates that monobox section 
is aerodynamically stable with respect to flutter 
and ensure that critical wind speeds are well above 
the design wind speed. Section model wind tunnel 
test is carried out to assess the monobox deck and 
the results showed the section has good flutter and 
galloping stabilities well above the design wind 
speed. 
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Stayed Bridge over River Nile, Cairo, Egypt 
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Abstract 
The paper presents planning, design and construction aspects of the New Rod El Farag Cable Stayed 
Bridge over the River Nile in Cairo, Egypt (Tahya Masr Bridge). The Bridge is most recent Mega bridge 
and one of the most important bridges in Egypt. New Rod el Farag Cable-Stayed Bridge is considered 
as the widest Cable Stayed bridge in the world, with for a total width of 67.3 meters in the main span, 
and up to 85 meters in the side span (east approaches). The bridge includes 6 lanes of traffic in each 
direction, sidewalks (including glass sidewalks). The bridge has a steel-composite deck for the main 
span, steel-composite portion for the upper part of the pylons where the cables area anchored, and 
concrete for the bridges side spans approaches. The paper summarizes the codes, main loads, and 
the advantages of providing supports in the side spans for the final construction stages is briefly 
discussed. Two intermediate piers were introduced at the land side of each pylon to reduce the 
deformations in the pylon, bending moments in the pylon, stress variations in the cables due to live 
loads, and improve the load distribution characteristics of the bridge. In fact, these auxiliary piers 
serve as anchors for the cable-stayed bridge, and counterweights. They have considerable 
advantages on the stability during construction stage of the main span. 
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Abstract 
Application of prestressing technology during bridge construction impersonates challenge according 
to all design parameters, using of traditional materials, conditions of environment, composite of 
steel and concrete materials represent only some of requests which must be fulfilled and enable 
structure designed service life.  Charasteristic examples of implementation of OVM prestressing 
system in southeast European infrastructure projects are described in this paper, where each of it 
had specific limit in the terms of opportunities of applying of different construction method: 
movable scaffold system, incremental launching, concrete arch, heavy scaffolding, prefabrication of 
prestressed girders. 

Keywords: prestressing of bridges; infrastructure projects; construction method. 
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Design of the Main Structure of The Pi River Water Viaduct 
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Abstract 

The Pi River Water Viaduct is a milestone in the Yangtze-to-Huai Water Diversion Project. From the 
structure point of view, it is a girder-arch composite system with a span configuration (68+110+68) 
m. It is the first aqueduct made of steel structures in China. And its span ranks the 1st in the world
in terms of navigable aqueducts. Site selection, load features, structure type, durability are firstly
discussed in the paper on the basis of construction conditions, and then a corresponding
conceptual design is given. The reliability of the design solution is validated by a large number of
scientific studies and tests, and guidance for detailed structural design is also summarized from
the studies and tests.

Keywords: navigable water viaduct; girder-arch composite structure; composite stainless steel 
corrugated web; Water-filled test. 

Figure 1. Panoramic view of the completed water viaduct 
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1 Overview 

Located in Feixi county, Hefei, China, the Pi River 
Water Viaduct is a boat overpass that separates 
the “Sky River”, that is the Pi River main canal, 
from the “Ground River”, that is the canal of the 
Yangtze-to-Huai Water Diversion Project. As the 
elevation difference between the Sky River and 
the Ground River reaches 36m, the two rivers are 
both navigable and capable of preventing flood 
respectively. The span layout of the main viaduct 
is (68+110+68)m, which makes it the first 
aqueduct made of steel structures in China, and 
that has the largest main span all over the world. 

2 Innovative Structures with Multiple 
Technology Breakthroughs 

2.1 The breakthrough in the structural 
detailing of the water viaduct 

The main span of the water viaduct should be 
110m due to the navigation clearance 
requirement of the Ground River. But the 
maximum water load acting on the structures 
reaches 40,000t, which makes the design 
complicated. A girder-arch composite structure is 
adopted to meet the requirements. 

2.2 The breakthrough in the water trough 
with corrugated steel web 

The innovative use of corrugated steel web 
instead of flat steel web in the water trough 
reduces temperature effects and secondary 
internal forces, releases most of axial force and 
bending moment, saves steel quantities, improves 
the out-of-plane stiffness of the webs and thereby 
enhances their anti-collision capabilities. 

2.3 The breakthrough in water-tight 
expansion joints 

A series of model tests evaluating water pressure, 
water tightness were conducted to realize a joint 
design with excellent waterproofing and 
displacement adaptability. 

3 Sustainability Design 

As water flows in the viaduct is also for drinking, 
contamination of the water caused by protective 
coating of steel should be avoid. Therefore, 
composite steel plate with stainless steel at the 
waterfront side is adopted for the water trough to 
guarantee steel components’ durability. 

The water viaduct consists of two identical 
structures, and sluice gates are pre-installed in the 
sluice chambers. Therefore, one channel can be 
open for water supply while the other is closed for 
maintenance. 

4 Specific Studies and Tests 

Hydraulic tests were carried out to guarantee 
discharge capacity of the water viaduct as well as 
safe navigation. And water filling test on the as-
built water viaduct lasted for 23 days. Real-time 
monitoring data was collected at different water 
depth and temperatures to analyze mechanical 
behaviour of the structure, and to verify the 
construction quality. 

5 Conclusions 

As a combination of beam-arch composite 
structure and water trough with corrugated 
stainless-steel web, the Pi River Water Viaduct is 
innovative and excellent from structure and 
technology point of view. Multiple technology 
breakthroughs are incorporated in its design to 
enhance seismic performance, mitigate the fluid–
solid coupling effect and release deformation 
induced by temperature differences, making it the 
world’s largest navigable aqueduct and helping 
save costs and construction period. And the 
objectives of environmental protection, good 
durability, and low carbon footprint are 
accomplished. 
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Structural System Conception and Overall Design of a Maga 
Suspension Bridge with Four Main Cables 
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Abstract 
Hubei Yanji Yangtze River Bridge integrates the functions of expressway and urban road. It adopts 
the scheme of 1860 m double deck steel truss girder suspension bridge with a single span across 
navigable waters and fault zones. The bridge is close to the airport, and the height of the tower is 
limited due to the aviation height limit, so that the sag of the main cable is too small and the scale 
of the main cable is too large. To solve the above problems, a new suspension bridge structure 
system with four main cables with different sags is proposed. The main features of this system are: 
four main cables are symmetrically arranged on two sides, and two main cables on the same side 
adopt different sags. The truss girders are alternately suspended on two groups of main cables 
with different sags at intervals, and the main cables with different sags are staggered and 
anchored to ground anchors in front and back of the longitudinal direction. The new system 
reduces the scale of a single main cable, and has better wind stability. The midspan of lower main 
cable on the outside can be lowered below the bridge deck to increase the sag, which better 
solves the construction problem of the tower height limitation. Based on this system, the upper 
main cable span of the bridge is (550+1860+450) m, the midspan sag is 142.445 m, the lower main 
cable span is (510+1860+410) m, and the midspan sag is 153.345 m. The cable of the bridge 
adopts galvanized-aluminium alloy coated high-strength steel wire, the girder adopts Warren truss, 
the anchorage adopts replaceable prestressed anchorage system, the tower adopts gatehouse 
shape, and the foundation adopts bored piles. 

Keywords: long-span suspension bridge; four main cables; main cable with different sag; bridge 
conception; overall design 
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Perspective rendering of Hubei Yanji Yangtze River Bridge
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The Overall Design and Application of M280 Cable System of the 
Mingyuexia Yangtze River Bridge of Chongqing Donghuan Railway 
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Abstract 
Mingyuexia Yangtze River Bridge is a (62.5+125+425+175+75) m double-deck four-line railway steel 
truss girder cable-stayed bridge with high and low towers. In view of characteristics of the bridge 
heavy design load and prominent fatigue problems, the pressure area adopts steel-concrete 
combination with closed box chamber structure between the lower beam. Steel truss beam adopts 
regional and different internal force types of fatigue loading coefficient to improve the economy. 
The cable adopts the 280MPa high fatigue stress amplitude cable system to extend cable change 
cycle. Fatigue and safety durability of the cables are comprehensively improved by a variety of 
means, including improvement of the stress of cable base metal, reduction of bending stress of the 
transition section, improvement of clip structure, more than 70% of life span is increased compared 
with the M250 cable.  

Keywords: double-deck four-line railway; steel truss girder; cable-stayed bridge; fatigue loading 
coefficient; M280 cable. 

1 Project Profiles 
Mingyuexia Yangtze River Bridge is a key control 
project of Chongqing Hub Donghuan Railway, 
located in Chongqing. It adopts a main span of 
425m double-deck four-line high and low tower 
steel truss beam cable-stayed bridge, crossing the 
Yangtze River from south to north. It locates in the 
perennial return water area of the Three Gorges 
Reservoir. The navigation level of the river section 
is national level I. 

2 General Design 
The total length of the Mingyuexia Yangtze River 
Bridge is 877.5m, and the span is arranged as 
(62.5+125+425+175+75)m. The lower deck is the 
160km per hour double-line passenger and freight 
common line East Ring Railway and the upper deck 

is a double-track intercity railway with speed of 
250km per hour.  

Figure 1.  General Layout of Mingyuexia Yangtze 
River Bridge 

The main girder adopts N-type parallel truss, with 
truss width of 17m, truss height of 14m. The upper 
and lower decks are all orthogonal dense beam 
integral deck system. Each vertical member is 
equipped with a horizontal connection which 
adopts a fully welded design. Meanwhile, the steel 
beam adopts high-strength bolts with 
dehydrogenation process. 
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Figure 2.  Steel Beam Cross Section Standard 
Layout  

Steel truss beam adopts regional and different 
internal force types of fatigue loading coefficient. 
The top and lower chords, straight and diagonal 
webs and the member axial force and bending 
moment all take different fatigue loading 
coefficients.  

The bridge tower adopts a concrete vase shaped 
and adopts the form of high and low towers. The 
cable adopts M280 and M250 steel strand system 
and double-cable-plane spacial fan-shaped layout.  

The pressure area adopts steel-concrete 
combination with closed box chamber structure 
between the lower beam, connecting the lower 
beam flanges with ribbed bottom plates. It forms a 
closed box chamber with side plates and steel 
decks.  

Figure 3.  Pressure Area Layout 

3 M280 Cable System and Application 

The cable replacement of railway bridges can only 
be carried out during the operation time course of 
‘window’, which is demanding and has long 
construction period, great difficulties and high cost. 
The fatigue stress amplitude of cable of the 
Mingyuexia Yangtze River Bridge has reached 
160MPa without considering the bending stress of 
the anchor head. The bridge cables partly adopt 
M280 cable, which extends the cycle and reduces 
the cost of cable replacement. 

M280 cable system adopts a variety of means to 
comprehensively improve the fatigue stress and 
durability of the cable: (1) Improve the fatigue 
stress amplitude of base material; (2) Increase the 
cable complete radius in the anchoring transition 
section and reduce the additional bending stress; 
(3) Optimize the tooth type, angle and surface
treatment of the clip; (4) Adopts zinc aluminum
alloy coating and sealing coating multiple anti-
corrosion technology in the anchor.

The overall performance of the cable reaches the 
following technical indicators: 

(1) cable anchor static load anchoring efficiency
coefficient ηa≥0.95, elongation єapu≥2%;(2) Under
the condition that the stress amplitude is 280MPa,
after 2 million anti-fatigue tests, the cable
performance meets the requirements of ≤ 2% wire
breakage rate; (3) C5-M anti-corrosion grade; (4)
Under the water pressure of 3 meters high, no
water enters inside the cable anchor.

According to the S-N curve of the cable fatigue test, 
the fatigue life of the M280 cable system is nearly 
4 times that of the 200 MPa stress amplitude cable, 
and 1.71 times of the 250MPa. 

4 Conclusion 
The design takes into account the pressure demand, 
landscape effect, economy and easy maintenance 
by adopting a closed small box chamber steel-
mixed pressure structure at the lower beam and 
the M280 high fatigue stress amplitude cable 
system and the accurate live load loading 
coefficient of double-deck four-line cable-stayed 
bridge.  
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Abstract 

In the process of road network construction in western mountainous areas of China, bridge 
engineers created a single tower suspension bridge in the face of deep canyon terrain. The main 
cable on one bank is directly anchored into the mountain, the cable saddle buttress is set in the 
cable tunnel, and a new type of composite cable saddle is developed, which can meet the stress 
and deformation requirements of the main cable saddle and splay saddle at the same time. This 
report takes Lvzhijiang bridge as an example to introduce the key construction technology of 
single tower suspension bridge. 

Keywords: single tower suspension bridge; composite cable saddle; cable tunnel. 

Figure 1.Over view of Lvzhijiang bridge 
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1 Introduction 

China is a country dominated by mountains and 
plateaus, which account for about 69% of the total 
land area of the country. The complex topography 
in mountainous areas poses a challenge to the 
construction of bridges. Mountain canyon bridges 
have formed their own characteristics in design, 
construction, equipment and other aspects, which 
are significantly different from the bridge 
construction in plain areas. 

2 Design scheme 

After the main cable passes through the cable 
tunnel into the mountain, it is supported on the 
combined cable saddle, and then the main cable 
strands are scattered by the combined cable 
saddle and anchored in the mountain through the 
tunnel anchor. The midspan span of the main 
cable is 780m. The end of the stiffening beam at 
Chuxiong bank is directly connected to the tunnel, 
and the length of the main beam is 711m. The 
single tower suspension bridge cancels the main 
tower and side span of the main cable on one 
bank, greatly reduces the quantities of slope 
excavation and protection, has significant 
economic benefits, and achieves perfect 
integration with the surrounding environment. 

3 Combined cable saddle 

The key component of the single tower 
suspension bridge is the combined cable saddle. 
The new cable saddle developed in this project 
integrates the functions of "main cable saddle" 
and "splay saddle", and meets the stress and 
displacement requirements of both. 

4 Construction scheme 

On the side where no bridge tower is set, the 
scheme of 200m construction cross tunnel 
auxiliary tunnel anchor entering the tunnel is 
adopted. The end point of the construction cross 
tunnel is at the front end of the cable saddle pier 
foundation, connecting the main cable tunnel and 

the tunnel anchor. The cable tunnel can be 
excavated outward and the tunnel anchor can be 
excavated inward, realizing the zero-slope 
excavation of Chuxiong bank cable tunnel and 
tunnel anchor. The steel box girder is fabricated on 
site and hoisted by cable. 

5 Conclusions 

Generally, the pylons of suspension bridges in 
deep valleys in mountainous areas are set on the 
top of the mountain, resulting in the large span of 
suspension bridges. The single tower suspension 
bridge can reduce the bridge span under extreme 
terrain conditions, avoid large-scale slope 
excavation, reduce the impact of bridges on the 
ecological environment, and meet the common 
development goals of engineering construction 
and ecological environmental protection. Whether 
there will be suspension bridges without towers in 
the future is worth of looking forward to. 
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Abstract 

The Nanpanjiang Bridge is a control project for the Luxi- Qiubei-Guangnan-Funing Expressway. It is 
a cable-stayed bridge adopting steel truss girder and has main span length of 930 m, which is the 
largest span cable-stayed steel truss girder bridge in mountainous areas under construction all 
over the world. The height of the main tower is 385 m, which is the tallest bridge tower in the 
world. Nanpanjiang Bridge is a typical long-span bridge crossing deep valleys in mountains. The 
construction of the bridge faces the series of harsh factors, such as high altitude of bridge deck, 
turbulent wind field, strong earthquake, lack of local materials, difficult transportation, and lack of 
construction space. The paper focuses on the demonstration and selection process of the bridge 
location, bridge type, scheme of main structure component, like cable, tower, and girder, in the 
design stage of Puzhehei Nanpanjiang Bridge. The design points and difficulties of extra-large-span 
bridges in mountainous areas were also analyzed. 

Keywords: cable-stayed bridge with steel truss girder; large span bridges in mountain area; bridge 
type comparison and selection; structure form selection. 

Figure 1. Front view of Nanpanjiang Bridge 
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1 Engineering background 

The Puzhehei Nanpanjiang Bridge is an important 
project of the Luxi to Qiubei to Guangnan to 
Funing Expressway in Yunnan Province. The bridge 
spans the Nanpan River and deeply cuts into the 
valley. The depth of this valley is more than 500 
meters, and the cut surface is "V" shaped. The 
terrain on both sides of the bridge site area 
fluctuates greatly, the terrain and geology are 
complex, the grade of the traffic road is low, and 
the transportation conditions are poor. This 
project is a two-way four-lane expressway, the 
design speed is 100km/h, the vehicle load level is 
highway-I, the standard width of the integral 
roadbed is 26m, the peak horizontal acceleration 
of ground motion is 0.1g, and the characteristic 
period of the ground motion response spectrum is 
0.45s, the site category is Class II. 

2 Bridge type scheme comparison 
and selection 

Considering the topography-geological 
characteristics of the recommended bridge 
location, and comparing the span characteristics 
of the same type of Bridges, three bridge types 
are proposed, including the cable-stayed bridge 
with main span of 930m and steel truss girder, the 
cable-stayed bridge with main span of 930m and 
composite girder, and the suspension bridge with 
main span of 1126m. The comparison results show 
that the cable-stayed bridge with steel truss girder 
has advantages in terms of overall mechanical 
performance, adaptability to mountainous terrain 
and geological conditions, construction 
convenience, later maintenance work and cost, 
etc. Therefore, this scheme is finally selected. The 
recommended bridge span layout scheme is 3 × 
84 + 108 + 930 + 108 + 3 × 84 = 1650m.  

3 Structure selection 

According to the structural characteristics of the 
cable-stayed bridge, the bridge structural support 
system is compared in detail between the tower-
girder consolidation and the semi-floating system. 

The stay cable adopts steel strand cable with low 
wind resistance. The cable strands are relatively 
independent, and the wind-induced vibration 
effect is not obvious. The PE jacket suppresses the 
helix and suppresses the wind and rain vibration. 
In terms of fatigue performance, the stress 
amplitude can reach 280MPa, and the fatigue 
times are 2 × 106 times. 

4 Conclusions 

Puzhehei Nanpanjiang Bridge crosses the deep 
gorge of Nanpanjiang River. The complex and bad 
construction conditions of the bridge site largely 
determine the choice of bridge type and main 
structure scheme. Through various comparison 
and selection demonstration, the K-line bridge 
with obvious advantages is finally selected. The 
steel truss cable-stayed bridge with the main span 
of 930m is recommended, which adopts semi-
floating and longitudinal constraint system. The 
main girder adopts two beam types, including 
steel truss girder composited with orthotropic 
steel bridge deck and steel truss girder 
composited with concrete bridge deck. The main 
tower adopts RC structure with diamond shape, 
and the cable adopts steel stranded cable. At 
present, this project has completed the temporary 
construction of the construction site and will start 
construction. 
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Abstract 
As the most critical member, the service status of the cable system plays a crucial role in the 
longevity of cable-supported bridges. As bridges advance in age, their cable system is undergoing a 
process of accelerated deterioration. Hence the need for safety evaluation of cables is getting more 
urgent. At present, cable maintenance mainly relies on the manual inspection by engineers, which 
features low efficiency, high costs and risk, and potential non-inspection zone. In this context, we 
studied the fusion technologies between sensors and cables, and developed a maintenance 
management platform, which can collect data of cable corrosion, temperature and humidity, as well 
as water accumulation, etc. The intelligent cable products have been tested in outdoor environment 
since April 2020, and have been successfully applied in several bridges. 

Keywords: cable system; suspension bridge; cable-stayed bridge; corrosion; intelligent monitoring; 
maintenance platform. 

1 Introduction 
The cable system has the advantages of high 
strength, light weight, and ease of operation. It is 
widely used in the field of modern civil engineering 
structures, including the main cables and 
suspension cables of suspension bridges, the stay 
cables of cable-stayed bridge, the hangers of arch 
bridge, and the cables in large venues or exhibition 
halls, especially in the field of bridge structures. 
With the continuous development of bridge 
structures, more and more cable system bridges 
have been built internationally, such as suspension 
bridges, cable-stayed bridges, hanger or tied arch 
bridges [1]. 

As the major load-bearing component, the cable 
system determines the safety and service life of the 
overall structure. If not detected and maintained in 
time, the damage such as corrosion will accumulate, 
which will reduce the usability and durability of the 
structure [2]. In severe cases, there will be 
accidents such as cable break or bridge collapse. 

Figure 1. Corrosion of cable wire and anchorage 
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Figure 2. Bridge collapses due to cable break 

2 Study and application of Intelligent 
bridge cable technologies 

The latest JT/T 1037-2022 specification 
recommends monitoring the cable force, the 
temperature and humidity of the anchorage area, 
and the corrosion of the bridge [3], thus to ensure 
the long-term safe operation and maintenance of 
the cable system. In this context, we studied the 
fusion technologies between sensors and cables, 
and developed a maintenance management 
platform, which can collect data of cable corrosion, 
temperature and humidity, as well as water 
accumulation, etc. The intelligent cable products 
have been tested in the factory of OVM since April 
2020, and have been applied in several bridges, 
such as Pingnan Third Bridge in Guangxi, Longtun 
Overpass in Liuzhou, Xiangsizhou Bridge, and Tuhai 
River Bridge. 

Figure 3.  Intelligent cable products 

Figure 4. Testbed of the intelligent cable products 

Figure 5. Application on the Pingnan Third Bridge 

Figure 6. Application on the Xiangsizhou Bridge 
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Abstract 
With the development of modern long-span cable-stayed bridges, due to the Parallel strand 
cable (PSC) being assembled on-site strand by strand, which has the advantages such as no need 
for large-scale equipment for cable-making, delivery, hoisting, traction, tensioning, and the 
corrosion protection of the cable is excellent, it is more and more favored by designers. 

OVM280 is a new type of cable system with high fatigue resistance and high durability developed 
based on OVM250 steel strand cable. By optimizing the anchoring unit of the steel strand cable, 
reducing the deviation angle of the steel strand in transition section, and improving the raw 
material quality of the steel strand at the same time, so that the comprehensive fatigue stress 
amplitude can be increased to 280MPa. According to the S-N curve of the cable fatigue test, the 
fatigue life is nearly 4 times that of the 200MPa stress amplitude and 1.71 times that of the 
250MPa stress amplitude, and the anchoring performance and fatigue resistance performance 
are greatly improved.  

A new generation of double slip resistance saddle for OVM280DK strand cable has been 
developed, which solves the fretting wear problem in the saddle section. In addition, this saddle 
can be applied to the saddle with curvature radius less than 2 meters, which increases the ability 
of the saddle to adapt to different conditions.  

Keywords:  high fatigue strength; corrosion protection; slip resistance; saddle 

Fig 1. Front view of the Mingyuexia Yangtze River Bridge of Chongqing Donghuan Railway 
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1 Introduction 
With the development of high-strength 
materials, the application of advanced 
simulation analysis and calculation methods, and 
the better understanding of the behavior of 
flexible structures in engineering design, the 
span of modern cable-stayed Bridges has 
exceeded 1 km.  

OVM280 PSC system has designed to adapt the 
above new standards and engineering 
requirements. 

2 The Development of OVM PSC 
Since the 1990s, OVM has been working in the 
development and application of parallel strand 
stay cable system. 

In 1993, OVM200 PSC was developed and firstly 
applied on the 4th bridge over Liujiang river. 

In 1995, OVM began to develop the OVM250 
PSC system. After nearly 30 years of 
development, in addition to occupying more 
than 80% of China’s market share of strand stay 
cables bridges, OVM 250PSC has also been 
successfully used in South Korea, Indonesia, 
India, Iran, Middle East, South America, and 
Taiwan regions. 

From 2018 until now, OVM has been dedicated 
to the research on OVM280 PSC system and 
double slip resistance saddle. Using this 
patented technology, we have been recognized 
by designers and successfully applied in many 
domestic bridges. 

3 The main advantages of OVM 280 
PSC 

3.1 The fatigue stress amplitude of the cable 
with deflection angle is up to 280MPa, so that 
the service life of the cable is prolonged. 

3.2 Suitable for ultra-high strength steel strand 
of 2160MPa.   

3.3 Multicomponent alloy coating and sealing 
coating are used on the metal components, 
which can meet the anti-corrosion requirements 
of harsh marine environment (C5-M) classified in 
ISO 12944. 

3.4 New generation saddle system with double 
slip resistance device solves the steel strand wear 
problem. The curvature radius of cable saddle can 
be less than 2 meters, which increases the ability 
of the saddle to adapt to different conditions. 

4 Conclusions 
A large number of experimental studies have been 
carried out on OVM280 PSC System, which 
integrates durability, safety, reliability, and 
individual strand replaceability.  

The anchorage performance is improved by 
optimizing the teeth shape of the wedge and the 
fit clearance of the anchoring unit. The cable 
assembly and its anchor element were tested in 
the stress amplitude of 280MPa and 385MPa 
respectively. 

Adopt full sealing and multicomponent alloy 
coating anti-corrosion technology, the overall anti-
corrosion level is increased. 

Combine with anti-UV ingredients, the vibration 
reduction and monitoring technology, ensuring 
the safety and reliability of the cable. 
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